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ABSTRACT: Sixteen circular concrete filled CFRP-steel tubular (C-CF-CFRP-ST) flexural members were tested. 
The test results indicate that the moment versus curvature curve at mid-span of C-CF-CFRP-ST members without 
longitudinal CFRP reinforcement is similar to such relationship of corresponding un-reinforced circular concrete 
filled steel tubular (C-CFST) flexural members. The moment versus curvature curve at mid-span for members with 
longitudinal CFRP reinforcement can be divided into following stages: elastic stage, elasto-plastic stage and 
softening stage. The longitudinal CFRP can enhance the stiffness of the specimens significantly. The steel tube and 
the CFRP tube could cooperate both in the transverse and in the longitudinal directions. The steel tube in the region 
under longitudinal tension has no confinement effect on the core concrete in the same tensile region because the 
concrete is in a state of contraction in transverse direction. The longitudinal strain distribution over depth of the 
specimens’ cross-section satisfies the plane section assumption approximately. Finite element model is built and 
ABAQUS is used to analyze both the moment versus curvature curves at mid-span and the deformation of the 
C-CF-CFRP-ST flexural members. The finite element results are found to agree well with experimental results. 
Interaction forces exist both in the tensile region and in the compressive region between the outer tube and the 
concrete. However, there is essential difference between the interaction forces in the tensile region and in the 
compressive region respectively. Finally, flexural load carrying capacity of the C-CF-CFRP-ST is defined, and 
parametric equations for calculating it are presented. The accuracy and the reliability of the proposed equations are 
verified. 

Keywords: Circular CFRP-steel tube, In-filled concrete, Beams, Flexural performances, Interaction force, Flexural 
load carrying capacity 

 
 
1.  INTRODUCTION 
 
Concrete Filled Tubular structure (denoted by CFT structure, as shown in Figure 1) has aroused 
wide applications and deep studies all over the world for its advantage of high strength of tri-axially 
compressed concrete. Concrete Filled Steel Tubular structure (denoted by CFST structure, as shown 
in Figure 1 (a)) is a very typical CFT structure and it is used widely in civil engineering. The 
research work in this field has been studied systematically in the literature, such as the 
investigations on the static behavior (Han [1]; Tao et al. [2]; Georgios and Lam [3]; Uy [4]), the 
hysteretic behavior (Han and Yang [5]; Han and Li [6]) of the components and the connections, and 
fire and corrosion resistance (Han, Wang and Yu [7]; Han, Hou and Wang [8]). Nevertheless, 
Carbon Fiber Reinforced Polymer (denoted by CFRP) has been used in more and more engineering 
structures due to its advantages of high strength/weight ratio, good corrosion resistance, ease of 
installation, cheaper cost and so on. Concrete Filled CFRP Tubular structure (denoted by 
CF-CFRP-T structure, as shown in Figure 1 (b)) is a typical example of CFRP structures (Wang and 
Restrepo [9]; Teng et al. [10]). However, the failure mode of CF-CFRP-T structure has brittle 
characteristics in most cases, and the load carrying capacity in the transverse direction for this 
structure is weak. There is also a new type of CFT structures, i.e., Concrete Filled CFRP-Steel 
Tubular structure (denoted by CF-CFRP-ST structure, as shown in Figure 1 (c)). CFRP can enhance 
load carrying capacity of the CFST structure and reduce local buckling of the steel tubes. It can also 
improve the structural durability. Comparing with CF-CFRP-T, CF-CFRP-ST has better ductility 
and shearing load carrying capacity. Additionally, CF-CFRP-ST can also provide a new approach to 
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repair existing CFST with some slight damages (fire or corrosion) or with requirement to sustain 
more additional loads. 
 

   

(a) CFST Structures (b) CF-CFRP-T Structures (c) CF-CFRP-ST Structures 

Figure 1. CFT Structures 

It is pointed out here that most resin as the matrix of CFRP composites has a poor fire-resistant 
capacity, and how to resolve the fire resistance of CFRP in engineering practice is still the primary 
concern. It is better to use CF-CFRP-ST in an environment with less fire but with severe corrosion, 
such as bridge engineering, offshore and ocean engineering and so on. From reported experiments 
under fire condition in the literature (Han, Tao and Wang [11]), it seems that CF-CFRP-ST has 
demonstrated satisfactory fire endurance under external loading when supplemental insulation to 
the CFRP composites has been used. Actually, the composite CFRP-metal tanks or tubes have been 
used in many fields, for example, gas tank used in motor vehicle, pipeline system for transporting 
high pressure gas or liquid used in municipal engineering or chemical engineering. Sometimes, 
steel petroleum pipeline system after corrosion is also reinforced with CFRP, which can save much 
cost compared to the measure of replacing the corroded tube with new one. Based on the above 
introduction, it is believed that the use of CF-CFRP-ST in civil engineering is quite reasonable and 
potential. 
 
Some research studies in this field have been reported in the literature. Research work of using 
CFRP to repair CFST stub columns including circular specimens and square specimens after 
exposed to fire was conducted (Tao, Han and Wang [12]). A new CFST column system with 
circular cross-section, where CFRP materials were used as additional confinement to the potential 
plastic hinge regions of the composite column, was proposed (Xiao, He and Choi [13]), and a 
simplified analytical solution in association with a numerical computer program of the 
CF-CFRP-ST column was developed (Choi and Xiao [14]). Additionally, a systematic study on 
Circular CF-CFRP-ST (denoted by C-CF-CFRP-ST) stub columns has been carried out (Che, Wang 
and Shao [15]). The constitutive relationship of concrete confined by circular CFRP-steel tube 
under compression as well as the index of load carrying capacity of the axially compressed 
C-CF-CFRP-ST stub columns was presented. However, the performance of the C-CF-CFRP-ST 
flexural members or beam-columns is scarcely reported, although using CFRP wrapped in 
transverse direction to repair circular CFST (denoted by C-CFST) flexural members after exposed 
to fire was investigated (Tao, Han and Wang [12]). For the members carrying large bending 

Steel tube 

Concrete 

CFRP 

Concrete 

CFRP 

Concrete 

Steel tube 
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moment, it is found that CFRP wrapped in transverse direction does not have remarkable efficiency, 
and in this situation CFRP is only necessary to be wrapped mainly in longitudinal direction. 
Furthermore, theoretical analysis on C-CF-CFRP-ST flexural members is also scarce. 
 
In order to do some further studies and to understand the reinforcing efficiency of longitudinal 
CFRP, 16 C-CF-CFRP-ST flexural members with both transverse and longitudinal CFRPs are 
tested. Moment ( M ) versus curvature ( ) curves at mid-span, cooperation between the steel tube 
and the CFRP, plane section assumption and stiffness of the composite members are all analyzed 
and discussed. Furthermore, the finite element software ABAQUS is used to simulate the 
deforming shape and the M -  curves of the C-CF-CFRP-ST flexural members. The distributions 
of longitudinal stress and strain on the cross-section at mid-span, effect of the strengthening factor 
of the longitudinal CFRP (), and interaction force ( p ) between core concrete and outer tube are 
also analyzed. Finally, the flexural load carrying capacity is defined, and a corresponding 
theoretical equation is presented. 
 
 
2.  EXPERIMENTAL PROGRAM 
 
2.1  Specimen Geometry 
 
In overall, sixteen C-CF-CFRP-ST flexural specimens were conducted, and the parameters include 
the number of longitudinal CFRP layer(s) ( 'm ) and the outer diameter of the steel tube ( sD ) 

respectively. Specimen details are provided in Table 1. 
 

Table 1. Specimen Labels and Member Capacities 

No. 
Specimens 

label 
sD  

(mm) 
st  

(mm) 
L  

(mm) 
0L  

(mm) 

'm  
(layer 
(s)) 

m  
(layer) 

t
uM  

( mkN  )
ieK  

( 2mkN  ) 
seK  

( 2mkN  ) 

'cflr  

( με ) 

1 CB A-0 89 4.5 1400 1200 0 1 12.5 225 221 - 
2 CB A-1 89 4.5 1400 1200 1 1 14.2 231 226 12367 
3 CB A-2 89 4.5 1400 1200 2 1 15.4 255 250 8581
4 CB A-3 89 4.5 1400 1200 3 1 17.5 277 259 - 
5 CB B-0 108 4.5 1400 1200 0 1 18.5 457 465 - 
6 CB B-1 108 4.5 1400 1200 1 1 19.9 505 474 9652
7 CB B-2 108 4.5 1400 1200 2 1 21.6 569 501 8795 
8 CB B-3 108 4.5 1400 1200 3 1 24.2 853 509 9721 
9 CB C-0 133 4.5 1400 1200 0 1 32.7 909 744 -
10 CB C-1 133 4.5 1400 1200 1 1 37.4 960 843 9913 
11 CB C-2 133 4.5 1400 1200 2 1 37.4 992 860 8706 
12 CB C-3 133 4.5 1400 1200 3 1 40.2 1009 898 9758 
13 CB D-0 159 4.5 1400 1200 0 1 51.5 1721 1443 - 
14 CB D-1 159 4.5 1400 1200 1 1 53.5 1715 1459 9603 
15 CB D-2 159 4.5 1400 1200 2 1 59.6 1746 1542 9211 
16 CB D-3 159 4.5 1400 1200 3 1 64.2 1757 1627 12041 

 
In Table 1, “CB” in the specimen’s label refers to Circular Beam, and the third letter can be anyone 
among letters “A”, “B”, “C” or “D” which denotes different sD  with its value equal to mm89 , 

08mm1 , 33mm1  or mm159  respectively. The number in the specimen label with “0”, “1”, “2” 
or “3” refers to the value of 'm . For other parameters, st  is wall thickness of the steel tube, L is 

length of the specimens, 0L  is net span of the specimens, and m  is number of the transverse 

CFRP layer. 



                                              Q.L. Wang and Y.B. Shao                                              130 

2.2  Specimen Preparations 
 
Fabrication of C-CFST specimens can be found in reported reference (Han [1]). Carbon fiber sheets 
are applied using a hand lay-up method. The longitudinal CFRP is glued firstly, and the transverse 
CFRP is then placed sequentially. The final end of a sheet is overlapped the initial end by 150 mm. 
Some specimens before testing are shown in Figure 2. 
 

 
(a) mm89s D  Specimens (b) mm159s D  Specimens 

Figure 2. Several Specimens before Testing 

2.3  Material Properties 
 
Tensile tests on steel coupons cut from the original seamless steel tubes are conducted to measure 
the material properties. The tested results are given in Table 2, where sE , yf , sv  and uf  are 

elastic modulus, yield stress, Poisson’s ratio and ultimate stress of the steel tube respectively. 
 

Table 2. Material Properties of Steel Tube 

sD  (mm) sE  (GPa) yf  (MPa) sv  uf  (MPa) 

89 216 304 0.26 465 
108 216 269 0.25 434 
133 216 333 0.27 474 
159 217 333 0.31 474 

 
All the specimens were cast with same concrete. In the concrete mixture, Portland cement was used, 
and fine aggregate was silica-based sand. The course aggregate was limestone with the largest size 
of 20mm, and 1% (in weight) water reducing agent was added. The mixture proportion of the 
concrete is summarized in Table 3. 
 

Table 3. Mixture Proportions of Concrete ( 3mkg  ) 

Cement Water Fine aggregate Course aggregate 
485 150 703 1062 

 
To determine the compressive strength of the concrete, six 150mm cubic specimens were cast and 
cured in conditions similar to that of the tested specimens. The average cubic strength ( cuf ) at 28 

days was 48.8 MPa. At the time of tests (six months later due to the delay of the test program), the 
cubic strength of 60.7 MPa was achieved and this strength is used in following FE simulation and 
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calculation of flexural load carrying capacity. Elastic modulus of the concrete ( cE ) was 35.9GPa. 

 
The used carbon fiber sheet is made in EPO Company, Germany, which is a kind of one-way sheet. 
The material properties of the CFRP in tension, determined from tensile tests of six flat coupons (as 
shown in Figure 3), are given in Table 4, where 'cff , cfE , cf  and cfw  are tensile strength, 

elastic modulus, elongation percentage and density of the carbon fiber sheet respectively, and cft  

is thickness of one layer carbon fiber sheet. 
 

 
Figure 3. Typical Failed CFRP Coupon 

 
Table 4. Main Technical Properties of Carbon Fiber Sheets 

Model number 'cff  (GPa) cfE  (GPa) cf  (%) cfw  (g∙m-2) cft  (mm) 

C300/300 4.83 230 2.1 300 0.167 
 
JGN-C, a kind of epoxy resin used for building structures produced by Building Science Research 
Institute of Liaoning Province, P. R. China, was used for adhering the CFRP to the steel tube. 
Another epoxy resin, JGN-P, was also used for gluing CFRPs together. 
 
2.4  Test Setup and Instrumentation 
 
The experimental test was carried out in the Structural Engineering Laboratory of Shenyang 
Jianzhu University, P. R. China. As shown in Figure 4, the specimen is simply supported at both 
ends. A jack which is located at the mid-span of the specimen is used to apply lateral load ( P ), and 
the load is transferred by a spread beam with enough stiffness to the two tri-span points of the 
specimen. The load is applied in several steps. In the elastic stage, each loading step is 5.0 kN. 
When the applied load is about 60% of the estimated flexural load carrying capacity, the magnitude 
of the loading step reduces. The estimated flexural load carrying capacity is obtained by the 
following method: the transverse and the longitudinal CFRPs are transferred to equivalent steel 
tube, and then the flexural load carrying capacity can be calculated by using corresponding 
equations of C-CFST flexural members (Han [16]). However, the equivalent steel tube besides 
longitudinal CFRP is not considered in calculating the confinement factor of the steel tube ( s ) 

(Han [17]). After the deflection at the mid-span exceeds 500L , displacement control is used till 

failure. 
 
A force transducer with a capacity of 600kN was used to measure the loading magnitude. Three 
Linear Variable Differential Transformers (LVDTs) were placed to measure the deflection of the 
specimens. At the two supporting points, two LVDTs were also used to measure the settlements. 
Overall 11 strain gauges were glued on the surfaces of each steel tube and the CFRP around 
cross-section at mid-span of the specimens respectively, as shown in Figure 5, where points 1-7 
were the locations for measuring longitudinal strains and points 1, 3, 5 and 8 were the locations for 
measuring transverse strain. 
 

Rupture 
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100 400 200 200 400 100
 

(a) General Placement (in mm) 

 
(b) Test Figure 

Figure 4. Test Arrangement 
 
D

   
 D

 /6 s

s

 
Figure 5. The Location of Strain Gauges 

 
The data was captured and saved by data acquisition system U-CAM-70A, and the load ( P ) versus 
deflection ( mu ) at mid-span curve was obtained simultaneously. 
 
2.5  Test Observations and Failure Modes 
 
For the specimens only reinforced with transverse CFRP, the failure process is gradual. During the 
initial loading stage, in general, the bending load presents an approximately proportional 
relationship to mu . There are no obvious damages in the appearance of the specimens. New cracks 
between carbon fibers and extensions of existing cracks are observed during further loading. At the 
end of the tests, through-cracks are observed on the CFRP jackets in the pure-bending region and 
large deformation of the specimen appears. Finally, the transverse CFRP located at longitudinally 
compressed region begins to rupture as shown in Figure 6 (a). 

Spread beam Specimen 

P 

Support Support 

LVDT LVDT 

LVDT 

Spread beam 

LVDT 

LVDT 

Specimen 

LVDT 
Force 

transducer

Support 
Support 

Concrete 

CFRP

Steel
tube 

P

1

2

3

4

5

6 

7 

8 



133                           Flexural Performannce of Circular Concrte Filled CFRP-Steel Tubes 

 

 

(a) Transverse CFRP (b) Longitudinal CFRP 

Figure 6. Rupture of CFRPs 

For those specimens reinforced with longitudinal CFRP, longitudinal CFRP begins to rupture when 
the strain at the extreme fiber of the tensile region reaches about 10000 με which can be seen in 

Figure 6 (b). At this time, the flexural load carrying capacity of the beam decreases suddenly. The 
transverse CFRP located at longitudinally compressive region begins to rupture when the 
deformation of the specimen becomes larger in the later loading stage. The final failure modes of 
several specimens are shown in Fig. 7. 
 

 
(a) mm89s D  Specimens (b) mm159s D  Specimens 

Figure 7. Typical Deformation of Several Specimens 

The specimens are cut into two halves after the tests, as shown in Figure 8, to find that the concrete 
can be divided into both tensile and compressive regions. It can be seen that the concrete in 
longitudinally tensile region has some cracks while it is crushed in the region under longitudinal 
compression. 
 

(a) Longitudinally Tensioned Concrete (b) Longitudinally Compressed Concrete 

Figure 8. Failure Modes of Concrete 
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2.6  Test Results and Analysis 
 

2.6.1 Tested M- curves 
 

Figure 9 shows the deflection (u ) curves of specimen CB D-3, where t
uM  is tested value of the 

flexural load carrying capacity ( uM ). All values of t
uM  are listed in Table 1. From Figure 9, it is 

found that the deflection of each specimen is very close to half sinusoidal curve. Therefore,  can 
be calculated from mu  approximately according to the following equation (Han, Yao and Zhao 
[18]) 
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Figure 9. Deflection Curves of Specimen CB D-3 

Figure 10 shows the M -  curves at mid-span of the specimens, where 
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Figure 10. Tested M -  Curves 
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It is found that parameter 'm  has a remarkable effect on the curve shape of the C-CF-CFRP-ST 
flexural members. For specimens with m'=0, their curves are similar to those of the corresponding 
C-CFST flexural members (Han [16]). While for specimens with 0'm , both the load and the 
deflection are smaller during the initial loading stage, and the relationship between them is 
approximately linear. This stage belongs to elastic stage. As load increases continuously, the 
deflection increases much more rapidly than before, and this stage belongs to elasto-plastic stage. 
The curve falls in softening stage after the longitudinal CFRP is ruptured, and the rest of the curves 
are similar to those of the corresponding C-CFST flexural members. For the specimens with 0'm , 
their failure seems to be brittle. However, due to the existence of the steel tube, the specimens could 
still keep high flexural load carrying capacity even they are suffered from a large deformation. 
 
2.6.2  Stiffness 
 
According to the M -  curves shown in Figure 10, the initial flexural stiffness ( ieK ) and the 

service flexural stiffness ( seK ) (Verma et al. [19]) are defined. The relationship of ieK - 'm  and 

seK - 'm  is illustrated in Figure 11. ieK  and seK  are also listed in Table 1. As show in Figure 11, 

ieK  and seK  are both enhanced by the increase of 'm . It is clear that the longitudinal CFRP can 

enhance the stiffness of the specimens significantly. 
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Figure 11. Stiffness versus 'm  Relationship 

 
2.6.3  Cooperation between Steel Tube and CFRP 
 
Figure 12 shows the comparison of strains between the steel tube and the CFRP, where l  and t  

are longitudinal and transverse strains respectively. Similarly, sl  and cfl  are longitudinal strains 

of the steel tube and the CFRP respectively, and st  and cft  are transverse strains of the steel 

tube and the CFRP respectively. As shown in Figure 12, sl  and cfl  are basically the same, and 
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so is the relationship between st  and cft . Additionally, from the observation of the cut 

CFRP-steel tubes after the experiment, it is found that the adherence between the CFRP and the 
steel tube is still intact except in the region where CFRP is ruptured. All above results indicate that 
steel tubes and CFRP can cooperate well in both longitudinal and transverse directions. Otherwise, 
as shown in Figure 12 (b), the distribution of transverse strains around the cross-section is not 
uniform: largest transversely tensile and compressive strains are located at point 5 and at point 1 
respectively. Actually, the outer tube can be divided into a tensile region and a compressive region 
in transverse direction. Such classification depends on the fact that the outer tube is under tension 
or under compression in longitudinal direction. As the specimen is subjected to bending moment, 
part of the cross-section of the outer tube is under compression in longitudinal direction, which 
causes this part of the cross-section under tension in transverse direction. Accordingly, the other 
part of the cross-section of the outer tube is under tension in longitudinal direction, which causes 
this part of the cross-section under compression in transverse direction. This phenomenon has been 
proved from experimental measurement. Due to the above reason, the outer tube compressed 
transversely does not provide confinement effect for the concrete. 
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Figure 12. Comparisons of Strains between Steel Tube and CFRP 

2.6.4  Plane Section Assumption 
 
Figure 13 shows the distribution of sl  over depth of the cross-section of the specimen with 

mm133s D , where cnΔ  is the distance measured from the neutral axis to the centroid axis. The 

distribution of sl  is basically in accordance with the plane section assumption. The neutral axis 

moves toward the compsession region gradually as the moment increases. 
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(b) Specimen CB D-1 
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(c) Specimen CB D-2 
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(d) Specimen CB D-3 

 
Figure 13. Distribution of sl  over Depth on Cross-Section of Specimens with mm133s D  

 
 
3.   FE SIMULATION 
 
3.1  Stress-Strain Relationship of Materials 
 
A 5-stage stress-strain relationship of steel material (Han, Yao and Tao [20]) is used here. This 
stress-strain curve includes 5 segments: linear and elastic stage, nonlinear but elastic stage, plastic 
flowing stage, hardening stage and softening stage. The constitutive relationship of concrete 
confined by CFRP-steel tube under compression as well as under tension (Che, Wang and Shao 
[15]) is adopted. CFRP is assumed to be only able to sustain tension. Before fracture, the 
stress-strain relationship of CFRP is in accordance with Hooke’s Law as follow 
 

cfcfcf  E                                                                    (3) 

 
where cf  and cf  are the stress and strain of CFRP respectively. 
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When longitudinal CFRP reaches its rupture strain ( cflr , =10000 με . Rupture strain of the 

longitudinal CFRP for each specimen measured from experimental test ( 'cflr ) is tabulated in Table 

1. The value of cflr  is determined from the average value of all measured 'cflr ), it loses 

longitudinal strengthening effect to the members. However, when transverse CFRP reaches its 
rupture strain ( cftr , =5500 με ) (Che, Wang and Shao [15]), it loses transverse confinement to the 

steel tube. 
 
An interesting point is stressed here that CFRP has three rupture strains, i. e., for the transverse 
CFRP, με5500cftr  , 1m5.225.12  ; for the longitudinal CFRP, με10000cflr  , 

1m2.01.0  ; while for the CFRP coupon, με21000%1.2cf  , 0 . This means the 

rupture strain may decrease with a bigger curvature. Similar conclusion can be found from the 
reported research work (Yu et al. [21]). The above defined rupture strains of the CFRPs in 
longitudinal and in transverse directions are used in finite element simulation. 
 
In the research work on CFST (Han [17]), the confinement of steel tube to concrete is represented 
by a confinement factor of the steel tube ( s ). Similarly, the confinement of the transverse CFRP 

can be also represented by a confinement factor of the transverse CFRP ( cf ) (Che, Wang and Shao 

[15]), and the strengthening efficiency of longitudinal CFRP may be represented by a strengthening 
factor of the longitudinal CFRP ( ). The definitions of all the confinement or strengthening factors 
are listed as follows: 
 

 ckcyss fAfA                                                                (4) 

 

cuck 67.0 ff                                                                    (5) 

 
 ckccftcftcf fAfA                                                             (6) 

 
MPa1260cftrcfcft  Ef                                                          (7) 

 
 yscflcfl fAfA                                                                (8) 

 
MPa2300cflrcfcfl  Ef                                                          (9) 

 
where sA  is cross-sectional area of the steel tube; cA  and ckf  are cross-sectional area and 

characteristic axial compressive strength of the concrete respectively; cftA  and cftf  are 

cross-sectional area and ultimate tensile strength of the transverse CFRP respectively; cflA  and 

cflf  are cross-sectional area and ultimate tensile strength of the longitudinal CFRP respectively. 

 
3.2  FE Model 
 
3.2.1 Element type selection 
 
Shell element S4 with full integration is selected for discretizing the steel tube in finite element 
model. Simpson integration with 9 integrating points in the shell thickness direction is used. For the 
core concrete, 3-D brick elements C3D8R with reduced integration are used. Membrane element 
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M3D4 with 4-nodes is used for modelling CFRP. 
 
3.2.2  Mesh discritization 
 
The convergent analysis is carried out by using refined mesh in finite element analysis, and the 
details can be referred to relative research (Che, Wang and Shao [15]). Figure 14 shows the FE 
mesh of a typical model. 
 

 
(a) Transverse Element 

 
(b) Longitudinal Element 

 
Figure 14. Mesh Discritization 

 
3.2.3  Interface model 
 
Hard contact is used for defining contact interface between steel tube and concrete, i.e., the 
pressure perpendicular to the contact surfaces ( p ) can be transferred completely between the two 
surfaces (Han, Liu and Yang [22]). The tangential force between the steel tube and the concrete 
surface is simulated by using Columb model, i.e., shear force can be transferred between surfaces 
(Han, Liu and Yang [22]). In the experimental tests, CFRP is bound to the steel tube, and it is 
assumed that no slip exists between CFRP and the steel tube. Same nodal freedoms are used for the 
contact elements between CFRP and the steel tube. In the tangential direction of the contact 
surfaces between the end plate and the concrete, there is also no slipping, and hard contact 
assumption is used in normal direction of the contact surfaces. 
 
3.2.4  Boundary conditions 
 
Boundary conditions are shown in Figure15, which are in accordance with experimental process. 
According to the symmetry of both the geometry and the boundary condition, 1/4 model is selected 
for FE analysis. On the symmetrical plane of the model, symmetrical constraints are applied. The 
displacement in y-direction at the supporting points is constrained. 
 

 
 

Figure 15. Boundary Conditions 
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3.3 FE Results 
 
3.3.1  Failure modes 
 
To verify the reliability of the above presented FE method, overall 16 C-CF-CFRP-ST flexural 
specimens are analyzed by using ABAQUS software. Figure 16 shows the deformation obtained 
from experimental test and FE simulation. From Figure 16, it can be found that the FE predicted 
deformation of the specimen is quite similar to the experimental observation. 

 

 
(a) Experimental Result 

 
(b) Simulated Result 

 
Figure 16. Comparison of Deformations 

 
3.3.2  M- curves 
 
The FE M -  curves together with the experimentally measured results are plotted in Figure 17. 
In the FE simulation, the deflection of the specimens can be obtained from FE analysis, and the 
curvature is then calculated from Eq. (1). It can be found from Figure 17 that the FE results are 
reasonable compared with the experimental results although the FE predictions seem to be a little 
lower. 

 

0.00 0.15 0.30 0.45
0

28

56

84

M
 (

kN
m

)

 (m-1)

 FE result of specimen CB A-0
 FE result of specimen CB B-0
 FE result of specimen CB C-0
 FE result of specimen CB D-0
 Test result of specimen CB A-0
 Test result of specimen CB B-0
 Test result of specimen CB C-0
 Test result of specimen CB D-0

 
(a) 'm =0 

0.00 0.15 0.30 0.45
0

28

56

84

M
 (

kN
m

)

 (m-1)

 FE result of specimen CB A-1
 FE result of specimen CB B-1
 FE result of specimen CB C-1
 FE result of specimen CB D-1
 Test result of specimen CB A-1
 Test result of specimen CB B-1
 Test result of specimen CB C-1
 Test result of specimen CB D-1
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(c) 'm =2 
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(d) 'm =3 

 
Figure 17. Comparison of M -  Curves between FE Result and Experimental Result 

 
 
4.   THEORETICAL ANALYSIS 
 
Three typical points, as shown in Figure 18, are selected for discussion: at point 1, the tensile 
extreme fiber of the steel tube reaches its proportional limit; at point 2, longitudinal CFRP is 
fractured; and at point 3, the deflection at the mid-span is about 250L . 
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Figure 18. Typical Points in M -  Curve 

 
4.1  Longitudinal Stress and Strain of Concrete on Cross-Section at Mid-Span 
 
Figures 19 and 20 show the distributions of the longitudinal strain and the longitudinal stress of 
concrete on the cross-section at mid-span respectively ( mm400s D , mm31.9s t , 

mm40000 L , MPa345y f , MPa60cu f , 115.0cf  , 13.0 , GPa206s E , 3.0s v , 

MPa'4700 cc fE  , (where 'cf  is strength of the cylinder concrete specimens, and cuc 8.0' ff  ), 

Poisson’s ratio of the concrete ( cv ) was 0.2). 
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(a) Point 1 (b) Point 2 (c) Point 3 

 
Figure 19. Longitudinal Stress Distribution of Concrete on Cross-Section at Mid-span 

 

 
(a) Point 1 (b) Point 2 (c) Point 3 

 
Figure 20. Longitudinal Strain Distribution of Concrete on Cross-Section at Mid-Span 

 
It is found that the neutral axis moves toward the compressive region gradually with the increase of 
the curvature at the mid-span, and this is in accordance with experimental results as shown in 
Figure 13. In elastic stage (before point 1), the neutral axis is very close to the centroid of the 
cross-section, and the steel tube and CFRP are both in elastic stage and the maximum longitudinal 
stress of the compressive concrete is less than 'cf . In the elasto-plastic stage (between point 1 and 

point 2), plastic region forms. In this stage, the longitudinal CFRP is not fractured, and it can still 
restrict the deformation of the flexural member. At point 2, strain of the longitudinal CFRP reaches 

Neutral axis 
Neutral axis 

Neutral axis 
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about με10000  and the longitudinal CFRP begins to fracture. The maximum longitudinal stress of 

the concrete in the compressive region is close to 'cf . In the stage between point 2 and point 3, the 

longitudinal stress of the steel tube increases continuously with the development of the deflection. 
The area of the tensile concrete region increases. At point 3, the maximum longitudinal stress of the 
compressive concrete exceeds 'cf . 

 
The longitudinal stress distribution of the concrete in axial direction is shown in Figure 21. The 
longitudinal stress in pure-bending segment of the member distributes uniformly in axial direction. 
The maximum longitudinal stress is located at the extreme fiber of the specimen. 
 

  
(a) Point 1 (b) Point 2 (c) Point 3 

 
Figure 21. Distribution of Longitudinal Stress of Concrete along Axial Direction 

 
4.2  Influence of  
 
Figure 22 shows the influence of   on the position of the neutral axis on the cross-section at 

mid-span during elasto-plastic stage ( mm160s D , mm5.4s t , MPa345y f , MPa60cu f , 

mm14000 L , 1.0cf  , 4.0-0 , GPa206s E , 3.0s v , MPa'4700 cc fE  , and 

2.0c v ). The neutral axis has a little offset toward the tensile region of the concrete. 
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Figure 22. Influence of   on Position of Neutral Axis 

 
Figure 23 shows the effect of   on the longitudinal stress distribution on the cross-section at 
mid-span. It is clear that the longitudinal compressive stress of the concrete increases a little as   
increases. 
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(a) 0  (b) 14.0  (c) 27.0  (d) 4.0  

 
Figure 23. Influence of   on Distribution of Longitudinal Stress of Concrete 

 
4.3  Interaction Force between Concrete and Steel Tube 
 
Figure 24 shows the interaction forces ( p ) between the concrete and the outer tube on the 

cross-section at mid-span ( mm160s D , mm5.4s t , MPa345y f , MPa60cu f , 

mm14000 L , 0976.0cf  , 169.0 , GPa206s E , 3.0s v , MPa'4700 cc fE  , and 

2.0c v ). Interaction force with a large magnitude also exists between the tensile steel tube and the 

concrete. However, it is different in essence for the interaction forces in the compressive region and 
in the tensile region of the concrete. In the compressive region, steel tube restricts the expansion of 
concrete, which produces confinement force. While in the tensile region, the steel tube is under 
tension in longitudinal direction but under contraction in transverse direction. Concrete also 
contracts in transverse direction. However, the transverse deformation of the concrete is much 
smaller than that of the steel tube (especially after the cracking of the concrete). Thus, the 
transverse deformation of the steel tube is restrained by the concrete, and the reaction force 
between steel tube and concrete then initiates. However, this interaction force is not the 
confinement force. 
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Figure 24. Interaction Force between Outer Tube and Concrete on Cross-Section at Mid-Span 

 
 
5.   FLEXURAL LOAD CARRYING CAPACITY 
 
5.1  Definition of Flexural Load Carrying Capacity 
 
The calculated results of the FE models ( MPa390235y f , MPa12030cu f , 42.0s  , 

6.00cf  , 9.00  , GPa206s E , 3.0s v , MPa'4700 cc fE  , and 2.0c v ) show 

that the bending moment corresponding to the tensile strains at the extreme fiber reaching max  is 

the flexural load carrying capacity ( uM ), and max  is defined in this study as follow: 
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smax 1668002837 D                                                         (10) 

 
where sD  is in mm. 

 
Eq. (10) is obtained using regression analysis based on a parametric study on the calculated FE 
models. In Eq. (10), the bending moment at this time ( max ) is larger than the elastic limit value but 

less than the plastic ultimate moment. Partial section of the steel tube is already in yielding state, 
and the deflection at this time is about 1000L . 

 
It is clarified here that t

uM  shown in Figure 10 is actually determined by max . In Eq. (10), max  

of each specimen can be firstly calculated. The bending moment corresponding to max  is then 

defined as t
uM . 

 
5.2  Parametric Equation of Load Carrying Capacity 
 
The flexural load carrying capacity of the member with only transverse CFRP ( 0M ) is determined 

firstly. 0M  is mainly related to the flexural modulus ( cfscmW , 32π 3
sD ), the total confinement 

coefficient ( ) (Che, Wang and Shao [15]) and the index of axial compressive load carrying 

capacity ( cfscyf ) (Che, Wang and Shao [15]) of C-CF-CFRP-ST stub columns. Based on a 

parametric study on amount of FE models, the relationship between  cfscycfscm0 fWM  and   

is obtained, and it is shown in Figure 25 (a). 
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Figure 25. Flexural Load Carrying Capacity 

 
The relationship between   and   can also be presented as well and it is listed as follow: 
 

 306.0ln532.093.0                                                       (11) 
 

cfs                                                                      (12) 

 
Hence 
 

cfscycfscm0 fWM                                                                (13) 
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where 
 

   ckcfscfscy 302.114.1 ff                                                     (14) 

 
When the member has both transverse and longitudinal CFRPs, the relationship between 

 cfscycfscmum fWM  and   can be obtained as follow 

 
  2.03.0m                                                            (15) 

 
Thus, the flexural load carrying capacity of the C-CF-CFRP-ST members ( uM ) is given as follow: 

 

cfscycfscmmu fWM                                                               (16) 

 
5.3  Validation of Equation 
 
Figure 25 (b) displays comparison between the calculated flexural load carrying capacity uM  and 

the tested value t
uM . The average value of t

uu MM  is 0.96, and the mean square error is 0.07. 

That means the two results agree well. 
 
 
6.  CONCLUSIONS 
 
Based on the experimental study, the finite element simulation, and the theoretical analysis, the 
following conclusions can be drawn: (1) The M- curves at mid-span of circular concrete filled 
CFRP-steel tubular flexural specimens without longitudinal CFRP reinforcement are similar to 
those of the corresponding circular concrete filled steel tubular flexural members, while M- curves 
at mid-span of C-CF-CFRP-ST flexural specimens with longitudinal CFRP reinforcement can be 
defined as elastic stage, elasto-plastic stage and softening stage. Thereafter, the rest of the curves 
are similar to those of the corresponding C-CFST flexural members. The stiffness of the specimen 
can be enhanced by the longitudinal CFRP. (2) The steel tube and the CFRP tube can cooperate 
well both in transverse and in longitudinal directions. The distribution of the longitudinal strain of 
the specimens over the depth of the cross-section meets the plane section assumption approximately. 
The shape of the deflection-curve is basically similar to half sinusoidal curves. (3) The finite 
element simulation results of the deformation and M- curves of C-CF-CFRP-ST flexural members 
agree well with experimental results. (4) Interaction forces between the outer tube and the core 
concrete exist not only in the compressive region but also in the tensile region. However, the 
mechanisms of the interaction forces in the two regions are essentially different. (5) The flexural 
load carrying capacity of C-CF-CFRP-ST is defined, and the calculating equation of the flexural 
load carrying capacity is given. 
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NOMENCLATURE 
 

cA  : Cross-sectional area of concrete 

cflA  : Cross-sectional area of longitudinal CFRP 

cftA  : Cross-sectional area of transverse CFRP 

sA  : Cross-sectional area of steel tube 
C-CF-CFRP-ST : Circular concrete filled CFRP-steel tubes 
C-CFST : Circular concrete filled steel tubes 
CF-CFRP-ST : Concrete filled CFRP steel tubes 
CF-CFRP-T : Concrete filled CFRP tubes 
CFRP : Carbon fiber reinforced polymer 
CFST : Concrete-filled steel tubes 
CFT : Concrete-filled tubes 

sD  : Outer diameter of steel tube 

cE  : Elastic modulus of concrete 

cfE  : Elastic modulus of carbon fiber sheets 

sE  : Elastic modulus of steel tube 

cfscyf  : Load carrying capacity index of axial compressive strength of circular concrete 
filled CFRP-steel tubular (C-CF-CFRP-ST) stub columns 

cflf  : Ultimate tensile strength of longitudinal CFRP 

cftf  : Ultimate tensile strength of transverse CFRP 

ckf  : Characteristic axial compressive strength of concrete 

cuf  : Cubic strength of concrete 

uf  : Ultimate strength of steel tube 

yf  : Yield strength of steel tube 

'cf  : Compressive strength of cylinder concrete specimens 

'cff  : Tension strength of carbon fiber sheet 

ieK  : Initial flexural stiffness 

seK  : Service flexural stiffness 

L : Length of specimens 

0L  : Net span of specimens 

M  : Moment at mid-span 

0M  : Flexural load carrying capacity of circular concrete filled CFRP-steel tubular 
(C-CF-CFRP-ST) member with only transverse CFRP 

uM  : Flexural load carrying capacity of circular concrete filled CFRP-steel tubular 
(C-CF-CFRP-ST) member with both transverse CFRP and longitudinal CFRP 

t
uM  : Tested value of uM  

m  
: Number of transverse CFRP layer 

'm  : Number of longitudinal CFRP layer(s) 
P  : Lateral load 
p  : Interaction force between concrete and outer tube 

cft  : Thickness of one layer carbon fiber sheet 

st  : Wall thickness of steel tube 
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u  : Deflection 

mu  : Deflection at mid-span 

cv  : Poisson’s ratio of concrete 

sv  : Poisson’s ratio of steel tube 

cfscmW  : Flexural modulus 

cfw  : Density of carbon fiber sheet 

cf  : Elongation percentage of carbon fiber sheet 

cnΔ  : Distance measured from neutral axis to centroid axis 

cf  : Strain of CFRP 

cfl  : Strain of longitudinal CFRP 

cft  : Strain of transverse CFRP 

cflr  : Rupture strain of longitudinal CFRP 

'cflr  : Rupture strain of longitudinal CFRP for each specimen measured from test 

cftr  : Rupture strain of transverse CFRP 

l  : Longitudinal strain 

max  : Tensile strain at extreme fiber of specimens corresponding to uM  

sl  : Longitudinal strain of steel tube 

st  : Transverse strain of steel tube 

t  : Transverse strain 
  : Curvature at mid-span 
  : Coefficient,  cfscycfscm0 fWM  

m  : Coefficient,  cfscycfscmu fWM  

 : Strengthening factor of longitudinal CFRP 

cf  : Stress of CFRP 
  : Total confinement factor 

cf  : Confinement factor of CFRP 

s  : Confinement factor of steel tube 
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ABSTRACT: The residual stress magnitude and distribution of mild carbon steel sections at room temperature has 
been widely studied. Little investigation has been performed on residual stress of high strength steel sections, 
especially at elevated temperatures and after fire exposure. The fire exposure and elevated temperature have great 
influence on the residual stress distribution. This paper presents the experimental study of residual stress of welded 
high strength steel H-shaped section after fire exposure. The residual stress at room temperature was compared with 
that after fire exposure both for mild steel and high strength steel. The residual stress of welded high strength Q460 
steel section was also simulated by finite element analysis and the validated finite element model was employed to 
analysis the residual stress of high strength steel section at elevated temperatures. It is found that the residual stress 
of high strength steel section after fire exposure decreases significantly and the residual stress variation should be 
considered on fire resistance design of high strength steel structures. 

Keywords: Residual stress; high strength steel; elevated temperature; finite element analysis 

 
 
1.  INTRODUCTION 
 
High strength steel (HSS, yield strength ≧460 MPa) has been widely used in many buildings, 
spatial structures and bridges by providing benefits when compared with regular strength steel, 
such as reducing structural dead load and dimensions of members, saving material and space [1]. It 
is well known that residual stresses exist in most structural steel members induced by welding, 
flame cutting, uneven cooling or cold forming during processes of manufacture and fabrication. 
Although the internal equilibrium residual stresses are not detrimental to the resistance of cross 
section for steel members, the presence of residual stress will significantly influence the stiffness of 
compression members and shorten the fatigue life of steel members under periodical load or 
dynamic load [2].  
 
In order to understand the effect of residual stress on the structural behavior of steel structures, the 
magnitudes and distributions of regular strength steel sections have been extensively investigated in 
the past decades [3]. In recent years, the residual stress in stainless steel section and high strength 
steel section has also been studied. An experimental program to quantify the residual stresses in 
stainless steel sections from three different production routes has been carried out by Gardner et al 
[4] and comprehensive residual stress distributions was obtained for three hot rolled angles, eight 
press braked angles and seven cold rolled box sections. The residual stress of high strength Q460 
steel in box section was experimental investigated by Li et al. [5] by adopting both sectioning and 
hole-drilling methods and the corresponding simplified residual stress pattern was proposed. 
However, the research work on residual stresses of Q460 welded sections after fire exposure or at 
elevated temperatures is very limited. It is expected that the residual stresses of Q460 members at 
elevated temperature are rather different from that at room temperature, since the stress-strain 
curves and high-temperature material properties of Q460 are different from that at room 
temperature [6]. For this reason, the influence of residual stress on ultimate bearing capacities of 
compressed HSS members at elevated temperatures will be different from that at room temperature. 
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For the fire safety design of HSS members in civil engineering structures, especially for 
compressed steel members, it is important to evaluate the magnitudes and patterns of residual stress 
distribution for HSS members at elevated temperatures. 
 
In the present paper, residual stress magnitude and distribution for welded high strength Q460 steel 
of H-shaped section was tested at room temperature and after fire exposure by utilizing sectioning 
method technique, which is a destructive method and was widely adopted in residual stress 
measuring. To compare the decrease of residual stress of high strength steel with mild steel, mild 
steel Q235 was also tested at room temperature and after fire exposure. The residual stress of high 
strength steel section after fire exposure was also simulated by finite element analysis and the 
validated finite element model was employed to analysis the residual stress of high strength steel 
section at elevated temperatures. In the previous fire resistance design of steel columns, the 
assumption of residual stress keeping constant was adopted due to lack of data of residual stress at 
elevated temperatures. Therefore, the residual stress variation at elevated temperatures of high 
strength steel sections is very helpful to determine the load bearing capacity of high strength steel 
columns in fire condition. 
 
 
2.   MATERIAL PROPERTIES 
 
In the testing specimen, high strength Q460 steel is used. The mechanical properties of this steel at 
room temperature are obtained by coupon test and the yield strength is fy = 585 MPa, ultimate 
strength is fu = 660 MPa and the elastic modulus is E = 2.12×105 MPa. At elevated temperatures, 
the mechanical properties are referred to literatures [6-7]. In the finite element analysis, in addition 
to mechanical properties, the thermal properties including conductivity, specific heat, thermal 
expansion coefficient and enthalpy, are used and the values of them are adopted by EC3 [8]. The 
material properties are plotted in Figure 1. 
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Figure1. Properties of High Strength Q460 Steel 

 
The enthalpy is computed by 
 

0

( )
T

H T cdT                                           (1) 

 
where, )(TH  is increment of enthalpy at temperature T;  is mass of steel and c is specific heat. 
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3.  EXPERIMENTAL PROGRAM 
 
3.1 Experimental Technique 
 
Techniques to measure residual stresses may be classified as either destructive or non-destructive. 
Non-destructive methods include X-ray, neutron or electron diffraction, ultrasonic methods and 
magnetic methods. Destructive methods rely on the measurement of deformations due to the release 
of residual stresses upon removal of material from the specimen. Sectioning is the principal 
destructive technique used to measure residual stresses in structural members. This method has 
been used extensively to analyze residual stresses in structural carbon steel, aluminum and stainless 
steel sections and is adopted in this study. Its advantages of adequate, accurate and economical have 
been proven with requirement of proper care in the preparation of the specimen and the 
measurement procedures [9]. A comprehensive description of the different techniques and their 
potential for measuring residual stresses has been presented in literature [10]. 
 
3.2  Specimen and Instruments 
 
The testing specimen of H-shaped section is fabricated with welded high strength Q460 steel plate 
of 8 mm in thickness and the dimension of cross section is H20019588 (height  width  flange 
thickness  web thickness). One 2.32 m column in length was welded and it was cut into two parts 
at the middle section. One is used to prepare specimen for measuring residual stress at room 
temperature and another one is used for measuring residual stress after fire exposure. In order to 
reduce the influence of flame cutting ends on the measured results of residual stress, the columns 
were cutting into three segments (testing segment is the middle one) by using Wire cut Electrical 
Discharge Machining. The testing segment is 300 mm in length and the two others segments are 
430 mm in length, which is longer than required length (1.5~2.0 times of section height). Previous 
experimental researches have shown that, the distance of test section from the member end must be 
far enough in order to reduce the influence of end, and a distance of 1.5 to 2.0 times the lateral 
dimensions is required [9]. The strips are about 10 mm in width and 300 mm in length, with two 
gauge holes at two ends, and the distance between the two gauge holes is 250 mm. The cutting 
order of segments and strips dimension is shown in Figure 2. 
 
The instruments used in the strips preparation include Wire-cut Electrical Discharge Machine, 
Electric Hole-drilling Machine and Hand-hold Strain Gauge. The cutting lines and centers of gauge 
holes are marked on the sectioning regions. Corresponding to center markers, through thickness 
holes are drilled by the drilling machine. In order to reduce the variation of gauge length, gauge 
holes are centrally located by using a punch. By using this method, strain measurements can be 
taken over a 250 mm gauge length using the hand-hold strain gauge. The minimum scale value of 
strain gauge is 0.001 mm. The original gauge lengths were measured and recorded. Three sets of 
measurements for each gauge length were taken if measurement variation does not exceeds 0.005 
mm. Temperature changes during readings are practically eliminated by using a reference bar at the 
first and last of each measurement set. The sectioning segment is cut out with Wire cut Electrical 
Discharge Machining. Then, the sectioning proceeds are performed on a milling machine as shown 
in Figure 3. The influence of released heat from mechanical milling can be suppressed by supplying 
fluid coolant. The middle strips of specimen on flange and web are 10 mm and 13 mm in width, 
other strips are about 14 or 15 mm in width before released from specimens. Strips sectioned from 
the same specimen are put together in orders, as shown in Figure 4. Iron filings and grease need to 
be cleaned from the sectioned strips, especial around gauge holes. Three sets of gauge length are 
measured again following the procedure recommended in Ref. [9]. The released strains can be 
computed from the measured strains and temperature compensations. 
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Figure 2. Cutting Order and Trip Dimensions (mm) 
 
 

            
 

Figure 3. Sectioning Procedure of H-shaped Section          Figure 4. Sectioned Strips 
 
In order to investigate the effect of fire exposure on the residual stress of mild steel, testing is also 
conducted on Q235 steel specimen. The preparation and process of Q235 steel specimen is same to 
the high strength Q460 steel except that the Q235 steel is hot-rolling H-shaped section and the 
dimension of cross section is H194  150  9  6 (height  width  flange thickness  web 
thickness). The measured yield strength of mild Q235 steel used in the specimen is 280 MPa.  
 
For the specimens used to measure residual stress after fire exposure, the steel columns are put into 
a furnace and the furnace is started to follow ISO-834 standard temperature curve for a period until 
the temperature of steel reaches 600 ℃. The cooling phase of furnace is obtained by natural 
cooling. After the temperature of column approaches room temperature, the trips begin to prepare 
and the procedures are same as those for measuring residual stress before fire exposure. The 
temperature of furnace and steel specimen during heating and cooling is shown in Figure 5. It can 
be observed that the temperature of steel columns increases slowly than the furnace even though 
the length of columns is only 1.16 meters in length. This is due to the temperature increase of steel 
member in high temperature has great relation with shape of cross section instead of length of 
specimen. 
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Figure 5. Temperature-time Curve for Furnace and Steel Column 

 
3.3  Testing Procedures 
 
The testing procedure comprises the following steps: 
 
(1) Drilling holes  
Before drilling gauge holes, it is necessary to clean the rust on the surface of steel by polishing. 
Then the cutting lines are drawn on the surface to mark the boundary of strips and then a sign is 
marked on each trip. In order to compensate the influence of temperature variation on the measured 
strain, a reference bar is fabricated to consider the temperature strain. Finally, the gauge holes are 
drilled on the sectioned segment with a strain gauge length of 250 mm. The diameter of gauge hole 
is 0.5 mm. 
 
(2) Measuring gauge length 
After cleaning the dust in the gauge holes, the length of standard strips, temperature compensating 
strips and the distance between gauge holes are measured for three times. According to the 
difference of standard trip and temperature compensating segment and sectioned strips, the length 
of temperature compensating segment and gauge holes can be calculated. If the difference of the 
three results exceeds 0.015 mm, the results are abandoned and measured again. Otherwise, the 
average value of three results is represented as gauge length of temperature compensating segment 
(LT1) and sectioned trips (L1).  
 
(3) Cutting strips 
Along the lines on the surface of columns, the column is cut into three segments and then the 
sectioning segment is cut into many strips. Finally, the coolant on the surface and gauge holes of 
strips is cleaned. 
 
(4) Measuring gauge length after sectioning 
Similar to the step (2), the distance between two gauge holes on each strip and the length of 
temperature compensating segment are measured again to obtain the new length after the residual 
stress releases and the temperature changes. The average value of three results is represented as 
gauge length of temperature compensating segment (LT2) and sectioned trips (L2). 
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(5) Computing the residual stress 
Based on the measured results in step (2) and (4), the strain of temperature compensating segment 
can be obtained by  2 1 1/T T T TL L L   ; and the strain of strip can be calculated with  2 1 1/L L L   . 
The bending deformation of strip needs to be modified by [9]  
 

2 4( ) /(6( ) 1)f l f l                                      (2) 
 

where f is deflection of strips at mid-span and l is the length of strip. 
 
The strain generated by residual stress release can be obtained by subtracting temperature 
compensating strain from the total strain of strip, that is Tr   . According to Hooke’s law, the 
residual stress on each trip can be obtained as r =E r  . 
 
 
4.   EXPERIMENTAL RESULTS AND DISCUSSION 
 
4.1  Experimental results 
 
The residual stress distribution for the whole section is shown in Figure 6 and Figure 7 for high 
strength Q460 steel and mild Q235 steel, respectively. Using the measured residual stress before 
fire exposure, the equilibrium condition for the cross section is checked. Theoretically, since no 
external forces exist, equilibrium requires that the integration of the force over the whole section 
must be zero. For this particular case, a difference of 0.75 kN and 1.8 kN in tension is computed. 
This small difference may be attributed to the effect of saw cutting and accumulated experimental 
errors [9].  
 
From the Figure 6, one can find that the maximum residual stress of high strength Q460 steel is 
about 300 MPa, which is approximate 50% of the yield strength. After fire exposure, the residual 
stress reduces significantly due to the reduction of yield strength and creep behavior of steel at high 
temperature, which results in the elastic deformation changing to plastic deformation. The 
maximum value of residual stress after fire exposure is about 70 MPa, which is only 12% of yield 
strength. For mild Q235 steel (as shown in Figure 7), similar trend can be observed and maximum 
residual stress before and after fire exposure are 180 MPa and 85 MPa, which are 65% and 30% of 
yield strength, respectively. 
 
4.2  Discussion 
 
The comparison of residual stress distribution before and after fire exposure for high strength Q460 
steel is shown in Figure 8. As can be seen from the figure, the residual stress distribution mode both 
on flange and web before fire exposure is similar to that after fire exposure. The distribution mode 
looks like a “W” on the flange and “U” on the web. However, the maximum value after fire 
exposure decreases obviously. For the residual stress at the middle of flange, the reduction factor 
after fire exposure is 0.23. For the residual stress at middle of web, the residual stress almost 
disappears after fire exposure.  
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Figure 6. Residual Stress Distribution in High Strength Q460 Steel Section 
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Figure 7. Residual Stress Distribution in Mild Q235 Steel Section 
 
The comparison of residual stress distribution before and after fire exposure for mild Q235 steel is 
shown in Figure 9. It can be seen that on the flange, the distribution mode looks like an inverse “V”. 
The distribution mode on the web is similar to that for high strength Q460 steel. After fire exposure, 
the maximum value of residual stress on the flange reduces significantly but not as much as that of 
high strength Q460 steel and there is still 40% residual stress left compared to that before fire 
exposure. For the web, the reduction is obvious and 25% left, which is almost same as that of high 
strength Q460 steel. 
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Figure 8. Comparison of Residual Stress of High Strength Q460 Steel  
before and after Fire Exposure 
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Figure 9. Comparison of Residual Stress of Mild Q235 Steel before and after Fire Exposure 
 
The distribution mode between high strength Q460 steel and mild steel are different due to the 
difference of fabrication method. For the high strength Q460 steel, the plate is obtained by flame 
cutting and the section is compositing by welding; and for the mild Q235 steel, the plate and 
section is hot rolled. From the testing results of residual stress after fire exposure, it can be found 
that, the residual stress generated by welding is relative easy to reduce by tempering. 
 
 
5.   FINITE ELEMENT ANALYSIS 
 
As to now, there is no proper method to measure the residual stress distribution at high temperature 
and the residual stress must be reducing at high temperature based on the intuitive judgment. Finite 
element method is very powerful and proved to be capable to analysis welding residual stress. In 
order to quantity the residual stress of high strength Q460 steel welded H-shaped section at high 
temperature, finite element analysis was performed by employing ANSYS soft package. 
 
5.1  Finite element model 
 
Two models are established to obtain the residual stress generated by flame cutting and welding, 
namely thermal model and structural model. 
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5.1.1  Thermal model 
 
The thermal model in ANSYS is created using two types of elements, namely SOLID70 and 
SOLID90. SOLID90 is a higher order version of the element SOLID70. Only at the transition zone, 
SOLID90 is used and at the other zone, SOLID70 is used. SOLID70 element has eight nodes with a 
single degree of freedom, temperature, at each node. The element is applicable to a 
three-dimensional, steady-state or transient thermal analysis.  
 
For the flame cutting simulation, a defined high temperature is applied on the edge of flange (4 mm 
width form the boundary of flange) and the temperature for all the other area keeps ambient. Then 
transient thermal analysis is performed until the temperature reduces to room temperature. Based 
on the literatures [11] and [12], 600℃ is adopted to apply thermal boundary on the 4 mm width of 
the two edges of flange. For simulation of welding, a mobile heat source generated internally is 
adopted to simulate the heat input during welding on the element of weld [13], and the temperature 
for all the other elements keeps ambient. The heat generation per time unit can be obtained by 
 

UIQ                                             (3) 
 

where Q is heat generation in per time unit； is heat efficiency of welding, can be adopted as 
0.65~0.9 [14]，in this paper  =0.85；U is voltage of welding and it is 24 V；I is electric current of 
welding and it is 180 A. 
 
The heat generation rate can be obtained by 
 

VQq /                                            (4) 
 

where V is welding volume per time unit，can be computed with welding speed (6mm/s) and 
thickness of weld leg (8mm).  
 
When applying heat generation rate of weld mobile heat source on element, “birth and death” 
function of element is used. Before welding simulation starts, all welding elements are killed 
(death). When applying hear generation rate on a welding element, this element is activated (birth). 
After the heat source moves away, the activated elements are killed again. In this way, the 
temperature distribution during welding can be simulated.  
 
5.1.2  Structural model 
 
In the structural analysis, SOLID185 and SOLID186 are used. Corresponding to thermal model, 
SOLID186 only is used for transition zone. SOLID185 element is defined by eight nodes having 
three degrees of freedom at each node. The element has plasticity, hyperelasticity, stress stiffening, 
creep, large deflection, and large strain capabilities. In order to improve analysis efficiency, only 
half of column (600 mm) is established. Figure 10 shows the dimension and discertized of 
H-shaped welded column. At the flame cutting zone and welding part, the temperature varies 
rapidly and the mesh is discertized densely. 
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After performing thermal analysis, the temperature distribution is saved and read into structural 
analysis to obtain the residual stress distribution. In the structural analysis, the boundary condition 
of the column is set up according to the realistic condition during welding. All the nodes on one end 
of column are restrained in three directions and for the nodes on another end are restrained in two 
directions except the axial direction. Therefore, the columns can expand freely along the axial 
direction. 
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Figure 10. Finite Element Model 
 
5.2  Temperature Distribution 
 
The temperature distribution after cutting on flange is shown in Figure 11. Due to high thermal 
conductivity of steel, the heat on the edge is transferred quickly to the middle of plate and to the 
atmosphere. As can be seen from Figure 11, One minute and forty seconds later, the maximum 
temperature is about 80 ℃  and ten thousand seconds (approximate 2.8 hours) later, the 
temperature is close to room temperature (27 ℃). 
 

 
(a) t=2s                     (b) t=100s                        (c) t=10000s 

Figure 11. Temperature Distribution of Flame Cutting 
 
 

 
(a) t=150s                        (b) t=220s                  (c) t=12200s 

Figure 12. Temperature Distribution of Steel Column during Welding 
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The temperature distribution of welding simulation is shown in Figure 12. The column is 600 mm 
in length and the welding speed is 6 mm per second. Therefore the welding time for the two filled 
weld may last for 200 seconds. As is shown in Figure 12, during the welding, the temperature is 
very high at the welding location and the maximum temperature reaches to 2500 ℃. Twenty 
seconds later after finishing welding, the maximum temperature reduces to about 306 � and 12000 
seconds (3 hours and twenty minutes) later; the temperature reduces to room temperature. The 
temperature-time curves for two welding element at middle and quarter span are shown in Figure 
13. It is shown that when welding the rear welding element, the temperature of the welding element 
increases and reaches about 250 �; and when the welding reaches the welding element, the 
temperature increases sharply and reaches 2500 � in few seconds. 

0 100 200 300 400 500 600
0

500

1000

1500

2000

2500
T

em
pe

ra
tu

re
 (

o C
)

Time (s)

 Quarter-span
 Middle-span

 
Figure 13. Temperature-time Curves for Two Welding Elements during Welding 

 
5.3  Stress Distribution before Fire Exposure 
 
The residual stress distribution on the whole section after flame cutting and welding are shown in 
Figure 14. For the right surface of web, the values of residual stress at the ends of web are irregular 
and omitted. From the Figure 14, it can be seen that at the area of flame cutting welding, the 
residual stress is very significant tension stress and reaches to 60% of yield strength. The residual 
stress in these two areas mainly generated due to non-uniform cooling of cutting and welding. At 
the other portion of section, the compressive residual stresses in flange or web are much lower 
compared to tension stress. This is caused by the greater tensile residual stresses in the same section, 
which are balanced by compressive stresses to maintain internal equilibrium. 
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Figure 14. Comparison of Residual Stress between Test and FEM before Fire Exposure 
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5.4  Comparison and Discussion 
 
The comparison between experimental and analyzed results is also shown in Figure 14. As can been 
seen from the figure, the maximum values of residual stress at the middle of flange, half and ends 
of web are agreeable. At the middle of flange, the difference between them is 63 MPa (account for 
20% of experimental result). At the end of web, the difference between them is 64 MPa (account 
for 20% of experimental result). However, at the flange cutting area, the difference is significant. It 
may be attributed to two reasons. One is that the simplified approach was used to simulate the 
temperature distribution at this portion and the temperature decrease too quickly, which results in 
the results of FEM is higher than test. Another reason is that the experimental results in one 
segment is average value of the whole width of segment and it is much lower that the real 
maximum value. In addition, the residual stress curves obtained by experiment are smoother than 
that of analyzed results. This may be attributed to that in the finite element model, only residual 
stress produced by welding and flange cutting is considered and the residual stress generated by 
rolling is neglect. In the experiment, the section is welded by three steel plates, which have residual 
stress when hot-rolling before welding. In general, the analyzed results agree with experimental 
data with an acceptable range. 
 
5.5  Post-fire Residual Stress Distribution 
 
After obtaining the residual stress distribution by simulating the flame cutting and welding, 
post-fire residual stress distribution is simulated by thermal analysis and structural analysis. The 
fire scenario is ISO-834 standard fire. The comparison of temperature-time curve for the columns 
obtained by finite element analysis and experiment is shown in Figure 15. It can be seen that the 
analyzed temperature during heating and cooling agree well with test data.  
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Figure 15. Comparison of Temperature between Finite Element Analysis Results and Test Results 

 
The residual stress generated by flame cutting and welding is imported to the structural model as 
well as the temperature distribution during heating and cooling, the post-fire residual stress can be 
obtained. The analyzed results of post-fire residual stress and the comparison of the results with test 
data are shown in Figure 16. Generally, the residual stress reduces significantly after fire exposure. 
At the two ends and middle of flange, there is a big difference between analyzed results and test 
data due to the following possible reasons. Firstly, in the finite element model, the residual stress 
produced by hot-rolling is not considered to simplify the analysis procedure. Secondly, the element 
dimension is not small enough in order to improve the computing efficiency. Even though, the trend 
of residual stress variation is agreeable and the method and model can be employed to analysis the 
residual stress distribution at high temperatures.  
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Figure 16. Comparison of Residual Stress between Test and FEM after Fire Exposure 
 

5.6  Residual Stress Distribution at High Temperatures 
 
The residual stress distribution at temperatures 100 �~800 � was analyzed and the reduction factor 
of maximum values at end of the flange, one fourth width of the flange, half width of the flange, 
end of the web and half of the web with the elevation of temperature are shown in Figure 17. As 
can be seen from Figure 17, the maximum values of residual stress decrease with the increase of 
temperature except at the position of middle of web. When the temperature is lower than 400 ℃, 
the maximum values of residual stress at edge of the flange, half width of the flange and end of the 
web almost keep constant and then decrease sharply with the elevation of temperature. This can be 
attributed to that when the temperature exceeds 400 ℃, the thermoplastic deformation will arise 
and the deformation will results in the redistribution of residual stress. For the position of middle of 
web, the residual stress increase within the temperature of 600 ℃ may be attributed to the 
complex redistribution of residual stress, including the variation of width of tension or compression 
areas. The further study will be investigated in the following research. 
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Figure 17. Reduction Factor of Residual Stress of High Strength Q460 Steel at High Temperatures 
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6.   CONCLUSIONS 
 
Based on the results presented in this paper, the following conclusions can be drawn: 
(1) After fire exposure, the residual stress reduces significantly for welded H-shaped section 
fabricated with high strength Q460 steel. 
(2) At high temperature, the maximum value of residual stress varied and should be put into 
consideration in fire resistance design of high strength steel structures. 
(3) The finite element can be used to simulate the residual stress distribution at high temperature 
and after fire exposure with an acceptable accuracy. 
In addition, the test data presented in this paper can be used to provide validation to other 
researchers as well as provide a reference for fire resistance design of high strength Q460 steel. 
 
 
NOTATIONS 
 
The following symbols are used in this paper： 

yf ——  yield strength of steel； 

uf ——  ultimate strength of steel； 

E ——  elastic modulus of steel； 

 H T ——is increment of enthalpy at temperature T;  

——  mass of steel； 

c——  specific heat of steel； 

TL ——  gage length of temperature compensate segment ；. 

L——  gage length of sectioned trips； 

T ——  strain of temperature compensate segment； 

 ——  strain of strip； 
f ——  deflection of strips at mid-span； 

r ——  strain generated by residual stress release； 

r ——  residual stress； 

Q——  heat generation in per time unit； 

——  heat efficiency of welding； 

U ——  voltage of welding； 
I ——  electric current of welding； 
V ——  welding volume per time unit. 
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ABSTRACT: The purpose of this paper is to recalibrate the capacity reduction factors, estimate the reliability of 
current equations, and investigate the effect of these factors in AS 5100.6, the Australian Bridge Standard for 
concrete-filled steel tubular columns. This work has important ramifications for other international codes of practice 
as the Australian code has the identical or similar underlying design philosophy with Eurocode 4, AISC and the code 
of practice in Hong Kong. The method developed by Johnson and Huang is extensively applied to the Australian 
code format to recalibrate the capacity factors in AS 5100 for a target reliability of β = 3.04 based on an extensive 
database of 1,583 test results covering a wide range of input parameter values. In addition, an inverse analysis 
procedure based on Johnson and Huang’s method is proposed to estimate the reliability of design equations with 
known capacity factors. The analysis results show that the interaction between the concrete and steel needs to be 
considered for the current capacity factors in AS 5100. The results also show that the current capacity factors 
provide greater reliability than the target reliability suggested in AS 5104:2005/ISO 2394:1998, but after considering 
the additional uncertainties created due to the application of multiple capacity factors, the reliability was almost the 
same as the recommended value. In conclusion, the current capacity factor values in AS 5100 are adequate with 
regards to safety and can be maintained, but better optimised values would be preferable to improve the cost-safety 
balance. 

Keywords: Capacity factors, Composite structures, Concrete-filled steel columns, Design strength, Safety factor 
calibration 

 
 
1.  INTRODUCTION 
 
Concrete-filled steel tubular (CFST) members have been used in many structural applications 
including high-rise buildings, bridges, and offshore structures, due to their outstanding mechanical 
performance: such as high axial load capacity, good ductility performance, large energy absorption 
capacity, and low strength degradation [1],[2]. In the structural design of these composite members, 
it is desirable to achieve the most optimised balance between the cost and the safety of the 
members in the context of the safety of the whole structure. The safety factors regarding the 
ultimate structural member resistance in the existing design code provisions need to be promptly 
checked as more experimental data becomes available and improved statistical techniques are 
developed. In addition, these factors should be determined based on the statistical rationale 
provided by a reliability analysis. In this context, this paper aims to recalibrate the capacity factors 
for the design of CFST members, to estimate the reliability of the current bridge design Standard in 
AS 5100 [3] and to investigate the optimal cost-safety balance of the current design codes. The 
proposed work in this paper has important ramifications for other international codes of practice as 
the Australian code has the identical or similar underlying design philosophy with Eurocode 4 (EC 
4) [4], AISC [5], and the code of practice in Hong Kong [6]. 
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In this paper, first a brief summary of the current code provisions of AS 5100: Australian Standard 
for Bridges for CFST columns is provided, and the database employed for the reliability based 
capacity recalibration analysis is introduced. An extensive database of failure tests of CFST 
members developed by Tao et al. [7] is used, which merged two available test databases established 
by Goode [8] and Wu [9]. Although this database includes the test results of six structural CFST 
member types (circular and rectangular columns, beam-columns, and beams) with a total of 2,194 
test results, we herein limit our attention to CFST columns and use a total of 1,583 test results. 
Although more experimental studies have recently been carried on the axial load bearing capacity 
of CFST columns such as Gupta et. al. [10], Lue et al. [11], Tao et al. [12], Yu et al. [13], Yang and 
Han [14], and Chang et al. [15], they are not considered in this study as the number of test results in 
the Tao et al.’s database is already statistically sufficient. Based on this information, we conduct the 
following three types of reliability-based analyses: firstly, we recalibrate the capacity factors in AS 
5100 using the statistical method proposed by Johnson and Huang [16]. This method is selected 
because: it can calibrate multiple factors at once; it assumes a lognormal distribution which is 
realistic for member strength with non-negative values; and it utilises the data only for member 
resistance, neglecting the load effect and its uncertainties. Secondly, we estimate the reliability of 
the design equations in AS 5100 with the existing specified capacity factors (0.9 for steel and 0.6 
for concrete), by proposing a calculation procedure that is inverse of the method proposed by 
Johnson and Huang. Thirdly, the reliability estimation for the design codes and the capacity factors 
in AS 5100 is repeated, considering the effect of the applied capacity factors on the accuracy of the 
equations. Based on these calibration and reliability estimation results, discussions and 
recommendations are provided regarding useful in-sights into and supporting information for the 
current design code provisions. 
 
 
2.  AUSTRALIAN CODE PROVISIONS FOR CFST MEMBERS 
 
2.1  Ultimate Section Capacity 
 
In the Australian bridge standard, AS 5100 [3], the ultimate section capacity (Nus) for a rectangular 
CFST stub column under axial compression is calculated as follows: 

'
us s y c c cN A f A f                                             (1) 

where As and Ac = the areas of the steel and concrete sections, respectively; fy = the nominal yield 
strength of the steel; f’c = the characteristic compressive strength of the concrete; and ϕ and ϕc = the 
capacity reduction factors for steel and concrete, respectively (with the existing values given as 0.9 
and 0.6). In this equation, the contribution of the reinforcement is not considered, because no test 
data in this study included this variable.   

 
Eq. 1 can also be used for a circular CFST stub column. However, if the relative slenderness (λr) is 
not greater than 0.5 and the eccentricity of loading under the greatest design bending moment is not 
greater than do/10 (where do is the diameter of a circular section), the additional increase in 
concrete strength due to the confinement effect should be considered. When the confinement effect 
is considered, the ultimate section capacity is as follows: 

1'
2 '

1 y
us s y c c c

o c

tf
N A f A f

d f

 
   

 


                                          (2) 

where η1 and η2 = the coefficients for reflecting the confinement effect. η1 represents the concrete 
strength increase, and η2 represents the steel strength reduction, due to the confinement effect. The 
calculation procedure for these coefficients is given in Clause 10.6.2.2 of AS 5100. 6 [3].    
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2.2  Ultimate Member Capacity 
 
To estimate the ultimate member capacity (Nuc), a slenderness effect represented by a slenderness 
reduction factor, c , should be considered. For a stub column defined by Le/do or Le/b ≤ 4 (where 

Le = the effective length of a column, and b = the section width of a rectangular tube), this 
slenderness effect can be ignored. Considering this slenderness reduction factor, the ultimate 
member capacity of a CFST column is calculated as follows: 

uc c us usN N N                                             (3) 

where Nus is calculated either from Eq. 1 or 2. The slenderness reduction factor, c , is calculated 

using the following equation: 

 

2
90

1 1c

          
 


                                         (4) 

where ξ is the compression member factor and λ is a factor defined as a function of the relative 

slenderness (λr). λr is defined by /us crN N , where Nus is calculated from either Eq. (1) or (2) but 

the capacity factors ϕ and ϕc are taken as unity; Ncr is calculated as follows: 

 2
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                                           (5) 

  s c c ce
EI EI E I                                             (6) 

where Is and Ic are the second moment of the areas of the steel sections and uncracked concrete 
sections, respectively, and ϕ and ϕc are the capacity factors.     

 
In this paper, we aim to calibrate the capacity reduction factors ϕ and ϕc in Eqs. 1 and 2 and 
investigate their effect on the reliability of the design equations, based on the extensive database 
developed by Tao et al. [7], introduced in the following section.  
  
 
3.  DATABASE FOR CFST STUB COLUMNS 
 
Safety factors in the existing design code provisions may not provide the most optimal balance 
between cost and safety if they were developed based only on a limited number of test results. In 
this case, the factors need to be updated based on the latest collection from a database with a 
sufficient number of test results covering a wide range of input parameter values. For this purpose, 
we use the extensive database developed by Tao et al. [7], which covers the test results over the last 
few decades by merging two available test databases established by Goode [8] and Wu [9]. Goode’s 
database contains 1,792 test results from 92 references, and Wu’s database contains 1,514 test 
results from 104 references. In Tao et al.’s database, 1,575 test results from Goode’s database were 
included (918 for circular members and 657 for rectangular members), discarding irrelevant 
datasets, and 619 test results from Wu’s database were included that had not been included in 
Goode’s database. A total of 2,194 test results (1,232 for circular members and 962 for rectangular 
members) from 130 references are included in Tao et al.’s database. In this paper, we limit our 
attention to column members and use a reduced database with 1,583 test results (445 for 
rectangular stub columns, 234 for long rectangular columns, 484 for circular stub columns, and 420 
for circular long columns). Here, a stub column is defined as a short column member with Le/do ≤ 4 
(for circular members) or Le/b ≤ 4 (for rectangular members), where Le is the effective length of a 
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column, do is the diameter of a circular section, and b is the section width of a rectangular section. 
For a stub column, the slenderness effect is not considered. 
 
In Tao et al.’s database, some references do not provide the mean measured compressive strength of 
concrete (fcm) values. They report the compressive strength values of 150 mm cubes (fcu) instead. In 
this case, the conversion table given by Yu et al. [17] representing the approximate relationship 
between cylinder strength (fcm) and cube strength (fcu) was used to obtain the equivalent 
compressive strength. This table was developed based on Chen et al.’s work [18], which determined 
the equivalent compressive strength of high-strength concrete.  

 
Figure 1 shows an overview of the distributions of the key parameters in Tao et al.’s [7] database: 
the diameters (do) or the longer side lengths (B) of the steel tubes, the tube thicknesses (t), the mean 
measured yield strength of the steel (fym), the mean measured compressive strength of the concrete 
(fcm), the column lengths for long columns, and the width-to-thickness ratio or 
diameter-to-thickness ratio with the effect of yield strength ((B/t)/√(250/fy)) or ((D/t)/(250/fy)). In 
this figure, the parameter ranges for the four section/member types (rectangular stub columns, 
circular stub columns, long rectangular columns, and long circular columns) are separately 
presented in Figures 1 (a), (b), (c), and (d).  
 
In Figure 1 (a), for rectangular stub columns, most members have longer side lengths between 100 
and 200 mm, while some members have values outside of this range. Note that the longer to shorter 
side length ratio (B/Bshort) is between 1.00 and 2.00. The thickness is mostly distributed between 
1.47 and 8 mm, while some members have values outside of this range. The mean measured yield 
strength of the steel (fym) is uniformly distributed between 192 and 400 MPa (N/mm2), while a few 
members’ yield strengths is 835 MPa (N/mm2). The mean measured compressive strength of the 
concrete (fcm) is almost uniformly distributed between 12 and 103 MPa (N/mm2). The 
width-to-thickness ratio with the effect of yield strength ((B/t)/√(250/fy)) is mostly distributed 
between 12 and 100, while some members’ values are outside of this range.  
 
For circular stub columns, a similar distribution is observed in Figure 1 (b). Most members have 
diameters between 100 and 200 mm, while several members have diameters up to 1,020 mm. The 
thickness is mostly distributed between 0.52 and 8 mm, while some members have values outside 
of this range. The mean measured yield strength of the steel (fym) is uniformly distributed between 
186 and 400 MPa (N/mm2), while a few members have a yield strength of 853 MPa (N/mm2). The 
mean measured compressive strength of the concrete (fcm) is uniformly distributed between 10 and 
110 MPa (N/mm2). The diameter-to-thickness ratio with the effect of yield strength ((D/t)/(250/fy)) 
is mostly distributed between 12 and 150, but still many members’ have their values between 150 
and 223.   
 
For long rectangular columns, as shown in Figure 1 (c), most members have longer side lengths 
between 100 and 200 mm. Note that the longer to shorter side length ratio (B/Bshort) is between 1.00 
and 2.02. The thickness ranges between 1.5 and 6 mm, while some members have values outside of 
this range. The mean measured yield strength of the steel (fym) is uniformly distributed between 217 
and 500 MPa (N/mm2), while a few members’ yield strength is 550 MPa (N/mm2). The mean 
measured compressive strength of the concrete (fcm) is almost uniformly distributed between 10 and 
94 MPa (N/mm2). The length of the columns is also uniformly distributed between 482 and 4,000 
mm, while some members’ column lengths are up to 4,494 mm. The width-to-thickness ratio with 
the effect of yield strength ((B/t)/√(250/fy)) is mostly distributed between 18 and 100, and only few 
members’ values are outside of this range. 
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(a) Rectangular stub columns 
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(b) Circular stub columns 
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(c) Long rectangular columns 
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(d) Long circular columns 

Figure 1. Distribution of Parameter Values in Tao et al.’s Database [7] 
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For long circular columns, as shown in Figure 1 (d), most members have longer side lengths 
between 100 and 200 mm, and the thickness ranging between 0.95 and 8 mm, while some members 
have values outside of this range. The mean measured yield strength of the steel (fym) is uniformly 
distributed between 178 and 500 MPa (N/mm2), while a few members’ yield strength is 682 MPa 
(N/mm2). The mean measured compressive strength of the concrete (fcm) is almost uniformly 
distributed between 10 and 96 MPa (N/mm2). The length of the columns is also uniformly 
distributed between 450 and 4,000 mm, while some members’ column length is up to 5,560 mm. 
The diameter-to-thickness ratio with the effect of yield strength ((D/t)/(250/fy)) is mostly distributed 
between 8 and 100, and some values are outside of this range. 
 
Because the experiments were conducted for research purposes, some cases may not represent the 
realistic conditions of existing structures. However, the comprehensiveness of the database enables 
us to cover a wide range of parameter values. The database lacks uniformity regarding some of the 
key parameters because it was randomly assembled from numerous test results in the literature. 
This should be carefully considered when the capacity factor calibration and reliability analysis 
results are used.  
  
 
4.  CAPACITY FACTOR CALIBRATION METHOD 
 
Based on the extensive database introduced in the previous section, we first adopt the statistical 
method proposed by Johnson and Huang [16] to calibrate the capacity factors in the resistance 
functions of CFST stub column members in AS 5100 [3]. Although this method was originally 
developed for the calibration of the partial safety factors of short and slender concrete-encased 
composite columns under combined axial compression and uni-axial bending, this method can be 
extensively applied to the calibration of the partial safety factors or capacity factors of any 
resistance function with multiple factors. In this study, this method is selected for the following 
three reasons: 1) This method can calibrate multiple capacity factors at the same time, which is 
required for the calibration of the two capacity factors for steel and concrete in CFST columns. 2) 
This method assumes that the CFST columns’ strength follows a lognormal distribution with the 
lower limit at zero, instead of a normal distribution, and this corresponds to reality [19]. 3) This 
method considers the resistance of the CFST columns and neglects the load effect by using the First 
Order Reliability Method (FORM) sensitivity factor for resistance. Therefore, we can fully utilise 
the database introduced in the previous section, which does not have information about loading 
uncertainties. In this section, a summary of Johnson and Huang’s method is provided. It includes a 
modification to allow its application to the Australian design code format, which has capacity 
factors  instead of partial safety factors M (where  = 1/M).  
 
4.1  Capacity Factor Calibration Method 
 
Let gR(x) be a resistance function in an existing code provision, where x is a vector of the input 
parameters. In this study, gR(x) = the resistance functions in Eqs. 1 and 2, and x = {fy, f’c, do, B, L, 
…}, where the values of fy and f’c are taken as those of fym and fcm (mean-measured values).  
 
The first step in capacity factor calibration is to make the resistance function unbiased. All the 
capacity factors inside the function are taken to be unity, and the intrinsic bias is corrected using the 
following bias correction term: 

1
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i ti
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where N = the number of test results in the database, e.g., in this study, N = 445, 234, 484, and 420 
for rectangular stub columns, long rectangular columns, circular stub columns, and long circular 
columns, respectively; rei = the experimental resistance observed from the i-th test result; and rti = 
the theoretical resistance calculated from gR(xi), where xi is a set of mean-measured input 
parameters used in the i-th test. The intrinsic bias exists because the resistance function was not 
calibrated based on an extensive database. By multiplying this bias correction term with the 
resistance function, we can predict the unbiased resistance of gR(x) as follows: 

( )Rr bg x                                              (8) 

where r = a predicted resistance for a given set of x after bias correction and   is the error of the 
unbiased resistance function. The error term for each test result, i , is estimated as follows:  

ei
i

ti

r

br
                                              (9) 

where rei = the experimental resistance observed from the i-th test result and rti = the theoretical 
resistance obtained from gR(xi) using the mean measured input parameters. This error term 
represents the modelling uncertainty of the unbiased prediction model from all possible sources for 
prediction errors such as oversimplification in the design equations and the neglect of the size 
effect.  
 
The variance of r in Eq. 8 is obtained from two sources: 1) the variance of the error term (δ) in Eq. 
8, and 2) the variance of the resistance function gR(x) based on the uncertainties in the input 
parameters x. Assuming that r in Eq. 8 follows a lognormal distribution, the coefficient of variation 
of r in Eq. 8 is estimated as follows: 

 2 2
r rtV V V                                               (10) 

where Vδ = the coefficient of variation of the error term (δ); and Vrt = the coefficient of variation of 
gR(x) due to the uncertainties in the input parameters x. Vδ can be statistically estimated from δi 
(i=1,…,N) in Eq. 9, and Vrt can be estimated for each test result using a Monte Carlo simulation or 
the first-order approximation of moments [20]. To calculate Vrt, we assume that the mean values of 
the input parameters x are taken as the mean measured values in each test, and the coefficient of 
variation of the input parameters is obtained from Table 1. Note that the coefficient of variation 
(c.o.v.) of f’c is not directly provided by AS 3600/ NZS 3104 [22],[23], but the values of fcm 
according to those of f’c are provided. Therefore, the c.o.v. of f’c was inferred from the definition 
that f’c is the lower 5% fractile of fcm. The value for fcm was chosen as the average of the fcm values 
for the entire test dataset. 

Table 1. Coefficient of Variation (c.o.v.) of Basic Variables 

Variables c.o.v. References 
Yield strength of steel (fy) 0.07 [21] 
Compressive strength of concrete (f’c) 0.10 [22],[23] 
All linear dimensions (do, b, and L)  0.01 [3],[24] 
Tube thickness (t) 0.10 [24] 

 
Because we assume that r in Eq. 8 follows a lognormal distribution, the standard deviation of lnr 
(σlnr) is calculated as follows: 

 2
ln ln 1r rV                                               (11) 



172                                         W.-H. Kang, B. Uy, Z. Tao and S. Hicks        

This standard deviation is used to calculate the target design value of the resistance (rd) for a target 
reliability index β as follows: 

 2
ln ln( )exp 0.5d R r rr bg k    x                                          (12) 
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and kd = the fractile factor corresponding to β at the 75% confidence level, determined for a number 
of test data N from a non-central t-distribution. Note that the target reliability index β considers 
only the resistance, and ignores the effect of loads. In this case, AS 5104: 2005/ISO 2394:1998 
[26],[27] recommends that β be empirically estimated as R × βt, where βt = the target reliability 
considering both resistance and load effects and R = the First Order Reliability Method (FORM) 
sensitivity factor when resistance is taken as 0.8. Therefore, the design value for resistance 
corresponds to the product R = 0.8 × 3.8 = 3.04 (equivalent to the probability of the actual 
resistance falling below the design resistance of 1 in 845 = 0.0012).  
 
4.2  Determination of Capacity Factors 
 
This section provides the calculation steps of the statistical method proposed by Johnson and 
Huang [16] to estimate the multiple capacity factors for steel (ϕ) and concrete (ϕc). We assume that 
these capacity factors are defined by the product of a material independent model factor (ϕm), and 
material dependent factors ϕms for steel and ϕmc for concrete. In other words, ϕ = ϕm × ϕms for steel, 
and ϕc = ϕm × ϕmc for concrete.  
 
First, we calculate the material dependent factors (ϕms and ϕmc) by using the ratio between the 
characteristic strength and the design strength of each material. For example, the characteristic 
strength of structural steel is defined as follows: 

 2
ln lnexp 1.64 0.5

y yyk y f ff f                                              (14) 

where  

 2
ln ln 1

y yf fV                                              (15) 

and 
yfV = 0.07 from Table 1. The design strength of steel for the target reliability index β is defined 

as follows: 

 2
ln lnexp 0.5

y yyd y f ff f                                              (16) 

Then, the material dependent factor for steel, ϕms, is obtained from the ratio of Eqs. 15 and 16 as 
follows: 
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The calculations in Eqs. 14-17 are repeated for concrete to calculate the material dependent factor 
ϕmc, by replacing 

yfV with 
cf

V = 0.015, as suggested in Table 1.  
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Next, we calculate the material independent model factor (ϕm) for the i-th test result as follows: 

( , , )di R i ki rir g  x x                                             (18) 

where dir  = the target design value obtained in Eq. 12 for each test result; ϴi = the capacity 

reduction factors ϕ and ϕc for the i-th test; kix  = the characteristic strength of the materials (fy and 

fc) for the i-th test; and rix  = the input parameters, except kix , for the i-th test. In this equation, 

for the i-th test, the only unknown term is the material independent factor ϕmi inside ϴi. This term 
can easily be obtained using any numerical solver for non-linear programming. In this study, the 
Active-Set Optimisation algorithm [29] is used. We repeat this calculation for the entire test dataset 
and find the material dependent factor, ϕm by averaging ϕmi as follows:  

1

1 N

m mi
iN

 


                                             (19) 

Finally, the capacity factors are calculated as follows: 

m ms     (for steel) and c m mc    (for concrete)                             (20) 

 
 
5. INVERSE ANALYSIS METHOD FOR THE RELIABILITY ESTIMATION 

OF EXISTING DESIGN EQUATIONS 
 
In this section, an approach that is the inverse of the Johnson and Huang’s method [16] for 
estimating the reliability of existing design codes for given capacity factors is proposed. It can be 
used when the capacity factors are known but the corresponding reliability index is unknown. This 
inverse approach is useful in quantifying the conservatism of the design equations with given 
capacity factors in terms of reliability.    
 
This approach is based on inverting Johnson and Huang’s method, which was introduced in the 
previous section. Let ( , , )R k rg  x x  be a resistance function, where kx  = the characteristic 

strength of the materials; rx  = the input parameters, except kx ; and ϴ = the capacity factors which 

are given. To calculate the reliability index of an equation with known capacity factors, the 
following equation can be derived by combining Eqs. 12 and 18 for each test datum:    

 2
ln ln( )exp 0.5 ( , , )R i r r R ki ribg k g   x x x                                      (21) 

where all the terms on the left-hand side ( b , ( )R ig x , k, and ln r ) can be calculated using Eqs. 

7-13, except the target reliability index β in Eq. 13, which is also included in kd in Eq. 13. This is 
the only unknown term in this equation, and it is calculated as βi for each test result. The right-hand 
side of Eq. 21 is the design resistance, which is calculated from the design equation with the given 
capacity factors. Eq. 21 can be solved numerically for the only unknown term βi. Again, the 
Active-Set Optimisation algorithm [29] is used as a numerical solver for this nonlinear equation. 
This solving for the term βi in Eq. 21 is repeated for the complete test results, and the reliability of a 
design equation with given capacity factors is calculated as the average of the βi values as follows: 
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where N = the number of test results.  
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6.  RESULTS AND DISCUSSIONS 
 
6.1  Capacity Factor Calibration using Johnson and Huang’s Method 
 
In this section, we first use Johnson and Huang’s method summarised in Section 4 to calibrate the 
capacity reduction factors (ϕ and ϕc) in Eqs. 1 and 2. The preliminary work of this analysis can be 
found in [25], in which Johnson and Huang’s method was used to calibrate the factors for CFST 
stub columns according to the Eurocode format. For this calibration, we need to set the target 
reliability index β required in Eqs. 13 and 17. The target reliability index is related to the expected 
social and economic consequences of a design failure. According to AS 5104: 2005 [26] /ISO 
2394:1998 [27], the suggested reliability index for ultimate limit-state design is t = 3.8, which 
corresponds to a case in which the consequences of failure are great (the highest level) and the 
relative costs of safety measures are moderate (Table 2). These are equivalent to ‘Consequence 
Classes’ in EN 1990, and ‘Importance Levels’ in AS/NZS 1170 [28]. As mentioned earlier, the 
procedure in Section 4 only considers resistance, ignoring the load effect, and the target reliability 
index β is calculated as 0.8 βt = 3.04 by using a dominating resistance parameter, αR = 0.8, as 
recommended in AS 5104: 2005 [26] /ISO 2394:1998 [27]. 
 
Based on this target reliability index, the calculations in Eqs. 7-20 are conducted, and the capacity 
reduction factors for steel and concrete for rectangular and circular columns are calculated. The 
results are reported in Table 3, along with the results of the intermediate steps.     

Table 3. Results Summary for Target Reliability Index β = 3.04 
 

Section types Member types b  
Eq. (7) 

Vr
(mean) 
Eq. (10)

ϕ ϕc 

Rectangular 
Stub columns 1.06 0.14 0.82 0.77 
Long columns 1.10 0.16 0.82 0.76

Circular 
Stub columns 1.03 0.15 0.78 0.73
Long columns 1.11 0.16 0.83 0.77

 
In this table, the constant bias term b  refers to the conservatism embedded in a design equation 
calculated using Eq. 7, and the average of the coefficient of variation of the resistance function Vr 
(mean) refers to the accuracy of a given design equation, considering the modelling and parameter 
uncertainties calculated using Eq. 10. Because b  is defined in terms of the ratio between the 
experimental resistance and the theoretical resistance, if the b  of a design equation is close to 1, 
the equation has almost no conservatism. In other words, the greater the capacity factor values are, 
the more embedded conservatism there is. A large Vr (mean) value indicates large uncertainties in a 
design equation. To achieve the same target reliability with a large value of Vr (mean), the capacity 
factors should be decreased to achieve more conservatism.        
 
From the results reported in the table, long rectangular columns require slightly smaller capacity 
factors than long circular columns because they have a slightly smaller b  value with the same Vr 
(mean) values. Similarly, circular stub columns require the smallest capacity factors because they 
have the lowest b  value. The design equations for circular stub columns have almost no 
conservatism in itself as its b  value is 1.03, which is close to 1.  
 
Based on the results of this table, the overall calibrated capacity reduction factors show values for 
steel and concrete that are closer together than the values suggested in AS 5100, i.e., ϕ = 0.9, and ϕc 
= 0.6. The capacity reduction factor of steel shows a reduction, but that of concrete shows increases 
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for both rectangular and circular members. This difference can be explained by 1) the fact that the 
results in this paper were obtained based on an extensive up-to-date database with a large number 
of test results; and 2) the fact that the capacity reduction factors in AS 5100 were originally 
suggested for the separate use of steel and concrete, and they do not fully reflect the simultaneous 
behaviours of concrete and steel, such as the confinement effect of steel tubes. In Figure 2, the 
calibrated results of the capacity reduction factors in Eq. 20 are plotted for a range of target 
reliability values between 2.5 and 4.2 to demonstrate the sensitivity of the results. These plots show 
that the capacity reduction factors vary linearly according to the target reliability.  
 
Based on these results, we cannot conclude that the current AS 5100 code should be immediately 
updated because we do not know how much conservatism is embedded in the capacity factors 
provided in AS 5100. However, the interaction between concrete and steel should be carefully 
considered when the capacity reduction factors are updated because the values of the capacity 
reduction factors are closer to one another than those in AS 5100 [3] for the overall range of 
reliability indices.  
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Figure 2. Capacity Factor Versus Reliability Index for Different Member Types 
 
 
 
 
6.2  Inverse Analysis Results using the Proposed Inverse Analysis Method  
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To compare the effects of the capacity factor values calculated using Johnson and Huang’s method 
[16] and those provided in AS 5100, regarding the design equations’ reliability, the inverse analysis 
method proposed in Section 5 is utilised. For these two cases, inverse analyses have been 
performed, and the reliability for each section/member types has been calculated. The results are 
listed in Table 4. In this table, we can first confirm that, for all cases, the capacity factors obtained 
using Johnson and Huang’s method provide reliability indices similar to the target reliability index, 
β = 3.04, as expected, while the capacity factors given by AS 5100 provide much higher reliability 
indices that are close to 3.40. Here, the slight fluctuations in the values around 3.04 for the capacity 
factors calculated from Johnson and Huang’s method are caused by the error produced by the 
numerical solvers and the averaging procedures in Eqs. 19 and 22, where the scattering of the 
calculated values is neglected. These results are also illustrated in Figure 3 as a bar graph. In this 
graph, the dotted lines show the reliability index β = 3.04. Johnson and Huang’s method’s capacity 
factors provide reliability around this dotted line while the capacity factors provided in AS 5100 
provide greater reliability around a value of 3.4, indicating greater conservatism. In addition, 
different section/member types of CFST columns provide different reliability indices based on type 
because the design equations themselves have different embedded conservatisms and accuracies for 
different column types.    
 
The conservatism of the capacity factors provided by AS 5100 can also be clearly confirmed by the 
following analyses. Here, we calculate the optimal capacity factors for the target reliability index, β 
= 3.04, but we fix one of the capacity factors as the value provided in AS 5100 and calculate the 
other factor. For example, we fix the capacity factor for steel as 0.9 and calculate the remaining 
capacity factor for concrete, or we fix the capacity factor for concrete as 0.6 and calculate the 
remaining capacity factor for steel. From this analysis, we can confirm that the design equations are 
conservative if the calculated capacity factor has greater values than those in AS 5100 for the target 
reliability index, β = 3.04, and vice versa. For these analyses, all the calculations in Eqs. 7-13 are 
used in a same manner, but the remaining calculation steps in Eqs. 14-20 are modified so as to be 
simpler because we only estimate a single capacity factor. The calculation steps and assumptions 
used in Eqs. 14-17 are not needed in this analysis, because they are only needed for multiple 
capacity factor calculation, and in Eq. 18, the unknown term ϕmi inside ϴi is replaced by ϕi for steel 
or ϕci for concrete for the i-th test. Again, to solve for ϕi or ϕci, any numerical solver designed for 
non-linear programming can be used, and in this study, the Active-Set Optimisation algorithm [29] 
is used.  

Table 4. Calculated Reliability Indices from the Inverse Analysis 

Section types Member types Capacity factors Reliability index (β) 

Rectangular 

Stub columns 
Johnson and Huang, ϕ = 0.82, ϕc = 0.77 3.06 

AS 5100, ϕ = 0.9, ϕc = 0.6 3.43 

Long columns 
Johnson and Huang, ϕ = 0.82, ϕc = 0.76 3.02 

AS 5100, ϕ = 0.9, ϕc = 0.6 3.44 

Circular 

Stub columns 
Johnson and Huang, ϕ = 0.78, ϕc = 0.73 2.97 

AS 5100, ϕ = 0.9, ϕc = 0.6 3.49 

Long columns 
Johnson and Huang, ϕ = 0.83, ϕc = 0.77 3.00 

AS 5100, ϕ = 0.9, ϕc = 0.6 3.36 

 
 
The analysis results are plotted in Figures 4 and 5, where one capacity factor is calculated for a 



                                     Design Strength of Concrete-Filled Steel Columns                                   177 

 

range of target reliability values between 2.5 and 4.2 when the other factor is fixed to the value 
provided in AS 5100. Figure 4 shows the results when the capacity factor for steel is fixed at 0.9 
and the factor for concrete is calculated. Figure 5 shows the results when the capacity factor for 
concrete is fixed at 0.6 and the factor for steel is calculated. For all results in Figure 4, the 
calculated capacity factor for concrete is always greater than 0.6 for the target reliability index, β = 
3.04. This means that the capacity factors given in AS 5100 provide higher reliability than the 
target reliability, implying more conservatism. This observation is also supported by Figure 5, and 
the calculated capacity factor for steel is always greater than that provided in AS 5100 for the target 
reliability index, β = 3.04. These results are consistent with the inverse reliability analysis results in 
Table 4 and Figure 3.            

Table 5. Conservatism and Uncertainties after applying Capacity Factors 

Section types 
Member 

types Capacity factors b  
Eq. (7) 

Vr 
(mean) 
Eq. (10)  

(before applying 
capacity factors) 

Vr 
(mean) 
Eq. (10) 

Rectangular 

Stub 
columns 

Johnson and Huang, ϕ = 0.82, ϕc = 0.77 1.33 
0.14 

0.14 

AS 5100, ϕ = 0.9, ϕc = 0.6 1.40 0.16 

Long 
columns 

Johnson and Huang, ϕ = 0.82, ϕc = 0.76 1.43 
0.16 

0.16 

AS 5100, ϕ = 0.9, ϕc = 0.6 1.54 0.18 

Circular 

Stub 
columns 

Johnson and Huang, ϕ = 0.78, ϕc = 0.73 1.37 
0.15 

0.15 

AS 5100, ϕ = 0.9, ϕc = 0.6 1.50 0.15 

Long 
columns 

Johnson and Huang, ϕ = 0.83, ϕc = 0.77 1.46 
0.16 

0.18 

AS 5100, ϕ = 0.9, ϕc = 0.6 1.54 0.18 
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Figure 3. Comparison of Reliability Indices for Different Capacity Factors 
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To see the conservatism of the capacity factors for both steel and concrete in AS 5100, similar 
analyses have been performed by fixing the capacity factor for steel at 0.93, which is a slightly 
increased value from that in AS 5100. This value was chosen to confirm if the capacity factor for 
concrete is still greater than the value provided in AS 5100 when using this slightly increased value 
in the capacity factor for steel. The analysis results are plotted in Figure 6, and again, for all 
section/member types, the calculated capacity factor for concrete for the target reliability index, β = 
3.04 is still greater than 0.6, which is the value provided in AS 5100. These results imply that the 
capacity factors provided in AS 5100 are conservative compared to the target reliability suggesting 
both capacity factors can be slightly increased to create an optimal design.   
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Figure 4. Capacity Factor Versus Reliability Index when  

the Capacity Factor for Steel is Fixed at 0.9. 
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Figure 5. Capacity Factor Versus Reliability Index when  
the Capacity Factor for Concrete is Fixed at 0.6 

 
6.3  The Effect of Multiple Unbalanced Capacity Factors  
 
Johnson and Huang’s method [16] and the inverse analyses in the previous sections assumed that 
the modelling and parameter uncertainties were same before and after the application of the 
capacity factors. However, they did not consider any additional uncertainties created after applying 
the capacity factors to the theoretical equations. In the original form of a theoretical equation, no 
capacity factors are considered, or it is assumed that all the capacity factors are equal to unity, and 
all the modelling and parameter uncertainties are estimated based on this form. However, if we 
apply different capacity factor values to different materials in a composite member, this will create 
an imbalance between the predicted strengths of these materials. This imbalance will create 
additional uncertainties because it will change the design equations’ accuracies and propagate 
parameter uncertainties in a different manner. Therefore, in this study, we repeat the inverse 
analysis carried out in the previous section by recalculating the parameter and modelling 
uncertainties after applying the capacity factors. Because the application of imbalanced capacity 
factors for steel and concrete strengths will change the accuracy of the design equations, the 
uncertainties need to be updated accordingly. 
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Figure 6. Capacity Factor Versus Reliability Index when  

the Capacity Factor for Steel is Fixed to be 0.93 
 
To investigate the effect of these additional uncertainties created via the application of different 
capacity factors for different materials, the inverse analysis proposed in Section 5 has been repeated, 
but the resistance function gR(x) in Eqs. 7-10 have been replaced by ( , )Rg x , where x = the 

mean-measured input parameter values and ϴ = the applied capacity factors. Due to this change, the 
values of b  in Eq. 7 and Vr in Eq. 10 are updated as shown in Table 5. In this table, the constant 
bias term b  refers to the updated conservatism of a design equation, and Vr (mean) refers to the 
updated accuracy of a design equation. For all section/member types, the b  values are greater 
than those in the previous inverse analysis because the design equations now have more 
conservatism after applying capacity factors. The Vr (mean) values are increased or remain the 
same after applying the capacity factors, because the accuracy of the imbalanced equations has 
been changed due to the application of these factors.   
 
After applying the capacity factors provided by AS 5100, the reliabilities for all section/member 
types have been reduced to values close to the target reliability index, β = 3.04, except for the 
equations for circular stub columns (Table 6). This exception occurred because the Vr (mean) value 
for the equations for circular stub columns did not increase after applying the capacity factors 
provided by AS 5100, while the Vr (mean) values for the other cases were increased. The increase 
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in the Vr (mean) values indicates an increase of modelling error or a decrease of accuracy, and this 
reduces the reliability of equations. The application of different constant values to the steel and 
concrete strength predictions in an unbalanced manner decreases the accuracy of the equations, 
except for those related to circular stub columns. It is also noted that the application of the capacity 
factors obtained from the Johnson and Huang’s method decreases the accuracy of the equations for 
long circular columns and these values cannot achieve the target reliability index, β = 3.04, after 
considering the increased uncertainties caused by the application of the capacity factors obtained 
from Johnson and Huang’s method. The reliability indices after applying the capacity factors are 
also represented as a bar graph in Figure 7.   
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Figure 7. Comparison of Reliability Indices for Different Capacity Factors  

after applying Capacity Factors 
 
It is observed that the capacity factors for composite columns in AS 5100 yield almost the same 
target reliability suggested in AS 5104: 2005 [26] /ISO 2394:1998 [27] after considering the 
additional uncertainties created via the application of the capacity factors. These results show that 
the current capacity factor values in AS 5100 for CFST columns need to be maintained. However, 
this is due to the significant reduction in the accuracy of the design equations that reduce the large 
conservatism embedded in these factors, which concludes that these factors are not optimally 
calibrated for cost-safety balanced design. In addition, the results in this paper and the parameter 
distributions shown in Figure 1 demonstrate that the existing design equations can be safely 
extended to cover a wider scope than is currently considered in either EC 4 or AISC, as follows: 
 

 Rectangular hollow sections 
o 200 MPa < fym < 460 MPa 
o 20 MPa < fcm < 100 MPa 
o Depth h to width B ratio of the composite cross section 1.0 < h/D < 2.0 

o Max h/t = 125
yf

250
 

 Circular hollow sections 
o 180 MPa < fym < 680 MPa 
o 20 MPa < fcm < 100 MPa 

o Max D/t = 225
250

yf

 
  
 
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7.  CONCLUSIONS  
 
The aim of this paper was to attempt to improve the practical applications of CFST members by 
re-calibrating the capacity reduction factors in AS 5100 [3] and investigate the effect of these 
factors and the factors given by AS 5100. The factor calibration method developed by Johnson and 
Huang [16] was used to re-calibrate the capacity factors for CFST columns in AS 5100, based on 
the extensive database developed by Tao et al. [7], which contains 1,583 test results for CFST 
columns. In addition, an inverse analysis procedure based on Johnson and Huang’s method was 
proposed in order to estimate the reliability of design equations with known capacity factors. Using 
these methods, first, the capacity factors for CFST columns in AS 5100 were calibrated, and the 
results showed that the values of the capacity reduction factors are closer to each other than those in 
AS 5100. Second, the proposed inverse analysis procedure was used to estimate the reliability of 
the equations in AS 5100, and the results showed that the current capacity factors given in AS 5100 
provide more conservatism, represented by a higher reliability than the target reliability suggested 
in AS 5104: 2005 [26] /ISO 2394:1998 [27]. Lastly, the inverse analysis was repeated considering 
the additional uncertainties created from the application of the capacity factors. It was observed that 
the application of different constant values to the steel and concrete strength predictions in an 
unbalanced manner decreases the accuracy of the equations in most cases, and the capacity factors 
for composite columns in AS 5100 give almost the same target reliability as that suggested in AS 
5104: 2005 [26] /ISO 2394:1998 [27]. After taking all the results into consideration, the current 
capacity factor values in AS 5100 for CFST columns are adequate with regards to safety and can be 
maintained to meet the target reliability suggested in the current design codes. However, it should 
also be noted that this is due to the significant reduction in the accuracy of the design equations that 
reduce the large conservatism embedded in these factors, which leads to the conclusion that they 
are not optimal for cost-safety balanced design. For future research, further development of the 
capacity factor calibration method would be advantageous in order to incorporate the uncertainties 
caused by the imbalance between the predicted strengths of these materials as observed from the 
analysis of the proposed inverse method for estimating the reliability of capacity prediction models. 
It should also be noted that although these studies have been carried out for the purposes of the 
Australian Standards, they have important ramifications for international codes of practice 
regarding structural composite members such as with EC 4 [4], AISC [5], and the code of practice 
in Hong Kong [6].  
 
 
ACKNOWLEDGMENTS 
 
This work is supported by the Australian Research Council (ARC) under its Discovery project 
(Project No: DP120101944). The authors wish to thank Dr Douglas Goode, the University of 
Manchester, UK, and Professor Roberto T Leon, Virginia Tech, USA for providing the initial 
column databases.  
 
 
REFERENCES 
 
[1] Shams, M. and Saadeghvaziri, M.A., “State of the Art of Concrete-filled Steel Tubular 

Columns”, ACI Structural Journal, 1997, Vol. 94, No.5, pp. 558-571. 
[2] Chitawadagi, M.V., Narasimhan, M.C. and Kulkarni, S., “Axial Capacity of Rectangular 

Concrete-filled Steel Tube Columns-DOE Approach”, Construction and Building Materials, 
2010, Vol. 24, No. 4, pp. 585-595. 

[3] Standards Australia International Ltd., “AS 5100.6:2004 Bridge Design, Part 6: Steel and 
Composite Construction”, New South Wales, Australia, 2004. 



                                     Design Strength of Concrete-Filled Steel Columns                                   183 

 

[4] British Standards Institution, “BS EN 1994-1-1:2005 Eurocode 4: Design of Composite 
Steel and Concrete Structures”, Part 1-1. London, UK, 2005. 

[5] American Institute of Steel Construction, “Specification for Structural Steel Buildings. 
ANSI/AISC 360-10”, Chicago, IL, USA, 2010. 

[6] Buildings Department of Hong Kong, “Code of Practice for Structural Use of Steel”, 
Buildings Department, the HKSAR Government. Hong Kong, 2005. 

[7] Tao, Z., Uy, B., Han, L.H. and He, S.H., “Design of Concrete-filled Steel Tubular Members 
According to the Australian Standard AS 5100 Model and Calibration”, Australian Journal 
of Structural Engineering, 2008, Vol. 8, No. 3, pp. 197-214. 

[8] Goode, C.D., “A Review and Analysis of over One Thousand Tests on Concrete Filled Steel 
Tube Columns”, Proceedings of 8th International Conference on Steel-Concrete Composite 
and Hybrid Structures, Harbin, China, 2006, August 12-15. 

[9] Wu, F.Y., “Compressive Behaviour of Recycled Concrete-filled Steel Tubes”, Masters 
Thesis, College of Civil Engineering, Fuzhou University, China, 2006. (in Chinese). 

[10] Gupta, P.K., Sarda, S.M. and Kumar, M.S., “Experimental and Computational Study of 
Concrete Filled Steel Tubular Columns under Axial Loads”, Journal of Constructional Steel 
Research, 2007, Vol. 63, No. 2, pp. 182-193. 

[11] Lue, D.M., Liu, J.L. and Yen, T., “Experimental Study on Rectangular CFT Columns with 
High-Strength Concrete”, Journal of Constructional Steel Research, 2007, Vol. 63, No. 1, 
pp. 37-44. 

[12] Tao, Z., Han, L.H. and Wang, D.Y., “Experimental Behaviour of Concrete-filled Stiffened 
Thin-walled Steel Tubular Columns”, Thin-Walled Structures, 2007, Vol. 45, No. 5, pp. 
517-527. 

[13] Yu, Z.W., Ding, F.X. and Cai, C.S., “Experimental Behavior of Circular Concrete-filled 
Steel Tube Stub Columns”, Journal of Constructional Steel Research, 2007, Vol. 63, No. 2, 
pp. 165-174. 

[14] Yang, Y.F. and Han, L.H., “Concrete Filled Steel Tube (CFST) Columns Subjected to 
Concentrically Partial Compression”, Thin-Walled Structures, 2012, Vol. 50, No. 1, pp. 
147-156. 

[15] Chang, X., Fu, L., Zhao, H.B. and Zhang, Y.B., “Behaviors of Axially Loaded Circular 
Concrete-filled Steel Tube (CFT) Stub Columns with Notch in Steel Tubes”, Thin-Walled 
Structures, 2013, Vol. 73, pp. 273-280. 

[16] Johnson, R.P. and Huang D., “Statistical Calibration of Safety Factors for Encased 
Composite Columns”, Composite Construction in Steel and Concrete III, ASCE, New York, 
1997, pp. 380-391. 

[17] Yu, Q., Tao, Z. and Wu, Y.X., “Experimental Behaviour of High Performance 
Concrete-filled Steel Tubular Columns”, Thin-Walled Structures, 2008, Vol. 46, No. 4, pp. 
362-370. 

[18] Chen, Z., Zhu, J. and Wu, P., “High Strength Concrete and its Application”, Beiing, China, 
Tsinghua University Press, 1996. (in Chinese). 

[19] Gulvanesian, H. and Holicky, M., “Annex C – Calibration Proceedure”, Leondardo DaVinci 
Pilot Project CZ/02/B/F/PP-134007, Handbook 2-Reliability Backgrounds, 2005.  

[20] Ang, A.H.S. and Tang, W.H., “Probability Concepts in Engineering: Emphasis on 
Applications to Civil and Environmental Engineering”, New York, John Wiley & Sons, 
2007. 

[21] Joint Committee on Structural Safety, JCSS Probabilistic Model Code, 
http://www.jcss.byg.dtu.dk/, 2001. 

[22] Standards Australia International Ltd., “AS 3600:2009 Concrete Structures”, New South 
Wales, Australia, 2009. 

[23] Standards New Zealand, “NZS 3104: 2003 Specification for Concrete Production”, 
Wellington, New Zealand, 2003. 



184                                         W.-H. Kang, B. Uy, Z. Tao and S. Hicks        

[24] Standards Australia/Standards New Zealand, “AS/NZS 1163:2009 Cold-Formed Structural 
Steel Hollow Sections”, Sydney, Australia, 2009.  

[25] Kang, W.H., Uy, B., Tao, Z. and Hicks, S., “Statistical Safety Factor Calibration of Short 
Concrete-filled Steel Tubular Columns”, Proceedings of the 22nd Australasian Conference 
on the Mechanics of Structures and Materials, ACMSM 22, Sydney, Australia, 2012, 
December 11-14. 

[26] Standards Australia International Ltd., “AS 5104: 2005 General Principles on Reliability for 
Structures”, New South Wales, Australia, 2005. 

[27] International Organization for Standardization, “ISO 2394:1998 General Principals on 
Reliability for Structures”, Geneva, 1998.  

[28] Standards Australia International Ltd., “AS/NZS 1170.0: 2002 Structural Design Actions – 
General Principles”, New South Wales, Australia, 2002. 

[29] Nocedal, J and Wright, S., “Numerical Optimization. 2nd ed.”, Berlin, New York: 
Springer-Verlag, 2006, ISBN 978-0-387-30303-1. 

 
 
 
 
 
 



                                Advanced Steel Construction Vol. 11, No. 2, pp. 185-210 (2015)                            185 

LOAD-CARRYING CAPACITY OF SINGLE-ROW STEEL 
SCAFFOLDS WITH VARIOUS SETUPS 

 
Jui-Lin Peng1,*, Chung-Ming Ho2, Chen-Chung Lin3 and Wai-Fah Chen4 

 
1 Professor, Department of Construction Engineering,  

National Yunlin University of Science and Technology, Yunlin, Taiwan, ROC. 
2 Ph.D. Student, Graduate School of Engineering Science and Technology,  

National Yunlin University of Science and Technology, Yunlin, Taiwan, ROC. 
3 Associate Researcher, Institute of Occupational Safety and Health, Council of Labor Affairs,  

Executive Yuan, Taiwan, ROC. 
4 Professor, Department of Civil and Environmental Engineering, University of Hawaii at Manoa, Hawaii, USA. 

(Corresponding author: E-mail: peng.jl@msa.hinet.net) 
 

Received: 19 February 2014; Revised: 16 May 2014; Accepted: 30 June 2014 

 
ABSTRACT: Factors such as high headroom and large spans explain why some areas of a reinforced concrete 
building, including the entrance lobby of a hospital or the stage area of an auditorium, often require large-scale 
isolated reinforced concrete beams to support the weight passed down from the slab.  On a construction site, 
single-row steel scaffolds are often set up underneath these isolated beams to function as falsework.  The setup 
method of these steel scaffolds is unique and design-related information is lacking.  Single-row steel scaffolds are 
often set up on a construction site based on the construction experience of workers, explaining the occasional 
collapses of steel scaffolds underneath the isolated beams.  Therefore, this study closely examine why single-row 
steel scaffolds collapse.  Experimental results indicate that treating the variation of headroom under the isolated 
beams involves using single-row steel scaffolds with different setups.  The load-carrying capacities of one-bay, 
two-story door-type steel scaffolds (2D) closely resemble those of one-bay, three-story door-type steel scaffolds 
(3D).  When multi-bay setups are used, the load-carrying capacities of two-story door-type steel scaffolds (2D) 
increase with the number of bays.  Similarly, when multi-bay setups are used, the load-carrying capacities of 
one-door, one-square, two-rectangle steel scaffolds (DS2R) also increase with the number of bays.  Although the 
height of the DS2R setup exceeds that of the 2D setup, the load-carrying capacity of the DS2R setup is still higher 
than that of the 2D setup. This finding demonstrates that structural stiffness of the combined setup of steel scaffolds 
is higher than that of two-story door-type steel scaffolds.  A more convenient design of the strength of steel 
scaffolds is possible by quickly estimating the load-carrying capacity of a single-row, multi-set steel scaffolds based 
on that of single-row, one-set steel scaffolds.  By applying the second loading, this study also simulates the 
load-carrying capacity of the steel scaffolds using reusable materials in the worst condition in order to obtain the 
strength reduction factors of the reusable steel scaffolds.  When designing the strength of single-row reusable steel 
scaffolds, designers may select proper strength reduction factors with different standard deviations based on project 
fund and safety requirements.  Moreover, steel scaffolds with defects randomly selected from the construction site 
are evaluated.  Test results indicate that the load-carrying capacities of the steel scaffolds with defects exceed those 
of the reusable steel scaffolds in the worst condition.  This finding suggests that the strength of the steel scaffolds 
with defects is still reusable.  The vertical displacements of various setups of steel scaffolds under maximum load 
provide a valuable reference for contractors in designing the isolated reinforced concrete beams when construction 
accuracy must be considered.  The results of this study significantly contribute to efforts to determine related 
parameters in follow-up numerical analyses in the future. 

Keywords: Load-carrying capacity, Scaffold, Single-row setup, Steel scaffold 

 
1.  INTRODUCTION 
 
Owing to the internal layout of a building, large-scale reinforced concrete beams are often designed 
to bear the load from the top of the structure.  Notable examples include beams at the entrance 
lobby of a hospital or an exhibition hall (Figure 1), beams above the stage area of an auditorium for 
hanging lighting devices, and beams used in the semi-prefabrication building adopted for building 
tech-factories or shopping malls that must be completed in a short period of time.  Underneath 
these beams and in a longitudinal direction, contractors often set up single-row steel scaffolds with 
various setups to support the weight of the fresh concrete within the beams. 
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Figure 1. Setup of Single-row Steel Scaffolds Underneath the Beam of the  
Entrance Lobby of a Hospital during Construction 

 
In a construction project, when steel scaffolds are frequently used as falsework to support the 
weight of the fresh reinforced concrete of beams and slabs on the construction site, steel scaffolds 
are usually set up as large-scale multi-row scaffolding systems.  The contractor generally connects 
the multi-row steel scaffolds with horizontal stringers to function as a reinforcement in order to 
enhance the overall strength of the steel scaffolding structure. 
 
Unlike the above-mentioned multi-row, single-type steel scaffolds reinforced with horizontal 
stringers, the steel scaffolds underneath an isolated beam are usually arranged as a single-row type 
of steel scaffolds with various setups.  These single-row setups lead to structural behaviors that 
differ from those of multi-row steel scaffolds.  If the designers fail to determine the variation of 
strength between single-row and multi-row steel scaffolds, the fault may lead to an extremely high 
collapse risk of the single-row steel scaffolds. 
 
Figure 2 shows the collapse scene of single-row steel scaffolds underneath the beam of the entrance 
lobby of a new hospital during construction in central Taiwan.  Figure 3 shows the collapse scene 
of single-row steel scaffolds underneath the beam of a shopping mall in a semi-prefabrication 
construction in central Taiwan.  Figure 4 shows the collapse scene of single-row steel scaffolds 
underneath the beam of the auditorium of a university during construction in central Taiwan.  The 
frequent occurrence of accidents involving the collapse of single-row steel scaffolds warrants an 
investigation of the load-carrying capacities and failure modes of single-row steel scaffolds. 

 
 

The structural behaviors of falsework have been extensively studied.  In terms of analytical study 
on steel scaffolds, Zhang and Rasmussen et al. (2010) analyzed the variability of parameters related 
to steel scaffolds, including joint stiffness, initial geometric imperfection, yield stress, and load 
eccentricity. That study also obtained the structural strength of the steel scaffolding structures based 
on Monte Carlo simulation.  Zhang and Rasmussen et al. (2012) also investigated the failure 
modes of steel scaffolds, the effect of different random variables on structural strength and the 
reliability analysis of scaffolding structures. Chan et al. (2003) conducted nonlinear analyses on the 
shoring structures that did not assume an effective length. Based on stability functions, while 
adopting the notional disturbance force and considering the P-δ and P-Δ effects, the analytical 
method accurately estimates the load-carrying capacities of scaffolding structures with nonlinear 
analyses. Chan and Peng (2000) developed a computer method for stability analysis and design of 
slender scaffolding systems. The concept of system instability in place of the conventional method 
checking member buckling in K-factor was utilized. The new method carries a potential widely 
used by structural engineers for design of scaffolding systems. 
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Figure 2. Collapse Scene of Single-row Steel Scaffolds Underneath the Beam of the Entrance 

Lobby of Chayi Tzu-Chi Hospital during Construction in Chayi County, Taiwan 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3. Collapse Scene of Single-row Steel Scaffolds of RT-mart Mall under 
Semi-prefabrication Construction in Zhanghua County, Taiwan 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4. Collapse Scene of Single-row Steel Scaffolds Underneath the Beam of the 
Auditorium of Mingdao College of Management during Construction in Zhanghua County, Taiwan 
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While studying modular frame-type scaffolds, Weesner and Jones (2001) conducted load-carrying 
capacity tests on four modular frame-type scaffolds. That study also conducted eigenbuckling and 
geometrically nonlinear analyses of their load-carrying capacities by the analytical program 
ANSYS.  Yu et al. (2004) examined the load-carrying capacities of multi-story modular door-type 
steel scaffolds through means of nonlinear analyses and loading tests.  According to their results, 
boundary conditions of the U-shaped screw jacks and base screw jacks significantly affect the 
load-carrying capacity of the scaffolding structures.  Huang et al. (2000) simplified the 2-D finite 
element analysis model of door-type steel scaffolds and, in doing so, obtained a closed-form 
solution of the simplified model.  This closed-form solution is related to the number of stories, 
material properties, and section properties of the steel scaffolds. 
 
Peng et al. (1996a) developed basic structure models of the “door-type steel scaffold system” and 
“steel scaffold system with wooden shores”.  That study also explored the structural behaviors and 
failure modes of the unit setup of these two structure models with second order analyses.  Peng et 
al. (1996b) examined the structural design guidelines of the “door-type steel scaffold system” and 
“steel scaffold system with wooden shores”.  That study also explored the variation of 
load-carrying capacities and failure modes between these two structural systems.  Peng et al. 
(2010) conducted loading tests on two-story systems with wooden shores or adjustable steel shores 
based on construction site setups in order to determine why these two-story systems collapse and 
propose suggestions on how to improve their load-carrying capacities. 
 
Peng et al. (1997) explored how joint stiffnesses, boundary conditions, and initial eccentricities 
affect the load-carrying capacities of steel scaffolds through second-order elastic analyses with 
semi-rigid joints.  That study also studied the variation of the load-carrying capacities between 
2-D and 3-D structural analyses.  In addition to developing a simplified analysis model for a steel 
scaffold system with wooden shores, Peng et al. (1998) obtained an analytical solution of the 
simplified model based on the stability theory. That study also explored how the leaning column 
effect influences the load-carrying capacities of steel scaffold systems.  That study also established 
the relationship between first-order analysis and second-order analysis, as well as proposed design 
steps for the structural design of steel scaffolds. 
 
Peng et al. (2001) developed an approximation method based on exact moment-curvature relations 
to analyze the strength of the steel tubes of the scaffolds under an axial load.  Based on the 
deduced formula, that study also developed a load-deflection curve, which closely resembled the 
test results.  Importantly, that study are conducive to confirming the quality of factory-fabricated 
steel scaffold components.  Additionally, Peng et al. (2007) explored the load-carrying capacities 
of different setups of steel scaffold structural systems under different loads.  While the setups of 
steel scaffolds included rectangular, L-shaped and U-shaped types, the second-order analysis was 
also performed on different loads, including uniform loads, various geometry-dependent loads, and 
time-dependent incremental loads. 
 
While studying tube & coupler scaffolds, Liu et al. (2010a) and Liu et al. (2010b) conducted 
loading tests and ANSYS numerical analyses on full-size tube & coupler scaffolds with and without 
cross-brace respectively.  This study explored the load-carrying capacities and failure modes of 
the tube & coupler scaffolds with different setups.  While studying system scaffolds, Peng et al. 
(2009) conducted second-order analyses and loading tests on system scaffolds.  That study also 
explored the load-carrying capacities and failure modes of the system scaffolds with different 
setups and under various situations such as number of stories, joint stiffnesses and boundary 
conditions. 
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Above falsework-related studies focus mainly on various scaffolding structures, including modular 
frame-type scaffolds, door-type steel scaffolds, tube & coupler scaffolds, and system scaffolds, with 
one-bay or multi-row setups.  However, single-row steel scaffolds with different setups have 
seldom been studied.  The results of those studies on steel scaffolds can only serve as a reference 
for estimating the load-carrying capacities of single-row steel scaffolds with various setups.  
Therefore, investigating the load-carrying capacities and failure modes of single-row steel scaffolds 
with various setups is of priority concern. 
 
 
2.  RESEARCH OBJECTIVE AND CONTENTS 
 
This study explores the structural behaviors of single-row steel scaffolds by conducting loading 
tests based on various scaffold setups commonly used in construction sites.  In addition to 
providing the dimensions and elastic modulus of the steel scaffolds, test results of this study 
provide a valuable reference for determining related parameters in follow-up numerical analyses, 
including the bending moment stiffnesses of scaffold joints, U-shaped screw jacks and base screw 
jacks.  Hopefully, results of this study can facilitate efforts to improve the structural design of 
single-row steel scaffolds with various setups, ultimately reducing the collapse risks of these 
scaffolding structures.  In particular, this this study focuses on the following objectives: 
 determine the load-carrying capacities and failure modes of single-row, one-bay steel scaffolds 

with various setups to function as the basis for strength comparison; 
 determine the load-carrying capacities and failure modes of single-row, multi-bay steel scaffolds 

with various setups; 
 estimate the load-carrying capacities of single-row, multi-set scaffolds based on those of 

single-row, one-set scaffolds; 
 determine the load-carrying capacities and failure modes of steel scaffolds with various setups in 

the worst quality condition on construction sites; 
 determine the difference of load-carrying capacities between the steel scaffolds with defects and 

those in the worst quality condition on construction sites; and 
 determine the vertical displacements of multi-bay steel scaffolds with various setups at failure to 

facilitate efforts to accurately control beam deformation. 
 
 

3.  TEST PLANNING 
 
This study attempts to accurately reflect the conditions on construction sites by using three setups 
of single-row steel scaffolds: one-bay (i.e., two-set) steel scaffolds, multi-bay steel scaffolds, and 
one-bay steel scaffolds with defects.  Two loadings are applied to each setup of steel scaffolds in 
the test.  The first loading is applied to obtain the load-carrying capacity of each setup of steel 
scaffolds.  After unloading, each setup of steel scaffolds is reset and, then, the load-carrying 
capacity of the steel scaffolds in the worst condition on the construction site is determined using the 
second loading. 

 
3.1  One-bay Steel Scaffolds 
 
In this study, tests are performed on one-bay steel scaffolds to provide a reference for tests on 
single-row steel scaffolds.  These tests are conducted on various one-bay steel scaffolds with 
different heights to explore the correlation between the load-carrying capacity and change in the 
number of stories of steel scaffolds.  The steel scaffolds used in the tests consist of a 170.00 cm 
high door scaffold (D), 91.30 cm high square scaffold (S), and 49.00 cm high rectangle scaffold (R) 
(Figure. 5). 
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Figure 5. Dimensions of Members of Steel Scaffolds 
 
Tests of one-bay, two-story door-type steel scaffolds (2D) are conducted on a setup consisting of 
two 170.00 cm high door-type steel scaffolds.  The top and bottom of the scaffolding structure are 
attached with a 10.00 cm U-shaped screw jack and a base screw jack, respectively, and the 15.00 
cm I-shaped steels are placed in the U-shaped screw jack.  The scaffolding structure is reinforced 
with cross-brace on both sides of each story, and the total height of the scaffold system is 375.00 
cm (=15.00+10.00+170.00+170.00+10.00).  Figure 6(A) shows the setup of the entire scaffold.  
Unless otherwise specified, the top and bottom arrangements as well as the cross-brace 
reinforcement for other one-bay steel scaffolds under test are the same.  The total height of 
one-bay, three-story door-type steel scaffolds (3D) is 545.00 cm (=15.00+10.00+170.00+ 
170.00+170.00+10.00).  Also, the setup of the three-story scaffolding structure is similar to that of 
the two-story door-type steel scaffolds, as shown in Figure 6(B).  Figure 6 also shows the xyz 
coordinates to explain the deformation direction of the steel scaffolds, with y-z plane indicating 
“the in-plane” and x-z plane indicating “the out-of-plane.” 
 
Figure 7(A) shows a combined setup of (bottom-up) one door, one square and one rectangle steel 
scaffolds (DSR) with a total height of 345.30 cm (=15.00+10.00+49.00+91.30+170.00+10.00).  
Figure 7(B) shows a combined setup of (bottom-up) one door, one square and two rectangle steel 
scaffolds (DS2R) with a total height of 394.30 cm (=15.00+10.00+49.00+49.00+91.30+ 
170.00+10.00).  Figure 7(C) shows a combined setup of (bottom-up) two door, one square and one 
rectangle steel scaffolds (2DSR) with a total height of 515.30 cm (=15.00+10.00+49.00+ 
91.30+170.00+170.00+10.00). 
 
3.2  Multi-bay Steel Scaffolds 
 
The setups of single-row, multi-bay steel scaffolds differ from each other, depending on the 
cross-section dimensions and the beam length.  For a beam with smaller cross-sections and 
lengths, the multi-bay steel scaffolds can be set up with larger spans since the beam weight is light.  
As shown in Figure 8, span of the steel scaffolds is 183.00 cm.  For a beam with larger 
cross-sections and lengths, multi-bay steel scaffolds can be set up with smaller spans and an 
overlap installation since the beam weight is heavy.  As shown in Figure 9, span of the steel 
scaffolds is reduced to 91.50 cm. 
 
Figures 10(A) to 10(C) show the setups of two-story, multi-bay steel scaffold systems with a total 
height of 375.00 cm (=15.00+10.00+170.00+170.00+10.00).  Figure 10(A) shows the setup of a 
two-story, two-bay steel scaffold system (2D-2B) with a total length of 366.00 cm (183.00 cm for 

Door Scaffold Square Scaffold Rectangle Scaffold 

A-A: Vertical member 
B-B: Horizontal member 
C-C: Diagonal brace  
 
Unit: cm 170.00

91.50 

B 

B 

A A 

C 
C 

B

B

AA

91.50

91.30

AA

B 

B 

91.50 

49.00 



                            Load-carrying Capacity of Single-row Steel Scaffolds with Various Setups                       191 

 

each span) (=2×183.00).  The top and bottom of the scaffolding structure are attached with a 10.00 
cm U-shaped screw jack and base screw jack, respectively; in addition, a 15.00 cm I-beam is placed 
in the U-shaped screw jack.  The scaffolding structure is reinforced with a cross-brace on both 
sides of each story.  A 6.00 m long, 20.00 cm high I-shaped steel is attached on the top of the 
15.00 cm I-beams to connect the two-bay scaffolds.  Unless otherwise specified, the setup 
arrangements for other multi-bay steel scaffolds under the test are the same.  Figure 10(B) shows 
the setup of two-story, three-bay steel scaffold system (2D-3B) with a total length of 274.50 cm 
(=3×91.50) (91.50 cm for each span).  Figure 10(C) shows the setup of a two-story, four-bay steel 
scaffold system (2D-4B) with a total length of 366.00 cm (=4×91.50) (91.50 cm for each span). 
 
Figures 11(A) to 11(C) show the setups of (bottom-up) one-door, one-square, two-rectangle, 
multi-bay steel scaffold systems with a total height of 394.30 cm 
(=15.00+10.00+49.00+49.00+91.30+170.00+10.00).  Figure 11(A) shows the setup of a two-bay 
steel scaffold system (DS2R-2B) with a total length of 366.00 cm (=2×183.00) (183.00 cm for each 
span).  Figure 11(B) shows the setup of a three-bay steel scaffold system (DS2R-3B) with a total 
length of 274.50 cm (=3×91.50) (91.50 cm for each span).  Figure 11(C) shows the setup of a 
four-bay steel scaffold system (DS2R-4B) with a total length of 366.00 cm (=4×91.50) (91.50 cm 
for each span). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6. Setup of One-bay, Two-story Door-type (2D) and 
Three-story Door-type (3D) Scaffolds 
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Figure 7. Setup of One-bay DSR, DS2R and 2DSR Scaffolds 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 8. Setup of Scaffold System with Larger Spans under a Smaller Beam 
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Figure 9. Setup of Scaffold System with Smaller Spans under a Larger Beam 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 10. Setup of 2D-2B, 2D-3B, and 2D-4B scaffold systems 
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Figure 11. Setup of DS2R-2B, DS2R-3B and DS2R-4B Scaffold Systems 
 
3.3  One-bay Steel Scaffolds with Defects 
 
Steel scaffolds are often reused as temporary structures on a construction site.  After construction, 
the contractor eliminates the seriously damaged steel scaffolds by examining them and refilling 
new ones for the next construction project.  Steel scaffolds used on a construction site are 
generally set up with new and old materials.  Since collision of steel scaffolds is unavoidable 
during construction, repeatedly used steel scaffolds tend to have deformations or indentations. 
 
This study explores the effect of these deformations or indentations on the load-carrying capacities 
of steel scaffolding structures.  The setups for the tests are the same as those shown in Figures 
6(A), 6(B), 7(A) and 7(B).  These test results can be compared with those on steel scaffolds 
without defects to determine how defects affect the load-carrying capacities of the steel scaffolds. 

 
 

4.  DIMENSIONS AND MATERIAL PROPERTIES 
 
Section A-A of Figure 5 shows the vertical main tube of the steel scaffolds with D (external 
diameter) = 48.26 0.30 mm and t (thickness) = 2.39  0.10 mm.  Section B-B shows the 
horizontal bar of the steel scaffolds with D (external diameter) = 42.06 0.30 mm and t (thickness) 
= 2.10 0.10 mm.  Section C-C shows the diagonal bar of the steel scaffolds with D (external 
diameter) = 26.89 0.30 mm and t (thickness) = 1.65 0.10 mm.  Additionally, the cross-brace 
used in the combined setup has an external diameter of 21.27 0.30 mm (D) and a thickness of 
1.59 0.10 mm (t). 
 
The elastic moduli of the material are obtained from tests on three randomly selected steel scaffolds.  
Test results of the three steel scaffolds are 186.62 kN/mm2, 190.48 kN/mm2, and 183.52 kN/mm2, 
respectively.  Mean value of the three elastic moduli is 186.87 kN/mm2, which is close to the 
nominal value of 200.12 kN/mm2. 
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5.  RESULTS AND DISCUSSION 
 
5.1  One-bay Steel Scaffolds 
 
Based on commonly used setups of one-bay steel scaffolds on a construction site, tests are 
conducted on five setups of one-bay steel scaffolds: two-story door-type scaffolds (2D), three-story 
door-type scaffolds (3D), combined setup of one-door, one-square, one-rectangle scaffolds (DSR), 
combined setup of one-door, one-square, two-rectangle scaffolds (DS2R), and combined setup of 
two-door, one-square, one-rectangle scaffolds (2DSR). 
 
Two tests (A and B) are performed for each setup of one-bay steel scaffold applied by two loadings.  
Test results of one-bay steel scaffolds indicate that the failure modes of the five setups of steel 
scaffolds in both loadings are similar.  The vertical displacements of all five setups of steel 
scaffolds under maximum load are less than 12.74 mm.  Table 1 summarizes all of the test results. 

 
Table 1. Test Results of One-bay Steel Scaffolds 

Setup 
type 

Figure 
Height
(cm) 

Load, 
Displacement

Test value (kN); Displacement (mm) 

Test A Test B Average 

O
ne
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ay

 s
te

el
 s

ca
ff

ol
ds

 

2D
 

 

375.00

2D 
(2DT) 

200.94 
(141.15) 

199.76 
(160.32) 

200.35 
(150.74) 

Displacement
8.30 

(7.73) 
8.59 

(10.11) 
8.45 

(8.92) 

3D
 

 

545.00

3D 
(3DT) 

201.68 
(114.65) 

197.49 
(141.92) 

199.59 
(128.29) 

Displacement
11.68 

(10.02) 
11.84 

(10.73) 
11.76 

(10.38) 

D
S

R
 

 

345.30

DSR 
(DSRT) 

280.91 
(151.57) 

287.64 
(148.62) 

284.28 
(150.10) 

Displacement
11.18 
(8.13) 

11.43 
(7.78) 

11.31 
(7.96) 

D
S

2R
 

 

394.30

DS2R 
(DS2RT) 

287.58 
(137.25) 

282.58 
(132.38) 

285.08 
(134.82) 

Displacement
12.30 
(9.27) 

11.44 
(8.34) 

11.87 
(8.81) 

2D
S

R
 

 

515.30

2DSR 
(2DSRT) 

237.86 
(96.50) 

240.97 
(109.44) 

239.42 
(102.97) 

Displacement
11.34 

(11.50) 
12.74 

(11.38) 
12.04 

(11.44) 

Notes: 
1. D: Door Scaffold; S: Square Scaffold; R: Rectangle Scaffold 
2. T: Second loading 

 
 

5.1.1  Two-story door-type setup (2D) 
 
Average maximum load of the first loadings is 200.35 kN and that of the second loadings is 150.74 
kN, which is 75% (=150.74/200.35) of that of the first loadings.  Figure 12 shows the loads and 
vertical displacements of test A of one-bay, two-story door-type steel scaffolds (2D) under first 
loading and second loading, respectively.  Figure 13(A) shows the failure modes of one-bay, 
two-story door-type steel scaffolds.  According to figure 13(A), deformation occurs mainly on the 
in-plane of the back row at failure. 

 
5.1.2  Three-story door-type setup (3D) 
 
Average maximum load of the first loadings is 199.59 kN and that of the second loadings is 128.29 
kN, which is 64% (=128.29/199.59) of that of the first loadings.  Figure 13(B) shows the failure 
modes of the one-bay, three-story door-type steel scaffolds.  According to this figure, the 
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deformation occurs mainly on the in-plane of the back row at failure.  Maximum load of the 
one-bay, three-story door-type steel scaffolds (3D) closely resembles that of the one-bay, two-story 
door-type steel scaffolds (2D).  This finding suggests that the effect of height (2D or 3D) on the 
load-carrying capacities of door-type steel scaffolds is negligible. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 12. Loads and Vertical Displacements of One-bay,  
Two-story Door-type Steel Scaffolds (2D) in Test A 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 13. Failure Modes of One-bay, Two-story (2D) and  
Three-story (3D) Door-type Steel Scaffolds 
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5.1.3  Combined setup of one-door, one-square, one-rectangle (DSR) 
 
Average maximum load of the first loadings is 284.28 kN, and that of the second loadings is 150.10 
kN, which is 53% (=150.10/284.28) of that of the first loadings.  Figure 14(A) shows the failure 
modes of the DSR setup.  According to this figure, the deformation occurs mainly on the in-plane 
of the back row door-type and square-type scaffolds at failure. 

 
5.1.4  Combined setup of one-door, one-square, two-rectangle (DS2R) 
 
Average maximum load of the first loadings is 285.08 kN, and that of the second loadings is 134.82 
kN, which is 47% (=134.82/285.08) of that of the first loadings.  Figure 14(B) shows the failure 
modes of the DS2R setup.  According to this figure, the deformation occurs mainly on the 
in-plane of the back row door-type and square-type scaffolds at failure.  
 
Experimental results demonstrate that the load-carrying capacity of the DS2R setup is close to that 
of the DSR setup, indicating that the effect of adding one more rectangle steel scaffold on the top of 
the structure (DSR) on the load-carrying capacity is unapparent.  

 
5.1.5  Combined setup of two-door, one-square, one-rectangle (2DSR) 
 
Average maximum load of the first loadings is 239.42 kN, and that of the second loadings is 102.97 
kN, which is 43% (=102.97/239.42) of that of the first loadings.  Figure 14(C) shows the failure 
modes of the 2DSR setup.  According to this figure, deformation occurs mainly on the in-plane of 
the back row between the first and second door-type scaffolds at failure.  This finding suggests 
that the structural stiffness of the door-type steel scaffold is smaller than that of the square-type and 
rectangle-type steel scaffolds. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 14. Failure Modes of One-bay DSR, DS2R and 2DSR Setups 
 
According to the test results of one-bay steel scaffolds with different setups, the DS2R setup has the 
highest load-carrying capacity (285.08 kN), which is 1.42 (=285.08/200.35) times higher than that 
of the 2D setup. 

(A) DSR (B) DS2R (C) 2DSR 
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5.2  Multi-bay Steel Scaffolds 
 
Based on the lowest and the highest load-carrying capacities and similar heights of the above tests 
of one-bay steel scaffolds, tests in this section are conducted on two steel scaffolding structures: 
two-story door-type steel scaffolds (2D) and a combined setup of one-door, one-square, 
two-rectangle steel scaffolds (DS2R).  Each steel scaffolding structure is tested on three multi-bay 
setups: the two-bay setup, the interlaced three-bay setup, and the interlaced four-bay setup.  The 
two-bay setup is appropriate for smaller and lighter isolated beams, while the interlaced setups are 
feasible for larger and heavier isolated beams. 
 
Based on the above two steel scaffolding structures, all tests are conducted on six setups of 
multi-bay steel scaffolds: the two-story door-type, two-bay setup (2D-2B), the interlaced setup of 
two-story door-type, three-bay (2D-3B), the interlaced setup of two-story door-type, four-bay 
(2D-4B), the one-door, one-square, two-rectangle, two-bay setup (DS2R-2B), the interlaced setup 
of one-door, one-square, two-rectangle, three-bay (DS2R-3B), and the interlaced setup of one-door, 
one-square, two-rectangle, four-bay (DS2R-4B). 
 
Two tests (A and B) are performed for each setup of multi-bay steel scaffold applied by two 
loadings.  Test results of multi-bay steel scaffolds indicate that the failure modes of the six setups 
of steel scaffolds under both loadings closely resemble each other.  The vertical displacements of 
all the six setups of steel scaffolds under maximum load are less than 20.35 mm.  Table 2 
summarizes all of the test results. 

 
Table 2. Test Results of Multi-bay Steel Scaffolds 

Setup 
type 

Figure Model 
Load, 

Displacement 
Test value(kN); Displacement (mm) 
Test A Test B Average 

M
ul

ti
-b

ay
 s

te
el

 s
ca

ff
ol

ds
 

2D
 

 

2-bay 

2D-2B 
(2D-2BT) 

288.87 
(154.20) 

279.72 
(149.33) 

284.30 
(151.77) 

Displacement 
14.19 

(11.74) 
13.05 

(10.63) 
13.62 

(11.19) 

 

3-bay 
Interlaced 

2D-3B 
(2D-3BT) 

426.58 
(272.68) 

409.71 
(288.70) 

418.15 
(280.69) 

Displacement 
14.00 

(13.04) 
11.95 

(11.83) 
12.98 

(12.44) 

 

4-bay 
Interlaced 

2D-4B 
(2D-4BT) 

454.30 
(269.54) 

466.44 
(259.92) 

460.37 
(264.73) 

Displacement 
13.63 

(12.08) 
14.61 

(13.93) 
14.12 

(13.01) 

D
S2

R
 

 

2-bay 

DS2R-2B 
(DS2R-2BT) 

371.87 
(189.24) 

394.15 
(267.02) 

383.01 
(228.13) 

Displacement 
15.98 

(11.93) 
16.92 

(15.92) 
16.45 

(13.93) 

 

3-bay 
Interlaced 

DS2R-3B 
(DS2R-3BT) 

519.79 
(326.87) 

538.62 
(270.08) 

529.21 
(298.48) 

Displacement 
14.81 

(13.16) 
14.10 

(12.49) 
14.46 

(12.83) 

 

4-bay 
Interlaced 

DS2R-4B 
(DS2R-4BT) 

649.55 
(246.67) 

649.38 
(324.30) 

649.47 
(285.49) 

Displacement 
18.86 

(20.21) 
20.35 

(17.22) 
19.61 

(18.72) 
Notes: 
1. D: Door Scaffold; S: Square Scaffold; R: Rectangle Scaffold 
2. T: Second loading 
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5.2.1  Two-bay, two-story door-type setup (2D-2B) 
 
Average maximum load of the first loadings is 284.30 kN, and that of the second loadings is 151.77 
kN, which is 53% (=151.77/284.30) of that of the first loadings.  Figure 15 shows the loads and 
the vertical displacements of test B of the 2D-2B setup under first and second loadings, respectively.  
According to Figure 16(A), deformation occurs mainly on the in-plane of the front set and middle 
set between the first story and the second story of steel scaffolds at failure. 
 
Load-carrying capacity of the two-bay, two-story door-type steel scaffolds (2D-2B) is 1.42 
(=284.30/200.35) times of that of the one bay, two-story door-type steel scaffolds (2D).  This 
finding suggests that the multi-bay setup can increase the load-carrying capacity. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 15. Loads and Vertical Displacements of Two-bay,  
Two-story Door-type Steel Scaffolds (2D-2B) in Test B 

 
5.2.2  Interlaced setup of three-bay, two-story door-type (2D-3B) 
 
Average maximum load of the first loadings is 418.15 kN, and that of the second loadings is 280.69 
kN, which is 67% (=280.69/418.15) of that of the first loadings.  According to Figure 16(B), 
deformation occurs mainly on the in-plane of the last set between the first story and the second 
story of steel scaffolds at failure. 
 
Load-carrying capacity of the three-bay, two-story door-type steel scaffolds (2D-3B) is 2.09 
(=418.15/200.35) times of that of the one bay, two-story door-type steel scaffolds (2D).  This 
finding reveals that the interlaced multi-bay setup can increase the load-carrying capacity. 

 
5.2.3  Interlaced setup of four-bay, two-story door-type (2D-4B) 
 
Average maximum load of the first loadings is 460.37 kN and that of the second loadings is 264.73 
kN, which is 58% (=264.73/460.37) of that of the first loadings.  According to Figure 16(C), 
deformation occurs mainly on the in-plane of the first and the third sets between the first story and 
the second story of steel scaffolds at failure. 
 
Load-carrying capacity of the four-bay, two-story door-type steel scaffolds (2D-4B) is 2.30 
(=460.37/200.35) times of that of the one bay, two-story door-type steel scaffolds (2D).  This 
finding suggests that the load-carrying capacity increases with the number of bays in interlaced 
setups. 
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Figure 16. Failure Modes of 2D-2B, 2D-3B and 2D-4B Setups 
 
5.2.4  Two-bay, one-door, one-square, two-rectangle setup (DS2R-2B) 
 
Average maximum load of the first loadings is 383.01 kN, and that of the second loadings is 228.13 
kN, which is 60% (=228.13/383.01) of that of the first loadings.  According to Figure 17(A), 
deformation occurs mainly on the in-plane of the last and the middle sets between the first story 
and the second story of steel scaffolds at failure. 
 
Load-carrying capacity of the DS2R-2B setup is 1.34 (=383.01/285.08) times of that of the DS2R 
setup.  This finding demonstrates that under the circumstances of the DS2R setup, the multi-bay 
setup can increase the load-carrying capacity. 

 
5.2.5  Interlaced setup of three-bay, one-door, one-square, two-rectangle (DS2R-3B) 
 
Average maximum load of the first loadings is 529.21 kN and that of the second loadings is 298.48 
kN, which is 56% (=298.48/529.21) of that of the first loadings.  According to Figure 17(B), 
deformation occurs mainly on the in-plane of the last two sets between the first story and the 
second story of steel scaffolds at failure. 
 
Load-carrying capacity of the interlaced setup of DS2R-3B is 1.86 (=529.21/285.08) times of that 
of the DS2R setup.  This finding demonstrates that the interlaced multi-bay setup can increase the 
load-carrying capacity. 

 
5.2.6  Interlaced setup of four-bay, one-door, one-square, two-rectangle (DS2R-4B) 
 
Average maximum load of the first loadings is 649.47 kN, and that of the second loadings is 285.49 
kN, which is 44% (=285.49/649.47) of that of the first loadings.  According to Figure 17(C), 
deformation occurs mainly on the in-plane of the third, the fourth and the last sets between the first 
story and the second story of steel scaffolds at failure. 

(A) 2D-2B (B) 2D-3B (C) 2D-4B 
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Load-carrying capacity of the interlaced setup of DS2R-4B is 2.28 (=649.47/285.08) times of that 
of the DS2R setup.  This finding suggests that the interlaced multi-bay setup can increase the 
load-carrying capacity.  Moreover, a higher number of bays implies a higher load-carrying 
capacity. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 17. Failure Modes of DS2R-2B, DS2R-3B and DS2R-4B Setups 
 
 

5.3  One-bay Steel Scaffolds with Defects 
 
Tests are performed on four types of one-bay steel scaffolds with defects.  Arrangements of these 
scaffolding structures are the same as those of one-bay steel scaffolds.  The four types of tests are 
defined as two-story door-type scaffolds with defects (Df-2D), three-story door-type scaffolds with 
defects (Df-3D), combined setup of one-door, one-square, one-rectangle scaffolds with defects 
(Df-DSR), and combined setup of two-door, one-square, one-rectangle scaffolds with defects 
(Df-2DSR). 
 
Since the test results on steel scaffolds with defects have larger errors than that of steel scaffolds 
without defects, the four tests (A, B, C and D) are generally performed by the one-bay steel 
scaffold with defects applied by two loadings.  Test results of one-bay steel scaffolds with defects 
indicate that the failure modes of these four setups of steel scaffolds under both loadings closely 
resemble each other.  Vertical displacements of all four types of steel scaffolds under maximum 
load are less than 11.02 mm.  Table 3 summarizes all of the tests results. 
 

(A) DS2R-2B (B) DS2R-3B (C) DS2R-4B 
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Table 3. Test Results of One-bay Steel Scaffolds with Defects 

Setup 
type 

Figure 
Height 
(cm) 

Load, 
Displacement 

Test value (kN); Displacement (mm) 

Test A Test B Test C Test D Average 

O
ne

-b
ay

 s
te

el
 s

ca
ff

ol
ds

 w
it

h 
de

fe
ct

s 2D
 

 

375.00 

Df-2D 
(Df-2DT) 

142.81 
(117.55) 

100.08 
(81.76) 

174.65 
(135.64) 

142.53 
(118.99) 

140.02 
(113.49) 

Displacement 
7.97 

(7.20) 
9.93 

(12.55) 
7.01 

(6.71) 
5.85 

(6.13) 
7.69 

(8.15) 

3D
 

 

545.00 

Df-3D 
(Df-3DT) 

116.22 
(89.97) 

170.72 
(128.58) 

184.95 
(142.87) 

129.53 
(98.33) 

150.36 
(114.94) 

Displacement 
9.96 

(15.79) 
9.80 

(8.69) 
10.09 
(8.90) 

9.92 
(11.24) 

9.94 
(11.16) 

D
S

R
 

 

345.30 

Df-DSR 
(Df-DSRT) 

280.36 
(166.64) 

271.33 
(118.11) 

249.61 
(182.10) 

214.13 
(164.57) 

253.86 
(157.86) 

Displacement 
10.76 
(7.19) 

11.02 
(9.50) 

10.40 
(8.85) 

10.65 
(7.59) 

10.71 
(8.28) 

2D
SR

 

 

515.30 

Df-2DSR 
(Df-2DSRT) 

179.86 
(131.64) 

205.98 
(151.23) 

206.93 
(118.16) 

--- 
197.59 

(133.68) 

Displacement 
9.64 

(8.48) 
9.90 

(9.17) 
10.30 
(9.75) 

--- 
9.95 

(9.13) 
Notes: 
1. D: Door Scaffold; S: Square Scaffold; R: Rectangle Scaffold 
2. Df: Defective; T: Second loading;  
3. ---: Not available 

 
5.3.1  Two-story door-type setup with defects (Df-2D) 
 
Average maximum load of the first loadings is 140.02 kN, and that of the second loadings is 113.49 
kN, which is 81% (=113.49/140.02) of that of the first loadings.  Figure 18 shows the loads and 
the vertical displacements of test A of the Df-2D setup under first and second loadings, respectively.  
According to Figure 19(A), deformation occurs mainly on the in-plane of the front set between the 
first story and the second story of steel scaffolds at failure.  Load-carrying capacity of the Df-2D 
setup is 70% (=140.02/200.35) of that of the 2D setup. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 18. Loads and Vertical Displacements of One-bay,  
Two-story Door-type Steel Scaffolds with Defects (Df-2D) in Test A 

 
5.3.2  Three-story door-type setup with defects (Df-3D) 
 
Average maximum load of the first loadings is 150.36 kN, and that of the second loadings is 114.94 
kN, which is 76% (=114.94/150.36) of that of the first loadings.  According to Figure 19(B), 
deformation occurs mainly on the in-plane of the back set of the first, the second and the third 
stories of steel scaffolds at failure.  Load-carrying capacity of the Df-3D setup is 75% 
(=150.36/199.59) of that of the 3D setup. 
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Figure 19. Failure Modes of One-bay Df-2D and Df-3D Setups with Defects 
 
5.3.3  Combined setup of one-door, one-square, one-rectangle with defects (Df-DSR) 
 
Average maximum load of the first loadings is 253.86 kN, and that of the second loadings is 157.86 
kN, which is 62% (=157.86/253.86) of that of the first loadings.  According to Figure 20(A), 
deformation occurs mainly on the in-plane of the back set between the first story and the second 
story of steel scaffolds at failure.  Load-carrying capacity of the Df-DSR setup is 89% 
(=253.86/284.28) of that of the DSR setup. 

 
5.3.4  Combined setup of two-door, one-square, one-rectangle with defects (Df-2DSR) 
 
Three tests (A, B and C) are performed for this setup.  Average maximum load of the first 
loadings is 197.59 kN, and that of the second loadings is 133.68 kN, which is 68% (=133.68/197.59) 
of that of the first loadings.  According to Figure 20(B), deformation occurs mainly on the 
in-plane of the back set between the first story and the second story of steel scaffolds at failure.  
Load-carrying capacity of the Df-2DSR setup is 83% (=197.59/239.42) of that of the 2DSR setup. 
 
 
6. COMPARISON OF LOAD-CARRYING CAPACITIES OF STEEL SCAFFOLDS 
 
6.1  Comparison of Load-carrying Capacities between Steel Scaffolds 

with and without Defects 
 
Figure 21 compares the test results of one-bay steel scaffolds with and without defects.  According 
to Figure 21, the load-carrying capacities of steel scaffolds with defects reduce to 70~89 % of those 
of the steel scaffolds without defects.  Basically, we recommend avoiding the use of defective 
materials to set up steel scaffolds on a construction site.  However, if the steel scaffolds with 
defects are used on the construction site, the reduction of load-carrying capacity of the defective 
steel scaffolds should be considered when engineers design the scaffolding structure. 

(A) Df-2D (B) Df-3D 
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Figure 20. Failure Modes of One-bay Df-DSR and Df-2DSR Setups with Defects 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 21. Comparison of Load-carrying Capacities of One-bay Steel Scaffolds with  
and without Defects in Different Setups 

 
6.2  Multi-bay 2D Setup 
 
Figure 22 compares the test results of two-story door-type steel scaffolds with one-bay and 
multi-bay setups at a height of 375.00 cm.  According to this figure, load-carrying capacities of 
the multi-bay steel scaffolds increase with the number of bays.  Additionally, the load-carrying 
capacity of the 2D-2B setup is 1.42 (=284.30/200.35) times of that of the 2D setup, the 2D-3B 
setup is 2.09 (=418.15/200.35) times of that of the 2D setup, and the 2D-4B setup is 2.30 
(=460.37/200.35) times of that of the 2D setup. 
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Figure 22. Comparison of Load-carrying Capacities of One-bay and  
Multi-bay Two-story Door-type Steel Scaffolds (2D) 

 
Comparing the 2D-2B setup and the 2D-4B setup, which have the same overall length (366.00 cm) 
and width (91.50 cm), reveals that the load-carrying capacity of the 2D-4B setup is 1.62 
(=460.37/284.30) times of that of the 2D-2B setup.  This is owing to that the 2D-4B setup has two 
more sets of steel scaffolds than those of the 2D-2B setup within the same length. 
 
When the test results are divided by the number of sets, the load-carrying capacities of the set of the 
single-row steel scaffolds in 2D, 2D-2B, 2D-3B, and 2D-4B setups are 100.18 kN (=200.35/2), 
94.77 kN (=284.30/3), 104.54 kN (=418.15/4), and 92.07 kN (=460.37/5), respectively.  The 
average load-carrying capacity of a set of the four setups of single-row steel scaffolds is 97.89 kN 
(=(100.18+94.77+104.54+92.07)/4).  The data multiplied by the number of sets can provide a 
valuable reference for quickly estimating the load-carrying capacity of single-row, multi-bay, 
two-story door-type steel scaffolds. 

 
6.3  Multi-bay DS2R Setup 
 
Figure 23 compares the test results of one-door, one-square, two-rectangle steel scaffolds (DS2R) 
with one-bay and multi-bay setups at a height of 394.30 cm.  According to Figure 23, 
load-carrying capacities of the multi-bay DS2R steel scaffolds increase with the number of bays.  
Additionally, the load-carrying capacity of the two-bay DS2R setup (DS2R-2B) is 1.34 
(=383.01/285.08) times of that of the one-bay DS2R setup, the three-bay DS2R setup (DS2R-3B) is 
1.86 (=529.21/285.08) times of that of the one-bay DS2R setup, and the four-bay DS2R setup 
(DS2R-4B) is 2.28 (=649.47/285.08) times of that of the one-bay DS2R setup. 
 
Comparing the DS2R-2B setup and DS2R-4B setup which have the same overall length (366.00 cm) 
and width (91.50 cm) reveals that the load-carrying capacity of the DS2R-4B setup is 1.70 
(=649.47/383.01) times of that of the DS2R-2B setup.  This is owing to that the DS2R-4B setup 
has two more sets of steel scaffolds than those of the DS2R-2B setup within the same length. 
 
When the test results are divided by the number of sets, the load-carrying capacities of the set of the 
single-row steel scaffolds in DS2R, DS2R-2B, DS2R-3B, and DS2R-4B setups are 142.54 kN 
(=285.08/2), 127.67 kN (=383.01/3), 132.30 kN (=529.21/4), and 129.89 kN (=649.47/5), 
respectively.  The average load-carrying capacity of a set of the four setups of single-row steel 
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scaffolds is 133.10 kN (=(142.54+127.67+132.30+129.89)/4).  This load-carrying capacity 
multiplied by the number of sets provides a valuable reference for efforts to fast estimate the 
load-carrying capacity of single-row, multi-bay, one-door, one-square, two-rectangle steel scaffolds. 
 
Although the height (394.30 cm) of the DS2R setup described in this section is higher than that 
(375.00 cm) of the 2D setup described in the previous one, the average load-carrying capacity of a 
set of the DS2R setup (133.10 kN) is higher than that of a set of the 2D setup (97.89 kN).  This 
finding demonstrates that the load-carrying capacity of the combined setup of steel scaffolds is 
higher than that of two-story door-type steel scaffolds.  Moreover, the rectangle and the square 
steel scaffolds can increase the load-carrying capacity of the steel scaffolds. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 23. Comparison of Load-carrying Capacities of One-bay and Multi-bay DS2R Setups 
 

6.4  Estimate Load-carrying Capacities of Single-row, Multi-set Scaffolds  
based on those of Single-row, One-set Scaffolds 

 
For convenience, when designing the strength of steel scaffolds, the designer can estimate the 
load-carrying capacities of single-row, multi-set steel scaffolds based on those of single-row, 
one-set steel scaffolds.  Notably, the load-carrying capacities of one-set steel scaffolds for these 
two setups (2D and DS2R) can be obtained when the load-carrying capacities of the single-row, 
one-bay 2D setup (200.35 kN) and DS2R setup (285.08 kN) are divided by 2, respectively.  
Therefore, multiplying the load-carrying capacity of one-set steel scaffolds by the number of sets 
obtains the estimated load-carrying capacities of multi-set steel scaffolds for these two setups 
(Table 4). 
 
Table 4 lists the estimated and real values of the load-carrying capacities of single-row, multi-set 
steel scaffolds in two setups (2D and DS2R).  The average estimating factor of the 2D setup is 
0.97, explaining why average load-carrying capacity of the 2D setup increases 97.17 kN 
(=100.18×0.97) for each additional set.  Additionally, average estimating factor of the DS2R setup 
is 0.91, explaining why average load-carrying capacity of the DS2R setup increases 129.71 kN 
(=142.54×0.91) for each additional set. 
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Table 4. Estimated Value and Real Value of the Load-carrying Capacities of Single-row,  
Multi-set Steel Scaffolds 

Setup 
type 

Figure Comparison 
Load-carrying capacity (kN) 

Single-row, 
one-bay 

1 set 2 sets 3 sets 4 sets 5 sets Average 

2D
 

 

Estimated 
value 
(A) 

--- 100.18 200.35 300.53 400.70 500.88  

Real value 
(B) 

200.35 --- 200.35 284.30 418.15 460.37  

Estimating 
factor 

(B)/(A) 
--- --- --- 0.95 1.04 0.92 0.97 

D
S

2R
 

 

Estimated 
value 
(C) 

--- 142.54 285.08 427.62 570.16 712.70  

Real value 
(D) 

285.08 --- 285.08 383.01 529.21 649.47  

Estimating 
factor 

(D)/(C) 
--- --- --- 0.90 0.93 0.91 0.91 

Notes: 
1. D: Door Scaffold, S: Square Scaffold, R: Rectangle Scaffold 
2. ---: Not available 

 
On a construction site, the designer can quickly estimate the load-carrying capacities of single-row, 
multi-set (or multi-bay) steel scaffolds for various setups.  Additionally, load-carrying capacities 
of steel scaffolds with different stories can be calculated by determining the analytical parameters 
of the steel scaffolds used in this study through numerical analyses in future research.  However, 
the estimating factors must be verified with a large number of tests.  This study only provides 
preliminary findings as a reference for designers to quickly estimate the load-carrying capacities of 
single-row, multi-set steel scaffolds. 

 
 

7. LOWER BOUND OF LOAD-CARRYING CAPACITY OF  
REUSABLE SCAFFOLDS 

 
This study also investigates the load-carrying capacity reduction of the reusable steel scaffolds in 
the worst condition on the construction site.  After the first loading, the steel scaffolds are reset 
and a second loading is applied.  Test results of the second loading can be regarded as the worst 
condition of the reusable steel scaffolds on the construction site, which can be compared with those 
of the first loading.  Moreover, the load-carrying capacities of the reusable steel scaffolds in the 
worst condition can also be compared with those of the steel scaffolds with defects. 
 
Figure 24 compares the load-carrying capacities of the reusable steel scaffolds subtracting one to 
three-fold standard deviations.  According to this figure, the average ratio of dividing the 
load-carrying capacities of the second loading by those of the first loading is μ=0.63, with a 
standard deviation of σ=0.13.  Additionally, according to Figure 21, the ratio of load-carrying 
capacity of the steel scaffolds with defects to those without defects is 70~89 %, which is higher 
than that of the reusable steel scaffolds in the worst condition (63%).  This finding demonstrates 
that the strength of the steel scaffolds with defects is still reusable. 
 
Figure 24 also shows various situations with different standard deviations.  Subtracting one-fold 
standard deviation from the average ratio of the reusable steel scaffolds (μ-σ) yields 0.50.  
Moreover, subtracting two-fold standard deviations (μ-2σ) yields 0.37.  Also, subtracting 
three-fold standard deviations (μ-3σ) yields 0.24.  Above results can be regarded as the strength 
reduction factors () of the reusable steel scaffolds.  The designer can select proper strength 
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reduction factors () of reusable scaffolds based on project fund and safety requirements.  These 
factors can provide a valuable reference for determining the strength reduction of the reusable steel 
scaffolds. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 24. Comparison of Load-carrying Capacities of Reusable Steel Scaffolds Subtracting 
and Adding One to Three-fold Standard Deviations 

 
 

8.  VERTICAL DISPLACEMENTS OF STEEL SCAFFOLDS AT FAILURE 
 
In various tests on the single-row, one-bay steel scaffolds both with and without defects, the vertical 
displacements of all of the scaffolding structures at maximum load are less than 12.74 mm.  In 
tests on the single-row, multi-bay 2D setup and the multi-bay DS2R setup, the vertical 
displacements of all of the scaffolding structures at maximum load are less than 20.35 mm.  
Above test results can serve as a valuable reference for contractors in designing the isolated 
reinforced concrete beams if the construction accuracy must be considered. 

 
 

9.  CONCLUSIONS 
 
This study explored the structural behaviors of single-row steel scaffolds with various setups to 
determine the load-carrying capacities and failure modes of these scaffolding structures.  
Experimental results indicate that the load-carrying capacities of one-bay, three-story door-type 
steel scaffolds (3D) are close to those of two-story door-type steel scaffolds (2D).  Additionally, 
deformation occurs mainly in the in-plane direction of the steel scaffolds at failure.  Load-carrying 
capacity of the 2D-2B setup is 1.42 times of that of the 2D setup.  Also, load-carrying capacities 
of the 2D-3B and 2D-4B setups are 2.09 times and 2.30 times of that of the 2D setup, respectively.  
Moreover, although with the same overall length, load-carrying capacity of the 2D-4B setup is 1.62 
times of that of the 2D-2B setup.  This finding demonstrates that increasing the number of bays 
can increase the load-carrying capacity of door-type steel scaffolds. 
 
Load-carrying capacity of the two-bay DS2R setup (DS2R-2B) is 1.34 times of that of the one-bay 
DS2R setup.  Also, load-carrying capacities of the three-bay DS2R setup (DS2R-3B) and four-bay 
DS2R setup (DS2R-4B) are 1.86 times and 2.28 times of that of the one-bay DS2R setup, 
respectively.  This finding demonstrates that increasing the number of bays can increase the 
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load-carrying capacity of these steel scaffolds.  Additionally, load-carrying capacity of the 2D 
setup and the DS2R setup increases 97.17 kN and 129.71 kN on average for each additional set, 
respectively.  Designers can quickly estimate the load-carrying capacities of multi-set steel 
scaffolds by multiplying the load-carrying capacity of one-set steel scaffolds by the number of sets. 
 
In this study, test results of the second loading are regarded as the worst condition of the reusable 
steel scaffolds on the a construction site.  The average ratio of dividing the load-carrying 
capacities of the second loading by those of the first loading is μ=0.63, with a standard deviation of 
σ=0.13.  Additionally, subtracting one to three -fold standard deviation from the average ratio of 
the reusable steel scaffolds [i.e., (μ-σ), (μ-2σ), (μ-3σ)] yields the strength reduction factors (�) of 
the reusable steel scaffolds, 0.50, 0.37, and 0.24, respectively.  Designers can select appropriate 
strength reduction factors of reusable scaffolds, based on the design requirements. 
 
Test results of steel scaffolds with defects indicate that the ratio of load-carrying capacity of the 
steel scaffolds with defects to those without defects is higher than that of the steel scaffolds using 
the second loading condition to those using the first loading condition.  This finding demonstrates 
that the steel scaffolds with defects are not yet in the worst quality condition on the construction 
site.  Additionally, when under a maximum load, the vertical displacements of all setups of 
multi-bay steel scaffolds are less than 20.35 mm.  If the construction accuracy of the isolated 
reinforced concrete beams must be considered, the data can serve as a valuable reference for 
allowable deformation. 
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ABSTRACT: This paper presents research results on the earthquake-resistant capability of the un-landing steel 
arch. A shaking table test of an un-landing solid-web steel arch was carried out to present the seismic behavior. 
During the shaking table test, the acceleration response at the arch-top is largest. The maximum displacement 
response and the maximum stress at the quarter point of the arch is larger than other test points. The added braces 
could effectively help decreasing the displacement and deformation of the un-landing steel arch. The seismic 
response under the Tianjin wave is the largest while that under the Loma Prieta wave is the least, since the 
predominant frequency of the Tianjin wave is closest to the fundamental frequency of the model. Then IDA 
approach is applied in the un-landing steel arch. A single IDA curve is plotted, which fits the test result. By the 
IM-based rule, the capacity point of the structure is acquired. Finally, the earthquake-resistant capability of the 
un-landing latticed steel tubular arch is evaluated by the multi-record IDA study from a real project. A suite of 
records by having mean, 16%, 84% fractiles is summarized. 

Keywords: Un-landing steel arch, earthquake-resistant capability, shaking table test, IDA approach, capacity point 

 
1.  INTRODUCTION 
 
Earthquake may cause serious damage and even collapse of the spatial structures, and it is 
necessary to study the earthquake-resistant capability of spatial structures such as steel arch. In 
order to meet the requirement of the use space, many steel arches are the un-landing steel arches. 
The ends of the steel arch are supported on the steel column or other structures. An un-landing 
solid-web steel arch was adopted in the Xianglujiao light-rail station in Dalian, which had a span of 
23.2m and a rise-to-span ratio varying from 0.08 to 0.12 (Figure 1(a)). The ends of I-type steel arch 
were supported on the I-type steel column. An un-landing latticed steel tubular arch was adopted in 
the Beidaihe railway station canopy with a span of 68.6m (Figure1(b)).The ends of latticed steel 
tubular arch were supported on the latticed steel column. 
 

  
(a) Xianglujiao Light-rail Station      (b) Beidaihe Railway Station Canopy 

Figure 1. Project Photos 
 

A shaking table test is a direct way to study the earthquake response of structures, and shaking table 
tests were conducted on various spatial structures before. The model-frequency behavior, 
earthquake response, failure mechanism, failure mode and energy dissipation mechanism were 
investigated[1-6]. All of this will help to provide the test support for the research theory about 
structural seismic performance. 
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Incremental dynamic analysis (IDA) approach, proposed by Vamvatsikos and Cornell[7], is a 
computational-based methodology. The IDA approach involves performing nonlinear dynamic 
analysis of a prototype structural system under a suit of ground motion records, each scaled to 
several IM(intensity measures) levels designed to force the structure all the way from elastic 
response to final global dynamic instability(collapse)[8-11]. This paper presents the 
earthquake-resistant capability of un-landing steel arch by the shaking table test and IDA approach. 
 
 
2. FUNDAMENTALS OF SINGLE-RECORD IDA 
 
Incremental Dynamic Analysis (IDA) is a parametric analysis method that has recently emerged in 
several different forms to estimate more thoroughly structural performance under seismic loads. 
There are several fundamentals of single-record IDA. 
 
1) A monotonic scaled ground motion intensity measure (or simply intensity measure, IM). 
Common examples of scalable IMs are the peak ground acceleration (PGA), peak ground velocity, 
the =5% damped spectral acceleration at the structure’s first-mode period (Sa(T1; 5%))[12]. IM is 
PGA in this paper. 
 
2) Damage measure (DM) or structural state variable is a non-negative scalar DM that characterizes 
the additional response of the structural model due to a prescribed seismic loading. Possible choices 
could be maximum base shear, node rotations, peak storey ductilities, various proposed damage 
indices (e.g. a global cumulative hysteretic energy, a global Park-Ang index or the stability index 
proposed by Mehanny), peak roof drift)[12]. In the spatial structure, the maximum displacement 
can describe the structure response[13]. Therefore, DM is the maximum displacement in this paper. 
 
3) The scale factor (SF) of a scaled accelerogram. The SF constitutes a one-to-one mapping from 
the original accelerogram to all its scaled images. 
 
A single-record IDA study is a dynamic analysis study of a given structural model parameterized by 
the scale factor of the given ground motion time history. 
 
 
3. EXPERIMENTAL SET-UP AND PROCEDURE 
 

3.1. Model Design and Sensor Placement 
 
The test model was a un-landing solid-web steel arch made of stainless steel, as shown in Figure 2. 
From the coupon tests, elastic modulus E of the stainless steel is 2.01×105N/mm2, the yield strength 
fy is 212N/mm2, and the ultimate strength fu is 620N/mm2. 

 
Figure 2. Configuration of the Un-landing Steel Arch (Unit: mm) 
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Studies have been conducted on the stability and buckling of steel arches, and design rules have 
been proposed for both the in-plane buckling [14-15] and the out-of-plane buckling[16-17]. Steel 
arches with sufficient lateral bracing would fail due to the plastic collapse instead of the in-plane or 
out-of-plane buckling[18]. Therefore, 4 braces were applied along the arch with equal distance in 
order to avoid the out-of-plane buckling, and both columns were fixed at the bottom[19].The braces 
were welded to the test model on one end, and sliding against a bracing frame on the other 
end(Figure 3). According to the Chinese code[20], an additional mass of 25.8kg was attached to the 
test model, which represented the dead load and half of the live load applied on the arch-frame 
structure. Each mass block was 2.87kg. Accelerometers, displacement sensors and strain gauges 
were used to monitor the response of the test model, and the location of the 4 displacement sensors 
(named U1, U2, U3, U4), 4 accelerometers (named A1, A2, A3, A4) and 7 strain gauges (named S1, 
S2, S3, S4, S5, S6, S7) are shown in Figure 4 below. Due to symmetry, most of the strain gauges 
were installed on the right half of the test model, while there were only 2 gauges installed on the 
left half as checkpoints. 
 

          
        (a) Test Model Layout               (b) A Photograph of the Test Model 

 
       (c)1-1Cutaway Drawing                   (d)2-2 Cutaway Drawing 

 
Figure 3. Brace and Supporting Frame Layout 

 

 
 

Figure 4. Sensor Placement 

x 
 

y 
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3.2. Ground Motion Record and Loading Plan 
 
According to the shaking table test method about steel structure[21-23], three earthquake records 
were selected as input for the shaking table test, in order to evaluate the seismic performance of the 
test model under different levels of the seismic excitations, including the Tianjin earthquake (1976, 
NS), the Taft earthquake (1952, NS), and the Loma Prieta earthquake (1989, NS). White noise of 
30s was applied before each test. The ground motion record was compacted 10 times according to 
the natural frequency of the test model. After the Fourier transform, the main frequency is 10-12Hz 
for the Tianjin wave, 12-18Hz for the Taft wave, and 15-18Hz for the Loma Prieta wave. The 
loading plan is shown in Table 1.  
 

Table 1. Loading Plan of the Shaking Table Test 
Process Case # Input Record PGA (g) 

Process 1 

1 White noise 0.1 
2 Tianjin wave 0.07 
3 Taft wave 0.07 
4 Loma Prieta wave 0.07 
5 Tianjin wave 0.14 
6 Taft wave 0.14 
7 Loma Prieta wave 0.14 

Process 2 

8 White noise 0.1 
9 Tianjin wave 0.22 
10 Taft wave 0.22 
11 Loma Prieta wave 0.22 

Process 3 

12 White noise 0.1 
13 Tianjin wave 0.40 
14 Taft wave 0.40 
15 Loma Prieta wave 0.40 

Process 4 

16 White noise 0.1 
17 Tianjin wave 0.62 
18 Taft wave 0.62 
19 Loma Prieta wave 0.62 

Process 5 

20 White noise 0.1 
21 Tianjin wave 0.8 
22 Tianjin wave 1.0 
23 Tianjin wave 1.2 
24 Tianjin wave 1.5 

 

3.3. System Response 
 
3.3.1   Self-vibration Characteristic 
 
Firstly, the model was scanned by the white noise before the ground motion was input. The three 
natural frequencies were tested. The first-order frequency of the test model was 12.25Hz, which is 
close to the main frequency of Tianjin wave. And the damping ratio was about 0.012. From Figure 
5, the natural frequency shows a decrease trend and fall by 1%-7%. The results show than internal 
damage grows for the model after the earthquake. 
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Figure 5. The Influence of Different Seismic Wave on the Natural Frequencies 

 
3.3.2   Acceleration Response 
 
As the acceleration amplitude of the ground motion input increases, the acceleration amplification 
factor β (β=the peak acceleration of a test point/peak acceleration of the test table) increases at first 
and then decreases. This phenomenon reflects that there is internal damage in the model after the 
earthquake, which makes the structural stiffness decline (Figure 6). It is clear that the acceleration 
response at the arch-top (A4) is largest.  
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Figure 6. Influence of Different PGA on β 
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3.3.3   Displacement Response and Stress Results 
 
The maximum displacement response Umax at the quarter point of the arch is larger than other test 
points, as shown in Figure 7. Figure 8 shows that the maximum stress max at the quarter point of 
the arch (S4, S7) is larger than the max at the arch-top and at the arch-column connection. All these 
results reflect that the added braces could effectively help decreasing the displacement and 
deformation of the arch-frame. When PGA ≤ 0.62g, the maximum stress max under the Tianjin 
wave is the largest while max under the Loma Prieta wave is the least, since the predominant 
frequency of the Tianjin wave is closest to the fundamental frequency of the model. 
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Figure 7. Displacement Response of the Test Points 
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Figure 8. Maximum Stress of Different Test Points 

 
3.3.4   Test Analyses 
 
After Process 4 of the shaking table test, PGA of the Tianjin wave continued to increase in order to 
study the development of plastic deformation and the failure mechanism of the arch-frame. When 
PGA of the ground motion records was smaller than 0.40g, the behavior of the model was mainly 
elastic. When PGA of the ground motion records was 0.62g, the maximum stress in the model was 
214.5N/mm2 and larger than fy(Figure 8(a)). then plastic zone started to form in the test model. 
When PGA of the ground motion record was 0.80g, the plastic zone started to spread. Finally, when 
PGA=1.2g, the arch top deformed along the X direction(Figure 9(a)). The test model was in-plane 
antisymmetric deformation(Figure 9(b)). The braces reduced the lateral deformation of the model. 
The test model lost the bearing capacity.  
 

     
(a) Front View                       (b)Side View 

 
Figure 9. Failure Mode of the Test Model 

 

3.4. Incremental Dynamic Analysis 
 
Performance levels or limit-states are important ingredients of PBEE (Performance-Based 
Earthquake Engineering), and the IDA curve contains the necessary information to assess them. 
The material model was elastic perfectly-plastic with the elastic modulus and yield strength 
acquired from the coupon tests. The model was constructed with beam element Beam188, and the 
additional mass was modeled with mass element Mass21. The material nonlinear effects as well as 
geometrically nonlinear effects have been considered to simulate the realistic behavior of the arch    
as accurately as possible. By restraining the nodes displacement of Z direction may simulate the 
lateral braces. The structural model is shown in Figure 10. The first-order frequency is 13.7Hz by 
ANSYS, which is close to the value by the shaking table test(12.25Hz). 

x 
 

y 
 

Arch-top 
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Figure 10. Numerical Analysis Model    Figure 11. Maximum Displacement vs. PGA Curve 

 

When a statement or a rule is satisfied, the structure reaches a limit-state. There are DM-based rule 
and IM-based rule. First comes the DM-based rule, which is generated from a statement of the 
format: “If DM ≥ CDM then the limit-state is exceeded”. DM is a damage indicator. Different spatial 
structures have different structure response. Hence, it is difficult to rule the CDM. The IM-based rule 
is a rule is generated by a statement of the form: “If IM ≥ CIM then the limit-state is exceeded”. The 
IM-based rule can refer to the 20% tangent slope approach ruled by FEMA[24]. In effect it is that 
the last point on the curve with a tangent slope equal to 20% of the elastic slope is defined to be the 
capacity point. Taking the maximum displacement of U3 for example (Figure 11), the IDA results 
are slightly smaller than the test results. According to the IM-based rule, when the structure comes 
to the capacity point, PGA is 1.20g by both the test and IDA approach. It is also shown that the 
IDA curves can assess the earthquake-resistant capability of the spatial structures. 
 
 
4. EVALUATION OF EARTHQUAKE-RESISTANT CAPABILITY OF THE 

UN-LANDING LATTICED STEEL TUBULAR ARCH 
 
4.1 Project Introduction  
 
The earthquake-resistant capability of an un-landing latticed steel tubular arch was evaluated using 
the IDA approach from a real project described in Figure 1(b). The project is a railway platform 
canopy, which consists of thirteen 68.6m-span transverse latticed steel tubular arch and three 
longitudinal steel-tube trusses, as shown in Figure 12. The space between each arch is 22m and the 
overall canopy length is 270m. The height of the truss column is 6.8m. One un-landing latticed 
steel tubular arch was analyzed by ANSYS. The truss type is triangular truss as shown in Figure 13, 
and the member section is steel tube shown in Table 2. Material of the steel tubes is Q235B. The 
chords were simulated by Beam188. The web members were simulated by Link8. By restraining 
the nodes displacement of Z direction may simulate the longitudinal steel-tube trusses.  

     
Figure 12. A Railway Platform Canopy 

 

Capacity Point 

Capacity Point 
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Figure 13. Configuration of An Un-landing Latticed Steel Tubular Arch 

 
Table 2. Section Type of the Un-landing Latticed Steel Tubular Arch 

Member Section Type 
Upper chord of the truss-arch Φ550×14 
Lower chord of the truss-arch  Φ426×14 
Web member of the truss-arch Φ114×6, Φ168×8 and Φ273×8 

Upper chord of the truss-column Φ550×18 
Lower chord of the truss-column Φ426×18 
Web member of the truss-column Φ114×6, Φ168×8 andΦ273×8. 

 
4.2 Selection of the Ground Motion Record  
 
15 ground motion records for duration of 20s were selected as the input ground motion in Table 3 
from PEER Strong Motion Database. The PGA has been increased 8~10 times and the step is 
0.3~0.5g. 
 

Table 3. The Suite of 15 Ground Motion Records 

No. Event 
Moment 

magnitude
Station 

1 
Cape Mendocino 

1992/04/25 
7.1 89324 Rio Dell Overpass - FF(CDMG) 

2 
Cape Mendocino 

1992/04/25 
7.1 89486 Fortuna - Fortuna Blvd(CDMG) 

3 
Duzce, Turkey 

1999/11/12 
7.1 1058 Lamont  

4 
Duzce, Turkey 

1999/11/12 
7.1 362 Lamont 362(LAMONT) 

5 
Duzce, Turkey 

1999/11/12 
7.1 531 Lamont 531(LAMONT) 

6 
Duzce, Turkey 

1999/11/12 
7.1 1060 Lamont  

7 Tabas, Iran 1978/09/16 7.4 70 Boshrooyeh 
8 Landers 1992/06/28 7.3 12149 Desert Hot Springs(CDMG) 
9 Loma Prieta 1989/10/18 6.9 57217 Coyote Lake Dam(CDMG) 
10 Northridge 1994/01/17 6.7 127 Lake Hughes #9(USGS) 
11 Northridge 1994/01/17 6.7 90017 LA - Wonderland Ave(USC) 

12 
Chi-Chi, Taiwan 

1999/09/20 
7.6 WGK(CWB) 

13 
Kocaeli, Turkey 

1999/08/17 
7.4 Arcelik(KOERI) 

14 
Imperial Valley 

1940/05/19 
7.0 117 El Centro Array #9(USGS) 

15 Tianjin  6.9 Station NO. 02001 Tianjin Hospital 

x 

y 
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4.3 Multi-Record IDA Study 
 
Vertical ground motion records and horizontal ground motion records in the EW direction of the 
selected ground motions were used as input for the IDA study. Such a study, correspondingly 
produces sets of IDA curves, can be plotted on the same graph. (Figure 14(a) and Figure 14(b)). By 
the IM-based rule, the capacity point can be obtained. As we are able to summarize a suite of 
records by having, for example, mean, 16%, 84% fractiles, which are practically coincident with 
the mean, mean-sigma and mean+sigma values. These values can accurately characterize the 
distribution of the seismic demand and capacity of the structure for frequent or rare earthquakes. 
According to the capacity point, the critical displacements under the vertical ground motion records 
(Ymax) and horizontal ground motion records (Xmax) are acquired respectively. The critical vertical 
displacements of the 16%, 50% and 84% fractiles are 0.32m, 0.37m, 0.44m, respectively, which 
corresponds to 1/235，1/200，1/170 of the structure span. The critical horizontal displacements of 
the 16%, 50% and 84% fractiles are 0.15m, 0.17m, 0.19m, respectively, which corresponds to 2.2%, 
2.5%, 2.8% of the column height.  
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Figure 14. Critical Displacement vs. PGA 

 
 

5. CONCLUSIONS 
 
This paper focuses on the earthquake-resistant capability of un-landing steel arch. A shaking table 
test of an un-landing solid-web steel arch was carried out to present the seismic behavior. By the 
IM-based rule, the capacity point is acquired of the test model from the IDA curve. Finally, the 
earthquake-resistant capability of an un-landing latticed steel tubular arch from a real project is 
evaluated. The major findings from this study are listed below. 
 
1)  During the shaking table test, as the acceleration amplitude of the ground motion input 
increases, the internal damage in the model is cumulative after the earthquake. The acceleration 
response at the arch-top is largest. 
2)  The maximum displacement response and the maximum stress at the quarter point of the arch 
are larger than other test points. All these results reflect that the added braces could effectively help 
decreasing the displacement and deformation of the un-landing steel arch. The seismic response 
under the Tianjin wave is the largest while that under the Loma Prieta wave is the least, since the 
predominant frequency of the Tianjin wave is closest to the fundamental frequency of the model. 
3)  IDA approach is applied in the un-landing steel arch. A single IDA curve is plotted, which fits 
the test result. By the IM-based rule, the capacity point of the structure is acquired. 
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4)  The earthquake-resistant capability of the un-landing latticed steel tubular arch is evaluated by 
the multi-record IDA study from a real project. Summarizing a suite of records by having mean, 
16%, 84% fractiles, the critical vertical displacements of the 16%, 50% and 84% fractiles are 
0.32m, 0.37m, 0.44m, respectively, which corresponds to 1/235，1/200，1/170 of the structure span. 
The critical horizontal displacements of the 16%, 50% and 84% fractiles are 0.15m, 0.17m, 0.19m, 
respectively, which corresponds to 2.2%, 2.5%, 2.8% of the column height. 
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ABSTRACT: In the finite element modelling of structural frames, external loads usually act along the elements 
rather than at the nodes only.  Conventionally, when an element is subjected to these general transverse element 
loads, they are usually converted to nodal forces acting at the ends of the elements by either lumping or consistent 
load approaches.  For a first- and second-order elastic analysis, the accurate displacement solutions of element load 
effect along an element can be simulated using neither lumping nor consistent load methods alone.  It can be 
therefore regarded as a unique load method to account for the element load nonlinearly.  In the second-order 
regime, the numerous prescribed stiffness matrices must indispensably be used for the plethora of specific transverse 
element loading patterns encountered.  In order to circumvent this shortcoming, this paper shows that the principle 
of superposition can be applied to derive the generalized stiffness formulation for element load effect, so that the 
form of the stiffness matrix remains unchanged with respect to the specific loading patterns, but with only the 
magnitude of the loading (element load coefficients) being needed to be adjusted in the stiffness formulation, and 
subsequently the non-linear effect on element loadings can be commensurate by updating the magnitude of element 
load coefficients through the non-linear solution procedures.  In principle, the element loading distribution is 
converted into a single loading magnitude at mid-span in order to provide the initial perturbation for triggering the 
member bowing effect due to its transverse element loads.  This approach in turn sacrifices the effect of element 
loading distribution except at mid-span.  Therefore, it can be foreseen that the load-deflection behaviour may not 
be as accurate as those at mid-span, but its discrepancy is still trivial as proved.  This novelty allows for a very 
useful generalised stiffness formulation for a single higher-order element with arbitrary transverse loading patterns 
to be formulated.  Moreover, another significance of this paper is placed on shifting the nodal solution (system 
analysis) to both nodal and element solution (sophisticated element formulation).  For the conventional finite 
element method, such as cubic element, all accurate solutions can be only found at node.  It means no accurate and 
reliable structural safety can be ensured within element, and as a result, it hinders the engineering applications. 

Keywords: Elastic instability, Finite element, Transverse element load effect, Higher-order element formulation, 
Nodal solution, Element solution 

 
1.  INTRODUCTION 
 
General load cases for framed structures, such as permanent loads, live loads and wind loads, 
usually involve patterns of loading which act transversely along the elements of the frame.  It is 
usual in the finite element modelling to convert these loads to nodal loads, and to discretise the 
member into several elements, with the transverse loads taken account of as nodal forces in order to 
capture the first- and second-order structural response accurately in terms of nodal solution.  
However, when using one element for a member, it in turn means no accurate first-order (element 
load effect) and second-order (member bowing effect triggered by transverse element load) 
solutions is available except at the element nodes, as long as the assumed finite element function of 
an element excludes the condition of force equilibrium, such as cubic function.  This paper is 
therefore concerned with the development of a numerical technique for incorporating transverse 
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element loading in a sophisticated element formulation to replicate the accurate first- and 
second-order solutions along itself, when subjected to transverse element loads, and with the 
reducing of the difficulties encountered with the multiplicity of possible loading patterns and 
regimes to being represented by the stiffness formulation of a single element. 
 
Kondoh et al. [1] presented a simplified procedure for the finite deformation analysis of space 
frames using one beam element to model each member, which involved the non-linear coupling of 
bending and stretching.  Unfortunately, a few of elements were required for a single member in 
some reported examples for the accurate solutions by using the higher-order element approach.  
To this end, Chan and Zhou [2][3] developed a PEP finite element to simulate the second order 
effect on a member with an initial geometric imperfection.  Izzuddin [4] subsequently formulated 
a fourth-order displacement-based finite element for structures under thermal loads, while Liew et 
al. [5] made use of a stability function formulation in their stiffness matrices so that geometric 
non-linearity in a member could be incorporated.  Recently, Iu and Bradford [6][7][8] have 
developed the higher-order element using higher-order element, which showed the great 
applications of second-order inelastic framed structures. 
 
Despite the advocacy of using a second-order analysis with a higher-order element approach, it 
seems a sophisticated element of this type which accounts for element loading has not been 
presented in the open literature, and either consistent or lumped load methods are used in lieu of 
incorporating transverse loading into the element formulation.  The main drawback of using 
lumped and consistent loads is its inaccuracy, since it takes the form of a first- and second-order 
element loading response at node (nodal solution) by virtue of the system analysis; especially, the 
assumed finite element function does not satisfy the force condition.  Because of this, most 
reported research has accounted for the coupling effect at the system level by merely dividing a 
member into a few elements to replicate the behaviour of a member by the accurate solutions at 
nodes of a few elements. 
 
In order to account for the element load effect within a single element, Zhou and Chan [9][10] 
presented a second-order analysis that is capable of modelling the effects of element loads in the 
element stiffness formulation, in lieu of by a system analysis.  However, each element loading 
pattern or regime requires a specific element stiffness matrix, which is limiting its applications 
because of the usual multiplicity of loading scenarios met in practice.  To overcome this difficulty, 
a proficient and generalised element formulation is developed in this paper which facilitates the 
modelling of second-order loading effects covering a wide range of transverse loading regimes, 
which is founded on the principle of superposition of simple loading cases within a second-order 
analysis framework.  The complex loading regimes are formed from these specific simple or 
fundamental loading cases, each of which is characterised by one representative bending moment 
coefficient.  Consequently, the complex loading regime is defined in the stiffness coefficient by 
the combination of these moment coefficients only prior to present non-linear analysis.  It means 
the magnitude of stiffness matrix representing the specific complex loading regime in lieu of 
stiffness matrix itself, which is updated with the recourse to the non-linear solution procedures for 
non-linear member bowing effect due to that complex element loading.  Meanwhile, the principle 
of superposition is no longer effective in the course of non-linear solution procedures which is 
merely applied for deriving that non-linear stiffness formulation afore non-linear analysis.  As 
such, the method is a trade-off between simplicity in the formulation and accuracy in describing the 
member buckling due to element load effect by virtue of the generalized element stiffness matrix.  
The ranges of the validity of the proposed non-linear analysis which incorporates element loading 
are illustrated through several examples chosen to illustrate its feasibility, versatility and accuracy. 
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2.  ASSUMPTIONS 
 
The following assumptions are made in the formulation: 
 The beam is prismatic and slender, with the Euler-Bernoulli hypothesis being valid; 
 Warping deformations, shear deformations and the Wagner effect are neglected, so that lateral 

buckling is not considered; 
 The loads increase and decrease incrementally and proportionally; 
 The loading is conservative, with both nodal and element loading being admissible; and 
 The strains are small but large displacements are included. 
The transverse loading is not restricted as can occur in conventional finite element formulations, 
insofar as the lumped and consistent nodal approaches are not merely used to treat the transverse 
element load. 
 
 
3. DISPLACEMENT FUNCTION FOR HIGHER-ORDER BEAM-COLUMN 

ELEMENT 
 
The vector of deformations along an element are taken as u = {u, v, w, }T, which comprise the 
deformations u in the longitudinal x-direction, v in the y-direction, w in the z-direction and the twist 
 about the x-axis.  Because the displacement functions for the element representation herein are 
referred to a co-rotational coordinate, the dependent variables for the transverse displacement v and 
w are replaced by the nodal rotations z and y about the z and y-axes, respectively.  These 
rotations are the dependent variables which define the transverse displacements in the element 
stiffness formulation which follows. 

        
Figure 1. Equilibrium of Beam-column Element about z-axis under Element Loadings 

 
External transverse element loads on an element generate additional non-linear effects that are 
manifested in the second-order element solution.  To this end, the effect of transverse loading in 
the element is taken into account in the magnitude of element stiffness formulation, in which a 
relationship between the deflections and the loading under transverse element loads is modelled 
accurately and adequately using a single element.  As a result, apart from satisfying the primary 
kinematic boundary conditions, the displacement function proposed which includes the general 
transverse element distributed loading q and concentrated loading Q shown in Figure 1 can be 
derived by satisfying the secondary statical boundary of force equilibrium.  Without loss of 
generality, the mid-span moment M0 obtained by superimposing the loading effects using 
elementary force statics, is used in the equilibrium condition for moments about the z- and y-axes; 
this superposition being valid prior to the commencement of the non-linear analysis.  Further, the 
second-order moments Pv and Pw due to the member P- effects are also introduced into the 
equilibrium equation when equilibrium is formulated along the element instead of at the end nodes 
of the element.  It is therefore helpful to incorporate the member bowing and element load effects 
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into the element stiffness formulation based on a single element, whose higher-order elastic 
displacement function is derived in the following. 
 
Linear functions are assumed for the axial deformation and twist; pure axial deformation and twist 
are assumed as being independent of the element load effect, so that 
 

  211 uuu      and     211 xx   ,             (1) 

 
in which u = u1 at x = 0, u = u2 at x = L are the axial nodal deformations,  = x1 at x = 0,  = x2 at 
x = L are the twist nodal deformations, and where  = x/L.   In order to include the member 
bowing effect and transverse element loading in a single element, the kinematic boundary 
conditions about the y-direction are 
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while the equation of bending given by 
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leads to the deflection  
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or 
 

02211 MLNLNLNv qzz   ,                 (6) 

 
in which 
 

EI

PL2

                       (7) 

 
is a dimensionless axial load parameter and N1, N2 and Nq are displacement functions with respect 
to the first and second node rotations, and element loads, respectively.  The equivalent mid-span 
moment 0M  for a variety of element loads is given in Appendix 1, which represents the amount of 
the equivalent mid-span moment produced by various element loads and derived analytically from 
a force equilibrium equation. The transverse displacement v in the z direction can be similarly 
defined. 
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An elementary verification of the functions in Eqs. 5 and 6 can be established for a fixed beam 
under a point load applied at mid-span, for which 1 and 2 are zero and using a = L/2 by Eqs. 72 or 
73 in Appendix 1 reduces to the exact theoretical solution for the mid-span deflection of QL3/192EI 
(x = L/2).  Similarly for a uniformly distributed load instead of a point load at mid-span, the 
displacement function produces the exact mid-span deflection of qL4/384EI using Eq. 76 in 
Appendix 1.  Further theoretical verifications of displacement function for more general load 
distributions are discussed in Section 6. 
 
It should be noted that the higher-order displacement function Nq in Eq. 5 is independent of the 
loading regime along the element.  The different element load solutions for different loading 
regimes is merely incorporated into the equivalent moment 0M  with respect to mid-span given in 
Appendix 1 which does not depend on the independent variable x, but on the magnitude of the 
loading and the point of application of the load with respect to the mid-span location.  This 
significantly implies that the different element loading regimes vary with the magnitudes of 
stiffness matrix in lieu of stiffness matrix itself, and so only the fundamental load cases listed in 
Appendix 1 are needed to customize complex loading regimes in the second-order analysis.  The 
distribution of complex loading regimes is therefore condensed into the magnitude of stiffness 
matrix in terms of equivalent moment 0M  at mid-span, for which provides the initial perturbation 
for triggering the member bowing effect due to its transverse element loads. 
 
 
4.  STIFFNESS FORMULATION FOR HIGHER-ORDER  

BEAM-COLUMN ELEMENT 
 
The internal strain energy U caused by the axial strain x and twist strain x in the element 
continuum is considered in order to formulate the stiffness matrices in the present second order 
elastic beam-column element.  It is routinely given by 
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which can be expressed as [6] 
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in which EA is the axial rigidity, EIy and EIz the flexural rigidities about the y and z-axes 
respectively, GJ the torsional rigidity, P the axial force; and E is the elastic modulus and G the 
shear modulus. 
 
In this study, external loads are produced by nodal force vectors fk and element load vectors k, so 
that the external work done V comprises of two components.  The first of these is the work done 
by the nodal forces fk in moving through nodal displacements uk, while the second is the work done 
by the transverse element load k moving through the assumed transverse displacement field 
associated with the element displacement function vector N over the element length, in which uk = 
<u, z1, z2, x, y1, y2>T with u = u1 – u2 and x = 1 – 2.  The principle of superposition can be 
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applied to simplify the effect of the element load k on the external work V, for which in 
accordance with the assumption of conservative loading the work done V caused by the element 
load vector k moving through the element deflections represented by N is independent of the axial 
load P (and thus axial load parameter ) throughout; hence setting  = 0 gives 
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The elastic force-displacement relationship is derived from the total potential energy  of the 
general beam-column element subjected to both nodal and element loads.  For second-order 
analysis, the total potential is the sum of the internal strain energy in Eq. 9 and external work done 
in Eq. 10, giving  
 

.d
d

d

2
d

d

d

2

d
d

d

2
d

d

d

2
d

d

d

2
d

d

d

2

TTT
22

2

2

2

2

2222

kkkL kLL

y

L

z

LLL

xx
x

GJ
x

x

wEI

x
x

vEI
x

x

wP
x

x

vP
x

x

uEA

fuΦNu 



















































d


      (11) 

 
The strain energy functional in Eq. 9 depends not only on the variables uk but also on the axial load 
parameter .  Hence from Castigliano’s first theorem of strain energy, the secant stiffness matrix 
is obtained from 
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This then leads to 
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in which () = ()y or ()z as appropriate. Eq. 12 also leads to 
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in which e = u = u1 – u2, Pi is the axial load at i-th node and 
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It can be seen the internal strain energy U is load-dependent, so that coupling of the external 
element load and the element deformations is inherent in the present non-linear stiffness 
formulation of Eqs. 13 to 18.  
 
Again, it is noteworthy that despite there being a vast range of possible element loading pattern, the 
line integration with respect to x in Eq. 11 is essentially unchanged against a plethora of transverse 
element loads, because the use of principle of superposition prior to non-linear procedures separates 
the element load effect from deformations along an element Nq.  As a result, the element load 
effect merely depends on the magnitude of the term 0M  associated with the particular loading 
pattern, as given in Appendix 1.  This salient feature provides a crucial insight into the generalized 
stiffness matrix of an element for a member regardless of a diverse element load cases instead of 
the magnitude of the term 0M  being formulated in the non-linear stiffness formulation.  The 

nonlinearity of element load effect can be traced through the magnitude of element load 0M  

through incremental load factor i in the nonlinear solution procedures.  This feature avoids the 
need for tedious and numerous stiffness matrices under a plethora of general element loading 
patterns, leading to a simple, versatile and generalized stiffness formulation.  The secant stiffness 
coefficients Cq, bq1 and bq2 which account for the element loading therefore vary between different 
loading patterns by altering the magnitude 0M  only. 
 
The coefficient Cq induces the second-order moment due to the coupling of both the lateral element 
loads and the axial loads, whereas bq1 and bq2 quantify the axial force effect from this coupling.  
However, when there is no axial force and so  = 0, bq1 and bq2 are 0 and -12/3,870,720  -3.110-6 
respectively.  The last term bq2

2
0M  may still be of certain contribution to axial resistance P due to 
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element load that in turn represents elongation caused by element load because of the squaring of 

0M .  It should be emphasized that in most previous research on non-linear analysis, the coupling 
effect between the lateral load and the element stiffness has been neglected in non-linear finite 
element formulations. 
 
The large deformations and the inclusion of the axial force parameter  into the element 
formulation herald a potential situation for which convergence may be somewhat difficult.  In 
addition, the member axial force term  involves the bowing functions b1 and b2, which in turn are 
functions of .  Hence, Eq. 18 can be written in the form 
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in which  is the only unknown.  The iterative procedure for which an equilibrium condition is 
sought, as also mentioned by Chan and Zhou [3] and Kassimali [11], proceeds by letting i be an 
approximate solution of this equation (), which can measure the equilibrium condition within 
the element formulation.  The first order Taylor expansion of this equation () is 
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in which () = d()/d.  Further, from Eq. 24 
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in which the expression for H also forms a part of the stiffness coefficients in the tangent stiffness 
matrix given subsequently, and also H, 1qb  and 2qb  are also given in Appendix 2.  It is 

interesting to note that the bowing function b1 is stationary with respect to .  An updated value of 
 is thus obtained from 
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The tangent stiffness matrix is obtained by taking the second derivative of the total potential 
functional in Eq. 11 with respect to the variables uk and axial load parameter .  When the work 
done V is linear, this differentiation results in 
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The tangent stiffness matrix of the beam-column element incorporating the response of the element 
load derived in this way is 
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in which  is torsional rigidity of (GJ+Pr2)/EI and it relates the incremental deformation to the 
corresponding external loads applied to an element in the member coordinates, in which Kij, Gi 
and H are given in  Appendix 2, I is the relevant second moment of area about which bowing is 
considered and  = I/I ( = y or z). 
 
The tangent stiffness matrix needed for assembly and transformations in global coordinates KT is 
 

  TLMTKTLLKLK  
elements

T

elements

T
teT ,            (30) 

 
in which T is the transformation matrix relating the member forces to the element forces in local 
coordinates, L is the transformation matrix from the local coordinates to the global coordinates and 
M is a stability matrix to allow for the work done by rigid body motions or the change of 
geometry of the structures as also shown in [12].  Because of the nature of the non-linearity in Eq. 
11, an incremental-iterative solution procedure is needed to trace the non-linear equilibrium path, 
including the non-linearity due to transverse element load effect. 
 
 
5.  ILLUSTRATION OF ELEMENT LOAD EFFECT 
 
Figure 2 illustrates the theoretical principle of load lumping numerical procedures using the 
conventional finite element.  A transverse element point load Q is firstly applied at mid-span at a 
node between two elements, as in Figure 2(a).  The deflection of the beam is such that its 
load-deflection response satisfies the tangent stiffness relationship; there is no axial deformation at 
the support as indicated in Figure 2(b) because there is no axial component initially in the tangent 
stiffness in the context of the conventional finite element method.  In Figure 2(c), the secant 
stiffness determines the member resistance in accordance with the deformations of the finite 
elements (transverse deflections only); the axial force P results from the extension of the element 
due to deflection alone which attempts to balance the external point load Q by its vertical 
component due to the slightly deflected geometry; and thereby the unbalanced axial force appears 
in the next iteration.  In the second iteration in Figure 2(d), the axial deformation e (longitudinal 
movement) at the roller end is computed from the tangent stiffness relationship corresponding to 
the unbalanced axial force P component.  In Figure 2(e), the unbalanced axial force from the first 
iteration caused by the axial member force P is cancelled by axial resistance from the secant 
stiffness relationship in accordance with the axial deformation e; equilibrium is achieved only if the 
convergence criterion is satisfied.  In summary, the conventional finite element using lumping 
load method requires at least two elements and iterations to achieve equilibrium for this simple 
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Q

Q

P P

Q

e Q

e Q

beam so as to include the element load response.  Equilibrium can only be achieved through 
global system analysis, and so the element load response is solved at the global level using the 
conventional finite element method. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 2. Numerical Procedures using the Conventional Finite Element Method 

 
According to the present element load approach, once the transverse element point load Q is 
applied at the mid-span of the single element used to model a simply-supported beam (Figure 3(a)), 
the axial deformation e is computed from the tangent stiffness equation (Figure 3(b)).  Despite 
there being no axial external load or unbalanced force component at the first iteration, the terms 
involving the coupling between the rotations  and the axial deformation e in the tangent stiffness 
matrix KT in Eq. 29 allow for the axial deformations of the element to be computed according to 
vertical component of point load Q.  Subsequently, the axial member force P (Figure 3(c)) in Eq. 
18 is self-equilibrated which is determined from the secant stiffness formulation KS in Eqs. 13 to 18 
and which encompasses the axial effect through e/L, the flexural effect through  as well as the 
element load effect through 0M  and thereby maintains equilibrium at the element level; hence no 
unbalanced force is induced for the next iteration.  Therefore, one iteration is theoretically 
adequate to achieve equilibrium for this simple beam subjected to element load, and it leads to 
efficient numerical convergence. 
 
For simply speaking, the conventional finite element method accounting for the element load effect 
is reliant of the system analysis, whereas the present approach for the element load effect resorts to 
the sophisticated element stiffness formulation within element level, into which the element load in 
terms of 0M  is incorporated. 

a) No lateral movement at roller 
support 

b) Vertical deflection by tangent 
stiffness

c) Unbalanced forced by secant 
stiffness 

d) Axial deformation by tangent 
stiffness 

e) Achieving equilibrium condition 
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Figure 3. Numerical Procedures using the Present Approach 

 
 
6.  NUMERICAL VERIFICATIONS 
 
This section firstly validates the displacement function for an element, for which the deflections 
obtained with the first-order effects of transverse load are compared with exact analytical results 
from the linear elastic method.  A simple beam subjected to various regimes of transverse load 
using second-order analysis with or without axial load is then investigated.  Following this, two 
small-scale elastic framed structures are investigated using the second-order procedure; one is a 
right-angled frame and the other a two-storey frame under uniform loading in which P- effects 
take place.  In these validation studies, a single element is used for each member of the framed 
structures in order to study the element solution. 
 
6.1  Deflections of a Prismatic Beam 
 
6.1.1 Propped cantilever subjected to a point load 
 
 
 
 
 

 
Figure 4. A propped Cantilever subjected to a Mid-span Point Load 

 
Figure 4 shows a propped cantilever subjected to a concentrated load Q at mid-span, for which the 
theoretical mid-span deflection is   EIQL37687 , of which is derived from the linear 
elastic analytical method (e.g. unit load method). 
 

a) No lateral movement at 
roller support 

b) Deformations by tangent 
stiffness 

c) Achieving equilibrium 
condition 
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Using the consistent load method with a cubic element, the consistent load with respect to a 
released freedom, as well as the corresponding rotation, is 
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at x = L/2 produces 
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which is 57% different from the exact result.  Using the higher-order element of this paper with 
the element load, when the axial force parameter  = 0, the functions N1 and N2 in Eqs. 5 and 6 are 
the same as those of a cubic element.  The function Nq can calibrate its element solution due to 
element load from cubic element, and using Eqs. 52 or 53 in Nq (Appendix 1). Eq. 5 produces 
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which is the same as the exact result.  It can therefore be seen that the higher-order element load 
component Nq produces the exact solution, but using a cubic interpolation polynomial yield an 
answer that differs 57% from the exact one. 
 
6.1.2. Simply supported beam subject to a point load 
 
Figure 5 shows a beam subjected to a concentrated load at either a third point or at mid-span.  For 
a load at mid-span (Figure 5(a)), the theoretical deflection is   EIQL3481 .  The 
consistent load and nodal end rotations are obtained from 
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and using a cubic element, Eq. 32 produces 
 

EI

QLL

EI

QLL

EI

QL
v Lx 64848

3

848

3
|

322

2 












 ,              (36) 

 
which is 25% different from the correct result.  However, using Eqs. 52 or 53 in Nq (Appendix 1). 
Eq. 5 produces 
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Figure 5. Simply-supported Beam subjected to a Point Load at Different Locations 
 
which is the same as the theoretical result.  For a third-point load (Figure 5(b)), the consistent load 
and nodal end rotations are obtained from 
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and so for the consistent load method using a cubic element (Eq. 32) 
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which differs by 22% from the exact result   EIQL3129623 .  Using the present element 
load method with a higher-order element, it is not necessary to derive a new displacement function, 
but instead using a = L/3 in Eq. 52 in Appendix 1 gives 2

0 8 3M QL EI  and so, from Eq. 5 
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which is only 2% less than the exact solution and clearly much closer than the cubic displacement 
function.  For third-point loading (Figure 5 (c)), the third-point deflection using a cubic element 
(with Eq. 38 for the rotations) is 

a) Mid-span deflection of beam under a 
mid-span load 

b) Mid-span deflection of beam under a 
third-point load 

c) Third-point deflection of beam under a 
third-span load 
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which is 22% different from the exact result   EIQL3218736 .  For the higher-order 

element with the element load effect, 0M  is the same but the new location x = L/3 is used for Nq, 

giving 
 

 
EI

QLLEIQL

EI

QL
v Lx 2187

34

3

1

3

1
2

3

1

48

38

2187

28
|

343223

3 































 ,        (42) 

 
which is 5.6% different from the exact result.   
 
6.1.3. Simply supported beam with trapezoidal loading 
 
A simply supported beam with distributed loading in two trapezoidal patterns is shown in Figure 6; 
this example being chosen to demonstrate the use of superposition.  For the case in Figure 6(a) 
where the trapezoidal loading is rectangular, the consistent load and nodal rotations are 
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Figure 6. Simply-supported Beam subjected to various Trapezoidal Loads 
 
and so the mid-span deflection using a cubic element is 
 

EI

qLL

EI

qLL

EI

qL
v Lx 2592

13

8648

13

8648

13
|

433

2 












 ,            (44) 

 
which is 24% different from the exact result   EIqL4104,31205 .  The equivalent 

mid-span moment of Eq. 58 in Appendix 1 when a = L/3 and b = 2L/3 is EIqLM 910 3
0  , 

producing 
 

a) Mid-span deflection of beam under partial uniform load 

b) Mid-span deflection of beam under trapezoidal load 
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for the higher-order element, which is within 1.95% of the exact result.  A typical floor loading 
pattern is obtained by adding two triangular distributed loading portions to the uniform distribution 
in Figure 6(a), to produce the pattern in Figure 6(b).  For this, the consistent load and associated 
end rotations are 
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for which the mid-span deflection using a cubic element is 
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which is 22% different from the exact result   EIqL4520,1551681 .  On the other hand, 

the value of 0M  for the higher-order element can be obtained by adding Eqs. 58, 63 and 68 in 

Appendix 1, giving 
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And Eq. 5 produces 
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which is within 0.95% of the exact result.  
 
In conclusion, the present higher-order element can improve the accuracy of first-order element 
solution in terms of deflection subjected to the diverse kind of loading patterns remarkably 
compared to the cubic element.  Further, the solutions at other locations seem to be as somewhat 
less accurate as the solution at mid-span, but these solutions are still regarded as a good agreement 
with the exact solutions. 
 
6.2  Numerical Results for Beam-column Deflections with Varied Locations 
 
The previous study indicated the accuracy and versatility for an elastic beam under a variety of 
element loading regimes, whose behaviour is first-order.  The present example illustrates the 
deflections with varied locations of a beam-column element under different element loads with and 
without second-order effects considered.  The profound implication of this example is to extend 
the capability of element solution to the higher degree of accuracy in the field of displacement with 
recourse to the present analysis with element load effect.  On the contrary, one conventional cubic 
element by virtue of the consistent load method is deficient at evaluating the element solution.  
Actually, the consistent load method is incapable of predicting the second-order element solution 
when regardless of equilibrium condition in the assumed finite element function.  To this end, this 
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example is targeted for demonstration of the present element load method that is valid for the 
second-order element solution using only one element. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7. Deflection of a Beam under Uniform Distributed Load at Mid-span 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 8. Deflection of a Beam under Uniform Distributed Load at One-third of Span 
 

EI

qL

384

4 4 







EI

qL

EI

qL

384

5

384

5 44

4qL

EI

qP/L


P

q



EI

qL

972

9 4









EI

qL

EI

qL

972

11

972

11 44

4qL

EI

qP/L
P



L/ 3

q



L/ 3



   Novel Non-Linear Elastic Structural Analysis with Generalised Transverse Element Loads using a Refined Finite Element     239 

 

Figures 7 and 8 show a simply supported beam subjected to a uniformly distributed load q (5kN/m), 
and they respectively plot the normalised beam deflection at mid-span and one-third of span 
EI/qL4 against the load factor  whose incremental value complies with various load method.  
The proposed method is able to produce numerically the accurate deflections at mid-span and 
one-third of span as depicted in Figures 7 and 8, respectively, whose values are plotted in the 
figures inside the parenthesis correspondingly, in which the values from cubic element and exact 
solution from simple beam theory (first-order) are also indicated.  On the other hand, one cubic 
element using consistent load is unable to replicate the first-order theoretical solution as shown in 
Figures 7 and 8.  In regard to second-order element solution, the present element load method is 
able to predict the same deflection solution as obtained using the stability functions (second-order), 
in which coupling between the transverse element load and axial compression is incorporated. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 9. Deflection of a Beam under a Single Point Load at Mid-span 
 
 
A counterpart analysis with a concentrated load Q (10kN) at mid-span and one-third of span is 
presented in Figures 9 and 10, respectively, with the normalised beam deflection EI/QL3 plotted 
against the load factor .  Similarly, the disparity between cubic element with the consistent load 
method and theoretical solution are notably present, as indicated in Figures 9 and 10. Their 
disparity of first-order mid-span deflection is exactly 25% as also stated in the Section 6.1.2.  On 
the contrary, the first-order deflections at mid-span and one-third of span from the present analysis, 
which display inside parenthesis in Figures 9 and 10, respectively, are both close to the exact 
solutions. 
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Figure 10. Deflection of a Beam under a Single Point Load at One-third of Span 
 
 
A beam with two point loads Q (10kN) located at quarter points is shown in Figures 11 and 12 for 
the load-deflection solution at mid-span and a quarter of span in order to demonstrate the principle 
of superposition adopted in the numerical formulation.  The normalised deflections EI/QL3 at 
mid-span and a quarter of span against load factor  from present analysis is respectively plotted in 
the Figures 11 and 12 are shown to be in good agreement with the exact solution for first-order 
analysis except the cubic element using consistent load method.  Their first-order deflections from 
the present analysis are shown inside the parenthesis in the corresponding figures.  The axial force 
introduces second-order behaviour into the element solution, and its solution is the same as that 
determined from the stability functions.  Therefore, the present approach with the element load 
effect can successfully demonstrate its accuracy of the first-order element load effect as well as 
second-order coupling effect. 
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Figure11. Deflection of a Beam under Two Point Loads at Mid-span 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure12. Deflection of a Beam under Two Point Loads at a Quarter of Span 
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It should be remarked that, according to the present analysis with element load effect, the 
discrepancy between the deflections at mid-span and other locations are very insignificant as 
similarly demonstrated in the previous example that the first-order deflections were studied.  It 
can be concluded that, despite the sacrifice of load distribution effect at other locations but 
mid-span, the present analysis with element load effect can still produce accurate element solution 
in terms of displacements along an entire element.  Therefore, the present analysis with element 
load effect is very capable of analysing the whole element solution of either a bending beam or a 
typical buckling member. 
 
Further, this example can demonstrate that a single present higher-order element function with 
element load effect can generalize and replace the plethora of stability functions with different 
element loads, in which the present element load method is same but changing the magnitude of the 
equivalent mid-span moment coefficient 0M  only in a robust manner.  In summary, the stability 

functions with a plethora of element load scenarios can be transformed into a single present 
generalized element load method without loss of accuracy along an element itself. 
 
 
6.3  Postbuckling of Right-angled Frame 
 
Roorda [13] and Koiter [14] provided the first experimental and analytical results respectively for 
the right-angled frame shown in Figure 13, with the analytical formulation accounting for member 
bowing and for postbuckling.  This structure was later studied by Argyris and Dunne [15] and 
Chan and Zhou [2].  The right-angled frame in Figure 13 with pin supports was analysed herein 
with a member point load P at an eccentricity of e = 254 mm (10 inch), applied directly to the beam 
without resolving it as an eccentric moment and point loads at the element nodes.  The 
cross-section, geometry and material properties of the frame are given in Figure 13, which also 
plots the joint rotation  against the dimensionless load P/PE, where PE is the Euler load.  The 
proposed non-linear modelling using only one element produces results which are in close 
coincidence with those of Chan and Zhou [2], as well as approaching the postbuckling response of 
the perfect frame (e = 0) given by Koiter.  This example validates that the present approach is 
capable of accounting for the element load effect including member bowing and postbuckling of a 
simple framed structure in which load transformation is needed between member and global 
coordinates.  It should be noted that the present analysis produces slightly larger joint rotations 
than those obtained by Iu and Bradford [6] which utilise lumped loading, as the axial load due to 
element load effect produced in the beam due to its restraint induces a further minor second-order 
element load effect.  
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Figure 13. Load-deformation Response of Right-angle Frame 
 
6.4  Two-storey Rigid Sway Frame 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

Figure 14. Geometry of Two-storey Building Frame 
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Applied forces in practical engineering frames such as wind load, imposed live load and dead load 
commonly act along the elements, and these loads contributed to sway effect in rigid frames [16].  
The present element load method is important, therefore, to be able to use an element permitting 
element load effects in second-order frame analysis.  The two-storey frame shown in Figure 14 
has been studied; this frame was also analysed by Zhou and Chan [9] and its geometry, 
cross-sections and material properties are given in Figure 15.  The frame is subjected to uniformly 
distributed gravity loading q on both beams and to a lateral (wind) loading q, where  is taken as 
10-3, 10-2 and 10-1. 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 15. Lateral Drift  and Load Factor Relationship for Two Storey Frame 

 
Figure 15 shows the sway behaviour in terms of the lateral drift of the roof of the building, which is 
affected by both P- and P- responses.  The lateral force parameter  has a large influence on the 
frame behaviour, with the structural responses being different for the three values of  considered.  
It can be seen, however, that the discrepancies between the results using the lumped loads and the 
present element load approach for each value of  are not overly large.  This is because the most 
significant contribution to the P- sway effect is the lateral force rather than nodal moments that 
are neglected in the lumping load method, so that the lumping load method retains the important 
lateral force effects and its effect especially for low axial forces is very minor.  With larger loads 
the discrepancy increases owing to the coupling effect between the element load effect and the 
element stiffness, as in Section 6.2.   
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7.  DISCUSSION AND CONCLUDING REMARKS 
 
This paper presents a profound impact on shifting the nodal solution (robust system analysis) to 
both nodal and element solution (sophisticated element formulation) and opens a door to study the 
element solution using an element itself, when element load directly acting on an element is 
ubiquitous.  For the traditional numerical approach, a whole domain must be divided into 
sub-domain, and the approximate function aims at reproduce the accurate solution for this 
sub-domain, unfortunately, restrictive to the nodal solution through the system analysis.  
Therefore, the present analysis provides an alternative but unique means to study first- and 
second-order element solution effectively without element discretization. 
 
This paper possesses another important implication of superimposition principle being imposed in 
the derivation of element stiffness formulation that the numerous number of general element 
loading scenarios can be simply and succinctly unified from a few of standard individual load cases 
afore non-linear analysis, during which the element loading distribution of any kinds is converted 
into the standard loading magnitude at mid-span.  Meanwhile, this magnitude of element load 
coefficient, such as 0M , updates in the course of the non-linear solution procedures for the sake of 
tracing second-order element solution.  As a result, despite trading off the element load 
distribution for that the element stiffness with element load effect is unnecessarily reformulated for 
a diverse kind of element load cases, the present numerical analysis is therefore versatile and 
adaptive to a structure under diverse element loading types and scenarios without loss of accuracy 
considerably. 
 
In addition, in contrast to the numerous stability functions with a plethora element load scenarios, 
the present higher-order element functions is basically same but adjusting the equivalent mid-span 
moment 0M  for the corresponding element load cases, but results in an accurate solution as the 

stability functions as elaborated in Section 6.2. In contrast to the conventional finite element being 
irrelevant to element loads, such as the cubic element or other advanced finite elements in the open 
literature, in which all element load effect taking into account at nodes through the system analysis 
without considering the element solutions, the present higher-order element can accurately evaluate 
the first- and second-order elastic element solution by element itself when subjected to element 
loads. In short, the present higher-order element function with element load effect can generalize 
and replace the numerous stability functions with a plethora of element load scenarios and its load 
combinations in a simple, efficient, effective, versatile and robust manner.   
 
In conclusion, based on all above mentioned benign features and advances, the present 
second-order elastic analysis with element; load solution is adequately articulated as being an 
accurate (solution), simple (formulation), versatile (applications and non-linear behaviour), 
efficacious (computational speed) and effective (numerical modelling and computational storage) 
approach, which is favourable to the practical applications for the general steel structures subjected 
to the multiplicity of random loading cases; especially the reliable structural safety and adequacy of 
an element (member) can be assured. 
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Appendix 1. Equivalent Mid-Span Moment 0M  
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Appendix 2.  Stiffness Terms 
 
The terms Gi ( = y or z, i = 1 or 2) in Eq. 26 are: 
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