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ABSTRACT: Chord reinforcement is an available alternative to improve the static strength of the welded square
tubular joints. Four full-scaled square tubular Y-joints are studied experimentally to investigate the effect of local
chord reinforcement on their static strength. From experimental results, it is found that the static strength of a square
tubular Y-joint can be improved greatly by increasing the chord thickness locally near the brace/chord intersection.
The failure mode of an un-reinforced Y-joint can be changed from local yielding around the brace/chord intersection
to flexural yielding of the chord member when the local chord thickness is increased to a critical value. In addition,
finite element (FE) models for analyzing the static behavior of square tubular Y-joints are also presented, and the
accuracy and reliability of these models have been evaluated by comparing the FE results with experimental results.
Finally, influence of some parameters (L./d, f, y and Ti/t) on the static strength of square tubular Y-joints with local
chord reinforcement is studied, and a parametric equation for predicting the static strength of square tubular Y-joints
with local chord reinforcement under axial compression is presented. The accuracy of the presented equation is
verified through error analysis.

Keywords: Square tubular T-joints, chord reinforcement, finite element, static strength, parametric equation

DOI:10.18057/1JASC.2016.12.3.1

1. INTRODUCTION

The static strength of welded steel tubular joints is of considerable importance, both in the design
stage and during servicing time. One of the primary design concerns for steel tubular structures is
the static strength of the connection between different tubular members (namely tubular joint). As
high stress concentration exists at the weld toe, failure generally occurs on the chord surface around
the weld. For a tubular joint, the brace members are mainly subjected to axial loads, and thus the
chord is frequently subjected to the load in its radial direction. Due to the hollow section, the radial
stiffness of the chord is much smaller than the axial stiffness of the brace. If the static strength of a
joint is found to be inadequate, various methods are available to reinforce it. The most commonly
used reinforcements in tubular structures, such as doubler-plate, collar-plate, internally stiffened
ring and infilled concrete, have been reported in the literature.

The fatigue behavior of internally ring-stiffened welded steel tubular joints was investigated by
Gandhi et al. [1], who created an extensive database on internally ring-stiffened steel tubular joints,
and experimental investigations on internally ring-stiffened steel tubular joints with different
geometries were conducted under various loading conditions and environments. Van der Vegte et al.
[2] studied the static strength of Y-joints reinforced with doubler- or collar-plates by using both
numerical and experimental methods, and the numerically and experimentally determined
load-ovalization curves reveal a very good correlation. The results show that a significant strength
enhancement can be achieved through proportioning the doubler-plate. Lee and Llewelyn-Parry [3]
conducted a detailed parametric study on the static strength of axially loaded tubular T-joints with
internal ring-stiffeners, and they carried out nonlinear finite element analyses to evaluate the
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accuracy and the validity of the numerical procedure through comparison with tested results in
other literature. Nazari et al. [4] presented parametric equations for predicting the stress
concentration factors (SCF) for tubular T-, Y-, K-, X-, and DT-joints reinforced with doubler-plate,
and a sensitivity analysis is performed for describing the effect of joint types on the SCF stress
concentration factors. The numerical study of doubler-plate stiffened CHS T- and X-joints
subjected to in-plane bending was carried out by Choo et al. [5] to investigate the failure modes and
the load transferring mechanisms of such joints with different sizes of doubler-plate, and the design
recommendations were presented for the doubler-plate reinforced X-joints. The hysteretic behavior
of circular tubular T-joint reinforced with collar-plate under quasi-static cyclic loading was studied
experimentally by Shao et al. [6]. Through experimental observation, the failure position was found
to be transferred from the weld toe along the brace/chord intersection to the corner of the
collar-plate, and therefore the reinforced circular tubular T-joints can dissipate more energy and
have better ductility. Gao et al. [7] carried out experimental study on concrete-filled steel tubular
arches with corrugated steel webs. It was found that the infilled concrete can improve the local and
global buckling of the steel tube, and the static strength of the joint is then increased efficiently.

As a novel and innovative reinforcing measure, local chord reinforcement is an alternative in
improving the static strength of tubular joints. The significant effectiveness of this reinforcing
method has been studied by Shao et al. [8]-[9]. This method remedies the defect that a doubler- or a
collar-plate cannot be used for multi-planar tubular joints with several brace members connecting
to the chord, and it does not influence the joint appearance. This reinforcing method has been
applied in engineering practice such as Guangdong Science Center in China. However, it is still
necessary to conduct further study on the reinforcing efficiency of this method for design purpose.

This study then aims to carry out detailed investigation to propose convenient yet accurate
estimation on the static strength of a square tubular Y-joint with local chord reinforcement under
axial compression. The overall research program involves both experimental tests and finite
element (FE) studies. Through verifying the reliability of the FE model against the experiments
described, an extensive parametric analysis is conducted, and finally a parametric equation is
presented to be possibly used in practical design stage.

2. EXPERIMENTAL TEST
2.1 Specimen Details

Generally, a tubular joint is consisted of two or more hollow section tubes. The large through
member is called chord, and the other branch members are called braces which are welded directly
onto the chord surface. Figure 1 shows the fabrication of a square tubular Y-joint, in which the
brace end is profiled firstly, and then it is welded onto the chord surface directly by using full
penetration welds. Because welding process can produce uneven temperature distribution around
the brace/chord intersection, it is carried out on-site after installation to avoid large residual
deformation.
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The schematic arrangement of a square tubular Y-joint specimen is illustrated in Figure 2. The
chord is strengthened near the brace/chord intersection by increasing the tube thickness locally, and
the outer width of reinforced tube is same to that of the un-reinforced tube to keep the outer surface
of the two tubes are coplanar. The locally reinforced segment is connected to the un-reinforced one
by using butt weld in which a gradient of 1:2.5 is used to connect the different tube thicknesses.
The reinforcing efficiency of this method can be controlled by varying the thickness 7c and the
length Lc of the enhanced segment. The joint is considered not to be reinforced when 7c=fo and Lc
=Lo. The geometries of all the specimens used in the experimental tests are summarized in Table 1.
The specimens include two reinforced models and two corresponding un-reinforced ones. The
reinforced square tubular Y-joints have same dimensions as the un-reinforced specimens except
that the chord of the reinforced segment has a larger value of thickness and length. The chord and
the brace of each square tubular Y-joint specimen are fabricated by seamed carbon steel pipe while
the reinforced segment is obtained by welding four steel plates together. It is noted that the
reinforced segment can be also fabricated by rolling a steel plate into a square tube when the
thickness of the reinforced tube is not quite big and the fabrication is easily processed. However,
four steel plates are suggested to be welded together when such thickness is quite big due to easy
fabrication. When four steel plates are welded together to form a square tube, the welding side of
each steel plate is also profiled to be a slope, and partial but weld is used to connect two adjacent
plates together. Both chord ends are welded onto a steel plate, and each plate is welded two ear
plates pinned to the supports to produce hinged boundary conditions at the chord ends.

Figure 2. A Chord Reinforced Y-joint

Table 1. Geometry of Specimens

NO. (rrl:ron) (rrlzrln) (ni(r)n) (niln) (nLuOn) (HLlrln) L(;nm) (n{rcn) p 2y | a(®
Ex-1 | 180 | 70 8 8 | 2437 | 467 | — — 1038 [22.5 | 505
Ex-2 | 180 | 70 8 8 | 2437 | 467 | 200 | 16 [0389 [225 |50.5
Ex-3 | 160 | 100 8 8 | 1959 | 550 | — — 10.625 [200 |745
Ex-4 | 160 | 100 8 8 | 1959 | 550 | 200 | 16 |0.625 |20.0 |74.5

The specimens are made up of Q235 steel which is widely used in steel structures in China. A
uni-axial tensile test is conducted to measure the mechanical properties of the steel materials, such
as steel yield stress, tensile stress, elastic modulus and elongation percentage. The measured results
are listed in Table 2. The coupons used in the uni-axial tensile tests are shown in Figure 3. The steel
materials of the pipes used in the square tubular Y-joint specimens have good plasticity as shown in
Figure 4, in which the experimentally measured stress-strain curves are plotted. The material
properties of the reinforced segments are obtained from the manufacturers.
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e
Figure 3. The Standard Coupon Test
600+
500
§ 400
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strain/ %
Figure 4. Stress-Strain Curves
Table 2. Material Properties
Yield stress | Ultimate stress PN
NO. (N/mm?) (N/mm?) Elongation (%)
EX-1 340 499 26
EX-2 348 527 22
EX-3 415 529 22
EX-4 417 529 23
Reinforced segment 280 455 26
2.2 Test Setup

All experimental tests are conducted in a test rig as shown in Figure 5. The test rig has a maximum
loading capacity of 500 kN, and the maximum magnitude of the axial displacement is +75mm. The
test rig has a special data acquisition system which can collect and export real-time applied load
and the axial displacement at the brace end. During the experimental test, the specimens are pinned

at both ends of the chord, and the load is applied at the brace end in axial direction.

- 3 i

w i i
Figure 5. Test Setup
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During the tests on the un-reinforced specimens, LVDTs are placed on both the upper and lower
surface of the chord at the brace/chord intersection, as shown in Figure 6(a), to measure the
deformation of the chord in transverse direction. However, for the reinforced specimens, LVDTs
are placed on a location near the chord intersection which is the maximum deformation position
and is estimated from finite element analysis, as shown in Figure 6(b).

! o -
(a) Un-reinforced Joints (b) Reinforced Joints
Figure 6. Arrangement of LVDTs

2.3 Loading Scheme

In the elastic stage, loading is controlled gradually at a speed of 10kN/min. The loading control is
changed to displacement control at a speed of 0.5mm/min when a critical point in the
load-displacement curve initiates and nonlinear stage begins. Displacement control is used in this
stage because a large deformation may occur even though only a small loading increment is applied.
During the tests, the applied loads and the axial displacement at the brace end can be both recorded
automatically from the data acquisition system. The deformation of the joint can be measured from
the LVDTs.

3. FINITE ELEMENT ANALYSIS
3.1 Finite Element Modeling

The numerical study is carried out from non-linear finite element analysis by using software
ANSYS. 20-node hexahedral element is used to model the entire structure. In the vicinity of the
brace/chord intersection, a refined mesh is used to simulate a high stress gradient, and a relatively
coarse mesh is used in the regions far away from the intersection to save computing time. Although
residual stress exists at the weld of the brace/chord intersection, the distribution of the residual
stress along the weld is very complicated because it is affected by welding sequence, welding
method, techniques of welders and so on. It is difficult to put all the situations into consideration.
Fortunately, previous study shows the ignorance of the weld in analyzing the static strength of a
tubular joint can still produce accurate enough results. In addition, omission of the weld produces
underestimation for the radial stiffness of the chord, and thus the calculated result of the static
strength is conservative. Based on these considerations, Weld is not considered in the FE model.
Figure 7 shows the detailed FE mesh of both an un-reinforced square tubular Y-joint and a chord
reinforced one.
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(a) Un-reinforced Y-joint (b) reinforced Y-joint
Figure 7. FE Meshes of Square Tubular Y-joints

3.2 Boundary Conditions and Material Properties

In the FE models, loading is applied to the center of the steel plate at the brace end. To simulate an
actual boundary condition in the experimental tests, pins are set to be at both ends of the chord, as
shown in Figure 8(a). However, one end is released to be a roller in following parametric study, as
shown in Figure 8(b). Pin-roller constraints are set to the chord ends to avoid axial tensile stresses
in the chord because such stresses can increase the static strength of the Y-joint. This treatment is
safe and reasonable for estimating the static strength of a tubular joint since it is impossible to
acquire accurate information on the exact level of the axial stress in the chord.

In the following parametric study, the steel material has a yielding stress of 235 N/mm? and a

Poisson’s ratio of 0.3. However, the experimental results are obtained based on the experimentally
measured material properties as listed in Table 2.

5

(a) Validation Study (b) Parametric Study
Figure 8. Boundary Conditions

33 Convergence and Validation Studies

Although the FE model can be benchmarked from experimental results, it must be evaluated from
convergence study firstly. The convergence study is conducted by comparing the results obtained
from FE models with different mesh densities because the FE results will converge to a fixed value
if the mesh density is high enough. In the convergence study, two tested Y-joint specimens,
including an un-stiffened one and a stiffened one, are analyzed with various mesh layouts and
densities. The details are tabulated in Table 3 and Table 4.

As seen from Table 3, the ultimate load of the un-reinforced model or the reinforced model tends to
be a fixed value when the mesh density increases gradually in the FE analyses. The results are more
accurate with the increase of the mesh density. The results in Table 4 show that there is only a
difference of 2% in the ultimate load between models EX-4-3 and EX-4-1, even though the mesh
density of EX-4-3 is 9.5 times greater than that of EX-4-1. It indicates that accurate result can be
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obtained by using the mesh density of EX-4-1 or EX-4-2. As a result, an approximate element size
in the regions around the brace/chord intersection and around the chord/chord intersection can be
determined to guarantee the convergence of the FE results.

Table 3. Convergence Study for Un-stiffened Joint EX-3

Mesh Number of Ultimate load
reference elements (kN)
EX-3-1 2283 251.82
EX-3-2 3745 245.59
EX-3-3 4805 242.83
EX-3-4 6781 239.17
EX-3-5 8594 237.20

Table 4. Convergence Study for Stiffened Joint EX-4

Mesh reference Num‘per of elements in Ultimate load (kN)
reinforced chord
EX-4-1 616 291.01
EX-4-2 916 289.65
EX-4-3 5939 284.13

After the cost-effective mesh layout is determined, numerical models of two further joints are
analyzed to validate the FE procedure. The results of the validation study are shown in Table 5. The
definitions of the static strength of the joints are classified into three types: the maximum axial
force at the brace end, the axial force at the brace end with a defined deformation limit and the axial
force at the brace end obtained from the twice-elastic-slope (TES) method [10]. Figure 9 shows the
definition on the TES. The above three definitions on the static strength are dependent on the
load-displacement/deformation curves. When there is a clear loading drop after the linear stage in
the load-displacement curve, the peak load is taken as the static strength of the joint. However, the
peak load cannot be located from the load-displacement/ deformation curve if there is no loading
drop in the curve. In this case, the second (deformation limit) or the third definition (TES) will be
used to locate the static strength of the joint.

The difference between the deformation limit and the TES is determined from the local
deformation of the chord around the brace/chord intersection. For example, there is clear local
deformation in this position for the un-reinforced square tubular Y-joint because the transverse
stiffness of the chord is smaller than the axial stiffness of the brace. For a square tubular Y-joint
with 0.6<$<0.8, the load at a joint deformation of 3%bo is defined as the static strength of this joint
(Zhao [11]), and it is easily obtained from the load-deformation curve. It is different for the Y-joint
with local chord reinforcement because the joint deformation may be much smaller. Due to the
increased chord thickness around the brace/chord intersection, the transverse stiffness of the chord
in this region is improved greatly. TES method is then used for this situation. In Figure 9, the static
strength of a tubular joint is determined from a point with an angle ¢ in the load-displacement
curve. The value of ¢ is determined from the following relationship: tang =2tan@ . As the tested

results of all specimens befit the TES method, they are obtained based on this method.
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Table 5. Validation Study
Ultimate load (kN)

Test FE Test/FE

EX-1 171.75 | 160.27 1.07

EX-2 289.44 | 280.05 1.03

EX-3 230.01 | 228.64 1.01

EX-4 261.26 | 282.60 0.92

Model

Elastic line

Twice elastic compliance line

Plastic collapse lgad

Load
S
AN

/ Deformation limit

Displacement

Figure 9. Twice-elastic-slope (TES) Method

According to the above three definitions, the static strength of the analyzed models in Table 5 can
be obtained both from experimental tests and from FE analyses. Table 5 shows the comparison
between the two results. The agreement shows reasonably well as the maximum relative error is
only 8%. To evaluate the accuracy of the FE model in more details, the load-displacement curves of
the un-stiffened Y-joints and the Y-joints stiffened with chord reinforcement obtained from both
FE analyses and experimental measurements are plotted together in Figure 10.

It is found that the FE and the experimental results of the stiffness in the linear stage of the
load-displacement curves are some different. However, the results of the static strength between the
two methods are much closer. The stiffness in the linear stage obtained from the FE analyses is
always bigger than that obtained from experimental measurements. Such difference is caused by
the actual pinned constraints at the ends of the chord in experimental tests. To simulate a pinned
constraint, the chord is hinged at both ends by inserting a pin into a drilled hole in the end plate. As
the hole diameter is a little bigger than the diameter of the pin, there is a sliding shift between the
hole and the pin. For the FE analyses, the pinned constraint at the chord end is only implemented
by restricting the freedoms of a node of the end plate in three directions, and such modeling cannot
reflect the actual sliding in experimental tests. Due to the above reason, the stiffness of the
load-displacement curve in the linear stage of the experimental results is smaller. However, such
difference does not affect the static strength significantly.
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Figure 10. Load-Displacement Curves of the Y-joint Specimens
34 Failure Mode

The good correlation between the experimental and the numerical results can also be illustrated by
the deformed shapes at failure as shown in Figure 11. The equivalent failure mode obtained from
FE calculations indicates that the presented FE model can predict the final failure mode of both the
un-reinforced and the reinforced tubular Y-joints reliably. From experimental tests and FE analyses,
it can be found that the failure mode of a tubular Y-joint may be changed if suitable chord
reinforcement is taken. When the local chord thickness near the brace/chord intersection is
increased properly, the chord stiffness in transverse direction can be improved efficiently. As can
be seen from Figures 11(a) and 11(c), there is clear concaved deformation around the weld toe for
the un-reinforced Y-joint specimens, which indicates that the un-reinforced specimens fail due to
local yielding. However, if the local radial stiffness of the chord near the weld is improved enough
by increasing the local chord thickness, the failure location may move to the chord/chord
intersection as shown in Figures 11(b) and 11(d). In this situation, the chord behaves much like a
bending beam, and the final failure is caused by the flexural yielding on the top and on the bottom
surfaces at the chord/chord intersection.
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Figure 11. Failure Modes

4. PARAMETRIC STUDY

Although the static strength of a square tubular Y-joint can be improved efficiently by increasing
the local chord thickness near the brace/chord intersection as mentioned previously, the reinforcing
efficiency must be studied from a parametric investigation. The parameters considered in
numerically parametric study include the following ones: (1) chord width to wall thickness ratio 2y;
(2) brace to chord width ratio f; (3) the reinforced to the un-reinforced chord thickness ratio 7c/to;
(4) the intersecting angle o between the chord and the brace. Table 6 shows the detailed values of
the above parameters in the FE analyses.

Table 6. Parameter Values
B y a Tc/to

0.4,0.6,0.8 6,8,10,12 | 30,45,60,75 | 1.25,1.5,1.75,2.0
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In the parametric study, overall 102 square tubular Y-joint models with a validity range of the
parameters tabulated in Table 6 are analyzed. Based on the FE results, the efficiency of the chord
reinforcement is then investigated.

4.1 Effect of Chord Reinforced Length

From the parametric study, it has been found that the effect of Lc/b (b is the length of the brace
intersected on the chord surface) on the reinforcing efficiency is much ineffective than the effect of
T¢/ to as seen in Figure 12. Although Figure 12 only shows the effect of the chord reinforcement of
a single typical Y-joint, it represents the general pattern. As L¢/b has little influence on the static
strength of a square tubular Y-joint, it is not necessary to increase the reinforced chord length
considerably in practical design. The applicable value of this parameter can be taken based on the
consideration of easy construction, especially the effect of the welding process on the residual
deformation. Due to this reason, the value of L¢/b is taken with L¢/b = 2 in parametric study.

2.00
1.75

50 W

, 20 150&\0
/) 24

(L ,g 125

Figure 12. Efficiency of Chord Thickness Reinforcement
4.2 Effect of Other Parameters

From the results of the parametric study, the effects of the prescribed 4 parameters on the static
strength of a chord reinforced square tubular Y-joint (P) under axial compression are obtained, and
they are plotted in Figure 13. Some conclusions can be generalized based on the results in Figure
13 as follows: (1) It is significantly effective to improve the static strength of a square tubular
Y-joint by increasing the local chord thickness. However, such effective improvement only exists
when the Tc/to is less than a critical value, i.e. 7c/70<1.5 for the models shown in Figure 13(a).
Beyond this value, 7¢/to has a little influence. This phenomenon can be explained from the failure
mechanism of the tubular Y-joint which will be introduced in the following section in details. (2)
The effect of parameter S on the static strength of a square tubular Y-joint presents basically a
linear relationship as illustrated in Figure 13(b). (3) The relationship between P and y changes from
nonlinearity into linearity with the increase of the reinforced chord thickness, which can be seen in
Figure 13(c). (4) The effect of a on the static strength can be seen in Figure 13(d), which shows that
P reduces greatly with the increase of a.

4.3 Failure Mechanism

Based on the parametric investigation, it can be found that a very small increment of the chord
thickness near the brace/chord intersection can significantly improve the static strength of square
tubular Y-joints when f is relatively small. As f represents the width ratio of the brace to the chord,
a smaller value of f means the width of the brace is much smaller than the chord’s width. Hence,
the contact area of the brace/chord intersection is small in this situation. When the Y-joint is
subjected to brace axial loading, such smaller contact area causes high stress around the
intersection, and the joint then fails much easily. The typical failure mode of the un-reinforced
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square tubular Y-joint is shown in Figure 14(a) and 14(c). The hollow section of the chord causes
the chord stiffness in transverse direction to be much smaller than the brace stiffness in axial
direction. As the chord has to sustain the load in transverse direction when the brace is subjected to
axial loading, failure generally occurs on the chord surface around the weld toe. Definitely,
increasing the local chord thickness near the weld toe can improve the chord stiffness in transverse
direction significantly, especially when f has a small value.
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Figure 13. Effect of Parameters on Static Strength

Similarly, it is more effective to improve the static strength of a square tubular Y-joint when the
value of y is much bigger. y is the ratio of the chord width to the chord thickness of the
un-reinforced joint. A bigger value of y means a thin-walled chord. When the chord thickness is
small, the chord stiffness in transverse direction must be very weak, and the static strength of the
joint is then very low. In overall, increasing the chord thickness locally near the weld toe is much
effective when the chord thickness is much smaller.

The improvement of the static strength of a square tubular Y-joint can be explained in details by
analyzing the failure mechanism of a reinforced model. As seen from Figure 14(b) and 14(d), the
failure mechanism of a square tubular Y-joint with reinforcement is much different when the local
chord thickness is increased to a certain value. If the local chord is reinforced enough, the chord
stiffness in transverse direction can exceed the brace stiffness in axial direction. At this time, it is
ineffective to improve the static strength by continuing to increase the local chord thickness, which
is proved in Figure 13(a). Such ineffectiveness can be also explained from Figure 14(b) and 14(d).
Due to the over-strengthening of the local chord near the brace/chord intersection, the reinforced
chord has enough transverse stiffness, and then the failure location moves to the chord/chord
intersection. In this case, the chord behaves much like a flexural beam, and failure of the joint now
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is caused due to large flexural deformation. When the chord is hinged at both ends, the chord can
be taken as a simply supported beam. The failure mechanism of the square tubular Y-joint is now
explained as chord flexural failure.

T
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Figure 14. Deformed Shapes of Both Stiffened and Un-stiffened Y-joint Models

S. PARAMETRIC EQUATION FOR PREDICTING
STATIC STRENGTHS OF A Y-JOINT

Based on the above parametric study, a parametric equation for predicting the static strength of a
square tubular Y-joint under axial compression (Pc) is proposed. The equation is developed by
examining the influence of the different sizes of reinforcement and various geometric parameters.
Curve fitting technique and regression analysis are used to obtain the following parametric equation

P= {0.0ZIﬂcyc (" +0.174)[1—(Tc/t0)_l'907}+I}PO (1)

where Py is the static strength of the un-reinforced square tubular Y-joint, which can be found in
many design guidelines such as CIDECT [12]. The unit of the intersecting angle a is in radian.
Other geometric parameters in Eq. (1) are listed as follows:

B.=0.171-0.1345 (2)
V.= 7/2'51 +42.18 3)

It is specified here that the value of 7¢/fo is taken to be 1.5 when such value is greater than 1.5 in Eq.
(1), which can be found from Fig. 13(a) that the reinforcing efficiency is very minor when T¢/#o is
greater than 1.5.

To verify the accuracy of Eq. (1), a comparison between the predicted results and the FE results is
conducted, and the evaluation can be given from Figure 15. Pr and Pc are the results of FE
simulation and the equation’s prediction respectively. From the comparison, the FE results have
reasonable agreement with the predicted results, which implies that Eq. (1) has good accuracy and
reliability.
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P
Figure 15. Comparing of Predicted and FE Results

The accuracy of Eq. (1) can be also assessed from error analyses. The relative error ei’, the
averaged relative error e, the relative standard variance s* and the relative average standard variance
s are defined and listed as follows:

* Pﬁ_Pci
e =— (=1,2,3...n) (4)
Py
Y
= (5)
n

(6)

(7

Pri and Pqi are the results of FE simulation and equation’s prediction respectively. The total number
of the models is n. The values of e, s, s are calculated to be 5.54%, 6.79%, 6.41% respectively.
Such small error values can also prove the accuracy of Eq. 1 in estimating the static strength of a
square tubular Y-joint with chord reinforcement.

Using Eq. a, the static strengths of the reinforced specimens Ex-2 and Ex-4 can be also calculated,
and the results are 326kN and 226kN respectively. Compared to the experimental results, i.e.,
289.4kN and 261.3kN, the relatively errors are 12.8% and -13.4%, which indicates that the
estimation is acceptable.

As Eq. 1 is obtained based on the above parametric study, it has to be satisfied with a validity range.
This range is listed as follows: 0.4<p< 0.8, 6<y< 12, 1<T¢/ ©<1.5 (when Tc/to >1.5, its value is taken
to be 1.5 in Eq. (1)), 30°<a< 75°.
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6. CONCLUSIONS

Experimental tests and FE analyses have both proved that the static strength of a square tubular
Y-joint can be improved effectively by increasing the local chord thickness near the brace/chord
intersection. Based on a parametric study, the effect of some parameters including £, y, T¢/ to, a, and
Lc/b on improving the static strength is carried out. Finally, a parametric for predicting the static
strength is presented. Generally, the following conclusions can be obtained:

(1) There is a remarkable improvement on the static strength of a square tubular Y-joint under axial
compression with reinforced chord. However, 7¢/ fo should not exceed a certain value (it is advised
to be not larger than 1.5) otherwise there is ineffective improvement.

(2) It is ineffective to increase the static strength of a square tubular Y-joint under axial
compression by increasing the length of the reinforced chord segment.

(3) The proposed parametric equation can provide accurate and reliable prediction on the static
strength of a chord reinforced square tubular Y-joint in a validity range of joint geometry.
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ABSTRACT: Concrete special-shaped columns have been studied and used in China for twenty
years, and can be incorporated into walls to widen indoor areas. However, concrete
special-shaped columns do not perform well under seismic action. In addition, special-shaped
concrete-filled steel tubular columns were put forward and researched as well because of their
high strength and ductility, but the interaction between steel and inner concrete is small. Tie rods
are often set to solve the problem, which in turn affect the architectural appearance. To solve the
above problems, a special-shaped column composed of concrete-filled steel tubes (SCFT) was
proposed and studied. Axial loading behavior, seismic behavior, and whole structure behavior
were studied. This type of special-shaped column has been used in residential buildings, and the
structural behavior performed well. This paper experimentally investigated the biaxial loading
behavior of L-shaped SCFT columns. Failure modes, cooperation of mono-columns, and the
effects of eccentric angle and distance on column behavior were studied. Test results were
compared with those of finite element analysis. A reasonable simplified calculating formula was
proposed based on the study and was proved effectively through the comparison with test results.
Mono-columns of SCFT columns proved to work well together. This kind of special-shaped
column proved to be a good structure type.

Keywords: L-shaped column, concrete-filled steel tube, composite columns, biaxial loading test,
finite element analysis, calculating formula
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1. INTRODUCTION

Rapid population growth has led to many problems around the world, especially in China. An
increasing number of people have moved from urban to rural areas, and the price of residential
buildings has risen rapidly. Therefore, the effective use of land is an important problem. Most
residential buildings are built with a concrete structure, and the section of columns is always much
larger than the thickness of walls such that columns always occupy inner areas. In recent years,
special-shaped columns have been studied to increase utilization areas.

Special-shaped columns are divided according to different construction materials: concrete
special-shaped columns (Ramamurthy et al. [1]), steel-reinforced concrete special-shaped columns
(Xue et al. [2]), steel fiber high-strength reinforced-concrete and composite columns (Tokgoz et al.
[3]), special-shaped concrete-filled steel tube columns (Shen et al. [4]), and special-shaped columns
composed of concrete-filled steel tube mono-columns (SCFT columns)(Zhou et al. [5]).
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SCFT columns are composed of several small sections of concrete-filled steel tube columns called
mono-columns, which are connected by connection plates. This type of special-shaped column has
the advantages of high ductility and low construction cost. SCFT columns have been used in more
than 200 residential buildings. In the process of being used, axial loading tests and seismic behavior
tests were studied, and the structural static and dynamic behaviors were analyzed using 3D finite
element software (Chen et al. [6-7], Zhou et al. [8]. However, eccentric loading behavior has not
been researched.

Eccentric loading is one of the most important effect factors of ultimate bearing capacity for
columns or walls. For any new structure, eccentric loading behavior should be tested and studied.
Kim et al. [9] studied the eccentric loading capacity of high-strength steel-concrete composite
columns of various sectional shapes. Halabi et al. [10] studied the behavior of reinforced concrete
(RC) slab-column connections strengthened with external carbon fiber-reinforced polymer (CFRP)
sheets subjected to eccentric loading. Ernest et al. [11]studied the behavior of textile-reinforced
mortar (TRM) strengthened brickwork walls under eccentric compressive loading. Song et al. [12]
studied the eccentric behavior of fiber-reinforced polymer (FRP)-strengthened concrete columns.
Most studies use the unidirectional bending test, but for asymmetric sections such as special-shaped
columns, the real loading condition is biaxial bending.

This paper presents the results of an experimental investigation and analytical simulation of the
behavior of eccentrically loaded L-shaped SCFT columns.

2. EXPERIMENTAL PROGRAM
2.1 Introduction

An experimental study was performed to assess L-shaped SCFT columns under biaxial
compression. Three specimens were investigated according to eccentric angle and distance. The
main objective of the test was to study the deformation process and failure modes of SCFT columns.
The effects of bending direction and eccentric distance on behavior were examined. A finite
element model was developed according to the test results.

The cross section shape of L-shaped SCFT columns is monosymmetric; the actual vertical load
behavior of this column is compression combined with bending. Three mono-columns were placed
under different axial loadings, as shown in Figure 1(a). Under unidirectional lateral force, the load
condition could be simplified as uniaxial bending, as shown in Figure 1(b). If bidirectional lateral
force was applied to the column, then the load condition could be simplified as biaxial bending, as
shown in Figure 1(c). This study investigated the behavior of uniaxial and biaxial bending; axial
loading behavior was also tested to study the effect of eccentric loading. The loading positions are
shown in Figure 2. The distance between the center of gravity “0” and the loading point “P” is the
eccentric distance. The eccentric distances of the uniaxial bending and biaxial bending specimens
were the same, whereas the eccentric angles were different.

(a) Actual load condition (b) Uniaxial bending (c) Biaxial bending
Figure 1. Simplified Load Condition
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2.2 Specimens

Details of the SCFT column specimens are shown in Figure 3. Both the connection plates and
stiffeners were welded onto the steel tubes. Table 1 provides a summary of the specimen details.
Material properties of steel and concrete were determined using tensile tests on coupons extracted
from the steel tubes and cubes, and cylinder tests on the concrete. Material test results are listed in
Tables 2 and 3. Two steel plates with a thickness of 40 mm were welded to the top and end of the
specimens.

b a b

mono
—column

corner mono o
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gtiffener

connection plate
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Figure 3. Details of Specimens

Table 1. Summary of Specimens

Specimen b a t, t2 Ay Ac f f |

y c
mm
(mm) | (mm) (mm) | (mm?) | (mm?) | (MPa) | (MPa) | (™™
S1.S2.53 100 | 150 | 4 3 | 1536 | 8464 | 269 | 17.336 | 1.500

Table 2. Properties of Steel Tube and Connection Plate

Steel t (mm) f, (MPa) | f,(MPa) ES (MPa) | & (u)
Connection plate 3.00 312 426 148,261 2,104
Steel tube 3.75 269 445 208,305 1,291

Table 3. Properties of Concrete

Concrete grade fcu (MPa) fC (MPa) EC (MPa)
C25 23.2 17.336 19,373
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23 Test Setup and Procedure

The test setup and instrumentation layouts for the L-shaped SCFT column specimens are shown in
Figure 4. The uniaxial bending and biaxial bending tests were performed using a reaction frame and
a 3000 kN jack, and a spherical hinge was set between the specimen and the reaction frame. To
compare the difference between axial loading behavior and eccentric loading behavior, one
specimen was compressed using a 5000 kN loading machine.

To describe the experimental results, each mono-column surface was numbered, as shown in Figure
4(d). Figure 4(c) shows that 12 dial meters (numbers 1 to 12) were used to measure the lateral
displacements at the top, middle, and end of the specimens. In addition, two dial meters (numbers
14 and 16) were set at the top, while another two dial meters (numbers 13 and 15) were set at the
ends of the specimens to measure vertical displacement. Ninety-two strain gauges and two strain
rosettes were used for each specimen. Strain gauges and strain rosettes were bonded to the
connection plate to determine the directions of principal strains. In addition, 80 strain gauges were
bonded to the steel tube of each mono-column at five sections to measure the strains in the tubes
along the specimen length. Figure 4(d) shows the strain gauge arrangement on one face of the
specimen, which was the same as the other four sections.

Each specimen was loaded manually at low speed. Data were logged at 20 kN intervals before yield
and at 10 kN intervals after yield. To apply uniform compressive loading on the columns, two steel
plates, each having a thickness of 40 mm, were welded to the two ends of the specimens and

allowed to harden under a pre-load of 20 kN.
—— =

reaction frame |

W — i— for loading

— spherical

hinge
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(a) Eccentric compression test setup
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Figure 4. Test Setup and Instrumentation Layout

3. TEST RESULTS
3.1 Deformation and Failure Mode

For Specimen S-1, the loading applied to the mono-column was considered uniaxial bending. The
failure mode is shown in Figure 5(a). The entire column bent around the x-axis, whereas the bend
along the y-axis was not evident. At the top of the mono-column, which was under compression
load, the steel tube buckled and the concrete cracked.

For Specimen S-2, the loading position was located at the top steel plate, where no mono-column
was under compression load; it was considered biaxial bending. The failure mode is shown in
Figure 5(b). The entire column bent around axes x and y, which means that the column bent around
the axis A-A as mentioned in Figure 2(b).

Specimen S-3 was axially compressed by a 5000 kN loading machine. Evident buckling occurred at
the top, after which the load decreased rapidly. Mono-column-1 and mono-column-2 exhibited
significant buckling at the top, whereas no evident deformation was observed at the corner
mono-column. The failure mode is given in Figure 5(c). Although the deformation shapes of the
two mono-columns were not the same because of construction error and randomness of the
experiment, the failure mode of the specimen is believed to be symmetrical.
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Figure 5. Failure Modes

3.2 Vertical Load-End Compressive Displacement

To gauge vertical deformation, two dial meters were set to measure the downward displacement of
the top plate of the loading machine, and another two dial meters were set to measure the upward
displacement of the baseboard. The average value of the two dial meters for each plate was
considered its displacement. The sum of absolute values of the vertical displacements at the top
plate and the baseboard of the press was the end compressive displacement of the specimen. Axial
load-compressive displacement curve at the load-end of the two specimens is shown in Figure 6.

2500
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[©)
=
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Figure 6. Axial Load-compressive Displacement Curve at Load-end.

The ultimate bearing loads of Specimen S-1 (uniaxial bending), S-2 (biaxial bending), and S-3
(axial compression) were 980, 940, and 2300 kN, respectively. The ultimate bearing capacity of
Specimens S-1 and S-2 decreased by 57% compared with the ultimate bearing capacity of
Specimen S-3, which means that the eccentric load was adverse. The ultimate loads of Specimens
S-1 and S-2 were almost the same, which was caused by an equal eccentric distance of 188 mm for

both specimens. Eccentric load angle is considered to have little influence on ultimate bearing
capacity.
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33 Load-lateral displacement curves

Out-of-plane lateral displacements of the mono-columns were obtained using lateral dial meters.
Surface numbers of the mono-columns are shown in Figure 4(d). Figure 7(a) shows that the lateral
displacements of areas B1 and B2 of Specimen S-1 were much larger than that of areas A1 and A2.
The column section was considered to revolve around the x-axis under uniaxial bending load.
However, for Specimen S-2, the lateral displacements of areas A1, A2, B1, and B2 were almost the
same, which means that the column section revolved around axis A-A.
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S & Area A2 g 400 —B-Area A2
e Area B1
Area B1 ] 200
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4 2 o 2 4 6 s 10 2 0 2 4 6 8 10
lateral displacement (mm) lateral displacement (mm )
(a) S-1 (uniaxial bending) (b) S-2 (biaxial bending)

Figure 7. Axial load—lateral Displacement Curve

34 Lateral Strain Distribution at the Middle Section

To study strain distribution around the cross section, strain gauges were arranged in the middle
section of the column, as shown in Figure 4(c). Figure 8 shows the setup of the strain gauges at the
middle cross section. Three load levels (30%, 60%, and 90% of the ultimate load) were selected to
study strain distribution along the cross section. The three load levels for Specimens S-1 and S-2
were set as 400, 600, and 800 kN, while those for Specimen S-3 were 600, 1200, and 1700 kN. The
strain distributions for each load level are shown in Figure 9.

75 mono-column-A

51 155
811 mono-column-B
I
851 65
151 —— 145
=—9093 94—
25 35

Figure 8. Strain Gauge Arrangement at the Cross Section
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Figure 9. Strain Distribution of the Cross Section

The strain distribution of Specimen S-1 indicates that the mono-column bore almost all the
compression loading. The strains of the other two mono-columns were much lower. The strain sign
indicated that the entire column bent around axis X’-X’, as shown in Figure 10(a). Strain
distribution and signs of S-2 illustrated that the three mono-columns could work together, and the
entire column bent around axis A’-A’, as shown in Figure 10(b). Figure 10 shows the bent axes of
S-1 and S-2. Hence, the accurately bent axis was found from the cross section strain distribution.
The mono-column strains of S-3 were almost the same when the load reached 1200 kN, but the
strain of the corner mono-column increased rapidly when the load reached 1700 kN.
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The maximum strains of the middle sections of S-1 and S-2 were 703 and 575 p when the axial
load was 800 kN, whereas that of S-3 was 2020 p when the axial load reached 1700 kN. The strain
of S-3 was significantly larger than that of S-1 and S-2. The steel of S-1 and S-2 did not yield when
the load reached 800 kN. From the strain distribution, specimen failure under eccentric loading
could be concluded to have been caused by instability, whereas that of the axial loading specimen
was caused by steel yielding.

3.5 Lateral Strain Distribution at the Middle Section

To study the principal stress angle of the middle section of the connection plates, one strain rosette
was bonded to the connection plate between areas A1l and A2, while the other was bonded to the
connection plate between areas B1 and B2, as shown in Figure 11. The strain rosette consisted of
three strain gauges with angles of 0°, 45°, and 90°. The 90° strain gauge was parallel to the length
of the steel tube. Principal stress and principal strain were evaluated.

mono-column-A corner-mono-column corner-mono-column mono-column-B

Al A2 B1

B2

90

[
£0 |
12
1

@F - O)'
12

o [ B ey B
A B
(a) Areas Al and A2 (b) Areas B1 and B2

Figure 11. Strain Rosettes Bonded to the Middle Section of the Connection Plates

The first principal strain &, and the second principal strain &, of each specimen connection plate
are shown in Figure 12. The principal strains of area A and area B were symmetrical for Specimens
S-2 and S-3, which indicates that their deformations were symmetrical. The 6, of all strain

rosettes ranged from 35° to 45°. The principal strain direction of the connection plate is shown in
Figure 13. The connection plate could be reduced to a lacing bar with an angle of 35° to 45°,
whereas the stiffener could be reduced to a lateral lacing bar, as shown in Figure 13.
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4. FINITE ELEMENT ANALYSIS

A finite element model was established. The behavior of SCFT columns was complicated because
of the nonlinearity of the inner concrete and the interaction between the concrete and steel tube.
Therefore, a finite element model could provide an efficient method to simulate the behavior of
SCFT columns subjected to axial loading. Specimens were modeled and analyzed using the
commercial finite element software ANSY'S.
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4.1 Modeling of SCFT columns

Four main components were modeled to simulate the behavior of SCFT columns: steel tubes,
connection plate, inner-filled concrete, and the interface between the concrete and the steel tube. In
addition, the selection of element type, mesh size, initial geometric deformation, boundary
conditions (fixed at the top and bottom of the column), and load application were also important in
simulating the SCFT columns.

SHELL 181 was used to model the steel tubes and bracings. SHELL 181 is a four-node doubly
curved shell element that has six degrees of freedom per node. The constitutive law of steel tubes
and bracings was assumed elastoplastic with a yielding strain equal to fy/Es. The three-dimensional
eight-node element SOLID 65 was adopted to model infilled concrete. Each element node has three
degrees of freedom. This element is capable of cracking, crushing, and plastic deformation, and can
be used to achieve accurate results in simulating the behavior of concrete under axial loads.

The constitutive law of concrete is the Hognestad type. The constitutive relation of concrete was
chosen according to Eqgs. 1 to 3, and that of steel was chosen according to Eqs. 4 and 5. o, is the

compressive strength of concrete achieved in the material test, which equaled 23.2 MPa. E_ is the
elasticity modulus of concrete, which equaled 19373 MPa. o, is the yield strength; the yield
strength of the steel tube was 269 MPa, and that of the connection plate was 312 MPa. E is the

elasticity modulus of steel, and the elasticity modulus of the steel tube and the connection plate
were 208305 and 148261 MPa, respectively.

(M

1.8
o =500 @)

&, =0.0038 3)
o,=Ee¢&, 0<¢g,<¢g, @)
05, =0y gs 2 850

£0 =" (5)

Contact action between the steel tube and the concrete was modeled by contact elements TARGE
170 and CONTA 173. These surface-to-surface contact elements consist of two matching contact
faces of the steel tube and concrete elements. The friction between the two faces is maintained as
long as the surfaces remain in contact. The coefficient of friction between the two faces was taken
as 0.25 in the analysis. These contact elements allow the surfaces to separate under the influence of
tensile force, but the contact elements were not allowed to penetrate each other. In addition, the
initial imperfections were simulated as follows: compressive unit force was loaded on the
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specimens; the deformation was calculated; and the buckling modal with the concerned
deformation was analyzed. (Liu et al. [13])

4.2 Strain Distribution of Steel and Concrete

Strain distributions and deformations of the three specimens are shown in Figures 14, 15, and 16.
The failure modes were similar to the test results. Specimen S-1 bent around axis X’-X’, Specimen
S-2 bent around axis A’-A’, and Specimen S-3 deformed axially. Based on the deformation and the
strain distribution, the strain of each mono-column reached the maximum value; the three
mono-columns could work together.

(a) Column (b) Steel tube (c) Connection plates (d) Concrete
Figure 14. Strain and Deformation of S-1 (Uniaxial Bending)

|l

(a) Column (b) Steel tube (c) Connectlon plates (d) Concrete
Figure 15. Strain and Deformation of S-2 (Biaxial Bending)

(a) Column (b) Steel tube (c¢) Connection plates (d) Concrete
Figure 16. Strain and Deformation of S-3 (Axial Loading)

- & & 8 & 3 S S

.
14
.
31
L

e T




Ting Zhou, Minyang Xu, Zhihua Chen, Xiaodun Wang and Yawen Wang 239

4.3 Load-end Compressive Displacement

According to finite element method (FEM) analysis, the ultimate bearing capacity of Specimens
S-1, S-2, and S-3 was 740, 699, and 2113 kN, respectively. The load-end compressive displacement
curves of the specimens obtained from the experiments and FEM analysis are given in Figure 17.
Some differences can be observed between the test results and FEM results of Specimens S-1 and
S-2, which were caused by the difference between the real test setup and the FEM model. However,
the test and FEM results of Specimen S-3 showed good agreement because the axial loading test
was easier to model, which explains the higher ultimate strength gained by FEM. Considering this
effect, the results of the finite element analysis agree with those of the experiment.
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Z 600 ' Z 600
400 2 400
S S i —Tast e
200 2 ——Test - FEM [ 200 —Test FEM
0 0
0 5 10 15 20 0 5 10 15 20
Displacement (mm) Displacement (mm)
(a) S-1 (b) S-2

Load (kN)

Displacement (mm)
(c) S-3
Figure 17. Comparison of Load-end Compressive Displacement Curves

5. SIMPLIFIED CALCULATING FORMULA

According to the strain on the connection plates, the connection plates could be reduced to a lacing
bar, and the mono-column was connected by truss. The column is a lattice structure. Eccentric
loading N will lead to bending moment in two directions (N€,and Ne,). The mono-column
bearing axial loading, total loading N, was divided into three axial loadings: N1, N2, and N3. The
force diagram is shown in Figure 18, where point “O” is the center of gravity. The equilibrium
equation is shown in Eq. 1. Axial loadings N1, N2, and N3 could be calculated using Eq. 4. If one
of the mono-columns failed under axial loading, then the entire column was considered to have
failed. If the ultimate axial loadings of the three mono-columns are N,,, N,,, and N,,, then the

ultimate eccentric loading N, can be calculated using Eq. 5. The bearing capacity of each

mono-column could be calculated using Eqgs. 6-8. If the eccentric distance is large, then the axial
load of corner mono-column will be tense, and the concrete is neglected because of poor tension
capacity. The stability coefficient ¢ was calculated according to CECS 159: 2004 (China).
Calculation results are shown in Table 4. The comparison indicates that the formula results were
reasonably accurate.
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Rong [14] studied L-shaped, T-shaped, and X-shaped SCFT columns experimentally, and six
specimens were tested under axial loading. Pictures of the test are shown in Figure 19, and test
results are shown in Table 5. To verify the accuracy of the calculating formula, a comparison is
shown in Table 5. If the section was L-shaped, then there were three mono-columns, and the
ultimate bearing capacity could be calculated using Eq. 9. If the section was T-shaped, then we used
Eq. 10. If the section was X-shaped, then the corner mono-column was braced by other
mono-columns. Thus, the stability coefficient ¢ equaled 1.0, and we used Eq. 11. According to
the comparison, the calculating formula proposed in this paper was considered reasonable.

Figure 18. Force diagram.
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N, =o(Af,+Af,) (6)
n-m-(e +e,)
p(A T, +AT)  ( >0  pressure)
m+n
N2u = (7)
n-m-(e +e,) i
A f, Y-<0 tension)
m+n
N3u :¢(Ay fu +A:fcu) (8)
N, =30(A f, + A f,) 9)
N, =4p(A f,+Af,) (10)
N, =(4p+Dx(Af, +Af,) (11)
Table 4. Comparison between the Test, FEM, and Formula
N. —
Specimen No € & & (Nm) (FI\IIEUI\F/D (* Nu la) ‘ al X 100%
mm test ormula u
(mm) (mm) | (mm) (kN) (kN) (kN) t
Specimen-1 0
Uniaxial bending 186 -83 167 980 740 949 3.16%
B.Sp‘?‘”me“'.z 185 131 | 131 | 940 699 891 5.21%
iaxial bending
N Specimen-3 0 0 0 | 2300 | 2113 | 2280 0.87%
xial compression

(a) L-shaped column (b) T-shaped column  (c¢) X-shaped column

Figure 19. Axial Loading Test in Reference [12]
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Table 5. Comparison between the Reference Test and the Proposed Formula Results

fU fCU N N uf
. e h a b MP MP ut Error
Specimen No (o) | (am) | (om) | (mm) (MPa) | (MPa) (Test) (For;nlﬂa %

(kN) (kN)

L-shaped CFST

0 400 100 100 429 49.7 3975 3960 3.77%
column

L-shaped CFST

0 2000 | 100 100 429 49.7 3610 3370 6.64%
column

T-shaped CFST

0 400 100 100 472 49.7 5580 5280 5.37%
column

T-shaped CFST

0 2000 | 100 100 472 49.7 4600 4500 2.17%
column

X-shaped CFST

0 400 100 100 429 49.7 6830 6660 2.49%
column

X-shaped CFST

0 2000 | 100 100 429 49.7 6390 5800 9.23%
column

6.

CONCLUSIONS

The behavior of SCFT columns subjected to axial load and eccentric load was experimentally
investigated. The effects of the eccentric angle and distance were studied. The experimental results
were compared with those of FEM analysis. The following conclusions could be drawn:

(1)

)

3)

“4)

)

(6)

Mono-columns could work together when the entire column bears the eccentric load. The
SCFT column demonstrates good eccentric loading behavior. Thus, this kind of
special-shaped column is suitable for residential buildings.

The ultimate bearing capacity of Specimen S-1 and S-2 decreased by 57% compared with
that of Specimen S-3, which means that eccentric load was adverse.

The failure mode of Specimen S-1 was uniaxial bending around axis X’-X’, that of
Specimen S-2 was biaxial bending around axis A’-A’, and that of Specimen S-3 was axial
compression with minimal bending, as shown in Figure 10. Meanwhile, mono-columns
could work together. The strain distribution and failure mode indicate that the failure of
specimens under eccentric loading was caused by instability, whereas steel yielding caused
the failure of axial loading specimens.

The connection plate could be reduced to a lacing bar with an angle of 35° to 45°, whereas
the stiffener could be reduced to a lateral lacing bar, as shown in Figure 13.

The results obtained by FEM analysis agreed with those obtained by the test. Thus, FEM
analysis can effectively simulate the behavior of SCFT columns.

According to the test and FEM analysis, eccentric load could be divided into three axial
loadings subjected by mono-columns, and a simplified calculating formula was proposed to
predict the ultimate bearing capacity of SCFT under compression. The calculated results
were reasonably accurate.
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NOMENCLATURE
a Distance between mono-columns
b Width of mono-column
t, Thickness of steel tube
t, Thickness of connection plate
t Thickness of steel in material tests
A Steel area of mono-column
A Concrete area of mono-column
| Length of column
N Axial compression applied to specimen
f Yield strength
f, Ultimate strength
gy Yield strain
fo, Axial compressive strength of concrete cube with a width of 150 mm
f Axial compressive strength of concrete cuboids with dimensions of
150 mm x 150 mm % 300 mm
0, Angle between the first principal and x-axis
N Eccentric loading
€, Eccentric distance along x-axis
e, Eccentric distance along y-axis
m Distance between the center of gravity and the center of corner mono-column along
X-axis
n Distance between the center of gravity and the center of corner mono-column along
y-axis
N, Ultimate bearing capacity of entire column under eccentric loading
N,,N,,N,, Ultimate bearing capacity of mono-columns under axial loading
4 Stability coefficient
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ABSTRACT: Applications of steel to building structures in Japan can date back to the first steel factory, Shueisha
Printing Plant, constructed in 1894. History of steel bridges in Japan can trace back to the first steel bridge, Kurogane
Bridge in Nagasaki, constructed in 1868 using wrought iron. As the developments of large-scale structures, new
construction technologies and demanding structural performance, a variety of high performance steels (HPSs) have
been developed. In this study, history of applications of HPSs to building and bridge structures in Japan is briefly
reviewed. The characteristics of typical HPSs in both buildings and bridges are introduced, respectively, and their
impacts on structural engineering are also discussed.
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1. INTRODUCTION

Constructions of large-scale and large-span structures in developed countries tend to decrease in
recent decades, and structural scales of most projects are becoming smaller in countries such as
Japan and America. As a rival of reinforced concrete structures, steel structures are confronting a
more and more competitive situation. Partially motivated by this concern, a number of high
performance steels (HPSs) have been proposed to reduce construction cost, and employed in both
building and bridge structures. As progress of new design concepts, connection details, fabrication
technologies and mechanics, various properties such as higher strength, ductility, weldability,
toughness, weathering and fireproofing properties, are increasingly demanded in practice. For
example, design concept based on whole life cycle cost (LCC) is gaining more attention in steel
bridges [1], which not only considers initial construction cost, but also maintenance expenses. From
the viewpoint of LCC, durability related characteristics, such as weathering and fracture-resistant
properties, are becoming more important issues for structural steels.

Before discussion on HPS, its definition is distinguished in different countries. In the USA, HPS is
defined as having an optimized balance of strength, weldability, toughness, ductility, corrosion
resistance and formability, to achieve the best overall performance of structures while remaining
cost-effective [2-4]. A series of HPSs, HPS50W, HPS70W and HPS100W, were developed for
steel bridges [3], where the aforementioned material properties are all considered through new
manufacturing technologies including developments in metallurgical, rolling and heat-treatment.
On the other hand, HPS in Japan commonly represents steels that have one or several virtues in
strength, ductility, fire-proofing, weathering, weldability, toughness, cold formability, connecting
feasibility [5, 6], etc. Therefore, the definition of HPS in Japan is broader than that in the USA, and
there are more steel grades for HPS in Japan. In this study, Japanese HPSs developed respectively
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for building and bridge structures are introduced in terms of specific properties, such as strength,
toughness, weldability, connection feasibility, durability properties etc.

2. HIGH PERFORMANCE STEELS IN BUILDING STRUCTURES

2.1 General Comments

It is commonly acknowledged that performance of a high-rise building structure is governed by
serviceability considerations such as inter-storey drift, which is mainly related with stiffness of a
material, boundary conditions (connection stiffness), structural systems and loading conditions. As
it is known that steel has a stable elastic modulus, currently it is still not possible to increase its
value. It is thus considered not economical to increase strength of a structural steel for common
structural systems. However, it is still promising to employ high strength steels in building
structures when new structural systems are proposed [7].

In addition, most of past design specifications mainly focus on tensile strength properties, with
some attention paid to ductility, fracture-resistant and weldability properties. The aforementioned
properties were once deemed good enough to guarantee favorable performance for serviceability,
capacities and ductility. However, recent strong earthquakes such as the 1994 Northridge
earthquake [8, 9] and the 1995 Kobe earthquake [10, 11] shake this confident belief in steel welded
moment resisting frames, especially for the connections details and fracture-resistant properties of
the steels and welding materials. The catastrophic consequences of the earthquakes arouse an
extensive research on fracture mechanisms of steel welded structures [12-18], and more attentions
are paid to fracture-resistant and weldability properties of steels [19, 20]. As the development of
new structural systems, fireproofing properties, connecting feasibility and energy dissipation
capacity become more and more important in practice.
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The Japanese crude steel and structural steel productions for building structures from the year of
1955 to 2011 are both plotted in Figure 1 [21], indicating that the structural steel production has
passed its peak, while the crude steel production in recent forty years are quite stable. To promote
application of steel structures, more economical structural systems, steels and corresponding
manufacturing and connecting technologies are required. Strong earthquakes occurred in Japan are
also marked in the figure, and a number of HPSs were developed as advancement in seismic design
methods and steel manufacturing technologies etc.

2.2 Strength Related HPSs
2.2.1 SN, BCR and BCP

Before 1994, structural steels employed in buildings are SS (S: steel; S: structure) and SM (S: steel;
M: Marine) series, which are also simultaneously employed in bridges and marine structures.
Under the specific considerations of seismic design of building structures, deviations in the yield
strength, tensile strength and yield-to-tensile strength ratio (YR) are of significant importance in the
failure mechanisms of common frame structures [22]. To achieve better seismic performance and
material weldability, a new series of HPS is developed for steel building structures in 1994, termed
SN (8S: steel; N: new) series [23]. Two corresponding series for cold formed rectangular hollow
sections, BCR (box column-roll) and BCP (box column-press), are also developed, which have
equivalent properties as those of the SN series. Mechanical and chemical properties of the SN steels
are listed in Table 1. The SN steels has three types, A, B and C, and BCP steel has two types, B and
C. For SN Types B and C, and BCR, BCP steels, the upper limit values for the yield strength is
specified, and the YR has also to be less than 0.8 except for SN400A. These rules are proposed to
ensure structures fail in an expected ductile mode as designed. The weldability is also considered
by limiting the carbon content, equivalent carbon content, Ceq, carbon equivalent and composition
parameter, Pcn. Ceq is widely employed to evaluate weldability of a steel, while Pem is generally
employed in Japan. The two variables are respectively given in Eqns. 1 and 2,

Ceq = C+§+@+&+g+@+ 4

” M
24 6 40 5 4 14

szc+ﬁ+@+@+ﬁ+g+@+z+53 )
30 20 20 60 20 15 10

Table 1 Mechanical and Chemical Properties of SN Steels in Japan (JIS G 3136: 2012)

Charpy
Tensile impact
Steel Ceq
Yield strength (MPa) strength Yield-to-tensile strength ratio energy
grades (Weight %)
(MPa) at0°
o)
Thickness
(nm) 6<1<12 12=t<16 16 16<t<40 40<t<100 6=<1<12 12=t<16 16 16<t<40 40<t<100 140 40<<100 6<t<100
mm
SN400A >235 >235 >235 >235 >215
SN400B 2235 235=0y=355 235=0,=355 235=0y=355 215=0y=335 - =0.8 =0.8 =0.8 <0.8
400=<t=510
No No No <0.36 <0.36
SN400C No product 235<0,<355 235<0,<355 215<0,<335 <0.8 <0.8 <0.8
product product product
>27
SN490B =325 325=0y=445 325=0,=445 325=0,=445 295=0,=415 - =<0.8 =<0.8 =0.8 =0.8
No 490<t<610 No No <0.44 <0.46
SN490C No product 325<0y<445 325=0y=<445 295=0y=415 =<0.8 <0.8 <0.8
product product product

Charpy impact energy at 0 ° is required to be no less than 27 J for SN Types B and C, BCR and
BCP steels, to improve their fracture-resistant properties. In addition, thickness direction properties
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are also specified for Type C of SN and BCP steels. Applications of the SN, BCR and BCP steels
in a welded steel frame (through diaphragm type) are shown in Figure 2 [21], where SN Type A
steel is employed in secondary beams, SN Type B steel for beams and splice plates, SN Type C
steel for diaphragms, BCR and BCP steels for columns. In Japan, the columns are commonly
directly welded to the diaphragms, and the diaphragms are subjected to tensile stresses along the
thickness direction under seismic loading. Thus, Type C steel is applied to the diaphragms.

2.2.2  High strength steels

High strength steels can reduce sectional size and thickness of structural members, which is
correlated with reduced mass and gravity load. One of the main characteristics of high strength
steels is a larger elastic domain compared with common mild steel. However, high strength steels
are generally with a larger YR and a smaller elongation as illustrated in Figure 3, which are
unfavorable for seismic design. For seismic design of structures, a small YR is favorable for a
larger load-carrying capacity potential, and a large elongation is beneficial for its correlation with a
large energy dissipation capacity. Therefore, application of high strength steels to seismic design of
building structures is limited to only some structural components. On the other hand, a number of
energy dissipation products have been proposed, and post-earthquake serviceability is paid more
attention after the 1995 Kobe earthquake. A new design concept that main structural components
such as beams and columns should remain elastic even during strong earthquakes receives more
acknowledgements [7]. The seismic design concept for common steels and high strength ones are
presented in Figure 4, where energy is dissipated through yielding of the beam and column ends for
common steel frames, while through specific energy dissipation components for high strength steel
frames. A research project aiming to develop a new damage-free structural system in intensity 7
earthquake (largest intensity in Japan) using super high strength steel has been carried out from the
year of 2004 to 2008, e.g., [24-26]. To date, a number of super high strength steel grades, e.g.,
H-SA700 and BT-HTS880, e.g., [27-29], have been proposed and recognized by the Japanese
government. The mechanical and chemical properties of the high strength steels are listed in Table
2. It can be seen that the high strength steels have much larger Ce; and YR than SN steels,
indicating poor weldability and ductility properties of the materials. The YR can reach as large as
0.98 [30]. Meanwhile, the V-notched Charpy impact energy requirements are much higher than
those for SN steels, indicating favorable fracture-resistant properties.

Secondary column: SN Type A

Secondary beam: SN Type A

mr

| \ )J Diaphragm: SN Type C

BCR, BCP
Beam: SN Type B

Figure 2 Application of SN and BCR, BCP Steels (adapted from [21])

Splice plate: SN Type B
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Table 2 Steel Grades of High Strength Steels Qualified by Japanese Transportation Minister

Tensil Charpy
Shape enstie Company Grade Size Ceq Pen Yield stress | YR | energy
Strength )
Kobe H-SA700A <0.65 | <0.32 - <98 >47
. JFE H-SA700B 6=t<50 <0.60 | <0.30 - <98 >47
Nippon steel
Kob KBSA630B 6<1<80 - <0.30 630 <85 >47
ove KBSA630C 16180 - [ =030 630 <85 | >47
780 JFE-HITEN780TB 22<t<100 <0.60 | <0.30 630 <85 >47
Steel plate JFE JFE-HITEN780TC 22<t<100 <0.60 | <0.30 630 <85 >47
HBL630B-L 12<t<40 <0.60 | <0.30 - <85 >47
HBL630C-L 12<t<40 <0.60 | <0.30 - <85 >47
Nibpon steel BT-HT630B 9<t<100 <0.60 | <0.30 630 <85 >47
PP BT-HT630C 9<1<100 <0.62 | <0.30 630 <85 | >47
. BT-HT880B

950 Nippon steel BT-HT880C 9<1<50 <0.60 | <0.34 810 <98 >70

. 19<t<60 | <0.60 | <0.23

R - == = = < >

Pipe 730 Nippon steel SA-TT630 ®400~2200 60<<80 | <0.63 | <028 780 <95 >47
Kobe KAST630 $400~2500 | 12<<80 - <0.30 780 <90 >47

Note: YR denotes yield-to-tensile strength ratio

To date, there are several applications of high strength steels to building structures. For example,
concrete filled high strength steel columns (780 MPa steel) are employed in Obayashi
Corporation’s Technical Research Institute Main Building “Techno-Station” as illustrated in Figure
5 [31], where 160 MPa high strength concrete is adopted. The slender columns have a superior
architectural effect, and large span and space is realized by the application of the high strength steel.
Amagasaki Research and Development Center shown in Figure 6 [32] is the first application of the
1000 MPa high strength steel in the world, and the high strength steels are employed in columns of
the first floor, where buckling restrained braces (BRBs) are also employed to absorb seismic energy
during a strong earthquake. Sliding column bases and shear panels with the details shown in Figure
7 [32] are employed to prevent the beams and columns from yielding, and the beams and columns
are designed to remain elastic even during a strong earthquake.

Stress (MPa)

A 1000 MPa steel
1000 ..
800 —?'5'90 MPa \__\ 780 MPa steel
t common steel -
600 -1 é, -——= }‘/ SM490
il / ~
59[)MP1[HPS-“_L3, R N 55400
40041 -
i~
2001
Low yield strength steel Strain (%)
O 1 1 1 1 [ 1 1 :

0 10 20 30 40 50 60

Figure 3. Stress-strain Curves of Common and High Performance Steels



250 Advancement and Applications of Japanese High Performance Steel in Structural Engineering

Common
steel

| Energy dissipation
through dampers

Energy dissipation
through plastic
deformation at beam
ends and column base

High
L
strength steel

—_—
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Figure 4. Seismic Design Concept for Framed Structured Made of
Common Steel and High Strength Steel

Super-high strength
160 Mpa concrete
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Figure 5. Application of 780 MPa High Strength Steel (adapted from [31])

Large span and wide space 1000 MPa st.cel- BRB
Figure 6. Application of 1000 MPa High Strength Steel (adapted from [32])
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Figure 7. Details of Column Base in a Building Made of 1000 MPa High Strength Steel
(adapted from [32])

2.3 Ductility Related HPSs

In recent several decades, a number of energy dissipation components, e.g., BRBs, oil dampers and
shear fuses, have been developed and prevalently applied to seismic design of both building and
bridge structures, where metallic dampers dissipating energy through plastic deforming of materials
are a main category. Energy dissipation capacities of this type of dampers are mainly dependent on
ductility of the material. A series of low-yield strength steels are developed aiming to improve the
energy dissipation capacities of metallic dampers. In the year of 2000, low yield strength steels
LY100 and LY225 for application to building structures were recognized by the Japanese
government. The main characteristics of the two steels are:

(1) strict control for the yield strength ranges (LY 100: 80-120 MPa; LY225: 200-245 MPa);
(2) high ductility in terms of elongation (LY 100: >50%; LY225: >40%).

The ductility of the low strength steels is approximately twice of a common structural steel with an
elongation of 20%. Meanwhile, the YRs for LY 100 and LY225 are also respectively restrained to
be less than 0.6 and 0.8. Some dampers such as BRBs have relatively large load-carrying capacities,
which may induce premature failure of the attached connections and frames. The low yield strength
steels have a tensile capacity one third to half of common steels, which can thus greatly reduce the
demanding load-carrying capacities of the attached structural components.

2.4 Fireproofing HPS

Fire resistant property is one of the main concerns in steel structures, and commonly fireproofing
coating is required to prevent sudden loss of load-carrying capacity of steel structural components.
However, it takes time and expense to carry out fireproofing coating, and it also impairs
architectural values of structures. To overcome these deficiencies, fireproofing steel is developed to
shorten construction period, enlarge effective architectural space and reduce costs of maintenance
etc. The steel has equivalent mechanical properties with common structural steel under normal
temperature, while lower decreasing rate of load-carrying capacity compared with common steel
under high temperature as shown in Figure 8 [33]. The fireproofing steel SN490-FR under 600 °C
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can sustain more than two thirds of the yield strength under normal temperature. It has been
employed in parking lots, atriums, external steel structures, art galleries, gyms etc., and an
application to external steel structure is illustrated in Figure 9 [33].

400
-
ey
S 300
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5 200 217 MPa
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Temperature (°C)

Figure 8. Comparison of Fireproofing Steel and Common Steel (adapted from [33])

3. HIGH PERFORMANCE STEELS IN BRIDGE STRUCTURES
3.1 General Comments

Vehicle dynamic load make fatigue cracking a main issue in steel bridges, which is different from
steel buildings. Meanwhile, steel bridges are frequently exposed to more corrosive environments,
and this corrosion is significantly enhanced due to marine (salt spray) exposures especially in Japan.
Another issue is that many aging bridges constructed over 50 years ago require maintenance or
rehabilitation. Design concept based on LCC [1] is increasing popular in new constructed and
rehabilitated steel bridges, along with the aforementioned characteristics make durability related
properties of steel more demanding in bridge structures.

The application history of steel to bridges along with the revisions of specifications for highway
bridges is presented in Figure 10 [6], which indicates that weathering steels have been employed
for a long history since around the year of 1973. A significant progress in manufacturing
technology is the thermo-mechanical control process (TMCP) initiating in 1980s. Fine
microstructures produced using the controlled-rolling and controlled-cooling method as shown in
Figure 11 [34] can greatly improve the strength and toughness properties of steel. Main



Ping Xiang, Hanbin Ge and Liang-Jiu Jia 253

advancement of HPSs in bridge structures occurred in 1990s, and a large variety of HPSs have been
developed using the TMCP technology and employed in practice based on the revised specification.

Year Revision of specifications Steel grades Applications
o] _ T I
Specifications for highway bridges I I
1925 revision S0 I
19304 | |
581 (S5400)
19404 | |
| | Sagami Bridge (%00 MPa steel firsily emplayed) in 1933
- I | Mishimuss Bridge, Hirano Bridge (600 MPa sicel firstly
19604 emplayed) im 1960
1964 revision |4 L [ I
| Hanswakodou Bridpe (800 MPa sicel fiestly conployed) in 1964
| Second Chita Bridge (Wenthering steel firstly employed) in
1967
19704 |
Weathering stocls |
SMA00 | Minato Bidge (700 MPa and 500 MPa sicets cmployed) in
SMALM 1974
SMAST I Miwagawn Bridge {Vibmtion controdled sieel plate used in
web) in 1976
19504 5550 remaved | Fifth Acsunsigawa Bridge (TMCP stcel emplayed)
19904
I Haseda Adrside Bridge (Cold-foremed seel emploved) in 1993
Revision of steel grade I
sl I Fukazawagawa Bridge (LP stee] used) in 1995
High performance sizel | Takishita Bridge (Cold-fomssd hollow sectioned tuss bridge)
Thick plate in 1997
| Consant yicd srengsh i | Tokyo Aqualine (using titanium clad steel o resist cormasion)
High soughness steel im 1997
| Fretenting rodwtion siee | Toukai-bu Highway Bridge (Electraslag webding in field) in
Lamellar scaring resistant stecl 199s
| MO et Akashi Bridge {Preheating redisction 500 MPa stecl, 1500 MPa
2000 W Performance hased design methad | cables) in 1998
initially employed
| | Tokyw Rinkai Chuo Hridge (BHS300 first employed) in 2006
20104
Y Ilkulledrulc\ for performance | Tokyo Gate Rridge {BHSS00 cnsplayed) im 2009
[t e |
maintenasce coesideed during
v | designing suage |

Figure 10. History of High Performance Steel in Steel Bridges (adapted from [6])
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3.2 Strength Related HPS
3.2.1  Constant yield strength steels

Yield strength of common steel generally decreases as plate thickness increases. For example, yield
strength decreases when plate thickness is over 40 mm for most Japanese structural steels. A new
series of constant yield strength steels listed in Table 3 for plate thickness within 40-100 mm are
developed. Yield strength versus plate thickness curve of a constant yield strength steel, SM520-H
[35], is compared with a common steel, SM520, in Figure 12. The constant yield strength steels
have the following two virtues:

(1) constant yield strength for various plate thickness makes design simpler;

(2) yield strength of a thick plate is increased, which can reduce self-weight and makes design more
economical.

3.2.2  High strength cables

Suspension bridge and cable stayed bridge are two popular structural types for long span bridges. In

recent decades, strength of the cables is increasing gradually as illustrated in Figure 13. The high
strength cables have the following merits:

Table 3 Yield strength of constant yield strengths steel and common steels

. Plate thickness SM400C-H SM520C-H SM570-H
S;’;fg‘; Syt‘e"';f (mm) SMA400CW-H SM490C-H SMA490CW-H SM570W-H
40<1<100 140 185 210 255
Plate thickness SM400 SM490 SM520 SM570

(mm) SMA400W SMA490W SM570W
Common JIS steel 16<1<40 140 185 210 255
40<1<75 125 175 195 245
75<:<100 125 175 190 240

(1) reduce self-weight of the slabs;

(2) reduce self-weight of other structural components;

(3) more feasibility in structural design;

(4) shorten construction period and reduce cost of a whole project.
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Figure 12. Yield Strength of Constant Strength Steel and Common Steel
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Figure 13. Development of High Strength Cables in Bridges

The strength of the two main cables employed in the Akashi bridge can reach 1800 MPa. It is
reported that four main cables are required if 1600 MPa cables are employed. Not only the
self-weight of the cables, but also the self-weight of the main towers and the bridge deck is reduced
by approximately 10%. Meanwhile, the height of the main towers is also reduced from 320 m to
283 m for the increase of the cable strength.

33 Toughness Related HPS

Several properties are correlated with toughness of structural steel, such as cold forming properties
and brittle fracture-resistant properties under low temperatures. It is known that cold forming will
greatly reduce the ductility and toughness at regions with large bending curvatures (small bending
radii). A material can fracture even during cold forming if the toughness is too low or the bending
radius is too small. For common structural steel, a large bending radius of 15 times of the plate
thickness is required. A series of high toughness steels are developed, and the bending radius can be
reduced to 5 or 7 times of the plate thickness depending on the toughness of the material as shown
in Figure 14 [35]. Besides, in cold areas such as Hokkaido in Japan, the temperature can decrease
as low as -40 °C, and high toughness steels are required to resist brittle fracture under the low
temperature and meanwhile maintain ductility under a strong earthquake.

For weight of N in steel less than 0.006%

When vVE=150J, R=7¢
When vE=200 I, R=5¢

Qjﬁf r;
R=5tor 7t

Common steel High toughness steel
Figure 14. Favorable Cold Forming Properties of High Toughness Steel

34 Weldability Related HPS

3.4.1  Steel for high heat input welding
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Generally, tungsten inert gas (TIG) welding, metal inert gas (MIG) welding and electro-slag
welding (ESW) are widely employed in bridge engineering. For common structural steel, a large
amount of heat input will induce low toughness at the heat affected zone, and premature brittle
fracture may occur. Therefore, strict control of the heat input is required in some design
specifications, e.g., the maximum heat input for SM570 and SM490 are respective 70 J and 100 J in
Japan [35]. On the other hand, welding using high heat input method such as the single pass
welding process, ESW, is more productive compared with the multi-pass welding methods such as
TIG and MIG, while the heat input is generally more than 370 J, which is more than the specified
value of the design code. A series of steel for high heat input welding is thus developed. Besides
the high efficiency, the steel can also reduce the construction cost, especially for thick-walled steel
plates. The welded connections using the steel also have high Charpy impact energy compared with
common steel as illustrated in Figure 15. The micro-structure of the heat-affected zone using the
steel for high heat input is much finer than those using conventional steel, and the weld thus has a
superior fracture-resistant capacity. The micro-structure of a welded joint using the ESW process is
shown in Figure 16 [36].

3.4.2  Reduced preheating steel

Weldability is commonly evaluated by the Pcn in Japan, and a large value of Pen is correlated with
poor weldability. Therefore, weldability becomes poor as the alloy content increases, and a
thick-walled plate also has poor weldability. To avoid welding cracks, preheating is commonly
required for thick-walled steel plates, especially in steel bridges where thick-walled plates are
widely employed. However, it is not only inefficient but also difficult to carry out high temperature
preheating in practice. A series of steel is developed to lower the required preheating temperature,
and the steel has a relatively small value of Pc» as shown in Figure 17, where the required
preheating temperature can be controlled within 50 °C.
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Steel for high heat input welding Common steel

Figure 16. Application of Steel for High Heat Input Welding (adapted from [36])
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Figure 17 Preheating Requirements of Common Steel and Steel for High Heat Input Welding
3.4.3  Lamellar tearing-resistant steel

Impurities tend to accumulate at mid-thickness of a steel plate, and a thick-walled steel plate
subjected to tensile stress along the thickness direction is susceptible to lamellar tearing as
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illustrated in Figure 18. The main affecting impurity for lamellar tearing is MnS. A series of
lamellar tearing-resistant steel is developed by limiting the S content within 0.006% to 0.01%,
which corresponds to a reduction of area at fracture along the thickness direction within 15% to
35% [37]. The steel is applicable to welded thick-walled steel joints such as column flanges of
beam-column connections.

Impurity or second-phase Weld
particles accumulated at
mid-thickness
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\ NS o~

Plate thickness Lamellar tearing
[ |

<

Figure 18. Illustration of Lamellar Tearing at Thick Steel Plates

3.5 Connection Feasibility Related HPS

Longitudinally profiled (LP) steel plates as shown in Figure 19 is another series of HPS developed
for steel bridges. The LP steel plates have tapered sections along the thickness direction, which
makes connections between two plates with different thickness simple. The stress conditions within
the LP steel plates are also improved for the changing plate thickness. For these two virtues, less
manufacturing work is required to connect two steel plates with different thickness, and the
self-weight is also greatly reduced compared with common steel plates, which thus lower the
construction fee.

. - Moment capacity for Filli late
Moment capacity for uniform pacity 1ing plate

thickness plate N\ LP plate :E:/
i i
Moment due to - @

external forces

l :
Supp(m_ing point i m 1

(a) Profile along longitudinal direction (b) More economical solutions at supporting point and joints
Figure 19. Longitudinally Profiled Steel Plates and its Applications

3.6 Durability Related HPS

Weathering properties are very important for steel bridges, where commonly painting is required to
protect the bridges from corrosion. Weathering steels are developed to enhance the
corrosion-resistant properties of steel bridges, which have equivalent mechanical properties with
common structural steel. These steels are commonly low alloy steels containing chemicals such as
Cu, Cr and Ni etc. The steels will form a fine rust layer in the presence of moisture and air as
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illustrated in Figure 20, which will prevent the inner material from further corrosion. For this
mechanism, the rusting rate will be greatly slowed down compared with conventional steel. There
are several benefits for application of the weathering steels, such as rapid construction, attractive
appearance, minimal maintenance, and flexibility in future use. The steel bridges using weathering
steels are more economical from the viewpoint of LCC.

FeOOH

Protecting corrosion laye

Steel

(a) Weathering steel (b) Common steel
Figure 20. Illustration of Corrosion Mechanisms for Weathering Steel and Common Steel

3.7 New HPSs for Steel Bridges

A series of new HPSs termed BHS (bridge high performance steel) [38] have been developed to
reduce the construction and maintenance costs of steel bridges. There are two steel grades, BHS500
and BHS700 (the current names are respective SBHS500 and SBHS700) [39], respectively with
yield strengths no less than 500 MPa and 700 MPa. The main characteristics of the BHS include:

(1) high yield strength;

(2) favorable construction feasibility such as large welding heat input as much as 10 kJ/mm and
reduced preheating temperature as listed in Table 4;

(3) high toughness;

(4) good weathering properties such as BHS500W and BHS700W, where “W” denotes weathering.

The BHS has been firstly employed in the construction of Tokyo Rinkai Chuo bridge in 2006,
where most of the members in the truss bridge uses the new steel as shown in Figure 21 [40]. It is
reported that the self-weight and manufacturing cost have been respectively reduced by
approximately 3% and 12%.

HPS
( BHS500)

Common steels
(SM400A SM490Y)

Figure 21. Application of High Perfor;nance Steel in Tokyo Rinkai Chuo Bridge
(adapted from [40])
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Table 4. Preheating Requirements for BHS Steels and Common Steels

Strength Type Classification Thickness
(MPa) t<25 25<t<40 | 40<t<50 50<t<100
SM570 Standard Pcm 0.26 (no preheating) 0.27 (80°) 0.27 (100°)
570 No need to preheating Pcm - 0.24 | 0.22
BHS500 Pem <0.20 (no need to preheating)
BHS500W Pem <0.20 (no need to preheating)
HTS80 <25 25<t<38 38<t<50 50<t<75
780 Standard temp. (°) 100 100 100 120
BHS700W Min. preheating temp. (°) 50
4. SOCIAL AND ACADEMIC IMPACTS OF HPSS

A number of high performance steels (HPSs) in Japan have been discussed in this study. These

steels have great impacts on the whole society, such as:

(1) low construction and maintenance costs for steel structures;

(2) safer structures for the improved mechanical properties such as more stable yield strength and
higher toughness;

(3) rapid construction speed;

(4) more feasibility for challenging structural proposals, e.g., high strength steel makes larger
scaled structures possible.

There are also significant impacts on academic research of structural engineering, such as:
(1) new design methods for structures made of HPS;

(2) innovative structural systems;

(3) new energy dissipation components;

(4) new connecting technologies.

More research efforts are still required to promote the developments of these new technologies, and
there is great potential for the application of HPS in future.
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ABSTRACT: Thirty-two specimens are experimentally tested in this paper to study the static performance of axially
compressed circular concrete filled CFRP-steel tubular (C-CF-CFRP-ST) columns. The tested results indicate that,
for columns with relative small slenderness ratio, failure is dominated by the strength loss of the materials. However,
for columns with relative large slenderness ratio, failure is controlled by instability. The load versus deflection curves
at the mid-height of the composite column can be divided into three stages, i.e., elastic, elasto-plastic and softening
stage. Analyses of the tested results show that distribution of longitudinal strains in the steel tube over depth on the
cross-section is approximately linear, and the steel tube and its outer CFRP material can cooperate both
longitudinally and transversely. The longitudinal strain and the transverse strain at a point have opposite signs, and
the steel tube under longitudinal tension has no transverse confinement effect on its concrete. The Deformed modes
of the columns, the axial load verses deflection curves at the mid-height, the axial load verses axial shortening curves
and the stresses in the steel tube are simulated by using finite element method. The calculated results agree well with
the experimental results to prove the accuracy of the finite element model. Stresses in the concrete, the steel tube and
the CFRPs are analyzed by using finite element method. The numerical results show that the interaction force
between the steel tube and the concrete decreases gradually from compressive region to tensile region. The adhesive
strength between the concrete and the steel tube has little effect on the critical buckling load and on the elastic
stiffness of the columns. Equation for calculating the critical buckling load of the composite columns is presented,
and the estimated results agree well with the experimental results.

Keywords: Circular CFRP-steel tube, In-filled concrete, Axially compressed columns with moderate slenderness
ratio, Static performance, Critical buckling load
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1. INTRODUCTION

Fiber Reinforced Plastic (FRP) has been used in many engineering structures due to its advantages
of high strength/weight ratio, good corrosion resistance, ease of installation, more and more
cheaper cost and so on, in which Concrete Filled FRP Tubular (CF-FRP-T) structure or FRP
strengthened concrete structure is a typical example. There are many research reports on CF-FRP-T
(Wang and Restrepo [1]; Fam and Rizkalla [2]; Teng et al. [3]; Karabinis et al. [4]; Rousakis et al.
[5]; Yu. et al. [6]; Yu. et al. [7]; Jiang and Wu [8]). CF-FRP-T structures have better corrosion
resistance. However, the failure mode of CF-FRP-T structures has brittle characteristics in most
cases, and the load carrying capacity in the transverse direction for this structure is weak.

As one typical style of the steel-concrete composite structures, Concrete Filled Steel Tubular
(CFST) structures are widely used in civil engineering, and they show good constructional
efficiency. The research work in this field has been studied systematically in the literature. Besides
the systematic investigations on the static and the hysteretic behavior of the components and the
connections (Han [9]; Han et al. [10]; Han et al. [11]; Han et al. [12]; Han and Li [13]), fire
resistance (Han [14]), torsion performance (Han et al. [15]) and local compression (Han et al. [16])
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of this structure are also reported. Comparing with the CF-FRP-T, CFST has higher shearing load
carrying capacity. However, the outer surface corrosion of the steel tube cannot be ignored when
CFST is used in a corrosive environment, and some corresponding research studies in this field
have been reported in recent years (Han et al. [17]; Han et al. [18]).

In many engineering fields, the FRP-metal composite tanks or tubes have been used widely, such as
gas tank used in motor vehicle (as shown in Figure 1, where GFRP refers to Glass Fiber Reinforced
Plastic) and pipeline system for transporting high pressure gas or liquid used in municipal
engineering or chemical engineering. Sometimes, petroleum pipeline system after corrosion is also
reinforced with CFRP (Carbon Fiber Reinforced Plastic), which can save much cost compared to
the measure of replacing the corroded tube with a new one. CFRP-metal tube can also be used in
civil engineering, for example, by infilling concrete into CFRP-steel composite tube (Che et al.
[19]), or by using CFRP to strengthen damaged CFST (Tao et al. [20]). Both of the above methods
can form the so-called Concrete Filled CFRP-Steel Tubular (CF-CFRP-ST) structures.
CF-CFRP-ST structures have the advantages of both the CFST and the CF-FRP-T structures, and
the CF-CFRP-ST structures can also avoid the respective deficiency of the CFST and the
CF-FRP-T structures to some degree. Recent study shows that CF-CFRP-ST has satisfactory fire
endurance time when adequate fire resistant measures have been taken (Tao et al [21]).

Figure 1. Gas Tank Used in Motor Vehicle

Figure 2. An Engineering Practice of C-CF-CFRP-ST Columns Used in
Nanjing City, Jiangsu Province, P. R. China

There are many research studies about CF-CFRP-ST structures in the literature, and these studies
mostly focus on Circular CF-CFRP-ST (C-CF-CFRP-ST) stub columns (Xiao et al. [22]; Choi and
Xiao [23]; Park et al. [24]; Hu et al. [25]; Li et al. [26]; Teng et al. [27]), C-CF-CFRP-ST flexural
members (Wang and Shao [28]), Square CF-CFRP-ST (S-CF-CFRP-ST) stub columns (Tao et al
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[29]; Park et al. [30]; Sundarraja and Ganesh [31]; Sundarraja and Ganesh [32]; Sundarraja and
Ganesh [33]; Wang and Shao [34]) and S-CF-CFRP-ST flexural members (Sundarraja and Ganesh
[35]; Wang et al. [36]). More applications in practical engineering are columns with large
slenderness ratio (as shown in Figure 2) although corresponding research is quite scarce. For
axially compressed stub columns (slenderness ratio A <3), compressive buckling does not occur
in general, and its load carrying capacity is determined by the material properties and the
combination effect, while for axially compressed columns with moderate slenderness ratio, i. e.,
A>3, its critical buckling load is generally determined by stability, which is necessary to be studied
specially.

To understand the static performance of the axially compressed C-CF-CFRP-ST columns with
moderate slenderness ratio, 32 composite specimens with both transverse CFRP and longitudinal
CFRP are tested and the details are introduced in this paper. Axial load (V) versus deflection at the
mid-height (u ) curves, cooperation between the steel tube and the CFRP and plane section
assumption of the composite specimens are analyzed. Furthermore, the finite element software
ABAQUS is used to simulate the deformed modes and the N-u_ curves of the composite columns.
The distributions of the stress and the strain, the effects of adhesive strength between the steel tube
and the concrete, and the interaction force (p) between the concrete and the steel tube are also
analyzed. Finally, the equation for calculating the critical buckling load of the axially compressed
C-CF-CFRP-ST columns with moderate slenderness ratio is given.

2. EXPERIMENTAL PROGRAM
2.1 General
In overall, tests on 32 axially compressed C-CF-CFRP-ST columns are conducted, and the basic

parameters considered for these specimens include A and strengthening factor of the longitudinal
CFRP (77) (Wang and Shao [28]), respectively, where

A= 4L/ DS (1)
n=Anfu/(4,1,) @)
Jfon = E &4, = 2300MPa 3)

where L is the length of the column; D, is the outer diameter of the steel tube. A4, and f,, are
the cross-sectional area and the ultimate tensile strength of the longitudinal CFRP, respectively. A,

and f, are the cross-sectional area and the yield strength of the steel tube, respectively. E

C

. and
&g, are the elasticity modulus of CFRP and the rupture strain of the longitudinal CFRP,
respectively. In this study, ¢

C

+-=10000 pe , and the determination of &, can be referred to the
corresponding reference (Wang and Shao [28]).

The specimens' details are provided in Table 1. In the nomenclature of the specimens as listed in
Table 1, CC means Circular Column. Letters A, B, C, D, E, F, G and H denote the different lengths
of the columns: 400mm, 530mm, 600mm, 800mm, 1200mm, 1800mm, 2400mm and 3000mm,
respectively. Number 0, 1, 2 or 3 refers to the number of the longitudinal CFRP layer(s) (m'). m is
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number of the transverse CFRP layer. #, is the wall thickness of the steel tube, and N, is the
tested value of the critical buckling load of the C-CF-CFRP-ST columns. & is the confinement

factor of the steel tube (Han [9]). &, is the confinement factor of the transverse CFRP tube (Che
et al. [19]), where

& =41, )(4.1,) 4)
b = AnSia/(AS ) (5)
£ =0.671, (6)
fon = E. &, =1265MPa (7)

where A, and f, are the cross-sectional area and the characteristic axial compressive strength of
the concrete, respectively. 4, and f,, are the cross-sectional area and the ultimate tensile
strength of the transverse CFRP, respectively. f,, is the cubic strength of the concrete specimen.

&

. 1S the rupture strain of the transverse CFRP (&, =5500p€) and the determination of &,

can be referred to the corresponding reference (Che et al. [19]).
2.2 Specimen Preparations

Fabrication of Circular CFST (C-CFST) specimens can be found in relative reference (Han [9]).
Carbon fiber sheets are applied using a hand lay-up method. The longitudinal CFRP is glued firstly,
and then the transverse CFRP is glued. The finishing end of a sheet is overlapped to the starting end
of the other sheet with an overlapped length of 150 mm.

Table 1. Specimen Labels and Capacities

No. Specimens L 1 m' 7 m £, D, f ‘ Ny
label (mm) (layer(s)) (layer) (mm) | (mm) (kN)

1 CCA-0 400 12 0 0 1 0.13 133 5 1.3 2085
2 CCA-1 400 12 1 0.18 1 0.13 133 5 1.3 2118
3 CCA-2 400 12 2 0.35 1 0.13 133 5 1.3 2119
4 CCA-3 400 12 3 0.53 1 0.13 133 5 1.3 2206
5 CCB-0 530 16 0 0 1 0.13 133 5 1.3 2040
6 CCB-1 530 16 1 0.18 1 0.13 133 5 1.3 1947
7 CCB-2 530 16 2 0.35 1 0.13 133 5 1.3 2016
8 CCB-3 530 16 3 0.53 1 0.13 133 5 1.3 2094
9 CCC-0 600 18 0 0 1 0.13 133 4.5 1.3 1721
10 CCC-1 600 18 1 0.18 1 0.13 133 4.5 13 1756
11 CCC-2 600 18 2 0.35 1 0.13 133 4.5 1.3 1831
12 CCC-3 600 18 3 0.53 1 0.13 133 5 13 2090
13 CCD-0 800 24 0 0 1 0.13 133 4.5 1.3 1682
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14 CCD-1 800 24 1 0.18 1 0.13 133 4.5 1.3 1724
15 CCD-2 800 24 2 0.35 1 0.13 133 4.5 1.3 1780
16 CCD-3 800 24 1 0.53 1 0.13 133 5 1.3 2035
17 CCE-0 1200 36 2 0 1 0.13 133 4.5 1.3 1445
18 CCE-1 1200 36 1 0.18 1 0.13 133 4.5 1.3 1500
19 CCE-2 1200 36 2 0.35 1 0.13 133 4.5 1.3 1560
20 CCE-3 1200 36 3 0.53 1 0.13 133 5 1.3 1914
21 CCF-0 1800 54 0 0 1 0.13 133 4.5 1.3 1222
22 CCF-1 1800 54 1 0.18 1 0.13 133 4.5 1.3 1281
23 CCEF-2 1800 54 2 0.35 1 0.13 133 4.5 1.3 1358
24 CCF-3 1800 54 3 0.53 1 0.13 133 5 1.3 1704
25 CCG-0 2400 72 0 0 1 0.13 133 5 1.3 1387
26 CCG-1 2400 72 1 0.18 1 0.13 133 5 1.3 1409
27 CCG-2 2400 72 2 0.35 1 0.13 133 5 1.3 1428
28 CCG-3 2400 72 3 0.53 1 0.13 133 5 1.3 1613
29 CCH-0 3000 90 0 0 1 0.13 133 5 1.3 1296
30 CCH-1 3000 90 1 0.18 1 0.13 133 5 1.3 1174
31 CCH-2 3000 90 2 0.35 1 0.13 133 5 1.3 1243
32 CCH-3 3000 90 3 0.53 1 0.13 133 5 1.3 1467

2.3 Material Properties

Seamless steel tube is in the columns. Tensile tests on steel coupons cut from the original steel
tubes are conducted. The measured properties of the steel tubes obtained from these tests are given

in Table 2, where E; and v, are the elasticity modulus and the Poisson’ ratio of the steel tube,

respectively.
Table 2. Material Properties of Steel Tube
t, (mm) E, (GPa) f, (MPa) v,
4.5 206 333 0.27
5 204 303 0.26

The in-filled concrete of all the specimens has same material property. In the concrete mixture,
Portland cement is used, and the fine aggregate is silica-based sand. The course aggregate is
limestone with a largest size of 20mm, and 1% (in weight) water reducing agent is added. The
mixture proportions of the concrete are summarized in Table 3.

Table 3. Mixture Proportions of Concrete (kg-m™)
Water Sand

Cement Course aggregate

485 150 703 1062

To determine the compressive strength of the in-filled concrete, six cubes with a side length of 150
mm are cast and cured in conditions similar to those of the related specimens. The averaged cubic
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strength ( f,,) at 28 days is 48.8 MPa. At the testing time (six months later due to the delay of the

test program), the cubic strength of 57.4 MPa is achieved and is adopted in later FE simulation and
calculation. Elasticity modulus of the concrete ( £, ) is 35.9GPa.

Carbon fiber sheet used in the specimens is a kind of one-way sheet, and the properties of the
CFRP determined from tensile tests of six flat coupons are given in Table 4, in which f;', J,

and w, are the tensile strength, the elongation percentage and the density of the carbon fiber

sheet, and ¢ is the thickness of one-layer carbon fiber sheet.

Table 4. Main Technical Properties of Carbon Fiber Sheets
Model number fcf' (GPa) E ¢ (GPa) 5Cf (%) W, (gm3) t.; (mm)

C200/200 4.83 230 2.1 200 0.111

It should be pointed out that the rupture strain of the coupon CFRP is 21000 pe while the rupture
strains of the longitudinal CFRP ¢, =10000pe and that of the transverse CFRP &, =5500pe .

Such difference is possibly caused by different curvatures at CFPR positions, and the relative
research (Yu et al. [37]) provided similar conclusion.

JGN-C, a typical kind of epoxy resin, which is produced by Building Science Research Institute of
Liaoning Province of China and is used for building structures, is selected for adhering the CFRP to
the steel tube. Another kind of epoxy resin, JGN-P, is used for gluing CFRPs together.

2.4 Test Setup and Instrumentation

The experimental test is carried out in the Structural Laboratory of Shenyang Jianzhu University, P.
R. China. The critical buckling load of the specimen is predicted before the specimen is loaded: the
transverse and the longitudinal CFRPs are simplified to equivalent steel tube, and then the critical
buckling load can be calculated by using corresponding equations of C-CFST columns (Han et al.
[11]). However, the equivalent steel tube besides longitudinal CFRP is not considered in calculating

the confinement factor of the steel tube &, .

The test setup is shown in Figure 3. The specimen is pinned at both ends. A instrument with a
loading capacity of 5,000kN is used to apply axial compressive load N. The load is applied in many
loading steps. In the elastic stage, each loading step is 1/10 of the estimated critical buckling load.
When the applied load is about 60% of the estimated critical buckling load, the magnitude of the
loading step is reduced to 1/15-1/20 of the estimated critical buckling load. After the deflection at
the mid-height exceeds L/50, displacement control is used till the deflection at the mid-height

reaches about L/25. The interval between two continuous loading steps is maintained for about 2
to 3 min.

As shown in Figure 3, 3-5 Linear Variable Differential Transformers (LVDTs) are placed in the
bending plane with equal distance in the height direction according to different heights of the
specimens to measure the lateral deflection. Simultaneously, two LVDTs are used to measure the
longitudinal compression of the specimens. Overall, 11 strain gauges are glued on the surfaces of
each steel tube and on the CFRP at the mid-height of the specimens respectively, as shown in
Figure 4, where points 1-7 are the locations for measuring the longitudinal strains and points 1, 3, 5
and 8 are the locations for measuring the transverse strains.
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The data is captured by Data Acquisition System U-CAM-70A, and the N-u_ curve is achieved
simultaneously.

Concrete

Figure 4. Location of Strain Gauges
2.5 Test Observations and Failure Modes

The failure of the specimens is mainly determined by the slenderness ratio (A ). For specimens with
small A, transverse CFRP located in longitudinal compressive region at the mid-height begins to
fracture at a loading about 0.85 N, ., . With the increase of the applied load, the amount of fractured

transverse CFFPs becomes bigger (as shown in Figure 5 (a)) till the applied load reaches N

Longitudinal CFRP located in longitudinal tensile region at the mid-height is not fractured in
general, and the specimens have local outward buckling (as shown in Figure 5 (a)) which indicates
a symbol of strength failure. For specimens with large A, transverse CFRP located in longitudinal
compressive region at the mid-height begins to fracture after N, . With the increase of the
deflection, the longitudinal CFRP located in longitudinal tensile region at the mid-height begins to

fracture (as shown in Figure 5 (b)). Finally, the specimens fail and the steel tube does not buckle
outward and forms an instability failure. All specimens after failure are shown in Figure 6.

The CFRP-steel composite tubes are cut off after test. As shown in Figure 7, it is found that the
concrete could be divided into both tensile and compressive regions. For specimens with small A,
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the failure of the concrete is severe, and the concrete in the compressive region is crushed (as
shown in Figure 7 (a)). In the tensile region, the concrete crack has a big width, and the distance
between any two adjacent cracks is small (as shown in Figure 7 (b)). For specimens with large A,
the concrete failure is not severe, and thus the concrete in compressive region is almost not
damaged (as shown in Figure 7 (c)). The crack in tensile region has a narrow width, and the
distance between any two adjacent cracks is bigger (as shown in Figure 7 (d)).

el NN~

Ruptute

(a) Transverse CFRP o (b) Longitudinal CFRP .
Figure 5. Rupture of CFRPs and Local Buckling

) m'=1 Specimens (c) m'=2 specimens (d) m'=3 Specimens
Figure 6. All Specimens after Testing

(©) Compressed Concrete of Specimen CC H-2 (d) Tensioned Concrete of Specimen CC H-2
Figure 7. Failure Modes of Concrete

2.6 Test Results and Analysis
2.6.1  Tested N-um curves

curves of the specimens, and it can be found that these N-u_ curves

m

Figure 8 shows the N-u

m
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have the following characteristics: the curves develop linearly in initial loading stage, and this
period belongs to an elastic stage. The following stage is elasto-plastic stage in which the
developing rate of u,_ is apparently faster than that of N. The curves begin to drop after N,

u,cr 2

and in this stage the increase of # is much faster while the decrease of N is gradual.
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2.6.2  Tested N-A curves

Figure 9 shows the N-A4 curves of the specimens, where A is the axial shortening of the specimen.
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Figure 9. Tested N-A Curves
2.6.3  Comparison between longitudinal Strain and Transverse Strain

Figure 10 shows comparison between &, (longitudinal strain of the steel tube) and &
(transverse strain of the steel tube) at point 1 and point 5 for specimen CC E-2, where ¢, is the

strain of the steel tube. The signs of &, and &, at same point are different: it is negative in
longitudinal direction while positive in transverse direction and vice versa. Studies on
CF-CFRP-ST stub column (Che et al. [19]; Wang and Shao [34]) and CF-CFRP-ST flexural
member (Wang and Shao [28]; Wang et al. [36]) provided same conclusions. It can also be found
that point 1 on the steel tube is under tension longitudinally and under compression transversely
after N!_, which makes it clear that this point together with the around steel tube has no

confinement to concrete, and the reason may be listed as follow: the nearby concrete is also in a
tensile state when the steel tube is under tension in longitudinal direction, and thus it does not need
transverse confinement provided from steel tube. The transverse strain of the steel tube is under
compression due to the corresponding tension in longitudinal direction.

2.6.4  Plane Section Assumption

Figure 11 shows the distribution of &, over the depth on the cross-section of the specimen with a
slenderness ratio 4 =24. As shown in Figure 11, the distribution of ¢, is basically satisfied with

the plane section assumption. Studies on CF-CFRP-ST flexural member (Wang and Shao [28];
Wang et al. [36]) provided same conclusions.
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Figure 11. Distribution of &, over Depth of Cross-Section for 4 =24 Specimens

Stress-Strain Relationship of Materials

A 5-stage stress-strain relationship of steel material (Han et al. [10]) is used in the FE simulation.

The constitutive relationships of the concrete confined by circular CFRP-steel tube under
compression as well as under tension (Che et al. [19]) are adopted. The CFRP is assumed to be
subjected to tension only, and the stresses in other directions are assumed to be 0.001MPa. Before

fracture, the stress-strain relationship is in accordance with Hooke’s Law

O—cf = chgcf

®)
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where o, and &, are the stress and the strain of CFRP, respectively. When longitudinal CFRP
reaches its rupture strain (&, ), it loses longitudinal strengthening effect to the specimens. When

transverse CFRP reaches its rupture strain (&, ), it loses transverse confinement to the steel tube.

3.2 FE Model
3.2.1  Element type selection and mesh discritization

The adopted element in the mesh of the steel tube is shell element S4 with full integration. Simpson
integration with 9 integrating points in the shell thickness direction is used. For the mesh of the
concrete, 3-D brick elements C3D8R with reduced integration is used. Membrane element M3D4
with 4-nodes is used for modelling CFRP. The convergent analysis is carried out by using refined
mesh in finite element analysis, details can be found in Ref. (Che et al. [19]).

3.2.2 Interface model

Hard contact is used for contact interface between the steel tube and the concrete, i.e., the pressure
perpendicular to the contact surfaces (p) can be transferred completely between the two surfaces.
The tangential force between the steel tube and the concrete is simulated by using Columb model,
i.e., shear force can be transferred between two contact surfaces. In the tangential direction of the
contact surfaces between the end plate and the concrete, there is no slipping, and hard contact
assumption is used in normal direction of the contact surfaces.

Figure 12 shows the comparison of the strains between the steel tube and the CFRP, where, ¢,
and ¢, are the longitudinal strain and the transverse strain respectively, and &, and &, are the
strains of the longitudinal CFRP and the transverse CFRP, respectively. As shown in Figure 12, &

and &,, as well as &, and &, are approximately same. Additionally, after cutting the

CFRP-steel tubes into halves after the tests, it is found that the adherence between the CFRP and
the steel tube is still intact except at the region where CFRP ruptured. All above indicate that the
steel tubes and the CFRP could cooperate well in both longitudinal and transverse directions.
Studies on CF-CFRP-ST stub column (Che et al. [19]; Wang and Shao [34]) and CF-CFRP-ST
flexural member (Wang and Shao [28]; Wang et al. [36]) provided same conclusions.

According to the above test results, the CFRP is bound to the steel tube in the finite element model,
and it is assumed that no slip exists between the CFRP and the steel tube. Same nodal freedoms are
used for the contact elements between the CFRP and the steel tube.

3.2.3  Boundary conditions

Boundary conditions (as shown in Figure 13) are simulated as the same situations in the
experimental process. According to the symmetry of both the geometry and the boundary condition,
1/4 of the entire model is selected for FE analysis. On the symmetrical plane of the model,
symmetrical constraints are applied. At one end, the displacements in x-, y- and z- directions are all
restrained. At the other end, line loading is applied (considering initial eccentricity of L/1000 ).
Increment iteration method is used to solve the problem in which controlled displacement loading
method is used.
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3.3 FE Results

3.3.1 Failure modes

To verify the reliability of the above presented FE method, overall 32 axially compressed
C-CF-CFRP-ST columns are analyzed by using ABAQUS software. Figure 14 shows the
deformation modes of the specimen in the test and in FE simulation. From Figure 14, it can be
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found that the simulated results agree reasonably well with the experimental results.

3.3.2

The FE N-u,,

(a) Tested Result

(b) Simulated Result

Figure 14. Deformation Modes

N-um curves

277

curves together with the measured results of several specimens are plotted in Figure

15. The FE results agree reasonably well with the experimental results. The average ratio of the
critical buckling load between the FE and the experimental results (N, ) is 0.848, and the COV is

0.092. The simulated results for the specimens with large slenderness are relatively smaller, and it
is mainly caused by the following reason: The initial eccentricities for all the tested specimen are
roughly equal in the experiment. However, such initial eccentricity is prescribed to be L/1000,
which implies that the specimen with a larger slenderness has a bigger initial eccentricity and hence
it has a lower simulated result.
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3.3.3 N-Acurves

The FE N-A4 curves together with the measured results of several specimens are also given in Figure
16. The FE results agree reasonably well with the experimental results.
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3.3.4  N-&curves

The comparison of the strains in the steel tube of specimen CC E-1 is shown in Figure 17.
Experimental and FE results are denoted in thin line and in thick line respectively, and the
simulated results of the tube strains agree well with the experimental results.
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Figure 17. Comparison between Steel Tube Strains of Specimen CC E-1
4., THEORETICAL ANALYSIS

On the basis of the above model and approach, a large number of parametric analyses show that the
validity range of the models in the presented approach is: f, =200 -400MPa, f,, =30-120MPa,
£=02-4, £,=0-0.6, n=0-0.9. In the above validity range, a typical model is selected to
carry out theoretical analysis, and the details of the typical model are listed as follows:
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D, =400mm, 7 =9.3mm, f =345MPa, f, =60MPa, A1=80, &£,=0.0383, 1=0.163,
elasticity Poisson’s ratio of concrete v, =02, E_= 4700@ (where f.' is the compressive

strength of cylinder concrete specimens and its unit is in MPa). Five typical points as shown in
Figure 18 are selected for further analysis. In Figure 18, the load is proportional to the lateral
deflection before point 1, and the stress of the steel tube reaches its proportional limit at point 1.
Plastic region occurs on the cross-section at the mid-height between point 1 and point 2, and the
critical buckling load is reached at point 2. Area of the plastic region increases gradually after point
2, and the transverse CFRP on the longitudinally compressive region ruptures at point 3. The
longitudinal CFRP on the longitudinally tensile region ruptures at point 4. Deflection at the
mid-height is very large (about L/25) at point 5.
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Curve of Axially Compressed C-CF-CFRP-ST Columns
with Moderate Slenderness Ratio

Figure 18. Typical N-u

m

4.1 Stress analysis
41.1  Stress in concrete

Figure 19 illustrates the distribution of the longitudinal stress in the concrete on the cross-section at
the mid-height for axially compressed C-CF-CFRP-ST column with moderate slenderness ratio. All
the cross-section of the concrete is found to be under compression before the critical buckling load
is reached. After the critical buckling load, tensile region initiates on the concrete section. With the
increasing deflection at the mid-height of the column, the area of the compressive region reduces
and the area of the tensile region enlarges continuously.

Figure 20 shows the distribution of the longitudinal stress in the concrete in axial direction. It can

be found that such distribution is not uniform and the stresses of the concrete in the compressive
region on the cross-section at the mid-height increase gradually.
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Figure 19. Distribution of Longitudinal Stress in Concrete on Cross-Section at Mid-Height

ross-section

5,822

(dwg: T5%)
-2.0072+01
-2.0020+01
-2.1762+01
-2.261e401
-2.3460+01
-24300+01
-2.515e+01
-2600e+01
2634401

at mid-height

5,522

(dorg: TS%)
-1395e+01
-Laie+0]

-2.416e+0]
-LAT2e+0]
-2.927e+01
-3.182e+0]

-4 2040401
-4 X5me+01

(a) Point 1

Cross-section
at mid-height

5,822
(dwg: T5%)
+3 6510400

-1.544e+0]
-2.130e+0]1
-2.816e+01
-3452e+0]
-4 08%e+0]
-4 725e+0]
-5.361e+01
-5.997e+01
-6.634e+0]
-7.270e+01

(b) Point 2

Cross-section
at mid-height

Tensile region

5,522

(dorg: TS
+3,300e+00
-3 E55e+00
- 50 1e+00
T355e+01
-3 059e+01

-3.873e+01
-4 47 Te+0]
-5.082e+01
-5.68Te+]
-6.201e+01
-6.806e+0]1

(c) Point 3

Cross-section
at mid-height

(d) Point 4



282 Static Behavior of Axially Compressed Circular Concrete Filled CFRP-Steel Tubular
(C-CF-CFRP-ST) Columns with Moderate Slenderness Ratio

5,822 .

(g T5%) Cross-section
+32 57 7e+00 0 .
-2.452e+00 -
2dmem | at mid-height
-1.460:+01
-2.066e+01
-2.671e+01
-3.27Te+01
-3.8583e+01
-4.489:+01
-5.095:+01
-5.701e+01
-6.306e+01
-6.912e+01

(e) Point 5

Figure 20. Distribution of Longitudinal Stress in Concrete in Axial Direction

4.1.2 Longitudinal stress in steel tube

Figure 21 shows the distribution of the longitudinal stress in the steel tube in axial direction. The
cross-section of the concrete is under compression before the critical buckling load (point 2), while
the longitudinal stress on the cross-section varies from compression to tension over the depth on the
cross-section after point 3, which process performs from a positive to a negative value of the
stresses. The maximum compressive and the maximum tensile stresses are located at the top and at
the bottom surfaces respectively.

Figure 22 shows the distribution of the Mises stress in the steel tube. The loading at point 1 is
relatively smaller and the steel tube is in elastic stage. At point 2, the compressed steel tube begins
to yield and the cross-section at the mid-height yields firstly. At this time, the tensioned steel tube
does not yet yield. Before the fracture of the transverse CFRP, the compressed steel tube is still in a
yielding state. After the fracture of the transverse CFRP, the steel tube enters into a hardening stage.
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Figure 21. Distribution of Longitudinal Stress in Steel Tube in Axial Direction
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Figure 22. Distribution of Mises Stress in Steel Tube

41.3  Stress in CFRPs

Figure 23 shows the distribution of the stress in the transverse CFRP. Such stress has a uniform
distribution in the longitudinal direction in the elastic stage (point 1). Before the critical buckling
load, the stress in the compressive region on the cross-section at the mid-height increases gradually.
However, the transverse CFRP is still not fractured (the maximum value of stress is about 0.17 £, ).

With the increasing deflection at the mid-height, such stress increases continuously till the CFRP is
fractured and does not work (point 3) which indicates that the transverse CFRP in the compressive
region in longitudinal direction provides confinement but the transverse CFRP in the tensile region
cannot produce such action in the entire loading process.

Figure 24 shows the distribution of the stress in the longitudinal CFRP. It is found that the stress in
the longitudinal CFRP has a uniform distribution in the elastic stage (point 1). Before the critical
buckling load (point 2), the stress in the tensile region on the cross-section at the mid-height is very
small (about 0.001MPa) because the deflection is about only L/250, which indicates that the
longitudinal CFRP does not provide strengthening effect to the column at this time. At point 3, the
deflection is about L/50 and the stress in the longitudinal CFRP increases remarkably (the

maximum value of the stress is about 0.57 f;). With the increasing deflection at the mid-height, the



Q.L. Wang, S.E Qu, Y.B. Shao and L.M. Feng

stress in the tensile region increases continuously till the CFRP is fractured and does not work. This
shows the longitudinal CFRP in the tensile region detains the flexural deformation of the columns.
The longitudinal CFRP in the compressive region cannot produce such action in the entire loading

process.
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4.2 Interaction Force between Concrete and Steel Tube

The interaction force between the steel tube and the concrete (p)-deflection (u ) curves for points

A, B and C on the cross-section at the mid-height of the column is shown in Figure 25. The
interaction force in the compressive region is bigger than the corresponding one in the tensile
region before the transverse CFRP in the compressive region (point 4) is fractured (point 3). After
the longitudinal CFRP in the tensile region (point C) is fractured (point 4), the interaction force at
point B becomes bigger than the one at point 4 because the transverse CFRP at point B is not
fractured and it has still some confinements to the internal C-CFST.

The p-u,, curves of the columns at a height of L/2, 3L/8 and L/4 to the end plate respectively

in the compressive region are shown in Figure 26. The results show that the interaction force at the
mid-height in the compressive region is bigger. With the increasing distance to the mid-height, the
interaction force reduces gradually. As seen from Figures 25 and 26, for axially compressed
C-CF-CFRP-ST columns with moderate slenderness ratio, the interaction force reduces
continuously from the compressive region to the tensile region. In the compressive region, the
interaction force also decreases gradually with the increasing distance to the mid-height of the
specimens.

9
Point 4 ::? i
- - - PointB g g N
6 Point C -

p (MPa)

u_(mm)

Figure 25. p-u_ Curves over Depth of Cross-Section of Column
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Figure 26. p-u_ Curves along Height of Column

4.3 Analysis on Adhesive Strength

To investigate the effect of the adhesive strength between the steel tube and the concrete on the
performance of the axially compressed C-CF-CFRP-ST columns with moderate slenderness ratio,
different friction factors (4 ) with the values of 0, 0.3 and 0.6 respectively are selected in the

simulation. Figure 27 shows the effect of the adhesive strength on the N-u,

which shows that the adhesive strength almost has no effect on the critical buckling load and the
stiffness of the specimen in the elastic stage.

curves of the column,

Figure 28 shows the effect of the adhesive strength on the p-u _curves of the column. In the
compressive region, p increases with the increasing value of the friction factor (& ). A value from

0.3 to 0.6 seems to have no clear effect on p in the tensile region, which is some different with the
case that the value of u is zero.

7500
5000}
g
= 2500 — 0
---- 1703
0 1=0.6
0 60 120 180

u_ (mm)

Figure 27. Influence of Adhesive Strength on N-u Curves of Column
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Figure 28. Influence of Adhesive Strength on p-u_ Curves of Column
5. CRITICAL BUCKLING LOAD
5.1 Calculation Expression

Many calculated results ( f, =200—-400MPa , f,, =30-120MPa, & =02-4, £,.=0-0.6,
n=0-09, E =206GPa, v,=03, v,=02, E, = 4700@ MPa) show that the relationship
between ¢ (stability coefficient of the axially compressed C-CF-CFRP-CT columns with

moderate slenderness ratio) and A can be described by using the curve that shown in Figure 29
(a). The curve can be divided into three stages: when A< A,, ¢ =1, the column fails in strength;

when 4, <A<A4, the column fails in elasto-plastic buckling; when A > 4, the column fails in
elastic buckling. 4, and A, are the limited slenderness ratios for an axially compressed

C-CF-CFRP-ST column with moderate slenderness ratio in elasto-plastic buckling and elastic
buckling respectively, and their values can be determined from the following equations (where the
units of f, and f, arein MPa):

A = n\/(420.§ +550)/ firey 9)

A, =1743 ) \[f, (10)

where & is the global confinement factor (Che et al. [19]); f.., is the index of load carrying
capacity of the axially compressed C-CF-CFRP-ST stub columns (Che et al. [19]), where

§:§s +§cf (11)
Finey = [114+1.02(&, + 38, )]f., (12)

By using regression analysis method (Han et al. [11]), relationship of ¢ -A4 can be expressed as
follow
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Figure 29. Critical Buckling Load
where a=[1+(35+24 -2, )e)/(4, -4 F . b=e-2a2,, c=1-ai’-bi,, e=-df(2,+35) ,

the expression of the coefficient d is obtained from amounts of calculated results based on
regression analysis, and it is listed as follow

3 g 25 - a 00 0.9
d{13000+4657ln( 7 H[ﬂkﬁ) (0.1] (1+7) (14)

where « = 4./ 4, is the steel ratio.

The expression for the critical buckling load of the C-CF-CFRP-ST columns with moderate
slenderness ratio ( N, ) is then expressed as follow

u,cr

Nyo = @N, (15)
where N, is the load carrying capacity of the C-CF-CFRP-ST stub columns (Che et al. [19]),
Nu = Acfsmfcfscy (16)

where A, is the cross-sectional area of the C-CF-CFRP-ST columns with moderate slenderness
ratio.

5.2 Validation of Expression

Figure 29 (b) displays the comparison between N,

u,cr

and N, for the tested specimens. The

average value of N, /N!  is 0.97, and the mean square error is 0.08 which means the two

u,cr

results agree well and the calculated results are conservative in overall.
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6. CONCLUSIONS

Based on the presented results in this study, the following conclusions can be drawn: (1) for the
axially compressed C-CF-CFRP-ST columns with moderate slenderness ratio, the specimens tend
to fail in strength when the slenderness ratio is small while the ones with large slenderness ratio
tend to fail in buckling. Load-deflection curves at the mid-height of the specimens can be divided
into three stages: elastic, elasto-plastic and dropping stages. (2) The steel tube and the CFRP tube
could cooperate well both in the transverse and in the longitudinal directions. The distribution of
the longitudinal strain of the specimens over the depth on the cross-section approximately meets the
plane section assumption. The longitudinal and the transverse strains at same point have opposite
signs, and the tensioned steel tube in longitudinal direction has no confinement to the concrete. (3)

The finite element simulation results of the deformed mode, the N-u,, curves and the N-A curves of

the members as well as the stresses in the steel tube agree well with experimental results. The stress
distributions of different composed materials have been analyzed, and the computed results have a
good agreement with experimental results. (4) In the compressive region, with the increasing
distance to the mid-height of the specimens, the interaction forces between the outer tube and the
concrete reduces gradually. The adhesive strength has almost no effect on the critical buckling load
and on the stiffness in the elastic stage of the specimens, but it can improve the confinement to the
concrete. (5) The calculating equation of the critical buckling load of the axially compressed
C-CF-CFRP-ST columns with moderate slenderness ratio is given.
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NOMENCLATURE
A, : Cross-sectional area of concrete
Aq : Cross-sectional area of longitudinal CFRP
A : Cross-sectional area of C-CF-CFRP-ST columns with moderate slenderness ratio
A : Cross-sectional area of transverse CFRP
A, : Cross-sectional area of steel tube
C-CF-CFRP-ST : Circular concrete filled CFRP-steel tubes
C-CFST : Circular concrete filled steel tubes
CF-CFRP-ST : Concrete filled CFRP-steel tubes
CF-FRP-T : Concrete filled FRP tubes
CFRP : Carbon fiber reinforced plastic
CFST : Concrete filled steel tubes
D, : Outer diameter of steel tube
E. : Elasticity modulus of concrete
E, : Elasticity modulus of carbon fiber sheets
E, : Elasticity modulus of steel tube

Jen : Ultimate tensile strength of longitudinal CFRP
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f. ey : Index of load carrying capacity of axially compressed C-CF-CFRP-ST stub
columns
- : Ultimate tensile strength of transverse CFRP
Jor' : Tensile strength of carbon fiber sheet
Sk : Characteristic axial compressive strength of concrete
. : Compressive strength of cylinder concrete specimens
fu : Cubic strength of concrete specimen
FRP : Fiber reinforced plastic
/s : Yield strength of steel tube
GFRP : Glass fiber reinforced plastic
L : Length of specimens
LVDT : Linear variable differential transformer
m : Number of transverse CFRP layer
m' : Number of longitudinal CFRP layer (s)
N : Axial load
N, : Load carrying capacity of C-CF-CFRP-ST stub columns
Nio : Calculated value of critical buckling load of C-CF-CFRP-ST columns with
moderate slenderness ratio
N! . : Tested value of critical buckling load of C-CF-CFRP-ST columns with moderate
’ slenderness ratio
p : Interaction force between concrete and outer tube
S-CF-CFRP-ST : Square concrete filled CFRP-steel tubes
Ly : Thickness of 1 layer carbon fiber sheet
A : Wall thickness of steel tube
u, : Deflection at mid-height of column
A : Elasticity Poisson’s ratio of concrete
V : Elasticity Poisson’ ratio of steel tube
W : Density of carbon fiber sheet
a : Steel ratio
O, : Elongation percentage of carbon fiber sheet
V| : Axial shortening of specimen
E : Strain of CFRP
Eq : Strain of Longitudinal CFRP
Eopyr : Rupture strain of longitudinal CFRP
Eop : Strain of transverse CFRP
Eotr : Rupture strain of transverse CFRP
& : Longitudinal strain
&, : Strain of steel tube
&y : Longitudinal strain of steel tube
Ey : Transverse strain of steel tube
&, : Transverse strain
» Stability coefficient of axially compressed C-CF-CFRP-ST columns with

moderate slenderness ratio



Q.L. Wang, S.E Qu, Y.B. Shao and L.M. Feng 293

: Strengthening factor of longitudinal CFRP

: Slenderness ratio

: Limited slenderness ratio for an axially compressed C-CF-CFRP-ST column with
moderate slenderness ratio in elasto-plastic buckling

: Limited slenderness ratio for an axially compressed C-CF-CFRP-ST column with
moderate slenderness ratio in elastic buckling

: Friction factor

: Stress of CFRP

: Global confinement factor

: Confinement factor of transverse CFRP

: Confinement factor of steel tube
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ABSTRACT: Self-centering steel frame structures are advantageous in that they can control structural damage,
reduce or eliminate residual deformation, and are easy to repair after strong earthquakes. A self-centering
prefabricated steel frame with a column base connected by semi-rigid joints (SPSF-SRJ) is proposed in the present
study. The goal is to address the problem of excessive plasticity that a self-centering prefabricated frame with a
column base connected by rigid joints exhibits. In addition, a pseudo-dynamic test is performed on the sub-structure
of the proposed system to investigate and discuss the seismic performance of the system, which is then compared
with the seismic performance of a self-centering prefabricated steel frame with a column base connected by rigid
joints (SPSF-RJ). The test results show that the proposed performance-based design goal can be realized in the
SPSF-SRJ. The semi-rigid joints effectively protect the column base and eliminate or reduce the damage to the
columns; after an earthquake, only the steel beams require repairs, which significantly reduces the post-earthquake
repair cost.
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1. INTRODUCTION

Self-centering steel frame structures are advantageous in that they can control structural damage,
reduce or eliminate residual deformation, and are easy to repair after strong earthquakes. Rojas and
Ricles et al. [1, 2, 3] studied friction-type self-centering steel frames. Lin et al. [4, 5] conducted a
pseudo-dynamic test study on self-centering steel frames. Zhang et al. [6, 7] conducted
experimental and theoretical studies on self-centering structural systems that dissipated energy
through web friction devices and proposed a self-centering prefabricated steel frame system. The
existing connection and plane frame tests showed that the system proposed by Zhang et al. [6, 7].
exhibited the aforementioned advantages of self-centering steel frames; in addition, with this
proposed system, post-tensioned(PT) strands could be tensioned on the ground of the construction
site instead of being tensioned above the ground, and the beam-column connections only need to be
connected using the mixed bolting-welding method, which is used to connect conventional
beam-column connections. However, Zhang et al. [6, 7] also discovered that plastic deformation of
the bottom columns of the self-centering prefabricated steel frame still occurred under
medium-earthquake or large-earthquake conditions. Hoseok et al. [8, 9] proposed the use of
prestressed column connectors at the column base of a self-centering frame; their finite element
simulation and experimental study showed that the column base of the system could return to their
original position automatically; in addition, the energy-dissipation device installed at the column
base prevented plastic deformation from occurring; however, due to the gravitational effect, the
vertical anchor cable structure was complicated and achieved self-centering abruptly and thus, was
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not easily accepted by designers. Based on the research results of our research group as well as
research groups in China and other countries, an self-centering prefabricated steel frame with a
column base connected by semi-rigid joints (referred to as SPSF-SRJ hereinafter) is proposed in the
present study with the goal of addressing the problem of excessive plasticity that a self-centering
frame with a column base connected by rigid joints exhibits, and performance-based design goal of
“no gap opening and no damage occurs during frequent earthquakes; gap openings are formed to
dissipate energy, and no damage occurs to the main structure during design earthquakes; only
extremely small structural damage occurs, and the structure can still normally operate during rare
and extremely rare earthquakes (8.5 rare earthquake) is put forward. In addition, a pseudo-dynamic
test is performed on the sub-structure of the SPSF-SRJ to investigate and discuss the seismic
performance of the SPSF-SRJ, which is then compared with the seismic performance of an SPSF
with a column base connected by rigid joints (referred to as SPSF-RJ hereinafter).

2. STRUCTURE OF A TYPICAL CONNECTION OF
A SELF-CENTERING PREFABRICATED STEEL FRAME

A typical beam-column connection of a prefabricated prestressed steel frame system has a joint
structure that connects a frame column and a prestressed steel beam (Figure 1). A prestressed steel
beam consists of a middle beam portion, two short beam portions, a strengthening device, a
connecting device, and an energy-dissipation device. The connecting device consists of a vertical
plate and a prestressed strand. The strengthening device consists of a transverse stiffener and a
longitudinal stiffener that are welded onto the short beam web. The energy-dissipation device uses
a web friction damper and contains steel splice plates, which are positioned on the two sides of the
web of the middle beam portion, and friction bolts for energy dissipation. Long holes are created at
locations on the web of the middle beam portion that correspond to the friction bolts. A brass plate
is sandwiched between the web of the middle beam portion and the splice plate to ensure a stable
friction coefficient. Stiffeners are installed at the location where the steel frame column levels with
the flange of the short beam segment.

Longitudinal stiffener
Post-tensioned ==
prestressed strand

Vertical plate

Friction bolt

Middle-beam portion

Frame column —

Figure 1. Typical Beam-column Connection of a Self-centering Prefabricated Steel Frame System
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3. PROTOTYPE STRUCTURE AND TEST MODEL

3.1 Prototype Structure

Based on the proposed performance-based design goal, studies on self-centering connection
structures conducted by Georgios et al. [10,11,12,13], characteristics of self-centering prefabricated
steel frames, related design standards of other countries [14,15,16,17], and the Code for Seismic
Design of Buildings of China [18], a 4-story SPSF-SRIJ prototype structure that uses a web friction
damper for energy dissipation was designed. Figure 2 shows the structural plane. Each span of the
structural plane is 8 m; the first story is 3.8 m high, and the second to fourth stories are each 3.6 m
high. The beam-column connections of the frame in the peripheral blue area are prefabricated
prestressed  steel  frame. Box-section  frame  columns (section  dimensions:
0400mmx*x400mmx34mm) were used in the present study. Each frame beam had section
dimensions of H588mmx300mmx12mmx20mm. All other beam-column connections were
articulated. Each column had dimensions of 0400mmx=400mmx30mm. Each beam had dimensions
of H588mmx300mmx 12mmx20mm. M24 bolts were used as the bolts for energy dissipation and
as the beam-column connecting bolts; 1x19 steel strands with a nominal area of 312.9 mm? were
used.

24000

1 2 3 4 5 G

Figure 2. Plan Schematic of Prototype Structure
3.2 Test Model

The pseudo-dynamic test method for sub-structures was used in the present study. The SPSF in the
middle of the bottom story of the prototype structure was selected as the sub-structure for testing.
Considering the test conditions, the prototype structure was scaled down by 75%. The frame
columns of the test model were under the same axial compression ratio as those of the prototype
structure. In addition, the test model had the same ratio of imminent gap opening moment to the
plastic limit moment of the section of the long beam as the prototype model. Figure 3 shows the
detailed dimensions of the test model. The test model had a story height of 3.15 m and a span of 6
m. The model had H300mm x 300mm X% 20mm X% 30mm frame column, H450mm x 250mm x
14mm x 16mm middle beam segment,H482mmx250mmx 14mmx30mm short beam segment. Each
column stiffener had a thickness of 30 mm. The transverse stiffener and longitudinal stiffener of the
short beam thickness is 30 mm and 20 mm, respectively. The vertical plate had a thickness of 30
mm. The reinforcing plate of the flange of the middle beam segment had a thickness of 16 mm and
a length of 800 mm. Eight grade 10.9 M24 bolts were used as the bolts for the energy dissipation.
Eight grade 10.9 M20 bolts were used as the beam-column connecting bolts. Eight 1x19 steel
strands were used as the PT strands; an initial PT force value of 0.257, was selected for a single
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prestressed strand.
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Figure 3. Detailed Dimensions of the Test Model
(Side strands:S1. S4. S5. S8, Middle strands:S2. S3. S6. S7)

33 Material Properties

Five sectional specimen thicknesses were used — 14 mm, 16 mm, 18 mm, 20 mm, and 30 mm. The
steel product grade was Q345B. The mechanical properties of the specimen materials were tested
and Table 1 lists the test results of the mechanical properties of the specimen materials. Table 2 lists
the test results of the properties of the prestressed strand. Grade 10.9 bolts were used. The friction
coefficient between the brass plate and steel plate was tested to be 0.34-0.38.

Table 1. The Mechanical Properties of the Specimen Materials

Thick Yield Ultimate strength Elastic modulus .
(mm) strength (N/mm?) (x10°N/mm?) Percent elongation at fracture
(N/mm?)
14 384 561 2.15 27.0
16 392 555 2.06 233
18 381 555 222 253
20 384 550 2.09 25.7
22 388 574 2.09 26.8
30 350 505 2.07 26.5
Table 2. Prestressed Strand Material Properties
Yield Ultimate .
. Elastic modulus
Strand Specimen strength strength 5 )
(kN) (kN) (x10°N/mm*®)
1 1728.3 1894.5 2.03
2 1727.1 1895.8 2.05
1x19
3 1732.8 1875.4 2.00

Average value 1729 1889 2.03
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4. TEST SCHEME
4.1 Loading Device and Input Parameters

The  multi-story  structural  remote  cooperative  pseudo-dynamic  test  platform
(NetSLab MSBSM1.0.0) developed by Hunan University was used in the present study. Due to the
relatively large span of the SPSF-SRJ and the limited laboratory conditions, the axial pressure on
the top of each column was applied through vertical prestressed strands, and 1x19 steel strands with
a nominal diameter of 21.8 mm were still used for the test. Four prestressed strands were placed on
each side of the structure. A single prestressed strand has a PT force of 189 kN. The lateral force
was applied through a 200t actuator. Figures 4 and 5 show the schematics and a photograph of the
loading device used in the test, respectively. Earthquake ground motions were used as inputs into
the test platform structure to calculate the displacement, which was then exerted through the
actuator. It was necessary to input the floor quality and theoretical inter-story restoring force model
into the test platform to calculate the sub-structure. The floor quality, which was an input into the
platform structure, was based on the floor quality of the prototype structure and the similarity
relation between the test structure and prototype structure. The double-flag model provided by our
research group was used as the theoretical inter-story restoring force model. The quality of each
floor and the stiffness parameter were obtained through a finite element analysis of the planar frame.
The column base connected by semi-rigid joints was realized by eliminating the pressure beam on
the top of the column base and reducing the rotational stiffness of the column base (Figure 4).
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Figure 4.Test Setup
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Figure 5. Photograph of the Loading Device used during the Test
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4.2 Selection of Earthquake Ground Motions

Three earthquake ground motions, Taft, LOS000, and EL-Centro, were selected for the test. Figures
6-8 show the time history curves of the three selected earthquake ground motions. The peak ground
acceleration (PGA) of the three earthquake ground motions were adjusted to 0.4g. In addition, the
time history curves were converted to acceleration response spectra using the SeismoSignal
software (Figure 9). The first period of the test model was 1.23s. Each response spectrum curve
essentially coincided with the standard response spectrum curve at the first period.

Seismic acceleration records with PGA= 0.07g, 0.2g, 0.4g, and 0.51g were inputs in the test
according to earthquakes with four different levels: 8.0-degree frequent earthquake, design
earthquake, rare earthquake, and 8.5-degree rare earthquake, according to Chinese Code for Seismic
Design of Buildings(GB 50011-2010,2010). The three earthquake ground motions all had a time
step of 0.01 s. Considering the reduced scale, the time step of each earthquake ground motion was
adjusted to 0.0086s. A damping ratio of 0.05 was also selected. Before inputting the earthquake
ground motions, preloading was performed to measure the actual stiffness of the test sub-structure,
which was used as the basis for the subsequent calculation.
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Figure 8. EL-Centro Ground Motion Record  Figure 9. Acceleration Response Spectrum
4.3 Measurement Content

(1) Measurement of the load: the change in the load during the test process was measured using the
sensor that was installed in the actuator.

(2) Measurement of the PT force of the prestressed strands: the changes in the PT force of the
prestressed strands were recorded in real time using a 50t pressure load sensor.

(3) Measurement of the displacements: as shown in Figure 10, eight linear displacement
potentiometers were placed at the gap opening of each connection to measure the width of the gap
opening of each connection; the changes in the displacements were measured using the sensor that
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was installed in the actuator; a displacement meter with a measurement range of 150 mm was
placed on top of the column on the east side to record the displacement of the top of the column;
one displacement meter with a measurement range of 50 mm was placed on the east side of the
column base, and another displacement meter with a measurement range of 50 mm was placed on
the west side of the column base to record the horizontal slippage of the column base.

(4) Measurement of the strain: strain gauges were installed on the flange of the short beam, flange
of the long beam, flange of the column base, web of the column base, flange in the connection
region, and web in the connection region in the transverse and longitudinal directions to measure
the change in the strain at each location during the loading process.

liner displacement potentionmeter
range 46mm

liner displacement
. . T T
meter range +150mm ﬂ

——— HH: ] - BiE

liner displacement

liner displacement
meter range +50mm

meter range +50mm
e L=

Figure 10. Arrangement of Displacement Meter

S. ANALYSIS OF THE TEST RESULTS

The dynamic characteristics of the SPSF-SRJ were studied by analyzing the displacement response
of the structure, the gap openings of the connections, shear force of the base, hysteretic behavior,
stiffness, PT force, and strain.

5.1 Deformation and Drift Response

Figure 11-12 shows a photograph of the lateral displacement of the column under the action of the
EL-Centro ground motion (PGA=0.4g and PGA=0.51g). The actuator acts on the column on the
west side, which means that the east side and west side of the structure have asymmetrical stiffness;
therefore, the displacement on the west side is often slightly greater than that on the east side. In the
present study, the structural displacement response analysis is performed using the non-loaded east
side of the structure as an example. The structural displacement-time histories under the actions of
the EL-Centro ground motion of different earthquake levels are shown in Figures 13 where all
displacement histories return to zero at the end of the tests, demonstrating self-centering behavior.

Table 3 lists the maximum displacement responses of the east side of the structure and the
inter-story drifts. Under the action of the EL-Centro ground motion of PGA=0.07g, the SPSF-SRJ
exhibits the maximum displacement response (18.94 mm), which is slightly larger than that of the
SPSF-RJ (17.21 mm), because the lateral rigidity of SPSF-SRJ is usually less than that of SPSF-RJ.
The SPSF-SRJ and SPSF-RJ have maximum inter-story drifts of 1/218 and 1/166, respectively;
even though these maximum inter-story drifts exceed the elastic inter-story drifts limit defined in
the Code for seismic design of buildings (1/250), the frames can essentially return to their original
positions after an earthquake. Similarly, duo to the rigidity reason, the displacement of SPSF-SRJ
(40.5 mm) is greater than that of SPSF-RJ (30.65 mm) under the action of the EL-Centro ground
motion of PGA=0.2g.
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The maximum displacement response of SPSF-SRJ under the action of the three ground motions of
PGA=0.4g is 77.01 mm, greater than that of SPSF-RJ (62.2 mm). The maximum inter-story drifts
under the action of the Taft, LOS000 and EL-Centro ground motions of PGA=0.4g are 1/63, 1/57,
and 1/41, respectively. The displacement response under the action of the EL-Centro ground motion
is the largest and already exceeds the elastic inter-story drift limit of a frame defined in the Code for
seismic design of buildings (1/50), but the frame can still return to its original position after an
earthquake. Under the action of the Taft, LOS000, and EL-Centro ground motion of PGA=0.51g,
the maximum displacement responses are 55.43 mm, 64.32 mm, and 89.71 mm, respectively, still
exhibit the maximum displacement response than that of SPSF-RJ.

b) West column a) East column b) West column
a) East column ) . :
Tnter-story drift at 1/41 Inter-story drift at Inter-story drift at Inter-story drift at
1/41 1/35 1/32
Figure 11. Column Lateral Displacement Figure 12. Column Lateral Displacement

Photographs from El-Centro (PGA=0.4g) Photographs from El-Centro (PGA=0.51g)
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Figure 13. Lateral Displacement Time History from EL-Centro at East Side
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Table 3. Displacement Responses and Inter-Story Drifts of SPSF-RJ and SPSF-SRJ
Displacement (mm) Inter-story drifts (rad)
0.07¢g 02g 04g 051g 007g 02g 04g 051g

Taft 8.28 20.28 3324 43.73 1/380 1/155 1/95 1/78

SPSF-RJ  LOS000 12.65 24.67 44.02 5391 1/249 1/128 1/72 1/58
EL-Centro 17.21 30.65 622 71.53 1/218 1/103 1/50 1/44

Taft 824 2095 49.86 5543 1/382 1/150 1/63 1/57

SPSF-SRJ LOS000 11.63 27.92 55.19 64.32 1/271 1/113 1/57 1/49
EL-Centro 18.94 40.5 77.01 89.71 1/166 1/78 1/41 1/35

Seismic events

5.2 Connections Gap Opening

Figure 14~16 give photographs of the connections under the action of the EL-Centro ground
motion of different earthquake levels and Tables 4 and 5 list the gap opening rotation (&)and
residual rotation(ées) of the connections on the east and west sides. Under the action of ground
motion of PGA=0.07g, the connections gap openings are not formed. Under the action of ground
motions of PGA=0.2g,0.4g,0.51g, the maximum gap opening rotations of the connections of the
SPSF-SRJ are close to or slightly greater than that of the SPSF-RJ due to the rotation of column
base of SPSF-SRJ. The maximum residual rotation (obtained by dividing the difference in residual
displacements of adjacent floors by the story height) of the connections of the SPSF-SRJ is only
0.13%, which indicate the frame can return to its original position after an earthquake.

It can be observed from the above analysis that the connections do not open under the action of a
frequent earthquake. Under the action of a design earthquake or a more intense earthquake, the
connections begin to open; in addition, the gap opening rotation of the connections of the
SPSF-SRJ are greater than those of the SPSF-RJ, and the residual rotation are extremely small;
furthermore, The test results prove that the connections of the SPSF-SRJ exhibit a relatively good
opening/closing mechanism and have a good self-centering capability, similar to the SPSF-RJ.

a) The gap opening width of the b) The gap opening width of the

connection on the east side: 3.97 mm; gap connection on the west side: 4.52 mm; gap
opening rotation: 0.91% opening rotation: 1.04%

Figure 14. Connections photograph from EL-Centro(PGA=0.2g)
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& J &
a) The gap opening width of the b) The gap opening width of the
connection on the east side: 9.96 mm; gap  connection on the west side: 11.79 mm,;
opening rotation: 2.29% gap opening rotation: 2.72%

Figure 15. Connections Photograph from EL-Centro (PGA=0.4g)

a) The gap opening width of the b) The gap oenng width of the
connection on the east side: 13.37mm;  connection on the west side: 14.28mm; gap
gap opening rotation: 3.08% opening rotation: 3.29%

Figure 16. Connections Photograph from EL-Centro (PGA=0.51g)

Table 4. Gap Opening Rotation and Residual Rotation of the Connections on the East Side
Gap opening rotation (rad)  Residual rotation (rad)
0.2g 0.4g 051g 0.2g 04g 05l1g
Taft 0.26% 0.81% 1.04% 0.02% 0.18% 0.06%
SPSF-RJ  LOS000  0.41% 0.78% 1.53% 0.03% 0.06% 0.11%
EL-Centro  0.63%  1.92% 2.54% 0.02% 0.04% 0.24%
Taft 0.29% 1.27% 1.58% 0.00% 0.03% 0.13%
SPSF-SRJ  LOS000  0.42%  1.12% 1.68% 0.02% 0.00% 0.00%
EL-Centro 091% 2.29% 3.08% 0.05% 0.02% 0.08%

Seismic events

Table 5. Gap Opening Rotation and Residual Rotation of the Connections on the West Side
Gap opening rotation (rad) Residual rotation (rad)
0.2g 0.4g 0.51g 0.2g 0.4g 0.51g
Taft 041% 1.06% 1.65% 0.03% 0.01% 0.02%
SPSF-RJ  LOS000  0.65% 1.23% 2.00% 0.07% 0.13% 0.31%
EL-Centro 0.89% 2.78%  3.23% 0.03% 0.09% 0.07%
Taft 0.65% 1.23% 1.62% 0.03% 0.06% 0.02%
SPSF-SRJ LOS000  0.64% 1.19% 1.68% 0.00% 0.01% 0.00%
EL-Centro 1.04% 2.72% 3.29% 0.08% 0.01% 0.03%

Seismic events
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5.3 Base Shear Force

Figure 17 shows the base shear force-time histories of the SPSF-SRJ and SPSF-RJ under the action
of the EL-Centro ground motion of different earthquake levels. Under the action of PGA=0.07g, the
maximum base shear force of SPSF-SRJ is close to that of SPSF-RJ. Under the action of
PGA=0.2g,0.4g,0.51g, The maximum base shear forces of the SPSF-SRJ are almost less than those
of the SPSF-RJ, still because the rigidity of SPSF-SRJ is usually less than that of SPSF-RJ
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Figure 17. Base Shear Force-time History from EL-Centro
5.4 Hysteretic Behavior

Figure 18 gives the base shear force-displacement hysteretic curves of the SPSF-SRJ and SPSF-RJ
under the action of the EL-Centro ground motion of different earthquake levels. In the present study,
the hysteretic behavior of the SPSF-SRJ and SPSF-RJ under the action of the EL-Centro ground
motion was analyzed. Under the action of ground motion of PGA=0.07g, the hysteretic curves are
linear. Hysteretic loops begin appearing because of the beam-column connections opening and the
friction dampers dissipating energy under the action of ground motion of PGA=0.2g. Hysteretic
loops have essentially formed under the action of ground motion of PGA=0.4g; in addition, the
energy dissipated by the friction damper increased when compared with that under the action of
ground motion of PGA=0.2g. Hysteretic loops have completely formed under the action of ground
motion of PGA=0.51g.
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The effective energy dissipation coefficient (fE) can be used to quantitatively analyze the hysteretic
behavior and energy dissipation capability of the SPSF-SRJ and SPSF-RJ. The Sk refers to the ratio
of the actual energy dissipation of a system to the energy dissipation for a bilinear elastic—plastic
system with the same capacity. To enable a satisfactory response for the SC-MRF under seismic
loading to be achieved, Seo and Sause [19] recommend that fe> 0.25.

Table 6 lists the S of the SPSF-SRJ and SPSF-RJ under the action of different earthquakes levels.
When PGA is 0.07g, there is no energy dissipation, and the fe are all zero. When PGA increases to
0.2g, the maximum fSe of SPSF-SRJ and SPSF-RJ are 0.288 and 0.209. When PGA increases to
0.4g, the maximum Se of SPSF-SRJ and SPSF-RJ are 0.349 and 0.314. The fe are close to or
greater than 0.25.When PGA increases to 0.51g, the maximum Se of SPSF-SRJ and SPSF-RJ are
0.296 and 0.295, respectively. The fe are all greater than 0.25. However, the fe of SPSF-SRIJ are
always greater than that of SPSF-RJ.

Table 6. The Effective Energy Dissipation Ratios (fE)

Seismic events 0.07g 0.2¢g 0.4g 0.51g

Taft 0 0 0.248 0.270

SPSF-RJ LOS000 0 0 0.264 0.282
EL-Centro 0 0.209 0.314 0.295

Taft 0 0 0.219 0.292

SPSF-SRJ LOS000 0 0.220 0.265 0.276
EL-Centro 0 0.288 0.349 0.296
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5.5 Analysis of Secant Stiffness

The stiffness of a structure reflects the deformability of the structure. Due to the gap openings of
the beam-column connections of the test frame, the stiffness of the test frame decreases with
increasing number of test cycles and increasing deformation of the test frame during the test
process; such a phenomenon is called the stiffness degradation. The secant stiffness ( X;) is used to

express the stiffness of the frame and is calculated using the following Eq. 1:

_|+F|+|-F|
" [rAlH-A) (1)

where F; represents the value of the force at the i peak point; A; represents the value of the
displacement at the i peak point.

Table 7 lists the secant stiffness of the SPSF-SRJ and SPSF-RJ. The stiffness of each structure
exhibits a decreasing trend with increasing energy dissipated by the openings of the connections.
The stiffness of the SPSF-RJ degrades from 19210 kN/m (PGA=0.2g) to 15021 kN/m
(PGA=0.51g), whereas the stiffness of the SPSF-SRJ degrades from 15455 kN/m (PGA=0.2g) to
11119 kN/m (PGA=0.51g). The stiffness of the SPSF-SRJ is always lower than that of the
SPSF-RJ.

Table 7. Secant stiffness of structure (kN/m)

Seismic events 0.2g 0.4g 0.51g

Taft 18844 18694 17391

SPSF-RJ LOS000 19210 18596 16546
EL-Centro 18687 17358 15021

Taft 15455 13692 14020

SPSF-SRJ LOS000 15190 13542 13294
EL-Centro 15106 11146 11119

5.6 PT Force Analysis
5.6.1 PT force on the column

Four prestressed strands were placed on one column and the total initial PT force was 756kN (axial
compression ratio is about 0.2).During the loading process, the maximum vertical PT force ranged
from 6 kN at the peak ground acceleration of 0.07 g to 25kN at the peak ground acceleration of
0.51 g; the axial force remained essentially stable, as shown in Figure 19.
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Figure 19. PT Force on the Column from EL-Centro
5.6.2 PT force on the beam

The SPSF-SRIJ has a span of 6 m. Each prestressed strand has an effective length of 5.06 m. After
the gap openings of the connections were formed, the PT force of each prestressed strand increased
with the increasing length of the prestressed strand. The extension of each prestressed strand is
related to the gap opening rotation of the connections on the east and west sides. Therefore, the
curves of the relationships between the PT forces and mean gap opening rotations are plotted for
analysis. Figure 20-22 shows the changes in the PT forces of the SPSF-SRJ and SPSF-RJ with the
mean gap opening rotations when the SPSF-SRJ and SPSF-RJ are under the action of the
EL-Centro ground motion of PGA=0.2g,0.4g,0.51g.The mean gap opening rotation is set as the
abscissa, and 7/7xu is set as the ordinate (7 is the mean PT force during the test, Tu is the ultimate PT
force, its value is 591 kN which is obtained based on the material properties of the prestressed
strand.), the PT force of the side strand is the mean PT force of strands 1, 4, 5, and 8; and the PT
force of the middle strand is the mean PT force of strands 2, 3, 6, and 7; Take the side strands for an
example. The side strands of the SPSF-RJ and SPSF-SRJ have initial PT forces of 148 kN and 150
kN (0.25Tu), respectively, and maximum PT forces of 172 kN and 178 kN (0.307u), respectively.
After the tests have terminated, the PT forces return to 148 kN and 148kN (0.257u), respectively;
thus, there is essentially no loss of the PT forces of the side strands.

As shown in Figure 21, when PGA increases to 0.4g, The prestressed strands of the SPSF-RJ and
SPSF-SRJ have initial PT forces of 148 kN (0.257w) and 160 kN (0.27Tu), respectively, and
maximum PT forces of 229 kN (0.397u) and 245 kN (0.427y), respectively. After the tests have
terminated, the PT force of the SPSF-RJ and the SPSF-SRJ returned to 148 kN (0.257w) and 153 kN
(0.26Tv), respectively; thus, there are nearly no losses in the PT forces.

As shown in Figure 22, when PGA increases to 0.51g, The prestressed strands of the SPSF-RJ and
SPSF-SRJ have initial PT forces of 141 kN (0.247u) and 154 kN (0.267u), respectively, and
maximum PT forces of 254 kN (0.437u) and 266 kN (0.45T7u), respectively. After the tests have
terminated, the PT force of the SPSF-RJ and the SPSF-SRJ returned to 141 kN (0.247y) and 148 kN
(0.25Tv), respectively; which indicates that the prestressed strands of the SPSF-SRIJ, the
performance of the anchorage device, and the prestress tensioning method are reliable, providing a
good basis for the SPSF-SRJ to normally operate and shows that it can bear the impacts from
relatively large, multiple aftershocks after the occurrence of rare and extremely rare earthquakes.
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Figure 22. PT Force from EL-Centro (PGA=0.51g)

5.7 Analysis of Strain

Table 10 lists the maximum values of the strain at different parts of the SPSF-SRJ and SPSF-RJ
when the SPSF-SRJ and SPSF-RJ were under the action of earthquakes with different degrees.
Under the action of ground motion of PGA=0.07g, no plastic development occurred in the entire
SPSF-SRJ and SPSF-RJ. Under the action of ground motion of PGA=0.2g, each part of the
SPSF-SRJ and SPSF-RJ was still under an elastic state; the values of the strain at the flange of the
short beam, flange of the long beam, flange in the connection region, and the web plate of the
SPSF-SRJ were slightly greater than those of the SPSF-RJ; in addition, the values of the strain at
the flange and web plate of the column base of the SPSF-SRJ were far smaller than those of the
SPSF-RJ. The performance-based goal of “no structural damage” was realized in the SPSF-SRJ
when the SPSF-SRJ was under the action of a frequent earthquake as well as under the action of a
design earthquake.
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Under the action of ground motion when PGA is 0.4g, the flange of the long beam and web plate in
the connection region of the SPSF-RJ were under the elastic state; the flange of the short beam,
flange in the connection region, flange and web of the column base of the SPSF-RJ all began to
yield; however, the values of the strain at these parts did not exceed twice the value of the yield

strain(2 €, ); the value of the plastic strain at the reinforcing plate near the vertical plate on the long

beam flange exceeded 2 €, . During the test, the flange of the short beam, reinforcing plate, flange

and web in the connection region of the SPSF-SRJ entered the plastic state; the values of the strain
at the flange of the short beam, reinforcing plate near the vertical plate on the long beam, and web
plate in the connection region of the SPSF-SRJ are larger than those of the SPSF-RJ and exceeded

2 &, . Figures 23 and 24 show the strain-time history curves of the flanges of the short beams and
web plates in the connection regions of the SPSF-SRJ and SPSF-RJ. The value of the strain at the
flange in the connection region of the SPSF-SRJ did not exceed 2 €, and was smaller than that of

the SPSF-RJ. The flange of the long beam, flange and web of the column base of the SPSF-SRJ
were all under the plastic state, the strain-time history curves of the flanges of the column bases of
the SPSF-SRJ and SPSF-RJ are shown in Figure 25.
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Figure 23. Strain-time History Curves of the Flanges of the Short Beams of the SPSF-SRJ
and SPSF-RJ under the Action of the EL-Centro (PGA=0.4g)
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Figure 24. Strain-time History Curves of the Web Plates in the Connection Regions of the
SPSF-SRJ and SPSF-RJ under the Action of the EL-Centro  (PGA=0.4g)

4000
3000
2000
T000

— Flange ol the column base of the SPSF-RT

Strain

0 5 10 15 20 25 30 35
Time (s)

Figure 25. Strain-time History Curves of the Flanges of the Column Base of the SPSF-SRJ
and SPSF-RJ under the Action of the EL-Centro (PGA=0.4g)

Under the action of ground motion of PGA=0.51g, the plasticity of each part of the SPSF-SRJ and
SPSF-RJ continues to develop. In addition to the flange of the long beam of the SPSF-RJ being
under the elastic state, all other parts of the SPSF-RJ had entered the plastic state; the strain at the
location where the reinforcing plate is near the vertical plate on the long beam had a maximum
value of 7273 u¢ ; the maximum yield strain at the flange of the short beam had a value as high as
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4507 pe . During the test, the flange of the short beam, reinforcing plate, flange and web in the
connection region of the SPSF-SRJ had entered the plastic state; the flange of the long beam had

just entered the plastic state; the strain at the flange in the connection region did not exceed 2 ¢, .

Figures 26 and 27 show the strain-time histories of the flange of the short beams and the web plates
in the connection regions of the SPSF-SRJ and SPSF-RJ. However, the flange and web of the
column base of the SPSF-SRJ were all under the elastic state. Figure 28 gives the strain-time
histories of the flanges of the column bases of the SPSF-SRJ and SPSF-RJ. The performance-based
goal of “only relatively small damage occurs and the structure can still normally operate” was
realized in the SPSF-SRJ under the action of a rare earthquake as well as a rare 8.5-degree
earthquake.

Hence, the use of semi-rigid joints to connect the column base of a self-centering steel frame can
effectively protect the column base; however, the plasticity of the flange of the short beam and web
plate of the column in the connection region will increase. The web plate in the connection region
can be strengthened via a steel plate in future designs to eliminate or reduce the damage on the
entire column; only the steel beam would require repairs after an earthquake, significantly reducing
the post-earthquake repair cost.
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Figure 26. Strain-time History Curves of the Flanges of the Short Beams of the SPSF-SRJ and

SPSF-RJ when the SPSF-SRJ and SPSF-RJ are under the Action of the EL-Centro (PGA=0.51g)
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Table10. Maximum Values of the Strain at Different Parts of Structure HE
Short Long Flange of Webplate Flange Web
Seismic beam beam Reinforci connectio of of plate of
events flang flang ng plate n connection column  column
e e zone plate foot foot
Taft 1166 263 528 736 772 397 229
SPSF-R LO(?OO 1280 635 1381 800 930 1116 1078
J
. 1389 822 2350 1333 1189 1327 1103
0.2 tro
g Taft 1159 815 446 805 1019 289 207
SPSF-§ Log,oo 1629 1112 1043 1089 1393 356 272
RJ
ELt'rSen 1729 1010 1583 1434 1487 478 395
Taft 2037 909 3219 2389 1244 2335 2076
SPSF-R LO(?OO 2396 938 3852 2850 1563 2768 2119
J
EL-Cen 3006 1265 4734 2984 1806 2051 2240
0.4 tro
g Taft 2104 1369 1518 1868 3241 682 460
SPSF-S LO(?OO 2058 1608 1643 1830 4686 633 304
RJ
ELt'rSen 4908 1656 6297 2271 7603 805 536
Taft 3797 1400 5914 2611 2155 3009 2417
SPSF-R Log.oo 4204 1318 5943 2742 2184 3038 2533
J
EL-Cen 507 1304 7273 2695 3094 3167 2663
0.5 tro
lg Taft 3828 1545 5494 1993 4414 782 531
SPSF-S LOOSOO 4342 1565 6689 2041 6087 899 534
RJ
EIj[-r((ien 5247 1585 9854 2865 7695 1282 619
6. CONCLUSIONS

In the present study, a 3x5 bays 4-story SPSF-SRIJ prototype structure was scaled down by 75%. A
pseudo-dynamic test was performed on the planar frame sub-structure under the action of different
levels of earthquake degrees. In addition, the pseudo-dynamic test results of the SPSF-SRJ are
compared with those of the SPSF-RJ that were previously obtained in our research group. The
following conclusions were obtained:
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The performance-based design goal — “no opening and no damage occurs during frequent
earthquakes; openings are formed to dissipate energy, and no damage occurs to the main
structure during design earthquakes; only extremely small structural damage occurs, and the
structure can still normally operate during rare and extremely rare earthquakes” — was realized
in the SPSF-SRJ.

The stiffness of the SPSF-SRJ was lower than that of the SPSF-RJ. Therefore, the
displacement responses and openings of the connections of the SPSF-SRJ were greater than
those of the SPSF-RJ. The base shear force of the SPSF-SRJ was smaller than that of the
SPSF-RJ.

Similar to the SPSF-RJ, the SPSF-SRJ also exhibited a good opening/closing mechanism. The
SPSF-SRJ had a double-flag-shaped hysteretic curve. The SPSF-SRJ exhibited relatively good
post-earthquake self-centering and energy dissipation capabilities. With increasing seismic
acceleration peak values, the energy dissipation coefficient generally exhibited an increasing
trend, and the energy dissipation capability of the SPSF-SRJ increased to a certain degree.
After the test, there were relatively small losses in the PT forces of the prestressed strands,
indicating that the prestressed strands of the SPSF-SRJ, performance of the anchorage device,
and prestress tensioning method are reliable, which provides a good basis for the SPSF-SRJ to
normally operate and bear impacts from relatively large, multiple aftershocks after the
occurrence of rare and extremely rare earthquakes.

There is a relatively large difference in the development of plasticity between the SPSF-SRJ
and SPSF-RJ. The reinforcing plate of the SPSF-RJ enters the plastic state first when the
SPSF-RJ is under the action of a design earthquake; afterwards, the flange of the short beam,
flange and web of the column base, and web and flange in the connection region, connection
of the SPSF-RJ enter the plastic state successively with increasing earthquake degree; under
the protection of the reinforcing plate, the flange of the long beam maintains its elasticity
throughout the process. Different from the SPSF-RJ, the SPSF-SRJ maintains its elastic state
when the SPSF-SRJ is under the action of an 8-degree frequent earthquake as well as under
the action of an 8-degree design earthquake. Under the action of an 8-degreerare earthquake,
the web plate in the beam-column connection region of the SPSF-SRJ enters the plastic state
first, after which, the reinforcing plate, flange of the short beam, and flange in the connection
region enter the plastic state successively. Under the action of an 8.5-degree rare earthquake,
the plasticity of the each part of the SPSF-SRJ continues to develop; however, the flange of
the column base, web plate of the column base, and flange of the long beam all still maintain
their elasticity.

Overall, using semi-rigid joints to connect the column base of a self-centering steel frame
effectively protects the column base and allows the column base to maintain its elastic state;
however, the plasticity of the web plate of the column in the joint region of the SPSF-SRJ will
increase when compared with that of the SPSF-RJ. The column joint region should be
strengthened in future designs to eliminate or reduce damage to the column; only the steel
beam would require repairs after an earthquake, significantly reducing post-earthquake repair
costs.
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ABSTRACT: As supporting scaffolds, door-type modular steel scaffolds steel scaffolds are commonly used in
construction. They were repeatedly used in practical project. Member imperfection often occurs when scaffolds were
used repeatedly. Influence of member imperfection and joint stiffness on ultimate load of door-type modular steel
scaffolds was systematically investigated in this paper. A novel numerical method was adopted and it can be
conveniently used based on general finite element software. The method can be adopted for all kinds of scaffold
systems. Reliability of the method was validated firstly. Then influence of splice joint stiffness and screw jack
stiffness on ultimate load capacity was investigated. Influence of member imperfection was investigated in the end.

Keywords: Double element method, member imperfection, door-type scaffold, buckling behavior, semi-rigid joints
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1. INTRODUCTION

Modular steel scaffolds are temporary structures and they are commonly used as supporting
scaffolds to support buildings under construction or constructors in construction site. As a kind of
temporary structures, reliability of modular steel scaffolds has not been brought to the forefront.
Many accidents caused by scaffold collapse happened all over the world.

Figure 1. Scaffold Collapse Occurred at a Construction Site in Taichung, Taiwan [1]

Yu investigated the influence of boundary conditions on instability of multi-storey door-type
modular steel scaffolds[2]. In this investigation the boundary condition was idealized as pinned or
fixed condition. But in most cases, the door-type modular steel scaffolds were semi-rigidly
restrained or connected. Chu et al.[3] studied single storey double bay scaffolds. In the presence of
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restraints on the loading beam and the jack bases, the top and base were modelled with various
boundary conditions, and the scaffold connections were assumed to be rigid [4]. But scaffold joints
are complex in nature due to the need for rapid assembly and reassembly in construction. The
cuplok connections behave as semi-rigid joints, and show looseness with small rotational stiffness
at the beginning of loading. Once the joints lock into place under applied load, the joints become
stiffer[5].

So many studies have been conducted to investigate mechanical of scaffold both by experimental
test and numerical test [6]. In terms of analytical study on steel scaffolds, Zhang and Rasmussen et
al.[9] analyzed the variability of parameters related to steel scaffolds, including joint stiffness,
initial geometric imperfection, yield stress, and load eccentricity. That study also obtained the
structural strength of the steel scaffolding structures based on Monte Carlo simulation. Zhang and
Rasmussen et al.[10] also investigated the failure modes of steel scaffolds, the effect of different
random variables on structural strength and the reliability analysis of scaffolding structures. Chan et
al.[11] conducted nonlinear analyses on the shoring structures that did not assume an effective
length. Based on stability functions, while adopting the notional disturbance force and considering
the P-0 and P-A effects, the analytical method accurately estimates the load-carrying capacities of
scaffolding structures with nonlinear analyses.

By means of available commercial finite element software such as ANSYS [12] 13] and NIDA [14],
recent studies on scaffold behavior have been carried out using tANhree-dimensional models such
as those presented by Prabhakaran et al. [15], Milojkovic et al.[16], and Godley and Beale[17].

Eigenvalue (buckling) analysis of the structural model was often conducted and the lowest eigen
mode was taken to create an initially imperfect structural frame for the second-order structural
analysis. For scaffold systems, these same approaches can be applied to model the effects of initial
imperfections in the analysis. For example, Yu et al.[2] and Chu et al. [18] integrated lowest eigen
mode with the magnitude of the column out-of-straightness of 0.001 of the height of the scaffold
units into the model. This method is simple and convent, but it neglects the nature of initial
imperfection: randomness. The ultimate load obtained by this method may be too conservative.

The height of scaffolds used in large-span structures is often large, for example the scaffold system
used in YUJIAPU railway station, shown as in Figure 2. In this case, the joint stiffness and member
imperfection may influence its ultimate load in a certain degree.

Figure 2. Door-type Modular Steel Ascaffold at YUJIAPU
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2. IMPERFECT COMPONENTS WITH DOUBLE ELEMENT
2.1 Establishment of Imperfect components

General finite element software ANSYS [12, 13] was also employed to establish imperfect
elements. In traditional analysis, straight line was generated and meshed to simulate components of
latticed shell. The member imperfection cannot be considered in this case. In this research, straight
line was replaced by curved line through ‘BSPLIN’ command. In the middle location of the
component, magnitude of imperfection was set. In most analysis, the imperfection is assumed to be
of a half-wave sinusoid. This can be achieved by adding imperfection value at other points to make
the b-spline close to half-wave sinusoid, as shown in Figure 3. To set the imperfection value
conveniently, local coordinate system was created. The x axis is in member direction, y axis is in
vertical direction. Imperfection value can be generated by adopting sine function in ANSYS [12,
13]. All of the imperfect member can be generated through looping statements. The whole process
can be performed easily and it is easy for engineers to master.
y

Vo=Vmosin(mx/L)

Vo

X1 X2 X3 X4 X5 X5 X6 X

|

[ L |
Figure 3. Imperfection Member and Local Coordinate System

2.2 Components with Double Element

Research on the stiffness of joints and their effects on the behavior of structures has been an area of
interest to engineers and scientists in recent years and many applicable conclusions have been
achieved. But until now, there has been no applicable method to consider joint stiffness in general
finite element software. A simplified method considering joint stiffness was proposed in this paper.

This method assumed that joints of latticed shell were composed by two elements: Beam element
with only bending stiffness and beam element without bending and torsional stiffness which act as
a link element, shown as in

Figure 4 .
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v
/s
//
ine el /Beam element without
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a) Beam-spring element b) Component with double element ¢) Double-element

Figure 4. Numerical Model Considering Joints Stiffness
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Assuming that the joint stiffness is & and the length of joint domain is /. Then the joint was replaced
by double element and its length was set equal to the joint dimension. The rotation angle of joint
and double element under action of moment M should be the same.

Rotation angle of the beam under action of moment M, shown as in Figure 5, can be calculated
through Eq. 1 for the beam with a constant cross section. Then the bending stiffness of the beam
can be represented by Eq. 2.

Let the bending stiffness of double element equal to joint stiffness &, then Eq. 3. can be derived.

MC ELA 7M

Figure 5. Beam under Action of Moment
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Investigations presented in this paper was conducted based on general finite element software
ANSYS [12, 13]. BEAM4 element in ANSYS [12, 13] is a uniaxial element with tension,
compression, torsion, and bending capabilities. The element has six degrees of freedom at each
node: translations in the nodal x, y, and z directions and rotations about the nodal x, y, and z axes.
The equilibrium equation and stiffness matrix of BEAM4 in element coordinates is shown as in Eq.
4113].

F, u, | [4E/L 0 0 0 0 0 —AE/L 0 0 0 0 0 |«
F, u, 0 a 0 0 0 c, 0 -a, 0 0 0 c, u,
F, u, 0 0 a, 0 -c, 0 0 0 -a, 0 -, 0 u,
M, 0. 0 0 0 GJ/IL 0 0 0 0 0 -GJ/L 0 0 0.
M, 0, 0 0 - 0 e 0 0 0 0 o f 0 0,
M, 0. 0 c. 0 0 0 e, 0 - 0 0 0o f 0.
F=lpr PR 15 cugre 0 0 0 0o 0 4/ 0 0 o 0o o |u |®
F', u', 0 -a, 0 0 0 —c 0 a, 0 0 0 —c, u',
F', u', 0 0 —-a 0 0 0 0 0 a, 0 c, 0 u',
M, 9. 0 0 0 -GJ/L 0 0 0 0 0 GJ/IL 0 0 e,
M, o', 0 0 - 0 f 0 0 0 ¢ 0 ¢ 0 |e,
M’ .| | 0 c. 0 0 0 f. 0 - 0 0 0 e |6

Where 4, E, L, G and J are cross-section area, Young's modulus, element length, shear modulus and
torsional moment of inertia.
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I; is moment of inertia about direction i, 4, = is shear area normal to direction y(z) axes.

)

For beam element with bending stiffness in double-element, only the bending stiffness was
assigned by real constant. The equilibrium equation and stiffness matrix of this element in element
coordinates is shown as in Eq.5. For Beam element without bending stiffness in double-element, it
was also BEAM4 element in ANSYS [12, 13], but the bending stiffness was set a very little value,
that the beam element can be assumed as a link element. The equilibrium equation and stiffness
matrix of this element in element coordinates is shown as in Eq. 6.
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3. ESTABLISHMENT OF NUMERICAL MODEL

Analysis was conducted based on work specimens tested by Yu et al. [2]. The member
configurations of the door-type modular steel scaffolds together with their dimensions were
illustrated as in

Figure 6 .
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Figure 6. Typical Dimensions of Scaffolding Frame (unite: mm)

Beam188 element was adopted to establish finite element models of scaffold system. To model the
mechanical behavior of x-brace, translational degrees of freedom of nodes located at middle of the
two brace were coupled together. The bending degrees of node at two ends of brace were released
by “ENDRELEASE” command. Double element was established to model connection between
different modular scaffolds and the screw jack at bottom of scaffold.
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i
i

Figure 7. Finite Element Models of Two-storey Scaffold System
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4. RESULTS AND DISCUSSIONS
4.1 Validation of Numerical Method

To validated the reliability of numerical method presented in this paper, two-storey scaffold system
was analyzed. The boundary conditions with various degrees of positional and rotational restraints
are classified into four categories.

o Pinned-Fixed condition,

o Pinned-Pinned condition,

o Free-Fixed condition, and

e Free-Pinned condition,

where the first condition refers to the positional restraint provided at the top of the scaffold while
the second refers to the rotational restraint provided at the bottom of the scaffold, respectively.

The results derived was shown as in Figure 8 and it was compared to that derived by Yu et al.[2],
shown as in Figure 9. It can be concluded that the boundary conditions of door-type scaffold system
have great influence on its ultimate load capacity. The reliability of numerical model established
based on method proposed in this paper was validated through comparison shown in Figure 9. It
can be seen that the results were highly consistent with each other.

Figure 10 shows failure modes of two-storey scaffold system with different boundary conditions. It
can be concluded that the boundary condition will also determine the failure modes.
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4.2 Influence of Splice Stiffness

42.1 Free-fixed Condition

To investigate the influence of splice stiffness on ultimate load capacity of door-type scaffolds
system, double element between different modular steel scaffolds were given different stiffness
factor k to simulate influence of splice stiffness. Where & indicates ratio of splice stiffness to
bending stiffness of stand column. The boundary was free-fixed condition.

The load-displacement curves with different splice stiffness were shown as in Figure 11. It can be
concluded from the results that the splice stiffness has almost no influence on its ultimate load
capacity. The influence is so slight that can be neglected. The splice stiffness will affect mechanical
behavior of three-story, one-bay scaffold system after failure and will not for the three-story,
two-bay scaffold system. The splice stiffness will also not influence initial structural stiffness.
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Figure 11. Influence of Splice Stiffness on Ultimate Load Capacity

Failure modes of three-story, two-bay scaffold system were shown as in Figure 12. It can be
concluded that the splice stiffness will not influence failure mode. Failure was caused by bucking
of stand column of the topmost storey. This may be caused by free condition of top nodes.
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422 Pinned-fixed Condition

Analysis was conducted to investigate influence of splice stiffness on scaffold system with top
nodes pinned constraint. Three-story, one-bay and three-story, four-bay scaffold system were
analyzed. Load-displacement curves were shown as in Figure 13.

It can be seen from Figure 13 that the ultimate load was reduced from 92KN to 87.4KN when
splice joint stiffness factor was set as 1 and 0.1 respectively for the three-story, one-bay scaffold
system. For three-story, four-bay scaffold system, the ultimate load was reduced from 94KN to
90.26KN. It can be concluded that influence of splice stiffness on pinned-fixed condition is larger
than that of free-fixed condition. This is caused by failure modes. The ultimate load was reduced by
5% and 4% for the two analyzed scaffold system.
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Figure 13. Influence of Splice Stiffness on Ultimate Load Capacity

4.3 Influence of Screw Jack Stiffness
43.1 Free-fixed condition

According to investigations conducted by Yu [2] that screw jack stiffness on ultimate load capacity
of one-storey scaffold is the greatest. The ultimate load was reduced by 59% when the screw jack
was changed from fixed condition to pinned condition. In this section, scaffold system that is in
free-fixed condition was analyzed and the results were shown as in Figure 14. It can be concluded
from Figure 14. a) that the reduced factor was 88.7% for two-storey scaffold system and it can also
be concluded from Figure 14 b) that the screw jack stiffness almost has no influence on ultimate
load for three-storey scaffold system. This is in consistent with the conclusions derived by Yu et al.

[2].
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It can be deduced from the results mention above that the screw jack stiffness has influence on
one-storey and two-storey scaffold system. The screw jack stiffness will has no influence on
ultimate load capacity when the scaffold system is more than two stories.
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Figure 14. Influence of Screw Jack Stiffness (free-fixed)

432 Pinned-fixed condition

To investigate influence of screw jack stiffness on the scaffold systems in pinned-fixed condition.
Analysis were conducted and the results were shown as in Figure 15. It can be concluded that the

screw jack stiffness has little influence on ultimate load if the scaffold system was pinned-fixed
constraint and more two stories.
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Figure 15. Influence of Screw Jack Stiffness (pinned-fixed)
5. INFLUENCE OF INITIAL IMPERFECTION

In practical project, it is inevitable that the scaffold systems have some initial imperfections, such
as initial bending of member. The initial bending will decrease load capacity in a certain degree. So
analysis was systematically conducted to investigate its influence. Different scaffold systems were
analyzed and the results were shown as in Figure 16. M0 and /4 indicate magnitude of initial
bending and height of scaffold modular.

Figure 16 shows results of different scaffold system. It can be concluded from the results that when
the initial bending magnitude M0 was less than /4/1000 which is the maximum allowable
imperfection in [19], the influence of initial member bending has little influence on ultimate load
capacity. The structural stiffness was also slightly influenced. So the maximum allowable member
imperfection can also be determined as 4/1000.
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Figure 16. Influence of Initial Imperfection

Figure 17 shows failure modes of different scaffold systems with member imperfection. It can be
concluded that failure occurs at the top storey. So it is easy to be understood that the screw jack
stiffness almost has no influence on ultimate load when the scaffold system is more than two
stories.
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CONCLUSIONS

A novel numerical method was proposed in this paper. It can be easily adopted in analysis of joint
stiffness and member imperfection. Reliability of the method was validated firstly. The method can
be adopted for all kinds of scaffold systems. Then influence of splice joint stiffness was analyzed. It
was concluded that splice joint stiffness has little influence on ultimate load in free-fixed condition
and the influence is larger in pinned-fixed condition. The screw jack stiffness has great influence on
ultimate load of lower scaffold system and the influence can be neglected when the scaffold system
is more than two stories.
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ABSTRACT: This paper presents the safety assessment of Eurocode 3 — part 1-1 [1] rules for the flexural buckling
columns using hot-rolled cross-sections (I and H cross-sections).

The safety assessment follows the procedure presented in Annex D of EN 1990 [2]. It is based on a large number
(7332) of numerical simulations (GMNIA) covering various relevant parameters.

Firstly, it is concluded that the level of safety is consistent across the various types of I and H cross-sections and steel
grades (maximum variation of 6.3%) except for S460 and minor axis buckling. It is therefore proposed to adjust the
buckling curves for minor axis buckling for S460.

Secondly, the magnitude of the partial factor ym: is assessed. It is shown that depending on the random variables
included in the analysis (just yield stress fy; yield stress f, and cross-section geometry; or yield stress fy, cross-section
geometry and modulus of elasticity E) the average value of yw varies from 0.941 to 1.049 with c.o.v varying from
4.3% t0 6.3%.

Keywords: Column, flexural buckling, safety assessment, design rules, steel, Eurocode 3, stability
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1. INTRODUCTION

A main purpose of modern design codes is to provide design principles and application rules that
lead to appropriate safety levels. The safety margin reflects the risk society is willing to accept yet
that maximises economical design. Nowadays, it is possible to link quantitatively a specific design
rule and the corresponding failure probability [3]. However, because design codes combine a very
large number of design rules that evolved over many decades of expensive research work and their
semi-probabilistic implementation was only effectively started in the 1990°s [4], the safety level is
not uniform across the various design rules and also within single design rules. Eurocodes 3, part
1-1 [1] is no exception, despite the enormous work that was put in its development and the wide
past proven experience that it incorporates. In this paper focus is given to the stability verification
of columns.

The design verification of the flexural buckling resistance of columns in Eurocode 3 is based on the
buckling curve approach and the underlying European buckling curves that were established in the
1970’s. Their development was based on an extensive experimental programme carried out by the
European Convention for Constructional Steelwork (ECCS) in several European countries [5].
The theoretical background was summarized by Beer and Schulz [6] by thorough analysis of the
experimental programme presented in Sfintesco [5], assessing various imperfections that can
possibly occur and affect the resistance of compressed members. Furthermore, the safety of one of
the curves was evaluated by Monte Carlo simulation accounting for the variability of various
parameters [7]. Finally, Maquoi and Rondal [8] derived the analytical Ayrton-Perry format of the
design verification and the curves were put into equation.

Recently, within the scope of the stability rules for steel members, it was recognized that the
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extensions, corrections and improvements that evolved over a long period of time since the
establishment of the column buckling curves, coupled with the development of new structural steels
with largely improved mechanical and geometrical properties and dramatically improved quality
control procedures, required a reassessment of the current safety levels of the stability design rules
of EC3-1-1 [1]. Thus, this paper addresses a systematic assessment of the safety levels of the
fundamental case of flexural buckling of I-shaped hot-rolled steel columns. Firstly, the adopted
assumptions for the safety assessment are summarized. A parametric study for the evaluation of
rules for flexural buckling of prismatic columns in EC3-1-1 is subsequently carried out. It covers
several slenderness ranges, level of residual stresses, yield stress, and cross-section shapes, such
that a thorough evaluation of the several members covered by the analysed stability design rules is
possible, using advanced nonlinear numerical simulations. Finally, a discussion on the value of the
partial factor ymi to be adopted based on the obtained results is proposed, leading to the proposal of
adjustments to the buckling curves.

2. SAFETY ASSESSMENT OF STABILITY DESIGN RULES
2.1 Scope and Assumptions

The assessment encompasses the design rules for flexural buckling of columns given in EC3-1-1,
given in clause 6.3.1 for hot-rolled sections. The partial factor ymi is obtained based on the
methodology given in Annex D of EN 1990. Following [2] the procedure is briefly summarized in
Section 2.2. The buckling strength of the members is obtained using advanced numerical finite
element simulations (GMNIA). Numerical models are detailed in Section 2.4.

For each case (in plane and out-of-plane buckling), a wide range of I-shaped cross sections
covering several buckling curves are analysed across practical ranges of slenderness. The
parametric study is organized by buckling mode and it is defined in Section 3.1 for the flexural
buckling of columns.

In the safety assessment of the design rules carried out in Section 3, the following assumptions are
considered:

e The variability of the input variables in the design model is not considered for the calculation
of Vs; the value is obtained from nominal properties since the “experimental” results are
considered with nominal properties;

o The coefficient of variation of the basic variables, V}+, considers only the variability of cross
section dimensions, yield stress and modulus of elasticity; for these parameters more
information is known and documented with recent data. The adopted distributions are
summarized in Section 2.3.

2.2 Basis of Design

The framework for the statistical assessment of the steel members was presented and discussed in
Tankova et al. [9]. The procedure proposed in Annex D of EN 1990 is summarized in Figure 1:
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Figure 1. Flow Chart — Annex D

In Step 6, Vit shall be determined as follows:

c(og,(x,) Y
3l 0

1
En (&)2 J=1

V=

rt

The partial derivatives are computed numerically using expression (2) adopting a sufficiently small
increment “AX;” for each test specimen separately, leading to ym,i for each specimen; finally the
mean value for the subset is considered.
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23 Adopted Distributions

In Step 6 of the procedure given in Figure I, information about the scatter of the basic input
parameters is required. The distributions summarized in 7able I were considered as a reference for
the variability of the yield stress. The data was obtained from (Simoes da Silva et al. 2009) [10] for
S235 and S355; and from OPUS [11] for S460, for which there was sufficient number of coupon
tests to give reliable distributions (see Annex A for further detail).

The parametric study given in Section 3.1 was defined in order to cover various parameters.
Regarding the material properties, a well-known phenomenon is the variation of yield stress with
thickness; hence, in this assessment, the provisions of EN 10025[12] have been adopted. Since
there was not sufficient information about the distributions of the material properties with the
thickness variation, the distributions from 7able I were extrapolated from the nominal yield stress
for tr < 16mm and the coefficient of variation was kept constant.

Table 1. Adopted Reference Yield Stress Distributions

Steel fynom fym c.0.v Source
Mpa MPa - -
Silva et al
S235 235 297.3 5.8%
[10]
S355 | 355 | 4194 | 4.8% Sﬂﬁo‘?al

S460 | 460 520.0 5.2% OPUS [11]
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It is noted that the extrapolated distributions were then considered for computation of the ymi value
of each column, according to its cross-section flange thickness irrespective of whether EN 10025 or
EC3-1-1 were used for the choice of nominal yield stress.

Regarding cross-section geometrical properties, statistical indicators from Alpsten [13] and results

reported in Taras [14] were adopted for H or I sections and are given in Table 2:

Table 2. Adopted Geometrical Distributions

Mean C.0.V Source
bw/brom | 1 0.9% | Alpsten, G. (1972)
hm/hnom 1 0.9% [13],
tfm/tfnom 0975 30% Taras A (201 0)
twm/twnom | 1.025 | 4.0% [14]

bm denotes the mean value of the flange width, brom denotes the nominal value of the flange width,
hm is the mean value of the cross-section height, /xom is the nominal value of the cross-section
height, #r is the mean value of the flange thickness, #:nom denotes the nominal value of the flange
thickness, f» denotes the mean value of the web thickness and fwnom denotes the nominal value of

the web thickness. Although the reports by Alpsten [13] and Taras [14] are not recent, the

statistical characterization of the cross-section dimensions is in line with the statistical indicators
for area, moment of inertia and bending modulus as given in the report from the research project
PROQUA [15], see Table 3. Considering a normal distribution, the computation of the distributions
of area and moment of inertia from the distributions of the cross-section dimensions from Table 2
leads to values of mean and standard deviation that fall within the range of Table 3. Hence, the
statistical description of the cross-section dimensions of Table 2 are adopted in the calculation as
input random variables.

Table 3. Statistical Distributions for Geometry (A, W, I) PROQUA [15]
Mean, Xm Gx

A, W, IPROQUA [15] | 0.99Xsom | 0.01 —0.04 Xm

A distribution for the modulus of elasticity is adopted based on recommendations given in DNV [16]
that reports Em = Enom and a c.o.v. of 5%. It is noted that the statistical characterization of the
modulus of elasticity is not so strongly supported by experimental evidence. Furthermore, the
testing procedures are not often as reliable with respect to this property. Hence, in Section 3 a
sensitivity study is carried out with respect to this property by also considering a ¢.0.v. of 3%.

24 Numerical Modelling

Advanced finite element simulations were carried out to obtain “experimental” results. In this
“experimental” programme, finite element software product Abaqus 6.12 [17] was used. Each
column is modelled with four-node linear shell elements (S4) with six degrees of freedom.

Advanced analyses were performed using geometrical and material nonlinearities with

imperfections, also known as GMNIA. This type of analysis allows capturing the second order
effects which are essential for stability problems.
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Material nonlinearity is incorporated in the model by using elastic-plastic constitutive law with
strain hardening, according to Figure 2, following the recommendations from ECCS [18].

ga

ful I
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oy iOE;‘_\‘
Figure 2, Constitutive Law

The yield stress, f;, is considered either according to the provisions of the product standard EN
10025 [12], or from Table 3.1 of EC3-1-1. Since Table 3.1 of EC3-1-1 does not account for t>80
mm, for such cases, the same value of f; as in EN 10025 was considered, see Figure 3.

Minimum yield stress [MPa]
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Figure 3. Variation of the Yield Stress with Thickness

Geometrical imperfections were modelled using an initial sinusoidal imperfection introduced in the
weak or strong axis of the cross-section, with an amplitude ep=L/1000 at mid span. Residual
stresses were considered according to Figure 4. The adopted value of f,* indicated in Figure 4 was
1.235=235 MPa. Nevertheless, for comparison, equivalent cases were included using the nominal
value of the yield stress f;.

(a) Hot-rolled, h/b<1.2

0.5f [ ~<Jo.5s7

0.5/7

0.3/7
0.3/7 N 0.3f%

0.5¢+ 0.3/%

(b) Hot-rolled, h/b>1.2

Figure 4. Residual Stresses (“+” Tension and “—“Compression)
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The load is applied using load stepping routine, in which the increment size is chosen in order to
meet the accuracy and convergence criteria. The equilibrium equations are solved for each
increment using Newton-Raphson iteration technique. The adopted mesh comprises 16
sub-divisions in the web and flanges and 100 divisions along the member’s axis per 10 m length.

The boundary conditions are implemented as end fork conditions in the shell model. The following
restraints are used - vertical (dz) and transverse (dy) displacements and rotation about the xx-axis
(¢x) are prevented at the supports. In addition, the longitudinal displacement (dx) is prevented in
one end. End cross-sections are constrained to remain straight. Whenever major axis buckling
behaviour is to be studied, minor axis displacements are restrained at the tip of both flanges and
centre of the web.

3. FLEXURAL BUCKLING OF PRISMATIC COLUMNS

As the main purpose of this study is the assessment of existing rules for flexural buckling of
prismatic columns from EC3-1-1, in order to cover all types of hot-rolled sections according to
Table 6.2 of EC3-1-1, a wide range of I-shaped cross-sections was selected so that flange thickness

and the ratio 4/b would vary.

In this section, firstly, the scope of the parametric study is introduced; subsequently, the
methodology for assessment of results is given and finally, the results are discussed.

3.1 Parametric Study: Definition

Table 4 illustrates the hot-rolled section selected for the study, organized according to Table 6.2 of
EC3-1-1. The selection includes 2 (two) American profiles.

Table 4. Sections of the Parametric Study for Columns

Sections
Fabrication Limits Wb tr Profiles
[mm]

1.22 40 HEM340
1.3 19 HEA400
1.7 40 HEMS500

1.92 6.9 IPE140
2.19 40 HEM650

1.74 5.2 IPESO

Rolled h/b>1.2 tr<40mm 1.82 5.7 IPE100
1.33 24 HEB400
1.67 28 HEBS500

1.95 7.4 IPE160
1.41 40 HEM400
1.50 24 HEB450
1.28 40 HEM360
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Table 4. Sections of the Parametric Study for Columns (Continued)

Fabrication Sections
L5 h/b i Profiles
[mm]
2.28 55.9 HIL920x588
2.29 62 HIL920x656
2.35 99.1 HL920x1077*
3.36 64 HE1000x584
2.31 73.9 HIL920x787
2.30 68.1 HL920x725
40mm<t<100mm 3.08 65 W920x310x576
2.56 70 HL1000x748
2.05 69.1 W610x325x551
2.06 54 HE600x399
h/b>1.2 2.36 46 HE700x352
2.69 54 HE800x444
3.01 54 HE900x466
1.231 130 HD400x1202*
2.4 109 HL920x1194*
1.201 106 HD400x900
t>100mm 1.23 115 HD400x990
Rolled 2.37 115.1 HL920x1269*

2.31 115.1 HL920x1377*
1.25 125 HD400x1086
1.26 140 HD400x1299

1.2 22.5 HEB360
1.17 97 HD400x818
0.96 8 HEA100
1.0 19 HEB300
1.1 39 HEM300
1.0 10 HEB100
t<100mm 1.0 15 HEB200
h/b=1.2 117 | 175 HE360A
1.09 67.6 HD400x551
1.12 77.1 HD400x634
1.04 52.6 HD400x421
1.10 72.30 HD400x592
1.00 17 HEB240
t=>100mm No sections exist

*Heavy sections

The parametric study comprised 7332 numerical models, both for minor and major axis flexural
buckling behaviour (3666 models for each mode). It includes several levels of slenderness, different
steel grades, and two different levels of residual stresses, as given in Table 5.
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Table 5. Parametric Study for Columns: Additional Parameters

1 Material and Material
Fabrication standard for imperfections
b
h/b<1.2:
0.5;0.6;0.7; . 235
0.8 EN 10025: %
0.9;1.0; 1.2;
Rolled 1.4;1.5 5235 h/b>1.2:
S355
1.6; 1.8; 2.0; 3460 235
2.5 Iy

For the evaluation of the flexural buckling resistance of steel columns, clause 6.3.1 in EC3-1-1 is
considered to represent the theoretical result, ri, in the safety assessment procedure. The design
procedure is summarized in Table 6 for simply supported members of length L, whereas the
imperfection factors are summarized in Table 7 for the cross section shapes covered by the
parametric study. The latter imperfection factors are considered from Table 6.1 and 6.2 of EC3-1-1
and from (Snijder et al. [19], [20]) for hot-rolled heavy cross-sections with t&>100mm and h/b>1.2.

Table 6. Verification of Flexural Buckling of Columns,
about Minor Axis (i=z) and Major Axis (i=y)

Parameter Expression
N A . fy—class 1, 2 and 3 cross sections
R Aef fy — class 4 cross sections
2
7 EL
Nerz 0 Nery N, = I l
}i Ai :\/NRk/NCR,i
ai See Table 7
ni a; (I, - 0.2)
di 0.5><(1+77l. +Z,—2)
Zi 1/(¢l.+,/¢f —Zﬂ)g
Verification NEd < Nb,,-,Rd =X % NRk / Y

- N
Additionally, for 4; <0.2 and NEd <0.04, flexural buckling about axis i does not need to be

cr,i

verified and only cross sectional checks apply (7, =1).

In Section 3.3 and Section 3.4 the partial factors ym:1 for several subsets are obtained respectively
for minor and major axes flexural buckling. Selected input variables for safety assessment and
subsets are described in the corresponding sub-sections.
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Table 7. Imperfection Factors and Generalized Imperfection Limits for Flexural Buckling

Source
EC3-1-1 (Cajot et al. (2013))
Fabrication Limits Axis | S235 | S460 | S235 S460
S355 S355
yy | 021 | 013 | ]
oL A2 034 | 013
f 40mm<t<100 | y-y | 0.34 | 0.21 i )
g mm Z-Z 0.49 0.21
y-y 0.34 0.21
Rolled t=>100mm Y - - 0.49 034
o vy | 034 [ 021 | ]
= u=100mm1 7 7 | 049 | 021
e
o y-y | 076 | 0.49
S| wl00mm 0 076 | 049 | - -

3.2 Parametric Study: Methodology

In the subsequent sections the results for minor and major axis flexural bucking of columns are
detailed. The following main topics are discussed:

e Influence of the specification of the minimum yield stress according to EN 10025 and

Eurocode 3;

e Influence of the magnitude of residual stresses used in the numerical analyses;

o Influence of imperfection factor o for steel grade S460;

e Validation of the buckling curves for heavy sections;

e Influence of the number of random variables;

Throughout the following paragraphs, charts and tables, the following methodology is adopted:
e The partial factors for different subsets are computed considering the Annex D procedure
summarized in Section 2.2.
e The assessment is performed using normalized values of the partial factor. The normalization
is done with respect to the average value of ymi obtained for $235 and S355, t<40mm, h/b>1.2
and major axis of flexural buckling, considering the yield stress f; as the only random variable.
e Whenever a subset according to slenderness is analysed, the following division is adopted:

. Low slenderness — normalized slenderness 4 e [0.5;0.8];
. Medium slenderness— normalized slenderness 4 € (0.8;1.5];
- High slenderness — normalized slenderness ie (1.5;2.5]5

e For the first 4 topics listed above, only the variability of the yield stress is considered, as a
relative assessment is sufficient to establish the influence of each parameter;

e In order to establish the influence of additional random variables, the following variables are
considered: yield stress, geometrical dimensions of the cross-section and modulus of elasticity.

33 Results and Discussion — Minor axis Flexural Buckling

Hereby the results for minor axis flexural buckling are presented and discussed. Firstly, the
reference cases for hot-rolled cross sections are analysed: the value of the yield stress both in 7. and
r: 1s considered according to EN 10025 and the level of the residual stresses is proportional to
0.3(0.5) x 235MPa for h/b>(<1.2). Subsequently, the reference cases are analysed considering the
value of the yield stress and r: according to Table 3.1 of EC3-1-1, the experimental value re is
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computed according to the EN 10025, assuming it as the “reality”. Finally, the reference cases are
analysed considering the level of the residual stresses proportional to 0.3(0.5) x £ for h/b>(<1.2);
More detailed results may be found in 7able BI and Table B2 of Annex B.

3.3.1  Results for hot-rolled cross sections

In the following all results are normalized (see Section 3.2). Partial factors are evaluated using the
procedure from Annex D, as summarized in Section 2.2 and considering the variability of the yield
stress only.

The parametric study was constructed aiming to cover all buckling curves for hot-rolled H and 1
sections and therefore, the sample includes members whose resistance is evaluated using different
imperfection factors (a according to Table 7), different steel grades which are defined by different
distributions, etc. Hence, further division into subsets is required, in order to avoid undesired bias
of the results.

Since the reduction factor is mainly a function of slenderness, results should be assessed and
organized by subsets of the slenderness ranges, as shown in Figure 5. The subsets are adopted
according to Section 3.2: Low [0.5; 0.8]; Medium (0.8; 1.5]; and High (1.5; 2.5]. A larger partial
factor is observed for S460 in Figure 5 when compared to the other steel grades for all slenderness
ranges. A possible explanation for this value is that the imperfection factors currently adopted for
steel grade S460 may not be appropriate. This was independently confirmed by Lindner [21] and
may thus require adjustment.

Steel
1.5
1.142

1.089 1.076
o 0.983 0960 1025 oua 0.996 957
0.5
0.0

Low Medium High
$235 $355 S460

Figure 5. All Results Organized by Slenderness for Hot-rolled
Cross Sections — fy according to EN 10025 (Table B1, Annex B)

Figure 6 illustrates the results organized by the divisions given in Table 7, regardless of the
slenderness range, thus allowing a direct comparison of the buckling curves in EC3-1-1. Firstly, it
is clear that steel grade S355 leads to lower values of ymi. This is due to the relative amplitude of
the residual stress with respect to the yield stress of the member when compared to S235 steel.
Figure 6 again confirms that the imperfection factors for S460 may not be adequate, except for
h/b>1.2, t£>100mm because they were recently proposed and calibrated as this range was not
available in the code (Snijder et al. [19], [20]). Finally, note that no cases with h/b<1.2 and
te>100mm are included in the parametric study since no sections with these characteristics were
found in catalogues.
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According to buckling curves

1.5
1.147 1.074 1.146
o 1.033 (988 0953 0.940 0 0.990 0961 1.006 ’ 1.011
) - - . -
0.0
h/b>1.2 tf<40mm h/b>1.2 tf(40;100)mm h/b>1.2 tf>100mm h/b<1.2 tf<100mm

S235 mS355 5460

Figure 6. All Results organized by Buckling Curve Division for Hot-rolled
Cross sections — fy according to EN 10025 (Table B1, Annex B)

Additional subsets were considered for h/b<1.2. The results are presented in Figure 7, the same
trends being observed.
h/b<12
15
. 1.165
1046 993 1122 1055 o5 1132 1080 | oy 1140 1080 ;7 15T 1086 1 gp7

1.0
0.5
0.0

h/b<12 ti<lémm  h/b<1.2 16<tf<40mm h/b<1.2 40<tf<63mm h/b<1.2 63<tf<80mm h/b<1.2 80<tf<100mm

$235 = $355 = S460
Figure 7. Subsets according to EN10025

3.3.2  Influence of the variation of the yield stress with thickness

The value of the yield stress in the theoretical value of the resistance rt is now considered according
to EC3-1-1, Table 3.1 and the “experimental” resistance re is computed considering the
sub-divisions according to EN 10025, and presented in relative terms with respect to the results of
EN 10025 (Figure 8). Results of Figure 8§ are better interpreted together with Figure 3.

The second group for S235 and third group give the same values since the specifications of the
yield stress in EN 10025 and EC3-1-1 are equal for the cross sections considered in the parametric
study. On the other hand, for the first and fourth groups as well as second group for S355 and S460,
differences are noted, for sections with thicknesses falling in the ranges (16; 40) and (63; 80), since
the specifications in EC3-1-1 and EN 10025 are different in those ranges.

EC3 vs EN 10025 Curves

9.0%

6.69% 6.70%
5.86%
6.0% 4.85%

3.22%

3.0% 2.37% 2.13%

0.0% 0.0% 0.0% 0.0%
0.0%

h/b>1.2  tf<40mm h/b>1.2 tf(40;100)mm h/b>1.2 tf>100mm h/b<1.2 tf<100mm

5235 mS355 18460
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Figure 8. Percentage Difference for Normalized ymi1 between Yield Stress Calculated
according to EC3-1-1 and EN 10025

The results in Figure 8 include thickness ranges that are different from the division according to EN
10025; hence, Figure 9 compares results between EN 10025 and EC3-1-1 for the intervals defined
in EN 10025, highlighting maximum differences of about 8%.

EC3 vs EN 10025 Thickness
8.39%

9.0% 7.42% 7.86%

6.0% 4.54% 450%

3.0%

0.0% 0.0%0.0%0.0% 0.0%0.0%0.0% 0.0% 0.0%0.0%0.0% 0.0%0.0%0.0%
o 0<tf<16 16 <tf<40 40 <tf<63 63 <tf<80 80 < tf<100 tf> 100

5235 S355 S460

Figure 9. Percentage Difference for Normalized ymi1 between Yield Stress Calculated
according to EC3-1-1 and EN 10025

3.3.3 Influence of the assumptions for the residual stress

Figure 10 and Figure 11 present relative results for the partial factor similarly to Figure 6, but
assuming the conservative option that the level of the residual stresses is proportional to the yield
stress 0.3(0.5) x fy for h/b>(<1.2). Since a higher level of the residual stresses is now considered
(more conservative), the partial factor is expected to increase. This is observed both for steels S355
and S460, see Figure 10 and Figure 11 respectively. For steel grade S235, the analysis is not
relevant.

S355

15.0%
12.5%
10.0% £.0%
7.5% 5.6%
5.0% 30 4.0% 3.3% 3.6% .
2.5% 1.0% 0.5% ~°H0.5%
0.0%

h/b>1.2 tf<40mm Wb>1.2 Wb>1.2 t£>100mm  h/b<1.2 tf<100mm

t£(40;100)mm

Low Medium High

Figure 10. All Results organized by Buckling Curve and Slenderness Division for
Hot-rolled Cross Sections and Steel Grade S355 — Residual Stress Proportional to
the Actual Value of fy (fy according to EN 10025)

Figure 10 and Figure 11 represent the subsets by buckling curve, slenderness and steel grade. It is
clearly seen that the influence of the residual stresses has higher impact in the medium slenderness
range, as expected. Moreover, Figure 11 further shows that the adoption of residual stresses
proportional to the yield stress 0.3(0.5) x fy is too conservative.
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S460
15.0% 14.1%
12.5%
9.7% 10.1%4
10.0% 8.6%
8.0%

150, 6:8% . 7.1%
: o s3%
5.0% 4.1% 33%  34%
2.5% 1.2%
0.0%

h/b>1.2 tf<40mm h/b>1.2 Wb>12 t£>100mm  h/b<1.2 tf<100mm

tf(40;100)mm
Low Medium High

Figure 11. All Results organized by Buckling Curve and Slenderness Division for
Hot-rolled Cross Sections and Steel Grade S460 —
Residual Stress Proportional to the Actual Value of fy (fy according to EN 10025)

3.3.4  Evaluation of the partial factor considering new imperfection factors for $460
It was already seen that the results for steel grade S460 are significantly higher than those for the
other steel grades. A possible improvement can be introduced by considering higher imperfection

factors for minor axis flexural buckling as shown in Table 8 (values in bold).

Table 8. New Imperfection Factor for Steel Grade S460, Minor Axis

EC3-1-1 (Cajot et al. (2013))
Fabrication Limits Axis | S235 | S460 | S235 S460
S355 S355
y-y 0.21 0.13
o mAmm g L 034 | 021 | C ]
v/{ 40mm<t<1 | y-y 0.34 0.21 i i
0 00mm zZ-Z 0.49 0.34
Rolled =
t=100mm | YV i i 0.34 0.21
z-Z 0.49 0.34
2 7| wstoomm | 35 | o | o |- :

*h/b<1,2 and t£>100mmn is not included in the table, because no cross-sections were found

Figure 12 and Figure 13, similarly to Figure 5 and Figure 6 show the results according to
slenderness and buckling curve division, respectively. The improvement of using higher
imperfection factors for steel grade S460 is clear.
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Steel
15
" 0.983 00960 1019 1.025 0.944 0998 0.996 (957 0.980
0.5
0.0
Low Medium High
S235 mS355 5460

Figure 12. All Results organized by Slenderness for Hot-rolled Cross Sections — fy
according to EN 10025 (Table B1, Annex B)

According to buckling curves

1.5
o 1033 (ggg 1049 0953 0940 0.987 0990 961 1.006 1074 011 1052
) . . . .
0.0
hb>1.2 tf<40mm h/b>1.2 tf(40;100)mm h/b>1.2 t£>100mm h/b<1.2 tf<100mm
$235  mS355  mS460
Figure 13. All Results organized by Buckling Curve Division for Hot-rolled
Cross sections — fy according to EN 10025 (Table B1, Annex B)
34 Results and Discussion — Major Axis Flexural Buckling

Identically to minor axis flexural buckling, the safety assessment is computed considering the
Annex D procedure and variability of yield stress only, as stated in Section 3.2. The partial factors
are also normalized with respect to the average value for $235 and S353, tr=<40mm, h/b>1.2 and
major _axis of flexural buckling. Firstly, the reference cases for hot-rolled cross sections are
analysed: the yield stress both in re and 1t is considered according to EN 10025. Unlike minor axis
flexural buckling, the relative values of the partial factor are more uniform for the different steel
grades (Figure 14).
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Steel
15
Lo 0951 0966 1030 0.980 948 1012 0.99 0.983 1.014
0.0
Low Medium High
$235 #5355 #5460

Figure 14. All Results organized by Slenderness for Hot-rolled Cross Sections — fy
according to EN 10025 (Table Al.1, Annex Al)

Similarly to Figure 6 for minor axis flexural buckling, Figure 15 illustrates the results organized
according to the divisions presented in Table 7, regardless of the slenderness range, thus allowing a
direct comparison of the buckling curves specified in EC3-1-1. All cases fall within an acceptable
range of variation of the partial factor.

According to buckling curves
L5

1.005 0.995 1.041 0951 0962 1.006 0961 0966 1.013 0985 0930 1.032

1.0
) . . . II
0.0

h/b>1.2 tf<40mm h/b>1.2 t£(40;100)mm h/b>1.2 t£>100mm h/b<1.2 tf<100mm

S235 = S355 5460

Figure 15. All Results organized by Buckling Curve Division for Hot-rolled
Cross Sections — fy according to EN 10025

Furthermore, when the influence of the variation of the yield stress with increasing flange thickness
was analysed, similar conclusions were drawn. Identical results were found when the residual
stresses were assumed proportional to the yield stress as in Section 3.3.3.

More detailed results are found in Table B1 and Table B2 in Annex B
3.5 Influence of the Number of Random Variables

In the previous sub-sections, only £, was considered as a random variable. In reality, in the case on
flexural buckling of columns, other basic variables also affect the behaviour of a column, such as
the cross-section dimensions and the Young’s modulus. It is noted that geometrical and material
imperfections such as initial curvature and residual stresses are not included as basic random
variables as they are included implicitly in the design model (Simdes da Silva et al.) [22].

Hence, the following random variables are included in the analysis:
. Yield stress — fy;
. Geometrical dimensions — b, A4, tw, 17,
. Young’s modulus — E;
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The distributions of the basic variables are considered as previously presented in Section 2.3. The
partial factor is obtained using the procedure proposed in Annex D as presented in Section 2.2 of
this document. The influence of the number of basic variables is accounted as their number is
gradually increased. The following cases are considered:

. Annex D (fy) — considers the yield stress as the only basic variable, the other parameters
are assumed as deterministic quantities with no variability;

o Annex D (fy+CS) — considers the yield stress and the geometrical dimensions of the
cross-section as random variables;

. Annex D (fy+CS+E) — considers the yield stress, the geometrical dimensions of the

cross-section and the modulus of elasticity as random variables;
ywm1 is calculated for both major and minor axis flexural buckling for all three cases.

3.5.1 Minor axis flexural buckling

Figure 16 summarizes the normalized partial factors obtained for minor axis and considering the
assumptions previously made. Firstly, as expected, higher values of ym1 are obtained. Secondly, the
rate of increase of ymi increases with increasing slenderness: 3.9%, 8.0% and 12.9% for low,
medium and high slenderness, respectively, as Young’s modulus and geometrical dimensions
(moment of inertia) become more relevant in the medium and high slenderness ranges.

Slenderness
1.15 1.126
1.104
110 1.074 1.071
1.042
1.036 -
1.05 1.022
1.003 0.997
. | H
0.95
Low Medium High
u Annex D (fy) Annex D (fy+CS) B Annex D (fy+CS+E)

Figure 16. All Steels by Slenderness and using Different Number of Random Variables

Furthermore, results according to subsets of steel grade and slenderness are analysed in Figure 17
for Annex D (fy + CS + E).

Steel [Annex D(fy+CS+E)]
15

1.118 1.139 1.122
1025 1002 1059 1034 1091 1.088
1.0
) I
0.0
Low Medium High
$235 " S355 " S460

Figure 17. All Results organized by Slenderness and Steel Grade — using fy, Cross-section
Dimensions and Modulus of Elasticity as Random Variables (Table B3, Annex B)
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Similarly, results split according to buckling curve and steel grade are given in Figure 18. Detailed
results for the intermediate case of Annex D (fy + CS) are given in 7able B3 in Annex B.

According to buckling curves [Annex D(fy+CS+E)]
15

1.

S

0.

W

0.0

h/b>1.2  tf<40mm h/b>1.2  tf(40;100)mm h/b>1.2 t£>100mm h/b<1.2 tf<100mm
S235 mS355 18460

Figure 18. All Results organized by Buckling Curve for Hot-rolled Cross Sections —
using fy, Cross-section Dimensions and Modulus of Elasticity as Random Variables
(see also Table B3, Annex B)

Table B4 in Annex B summarizes the results divided according to steel grade, buckling curve and
slenderness range.

While for the yield stress and geometrical dimensions there is certain knowledge about their

distributions, it is not the case for the modulus of elasticity. It is a variable, which is very difficult to

measure, and additional variability may be added simply because of the measurement method.

Therefore, additional calculations were performed for a coefficient of variation of 3% for the

modulus of elasticity (see also Table B3 and Table B4 in Annex B). Differences up to 4% can be

found in the high slenderness range as illustrated on Figure 19 for subsets according to slenderness.
1.250

1.200 1.191

1.154 1147

1150 1.125
1.100
1.050 1.037 1.032
1.000
0.950
0.900
Low

Medium High

E 5% BE3%

Figure 19. Difference between adopted Coefficients of Variation for E

3.5.2 Major axis flexural buckling

The same evaluation was performed for major axis of flexural buckling. The results are similar to
the conclusions in the previous section, i.e. the presence of the modulus of elasticity leads to higher
values for ym1 (Figures 20 to 22). However, in general, the values of the ym1 for major axis flexural
buckling are lower than those for minor axis as presented in section 3.5.1 (3.1%, 7.1% and 11.4%
for low, medium and high slenderness, respectively). Detailed results are given in 7able B3 and
Table B4 in Annex B.
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Slenderness

1.143

1.15

1.10 1.089

1.052

1.076

1.05 1.024 1.029 1017 1.026
0.998
0.95
Low Medium High

= Annex D (fy) = Annex D (fy+CS) # Annex D (fy+CS+E)

Figure 20. All Steels by Slenderness and using Different Number of Random Variables

Steel [Annex D(fy+CS+E)]

15
1.101 1120 1097 1138
0oss 0995 1062 1058 | 0a1
10
05
0.0
Low Medium High
$235 = S355 #5460

Figure 21. All Results organized by Slenderness and Steel Grade — using fy, Cross-section
Dimensions and Modulus of Elasticity as Random Variables (Table A1.3, Annex Al)

According to buckling curves [Annex D(fy+CS+E)]

1.5
1.113 1.094 1.156 1.033 1.032 1.096 1.043 1.036 1.101 1.080 1.061 1130
1.0
0.5
0.0
Wb>1.2 tf<40mm h/b>1.2 tf(40;100)mm hb>1.2 tf>100mm h/b<1.2 tf<100mm
$235  mS355 W S460
Figure 22. All Results organized by Buckling Curve for Hot-rolled Cross Sections —
using fy, Cross-section Dimensions and Modulus of Elasticity as Random Variables
3.6 Summary

A parametric study to assess the safety of the code prescriptions of the flexural buckling of columns
was presented. Table 9 summarizes the relative values obtained per buckling curve, the results
being presented as normalized factors with respect to a specific sub-group.
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Table 9. Values of Normalized ym: for Flexural Buckling of Columns*

EC3-1-1 [19], [20]
Fabrication Limits Axis S235 S460 S235 S460
S355 S355
<a0mm v-y | 1.000 | 1.041 ] ]

Z-Z 1.011 1.147

(@\]

— y-y 0.956 1.006 ] ]

% A0mm=t=100mm |7 7 | 5946 | 1.064
y-y ] ] 0.963 1.013

Rolled t>100mm 722 0.975 1.006

y-y

[\ 7-7

iy 0983 | 1.032

é' tr=100mm 1.042 | 1.146 - -

* The relative value for the partial factor for S235 and S355 is determined as the mean value
obtained for S235 and S355
**h/b<1,2 and t£>100mmn is not included in the table, because no cross-sections were found

The results were analysed in various subsets. The study revealed that the variation in the relative
values of the partial factor is not high, except for steel grade S460 and minor axis of flexural
buckling (the numbers in bold in 7Table 9). New imperfection factors were analysed and the results
showed good agreement with the ones obtained for S235 and S355. Table 10 summarizes the
corresponding normalized partial factors.

Table 10. Values of Normalized ym: for Flexural Buckling of Columns*

EC3-1-1 [19], [20]
Fabrication Limits Axis S235 S460 S235 S460
S355 S355
voy | 1.000 | 1.041 ] ]
. t=40mm 7z | 1011 | 1.049
= v-y | 0956 | 1.006 ] ]
o | A0mm=t=100mm | 5o | 0946 | 0.987
vy 0963 | 1.013
Rolled t>100mm 7 - - 0.975 | 1.006
. y-y
- 7Z-7Z
o 0983 | 1.032
é’ t=100mm 1042 | 1.052 - -

* The relative value for the partial factor for S235 and S355 is determined as the mean value
obtained for S235 and S355
**h/b<1,2 and t£>100mmn is not included in the table, because no cross-sections were found
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Finally based on the analysis performed in Section 3.5, the normalized values of the partial factor,
considering different random variables, is summarized in 7able 11. The increase ymi in varies from
7.9% to 11.4%.

Table 11. Values of Normalized ym: for Flexural Buckling of Columns*

Annex D
o . . Annex D (fy) Annex D (fy+CS) (fy+CS+E)
Habrication Hmies A s [ | 535 | g | 535 | g0
$355 5355 $355
\ctomm | ¥¥ | 1000 | 1041 [ 71055 | 1104 | 1103 | Ls6

Z-Z 1.011 1.049 | 1.084 1.117 1.126 1.156

(@\]
— | 40mm<t<100m | y-y | 0956 | 1.006 | 0.994 | 1.052 1.033 | 1.096
2 m 7z | 0946 | 0987 | 1.009 | 1.047 1.046 | 1.083
y-y | 0963 | 1.013 | 0999 | 1.055 1.039 | 1.101
Rolled t>100mm zz | 0975 | 1.006 | 1.034 | 1.069 1.069 | 1.106

y-y
zz 0.983 1.032 | 1.029 1.084 1.071 1.130

t=100mm 1042 | 1.052 | 1108 | 1114 | 1.144 | 1.147

h/b<1,2

* The relative value for the partial factor for S235 and S355 is determined as the mean value
obtained for S235 and S355

**h/b<1,2 and t£>100mmn is not included in the table, because no cross-sections were

found

4. ASSESSMENT OF THE PARTIAL FACTOR

Section 3 analysed the design rules for the flexural buckling of columns in terms of the required
value of the partial factors ym1 to match the target probability of failure specified in EN 1990 [2].
The analysis was carried out by normalizing all values with respect to a reference case (major axis
flexural buckling of I-section profiles in S235 to S355 with maximum flange thickness of 40 mm
and h/b>1.2) because the quality of the design rules is very dependent on the scatter of the ymi
values for the various subsets that may be considered. It was shown that the design rules provide
consistent results across the various possible subsets, with small scatter on the value of ymi.

In this section it is proposed to discuss the adoption of a single global ymi for flexural buckling of
columns that is in line with the failure probability in EN 1990 and incorporates all the viewpoints
that support code drafting and the choice of safety factors [23],[9].

Table 12 summarizes the partial factors obtained for minor and major axis, now given as absolute
values instead of normalized values. It is noted that all values are smaller, since the normalizing ymi
for the reference case is equal to 0.979. The results are presented according to subsets of steel grade
and buckling curve.




Safety Assessment of Eurocode 3 Stability Design Rules for the Flexural Buckling of Columns 348

Table 12. Values of ym1 obtained using Different Random Variables for
Major and Minor Axes Flexural Buckling

Annex D (fy) Annex D Annex D
Fabricati Limits Axis (ty+CS) (fy+CS+E)
on 5235 [ o0 | 9235 [ oo | 5235 | Guo
$355 $355 $355

y-y | 0979 | 1.020 | 1.033 | 1.081 | 1.081 | 1.132
Lo teomm Gy | 0990 | 1.028 | 1062 | 1.094 | 1.103 | 1.133
~ [ 40mm<t<10 | y-y | 0937 | 0985 | 0.974 | 1.030 | 1011 | 1.074
Rolled - Omm | 7z | 0927 | 0967 | 0.989 | 1.025 | 1.025 | 1.060
o 100mm | YV | 0944 [ 0992710979 [ 1.034 | 1018 | 1.078
77 | 0955 | 0.985 | 1.013 | 1.047 | 1.047 | 1.084
o 'y | 0962 | 101 | 1.008 | 1.062 | 1.049 | 1.107
S| wstoomm | 5| Voor | fo30 | 1085 | 1091 | 1120 | 1124

In Annex B, Table B5 and Table B6, a further division into subsets according to slenderness is
performed in order to be able to compare the different slenderness ranges. Even though finer
subsets into slenderness, steel grade and buckling curve are adopted, the partial factors higher than
unity are mostly only observed when the Young’s modulus is included.

Table 13. Average ym1 for Minor and Major Axis Flexural Buckling,
according to Buckling Curves and Slenderness

Axis | Annex D(fy) Annex D(fy+CS) Annex D(fy+CS+E)
y-y 0.943 0.995 1.040
Mean value =7 0.941 1.012 1.049
Coefticient of y-y 4.28% 4.79% 6.31%
variation Z-Z 4.33% 4.46% 5.54%

Table 13 summarizes the mean and standard deviation of ym: for the three different sets of random
variable that were considered. It is concluded that depending on the random variables included in
the analysis (just fy; fy and cross-section geometry; or fy, cross-section geometry and modulus of
elasticity E) the average value of ymi varies from 0.941 to 1.049 with the c.o.v varying from 4.3%
to 6.3%. The mean value is lower than 1.05 for the more unfavourable case and the c.o.v. is low.
Additionally, in general, the values of the ym1 for major axis flexural buckling are similar to those
for minor axis.

Recalling that the currently recommended value of ym1 in Eurocode 3, part 1, is 1.0, and comparing
with available data from the literature that led to the choice of ym1 = 1.0, the results presented in this
report for ymi are lower. In Muller (2003), a study on the flexural buckling resistance of hot-rolled
sections was done and the corresponding partial factors were assessed, see Figure 23,
corresponding to an average value of ymi for minor axis flexural buckling of 1.097 (cf. 0.941 as
these results only considered the variability of fy).
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It is interesting to note that the observed trend (also in Muller (2003) [24]) of an increasing value of
ym1 in the intermediate slenderness range disappears when variability in cross-section and Young’s
modulus is included: in this case the value of ymi increases monotonically with slenderness. It is
noted that the higher value of ym1 for high slenderness is not so relevant because of practical
reasons (practical range of column slenderness), as the parametric study included normalised

slenderness (A) up to 2.5. It is therefore recommended to keep ymi1=1.0 for columns.

5.

Slenderness

1.15 1.13

1.10

1.05
1.00
0.95
Low Medium High
Figure 23. Results by Muller [24]
CONCLUSIONS

In this paper, the safety assessment of EC3-1-1 rules for flexural buckling of columns with
hot-rolled I-shaped cross sections was performed and the partial factor was evaluated considering
several subsets, including slenderness ranges, level of yield stress, EC3-1-1 buckling curves; flange
thickness and respective variation of the yield stress; buckling axis.

The following conclusions were achieved:

Influence of the adopted minimum yield stress using EN 10025 or Table 3.1 of
Eurocode3;
The level of the minimum yield stress was assessed for both minor and major axis of
flexural buckling of hot-rolled columns. It was shown that in both cases the values proposed
in EC3 can be up to 8% non-conservative, which itself is not a negligible difference.

Influence of the level of the residual stresses adopted in the numerical models;
The buckling curves are currently calibrated for level of residual stresses proportional to the
yield stress fy, which was shown to be conservative. When the results were divided into
slenderness — in the medium slenderness range, where the residual stresses are actually
important, high differences were obtained. These variations are relevant for the group of
buckling curves S235-S420, with increasing difference as the steel grade increases; about
8% were noticed for S355.

Imperfection factor for flexural-buckling of columns about minor axis which are made of
steel grade S460;
It was shown that the imperfection factor currently prescribed for flexural buckling of steel
columns made of S460 about the minor axis is not adequate. Alternative analysis was
performed in order to check if other curves are more suitable and the results are summarized
in Table 14:
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Table 14. New Imperfection Factor for Steel Grade S460, Minor Axis

350

EC3-1-1 (197, [20]
Fabrication Limits Axis S235 S460 S235 S460
S355 S355
vy | 021 | 013
. t=40mm 2z | 034 | 021 - -
- y-y 0.34 0.21 i i
% 40mm<t<100mm s 0.49 0.34
- 034 021
Rolled t>100mm o - - 0.49 0.34
o vz | o34 | o
- tr<100mm 049 | 034 | -

. The recent study presented in [19], [20] about buckling curves for heavy sections was
confirmed — the buckling curves chosen for sections with h/b>1,2 and t&>100mm are found

suitable;

Finally, the value of the partial factor was discussed. With the proposed modifications, it is
recommended to keep ymi=1.0 for columns.
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NOTATIONS

Latin upper case letters

A is the gross cross sectional area;

Acff 1s the effective cross sectional area;

Nbird s the design buckling resistance about i axis of the compression member;
Ner,i is the critical compressive axial force for buckling about i axis;

NEed is the design value of the axial force;

Nrk is the characteristic resistant axial force;

Vs Estimator for the coefficient of variation of the error term

Vx Coefficient of variation

Array of mean values of basic variables




351

Luis Simdes da Silva, Trayana Tankova*, Liliana Marques and Carlos Rebelo

Latin lower case letters

b Correction factor

g, (X) Resistance function used as a design model
k,, Design fractile factor

n Number of experiments or numerical results
r, Design value of the resistance

r Experimental resistance value

Nominal value of the resistance

7 Theoretical resistance determined with g, (X)
s Estimated value for the standard deviation ¢
SA Estimated value for the standard deviation 64

Greek upper case letters

A Logarithm of the error term &
A Estimated value for E(A)
Greek lower case letters
ol is the imperfection factor for flexural buckling about i axis;
0 Error term
Oi Observed error term for test specimen i
ni is the generalized imperfection for flexural buckling about i axis;
2 is the non-dimensional slenderness for flexural buckling about 7 axis;
Xi is the reduction factor for flexural buckling about 7 axis.

c Standard deviation
os’ Variance of the term A
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Annex A — Statistical Distributions for the Yield Stress
The statistical distributions of the yield stress were chosen based on real experiments. The variation
adopted for S235 and S355 is based on a previously performed study at the University of Coimbra

[10]. It is summarized in Table Al:

Table A1l. Results from

Minimum Quantile Value
Steel ¢f (mm) fy n Mean St. Dev CoV Value for the for
Grade (MPa) (MPa) (MPa) nominal 99.9%
(MPa) value quantile
837 310.03 31.29 10.09% 239.2 99.17 213.32
S235 <16 235 347 279.78 18.79  6.72% 239.2 99.14 221.70
342 29730 1711  5.76% 258 99.99 244.41
<16 275 1991 32793 1896 5.78% - 99.74 269.35
S275 >16<40 265 2342 306.28 15.63  5.10% - 99.59 257.97
(n=3625) >40<63 255 71 299.23  14.07 4.70% - 99.92 255.74
>63 <80 245 21 29038  9.68 3.33% - 100.00 260.46
<16 355 733 419.38 20.25 4.83% - 99.93 356.80
S355 >16<40 345 1146 39582 15.16 3.83% - 99.96 348.96
(n=1979) >40<63 335 77 380.51 10.01  2.63% - 100.00 349.58
>63 <80 325 23 361.87 10.25 2.83% - 99.98 330.20
For S460, recent results from OPUS [15] were used. They are summarized in Table A2.
Table A2. Results from OPUS
Minimum Quantile Value
Steel tf (mm) fy n Mean St. Dev CoV Value for the for
Grade (MPa) (MPa) (MPa) nominal 99.9%
(MPa) value quantile
S460 <16 460 113 49526 172  3.47% - 97.98 442.11
(n=982) >16<40 440 778 520.88 268 5.15% available 99.87 438.06
>40 <63 430 91 486.4 435 8.94% 90.26 351.97
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Annex B - Results

Table B1. All Results for Minor and Major Axis of Hot-rolled Sections, Normalized ym: with respect to the
Average Value for S235/S355 t<40mm, h/b>1.2 and Major Axis of Flexural Buckling (the Values in Green)
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Minor axis Major axis |
Sub-set EN10025 EN10025

n EN10025 EN10025(S460) fyi EC3 || EN10025 fyi EC3

Total 1833 1.113 1.039 1.198 1.146 1.033 1.055 1.062
Low 564 1.056 1.003 - - 0.993 - -
Medium 705 1.127 1.022 - - 1.012 - -
High 564 1.075 0.997 - - 1.021 - -

S235 611 1.032 1.032 1.032 1.058 0.995 0.995 1.020

S355 611 0.988 0.988 1.033 1.010 0.993 1.001 1.013

S460 611 1.127 1.034 1.247 1.174 1.034 1.062 1.073

Low 188 0.983 0.983 0.983 1.016 0.951 0.951 0.985

S235 Medium 235 1.025 1.025 1.025 1.045 0.980 0.980 0.999

High 188 0.996 0.996 0.996 1.003 0.996 0.996 1.000

Low 188 0.960 0.960 0.997 0.988 0.966 0.973 0.995

S355 Medium 235 0.944 0.944 1.008 0.960 0.948 0.970 0.960

High 188 0.957 0.957 0.975 0.961 0.983 0.986 0.986

Low 188 1.089 1.019 1.183 1.153 1.030 1.051 1.082

S460 Medium 235 1.142 0.998 1.275 1.175 1.012 1.057 1.035

High 188 1.076 0.980 1.126 1.082 1.014 1.022 1.017

h/b>1.2  t<40mm 169 1.033 1.033 1.033 1.102 1.005 1.005 1.077

$235 h/b>1.2t9(40;100)mm 169 0.953 0.953 0.953 0.953 0.951 0.951 0.951

h/b>12 t>100mm 104 0.990 0.990 0.990 0.990 0.961 0.961 0.961

h/b<1.2 t<100mm 169 1.074 1.074 1.074 1.097 0.985 0.985 1.006

h/b>1.2  t<40mm 169 0.988 0.988 1.034 1.029 0.995 1.009 1.036

3355 h/b>1.2t1(40;100)mm 169 0.940 0.940 0.962 0.962 0.962 0.965 0.982

h/b>12 t>100mm 104 0.961 0.961 0.981 0.961 0.966 0.968 0.966

h/b<1.2 t<100mm 169 1.011 1.011 1.070 1.043 0.980 0.985 1.009

h/b>1.2  t<40mm 169 1.147 1.049 1.270 1.223 1.041 1.084 1.120

460 h/b>1.2tq(40;100)mm 169 1.064 0.987 1.155 1.115 1.006 1.017 1.048

h/b>1.2  t>100mm 104 1.006 1.006 1.064 1.006 1.013 1.027 1.013

h/b<1.2 t<100mm 169 1.146 1.052 1.332 1.213 1.032 1.074 1.090

0<tr<16 91 1.032 1.032 1.032 1.032 0.996 0.996 0.996

16 <tr<40 182 1.043 1.043 1.043 1.120 1.026 1.026 1.099

$235 40 <tr<63 91 1.004 1.004 1.004 1.004 0.965 0.965 0.965

63 <tr<80 117 1.042 1.042 1.042 1.042 0.977 0.977 0.977

80 <tr<100 26 1.061 1.061 1.061 1.061 0.982 0.982 0.982

tr> 100 104 0.990 0.990 0.990 0.990 0.961 0.961 0.961

0<tr<16 91 0.995 0.995 1.044 0.995 0.998 1.002 0.998

16 <tr<40 182 1.012 1.012 1.047 1.058 1.032 1.031 1.076

S355 40 <tr<63 91 0.955 0.955 1.000 0.955 0.964 0.972 0.964

63 <tr<80 117 0.977 0.977 1.034 1.020 0.971 0.985 1.012

80 <tr<100 26 0.993 0.993 1.051 0.993 0.972 0.986 0.972

tr> 100 104 0.961 0.961 0.981 0.961 0.966 0.968 0.966

0<tr<16 91 1.137 1.060 1.305 1.137 1.041 1.071 1.041

16 <tr<40 182 1.152 1.066 1.287 1.243 1.067 1.091 1.148

S460 40 <tr<63 91 1.077 1.000 1.202 1.077 1.009 1.035 1.009

63 <tr<80 117 1.105 1.000 1.250 1.197 1.016 1.053 1.095

80 <tr< 100 26 1.121 1.035 1.278 1.121 1.021 1.063 1.021

tr> 100 104 1.006 1.006 1.064 1.006 1.013 1.027 1.013
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e EN 10025 — minimum yield stress according to EN 10025

e EN 10025 (S460) - minimum yield stress according to EN 10025 and new bucking curves for

S460;

e EN 10025 f; —yield stress proportional to fy;

e EC3 - minimum yield stress according to EN 10025;

Table B2 All Results for Minor and Major Axis of Hot-rolled Sections, normalized ym1 with the

Average Value for S235/S355 t=<40mm, h/b>1.2 and Major Axis of Flexural Buckling
(the Values in Green in Table B1)

Sub-set Minor axis Major axis
n EN10025  EN10025f; | EN10025  EN10025 fyi
Low 52 0.971 1.001 0.981 0.992
h/b>12 t<40mm  Medium 65 0.950 1.007 0.949 0.974
High 52 0.960 0.970 0.980 0.984
Wbo1.2 Low 52 0.925 0.942 0.949 0.950
11(40:100)mm Medium 65 0.874 0.910 0.874 0.886
3355 High 52 0.917 0.922 0.942 0.946
Low 32 0.937 0.949 0.949 0.951
Wb>1.2 t>100mm Medium 40 0.881 0911 0.879 0.889
High 32 0.912 0.917 0.944 0.945
Low 52 0.975 1.011 0.958 0.964
hb<1.2 t<100mm  Medium 65 0.940 1.022 0.906 0.943
High 52 0.923 0.943 0.947 0.954
Low 52 1.123 1.204 1.054 1.080
hb>1.2  t<40mm  Medium 65 1.147 1.271 1.022 1.074
High 52 1.067 1.113 1.009 1.022
Low 52 1.061 1121 1.014 1.026
hb>1.2 .
11(40:100)mm Medium 65 1.058 1.150 0.953 0.978
$460 High 52 1.012 1.047 0.983 0.987
Low 32 1.000 1.035 1.019 1.031
hb>1.2 t>100mm Medium 40 0.945 1.018 0.962 0.989
High 32 0.954 0.965 0.983 0.986
Low 52 1.116 1.241 1.033 1.062
h/b<1.2 4+<100mm  Medium 65 1.126 1312 0.987 1.067
High 52 1.022 1118 0.988 1.002
Notations:
. EN 10025 — minimum yield stress according to EN 10025

EN 10025 f; — yield stress proportional to fy;
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Table B3. Normalized Partial Safety Factors, Minor and Major Axis Flexural Buckling,
according to Buckling Curves

Minor axis Major axis
Sub-set n Annex Annex D Annex D Annex D Annex AnIl)l ex Annex D
D (fy) (fy+CS) (fy+CS+Es%) | (fy+CS+Es%) | D (fy) (fy+CS) (fy+CS+E)
Total 1833 1.039 1.091 1.121 1.102 1.033 1.069 1.104
Low 564 1.003 1.036 1.042 1.038 0.998 1.024 1.029
Medium 705 1.022 1.074 1.104 1.085 1.017 1.052 1.089
High 564 0.997 1.071 1.126 1.092 1.026 1.076 1.143
S235 611 1.032 1.089 1.123 1.102 0.995 1.033 1.071
S355 611 0.988 1.041 1.072 1.053 0.993 1.028 1.062
S460 611 1.033 1.090 1.122 1.102 1.034 1.077 1.120
Low 188 0.983 1.017 1.025 1.020 0.951 0.976 0.983
S235 Medium 235 1.025 1.083 1.118 1.096 0.980 1.018 1.058
High 188 0.996 1.080 1.139 1.103 0.996 1.050 1.120
Low 188 0.960 0.995 1.002 0.997 0.966 0.992 0.998
S355 Medium 235 0.944 1.001 1.034 1.013 0.948 0.984 1.021
High 188 0.957 1.033 1.088 1.055 0.983 1.032 1.097
Low 188 1.019 1.054 1.059 1.055 1.030 1.058 1.062
S460 Medium 235 0.998 1.056 1.091 1.070 1.012 1.055 1.101
High 188 0.980 1.062 1.122 1.086 1.014 1.078 1.158
h/b>1.2  t<40mm 169 1.033 1.108 1.151 1.125 1.005 1.062 1.113
$235 h/b>1.2  t(40;100)mm 169 0.953 1.021 1.060 1.037 0.951 0.992 1.033
h/b>1.2  t>100mm 104 0.990 1.052 1.089 1.066 0.961 1.000 1.043
h/b<1.2 t+<100mm 169 1.074 1.143 1.181 1.157 0.985 1.035 1.080
h/b>1.2  t<40mm 169 0.988 1.061 1.101 1.077 0.995 1.047 1.094
$355 h/b>1.2  t(40;100)mm 169 0.940 0.997 1.032 1.011 0.962 0.997 1.032
h/b>1.2  t>100mm 104 0.961 1.017 1.049 1.029 0.966 0.999 1.036
h/b<1.2 +<100mm 169 1.011 1.073 1.107 1.086 0.980 1.023 1.061
h/b>1.2  t<40mm 169 1.049 1.117 1.156 1.132 1.041 1.104 1.156
S460 h/b>1.2  t(40;100)mm 169 0.987 1.047 1.083 1.061 1.006 1.052 1.096
h/b>1.2  t>100mm 104 1.006 1.069 1.106 1.084 1.013 1.055 1.101
h/b<1.2 tt+<100mm 169 1.052 1.114 1.147 1.126 1.032 1.084 1.130
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Table B4. Normalized Partial Safety Factors, Minor Axis Flexural Buckling,
according to Buckling Curves and Slenderness
Minor axis Major axis
Sub-set Annex Annex D
AnnexD  Annex D Annex D Annex D Annex D (fy+CS+E
n (fy) (fy+CS)  (fy+CS+Es%) | (fy+CS+E3%) | D (fy)  (fy+CS) )
W12 Low 52 0.990 1.029 1.037 1.032 0.972 1.001 1.007
X Medium 65 1.023 1.106 1.154 1.125 0.988 1.053 1.111
tr<40mm
High 52 0.991 1.118 1.191 1.147 0.993 1.087 1.175
W12 Low 52 0.926 0.961 0.971 0.964 0.924 0.948 0.955
100 Medium 65 0.931 1.005 1.049 1.022 0.894 0.947 0.996
t(40;100)mm
235 High 52 0.936 1.043 1.108 1.069 0.949 1.017 1.092
W12 Low 32 0.944 0.982 0.992 0.986 0.933 0.957 0.965
: Medium 40 0.950 1.022 1.063 1.038 0.909 0.958 1.010
te>100mm
High 32 0.940 1.041 1.105 1.067 0.952 1.014 1.093
bb<1.2 Low 52 1.011 1.058 1.068 1.061 0.949 0.982 0.990
e Medium 65 1.049 1.126 1.170 1.143 0.964 1.019 1.070
tr<100mm
High 52 0.985 1.101 1.169 1.128 0.970 1.046 1.125
W12 Low 52 0.971 1.010 1.018 1.013 0.981 1.012 1.017
t<40mm Medium 65 0.950 1.034 1.079 1.052 0.949 1.015 1.070
High 52 0.960 1.074 1.144 1.102 0.980 1.064 1.149
Wb>12 Low 52 0.925 0.959 0.967 0.962 0.949 0.972 0.978
P Medium 65 0.874 0.946 0.987 0.962 0.874 0.922 0.967
t(40;100)mm )
3355 High 52 0917 1.007 1.067 1.031 0.942 1.001 1.072
W12 Low 32 0.937 0.973 0.982 0.976 0.949 0.974 0.980
: Medium 40 0.881 0.952 0.991 0.967 0.879 0.925 0.972
t>100mm
High 32 0.912 1.001 1.060 1.024 0.944 0.997 1.070
Wb<l.2 Low 52 0.975 1.020 1.029 1.023 0.958 0.991 0.998
e Medium 65 0.940 1.014 1.053 1.029 0.906 0.961 1.009
t<100mm
High 52 0.923 1.023 1.085 1.048 0.947 1.012 1.085
W12 Low 52 1.041 1.079 1.083 1.080 1.054 1.084 1.087
X Medium 65 1.017 1.092 1.136 1.109 1.022 1.092 1.152
tr<40mm
High 52 0.982 1.080 1.149 1.107 1.009 1.109 1.202
W12 Low 52 0.984 1.017 1.024 1.020 1.014 1.040 1.044
10 Medium 65 0.934 1.004 1.045 1.020 0.953 1.011 1.063
ti(40;100)mm )
460 High 52 0.952 1.039 1.101 1.064 0.983 1.060 1.144
W12 Low 32 1.000 1.037 1.043 1.039 1.019 1.045 1.050
: Medium 40 0.945 1.021 1.063 1.037 0.962 1.013 1.067
te>100mm
High 32 0.954 1.057 1.124 1.084 0.983 1.054 1.140
bb<1.2 Low 52 1.028 1.072 1.079 1.075 1.033 1.068 1.073
. Medium 65 0.979 1.050 1.090 1.065 0.987 1.048 1.102
tr<100mm
High 52 0.944 1.037 1.099 1.062 0.988 1.070 1.155
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Table BS. Partial Safety Factors, Minor Axis Flexural Buckling, according to Buckling Curves

Minor axis Major axis
Sub-set n Annex Anl;l ex Annex D Annex An];1 ex Annex D
D (fy) (fy+CS) (fy+CS+E) D (fy) (fy+CS) (fy+CS+E)
h/b>1.2 t<40mm 169 1.012 1.085 1.127 0.984 1.040 1.090
h/b>1.2
S235 t(40;100)mm 169 0.934 1.000 1.039 0.932 0.972 1.012
h/b>1.2  t>100mm 104 0.969 1.031 1.067 0.942 0.979 1.022
h/b<1.2 tt<100mm 169 1.052 1.119 1.157 0.965 1.014 1.058
h/b>1.2 t<40mm 169 0.968 1.039 1.079 0.975 1.026 1.072
h/b>1.2
S355 t1(40;100)mm 169 0.920 0.977 1.011 0.942 0.976 1.011
h/b>1.2  t>100mm 104 0.941 0.996 1.028 0.946 0.978 1.015
h/b<1.2 tt+<100mm 169 0.990 1.051 1.084 0.960 1.002 1.040
h/b>1.2 t<40mm 169 1.028 1.094 1.133 1.020 1.081 1.132
h/b>1.2
S460 t1(40;100)mm 169 0.967 1.025 1.060 0.985 1.030 1.074
h/b>1.2  t>100mm 104 0.985 1.047 1.084 0.992 1.034 1.078
h/b<1.2 t+<100mm 169 1.030 1.091 1.124 1.011 1.062 1.107

Table B6. Partial Safety Factors, Minor Axis Flexural Buckling, according to Buckling Curves
and Slenderness, c.0.v. of Modulus of Elasticity 5%

Minor axis Major axis
Sub-set Annex
Annex D Annex D Annex D Annex D Annex D
n D (fy) (fy+CS) (fy+CS+E) (fy) (fy+CS) (fy+CS+E)
Wb>12 qu 52 0.970 1.008 1.015 0.952 0.981 0.987
t<40mm Me(.hum 65 1.002 1.083 1.131 0.967 1.031 1.088
High 52 0.970 1.095 1.167 0.972 1.064 1.151
Wb>1.2 Loyv 52 0.907 0.941 0.951 0.905 0.929 0.936
1(40:100)mm Mteum 65 0.912 0.985 1.027 0.875 0.927 0.976
9235 High 52 0917 1.021 1.086 0.930 0.996 1.070
Wb>12 Loyv 32 0.925 0.962 0.972 0.913 0.938 0.945
t>100mm Medlum 40 0.931 1.001 1.041 0.890 0.938 0.989
High 32 0.921 1.020 1.083 0.932 0.993 1.070
Wb<1 2 qu 52 0.990 1.036 1.046 0.929 0.962 0.969
tKl(i)ﬁlm Medium 65 1.027 1.103 1.146 0.944 0.998 1.048
High 52 0.965 1.078 1.145 0.950 1.024 1.102
Wb>1.2 qu 52 0.951 0.990 0.997 0.961 0.991 0.996
{<40mm Medium 65 0.930 1.013 1.057 0.930 0.994 1.048
High 52 0.940 1.052 1.120 0.960 1.042 1.125
Wb>12 qu 52 0.906 0.939 0.947 0.929 0.952 0.958
(40:100)ymm Me(.hum 65 0.856 0.927 0.966 0.856 0.903 0.947
3355 High 52 0.898 0.987 1.045 0.923 0.981 1.050
Wb>1.2 qu 32 0.917 0.953 0.962 0.930 0.954 0.960
t>100mm Medium 40 0.863 0.932 0.970 0.860 0.906 0.952
High 32 0.894 0.980 1.038 0.924 0.977 1.048
Wb<1 2 Loyv 52 0.955 0.999 1.008 0.939 0.971 0.978
tKl(i)mm Medlum 65 0.921 0.993 1.032 0.888 0.942 0.988
High 52 0.904 1.002 1.063 0.927 0.991 1.063
Wb>12 Loyv 52 1.020 1.056 1.061 1.032 1.062 1.065
tr<40mm Medium 65 0.996 1.069 1.113 1.001 1.069 1.128
High 52 0.962 1.058 1.125 0.988 1.087 1.177
Wb>12 Loyv 52 0.964 0.996 1.003 0.993 1.018 1.022
1(40:100)mm Medlum 65 0.915 0.983 1.023 0.933 0.990 1.041
460 High 52 0.933 1.018 1.079 0.962 1.038 1.120
Wb>12 qu 32 0.980 1.016 1.022 0.998 1.024 1.028
t>100mm Me(.hum 40 0.926 1.000 1.041 0.942 0.992 1.045
High 32 0.934 1.035 1.101 0.962 1.032 1.116
Wb<12 qu 52 1.007 1.050 1.057 1.012 1.046 1.051
tf<10_0mm Medium 65 0.959 1.029 1.067 0.967 1.027 1.079
High 52 0.924 1.016 1.077 0.967 1.048 1.131
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before November 30, 2015, on the topics as
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Lisbon is a city with intense light and a deep blue sky. The almost
constant presence of sunshine and the River Tagus transform the
Portuguese capital into a mirror of a thousand colours that highlight
the city’s distinctive architecture and beauty.

Lisbon offers a wide array of different experiences: walks through
ancient neighbourhoods, heritage monuments and riverfront leisure,
pleasant strolls and stays in gardens, belvederes and esplanades,
exciting nightlife, and unique gastronomy.

Key Dates

Abstract submission: 30 September 2017
Abstract acceptance: 15 November 2017
Full paper submission: 1 February 2018
Full paper acceptance: 31 March 2018

For further information
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Prof. Nuno Silvestre: nsilvestre@ist.utl.pt
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