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ABSTRACT: Steel bridges corrode due to environmental exposure. The consequence is a reduction in both the
load-carrying capacity and safety of a bridge. Therefore, it is needed to evaluate procedures for an exact prediction of
the load-carrying capacity and reliability of bridges, in order to make reasonable decisions about repair, rehabilitation
and renewal. The aim of this study is to develop and demonstrate a procedure for the assessment of steel box girder
bridge ultimate strength reliability that takes the degradation of plate members due to pit corrosion into account. The
present paper treats the effect of pitting corrosion on the load-carrying capacity and reliability of steel box girder
bridges and the results are compared with the uniform corrosion effect. The procedure and results of this study can be
used for the better prediction of the service life of deteriorating steel box girder bridges and the development of
optimal reliability-based maintenance strategies.
Keywords: Bridges, pitting corrosion, reliability analysis, probabilistic model, steel box girders
DOI:10.18057/IJASC.2016.12.4.1

1.

INTRODUCTION

Bridges are important to everyone. The majority of steel bridges in the United States were
constructed after World War ΙΙ from 1950 to 1980. Therefore, bridges are aging and their
probabilities of failure are increasing. Bridge elements deteriorate with time due to corrosion, wear,
fatigue and other forms of material degradation. Moreover, lately, the legal load on bridges has
increased and the problem is that the majority of the old bridges fail to satisfy this requirement. In
addition, the maintenances cost of a bridge is of great importance. Deficient bridges are either
repaired, or replaced. The efficient maintenance, repair and rehabilitation of existing bridges
require the development of a methodology that allows for the accurate evaluation of load-carrying
capacity and the prediction of remaining life. Corrosion is one of the most important causes of
deterioration in steel bridges (Cheung and Li [1]; Czarnecki and Nowak [2]; Melchers [3];
Melchers and Jeffrey [4]; Sharifi [5]; Sharifi and Paik [6-8]; Sharifi and Tohidi [9,10]; Tohidi and
Sharifi [11-14]).
Many of the factors that determine the performance of deteriorating structures are characterized by
a high degree of uncertainty. Probability and statistics provide a framework for dealing with such
uncertainty. As the methods and concepts of structural reliability developed over the last few
decades, they have become increasingly better understood and approved by engineers. At present,
reliability can be considered as a rational evaluation criterion for bridge performance. The
reliability methods allow for consideration of uncertainties associated with material properties,
geometry and dimensions, loads, and environmental conditions, and they can be used for a better
estimation of the failure probability (Melchers [3]; Melchers and Jeffrey [4]; Sarveswaran and
Roberts [15]; Sommer et al. [16]).
Probabilistic models make it possible to establish a reliability time profile for a bridge. The
engineer then has to decide the point at which the structure becomes unsafe. To do so, he or she
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must first establish a reliability index that can be used as the acceptable level below which the
structure is considered to be unsafe. Maybe system models are accurate for reliability analysis of
the strength failure of bridges (Sarveswaran and Roberts [15]). However, because the rehabilitation
and repair of the bending or shear failure of a steel bridge are not usually required because of
structure collapse, but rather because of local limit state failure, element-level reliability analysis
may be more suitable than system-level reliability analysis in cases of the ultimate strength of steel
or concrete bridges. Since the flexural failure is one of the most important of failure mode for steel
girder bridges, the ultimate moment resistance has been considered in this paper. Time-dependent
reliability analyses such as those by Mori and Ellingwood [17], Thoft-Christensen [18], Enright and
Frangopol [19] and others can be used as decision-making tools, or provide additional information
on which to base inspection, maintenance and repair strategies.
The results of this study will be useful for practicing engineers who need to employ reliability
analysis in practical applications. The example presented herein demonstrates the procedures that
are required to calculate the latest time to repair intervention for a number of deteriorating steel box
beams that support a bridge. The viewpoint adopted is that of the practicing engineer. Employing a
bridge-specific deterioration model, this study highlights the problems associated with determining
the latest such intervention for a sample bridge substructure. The experience gained and the
difficulties faced by practicing engineers when using this method of analysis are also discussed.

2.

CORROSION MECHANICS

Deterioration due to corrosion is considered in this study. To predict likely corrosion damage
tolerance a priori, it is necessary to estimate the corrosion rate for each type of structural member.
Theoretical predictions of these corrosion rates have been attempted, but they represent a difficult
task. An easier alternative is to base the rate prediction on the statistical analysis of past data for
comparable situations. There are four corrosion-related questions that ideally need to be answered
for the structural components in a space:
1. Where is corrosion likely to occur?
2. When will it start?
3. What is its likely extent?
4. What are the likely corrosion rates?
The first question can usually be answered through some form of historical data, e.g., the results of
previous surveys. Similarly, the information required to answer the second question can be gleaned
from prior surveys of the given structure. Assumptions as to the start of the corrosion can of course
be made, depending on the use of a protection system, the characteristics of the coating and the
anode residence time. The extent of the corrosion will presumably increase with time, although our
ability to predict corrosion progress remains very limited. Thus, the only real alternative for
answering the third question is to pessimistically assumes a greater corrosion extent than is really
likely, which is how nominal design corrosion values are usually arrived at (Paik et al. [20]). A
potential damage due to corrosion is an important consideration in the design of steel bridges. The
corrosion effects can vary from nonstructural maintenance problems to a local failure or an overall
collapse. Four major categories of corrosion effects are identified: loss of section, creation of stress
concentration, introduction of unintended fixity and introduction of unintended movement
(Czarnecki and Nowak [2]). The most common is loss of material. The loss of material can be
either uniform, when corrosion affects large areas of a bridge component, or localized in a form of
pits. Likewise, the loss of section of some components may have little or even no effect on the
overall capacity of a bridge, whereas deterioration of other members can have a significant effect.
Therefore, it is very important to make a distinction between a localized corrosion, related to the
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behavior of a member and deterioration of a component that affects the structural performance of
the whole bridge. The loss of material can result in a smaller net cross-section and it may lead to a
reduction of fracture and buckling resistances of a member (Kayser [21]). This study addresses the
most common types of corrosion that cause a reduction in strength, and develops a probabilistic
rate model.
2.1

Corrosion Damage Idealization

Figure. 1. Typical Modes of Corrosion Damage: (A) General (Uniform) Corrosion;
(B) Localized Corrosion; (C) Fatigue Cracks Arising from Localized Corrosion
Figure 1 shows some of the more common types of corrosion-related damage that affect the
strength of steel structures to a greater extent than other types. General corrosion (also called
uniform corrosion) uniformly reduces the thickness of structural members, as shown in Figure 1(a),
whereas localized corrosion (e.g., pitting or grooving) causes degradation in local regions, as
shown in Figure 1(b). Fatigue cracks may sometimes arise from localized corrosion, as shown in
Figure 1(c). In the present study, two types of corrosion damage idealization are considered,
namely, general and pit corrosion. For the former, it is assumed that the thickness of the entire plate
is uniformly reduced by the corrosion. The latter, in contrast, is assumed to reduce the plate
thickness in localized regions. To assess the scale of breakdown due to pit corrosion, a parameter
denoted DOP (degree of pit corrosion intensity) is often used, where DOP is defined as the ratio
percentage of the corroded surface area to the original plate surface area, namely (Paik et al. [22,
23]),
DOP 

1 n
 Api  100  %  ,
ab i 1

(1)

where n is the number of pits, Api is the surface area of the ith pit, a is the plate length, and b is the
plate breadth.

Figure. 2. Pitting Intensity Diagrams (Paik et al. [22, 23]) (DOP = Degree of Pit Corrosion Intensity
as a Ratio of the Pitted Surface Area to the Original Plate Surface Area):
(A) 10% DOP; (B) 20% DOP; (C) 30% DOP; (D) 50% DOP
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Surface
Loss

Figure 3. Model of Corroded Non-Composite Steel Box Girder Cross-Section
Figure 2 shows samples of pit corrosion damage distribution in plates (Paik et al. [22, 23]).
Although the distribution of the pit corrosion on the plates is scattered, it can be seen that the shape
of the corrosion is typically circular (Paik et al. [22, 23]; Nakai [24]). The maximum diameter of
localized corrosion may be in the range of 25-80 mm for the marine immersion corrosion of steel
(Daidola et al. [25]), with the lower values more likely.
Our investigation of the box girder section assumes that all sides of the girder will corrode
uniformly and in a localized manner, except for the upper plate, which is protected from corrosion
attack by the concrete deck. It is also assumed that the interior of the box girder is protected from
environmental exposure and corrosion attack, as can be seen from Figure 3. Figure 3 shows that
general corrosion uniformly decreases the plate thickness of both sides and the bottom flange of the
box girder section. In the same way, it is also assumed that pitting corrosion, which is uniformly
distributed, affects the strength of the following plates by the different degrees of intensity shown
in Figure 4. Finally, it is assumed that the pit diameter varies from 10 to 80 mm, and the distance
between the adjacent pits centers is constant. The depth of pit corrosion will of course vary by time.
2.2

Probabilistic Corrosion Rate Modeling

In reliability analysis based on the ultimate steel box girder strength of corroded bridges, a
probabilistic corrosion rate estimation model needs to be established in advance. Kayser and
Nowak [26] collected data on corrosion performance of actual steel bridges.
There is considerable variability in corrosion losses, it is therefore appropriate to consider these
quantities as random variables with parameters that change with time. A distinguishing feature of
the models developed recently for general corrosion loss and for maximum pit depth under marine
immersion conditions is that they are based on fundamental concepts, both in corrosion science and
in marine bacteriology. Both these fields are important because it has been recognized that the
corrosion process changes from being controlled by the rate of metal oxidation by oxygen in the
early period of exposure to being controlled by the rate of metabolism of anaerobic bacteria under
longer-term exposures. The models have been calibrated in terms of their parameters using data
available in the literature. The models, both for corrosion loss and pit depth, are shown in Figure 5
together with the parameters used to describe them. These parameters are summarized in Table 1.
Note that the initial corrosion rate parameter r0 does not appear for pitting since pitting of
considerable depth (around 100 mm) occurs usually within days of exposure (Melchers [3];
Melchers and Jeffrey [4]) (for further information, refer to (Melchers and Jeffrey [4])).
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60 mm

80 mm

a) DOP = 75.40%
60 mm

50 mm

d) DOP = 29.45%
60 mm

g) DOP = 4.71%

20 mm

60 mm

70 mm

b) DOP = 57.73%
60 mm

40 mm

e) DOP = 18.85%
60 mm
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60 mm

60 mm

c) DOP = 42.41%
60 mm

30 mm

f) DOP = 10.60%

10 mm

h) DOP = 1.18%

Figure 4. Typical Models of Pit Distribution
2.3

Probabilistic Corrosion Rate Modeling

In reliability analysis based on the ultimate steel box girder strength of corroded bridges, a
probabilistic corrosion rate estimation model needs to be established in advance. Kayser and
Nowak [26] collected data on corrosion performance of actual steel bridges.
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There is considerable variability in corrosion losses, it is therefore appropriate to consider these
quantities as random variables with parameters that change with time. A distinguishing feature of
the models developed recently for general corrosion loss and for maximum pit depth under marine
immersion conditions is that they are based on fundamental concepts, both in corrosion science and
in marine bacteriology. Both these fields are important because it has been recognized that the
corrosion process changes from being controlled by the rate of metal oxidation by oxygen in the
early period of exposure to being controlled by the rate of metabolism of anaerobic bacteria under
longer-term exposures. The models have been calibrated in terms of their parameters using data
available in the literature. The models, both for corrosion loss and pit depth, are shown in Figure 5
together with the parameters used to describe them. These parameters are summarized in Table 1.
Note that the initial corrosion rate parameter r0 does not appear for pitting since pitting of
considerable depth (around 100 mm) occurs usually within days of exposure (Melchers [3];
Melchers and Jeffrey [4]) (for further information, refer to (Melchers and Jeffrey [4])).

Figure 5. Model for the Mean Value Function for (A) General Corrosion Loss (in mm) and (B) Pit
Depth (in mm) Versus Exposure Time (in year) (Melchers [3]; Melchers and Jeffrey [4])
Table 1. Calibration of Model Parameters for General and For Pitting Corrosion under Immersion
Conditions In Unpolluted Low Velocity Shallow Waters As a Function of Annual Average
Seawater Temperature T (Melchers and Jeffrey [4])

3.

BOX GIRDER ULTIMATE STRENGTH MODELING

To identify a performance function it is needed to estimate an appropriate resistance formula. This
study employed the analytical approach suggested by Paik and Mansour [27] to calculate the
ultimate strength of a box under bending conditions. It is often observed in nonlinear finite element
calculations that a box will reach its ultimate limit if both the collapse of the compression flange
and the yielding of the tension flange occur. The side shell in the vicinity of the compression and
tension flanges will also often fail, although the material around the final neutral axis will remain
essentially in an elastic state.
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Figure 6. Longitudinal Stress Distribution over the Box Cross-section at the Overall Collapse State
suggested by Paik and Mansour [27]
Based on these observations, Paik and Mansour [28] assumed a credible distribution of the
longitudinal stresses in the box section at the overall collapse state shown in Figure 6. On the basis
of this distribution, they then derived an explicit analytical formula for the corresponding resistive
moment. The accuracy of the formula was then verified by comparison with both experimental and
numerical results. The resulting expressions for the ultimate bending strength of a double-bottomed
box are given by the following Paik and Mansour [28].
M u   AD uD  D  g  
 AB g yB 


AS
 D  H  D  H  2 g   uS
D

AB
 g  DB   DB uS   H  DB   yS  ,
H

(2)

AS H
 2 H  3g   uS   H  3g   yS 
3D 

where
1  AD uD  2 AS  uS  AB yB  AB  ys
H  
2 
AS  uS   ys 

 A   2 A   A   A 
D uD
S uS
B yB
B ys
 


A




S
uS
ys

g 

 ys
H
 us   ys


D


1/ 2
2
 


4
A
D

 D2  B B D   ,
 

AS

 

.

For a single box girder, the formula can be simplified to
M u   AD uD  D  g  
 AB g yB 

AS
 D  H  D  H  2 g   uS
D

AS H
 2 H  3g   uS   H  3g   yS  ,
3D 

(3)
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where
 A D  uD  2AS  uS  A B  yB
H 

AS  uS   ys 

 ys
g 
H .
 us   ys


D



To calculate the ultimate moment capacity of the box using equation 2 or 3, the ultimate strength of
the compression flange and the side structure in the vicinity of the compression flange, both of
which are either stiffened panels or lacking in stiffeners, must be known. Theoretically, the
idealized failure modes of a stiffened panel under compressive loads can be categorized into six
classes (Paik and Thayamballi [29]):
- Mode I: Overall collapse of plating and stiffeners as a unit
- Mode II: Biaxial compressive collapse without failure of support members
- Mode III: Beam – column type collapse
- Mode IV: Local buckling of the stiffener web (after failure of the plating between the stiffeners)
- Mode V: Tripping of the stiffener
- Mode VI: Gross yielding
The collapse of a stiffened panel may be said to occur at the lowest value of the ultimate load
calculated from one of these six collapse patterns. As an alternative, a number of simplified
formulas for predicting the ultimate compressive strength of stiffened panels are available in the
literature (Paik and Thayamballi [28]), but the realistic calculation of ultimate strength considering
all possible modes and their interactions remains a relatively complicated task. In this regard, Paik
and Thayamballi [29] derived an empirical formula to predict the ultimate compressive strength of
stiffened panels on the basis of data from a total of 130 collapse tests on stiffened plates with usual
levels of initial imperfection. The formula is expressed as a function of plate slenderness ratio  
and column (stiffener) slenderness ratio   (for further information, refer to Paik and Thayamballi
[29]):
 u /  y  0.995  0.936 2  0.17  2  0.188 2  2  0.067 4 

0.5

.

(4)

It should be noted that the foregoing formula implicitly includes the effects of initial imperfections
at a moderately large level. In addition, the ultimate strength of an imperfect unstiffened plate
under compression stress may be predicted as a function of the plate slenderness ratio, as follows
(Paik et al. [30]).
0.032  4  0.002 2  1.0

 u /  y  1.274 /  

2
1.248 /    0.283

for

   1.5
1.5     3.0 .

for

   3.0

for

(5)

For convenience, the illustrative calculations presented in this study employ equation 5 to predict
the ultimate compressive strength of the representative unstiffened plate at the compressive flange
or side structure of the box.
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EFFECTS OF PIT CORROSION ON PLATE ULTIMATE STRENGTH

Corrosion wastage can reduce the ultimate strength of bridge plates. As previously mentioned, two
types of corrosion damage are usually considered, namely, general (or uniform) and localized
corrosion. The former reduces plate thickness uniformly, whereas the latter, such as pitting, appears
non-uniformly in select regions, such as the side plates in box girder bridges. The ultimate strength
of a steel member with general corrosion can be easily predicted, i.e., by excluding the plate
thickness loss that results from corrosion. It is proposed here, in contrast, that the ultimate strength
prediction of a structural member with pit corrosion be made using a strength knock-down factor
approach. A series of experimental and numerical studies on steel-plated structures (Paik and
Thayamballi [29]), however, led to the realization that the plate ultimate strength reduction
characteristics that are due to general corrosion are quite different from those that are due to pit
corrosion. So-called equivalent plate thickness reduction approaches, which represent a pitted plate
with an equivalent plate, are sufficient for the accurate prediction of the plate’s strength.

σx

σx

b

Ao-Ar

a

Smallest Cross-section

Figure 7. Schematic of Localized Pit Corrosion and Definition of the Smallest Cross-sectional Area
(A0 = cross-sectional area of the intact plate)
Experimental and numerical studies (Paik and Thayamballi [29]) demonstrate that the ultimate
strength of a plate with pit corrosion can be estimated with a strength knock-down factor that can
be calculated using the following formulation for axial compressive loading.
R xr

5.

 A  Ar 

 xu   0

 xuo  A 0 

0.73

,

(6)

LOAD MODELING

Two load components are considered: dead load and live load (truck traffic).
5.1

Dead Load Model

Dead load is treated as the normal random variable. The basic statistical parameters are a bias
factor, λ, which is the ratio of the mean to nominal value, and coefficient of variation V. Dead load
includes the weight of the girders, deck slab, wearing surface, barriers, diaphragms and sidewalk,
where applicable. Bias factor λ = 1.03 and V = 0.08 for factory-made components (girders,
diaphragms), λ = 1.05 and V = 0.10 for cast-in-place components (deck, barriers, sidewalk), and the
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asphalt wearing surface is taken to have a mean value of 75 mm, with V = 0.25 (Nowak and Collins
[31]; Nowak [32]; Nowak [33]; Nowak and Szerszen [34]; Nowak and Szerszen [35]).
5.2.

Live Load Model

The live load on a bridge is the result of vehicular traffic. It can be considered as the sum of the
static and dynamic components. The latter can be represented by an equivalent static load that is
defined as the dynamic load factor. The live load effects depend on a number of parameters,
including the span length, axle load, axle configuration, gross vehicle weight, position of the
vehicle on the bridge (transversely and longitudinally), traffic volume, number of vehicles on the
bridge (multiple presence), girder spacing and mechanical properties of the structural members
(Nowak and Collins [31]; Nowak [32]; Nowak [33]; Nowak and Szerszen [34]; Nowak and
Szerszen [35]). This study employed the load model developed by AASHTO (AASHTO LRFD
[36]) (Figure 8).

Figure 8. Proposed Nominal Live Loading (AASHTO LRFD [36])
It is assumed that the bias factor, λ, for the live load distribution factors specified in the design code
is between 1.10 and 1.20, and that the coefficient of variation, V, is 0.18 (Barker and Puckett [37]).
This study adopted a bias factor of 1.15 and a coefficient of variation of 0.18. The dynamic load
factor is defined as the ratio of the dynamic load to the static live load. Field measurements show
that the dynamic load factor decreases for heavier. Here, the dynamic load factor (IM) is selected
on the basis of the AASHTO specifications. The design live load in AASHTO (AASHTO LRFD
[33]) is specified as the effect of the design truck shown in Figure 8 superimposed with a uniformly
distributed load of 9.3 kN/m. The live load distribution for interior and exterior girders can be
estimated using the AASHTO specifications (for further information, see (Barker and Puckett
[37])).

6.

UNCERTAINTY ASSESSMENT AND RELIABILITY CALCULATION
u2

g 0

g 0
g 0

β
u1
First-order
approximation

Second-order approximation

Figure 9. First- and Second-order Reliability Methods
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The aim here is to calculate the probability of failure, and hence its complement, reliability, that is
related to the ultimate strength of a box girder bridge acted upon by an extreme total bending
moment during its lifetime. Box girder strength declines over time because of corrosion. Thus, the
reliability measure also reduces with time. As the theory of reliability analysis is discussed in many
studies [e.g., (Nowak and Collins [31]; Mansour [38]; Achintya and Mahadevan [39]; Lemarie
[40])], only a very brief description is given here. The probability of failure can generally be
calculated as follows.
PF  

f  X 0

p x  X  dx ,

(7)

where p(X) is the joint probability density function of the random variables, X = (x1, x2, …., xn),
which are associated with loading, material properties, geometrical characteristics, etc., and f(X) is
the limit state function, defined such that negative values imply failure. Reliability analysis can be
performed through numerical integration, the simulation technique or approximate methods.
Because f(X) is usually a complicated nonlinear function, it is not easy to perform the integration of
equation (7) directly. Although the simulation technique may be time-consuming because of the
small probabilities involved in the analysis, it has become popular in recent years due to the
development of such variance reduction techniques as importance sampling (Sarveswaran and
Roberts [15]). Therefore, the equation is normally solved through simulation techniques or
approximate procedures Nowak and Collins [31]; Mansour [38]; Achintya and Mahadevan [39];
Lemarie [40]).
In the approximation methods (Figure 9), the limit state surface is usually approximated at the
design point by either a tangent hyper plane or hyper parabola, which simplifies the mathematics
related to the calculation of failure probability. The first type of approximation results in the use of
a so called first-order reliability method (FORM), and the second type is central to the so called
second-order reliability method (SORM). Such methods facilitate the rapid calculation of the
probability of failure by widely available standard software packages. The reliability analysis in
this study was performed using FORM analysis.
The result of such a standard reliability calculation is a reliability index,
probability of failure by

β

PF   -   ,

, which is related to the
(8)

where  is the standard normal distribution function.
In our case, the failure condition associated with box-girder collapse can be written as (limit state
function):
f  x   Z 1M u  M D  M L  0 ,

(9)

where
Mu = the random variable representing ultimate strength,
MD = the random variable representing the dead load and
ML = the random variable representing the live load
Z1 = a variable modeling the uncertainty in estimating the moment capacity.
The aforementioned failure condition uses the limit state function for box girder collapse as a
function of four variables. However, recall that variable Mu is actually estimated by an analytical
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procedure that involves the individual thicknesses, yield strength and moduli of elasticity, namely, t,
σy and E, such that
M u  M u t ,  y , E  .

(10)

It seems that there are six types of random variables to be characterized.

7.

APPLICATION EXAMPLE

To demonstrate the application of the proposed procedure, a hypothetical steel box girder bridge is
selected from an extensive parametric study aimed at the design of box girder bridge components.
C.L
8400

tf
1100

D

2000

tw
B

Figure 10. Typical Cross-Section of Box Girder Bridge (dimensions in mm)
25
20
1000

1000

Figure 11. Dimensions (in mm) of Cross-Section of Box Girder
Table 2. Values Used in Calculations (lognormal distributions)
Standard
Mean
deviation
Parameters
µ
σ
5
2
4
Modulus of elasticity for steel, E
2.1  10 N/mm 2.1  10 N/mm2
Yield stress in steel, σy
350 N/mm2
35 N/mm2
Model uncertainty variable, Z1
1.0
0.1
It is assumed that the bridge is not protected against corrosion. It has a simple span of 20 m and two
lanes with traffic flowing in the same direction. The cross-section is shown in Figs. 10 and 11. The
material parameters are assumed to be log-normally distributed, and the mean values and standard
deviations are shown in Table 2. The thicknesses of the deck and asphalt are 250 mm and 75 mm,
respectively. The lifetime, T, chosen is 75 years. Deterministic analysis showed that, for each girder,
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prior to any corrosion, the nominal moment capacity is Mn = 9725 kN-m. In the probabilistic
analysis, Mn is calculated using the statistical parameters shown in Table 2.

7.1

Dead Load

The mean value of the design dead load bending moment of the steel box girder is calculated, with
the results shown in Table 3 for interior and exterior girders. To calculate the dead load for each
girder, the dead load components for asphalt and the other components are first calculated
separately, after which the equivalent dead load for each girder is calculated by estimating the mean
and standard deviation of the components, as shown in Table 3.
Table 3. Dead Load for Girders (normal distributions)
Standard
Mean
Parameters
deviation
µ
σ
Midspan dead load moment for interior
15.50  108 N-mm 1.44  108 N-mm
girder, MDI
Midspan dead load moment for exterior
19.46  108 N-mm 1.81  108 N-mm
girder, MDE

7.2

Live Load

Based on the specifications provided in Section 5.2, the mean and standard deviation of the live
load for each girder are calculated and shown in Table 4.
Table 4. Live Load for Girders (lognormal distributions)
Standard
Mean
Parameters
deviation
µ
σ
Midspan live load moment for interior
18.58  108 N-mm 3.34  108 N-mm
girder, MLI
Midspan live load moment for exterior
22.92  108 N-mm 4.13  108 N-mm
girder, MLE

7.3

Results

Probabilistic analysis was carried out to calculate the ultimate strength, reliability and probability of
failure of the corroded box girders as the bridge ages. Figure 12 shows the trends of variation in the
ultimate moment strength versus time. It can be seen that the ultimate bending strength of the
corroded box girders is reduced with an increase in the age of the bridge. In addition, as expected,
the ultimate moment decreases with an increase in the DOP at the same time.
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Figure 12. Variation of Box Ultimate Strength Mean Values with Age
Reliability analysis is performed based on FORM analysis. The reliability indices for two girders
(interior and exterior) of a highway bridge that is assumed to be uniformly corroded and localized
with different DOP are demonstrated using reliability software, with the results shown in Figs. 13
and 14.

Figure 13. Variation in Reliability Index with Age for Interior Girder
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Figure 14. Variation in Reliability Index with Age for Exterior Girder
The corresponding probabilities of failure for the two girders (interior and exterior) for different
pitting corrosion intensities (DOP) and uniform corrosion are also presented in Figs. 15 and 16.

Figure 15. Variation in Probability of Failure with Age for Interior Girder
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Figure 16. Variation in Probability of Failure with Age for Exterior Girder
This study considers the effects of pitting and uniform corrosion on the load-carrying capacity and
reliability of a corroded steel box girder. The results of the FORM analysis method plotted in Figs.
13-16. These figures also give the minimum reliability index or maximum probability of failure for
assessment of the ultimate strength reliability of corroded steel box girder bridges.

8.

ACCEPTANCE LEVEL OF RELIABILITY

8.1

Approaches to Establishing Acceptance Level

To determine the latest time for the repair intervention of girders, it is first necessary to establish an
acceptance level of reliability below which they may be considered unsafe. Not only the accuracy
of resistance and load modeling has an influence on reliability but also there are several factors
which cannot be modeled in structural reliability analysis. Practicing engineers generally prefer to
quantify the reliability level that is implicit in current bridge codes and standards, which have a
proven safety record, using probabilistic analysis and then employ this level as the acceptance level
of reliability. This method is known as “calibration to existing codes and standards,” and is widely
used to establish target reliability levels for design situations. The calibration procedure is
discussed in many textbooks, e.g., Melchers [41]. It has also been applied to the quantification of
the reliability levels implicit in bridge design and assessment codes (Nowak and Lind [42]; Flint et
al. [43]; Chryssanthopoulos and Micic [44]). It is also recommended that acceptance levels be
based on the consequences of failure and the nature of the failure mode. Therefore, the allowable
reliabilities shown in Table 5, which are based on the type of failure has been used in this study.

Yasser Sharifi and Jeom Kee Paik

375

Table 5. Target (or acceptance) Reliability Levels (Chryssanthopoulos and Micic [44])
Ductile failure
Ductile failure
Brittle failure
Failure
with reserve
without reserve
consequences
strength
strength
-3
Not serious
3.09 (10 )
3.71 (10-4)
4.26 (10-5)
-4
-5
Serious
3.71 (10 )
4.26 (10 )
4.75 (10-6)
Very serious
4.26 (10-5)
4.75 (10-6)
5.20 (10-7)
Corresponding failure probabilities are given in parentheses

8.2

Determination of Latest Time to Intervention

The foregoing approaches were taken into account in selecting the time for repair intervention.
Applying the allowable reliability index, for example 5.2 (brittle failure and very serious) or
corresponding probability of failure 10-7, and employing reliability analysis results, the earliest time
for the repair of exterior girders in a marine environment is around 50 years in case of uniform
corrosion (see Figs. 14 and 16). By using the abovementioned procedure it can be found that there
is no failure for interior girders during their life time, 75 years, (see Figs. 13 and 15). In other
words, if such a bridge is constructed now (in 2010), then its exterior girders should be repaired in
fifty years’ time (in 2060). If it is already in existence and is older than fifty years, then it is unsafe
to use the assumptions and procedures reported here.

9.

CONCLUDING REMARKS

This study has developed a probability-based procedure for selection of the critical time at which
bridge girders should be repaired during their service life. Two types of corrosion are considered,
namely, uniform corrosion and pitting corrosion with different degrees of intensity. Reliability
indices are calculated using available load and resistance models. A probabilistic ultimate strength
model is developed by employing the simple analytical formulation derived by Paik and Mansour
[27]. Bridge girders are subject to a loss in capacity over time due to corrosion. The live load can
be distributed to girders using the guidance formula for the highway bridge design. Time-dependent
reliability indices can serve as the basis for selecting the latest time to repair or renew individual
girders, with the critical components identified as those associated with the lowest reliability
indices.
From the developments and illustrations presented herein, the following conclusions can be drawn.
1. The results show that by calculating the DOP of a corroded bridge girder, it can be estimated its
time-variant reliability profiles, and hence it can be predicted the repair or renewal time.
2. As expected, the ultimate strength of corroded box girders may decrease with time, and in a
certain time it will decrease with an increase in DOP.
3. The ultimate limit analytical formula (Paik and Mansour [27]) described in this study, and
applied to the prediction of the ultimate strength of box girders, is useful for evaluating the
time-variant steel box girder strength reliability of corroded bridges.
4. The procedures developed herein will be useful in assessing the ultimate strength reliability of
aging steel box girder bridges by taking into account the degradation of plate members due to
corrosion. This procedure is not only applicable to practicing engineers, but is also presented as a
scientific method for estimating the longevity of bridges.
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NOTATIONS
The following symbols are used in this paper.
= sectional area of outer bottom, inner or upper
AS = half of the sectional area of the side structure, including any longitudinal stiffeners
E = Young’s modulus
f (x) = ultimate limit state function
g = height of the neutral axis
PF = probability of failure
Mu, Muo = random variable representing the ultimate strength of a corroded or uncorroded box
girder
xi = standard deviation of random variable xi
t = plate thickness of a member and time in years
A B , A B , A D

 

 

b

y

t

E

l

y

r

E

= slenderness ratio of plating between longitudinal stiffeners
= slenderness ratio of a stiffener together with fully effective plating

l = length of the stiffened panel between the transverse support frames
r = radius of gyration of stiffener
 = reliability index
 = bias factor
μ x = mean value of random variable xi
σ u = ultimate compressive strength of a plate
σ uD ,σ uS = ultimate compressive strength of a representative plate at the upper or side shell
σ y = mean yield strength of the material
σ yB ,σ yS = mean yield strength of the bottom or side shell
 = standard normal distribution function
MD = dead-load moment
ML = live-load moment
Mn = nominal bending moment strength
T = lifetime of bridge
IM = dynamic live load
DOP = degree of pit corrosion intensity as a ratio of the pitted surface area to the original plate
surface area
n = number of pits
Api = surface area of the ith pit
a = plate length
b = plate breadth
dr = diameter of the pit
R xr = a factor of ultimate compressive strength reduction due to pit corrosion
 xu = ultimate compressive strength for a member with pit corrosion
 xuo = ultimate compressive strength for an intact (uncorroded) member
A 0 = original cross-sectional area of the intact member
A r = cross-sectional area involved in pit corrosion at the smallest cross-section (see Fig. 7)
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ABSTRACT: The wind load could cause the deformation of the reflector surface, seriously affect the resolution and
the sensitivity of the antenna and degrade its performance. So the analysis of the wind characteristics of the reflector
surface is particularly important. For one thing, the wind loads acting on an open parabolic reflector, as a commonly
used type of reflector (F/D=0.3), are obtained by the wind tunnel test and CFD technique and wind characters of the
parabolic reflector are revealed. Wind-induced dynamic behaviors under different upwind profiles are also analyzed
by the finite element method (FEM). After that based on the numerical simulation, a large number of different kinds
of reflectors are researched and analyzed and the results for different diameters, focal length to diameter ratios are
acquired to provide sufficient information for wind force proofing design of the antenna structures. Finally, taking the
established 110m antenna structure as the example and based on the instantaneous pressures derived from the wind
tunnel tests, the mechanic performances of the structure at the survival wind speed and working speed are
respectively investigated, and consequently the reliability of its mechanic performance is evaluated. The surface
RMS of structural responses under various wind loads conditions and internal mechanisms are finally discussed to
provide valuable data for the deformation control of the actuators in further work.
Keywords: Antenna structure, wind tunnel test, numerical simulation, wind-induced vibration response, wind force
proofing design
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1.

INTRODUCTION

As a multi-functional, automatic, high-integrated electronic mechanical equipment, the radio
telescope structure is subjected to random wind load in the operation of variable-position rotation,
which causes the surface deviation of deformed reflector from the theoretical designed reflector.
This error has an important influence on the surface accuracy of the reflector [1-3].
For the calculation of wind load, the wind pressure distribution on the reflector surface is required.
The influence factors on the distribution are complex and diverse, not only by the wind turbulence
in the wind, but also by the wind angle, pitch angle of the antenna structure, the geometrical
characteristics of the reflector surface and so on. From the view of the present situation of the
domestic application, Miyun 50m antenna in Beijing, Shanghai 65m antenna and 110m to be built
in Xinjiang all belongs to the same category of the all-movable radio telescope which has a focal
length to diameter ratio of 0.3, a circular aperture and parabolic reflector. This situation reflects that
the geometric characteristics of the reflector are very common. From the research status of wind
force proofing design for the antenna structures, foreign scholars have carried out the wind tunnel
test at 4 upwind attitudes for the focal length to diameter ratios 0.5 and 0.25 respectively and
acquired the average wind pressure distribution. It can be seen in this achievement the analysis
cases for different upwind attitudes are scarce. In domestic the wind tunnel tests study for the focal
length to diameter ratio 0.3 with 12 upwind attitudes have been carried out to give the overall drag
coefficient of reflector but the average wind pressure distribution of the surface is not given.
According to the Load Code for the Design of Building Structures, facing the results achieved,

381

Yan Liu, Hong-liang Qian and Feng Fan

although the spherical shell in the geometrical shape is the most close to the parabolic surface, there
are still some differences between the two above. Simultaneously the results of the spherical shell
derive from the enclosed structure yet the reflector of the antenna in wind field belongs to an open
type structure. So the circling flow characteristics around for the two types of structures are quite
different.
It can be seen that the research results of this kind of structure are not comprehensive. The
comprehension for its wind load and wind induced vibration response characteristics is very poor. It
is necessary to carry out a large number of wind tunnel tests and numerical simulations for the
reflector structure and provide the meaningful references for the wind load proofing design of the
antenna structure and the valuable data for the deformation control of the actuators caused by the
wind load.

2.

CFD NUMERICAL SIMULATIONS

In this work the research objects are different radio telescopes so in the numerical simulation the
grid division strategy is significant to solve the FEM [4-7]. The problems need to be done reflect in
that the reflector has an open parabolic surface, it is difficult to deal with the grid division around
the surface area and not easy to form a high quality grid. So it is intended to make a hybrid mesh
for the computational domain. Meanwhile it is necessary to increase the grid around the upper and
lower surface, adjust the gradient ratio of the grid and the y+ value near the surface boundary to
further improve the mesh quality and calculation accuracy.
Where，y+ is introduced to represent the distance from the centroid of the near wall mesh to the wall
surface. This dimensionless quantity is related with speed, viscosity and shear stress of the fluid.
The specific division is illustrated in section 2.3.
2.1

Computational Domain Settings

In the numerical simulation of wind pressure distribution the computational domain is closed by
setting several wall surfaces to guarantee the blocking probability is less than 5%. So it is necessary
to determine the appropriate computational domain. Computational domain comprises upper
reaches L1, lower reaches L2, windward width B, and height H. The computational domain is shown
in Figure 1 [8-9] and each parameter set is list in Table 1.

a）Longitudinal section of computational domain b) Horizontal plane of computational domain
Figure 1. Configuration Items of the Computational Domain
Table 1. Computational Field Setting
Model size
lbh
L

5
l
L

15
l
Computational domain
， 2
， H  8 h ， B  10 b
1
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Turbulence Model and Boundary Conditions

According to the references the complete Reynolds stress model has a relatively high accuracy for
solving the flow around a bluff body and its use range is wide. So in this work the RSM turbulence
model is used to solve the constant pressure field around a constant flow of the reflector structure.
The boundary conditions of the model are set in Table 2.
2.3

Meshing

Meshing has a direct influence on the results of numerical simulation and is mainly embodied with
the gird size and the grid type. Based on many times in meshing for the flow field around the
reflector structure, finally the grid type and grid quantity adopted for each part of the flow field are
shown in Table 3 and Figure 2.
1）The outside domain uses the structural hexahedral mesh which could provide a fine grid size,
decrease the grid quantity and guarantee the grid quality. While the inside domain uses unstructured
tetrahedral grid which could achieve effective meshing to the flow field around the reflector
structure.
Table 2. Boundary Condition Setting in CFD
Shear flow is considered: wind profile V  V ( z / 10) , geomorphic type
B   0.15 , V10  33.5m / s according to the basic wind pressure.
The governing equations of the incompressible turbulent wind flow
around buildings are presented by the RANS equations as follows.
u u
ui

p


(  u j ui )  
[  ( i  j )   ui'u 'j ] .
0 ,
x j
xi x j
x j xi
xi
Turbulence properties are defined by means of kinetic energy and
Inlet boundary
3 3
1
condition
turbulent dissipation rate. k  1.5(VZ  I ) 2 ,   0.09 4 k 2 . Where l
l
represents turbulent characteristic scale, and I represents turbulent
intensity.
Turbulent intensity of the incoming flow: Refers to data of the second
geomorphic type in Australia Code [10-11].
Reference coordinate system: Y axis represents the length direction of
the computational domain and Z represents the height direction of the
structure.
Outlet
Fully developed flow boundary condition is adopted and the normal
boundary
gradient of any physical quantity  in the flow field is zero.
condition
Top and both sides computational domain: free slip wall condition.
Wall condition
Reflector surface and ground: no slip wall condition.
z

10

2) Because the parabolic reflector has a gradient of spatial curvature and the thickness of the model
is only 100mm. The near wall region adopts the prismatic boundary layer grid to realize the precise
control to the meshing and meet the requirements of the minimal wall distance [12-15]. The
distance can be characterized by the dimensionless value y+ which could be expressed in formula
(1). The closest grid point near the wall surface is adopted to be 0.025D, with corresponding wall
unit y+ ranging from about 8~30. The determination of y+ is controlled and realized by mesh
division.

383

Yan Liu, Hong-liang Qian and Feng Fan

y 

u y


(1)

Where u represents the frictional velocity, y represents the normal distance from the nodes in the
first row to the wall surface. ρ represents the air density, and μ represents the kinematic coefficient
of viscosity.
Table 3. Mesh Division for Calculation Area in the Flow Field
Model

Computational domain

Mesh type

Parabolic
reflector

Outside domain
Inside domain
Near wall region

Structured hexahedral mesh
Unstructured tetrahedral mesh
Prismatic boundary layer mesh

a) Outer calculation domain

2.4

Mesh
quantity
1000,000
500,000
150,000

b) Inner calculation domain
c) Domain of near the wall
Figure 2. Mesh of the Numerical Domain

Analysis Cases

The wind direction is defined as shown in Figure 3. According to the symmetry of the model, the
wind angle for test is selected about every 30° in the range of 0°to 180°. In the pitching
rotation the angles of 5°, 30°, 60° and 90° are selected for test. Based on the above
parameters there are 22 analysis cases in total (For the pitch angle of 90°, any wind direction is
polar symmetrical about the central axis of the reflector so a kind of wind angle is enough).

180°

0°

90°

Figure 3. Wind Direction Angle
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CFD Simulation Results

The numerical simulations are carried out by the software Fluent and the average wind pressure
distribution on the reflector surface is described in the form of contour by the software Tecplot,
shown in Figure 4 to Figure 7. From the figures, under the pitch angle of 5° for the model, when
the wind angle is less than 90° the reflector surface is completely under the positive pressure and
with the increase of the wind angle, the partial pressure coefficient of the edge region increases.
When the wind angle is 90°for the same pitch angle, the negative pressure begins to appear on the
reflector surface as the wind suction and the wind pressure distribution along the wind direction is
basically symmetrical. The negative pressure area of the reflector surface gradually expands with
the increase of the wind angle till the wind angle runs up to 180°, the reflector surface is
completely under the negative pressure. When the pitch angle of the model is 30° or 60°, the
wind pressure distribution of the reflector surface is similar to that of the 5° pitch angle model. In
addition, under the same direction with the increase of the pitch angle, the local positive pressure
coefficient increases and the distribution area expands. Especially for the pitch angle of 60° under
the wind angle of 60°, the maximum positive pressure coefficient reaches 1.9. The wind pressure
distribution on the reflector surface not only has a good symmetry but also shows the maximum
negative pressure in the front edge of the windward side for the pitch angle of 90° under the wind
angle of 0°. Meanwhile the absolute value of the negative pressure coefficient gradually decreases
and turns to the positive pressure along the flow direction. In the lower reaches the positive
pressure begins to increases and the positive pressure area is greater than that of the negative area
in general.

a) 0°

b) 30°

c) 60°

d) 90°
e) 120°
f) 180°
Figure 4. Mean Wind Pressure Coefficients of Reflector under
Different Wind Angles for 5°Pitch Angle
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a) 0°

b) 30°

c) 60°

d) 90°
e) 120°
f) 180°
Figure 5. Mean Wind Pressure Coefficients of Reflector under
Different Wind Angles for 30°Pitch Angle

a) 0°

b) 30°

c) 60°

e) 120°
f) 180°
d) 90°
Figure 6. Mean Wind Pressure Coefficients of Reflector under
Different Wind Angles for 60°Pitch Angle
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Figure 7. Mean Wind Pressure Coefficients of Reflector for 90°Pitch Angle

3.

WIND TUNNEL TEST

In order to verify CFD numerical simulation validity for parabolic reflector structure, scale model
test for the 110m (F/D=0.3) reflector structure is carried out in the wind tunnel. The test cases
concur with the simulation cases and the test is the manometric test of rigid models. By comparison
between the test and simulation, the wind pressure characteristics of the parabolic reflector
structure are described furtherly and the internal mechanism is revealed.

3.1

Wind Tunnel Facility and Measurement System

The manometric test is carried out in the State Key Laboratory for Wind Tunnel and Water flume in
Harbin Institute of Technology. The wind tunnel has a double closed test section with the single
reflow (shown in Figure 8). The laboratory is a comprehensive experiment platform which
integrates the wind field simulation of the near ground surfaces, the deep ocean wave simulation
and the rainfall simulation. The small section is 4m in width, 3m in height and 25m in length and
the testing wind speed is 3m/s~50m/s. The big section is 6m in width, 3.6m in height and 50m in
length and the testing wind speed is 3m/s~27m/s. This work is carried out in the small testing
section.

Figure 8. Outline Drawing of Wind Tunnel in HIT
Manometry system uses the electronic pressure scanning valve system produced by Scanivalve
scanning company in the USA for scanning and measurement. Finally, the data is recorded and
processed by the signal acquisition and data processing software realized in the PC, shown in the
Figure 9.
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Figure 9. Electronic Pressure Scanner System for DSM3400

3.2

Simulation of the Atmospheric Boundary Layer

In the wind tunnel, it is necessary to accurately reproduce the atmospheric boundary layer flow
characteristics and ensure credible results. Namely the flow field in the wind tunnel tests should be
similar with the atmospheric boundary layer wind flow in the outside world. Its wind speed and
turbulence intensity vary with the height. And there are some certain requirements for fluctuating
wind power spectrum.

3.2.1

The mean wind profile

Below the gradient wind lever, because of the friction near the ground, near-Earth wind speed
decreases with the decrease of its height above the ground. The relation between the average wind
speed and the height is described as the velocity profile curve. Usually logarithmic and exponential
functions are adopted to describe the curve rule. In this paper, exponential law is used as the
following formula (2).
UZ 
Ur

(

Z 
)
Zr

(2)

Where U(Z) represents the average wind speed at arbitrary height, Z represents the height, U(r )
represents the average wind speed at the standard reference height, Z(r ) represents the reference
height, α represents the surface roughness index, the structure is situated at a Class B landform and
its index value is 0.15.

3.2.2

Turbulent intensity

Turbulence intensity at arbitrary height is expressed as equation (3)

I z   u ( z) / U ( z)

(3)

Turbulence intensity decreases with the increase of the height, usually 20%~30% close to the
ground. Chinese specification has no requirement for this at present and the Japanese specification
gives specific recommendations about the turbulence intensity.

3.2.3

The power spectral density function

Atmospheric turbulence is a random and fluctuating process. The power spectral density function
of fluctuating wind velocity is an important parameter to describe the wind field. At present the
power spectrums of Davenport, Karman and Kaimal are frequently used in analysis.
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1) Davenport spectrum (based on the Canadian specification NBC and Chinese specification GBJ
[16-19])

fSu ( f )

 u2



4x2
6(1  x 2 ) 4/3

(4)

Where x  fLu / U 10 , f represents the frequency, Lu represents the turbulence integral scale,

approximate to 200, and

U 10 represents the average wind speed at the height of 10m.

2) Karman spectrum (based on the Japanese specification AIJ )
fSu ( f )



2
u



4x
(1  70.8 x 2 )5/6

(5)

Where x  fLu / U 10 .
3) Kaimal spectrum (based on the American specification ASCE)
fSu ( f )

200 x

6(1  50 x )5/3
Where x  fz / U ( z ) .
2
u

3.2.4

(6)



Wind field simulation

In this paper, passive technology is adopted for the simulation of atmospheric boundary layer in the
wind tunnel. The concrete geomorphic type is realized with wedge, the bezel and the roughness,
shown in Figure 10 a). The comparison between measured wind speed values and the theoretical
spectrum spectral curve is shown in Figure 10 b). Its wind speed profile and the turbulence
intensity profile are shown in Figure 10 c) and d) respectively. It obviously that the measured wind
speed spectrum in the wind tunnel is the most close to theoretical Karman spectrum.
10

f S(f) / 2

10
10
10
10

0

-1

-2

Tested
Davenport

-3

Harris
Karman

-4

10

-2

10

-1

10

0

10

1

f  z / u (z)

a) Passive simulation device

b) Comparison of measurement and
theoretical value for wind speed spectrum
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1.5

1.5

Tested

1

H/m

H/m

terrain B

0.5
0

4

6

8

10

1
0.5
0

5

7.5

10

12.5

15

Iu (%)
u (m  s )
c) Wind profile
d) Turbulence intensity profile
Figure 10. Wind Tunnel Simulation for Terrain B of
the Atmospheric Boundary Layer
-1

3.3

Test Model and the Procedures Description

The test model is shown in the Figure 11. The pitch axis of the lower frame is 250mm high off the
basement. A series of bolt holes are opened in the lateral and vertical steel pipe on the basis of
angular relations to achieve the rotation of the reflector in the pitch direction by arm swing. After
each rotation, the lateral and the vertical steel pipes are connected by the corresponding holes to
maintain a balance as shown in Figure 12 and 13. In order to acquire not only adequate stiffness
and strength of the model, but also facilitation in processing technology, the reflector surface adopts
acrylic plexiglass plates. In view of the wind tunnel blockage ratio requirements, the geometry ratio
of the model is 1/200. Model has a span of 550 mm and its ratio of rise to span is 1/4.8. Each
acrylic plexiglass plate of two layers has a thickness of 5mm and the metal pressure tube has a
length of 8mm. In light of the layout of the pipeline, the minimum interlayer thickness needs 10mm
space and its size is shown in Figure 14. Convex and concave in the model are arranged by
measurement points. Each side has 91 measurement points and these measuring points are shown in
Figure 15.

a) Front view
b) Perspective view
Figure 11. Experimental Model in the Wind Tunnel

Reflector Wind Load Characteristics of the Large All-Movable Antenna and Its Effect on Reflector Surface Precision

Figure 12. Front View of the Lower Bracket
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Figure 13. Side View of the Lower Bracket
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Figure 14. Reflector Section Plan of the Test Model
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Figure 15. Pressure Tap Arrangement

3.4 Similarity Ratio Design

The wind speed in the tunnel is 14m/s and the test speed ratio is 1:4. The signal sampling frequency
of the pressure valve is 625Hz and the sampling duration is 20s. Each individual measurement
point collects 12500 times for the data as a sample, five samples in total. According to the
similarity theory, the equation (7) shows the relation between the real structure and the test model.
nm Lm / U m  n p L p / U p

(7)

Where n represents the frequency, L represents the geometry size, U represents the wind speed. The
subscript m represents the model and p stands for the prototype. It can be obtained from the above
equation that nm  150 Hz. Based on the Naikuitesi sampling criteria, the minimum sampling
frequency in the experimental is 150Hz × 2 = 300Hz. It can be concluded that the test sampling
frequency 625Hz meets the requirements. The similarity ratios of the rest relevant variables are
shown in Table 4. In order to obtain reliable experimental data, the final time course of the wind
pressure is the average of many samplings.
Table 4. Scaling Laws for Sind Tunnel Tests
Clause Model data Prototype data Similarity ratio
Diameter
550mm
110m
1:200
Velocity
14m/s
56m/s
1:4
Time
20s
16.6min
1:50
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The wind pressure value of each measurement point is expressed as the dimensionless pressure
coefficient according to the equation (8).
C pi (t ) 

Pi (t )  P
P0  P

(8)

Where Cpi(t) is the pressure coefficient at any hole of the model. Pi(t) stands for the measured wind
pressure of the structure surface. P0 and P∞ represent the average total pressure and the mean static
pressure at the reference point respectively. Reference point is the highest point of the reflector
surface. For wind-resistant design and comparison with the corresponding specifications, it is
necessary to transfer the measured pressure coefficient into the shape factor. For example the
relation between the shape factor  si and the average pressure coefficient is expressed as the
following equation (9).

 si  C pi (

Z r 2
)
Zi

(9)

Where Zi represents the height of the measuring point, and Zr represents the the height of the
standard reference point.
3.5

Test Results

Based on the software MATLAB, the corresponding program and the average pressure data contour
line drawing process are programmed. The collected process data is processed according to the
equation (8). Then the average pressure data is used to make the contour line for all the test
conditions as shown in Figure 18 to Figure 21. It can be seen from the figures that when the pitch
angle is 5°and wind angle is within 90°, the reflector surface are completely under the positive
pressure, and to the wind angle of 60°, the maximum pressure coefficient is 1.2. When the wind
angle is 90°, the negative pressure zone begins to appear at the reflector surface and there is wind
suction. When the wind angle is beyond 90 °, the reflector surface negative pressure area
gradually expands. When the wind angle is 120°, the boundary between the positive and negative
pressure zones appears at the centre of the reflector. Until wind angle is 180°, reflective surface is
completely controlled by negative pressure. In addition, when pitch angle is 30°or 60°, contour
lines of the pressure distribution are more intensive. It is concretely demonstrated by the edge of
the reflector surface where pressure distribution gradient is more intense but the pressure gradient
of central area is gentler. When the pitch angle is 90°and the wind angle is 0°, the reflector
surface pressure distribution shows a good symmetry and the maximum wind suction occurs at the
windward edge. Along the flow direction, the absolute value of the negative coefficient gradually
decreases until the positive pressure appears and gradually increases. Overall the positive pressure
area of the reflector surface is bigger than the negative pressure area under the wind load.
Nevertheless the negative area mainly focuses on the local region of the windward front of the
reflector surface.
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Figure 18. Mean Wind Pressure Coefficients of Reflector in
Different Wind Directions for 0° Pitch Angle
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Figure 21. Mean Wind Pressure Coefficients of Reflector for 90° Pitch Angle
3.6

Comparison between the Results from Simulation and the Test

In view of a great deal of test cases, so 0°, 90°, 180° in the range of wind angles are selected
as typical cases to fully express the gradient variation of the average wind pressure coefficient (Cp)
based on the direction of incoming flow as the symmetrical axis. Figure 22~24 give the comparison
of the average wind pressure coefficient between the simulation and the wind tunnel tests. On the
whole, under the wind angle 0°, the simulation generally seems to underestimate the pressure
coefficients compared to the experimental results. The differences between two approaches are
larger than that of two other wind angles. This is mainly under such wind angle, the pressure
gradient is so great (wind pressure coefficient varies severely) in the local edge region of the
reflector back. This character leads to the difference between the numerical simulation and the test
is larger than other wind angles for different pitch angles models, and the contrast effect is not very
ideal. As for the wind angle 90° and 180°, simulation results are slight larger than that of the
experiments but then most data are well consonant. This is mainly because the position of
separating points for airflow with the wall surface changes significantly which leads to a different
wake effect. Specifically for the wind angle 90°, the differences between simulation and test are
almost within 8% and the maximal difference for some individual point reaches 57% which appears
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at the pitch angle 30° model. For the wind angle 180°, at each pitch angle model, there are only
some single points (just one or two) having the maximal difference which could reaches beyond
50%, but almost the differences from all the data are within 10%. On balance, the results show that
the distributions from two research methods above tend to be almost parallel and the data values are
well consonant. The results of numerical simulation are well verified by the wind tunnel test. This
shows that CFD is a practical and effective method to carry out the wind characteristics analysis to
parabolic reflector of the antenna structure.

b) 90°wind angle
c) 180°wind angle
a) 0°wind angle
Figure 22. Comparison between Numerical Simulated and
Test Results on Reflector at 5°Pitch Angle

b) 90°wind angle
c) 180°wind angle
a) 0°wind angle
Figure 23. Comparison between Numerical Simulated and
Test Results on Reflector at 30°Pitch Angle

b) 90°wind angle
c) 180°wind angle
a) 0°wind angle
Figure 24. Comparison between Numerical Simulated and
Test Results on Reflector at 60°Pitch Angle
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SHAPE FACTOR OF THE REFLECTOR SURFACE

Based on the research findings in numerical simulation and wind tunnel test, here in order to
acquire the precise wind load for the design of the back frame structure, aiming at different types of
reflectors it is necessary to make a partition on the reflector surface and provide the shape factor
corresponding with each divided region.
In partition, thanks to the symmetry of the reflector structure, so reflector surface is divided along
the ring direction and radial direction according to the formation law of the reflector.
Simultaneously in the light of the average wind pressure distribution, the wind pressure gradient of
the edge region is large whereas that of the region near the center is relatively flat. So outer ring
region is divided densely and inner ring region is divided sparsely. The concrete partition is shown
in Figure 25.
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Figure 25. Regional Division of the Telescope Surface
In general, all-movable antenna structures could be classified according to its aperture diameter.
The diameters within 50m belong to the intermediate region of size and above 100m belong to the
large span. At present, all-movable antennae within 50m are widely distributed throughout the
world and the relevant research results constitute a rich harvest. There are about 10 all-movable
antennae more or less distributed around the world. Above 100m there are only two respectively in
the United States and Germany. So on the basis of the current situation, the apertures of 65m and
90m are selected as illustrating analysis examples in the intermediate region of size meanwhile the
aperture of 110m is selected as illustrating analysis example in the large span region of size. In
addition two kinds of focal length to diameter ratios (0.3 and 0.5 shown in Figure 26) combined
with different aperture diameters above are selected as numerical examples to analyze wind field
the characteristics by CFD simulation. The obtained mean wind pressure in each node could be
calculated and converted into corresponding shape factor according to the formula (9). Finally
shape factor for each divided region could be acquired based on the partition in Figure 25 and all
computational results are summed up to be shown in Figure 27~32. Based on these 6 figures the
shape factor of the reflector surface can be directly found with regard to different diameters, focal
length to diameter ratios, pitch angles and wind directions for antenna structures design in the
future.
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D=110m f/D =0.3

D=90m f/D =0.3

D=65m f/D =0.3

D=110m f/D =0.5

D=90m f/D =0.5

D=65m f/D =0.5

Figure 26. Different Reflector Surfaces

a) 5°

b) 30°
c) 60°
Figure 27. Shape Factor of Wind Load at
Different Pitch Angle for 110m Aperture Reflector（F/D=0.3）

a) 5°

b) 30°
c) 60°
Figure 28. Shape Factor of Wind Load at
Different Pitch Angle for 110m Aperture Reflector（F/D=0.5）

a) 5°

b) 30°
c) 60°
Figure 29. Shape Factor of Wind Load at
Different Pitch Angle for 90m Aperture Reflector（F/D=0.3）
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a) 5°

b) 30°
c) 60°
Figure 30. Shape Factor of Wind Load at
Different Pitch Angle for 90m Aperture Reflector（F/D=0.5）

a) 5°

b) 30°
c) 60°
Figure 31. Shape Factor of Wind Load at
Different Pitch Angle for 65m Aperture Reflector（F/D=0.3）

a) 5°

b) 30°
c) 60°
Figure 32. Shape Factor of Wind Load at
Different Pitch Angle for 65m Aperture Reflector（F/D=0.5）

5.

WIND INDUCED VIBRATION RESPONSE

The reflector structure of the antenna is a typical large span structure which is not appropriate to
use quasi steady assumption under the complex wind load, so it is difficult to estimate the dynamic
effect of fluctuating wind. The antenna structure is respectably sensitive to the fluctuating wind in
view of its longer natural vibration period and weaker stiffness. Besides dynamic response
characteristics for this open type of reflector structure under the fluctuating wind so that it is
necessary to furtherly make a dynamic response analysis for the antenna structure based on the time
course of wind pressure from the wind tunnel test and probe into the wind induced vibration
response of this kind of structure under different pitch angles proposed above.
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The time course of wind pressure obtained from the wind tunnel test is determined according to the
similarity ratio relationship between the real structure and the test model, shown in the formula
(10).
( fL / U ) m  ( fL / U ) p

(10)

Where, f represents the frequency, L represents the geometry size, U represents the wind velocity,
the subscript m represents test model and p represents the real structure. In the wind tunnel test,
sampling frequency is 625Hz, geometric scaling ratio is 1:200, and the wind speed at the height of
gradient wind is 14m/s (corresponding to the 56m/s at the actual height of 350m). The basic
pressure for the period of 100 years at Qitai County is 0.7kN/m2.
5.1

Self Vibration Characteristics Analysis

The natural frequency is an important parameter to analyze the dynamic response of the structures.
In this work the self vibration characteristics are analyzed by subspace iteration method for 4 kinds
of typical pitch angles combined with the wind tunnel test. Here taking the model of 90° pitch
angle as an example, from the first 10 order natural frequencies shown in the Table 5, it can be seen
that the frequency distribution of the antenna structure is dense, the frequency of each adjacent
mode is very close, the fundamental frequency is low and the structure is more flexible. Due to
limited space, Figure 33 gives only first two order modes from which it could be seen that the first
order mode is mainly expressed as the rotation of the back frame and the pitching mechanism
around the pitch axis, and the second order mode is mainly expressed as the translation of the back
frame along the pitch axis with respect to the azimuth pedestal. The remaining modes are mainly
expressed as local vibration or torsion of the structure.
Table 5. Ten Order Frequencies of the Telescope Structure
Order

1

2

3

4

5

6

7

8

9

10

Frequency 0.887 1.032 1.158 1.214 1.358 1.545 1.681 1.843 1.972 2.125

a) The first order
b) The second order
Figure 33. The Mode of Structure Vibration
5.2

Analysis Method

The antenna structure is analyzed for the wind-induced response by using nonlinear time-history
analysis method. The structure is discretized by using the finite element method and the wind loads
are exerted on the corresponding nodes. The structure response is obtained by directly solving the
equations of structure motion in the time domain. The calculating results of this method are more
realistic than the linear approach in the frequency domain. It could be applied to any system and
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any incentive in principle. And the more complete information about the whole process of
structural dynamic response could be got. It is the effective way to analyze the wind induced
dynamic response of the antenna structure.
5.2.1

Wind vibration factor of the displacement and stress

According to the specification, the dynamic effects of wind load are taken as the static load in the
form of wind-induced vibration coefficient. Namely the wind pulse is expressed as the equation
(11)



Pe P  Pd
P

 1 d
P
P
P

(11)

Where  is the wind pulse, Pe is the equivalent static wind load, P is the static wind load, Pd
is the dynamic wind load.
For the time-history analysis for wind-induced vibration of the complex spatial structure using
finite element method, the wind pulse directly bases on the structure response. Namely the wind
vibration factor of the displacement and internal force are expressed as the equation (12).



Dy

(12)

Dy

The above equation D y represents the structural response under the static wind loads, including
structural displacement responses and stress responses. D y represents the total extreme
wind-induced vibration response of the structure, including static and dynamic response. The
relation between them is expressed as the equation (13).

Dy  D y  g  sign( D y ) y

(13)

Among them, sign is a sign function,  y is the mean square error of the response for fluctuating
wind. g is the peak factor and its value is related with the number of times during which the effect
is beyond the average load effect in an average hour. When the probability distribution of the
average load effect is normal distribution, g can be expressed according to the equation (14). Where
T is the observation time (typically 1 hour), v is the horizontal crossing number, which is in the
range from 3.0 to 4.0, and 3.5 is selected in this paper.
g  2 ln vT  0.577 / 2 ln vT

5.2.2

（14）

Whole wind pulse

The wind pulse of the displacement in each point and of the stress for each element could be
obtained according to the equation (15). But for the large span structure, because the spectrum has
the intensive modes and the mode contributing a lot may not appear in the first vibration mode, so
it is difficult to determine which mode has the significant effect on wind-induced vibration response.
In this paper, the wind pulse of the overall displacement and stress based on the maximum dynamic
response is used and expressed as the following equation (16).
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d 

di U wi 
U wi max

(15)

 s 

 si  Swi 
Swi max

(16)

Where U wi  and

 di  U wi  are

the maximum nodal displacement and time-history displacement

respectively under the static wind loads and the total wind loads. Where Swi  and

 si  Swi  are the

maximum element stress and time-history element stress respectively under the static wind loads
and the total wind loads.
5.3

Vibration Response Results Analysis

5.3.1

Analysis scheme and response index

According to the wind tunnel test results, the overall drag coefficients of the antenna structure
under 3 kinds of pitch attitudes are shown in Figure 34, and no matter what pitch angle, the
resistance coefficient of 0°wind angle reaches the maximum value. So the wind angle of 0° is
selected as the analysis condition for wind-induced vibration response analysis respectively under
the pitch angle of 5°, 30°, 60°. Combined with the characteristics of the large span structure
and the wind-induced vibration response concerned by the design staff, the normal displacement of
each node on the reflector and axial stress + bending stress of the element are used as the indicators
of the wind-induced vibration response.
5°
30°
60°

1.2

Drag coefficient Cd

1.0
0.8
0.6
0.4
0.2
0.0
0

30

60

90

120

150

180

Wind angle

Figure 34. Cd in Different Directions
5.3.2

Results analysis of wind induced vibration response

Extreme stress and extreme displacement in time-history for the 3 models are shown in Figure 35
and Figure 37. In order to analyze the response characteristics under the fluctuating wind loads in
the frequency domain, Fourier transformation is used to convert the response process from the time
domain to the frequency domain. The corresponding extreme stress and displacement power
spectral density function are shown in Figure 36 and Figure 38. According to the power spectral
density function, it can be seen that the wind induced vibration response of the structure is a
narrowband process. For the same pitch angle model, the dynamic response from the extreme stress
and extreme displacement power spectrum are highly consistent. Combined with the
aforementioned natural frequencies of the structure, for the 5°pitch angle, it is shown that the
vibration energy concentrated near the first order frequency (0.7Hz) nearby. For the 30° pitch
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180

180

160

160

160

140

140

140

120
100
80

Stress (MPa)

180

Stress (MPa)

Stress (MPa)

angle, it is still shown that the vibration energy concentrated in the first-order frequency (0.7Hz)
nearby, nevertheless the amplitude of energy has increased. For the 60°pitch angle, the higher
modes (the third order and the forth order) begin to contribute to the performance of the vibration
energy of the structure and from the energy distribution that the peak appear at the frequency of
0.9Hz and 1.1Hz. What’s more, the relation between the energy magnitude and the pitch angle
shows that the vibration energy increases gradually with the increase of the pitch angle. Later the
extreme stress distribution and the displacement distribution of the model are given respectively in
Figure 39 and Figure 40. It can be seen in the extreme stress distribution under the wind angle of
0°, the largest stress reaching 170MPa mainly concentrated in the radius element on the second
ring of the upper chord and this condition appears in the model of pitch angle of 30°. It also can
be seen from the normal displacement that under the wind angle of 0°, the displacement shows the
symmetry along the vertical axis and the extreme displacements of each model appear at the
overhangying end and two sides of the reflector surface. In 3 models, the maximal normal
displacement is up to 24cm and appears in the 5°pitch angle attitude. Due to space limitations, the
calculation results of other models for different pitch angles are shown in Table 6. According to the
time-history analysis results, the extreme response for each pitch angle of the antenna structure is
determined while the wind pulse for wind force proofing design in the future are provided in Table
6.
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a) 5°
b) 30°
c) 60°
Figure 35. Time-history of the Extreme Stress for Different Kinds of Pitch Angle Models
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Figure 36. Power Spectral of the Extreme Stress for Different Kinds of Pitch Angle Models
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Figure 37. Time-history of the Extreme Displacement for Different Kinds of Pitch Angle Models

16

14

14

12

12

12

2

10
8
6
4
2

10
8
6
4

0.5

1.0

1.5

2.0

Frequency (Hz)

2.5

3.0

0
0.0

10
8
6
4
2

2

0
0.0

402

2

Amplitude (cm) .s

16

14

Amplitude (cm) .s

16

2

Amplitude (cm) .s

Reflector Wind Load Characteristics of the Large All-Movable Antenna and Its Effect on Reflector Surface Precision

0.5

1.0

1.5

2.0

2.5

Frequency (Hz)

3.0

0
0.0

0.5

1.0

1.5

2.0

2.5

3.0

Frequency (Hz)

a) 5°
b) 30°
c) 60°
Figure 38. Power Spectral of the Extreme Displacement for Different Kinds of Pitch Angle Models

b) 30°
c) 60°
a) 5°
Figure 39. Extreme Value Distribution of Stress for Different Kinds of Pitch Angle Models

b) 30°
c) 60°
a) 5°
Figure 40. Extreme Value Distribution of Displacement for Different Kinds of Pitch Angle Models
Table 6. Extreme Response and Wind Vibration Factors of the Structure at Different Pitch Angles
Pitch angle
5°
30°
60°
90°
Maximum displacement
24cm
19cm
14cm
22cm
Maximum stress
158MPa
174MPa
99MPa
152MPa
Whole wind pulse of the displacement
2.37
1.73
1.82
1.92
Whole wind pulse of the stress
1.41
1.54
1.57
2.18
5.3.3

Comment on the nonlinear response of the structure

According to the analysis of the structural extreme response and power spectral, it can be seen that
nonlinear response of the all-movable antenna structure is mainly influenced by the upwind
attitudes, and vibration factors are different for different models and structural responses. They are
embodied specifically in the followings.
(1) Although the all-movable antenna structure belongs to such kind of rigid structure, its reflector
part has a large span up to one hundred meters more or less resulting in that the structure becomes
more flexible (this can be inferred by self vibration characteristics analysis). So the effect from

403

Yan Liu, Hong-liang Qian and Feng Fan

fluctuating wind could not be neglected in the wind force proofing design and the first four modes
of vibration contribute a lot to wind-induced vibration of the whole structure.
(2) From the vibration response results, the whole wind pulse of the displacement is larger than the
whole wind pulse of the stress, especially under the pitch angle 5°, because the reflector is almost
under the complete upwind state and the top displacement should be focus on. Moreover, although
under the pitch angle 5°, the extreme stress is 158MPa larger than 152MPa under the pitch angle
90°, the whole wind pulse of stress is 1.41 smaller than 2.18 under the pitch angle 90°. This can be
inferred that under the pitch angle 5°, static wind load contribute more than that under the pitch
angle 90°. For the model of pitch angle 90°, because wind direction is vertical to the central axis of
the reflector, airflow could be separated on the front edge of the reflector and adhere to the end
edge again. This phenomenon could form the vortex shedding and severe fluctuating pressure
leading to the larger wind pulse.
(3) Under the most unfavorable wind angle 0°, the pitch angles for 5° and 90° are two kinds of
unfavorable working states because they correspond to the maximal wind pulses of the
displacement and the stress respectively. Combined with the wind angle and pitch angle, according
to the worst upwind attitude, wind pulses could be determined for the all-movable antenna structure
in its whole performance. The whole wind pulse of the displacement could be set as 2.5 and 2.2
could be proper for the stress.

6.

STRUCTURAL ANALYSIS UNDER THE DESIGNED WIND LOAD

6.1

Mechanical Analysis under the Survival Wind Speed

1
2
3
4
5
6
7
8

Table 7. Static Combination Conditions
Gravity
Snow load
Combination
coefficient
coefficient
Gravity
1.2x1.0
/
Gravity+wind load 1
1.2x1.0
/
Gravity+wind load 2
1.2x1.0
/
Gravity+wind load 3
1.2x1.0
/
Gravity+snow load
1.2x1.0
1.4x1.0
Gravity+snow load+wind load 1
1.2x1.0
1.4x0.7
Gravity+snow load+wind load 2
1.2x1.0
1.4x0.7
Gravity+snow load+wind load 3
1.2x1.0
1.4x0.7

Wind load
coefficient
/
1.4x1.0
1.4x1.0
1.4x1.0
/
1.4x1.0
1.4x1.0
1.4x1.0

For the large antenna structure the member should meet the strength requirement and the
deformation need to be limited in the allowable range without collapse under the survival wind
U=40m/s. Here the 110m antenna structure is selected as a typical object to make the strength and
stability analysis under self weight combined with wind load and snow load.
According to the Load Code for the Design of Building Structure combined with the actual
environment the antenna structure exists in, the antenna structure is analyzed under the load
combination. The load combination is shown in Table 7 and the snow load is considered only for
the model of pitch angle 5°. Wind load 1, 2, 3, represent 0°, 90°, 180°respectively and wind
pulse is determined according to the table 6 coming from the wind vibration response analysis.
Taking the models of pitch angle 5°, 30°, 60°, 90°, strength and stability analysis is carried on
according to the procedures shown in Figure 41. Due to the limited space, only the results from the
model of pitch angle 5° are given in Figure 42~ Figure 46 and the results for other models are
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generalized in Table 8. These achievements show that under all of the load combinations, the whole
structure is in the elastic state, the vast majority of members are in the low stress level within
100MPa and the maximum deformation is only 128mm. The value of stress and deformation all
meet the relevant specification requirements and the structure is safe.
Start

Allocate the original section for the
model of any pitch angle
Make the optimization of the antenna
structure based on the genetic algorithm

No

Strength and stability analysis for each
element based on relevant specification

Meet the mechanical requirement
Yes
Output the final sections

Finish

Figure 41. Flowchart of Member Mechanical Performance for the Telescope Structure

Figure 42. Stress Ratio of Back Frame Structure

Figure 43. Stress Ratio of Pitch Mechanism

Figure 44. Stress Ratio of Azimuth Holder

Figure 45. Displacement of the Whole Structure
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Figure 46. Bar Chart of Stress Ratio for Back Frame Structure
Table 8. Calculating Results of Static Combination Conditions
Pitch angle
Structural response
Back frame Pitch mechanism Azimuth mount
Maximum stress ratio
0.92
0.77
0.75
5°
Overrun component
None
None
None
Maximum displacement
128mm
Maximum stress ratio
0.99
0.97
0.67
30°
Overrun component
None
None
None
Maximum displacement
120mm
Maximum stress ratio
0.96
0.94
0.62
Overrun component
None
None
None
60°
Maximum displacement
114mm
Maximum stress ratio
0.97
0.95
0.72
90°
Overrun component
None
None
Maximum displacement
108mm
6.2

Performance Analysis under the Working Wind Speed

The antenna structure is required to have a good performance under the working speed U=20m/s.
That is to say the antenna could still trace the celestial objects and complete the observation
mission after the wind deformation is adjusted by the actuators. So it is necessary to make the
reflector surface precision analysis under the wind load. Taking the wind angle of 0°as the typical
example, the figure 47~48 give the surface precision RMS and the whole structure displacements
for different pitch angles. The surface precision under other wind angles are all given in Table 9
only in the form of data.
6.2.1

Reflector surface precision analysis under the wind load

From view of the displacement of the structure, the distribution of the surface deformation is not
uniform. For examples, the model of 5 ° pitch angle, 0 ° wind angle has the maximum
displacement on the top and the minimum displacement at the bottom, and the maximum difference
reaches 38mm. The model of 60° pitch angle, 0°wind angle has the maximum displacement at
the bottom and the minimum value at the center, and the maximum difference reaches 32mm. For
the model of 90° pitch angle, 0°wind angle, the maximum displacement appear in the upwind
front and thanks to the reflector geometry, in the center of the reflector the displacement reaches the
minimum value. These present results are caused by the reflector structure characteristics. In
bearing parts of the reflector structure are similar to that of the cantilever roof. With moving on to
the inner ring region, the distance to the support region of the reflector structure is much shorter
accompanied by the thicker grid height. So the two factors above result in a better stiffness and the
displacement naturally decreases in the region near the center of the reflector. Simultaneously
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combined with the results in section 2~3, near the edge of the reflector extreme wind pressure often
appears and the pressure gradient is more intense. By contraries, near the center zone of the
reflector, the wind pressure gradient is gentler and the stress is naturally more uniform. So in view
of the stress condition and the stiffness distribution of the reflector structure, it is inevitable that the
reflector surface deforms unevenly and has an undesirable precision.
Table 9. RMS of Reflector Surface under the Wind Load
Wind angle
0°
90°

Pitch angle

5°
30°
60°
90°

0.362
2.206
2.102
2.096

1
DEC 11 2012
16:22:39

STEP=1
SUB =1
TIME=1
UZ
(AVG)
RSYS=0
DMX =.002
SMN =-.0007
SMX =.0011

2.092
1.715
1.785
2.092

MN

1
NODAL SOLUTION

0.212
0.377
0.586
2.103
MN

1

NODAL SOLUTION

NODAL SOLUTION

DEC 11 2012
16:28:55

STEP=1
SUB =1
TIME=1
UZ
(AVG)
RSYS=0
DMX =.0103
SMN =-.0048
SMX =.006

Y
Z X

180°

DEC 11 2012
16:33:58

STEP=1
SUB =1
TIME=1
UZ
(AVG)
RSYS=0
DMX =.0103
SMN =-.0059
SMX =.0051

Y
Z X

Y
Z X

MX

MX

MX

MN

-.0007

-.0003
-.0005

.0001
-.0001

.0005
.0003

.0009
.0007

a) 5°

1

-.0048
.0011

0

.0024

-.0012

.0012

.0048
.0036

-.0059
.006

-.0035
-.0047

1
DEC 12 2012
14:26:28

STEP=1
SUB =1
TIME=1
USUM
(AVG)
RSYS=0
DMX =.0486
SMX =.0486

-.001
-.0023

b) 60°
Figure 47. Half Optical Path Error of Reflector Surface

MX

NODAL SOLUTION

-.0024
-.0036

.0038
.0026

.0051

c) 90°

1
NODAL SOLUTION

DEC 12 2012
14:32:00

STEP=1
SUB =1
TIME=1
USUM
(AVG)
RSYS=0
DMX =.0405
SMX =.0405

NODAL SOLUTION

DEC 12 2012
14:47:15

STEP=1
SUB =1
TIME=1
USUM
(AVG)
RSYS=0
DMX =.0494
SMX =.0494

Z
Y
MX

Z
Y

.0014
.0002

Z

X
Y

X

X

MX
MN

MN

MN

0

.0108
.0054

.0216
.0162

.0324
.027

a) 5°

6.2.2

.0432
.0378

.0486

0

.009
.0045

.018
.0135

.027
.0225

.036
.0315

0
.0405

b) 60°
Figure 48. Whole Displacement of the Structure

.011
.0055

.0219
.0165

.0329
.0274

.0439
.0384

.0494

c) 90°

Surface precision analysis for different models under different load cases

In the actual operations, it is necessary to calculate the influence of not only single load but also the
combination of different loads because the gravity load coexists with the wind load, and pay special
attention to the leading factor. Table 10 gives the reflector surface precision under different load
cases. Limitations of space allows for the results of 0° wind angle if wind load joins in the
combination.
From the table above it is obviously that the wind load has a greater effect than gravity load on the
reflector surface precision. On the one hand, the structure is more flexible and sensitive to the wind
load with the increase of the aperture diameter. Compared with gravity load wind load has a more
serious effect and plays a leading role. On the other hand, in the antenna structure scheme
approachment, the lectotype and the optimization mainly consider the gravity load that is to say the
back frame structure style is determined and the section of each pipe is optimized under the gravity
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load effect. So in order to realize a high reflector surface precision the back frame structure obtains
a reasonable stiffness distribution in such a scheme determination course. Namely some part has
more weights, more stiffness will appear, vice versa. But from the deformation under the wind load
shown in Figure 48, the stress caused by wind load could not fit with the structure stiffness so the
deformation heterogeneity caused by wind load is more seriously than that of the gravity load
which results in a lower surface precision under the single wind load or the combination the wind
load joins in.
Table 10. Surface Precision on Main Reflector under Each Working Condition (RMS)
Gravity effect
30°
60°
90°
5°
Pitch angle
Surface precision
0.306mm
0.223mm
0.143mm
0.306mm
Wind load effect
Wind velocity
20m/s
30°
60°
90°
5°
Pitch angle
Surface precision
0.362mm
2.206mm
2.102mm
2.096mm
Effect of the combination of gravity and wind load
Wind velocity
20m/s
5
°
30
°
60°
90°
Pitch angle
Surface precision
0.175mm
2.265mm
2.342mm
2.259mm

7.

CONCLUSIONS

The widely used parabolic reflector (F/D=0.3) is selected as an analysis point of penetration to
carry out the numerical simulation for its 22 kinds of gestures. Subsequently, the manometry tests
are carried out in the wind tunnel for the working conditions above. The wind tunnel test validates
the numerical simulation very well in wind characteristics analysis of parabolic reflector structures
by comparisons.






For most of models with different pitch angles and wind angles, the maximum negative
pressure generally appear in the edge region because the incoming flow usually separates
significantly at this location. For the model of the same pitch angle at different wind angles,
extreme value of the average surface pressure appear at different surface position due to the
differences of the separation points position on the wall and the wake effect. In view of the
CFD simulation validity for parabolic antenna structure verified by the wind tunnel test,
subsequently large scale computations and analysis of different types of reflectors structures
are carried out by CFD and the shape factor for each corresponding type of reflector structure
under different gestures. This achievement provides abundant wind force proofing design
references for those parabolic antennae.
According to the power spectrum density function it could be seen that the wind induced
vibration response of the antenna is a narrow-band course. For the same pitch angle model, the
maximum stress power spectrum and displacement power spectrum are highly consistent in the
dynamic response of the structure. Although the all-movable antenna structure belongs to such
kind of rigid structure, its reflector part has a large span up to one hundred meters more or less
resulting in that the structure becomes more flexible. So the effect from fluctuating wind could
not be neglected in the wind force proofing design and the first four modes of vibration
contribute a lot to wind-induced vibration of the whole structure.
Under the most unfavorable wind angle 0°, the pitch angles for 5° and 90° are two kinds
of unfavorable working states because they correspond to the maximal wind pulses of the
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displacement and the stress respectively. Combined with the wind angle and pitch angle,
according to the worst upwind attitude, wind pulses could be determined for the all-movable
antenna structure in its whole performance. The whole wind pulse of the displacement could be
set as 2.5 and 2.2 could be proper for the stress.
Based on the average wind pressure distribution characteristics and the results of wind induced
vibration response, the static wind loads and the corresponding wind vibration coefficient of
the reflector are obtained. Taking 110m antenna structure (F/D=0.3) as an example, firstly the
mechanical analysis under the survival wind speed is carried out and the results show that the
whole structure is in the elastic state, the vast majority of members are in the low stress level
and all kinds of responses meet the relevant specification requirements. Next, the performance
analysis under the working wind speed is carried out. The results show that the antenna
structure is more flexible and the wind load takes a leading role on the reflector surface
precision.
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ABSTRACT: Due to high load carrying capacity and convenience of designing column-beam connections,
steel-reinforced square concrete-filled steel hollow section (SRSCFSHS) columns have been increasingly employed
in the structural engineering. In this study, the mechanical behaviors of SRSCFSHS columns were numerically
investigated with the software of ABAQUS/standard solver. To verify the validity of the finite element models of the
composite columns, the simulation results were compared with the existing experimental results, and good agreement
was achieved. According to the simulation results of SRSCFSHS columns, the encased section steel could restrain
the generation or propagation of cracks in core concrete thus the composite column can obtain a higher strength and
better ductility than that of normal square concrete filled steel tube (CFST) columns. Then, a total of twenty-six
SRSCFSHS columns were numerically studied to examine the effect of steel tube ratio (t), section steel ratio (s),
concrete strength (cu), yield strength of steel tube (ty), yield strength of section steel (sy) and the slenderness ratio
(λ) on the mechanical properties of the SRSCFSHS columns under uniaxial compression. A new model was then
proposed since the model in Eurocode 4 comparatively underestimated the strength of SRSCFSHS column. Based on
the comparison between the calculation results from the proposed approach and experimental results, the proposed
model can provide reliable prediction of the strength of SRSCFSHS columns.
Keywords: SRSCFSHS columns, finite element analysis, mechanical behavior, parametric study, new approach
DOI:10.18057/IJASC.2016.12.4.3

1.

INTRODUCTION

Over the last several decades, the steel-concrete composite systems have been widely used in in the
construction of modern buildings and bridges, especially in regions with high seismic precautionary
intensity [1-3]. For design of column members of these modern structures, the typical composite
systems such as concrete filled steel tubes (CFSTs) and steel reinforced concrete (SRC) are
commonly used.
It is well known that CFST structures can offer numerous structural benefits, including high
strength, favorable fire resistance and ductility, large energy absorption capacities and so on [4-7].
There are many cross section types for CFST columns, among which square and circle CFST
columns are the most typical ones. It is noted that the local buckling is more likely to occur in
CFST columns with square cross-sections hence the square CFST columns have a relative low load
carrying capacity and ductility [8]. However, the square CFST column is still increasingly used in
construction of structures for the reasons of being easier in beam-to-column connection design,
high cross sectional bending stiffness and good aesthetic effects. Moreover, with increasing span of
bridges and height of buildings, the cross section area of a square CFST column is often designed
large enough to provide required high load carrying capacity. For example, the side length of square
CFST columns in the first story of Shenzhen KingKey Financial Center even reach 4000 mm [9].
Such a large cross section of a column may result in reduced useful indoor space and high risk of
material defect. Thus, it is important to improve both the carrying capacity and ductility of square
CFST column.
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As another kind of composite structures, the steel reinforced concrete (SRC) structures, which are
composed of concrete, section steel, longitudinal steel bars and transverse steel bars, are also
widely used due to their advantages in terms of high sectional strength [10-12]. However, the SRC
columns need formwork for casting concrete and transverse reinforcement is also needed to prevent
the concrete from spalling and buckling of longitudinal steel reinforcement under axial load and
fire hazard. Moreover, the construction process of SRC structures is relative complicated, and the
outer concrete around section steel is easily crushed under horizontal cyclic loading [13].
Nowadays, a new form of composite column, namely steel-reinforced square concrete-filled steel
hollow section (SRSCFSHS) columns, has been proposed. As shown in Figure 1, a SRSCFSHS
column normally consists of section steel reinforced concrete inside and a square steel tube outside,
which can be regarded as a combination of square CFST and SRC. An X shape section steel is
commonly used as the inner section steel. Since the outside steel tube can provide effective
confinement to core steel reinforced concrete, no additional steel reinforcement is needed for this
composite column. Self-consolidating concrete (SCC) or self-compacting concrete can be
commonly used as core concrete in the steel tube. The design of SRSCFSHS column is an attempt
to combine the advantages of SRC and CFST columns, so as to achieve better composite effect for
higher load carrying capacity and better ductility.

Figure 1. Cross Section of a SRSCFSHS Column
In recent years, some researchers have conducted experimental studies on the mechanical behaviors
of SRSCFSHS columns subjected to compressive loading. Zhu et al. [14] finished a series of tests
to study compressive behaviors of square steel tubular columns filled with steel reinforced
self-consolidating high strength concrete. The experimental results indicated that the encased
section steel could restrain the generation or propagation of diagonal shear cracks in core concrete,
and could change the failure mode and the post-yield behavior of short composite columns. Wang
et al. [15] conducted experimental investigation and theoretical analysis of SRSCFSHS columns
subjected to eccentric loading. The experimental results indicated that the increment of eccentricity
ratio led to decrease of both load carrying capacity and initial stiffness of the composite columns,
and the increase of steel-reinforced ratios could result in gradual improvement of the load carrying
capacity and the initial stiffness. Based on theory of the limited strip unit method, Zhao [16]
developed a nonlinear analysis on the compression-bending behavior of SRSCFSHS columns. As
for the design codes, a formula was proposed to calculate the load carrying capacity of SRSCFSHS
columns in Eurocode 4 [17]. It is found that the confinement effect of outer steel tube on core
concrete was not considered, as well as the interaction between concrete and section steel,
indicating the model in Eurocode 4 may comparatively underestimate the load carrying capacity of
the SRSCFSHS columns. Meanwhile, due to the scale and equipment limitation, few researches
have been conducted to reveal the composite effect and failure mechanisms of full-size SRSCFSHS
columns under uniaxial compression.
Set against the above background, this study aims to investigate the mechanical behaviors of
SRSCFSHS columns subjected to uniaxial compressive loading and propose a reliable model for
predicting the ultimate bearing capacity of SRSCFSHS columns. For the SRSCFSHS column
shown in Figure1, an X shape section steel were embedded in the center of a square CTST column.
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The ABAQUS/standard solver was employed to numerically study the mechanical behaviors of
SRSCFSHS columns under uniaxial load. Existing experimental work on SRSCFSHS columns
conducted by Zhu [14] were utilized to verify the proposed finite element model and the adopted
methodology. Then, an extensive parametric study on different parameters including steel tube ratio
(t), section steel ratio (S), the strength of the core concrete (C), the yield strength of steel tube (ty),
the yield strength of section steel (Sy) and the slenderness ratio (), was carried out. Subsequently, a
comparison between SRSCFSHS and its components was also made in terms of the mechanical
behaviors and failure mode. Then, the calculation model in Eurocode 4 was used to calculate the
strengths of the simulated SRSCFSHS columns. Owing to the fact that the current European Code
has not yet included an accurate equation to evaluate the load carrying capacity of the SRSCFSHS,
a novel model was then proposed.

2.

VERIFICATION OF FINITE ELEMENT MODEL OF SRSCFSHS COLUMNS

2.1

Constitutive Models of Materials

Finite element analysis (FEA) is a theoretical tool which has been widely used in the analysis of
steel composite structures [18-19]. In this study, the nonlinear finite element analysis was
conducted to simulate the mechanical behaviors of SRSCFSHS columns with the software of
ABAQUS [20]. The steel tube and the section steel are modeled as isotropic elastic-plastic
materials in the finite element model. For both the steel tube and section steel, a five-stage
stress-strain model [21] is used to describe the uniaxial stress-strain relationship, which is shown in
Figure2 and given by:

(1)

where
In order to simulate the plastic behaviour of core concrete in SRSCFSHS columns under
compression, the three-stage stress-strain relationship shown in Figure3 was adopted [22]. This
model is illustrated as following:
In the initial stage (from Point O to Point A in Figure 3), there is no or very little interaction
between the steel tube and concrete. Therefore, the ascending branch of the stress–strain
relationship of unconfined concrete is given by:

where

(2)
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In the second stage, a plateau (from Point A to Point B) is included to represent the increased peak
strain of concrete due to confinement. The strain at Point B ( ) can be expressed as following:

(3)
For the descending branch of the model (BC) shown in Figure 3, an exponential function was used,
which is defined by:

(4)
where

;

, respectively.

and
are the cross-sectional areas of steel tube and concrete
In the above formula
respectively,
is the cylinder strength of concrete,
is the characteristic strength of concrete,
is the Elastic modulus of steel and
is the yield strength of steel tube. The elastic modulus of
concrete（ ）is taken as 4730
according to ACI 318-11[23], and the Poisson’s ratio of concrete
is taken as 0.2. A fracture energy model proposed by Hillerborg et al. [24] is used to simulate the
tensile-soften behavior of concrete.
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Description of Finite Element Model of SRSCFSHS Column

To achieve identical vertical deformations for the entire cross section, two steel end plates were
used at both the top and bottom of the SRSCFSHS column in the finite element model. Herein, for
each specimen, there are five individual components including outer square steel tube, section steel,
core concrete, top and bottom end plates. The interactions between these components were defined
by contact surfaces, where one surface acted as the master surface and the other as the slave surface.
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The difference between a master and a slave surface lies in that the former can penetrate the latter,
but the reverse cannot take place. Core concrete was defined as the slave surface since it contacted
with both the end plates and the steel tube, while the steel tube were treated as the slave surface for
its contact with the end plates. “Tie contact” was defined for the contact between the end plate and
the steel tube, which ensures the contact elements have the same displacements and rotational
angles during the loading process. The contact between the end plate and concrete was defined as
“hard contact”, meaning that no contact pressure occurs unless one surface contacts another, and
the contact surfaces were allowed to separate from each other after they contacted. “Hard
contact” was also used to define the contact between steel tube and core concrete in the normal
direction. The Mohr–Coulomb friction model was applied in the tangential direction for the
contact between steel tube and core concrete while the friction coefficient is set to be 0.25[4]. Since
the section steel was embedded in the core of the CFST column, the ‘‘Tie contact’’ constraint was
used to describe the contact between concrete and section steel. The slip between core concrete and
section steel was neglected.
The bottom end plate was fixed against all degrees of freedom whereas the top plate was able to
deform along the longitudinal axis (in the direction of z coordinate). The uniaxial compressive load
was applied on the top plate by displacement increments. A mesh convergence study was performed
to identify an appropriate mesh density for achieving reliable results. In the FEA model of the
SRSCFSHS column, the steel tube was simulated by four-node conventional shell element (SR4)
while the section steel, the end plates and core concrete were modelled by 3D eight-node solid
elements with reduced integration (C3D8R). Figure 4 shows the meshing configurations of the
SRSCFSHS column and its components.

(a) Section steel (b) Core concrete
(c) Steel tube
(d) SRSCFSHS
Figure 4. Meshing and Configuration of the SRSCFSHS Column Model
2.3

Verification of the Proposed Finite Element Model

To verify the validity of the FEA model described above, existing experiments conducted by Zhu et
al. [14] were selected and analyzed with the proposed FE models. A total of four SRSCFSHS
columns from the tests were numerically studied, and the dimensions and material properties of the
columns are shown in Table 1. Figure 5 shows axial load (L) versus average axial strain ( ) curves
of the SRSCFSHS columns from both the experimental and simulation results. As can be seen in
Table 1, the maximum error of load carrying capacity was less than 8%. Generally, the simulation
results are in good agreement with the experimental results, indicating that the proposed finite
element models of the SRSCFSHS columns are valid.
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Table 1. Dimensions and Material Properties of the SRSCFSHS Columns
B×t×Le(mm)

L/B

S5L10
S5H10
S4L10
S4H14

195×5.5×600
195×5.5×600
195×4.5×600
195×4.5×600

3
3
3
3

(MPa)
48.4
70.8
48.4
70.8

(mm2)
30990
30990
31730
30726

(MPa)
288
288
289
289

(MPa)
338
338
338
327

5000

5000

4000

4000

Axial Load (kN)

Axial Load (kN)

Specimens

3000

2000

S5H10
S5H10(Simulate)
S5L10
S5H10(Simulate)

1000

0
0.00

0.01

0.02

0.03

Axial strain 

0.04

(mm2)
4169
4169
3429
3429

(mm2)
2866
2866
2866
4300

3000

2000

S4H14
S4H14(Simulate)
S4L10
S4L10(Simulate)

1000

0.05

1.08
1.06
1.04
1.05

0
0.00

0.01

0.02

0.03

0.04

0.05

Axial strain 

(a) for S5L10, S5H10
(b) for S4L10, S4H14
Figure 5. Axial Load–average Axial Strain Curves from Both Experiments and FE Analysis

3.

MECHANICAL BEHAVIORS OF SRSCFSHS COLUMNS
IN UNIAXIAL COMPRESSION

In this section, the simulation results of a typical specimen S4H14 were employed to discuss the
failure mode and mechanical behavior of the SRSCFSHS columns.
3.1

Failure Mode

The typical failure modes of SRSCFSHS components are shown in Figure 6. It is found that the
failure mode of SRSCFSHS column is quite similar to normal CFST columns. In the final stage,
outward local bulking is observed in the middle of the steel tube, while inward bucking is avoided
due to the support from steel reinforced core concrete. For the embedded section steel, no local
buckling is observed due to ambient complete support from steel tube confined core concrete. In
the ultimate stage, outward bulge occurs in the middle of the SRSCFSHS column. The transverse
deformation of concrete in the region close to the two ends is smaller than that of concrete in the
middle of the column, which is due to constraint of transverse deformation caused by the end steel
plates.

(a) Steel tube
(b) Section steel
(c) Core concrete
Figure 6. Typical failure mode of the components of the SRSCFSHS column
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Axial Load Versus Average Axial Strain Curves

The calculated axial load (L) versus axial strain ( ) curve of the SRSCFSHS column is shown in
Figure 7. The axial load (L) versus axial strain ( ) curves of the components including core
concrete, steel tube, section steel are also shown in Figure7. Four characteristic points are marked
on the curve of the SRSCFSHS column. Point A defines the moment when the steel tube begins to
yield. Point B indicates the moment when core concrete just reaches the peak strength. Point C
indicates the section steel reaches the peak strength, and Point D defines the final failure of the
composite column due to large deformation. Thus, the L versus curve of the SRSCFSHS column
can be generally divided into four stages. In the first stage (OA), the composite column generally
shows elastic behavior. At Point A, the stress of core concrete and section steel are about 80% and
70% of their peak strength, respectively. In the second stage (AB), the average axial strain ( )
increases more quickly than that in the first stage. At Point B, while the core concrete just reaches
its peak strength, the steel tube has entered the plastic stage. In this stage, the maximum stress of
the section steel is about 80% of its peak strength. The column approaches its peak strength at the
end of the stage. The segment of BC defines the third stage of the axial load-average axial strain
curves. In this stage, the stress of the column and the core confined concrete decreases with further
axial deformation even though the stress of the section steel continues to increase. At Point C the
section steel reaches its peak strength, which is later than the composite column yields (point B),
indicating the section steel can provide “strength reserve” and can increase the post-yielding
strength of the composite column. This also has a significant benefit for the fire resistance of the
SRSCFSHS column. In the last stage (CD), the load almost keeps stable with increasing axial
deformation. In this stage, the core concrete sustains about 50% of the strength of the composite
column, while the steel tube and section steel sustain the remaining 50% of the strength. The
composite column finally fails by excessive axial and transverse deformation due to the yielding of
steel tube and section steel as well as the nonlinear deformation of core confined concrete.
5000

B

Axial Load (kN)



4000

A

C


D



SRCFSST
Section Steel
Steel Tube
Concrete

3000

2000

1000

0
0.00

0.01

0.02

0.03

0.04

0.05

Axial strain 

Figure 7. Typical Axial Load (L) Versus Axial Strain ( ) Response of SRSCFSHS Column
3.3

Comparison of Mechanical Behavior between SRSCFSHS Column
and Its components

In order to analyze the composite effects of the components in SRSCFSHS columns, the
mechanical behaviors of individual CFST and section steel are also numerically simulated.
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Comparison between section steel in SRSCFSHS column and single section steel

The comparison of mechanical behavior between section steel in SRSCFSHS column and single
section steel under uniaxial compression is shown in Figure 8. In order to simulate the performance
of single section steel under uniaxial compression, nonlinear buckling analysis method provided by
ABAQUS was applied in this paper [20]. The section steel in the SRSCFSHS column fails due to
compression yielding, while the individual section steel fails by buckling in the middle of the
length under uniaxial compression, as shown in Figure 9. According to the calculation results, the
load carrying capacity of the section steel in the composite column is 40% higher than that of the
individual section steel. This is due to the fact that the inner section steel is under the confinement
of the square CFST, while the individual section steel has no support from the surrounding concrete
and local buckling occurs under axial loading.
1400

Axial Load (kN)

1200

1000

800

600

400

Inner section steel
Individual section steel

200

0
0

6

12

18

24

Displacement mm

30

Figure 8. Comparison of Mechanical Behavior between Inner Section Steel and
Individual Section Steel

Figure 9. Failure Mode of Single Section Steel
3.3.2

Comparison between SRSCFSHS Column and Square CFST Column

Figure10 is depicted to illustrate the L- curves of the SRSCFSHS column and the individual
CFST column. It should be noticed that the CFST column has the same cross-section and the
material properties as the SRSCFSHS column except that there is no section steel embedded in the
CFST column. According to the simulation results, the load carrying capacity of the SRSCFSHS
column is about 28% higher than that of the individual CFST column due to the existence of the
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section steel. After the peak load, the L- curve of the SRSCFSHS column drops more gradual
than that of the individual CFST column. This is due to the fact that the section steel can provide
“strength reserve” for the SRSCFSHS column. In order to compare the ductility of SRSCFSHS and
CFST columns, the ductility coefficient ( ) was introduced which can be calculated as
,
is the ultimate strain and
is the yield strain. As can be seen in Figure11,
is equal
where
to the strain corresponding to a 15% drop of the peak load in the descending part of L- curves,
is calculated according to the criteria for equivalent elastoplastic yield [25]. The ductility
while
coefficients of the two columns are presented in Table 2. It can be seen that the ductility coefficient
of SRCFST column is about 80% higher than that of CFST column.
Figure 12 shows the maximum principal plastic strain of core concrete for both SRSCFSHS column
and CFST column. The maximum principal plastic strain can be regarded as the cracking of
concrete in FEA model and the cracks are perpendicular to the orientation of the maximum
principal plastic strain. It can be seen that maximum principal plastic strain of SRSCFSHS column
is much lower than that of CFST columns. The outward deformation of core concrete in
SRSCFSHS column is much smaller than that of core concrete in the CFST column. Especially, for
the CFST column, the outward deformation almost concentrates in the middle of the edge. Concrete
cracks can be represented by the maximum principal plastic strain and the cracks are perpendicular
to the orientation of the maximum principal plastic strain. Therefore, according to Figure12, the
encased section steel can effectively restrain the generation or propagation of cracks in the core
concrete.
Figure 13 shows the distribution of contact pressure between core concrete and square steel tube for
both SRSCFSHS and CFST columns. Contact pressure can reflect the confinement of steel tube to
core concrete. For a certain cross section, the contact pressure concentrates at the corner areas of
both SRSCFSHS column and CFST column. Along the length of columns, the contact pressure of
SRSCFSHS column is higher than that of CFST column. The contact pressure of SRCFST column
distributes uniformly along the edges, while the contact pressure of CFST column generally
concentrates in the middle part of the edges.
According the aforementioned analysis, the cracks in core concrete of SRSCFSHS column are
restrained due to the existence of section steel, thus the contact pressure between the square steel
tube and core concrete distributes more uniformly and better composite effects can be achieved.
Therefore, the SRCFST columns have both higher load carrying capacity and ductility than the
square CFST columns.
L

Axial Load (kN)

5000

Ly

0.85Ly

4000

3000

2000

SRCFSST
CFST

1000

0
0.00

0.01

0.02

0.03

0.04

0.05

Axial strain 

Figure 10. L- Curves of SRSCFSHS and CFST
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Figure 11. Definition of Ductility Coefficient
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Table 2. Ductility Coefficients of SRSCFSHS and CFST Columns
Coefficients
SRSCFSHS
CFST
0.018
0.008
0.002
0.0016
9
5

(a) For SRSCFSHS column
(b) For CFST column
Figure 12. Maximum Principal Plastic Strain of Core Concrete

(a) For SRSCFSHS column
(b) For CFST column
Figure 13. Contact Pressure of Core Concrete

4.

PARAMETRIC STUDY

In this section, a total of 26 SRSCFSHS columns were analyzed to study the effect of the
dimensions and material properties on the mechanical behaviors of the composite columns. Table 3
summarizes the characteristics of the SRSCFSHS columns in the parametric study.
4.1

Effect of Section Steel Strength

According to the simulation results in Figure 14, increasing section steel strength (
leads to
gradual increase of the peak strength and the initial stiffness as well as the residual strength of
SRSCFSHS columns. For the cases with different strengths of section steel, the shapes of the L-
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curves are quite similar and the curves are almost parallel to each other after the peak strength, and
the influence of section steel strength ( ) on the ductility of SRSCFSHS columns is not
significant.
Table 3. Dimensions and Material Properties of Circular SRSCFSHS in the Parametric Study
Group

Specimens

Dimensions

Material properties

L0×B×t
1 (SS)

SS-1
SS-2
SS-3
SS-4

2(CS)

CS-1
CS-2
CS-3
CS-4

3(TS)

TS-1
TS-2
TS-3
TS-4

4(TR)

TR-1
TR-2
TR-3
TR-4
TR-5

5(SR)

SS-1
SS-2
SS-3
SS-4

5(SL)

SS-5
SL-1
SL-2
SL-3
SL-4

4.2

600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×3
600×195×6
600×195×9
600×195×12
600×195×15
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
600×195×4.5
564×195×4.5
1127×195×4.5
2816×195×4.5
5635×195×4.5

10.6
10.6

3429
3429

2866
2866

0.11
0.11

0.09
0.09

(MPa)
70.8
70.8

(MPa)
235
345

(MPa)
345
345

10.6

3429

2866

0.11

0.09

70.8

390

345

10.6

3429

2866

0.11

0.09

70.8

420

345

10.6

3429

2866

0.11

0.09

30

235

345

10.6

3429

2866

0.11

0.09

40

235

345

10.6

3429

2866

0.11

0.09

50

235

345

10.6

3429

2866

0.11

0.09

60

235

345

10.6

3429

2866

0.11

0.09

70.8

235

235

10.6

3429

2866

0.11

0.09

70.8

235

345

10.6

3429

2866

0.11

0.09

70.8

235

390

10.6

3429

2866

0.11

0.09

70.8

235

420

10.6

2286

2866

0.11

0.09

70.8

235

345

10.6

4572

2866

0.15

0.09

70.8

235

345

10.6

6858

2866

0.22

0.09

70.8

235

345

10.6

9144

2866

0.29

0.09

70.8

235

345

10.6

11430

2866

0.37

0.09

70.8

235

345

10.6

3429

2866

0.11

0.09

70.8

235

345

10.6

3429

3622

0.11

0.12

70.8

235

345

10.6

3429

4304

0.11

0.14

70.8

235

345

10.6

3429

5230

0.11

0.17

70.8

235

345

10.6
10

3429
3429

6124
2866

0.11
0.11

0.20
0.09

70.8
70.8

235
235

345
345

20

3429

2866

0.11

0.09

70.8

235

345

50

3429

2866

0.11

0.09

70.8

235

345

100

3429

2866

0.11

0.09

70.8

235

345

Effect of Core Concrete Strength

According to the simulation results in Figure 15, increasing the strength of core concrete ( ) can
result in improvement in the peak strength and the residual strength of SRSCFSHS columns. Since
the deformation capacity of the composite column is governed by the deformation ability of the
steel tube and section steel, all SRSCFSHS columns show high ductility. However, as the concrete
strength increases from 30 MPa to 60 MPa, the increase of the ultimate strength is much smaller
than that of the peak strength, indicating the strength of core concrete has little effect on the
ultimate strength of SRSCFSHS column. This is due to the fact that the increase of concrete
strength may lead to higher brittleness, and high strength concrete softens significantly and can
sustain similar external load to low strength concrete in the ultimate stage.
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Figure 15. Effect of Concrete Strength

Effect of Steel Tube Strength

Figure 16 shows the effect of steel tube strength (
on the mechanical behavior of the
SRSCFSHS column. It can be seen that the curves become smoother with the increase of steel tube
strength after the peak strength. From one hand, the increase of steel tube strength can certainly
increase the bearing capacity of the steel tube. From the other hand, increasing the strength of steel
tube can provide more effective confinement to core concrete, resulting in improvement of bearing
capacity of the core concrete. Therefore, increasing steel tube strength can both increase the peak
strength and the ultimate strength of the composite SRSCFSHS column.
4.4

Effect of Steel Tube Ratio

Steel tube ratio ( ) is an important factor that affects the axial compression behavior of
SRSCFSHS columns. The steel tube ratio is defined as
, where
represents the area
represents the area of core concrete. According to the simulation results in
of steel tube and
Figure17, increasing steel tube ratio ) can lead to significant increase of the peak strength or the
ultimate strength of SRSCFSHS column. With increasing steel tube ratio, the SRSCFSHS columns
exhibited various post-yield behaviors. Specimen TR-1 shows softening behavior, while TR-5
exhibits strain hardening behavior in the post-yield stage, which is due to the fact that increasing
the ratio of steel tube can significantly improve the confinement to core concrete and result in the
change from strength softening behavior to strength or strain hardening behavior of the SRSCFSHS
column.
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Figure 16. Effect of Steel Tube Strength
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Figure 17. Effect of Steel Tube Ratio

Effect of Section Steel Ratio

The section steel ratio is defined as
, where
represents the area of section steel and
represents the area of core concrete. Figure18 shows the effect of section steel ratio ( ) on the
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axial compression behavior of SRSCFSHS columns. The shapes of the curves are very similar, and
the peak strength and the ultimate strength of the composite column increase with significantly with
the section steel ratio, indicating increasing the section steel ratio is an effective way to enhance
peak strength or ultimate strength of the SRSCFSHS columns.
4.6

Effect of Slenderness Ratio

The slenderness ratio ( ) of SRSCFSHS columns is defined as
, where is the effective
column length, is radius of gyration. The initial out-of-straightness is the main factor that
influence the compression behavior of slender columns. In this study, the out-of-straightness is
taken as L/5000 [26]. The compression behavior of SRSCFSHS column can be discussed with the
ratio of stability ( ), where
is defined as
, in which
and
are the peak
strength and the sectional strength of the composite column. The schematic view of
relation
is shown in Figure20. Figure19 shows the effect of slenderness ratio ( ) on the axial compression
behavior of SRSCFSHS columns. The shapes of curves are quite different even though they have
same cross section and material properties. Generally, specimen SL-1 can be classified as strength
failure, SL-2, SL-3 can be classified as elastic–plastic instability failure while SL-4 can be
relation of SRSCFSHS column is shown
classified as elastic instability failure. The typical
,
in Figure21. It can be seen that the SRSCFSHS column shows strength failure mode when
and shows elastic–plastic instability failure mode when
and shows elastic instability
.
failure mode when
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5.

A NEW APPROACH FOR PREDICTING STRENGTH
OF SHORT SRSCFSHS COLUMN

In this study, the approach of Eurocode 4 [17] (EC4) was adopted to estimate the compressive
strength of the short SRSCFSHS columns (
). According to the calculation approach in
Eurocode 4, the compressive strength of short SRSCFSHS columns can be calculated by
(5)
is the yield strength of steel tube,
is the cylinder compressive
In the above equation,
is the yield strength of section steel.
,
and
are the
strength of concrete and
cross-sectional areas of the steel tube, core concrete and section steel, respectively.
Table 5 shows the comparison between the simulation results and the predicted results from Eq. 5.
It is found that the approach in Eurocode 4 underestimates the strength of SRSCFSHS specimens,
and the maximum deviation reaches as great as 15%. As can be seen in Table 3, with the increase of
steel tube ratio and steel tube strength, the maximum deviation reaches as great as 36%, indicating
that neglecting the confinement effect in SRSCFSHS column may lead to severe conservative
predication for real design. Therefore, a reliable approach needs to be developed for predicting the
load carrying capacity of SRSCFSHS columns.
The SRSCFSHS column can be regarded as a combination of CFST and section steel, in this way,
the bearing capacity of SRSCFSHS can be expressed as follow:
(6)
where
and

is the load capacity of SRSCFSHS,
is load capacity of section steel.

is the load capacity of square CFST

Up to now, a number of models for predicting the load carrying capacity of CSFT tubular members
have been proposed [27-29]. Tao [30] made comparison of these models, and found that the
DBJ/T13-5 [26] gave comparatively accurate prediction. The equation in DBJ/T13-51 can be
simplified as follow:
= (1.18+0.85 )

(

<5)

(7)
(8)

is a confinement factor,
is the characteristic compressive strength of concrete
where
cube,
is the strength index of CFST column and
is the cross-sectional areas of CFST
column.
) can be
As for the strength of section steel ( ), the local buckling of inner section steel (
avoided due to effective support of steel tube confined core concrete. Therefore section steel can
fully contribute its strength to SRSCFSHS column. As has been analyzed above, the section steel
reaches its peak strength after the yielding of SRSCFSHS column, indicating the strength of section
steel has not been thoroughly utilized when the SRSCFSHS reached its peak strength. Therefore,
can be expressed as follow:
(9)
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is the ultimate stress of steel, and
is the cross-sectional area of section steel. In this
where
equation,
is a coefficient considering the “hysteresis effect” of section steel, and
can be
calculated as follow:
(10)
is the peak strain of the core concrete and can be calculated according to equation (3),
where
which can also represent the peak strain of the SRSCFSHS column as can be seen in Figure (7).
represents the stress of the section steel when SRSCFSHS column reaches its peak
The
load and
is the ultimate stress of the section steel.
and
can be calculated according to the equation (1), (2) and (3) above, therefore
Both
can be expressed as following:
(11)
will decrease with the increase of
As can be seen in equation (11),
is no need to apply high strength section steel in SRSCFSHS column.

, which indicates that there

In this way, Eq. 6 can be modified as follow:
= (1.18+0.85 )

+

(12)

As can be seen in Table 4, the suggested equation appears to provide more reliable predictions with
the maximum error less than 10%. In order to verify the validity of the proposed equation, the
comparison was also made between the experimental results and the predicted results from the
proposed model. A total of seven specimens from the past experiments conducted by Wang [15]
were adopted. Table 5 shows the comparison of the experimental results with the calculated results
from the proposed equations. It is found that the proposed model can provide precise predications
of the strength of tested SRSCFSHS columns.
Table 4. Comparison of the Simulation Results with the Modelling Results
Specimen
/
/
[Eq. 5]
[Eq. 12]
[Eq. 5]
[Eq. 12]
SS-1
3838
3308
1.16
3726
1.06
SS-2
4408
3642
1.21
4544
1.05
SS-3
4635
3768
1.23
4372
1.02
SS-4
4753
3833
1.24
4442
1.07
CS-1
4069
3477
1.17
4238
0.96
CS-2
4181
3635
1.15
3700
1.03
CS-3
4219
3835
1.1
3906
0.96
CS-4
4330
4123
1.05
4123
0.94
TS-1
4117
3402
1.21
4036
0.98
TS-2
4648
3688
1.26
4694
1.07
TS-3
4796
3633
1.32
4611
1.04
TS-4
5033
3673
1.37
4748
1.05
TR-1
3956
3269
1.21
3697
1.03
TR-2
4717
3773
1.25
4579
1.06
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TR-3
TR-4
TR-5
SR-1
SR-2
SR-3
SR-4
SR-5

5515
6773
7596
3738
4021
4344
4735
5282

4342
5131
5585
3307
3466
3590
3849
4192

1.27
1.32
1.36
1.13
1.16
1.21
1.23
1.26

5202
6575
7447
3560
3757
4137
5037
5128

1.08
1.08
0.95
1.09
1.04
1.06
0.97
1.06

Table 5. Comparison of the Experimental Results with the Modelling Results
Specimen
/
/
[Eq. 12]
[Eq. 5]
[Eq. 5]
[Eq. 12]
S5L10
4047
3669
1.1
3929
1.05
S5H10
4882
4363
1.12
5085
0.98
S4L10
3980
3495
1.14
3790
1.04
S4H10
4820
4206
1.15
4918
0.96
6.

CONCLUSIONS

In this paper, the mechanical behaviors of SRSCFSHS columns in uniaxial compression were
investigated with nonlinear finite element analysis. The validity of the applied finite element
models was verified with existing experimental results. The composite effect of SRSCFSHS
column was comprehensively studied with the finite element model. The strength and ductility of
SRSCFSHS are much higher than that of the square CFST column with same cross section due to
the existence of inner section steel. The inner section steel can provide “strength reserve” for the
SRSCFSHS columns. On the other hand, the local buckling of inner section steel can be avoided
due to effective support of square steel tube confined concrete.
A total of twenty-six SRSCFSHS columns were modelled to investigate the effects of different
parameters on the mechanical behaviors, including the steel tube ratio ( ), section steel ratio ( ),
concrete strengths ( ), yield strength of steel tube ( ), yield strength of section steel ( ) and the
slenderness ratio (λ). According to the calculation results, the peak strength and initial stiffness of
CFST columns increases with the increase of the mentioned parameters except for slenderness ratio.
However, the increase of section steel ratio ( ), yield strength of steel tube ( ) or section steel
( ) has little influence on the axial compression behaviors of SRSCFSHS columns after peak
strength. The SRSCFSHS columns generally shift from strength softening behavior to strength
hardening behavior with increasing steel tube ratio ( ). The increase of slenderness ratio (λ) will
change the failure model of the SRSCFSHS column. When λ is smaller than 15, the SRSCFSHS
column can be classified as a short column.
The model in Eurocode 4 comparatively underestimates the load carrying capacity of of
SRSCFSHS column due to neglecting the strength increase of core concrete and section steel
caused by confinement effect. In this study, a new model for predicting the strength of SRSCFSHS
columns was proposed and verified with the experimental results.
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ABSTRACT: Hurricane Odile hit Baja California Sur, Mexico in 2014, causing substantial damage to local steel
pole structures (light poles and electricity poles). Based on the failure characteristics observed on such poles, this
paper develops an analytical study aimed at evaluating the wind-excited inelastic response of slender vertical
cantilever structures. Displacement-controlled pushover analyses are performed in OpenSees. The research pretends
to establish a reference of the deformation limit for the serviceability limit state in order to contribute to make
conservative decisions in the design phase of steel poles.
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1.

INTRODUCTION

In recent years, partial or total collapse of steel poles (light-poles and electricity poles) related with
wind patterns have increased in Mexico. Despite that these damages are controllable, the
vulnerability of poles under severe natural hazards is one of major concern of designers, owners,
managers and society. The fact is that there are several uncertainties related to the exposed
structures, storms and the particular conditions of each pole, etc., that make it difficult to quantify
the probability of failure or the rate of failure over a period of time (Figure 1).
An impressive number of collapses of poles related to wind actions are continually reported in
Mexico, which emphasizes their vulnerability. For example, in September 2014 in Baja California
Sur, Mexico, Hurricane Odile represents the largest damage in the history of the electrical network
in Mexico, where it is estimated that 1,800 poles were affected [1]. Some of them may fail due to
many reasons under wind actions such as incorrect design assumptions, improper detailing,
material defects, fabrication errors, force fitting during erection and variation in material strength
[2]. In addition, safety management such as regular checking of corrosion or damage during the
operation conditions might be an additional source of collapses. Careful attention to the design
requirements for poles structures will extend their lifespan and ensure public safety.

a) Power pole collapse. Electrical
substation, Mexico City, January, 2009

b) Damage by Hurricane Odile in Baja
California Sur, September 2014 [3]

Figure 1. Examples of Poles Collapses
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Nowadays, Mexico does not have a code with the minimum standards for non-building structures.
And local codes usually establish performance requirements which just outline what the required
level of performance is and leave it up to the designer how this is achieved. Poles might be
designed under different criteria depending on the designer, producer or local market.
In contrast, in the United States, design of tubular steel poles is governed by the ASCE Manual #72
[4], which have been published more than 20 years ago. This manual provides a uniform basis on
the design and manufacture of steel pole structures: light poles and electricity poles [5]. It also
defines the requirements for fabrication, erection, load testing, and quality assurance according to
the United States steel market conditions of those years.
It should be noted that steel pole structures have several unique design features as compared to
other steel structures. For example, poles design is based on the use of the large displacement
analysis to account for the P−D effect and check for stability. To prevent excessive deflection
effects, the lateral deflection under factored loads is usually limited to 5 to 15% of the total pole
length, for poles structures under load combination (dead load and wind load). This limit is not
precisely a serviceability requirement, but it constitutes a safeguard against the design of highly
flexible structures. So, service deformation limit is not clearly defined.
To clarify the role and importance of the above remarks, this paper develops an analytical study
aimed at evaluating the wind-excited inelastic response of slender vertical cantilever structures. The
research pretends to establish a reference of the deformation limit for the serviceability limit state
in order to contribute to make conservative decisions in the design phase of steel poles.
Poles were designed to fulfill all the recommendations of the wind and steel guidelines of Mexico's
Federal District Code [6] and the Chapter of Wind Design of the Federal Electricity Commission of
Mexico [7] and they were designed following the common Mexican practice for tubular steel poles
with typical dimensions and the local equipment, as it is discussed in the following sections.
Wind-excited response is investigated by pushover nonlinear analyses, focusing on the deformation
restrictions for the service limit state under different lateral load patterns in order to contribute to
protect life and property during intense wind demands and to improve the acquired knowledge.

2.

TESTING AND PROVEN PRODUCT EXPERIENCE

In the Mexican practice, full scale cold bend tests may be conducted on poles design to verify the
proper behavior and to withstand the design loads specified for these structures as a function of the
maximum deformation. Nevertheless, usually these tests do not exceed the yielding limit (Figure 2),
because the owner is not willing to pay a destructive test. So, the global drift at the service
deformation (at yielding) is not clearly defined for all the possible cases. (Here, the global drift is
computed as the difference of the deflections at the top and bottom divided by the total pole
length).
In fact, the maximum allowed deformation (serviceability limit state) according to the Specification
for steel poles of the Federal Electricity Commission of Mexico (CFE-J6200 [8]) is not function of
the length of the pole (Table 1). This may mean that the limit value is not based on a formal study
of the desirable structural performance, but on the needs of the electrical equipment, lights,
batteries, circuits, etc.
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Figure 2. Example of the Non-destructive Test for a A13 Steel Pole
Table 1. Deformation Service Limits According to the Specification CFE-J6200 [8]
Service limit state
Pole length
Normative Poles
Deformation
(mm)
Drift (%)
(mm)
A13
10,300
560
5.44
A14
11,500
680
5.91
A15
12,700
820
6.47
A17
14,500
980
6.76
Additionally, in the local market, some pole structures are purchased to meet a recognized
structural code and many others are sold as general commercial design. Design issues include
improper safety factors, inadequate base plate design, insufficient anchor bolts, improper
application of wind velocities and wind coefficients, undersized weld and improper damage in the
manufacture process. Standardizing the design process would improve the safety of poles and
reduce confusion during the procurement process [9].

3.

CONDITION OF MANUFACTURING

Steel poles are fabricated from uniformly tapered hollow steel sections and for structural efficiency,
the structures taper over their height to a smaller tip diameter at the top. The poles are cold formed
by standard methods such as bending, stretch, forming, roll forming, etc. from plates of thickness of
0.48 mm until 12.7 mm (because the maximum plate thickness that a hydraulic press is able to bend
is around 12.7 mm). For these structures the industry practice is that the analysis, design and
structure detail are usually performed by a steel pole supplier in order to develop the cheapest
structures (lightest weight) and more compatibles with fabrication practice and available
equipment.
Because the selling price of the poles is directly proportional to the weight, companies spend time
and money in the engineering to greatly simplify the manufacturing process with the minimal waste.
For this reason, the structural design of the poles is highly dependent on the cuts in the plates
(Figure 3a). In the Mexican practice, the most common widths, for this purpose, are 48 inches
(1,219.2 mm) and 60 inches (1,524.0 mm); although it is possible to find plates with up to 72
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inches (1,828.8 mm) width.
The tapered steel pole is formed from a trapezoid-shaped plate and depending on the dimensions;
the pole might be formed with a single longitudinal weld seam. Figure 4 shows some cutting
configurations used in the industry. This is a common practice to reduce material waste and,
therefore, reduce the cost of the poles.
On poles manufacturing, once cutting has been performed, the rough cross-section is formed by
presses (Figure 3b), and then the cross-section is detailed through small presses (Figure 3c). Finally,
shell is long-seamed with vertical weld along pole axis, through submerged arc welding techniques
or electric resistance welding methods (Figure 3d).

a) Cut of plate

b) Bending of the plate with hydraulic press

c) Detailed of the cross-section through
d) Longitudinal weld seam
smaller presses
Figure 3. Manufacturing Process of Tubular Steel Poles
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Corrosion protection must be considered for steel poles, mainly for structures with conditions of
wetness and atmospheric pollution level. In Mexico, this protection represents an increase of the 30
percent of the final cost; so, it is important to assess the corrosivity of the environment to which the
pole would be exposed and in defining clear and appropriate coating specifications.
Selection of a specific coating or the use of weathering steel depends on exposure to severe weather
conditions, past experience, appearance and economics. The most used corrosion protection
technique on steel poles is the hot-dip galvanizing. In the galvanizing process a zinc coating is
metallurgically bonded to the steel surface. The zinc layer provides both a barrier coating for the
steel and galvanic protection since the zinc preferentially is consumed before the steel corrodes.
Nevertheless, frequently this alternate work might deform the pole due the thickness of the plate
(48 mm) (Figure 5a); so, it is common that the cross-section should be detailed through presses
again (Figure 5b). Other problems during the transportation to the galvanizing machine are related
to damage and rupture of the longitudinal weld (Figure 5c) or strokes in the surface (Figure 5d).
Once in field, preventive maintenance is highly recommended through a regular checking of
corrosion.

c) Damage in weld seam

a) Deformation after
b) Repair of straightening
d) Hit on surface
hot-dip galvanizing
Figure 5. Damage related with the hot-dig galvanizing
Because of transportation conditions, in the Mexican practice, the maximum pole length is
restricted to 12,000 mm. So, pole sections are normally joined by slip splices to transfer shears and
moments. They are detailed to have a lap length L no less than 1.05 times the largest inside
diameter (Figure 6a). It is important to have a tight fit in slip joint to allow load transfer by friction
between sections. Locking devices or flanged joints will be needed if the splice is subjected to
uplift forces.
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a) Schematic overlap b) Overlap in power pole
Figure 6. Typical overlap in pole sections

4.

Figure 7. Typical light-pole in
Mexico City

MODELS DESCRIPTION

Ten tubular steel poles from 10 m. to 30 m. were designed to fulfill all the recommendations of the
steel guidelines of Mexico's Federal District Code [6] and the Chapter of Wind Design of the
Federal Electricity Commission of Mexico [7] and by following the local manufacturing practice.
Poles are representative of typical light-poles in Mexico City (Table 2, Figure 7).
The cryptograms for the identification of the models are PxxTy, where P indicates that the structure
is a pole, xx indicates the structure height in meters and y (after T) identifies the number of sections.

Model
P10T1
P12T1
P15T2
P18T2
P20T2
P22T2
P24T3
P26T3
P28T3
P30T3

Table 2. Structural Specifications
1st & 3er. &
Design
Length Bottom
Sheet Number
Top
nd
th
4
deformation at
2
of pole, diameter diameter thickness of pole
Period Period the top (cm)
sections
Lp (mm) (mm)
(mm)
(mm)
(sec)
(sec)
10,000
110
90
4.76
1
0.928 0.162
25.516
12,000
150
110
4.76
1
0.944 0.179
25.601
15,000
160
110
4.76
2
1.335 0.258
55.308
18,000
185
120
4.76
2
1.707 0.326
94.876
20,000
200
125
4.76
2
1.937 0.376
126.919
22,000
250
140
4.76
2
1.840 0.372
116.445
24,000
290
150
4.76
3
1.863 0.387
121.926
26,000
310
170
4.76
3
2.060 0.419
151.039
28,000
320
185
4.76
3
2.330 0.464
197.343
30,000
350
190
4.76
3
2.422 0.494
220.641

Poles were analyzed in SAP2000 [10] by linear static analysis in 3D model under: a) weight of the
pole, battery, luminaries and solar panels (Table 3) and b) the pressure of the wind acting
horizontally on the pole and equipment.
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Table 3. Characteristics of Considered Equipment
Weight
Exposed area
Characteristics
(kN)
(m2)
696.3
0.121
Light emitting diode. 18 W.
951.3
0.090
12V, 1200 Ah @10hr
147.1
0.252
185 W. Mono-crystalline. 2x120W

Supplement
Luminary
Battery
Solar panel

The adequate lighting distribution for exterior commercial poles is a function of its height and
location. So, more luminaries and solar panels were considered for taller poles, because they
usually are designed to illuminate large areas (Table 4).
Table 4. Estimated Weight of the Equipment for the Design
Solar
Model
Luminary Battery
panels
P10T1, P12T1, P12T1, P15T2, P18T2,
1
1
1
P20T2
P22T2
4
1
1
P24T3, P26T3, P28T3
4
1
2
P30T3
6
1
3

Weight
(kN)
1,794.7
3,883.6
4,030.7
5,570.4

In the analytical model, a pole was considered as a continued element in order to exhibit full
flexural strength and stiffness continuity. In addition, pole was modeled with a set of elements of
length 20 cm to reproduce the response of an axially loaded element including large translational
displacement and P-delta effects.

Ry, Ru

Through n= 69 certified laboratory coupon tests of steel samples available in the Mexican market, a
better reference of the real yielding steel stress were considered. The sample is based on steel plates
with thickness varying from 0.48 mm (3/16”) to 0.64 mm (1/4”) [11]. According to the results, the
mean value of ratios between effective and nominal material overstrength at yielding is =fy
Effective/fy Nominal)/n = 1.277, which is larger than the one proposed in current codes; for example AISC
341-10 [12] equal to Ry AISC= 1.10 for A50 steel (Figure 8).
Ry (yielding)
Ru (ultimate)
Ry (Acc. to AISC 341‐10)
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Figure 8. Local Material Overstrength
In order to account for the deviation, a conservative magnitude of the factor related to the material
overstrength was developed from the mean minus one standard deviation (= 0.095) in a normal
distribution. Thus, the proposed material overstrength considered in this research is equal to Ry= = 1.183, which is also included in Figure 8.

435

5.

Edgar Tapia-Hernández

DESIGN CONSIDERATIONS

In the design process, the strength was derived from varying diameter and thickness and by using
methods to evaluate designed strength to required strength as it is discussed in further detail in
Flores-Montaño [13]. According to the results, the use of this design methodology provides
consistent structural performance for steel poles.
The high flexibility of poles makes them susceptible to wind resonant vibration [14, 15]. So, the
aerodynamic effects, which accounts for the interaction of the geometry of the pole on surface
pressure, due to wind, must be included. According to the specialized codes, the dynamic response
factor shall be determined for structures with natural first mode fundamental frequencies less than 1
Hertz (period of vibration of 1 second).

Figure 9. Design Methodology of Steel Poles
The considered design methodology in this research is schematically explained in Figure 9.
According to the Guidelines for the wind guidelines [16] of Mexico's Federal District Code [6], the
design wind pressure calculation is based on fundamental fluid-flow theory and is computed as
follows:
F(z)= 0.50GV(z)2FADA

(1)

Where F(z) is the total force at height z over the projected surface area A normal to the wind
direction, due to wind speed at the same height V(z). FAD is the dynamic response factor. In the
Code, the calculation of pressure coefficients has been simplified by the adoption of this dynamic
response factor, where the analysis takes into account the dynamic nature of wind pressure and the
response of the structure to result in equivalent static design data. Further details on the steel poles
design can be found in [4, 13, 17].
The first two couples of natural (flexural) frequencies are shown in Table 1, whereas the
corresponding modal shapes are plotted in Figure 10a. Due to mechanical symmetry, this figure
exhibits similar rotations of the two couples of modes with respect to the reference axes x and y
(Figure 10b and 10c).
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Figure 10. Typical First Four Modal Shapes
Since, it was supposed that equipment induces a small and negligible eccentricity with respect to
the shaft, any excitation passes through the stiffness center. It is worth mentioning that different
results may be obtained due the role of eccentricities. The presence of additional devices on the
pole (peculiar features such as stairs, cable bundles, antennas, top balcony and/or parabolas)
changes the aerodynamic properties and also the mechanical properties of the structural system
[15].
The design wind pressure is the dynamic pressure multiplied by factors related to the configuration
of the structure and the interaction of the dynamic fluctuations of wind and the response of the pole
(Figure 9e). Factors may be available from wind tunnel testing or other sources (alternative
solutions) for wind effects from more directions than those indicated in the Codes.
The calculation of pressure coefficients has been simplified by the adoption of the aerodynamic
factor, where the analysis takes into account the dynamic nature of wind pressure and the response
of the structure to result in equivalent static design data. The dynamic factor accounts for the
following actions of wind:
a) Correlation effects of fluctuating along-wind forces on poles.
b) Effective pressures due to inertial forces resulting from resonant vibrations.
c) Fluctuating pressures in the wake of the structure (vortex shedding forces), producing resultant
forces acting transversely as well as torsionally.
In the design (Figure 9a, 9f), second-order effects caused by the axial load was accounted by an
approximate simplified method. According to the Steel Guidelines [18] of the Code [6], structures
subject to axial compression and bending moment should satisfy the following requirement:

1.0

(3)

Where, Pu, Mux and Muy are the demands related with axial load and the bending moments; whereas,
Rc, MRx and MRy are the capacities. According to the results, the structures (Table 1) fulfill all the
limits of the wind and steel guidelines of MFDC-04 [6].
Peak deformations at the top obtained from the elastic analyses are also included in Table 1;
whereas in order to exemplify the procedure, characteristics along height of model P12T1 are
shown in Figure 11.
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Figure 11. Characteristics of model P12T1 along height

NONLINEAR ANALYSES

Pushover analyses are useful to assess the structural capacity or to characterize the capacity curve by
monotonically increasing the lateral loads. Usually, the application of inelastic analyses (static and
dynamic) in wind engineering is not common because the design for wind actions requires the
structures to remain in the elastic range. So that, its application is used for characterization of the
capacity for structures under seismic excitations, due to the fact that in the seismic design philosophy
the structures can be designed in the inelastic range under severe excitations [19]. However here,
pushover analyses were carried out in order to evaluate the nonlinear response of the structures
under wind loading to estimate the inelastic capacities.
Three-dimensional inelastic analyses were performed using the OpenSees computer program [20].
Nonlinear beam-column elements with plasticity spread along the length element were used to
model all elements. A circular shaped patch was used to generate the cross-section of poles. Patches
were discretized into fibers with three subdivisions in the circumferential direction and 16 divisions
in the radial direction as it is shown in Figure 12a.
In the model, torsional restraint of the element was also included when out-of-plane buckling is
studied. Torsional element properties have been added to the fibre nonlinear beam-column element
using the aggregation tool in OpenSees [20]. In addition, poles were modeled with nonlinear
beam-column sub-segments (elements of length 20 cm) to reproduce the response of an axially
loaded element including large translational displacements and P-delta effects as shown in 12b.
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Figure 12. Inelastic Model Considerations

Steel with nominal Fy= 345 MPa, E= 200,000 MPa and G= 77 GPa was used for the studied
structures. Realistic values for the steel yielding stress were used considering coupon test
certificates through an overstrength material factor equal to Ry= 1.18 as it was discussed above.
Depending on the design, the overlap was included in the model through a double thickness of the
plate at the cross section (Figure 12b).
The uniaxial Giuffre-Menegotto-Pinto (GMP) steel material with kinematic and isotropic hardening
was used in OpenSees [20] to simulate Bauschinger effect in order to provide a more realistic
representation of the elements response compared to the simpler bi-linear model. Thus, structure
model was found to give realistic predictions of the inelastic response of a member. Reasonable
agreement can be observed between the model in OpenSees and experimental test to predict the
capacity of a member subject to flexo-axial loading [21]. Further details and validation of this
modeling technique can be found elsewhere in Tapia-Hernández and Tena-Colunga [22].
Poles are flexible structures and may undergo relatively large lateral deflections under design loads.
A secondary moment will develop in the poles due to the lateral deflections at the load points. This
secondary moment can be a significant percent of the total moment. Therefore, three components
can contribute to reduce the strength of poles: a) initial imperfection, b) eccentricity of application
of loads and c) residual stresses locked into the cross section. Based on this, realistic conditions of
the studied structures was considered (Figure 12c) through an initial imperfection at midspan of
L/500 assuming a parabolic shape, in agreement with the deformation after hot-dip galvanizing
(Figure 5a). A wide discussion on the influence of out-of-straightness imperfection in the effective
length and the second-order effect in advanced analysis of slender steel structures can be found in
[23, 24, 25].
Additionally, the inherent residual stresses induced by the differential heating as consequence of the
welding process (Figure 3a, 3d) and the rolling and forming process (Figure 3b, 3c) was included
through the command uniaxialMaterial in OpenSees [20].
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7.

LATERAL LOAD PATTERNS

Three possible load distribution patterns were considered: a) the rectangular pattern, b) a modal
pattern based on the fundamental mode and c) the pattern obtained from the application of the
codified design wind load on the pole. In Figure 13, the normalized patterns are depicted for the
P30T3 model to better explain the analyses.
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Figure 13. Considered Lateral Load Patterns
A Newton with line search solution algorithm was selected in the OpenSees library [20] to achieve
rapid convergence and because of the material nonlinearities. The solution algorithm uses an energy
increment test which checks the positive force convergence if half of the inner-product of the
displacement increment and the unbalanced force is less than a tolerance equal to 10-5. The
equations are formed using a SparseGeneral scheme and they are numbered using the reverse
Cuthill-McKee numberer (RCM), which optimizes the node numbering in order to reduce the
storage bandwidth. This method outputs an error message when the structure is disconnected
(collapsed). The constraints were represented with a Plain constraint handler, which enforces
homogeneous single-point constraints (homogenous boundary conditions).
A single load step is performed using a load control integrator for the vertical loads: self-weight of
the structure and equipment (luminaries, batteries and solar panels). In here, the time in the domain
is then set to 0.0 and this load is kept constant. Subsequently, load wind patterns on the accessories
and structure body were added as static incremental loadings. The results of the analysis are then
employed to define the capacity curves in terms of the total horizontal force (basal shear force)
against the global drift in percentage.

8.

DEFORMATION CAPACITIES

Pushover curves from nonlinear analyses (base shear against displacement at the top of the steel
pole divided by the total height L) are shown in Figure 14. Capacity curves changing the slope
value so slightly in the inelastic range as the obtained are typical of detailed models with a
cross-section discretized with fibers.
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Figure 14. Pushover Curves
No dependency on the lateral load pattern has been noticed for low-height models. However, the
modal pattern becomes critical as the height increases, whereas, the normative pattern related to the
more conservative response. It is worth mentioning that the pattern modal pattern and the
rectangular one are difficult to be naturally developed [26], since the wind load pattern is tightly
related to the solidity area and the height z. Then, the discussion about the deformation capacities
are focused on the results of the normative curve.
Drift values were studied through two different profiles: a) the drift reported in the elastic analyses,
which is usually considered into a typical design process and b) the drift at yielding y in the
inelastic analyses, which is related to the serviceability state limit. These magnitudes were included
in Figure 14 and summarized in Table 5.
As depicted in Figure 15, it was found that, in general, the design drift curve obtained at the elastic
analysis for each pole (full rectangles) does not envelope the drift at yielding obtained in the
inelastic analysis (full circles). This implies that the actual deformation capacity that steel poles are
able to develop is larger than the one obtained in ordinary elastic analysis. This might explain why
in conducted full scale tests, the poles usually satisfy the imposed demands with no damage (Figure
2). So, a flag is set on in the importance to close the gap between the predicted behavior, in the
design stage, and the actual behavior especially in the inelastic range of steel poles.
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Table 5. Drifts Related with the Lateral Wind Pattern
Obtained at the design
At yielding (inelastic analyses)
stage
Model
Step
Step
design (%)
y (%)
P10T1
2.55
1.037
5.19
2.076
P12T1
2.13
1.029
5.91
2.888
P15T2
3.69
1.007
5.92
1.614
P18T2
5.27
1.002
7.04
1.339
P20T2
6.35
1.003
7.63
1.202
P22T2
5.32
1.004
7.62
1.466
P24T3
5.42
1.009
7.35
1.469
P26T3
6.87
1.003
7.48
1.302
P28T3
8.97
1.002
8.37
1.185
P30T3
10.03
1.001
8.54
1.134
Now, for lateral load applications, building codes state that the design story drift of the structure
shall not exceed the allowable drift which is a function of the story height. Here this methodology
cannot be followed, because despite of the fact that a relationship between the drift at yielding y
and pole height L was noticed (Figure 14), drift in steel poles is not a direct function of the poles
height L.
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Figure 15. Developed Drift in Relationship of the Structure Height

Based on the above, an interpolation of the obtained results was performed in order to develop a
conservative proposal to predict the deformation capacity (Eq. 4), which is also included in Figure
15.
%

4

/8

(4)

A slightly relationship of the obtained drifts and the amount of overlapping (T1, T2 and T3) on
each pole is also noted (Figure 15).

9.

OVERSTRENGHT CAPACITIES

The inelastic response was also evaluated through the overstrength capacity . Demanded
overstrength was assessed as the peak base shear obtained in the nonlinear pushover analyses,
divided by the base shear at the design state.
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In Table 6, the shear obtained at the design stage Vdesign, the shear at yielding Vy and the peak value
VMax obtained for each studied model are compared. The overstrength factor  obtained for each
pole is the relation between the lateral shear of the code design Vdesign and the peak shear VMax
resisted by the model. The ratio between the shear at yielding Vy and the peak shear VMax was also
calculated.

Model
P10T1
P12T1
P15T2
P18T2
P20T2
P22T2
P24T3
P26T3
P28T3
P30T3

Table 6. Overstrength Demands of the Studied Models
Design
Yielding, Peak shear, Overstrength
stage,
Vmax/Vy
Vy (kN)
VMax (kN)

VDesign (kN)
0.654
1.358
2.408
2.08
1.77
0.951
2.197
4.025
2.31
1.47
1.317
2.126
3.704
1.61
1.74
1.99
2.666
4.068
1.34
1.53
2.425
2.914
4.304
1.20
1.48
3.135
4.599
6.275
1.47
1.36
3.852
5.661
7.566
1.47
1.34
4.674
6.087
7.917
1.30
1.30
5.466
6.478
7.725
1.19
1.19
6.304
7.149
8.503
1.13
1.19

/Rmat
1.76
1.96
1.37
1.14
1.02
1.24
1.25
1.10
1.00
0.96

In a significant number of poles, the developed overstrength is larger than 1.50, and only in the
low-height poles it is larger than 2.0. A trend between the demanded overstrength and the pole
height (or fundamental period) was noticed (Figure 16), where the overstrength capacity is reduced
as the period increases. The application of the current local code criteria [6] to evaluate the
overstrength factor for regular buildings is also included in Figure 16, in order to show that the
obtained trend as a function of the structure height was previously identified; although, it has not
been enough studied for non-building structures [27].

Overstrength, 

2.5
2.0
1.5

This study
MFDC‐04

1.0
0.0

0.5

1.0

1.5

2.0

2.5

Period (sec)

Figure 16. Overstrength Capacity in Relation to the Fundamental Period
In steel poles, the overstrength capacity arises from: a) the rounding of sizes and dimensions for
elements diameters in relationship to the waste and the available plate size, Rsize; b) the difference
between nominal and factored resistances equal to R= 1/, where  is the material resistance factor
as defined in Codes; c) the ratio of actual yield strength to minimum specified yield strength (this
was directly accounted in models), Rmat; d) the development of strain hardening, Rsh; e) the
development of the spread plasticity of cross sections, Rcs; f) the adjustments to adapt the necessary
design details to the dimensions and geometry of the real structure, Rdet; among other parameters.
So, to account for the various components contributing to the overstrength-related factor , the
following formulation is usually proposed [28]:
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= Rsize R Rmat Rsh Rcs Rdet

(5)

Taking into account that the overstrength material was supposed equal to Rmat= Ry= 1.183 in this
research, the proportion /Rmat represents the magnitude related to the other overstrength sources
(Table 6) that might develop a reserve of strength, especially in low-height poles, which is not
explicitly considered in current Codes [6, 7]. According to the results, the proportion /Rmat has a
high dependency on the pole height.

10.

CONCLUDING REMARKS

This paper develops an analytical study aimed at evaluating the wind-excited inelastic response of
slender vertical cantilever structures. Specifically, the attention of this research is focused on the
deformation restrictions for the service limit state in order to contribute to protect life and property
during intense wind demands.
Despite the relatively simple structure, inherent variability on configurations and the uncertainly
related to the exact characterization of field situation (environmental loads, geometric and physical
characteristics of the poles), were accounted based on actual steel poles with typical dimensions,
equipment and the local manufacturing process.
Realistic values of the steel’s yielding stress considering 59 coupon test certificates of A-572 Gr. 50
steel were used. Wind-excited response is investigated by pushover nonlinear analyses in detailed
models, focusing on the behavior between different lateral load patterns: a) rectangular pattern, b)
modal pattern and c) normative pattern. The main contributions of this investigation to
wind-resistant design of steel poles are as follows:









Capacity curves were very similar regardless of the applied loading profile for low-height
models (L<18 m); no dependency on the lateral load pattern has been noticed. However, as the
height increases, the modal pattern becomes critical and the normative pattern becomes the
more conservative response.
Although several designs of steel poles are widely used over the country, some design and
construction procedures, which are based only on the manufacture process and waste of the
steel plates, seems to be unfavorable.
According to the results, the response could not be adequately estimated in common elastic
analyses by following only the current code; specifically they could not predict the actual
capacity. In fact, steel poles may have a better inelastic performance; but their inelastic
capacities would be difficult to predict from the current normative tools and design practices.
This notes the importance to close the gap between the predicted behavior, in the design stage,
and the actual behavior especially in the inelastic range of steel poles. This might explain why
in conducted full scale tests, poles usually satisfy the imposed demands with no damage.
In the local market, there are no guidelines for the designer to limit the damage and to prevent
the subsequent collapse. So, a conservative methodology was proposed, which pretends to
predict the deformation capacity as a function of the height of the pole by following the current
codes and local practices. The proposed equation follows the trends of the results obtained from
this research study. More transparent and conservative deformation limits might be taken into
account by codes and design practices in order to help to keep the structure safe and stable,
even under strong wind demands.
It was found that the overstrength capacities obtained have a strong relationship to the height of
the poles (or structure period), something that it is not currently considered in specialized codes.
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The results illustrate the need to improve the current design criteria in order to quantify their
reliability by means of refined analyses. Long-term field monitoring could further improve the
understanding of the actual behavior and prevent failures of this structure type. Finally, active
involvement of the owner, manufacturer, designer and professional responsibility is crucial for the
accurate structural design of steel poles.
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ABSTRACT: This study proposes a new type of self-centering beam-column connection with U-shaped steel dampers.
A simplified hysteresis model of the connection was derived firstly. Then the preliminary design of self-centering
beam-column connection with U-shaped steel dampers was proposed. A pseudo-static test and numerically simulation
was conducted. The test results showed that the proposed self-centering connection could provide reliable energydissipation and self-centering capacities. The capacity that the hysteresis model could predict the moment-rotation
behavior of the U-shaped steel damper and the connection was proved by the comparison of the experiments and the
theories. The simulation results are consistent with the test results and simplified hysteresis model. The effects of the
width and the height of the U-shaped steel damper and the thickness of the steel plate of the U-shaped steel damper on
the performance of the connection were also analyzed by the numerically simulation. The results showed that the height
of the U-shaped steel damper had a relatively small impact on the connection; a change in the thickness of the U-shaped
steel damper mainly affects the load-bearing capacity and stiffness of the connection but does not affect the energydissipation capacity of the connection significantly. The width of the U-shaped steel damper has the greatest impact on
the connection. The load-bearing capacity, the post-opening stiffness and the energy-dissipation capacity of the
connection would all increased with increasing width of the U-shaped steel damper.
Keywords: Self-centering steel frame, beam-column connection, U-shaped steel damper, energy dissipation
DOI:10.18057/IJASC.2016.12.4.5

1.

INTRODUCTION

Self-centering steel moment-resisting frames (SC-MRF) have received wide attention since they
were proposed. The beams and columns of an SC-MRF are connected differently from that of a
conventional frame with rigid connections. In a SC-MRF, the beams and columns are pressed tightly
against each other by the pretension of pre-stressed steel strands, gap openings are generated at the
beam-column connections and energy dissipated elements, such as angle steel, develop plastic
deformation to dissipate energy during an earthquake .Thus, the main structure will sustain little or
no damage and can recover to the initial position after the earthquake. Since. Garlock et al.[1] from
Princeton University completed the first test of the beam-column connections of a SC-MRF s in 1997,
Ricles et al.[2], Garlock et al.[3] and Christopoulos et al.[4] have studied SC connections that
dissipate energy through top-seat angle steel and energy-dissipation rods, and Cruz[5] proposed a SC
beam-column connection that dissipates energy through friction , Iyama et al. [6] used two types of
friction devices: a PT friction damped connection placed on the top and the bottom of the beam
flanges, and a bottom flange-only friction device. In the same year, Wolski et al. [7] designed beam
bottom flange friction devices (BFFD) and avoided interference with the floor slab. Lin et al. [8] used
web friction devices (WFDs) on beams for energy dissipation in the SC-MRF. This study proposes a
beam-column connection with U-shaped steel damper connection (SCCUD) for SC-MRF. A test and
a numerical simulation of the proposed connection are conducted under low-cycle repeated loading
conditions, and nine connection finite element model of the SCCUD is developed for the analysis of
variable parameters.
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CONNECTION DETAILS AND
THE THEORETICAL HYSTERESIS MODEL
Connection details

The main elements of SCCUD connection include a beam, a column, pre-stressed steel strands and
U-shaped steel dampers (Figure 1). Steel supports are placed symmetrically on the two sides of the
beam web and are welded to the column flanges during the manufacturing process in the factory. A
U-shaped steel damper is welded onto both the top and bottom surfaces of each steel support. Figure
2 shows the main assembly process. First, the bolts that connect the U-shaped steel dampers with the
beam flanges are initially screwed. Steel strands are then passed through the pre-drilled holes.
Pressure sensors are installed at the anchor ends to measure the tension of each strand (Figure 2(a)).
The steel strands are tensioned, and the tension of each strand is accurately adjusted (Figure 2(b),
(c)). Finally, the bolts that connect the U-shaped steel dampers to the beam flanges are screwed,
which completes the assembly process. Figure 2(d) shows a photograph of the connection after
assembly is completed. The beam is pressed tightly against the surface of the column by the
pretension of the steel strands and bears the shear forces at the beam ends through the friction on the
contact surfaces. Under seismic loading, an opening is generated at the contact between the beam
and the column. The U-shaped steel dampers begin to deform plastically as the opening increases
and thus dissipate the energy to reduce or even prevent damage to the main beam-column structure.
After the seismic event, the structure recovers to its original position under the pretension of the prestressed steel strands.

Figure 1. The Details

(a)Installing the pressure sensor

(b)Pretensioning the strands
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(c)Adjust posttension force
(d)Assembly is completed
Figure 2. The Assembly Process of the SCCUD Connection
2.2

Hysteresis Model

The rotational stiffness of the SCCUD connection is provided by the pre-stressed steel strands and
the U-shaped steel dampers. When an opening is generated in the beam-column structure, the moment
that is needed for the deformation and yielding of the U-shaped steel dampers can be calculated using
the equation MU=KUθr, where KU represents the rotational stiffness of each U-shaped damper, and θr
represents the rotation angle of the opening between the beam and the column. The value of KU can
be considered to have two parts based on the bilinear hardening model of the steel: the value in the
elastic section Ku,e and the value in the hardening section Ku,p.
In order to clarify the mechanism of deformation and yielding of the U-shaped steel dampers, it is
necessary to determine the KU of the U-shaped steel damper under applied loads. When the gap
opening, the loads and boundary conditions of U-shaped steel damper as shown in Figure 3. If the
U-shaped steel damper is projected onto the plane yox, then AB will be shown as a line segment, for
the same time, BCD will be presented as a semi-circular. In yoz plane, point A and the center of the
bolts that connect the U-shaped steel dampers with the beam flanges are collinear. Since the ratio of
width (w) to thickness (t) of the U-shaped steel damper is large, the stiffness of the damper in zdirection is much greater than in other directions. Therefore, compared with the load Fz, the
influences of Myz is negligible. Under the load effect of Fz,a horizontal displacement will be generated
at point A in z-direction. In addition, both the cross-sections at point C and D will bear the effects of
bending moment, shear force and torsional moment at the same time, while the torque at section-D
will be greater than at section-C. According to the maximum shear stress theory, the section-D will
yield firstly. Figure4 shows the assumed bilinear elastic-plastic force–displacement behavior of the
U-shaped steel damper. Whenever the gap opening at point 1, the U-shaped steel damper will start to
deform, and the elastic stiffness can be marked as Ku,e. As the deformation increases, the U-shaped
steel damper will entered the yield state which is shown in Figure4 (point 2). After the U-shaped steel
damper yield, the stiffness of U-shaped steel damper Ku, p will be much smaller than the Ku, e, and the
contribution of the U-shaped steel damper in the connection behavior is far less than that of the
strands. For this reason, after the U-shaped steel damper yield, the following research will ignore the
contribution of the U-shaped steel damper.
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Figure 3. Load and Boundary Condition of
the U-shaped Steel Damper

Figure 4. Force-displacement Relationship
of the U-shaped Steel Damper

In order to determine the elastic stiffness Ku,e, the U-shaped steel damper has been simplified to a
spatial truss structure as is shown in Figure 5. In the elastic state, under the load Fz, the displacement
of Point A is caused by the bending deformation, shearing deformation and the torsion deformation
of circular arc segment. Therefore, ∆z can be calculated as the sum of two parts, which are shown as
∆z = ∆a+∆b.

Figure 5. The Simplified Model of
U-shaped Steel

Figure 6. The Components of
A Point’s Displacement

∆a is the displacement of point A when the straight segment AB is under the action of Fz(as shown in
Figure 6(a)). ∆b is the displacement of point B when the semi-circular BCD is under the combined
effect both of the load Fz and the moment Mzox around the y axis (as shown in Figure 6 (b)). According
to the translation theorem of force, Mzox= Fz×l. additionally, ∆a and ∆b can be determined due to the
principle of virtual displacement respectively. The calculation method of ∆a is shown in the Eq.1. As
a result of the large ratio of w to l, the displacement of point A is mainly caused by the shearing
deformation of AB which has ignored the influences of the bending moment. During the computation
of ∆b, the expression has to consider all the possible influences as shown in Eq.2 for that the internal
forces of semi-circular BCD consists of moment, shear force and torque simultaneously. In this
equation, E G represents the elastic modulus and shear modulus of the steel respectively; I represents
the inertia moment of the cross-section; k represents the non-uniform coefficient of shear force (the
value of the rectangular section is 1.2); It represents the torsional moment of inertia of the crosssection.
,

∆a =∑
∆b=∑
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,
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∑

(1)
,

,

∑

,

,

∑

,

,

∑

,

,

(2)

The internal force values(M1,b，MF,b，MM,b，Q1,b，QF,b，Tr1,b，TrF,b，TrM,b）of each cross-section
on the semi-circular segment BCD can be calculated according to the knowledge of the structural
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mechanics. During the integral force calculation, polar coordinates shall be utilized to acquire the
result shown in Eq.3. The calculation formula (Eq.4) of the ∆z is shown as follow:
.

∆b =

1.2

∆z =

(3)
(4)

The elastic stiffness of U-shaped steel damper Ku,e is equal to 1/∆z. Nevertheless, during the
calculation process of the displacement at point A, the above mentioned method has not given
consideration to two factors. The one is the torsional deformation of the U-shaped steel damper has
been restrained by the flange of beam, and the restraint effect will enhances with the increase of the
deformation capacity of U-shaped steel damper. The other one is the friction between the U-shaped
steel damper and the beam flange, caused by the high-strength bolts, resulting the increase of Ku,e.
Based on the above two factors, the Ku,e needs to be multiplied by an amplification factor μ1.
According to the results of test and finite element analysis(FEA) that will be mentioned later, the
value of μ1 is related to the value of r/t and friction force, the recommended calculation formula is
μ=（1.02~1.2）r/t. Therefore，the Ku,e is calculated as:
Ku,e=

.

(5)

By the geometric relationships, whenever the degree of the relative angle which is represented by θr
is determined, the displacement of point A on the U-shaped steel damper can be expressed as: ∆z=
Hθr; where H represents the distance from the rotation center to the point A, which is approximately
equal to the height of the beam’s cross-section. Therefore, the rotational stiffness of the U-shaped
steel damper can be expressed as follow:
Ke= Ku,eH2

(6)

Figure 7(a) shows the curve of the relationship between the moment that is provided by the U-shaped
steel dampers MU and θr. Since the post-yield stiffness of the U-shaped steel damper, Ku,p, is much
smaller than Kpt , a bilinear model has been used without considering hardening. The U-shaped steel
dampers do not provide rotational stiffness before an opening is generated (point 0 coincides with
point 1). From point 1 to point 2, the rotational stiffness Ke can be obtained by Eq.6. The moment of
U-shaped steel damper at point 2, where the U-shaped steel damper is yielding, is marked as MU,2.
According to the above process:
MU,2=Fz，yH

(7)

Fz，y is defined to represent the horizontal load whenever the plastic hinge occurred in the U-shaped
steel damper. The proceeded analysis above testifies that the most dangerous cross-section should be
the section-D in Figure 3; that the section is under the combined effect of the bending moment,
shearing force and torque simultaneously, as well as the values of both the normal stress and shear
stress tend to be relatively large at the same time. Supposed that the plastic hinge develops along
section-D, according to the maximum shearing stress theory, the yield criterion for the U-shaped steel
damper can be shown in the following expression:
4
(8)
√
(9)
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(10)
In the equation, σ represent the allowable stress of the steel. The yield force of U-shaped damper can
be determined by Eq. 8-9, and Eq.10, as follows:
,

(11)

√

Analogously, two factors that considered during the derivation of Ku,e has to be taken into account;
that the result of the Fz，y should multiply a amplification factor μ1, and then the plastic hinge not only
develops along section-D but also develops along the arc, so the area of plastic hinge region is
extended, the amplification factor μ2 of the plastic hinge region has to be considered, according to the
finite element analysis that will be referred later, the recommended value for μ2 is 2.5~3.2. Therefore,
the result of Fz，y can be shown in the following expression:
,

√

(12)

Substitute Eq. 12 into Eq. 7, the yield moment of the damper can be estimated by the following
equation:
,

√

(13)

Figure 7(b) shows the relationship between the moment that is provided by the pre-stressed steel
strands (Mpt) and θr. When the moment that is generated by the load does not overcome the moment
that is provided by the initial PT(post-tensioned)force, i.e. decompression moment Md= T0d, the gap
does not open (point 0 to point 1), and the steel strands remain elastic throughout the entire loading
process. The value of Kpt is given by the following equation:
Kpt=2

(14)

Where the d is the distance between the beam mid-depth and the center of rotation; ks is the axial
stiffness of all the strands; kb is the axial stiffness of the beam. Eq.14 was established by Rojas [9] by
considering that the increase in the total tension force T in the strands is equal to the increase in
compressive force in the beam.The curve of the theoretical M-θr relationship of the connection is
obtained by superimposing Figure 7(a) and Figure 7(b) (Figure 7(c)). At point 1, the connection starts
to open, and the corresponding moment is referred to as the critical opening moment (MIGO), which
is completely provided by the initial PT force; i.e., MIGO=Md=∑
, where T0i and di represent the
initial PT force of the i-th strand and the distance between the i-th strand and the center of rotation,
respectively.
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Between point 1 and point 2, the U-shaped steel dampers start to deform and provide a certain amount
of rotational stiffness, at which time the rotational stiffness of the connection K1 is formed by the
superposition of the elastic stiffness of the steel strands and the U-shaped steel dampers. When the
gap opening, the deformation will be generated in two U-shaped steel dampers with the rotation of
the beam, so the K1 is calculated as:
K1= Kpt+2Ke

(15)

The connect moment M2 at point 2 in Figure.3(c) is expressed as follows:
M2 =

2

,

,

(16)

Where θr,Uf is the relative rotation causing the U-shaped steel yield, as follows:
,

,

(17)

As the loading process proceeds, the U-shaped steel dampers start to yield, at which time the
rotational stiffness of the connection, K2, is mainly composed of the elastic stiffness of steel strands,
K2= Kpt .The unloading process begins at point 3. Between points 3 and 4, the U-shaped dampers
gradually reverse; the slope of the line in this section is equivalent to the slope of the line between
point 1 and point 2, and M3-M4=2(M2-M1). The U-shaped steel dampers will dissipate energy between
point 3 and 5 until the gap between the beam flange and the column face is closed at point 5.

（a）MU-θr relationship
（b）Mpt-θr relationship
（c）M-θr relationship
Figure 7. Theoretical Moment-rotation Relationship of the SCCUD Connection
2.3

Connection Design

2.3.1

Design Criteria

Before the particular design of the SCCUD connection, relative rotation θr demand and under the
design base earthquake (DBE) and the maximum considered earthquake (MCE) need to be obtained
according to the design method presented by Garlock [10]. To design the proposed SCCUD
connection, based on the given θr，DBE and θr，MCE，several limit states should be satisfied:
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1. Dissipating energy through plastic deformation is the main function of the U-shaped steel damper,
so it should meet the following requirement:
θr,Uf ≤ θr，DBE

(18)

2. The strand should be kept elastic under the maximum considered earthquake, i.e. θr,max ≥θr，MCE.
As the connection relative rotation increases, the strands elongate. They reach yield when θr reaches
θr,max which is estimated as Garlock [10]:
,

(19)

Where Ty is the yield force in one strand, Ns is the number of strands.
3. In order to ensure the SCCUD connection has good self-centering capacity，according to the results
of Garlock’s research [10], the decompression moment Md is recommended to be as follows:
Md ≥0.6 M2

(20)

M2 ≥(0.75~1.2) Mdes

(21)

where the M2 is determined from the Eq.18; the Mdes is the design moment in the beam at the column
face, will be obtained from ELF (Equivalent Lateral Force) procedure. (Garlock.[11])
2.3.2 Design Procedure. The connection design is a part of the design process of self-centering steel
frame. An iterative seismic design procedure for self-centering frame systems has been proposed by
Garlock [11]. Accordingly, the design base shear Vdes, design moment Mdes and the story drift limit
will be obtained by this design procedure. The design procedure of the SCCUD connection (including
the additional U-shaped steel dampers) is as follows:
Step 1: Determine the cross section of beam and column The design of beam, column and
reinforcing plate of SCCUD connection is similar with the design method of posttensioned steel
frame systems that presented by Garlock[10]. The strong column-weak beam criterion and the limit
values of the slenderness should be taken into consideration during the process of structural design.
In addition, it will be necessary to reselect the cross-section of the column and beam continually until
the story drift, which is obtained through the elastic analysis, satisfies the service requirements.
Step 2: Determine the design parameters of strands The values range of M2 could be determined
based on the design moment (Mdes) in the beam at the column face, and then the decompression
moment Md (equal to MIGO) will be obtained from the Eq.20. According to the calculation method of
MIGO and Eq.19, the initial PT force T0 and the number of strands can be selected, and the restrictions
of the installation space should be considered before determine the arrangement method of strands.
Step 3: Design the U-shaped steel dampers According to the Eq.16 and Eq.17, the yield moment
of U-shaped steel damper (MU,2) will be obtained. Different combinations of w, h, and t may be
chosen based on the value of MU,2, however, the design criteria must be considered, the required
condition for assembly also should be considered before determine the parameters of the U-shaped
steel damper.
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TEST SCHEME

3.1

Specimen Design
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This study designs a SCCUD connection and conducts a test on this connection. Q235B steel is used
for the U-shaped steel dampers, while Q345B steel is used for all of the other components. Each Ushaped steel damper has dimensions of 2508010 mm. The ratio of the initial PT force to the
ultimate Tu, of the steel strands is 0.2. The column has a cross-sectional dimension of HW
3503501219 mm, and the beam has cross-sectional dimensions of 4502501416 mm.
Furthermore, 3M24 grade 10.9 large hexagonal bolts are used to connect the U-shaped steel dampers
to the beam flanges. The specification for the steel strands is 1×19-1860; the steel strands have a
nominal diameter of 21.6 mm and a nominal area of 312.9 mm2. Figure 8 shows the dimensions of
other components and the layout of the steel strands.

Figure 8. Details of the SCCUD Specimen
3.2

Test Setup and Cyclic Loading History Instrumentation

The specimen was tested in the setup as shown in Figure 9. The loading device of this test was a
frame-type adjustable self-balancing loading system and the photograph has shown in Figure 10. The
setup assumed that the column midheight is points of inflection in the SC-MRFs. The column was
pinned at the top and base with clevis, which allowed the column ends to rotate freely but restricted
the movements in the vertical and horizontal directions. According to the test equipment conditions,
the beam loading point was taken to be 2.3 m from the center of the column. The servo actuator at
the top of the column was used to emulate the column axial force, with a column axial compression
ratio of 0.2. Two 100-t electro-hydraulic servo actuators were used on the two free ends of the
cantilever beams for cyclic displacement loading.
The cyclic loading history made reference to the AISC 2005, using story drift control loading as
follows: (1)0.375% rad,6 cycles; (2)0. 5% rad,6 cycles; (3)0. 75% rad,6 cycles; (4)1% rad,4 cycles;
(5)1.5% rad,2 cycles; (6)2% rad,2 cycles; (7)3% rad,2 cycles; (8)4% rad,2 cycles; (9)5% rad,2 cycles.

455

Yanxia Zhang, Zhengxing Li, Wenzhan Zhao, Rui Li and Jiarui Li

Figure 9 Test setup
3.3

Figure 10 Test photograph

Instrumentation

The instrumentation is illustrated in Figure 11. The column capital is subjected to an axial force by a
600T actuator, and an additional two 100T actuators on the beam ends apply cyclic loadings. Each
strand has a force transducer to monitor the PT force. The displacement data for the beam ends is
collected by two displacement meters arranged on the top flanges. Linear displacement
potentiometers fixed on the junctions of the column flanges and the beams are used to measure the
gap width. The column flanges, column stiffeners, top and bottom beam flanges, and vertical and
horizontal directions of the beam webs are pasted with strain gauges that measure the strain changes
during loading in each position.

Figure 11. Arrangement of Displacement Meter
4.

TEST RESULTS

4.1

Hysteretic Behavior and Energy-dissipation Capacity

The experimental force-displacement response of the system along with the loading protocol are
shown in the Figure 12. At the initial stage of the loading process (i.e. before the opening is generated),
the force-displacement relationship is similar to the welded moment connection, and the initial
stiffness is 9.7 kN/mm. Figure 13 shows the moment-rotation angle relationship that was obtained
from the test. After the gap opens, the stiffness decreases significantly, and the U-shaped steel
dampers start to yield, at this time the stiffness of the connection is mainly related to the stiffness of
the U-shaped steel dampers and the axial stiffness of the pre-stressed steel strands. After the U-shaped
steel dampers have completely yielded, the rotation angle increases rapidly; the rotational stiffness
of the connection is mainly determined by the stiffness of the pre-stressed steel strands. After the
loading process ends, the residual rotation angle at the opening of the connection (θres) is 0.078%,
which indicates that the connection has a relatively good self-centering capacity. During the entire
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loading process, the pre-stressed steel strands provide the connection with a self-centering capacity;
the U-shaped steel dampers are mainly used to dissipate energy. The energy-dissipation coefficient
(βE) is an important index that evaluates the energy-dissipation capacity. According to the definition
of βE that was provided by Seo and Sause [12], the value of βE of the connection is calculated to be
0.43.

Figure 12. Experimental Force-displacement
response of the Test Specimen
4.2

Figure 13. Experimental Moment-rotation
response of the Test Specimen

Change of PT Force

The steel strands are placed symmetrically. Therefore, four steel strands on one side are selected to
study the change in the PT force during the test. Figure 14 shows the relationship between the PT
force and the inter-story drift of one steel strand on the outer side and the relationship between the
PT force and the inter-story drift of one steel strand in the middle. T represents the magnitude of the
PT force during the test; the yield PT force of the steel strands (Ty) is 540 kN. The figure shows the
change in the PT force during the test, and Table 1 lists the analysis results of the PT force. T0
represents the initial PT force of the steel strands; Tr0.2, Tr0.3, Tr0.4 and Tr0.5 represent the force of the
steel strands after the loading levels of θ=0.02 rad, θ=0.03 rad, θ=0.04 rad and θ=0.05 rad are
completed, respectively, and Tmax represents the maximum PT force during the entire loading process.
During seismic loading, the steel strands must maintain their elasticity during the entire process to
prevent the structure from losing its load-bearing capacity. Table 1 shows that the value of Tmax of
each of the outer strands (strand 1 and 4) is slightly greater than the value of Tmax of each of the
strands in the middle (strand 2 and 3). During the test, the maximum PT force is 0.507Ty, and the
steel strands remain elastic throughout the test. A comparison between the changes in the PT force at
different stages based on the results in Table 1 shows that the PT force decreases by only
approximately 10% after the 26 loading cycles before the loading level of θ=0.03 rad is completed,
but the maximum ratio of PT force decreased is 30.3% after the last six loading cycles are completed
(i.e., after the loading level of θ=0.05 rad is completed). These results indicate that as the inter-story
drift increases, the width of the gap opening increases, and the PT force also decreases significantly.

Strand 1
Strand 2
Figure 14. PT Force –Story Drift response of the Test Specimen
Table 1. Experimental Results of PT Force
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Number
1
2
3
4
4.3

T0/Ty
0.217
0.218
0.216
0.215

(T0-Tr0.2)/T0
10.6%
9.3%
10.0%
10.7%

(T0-Tr0.3)/T0
14.9%
13.4%
14.3%
15.8%

(T0-Tr0.4)/T0
22.8%
19.9%
21.1%
22.5%

(T0-Tr0.5)/T0
27.8%
24.8%
27.6%
30.3%

Tmax/Ty
0.507
0.498
0.495
0.502

Change in the Strain

The strain data at key locations are selected for analysis. Figure 15 and Figure 16 show the
relationships between the strain and the inter-story drift at several locations, B represents the beam,
C represents the column, P represents the flange, W represents the web plate, and BP1 and BP2 are
located on the beam flange reinforcing plate. When the inter-story drift reached 0.05 rad, several
parts of the column are still in the elastic state, and the plasticity in the beam is still concentrated at
the beam flange reinforcing plates (the locations where the beam flange reinforcing plates contact
the column flanges) and the beam flanges at the ends of the reinforcing plates. In contrast, the strains
at all of the other locations are still lower than the yield strain, which indicates that the connection
has good seismic performance.

Figure 15. Strain of Crucial Positons for
the Beam of Specimen

Figure 16. Strain of Crucial Positons for
the Column of Specimen

5.

COMPARISON BETWEEN THE NUMERICAL SIMULATION AND THE TEST

5.1

Model for the SCCUD Connection

A finite element model to simulate the test is developed using the Abaqus 6.11 [13]. Solid C3D8R
elements are used for the main body of the finite element model, and T3D3 truss elements are used
for the pre-stressed steel strands. Figure 17 shows the finite element model and the mesh generation.
The Bolt Load function in Abaqus is used to apply pretension to the high-strength bolts. The
boundary conditions of the model are the same as those of the test.

Figure 17. Finite Element Model Details and Finite Element Mesh Generation
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Comparison between the Numerical Simulation and the Test

Figure 18 compares the deformations of the SCCUD connection that were obtained from the test and
the finite element analysis under cyclic loading conditions. When the inter-story drift reaches 0.05
rad, the widths of the openings in the test and in the finite element model are 21.93 mm and 21 mm,
respectively. When the loading process is completed and the structure returns to the initial position,
the widths of the maximum residual openings during the test and in the finite element model are 0.04
mm and 0.03 mm, respectively. The slight difference in the widths of the openings that are generated
during the test and simulated using the finite element model is attributed to manufacturing process
of the specimen and installation deviation. The results of the finite element analysis are generally
consistent with the test results.

story drift θ=5%，gap opening 21.93mm

story drift θ=5%，gap opening 21.00mm

loading completed，residual gap opening
loading completed，residual gap opening
0.04mm
0.03mm
Figure 18. Comparison of Experimental and FEA Deformation of SCCUD
Figure 19 (a) shows the load-displacement relationship curves that were obtained from the test and
the finite element analysis. The load-displacement curves show that the results of the finite element
analysis are consistent with the test results in terms of the initial stiffness, post-opening stiffness and
stiffness degradation of the connection. The maximum load-bearing capacities of the connection that
were obtained from the test and the finite element analysis are 303.34 kN and 303.78 kN, respectively.
So the simulation method can accurately reflect the experiments. Figure 19 (b) plots not only M-θr
relationship curves that were obtained from the test and the finite element analysis, but also the
theoretical M-θr hysteresis of the SCCUD specimen based on the theoretical expressions described
in the previous sections. Figure 19 (b) shows that the results of the theoretical formula calculations,
finite element analysis, and the test were consistent, and the theoretical hysteresis model can predict
the connection stiffness and strength with reasonable accuracy.

(a)Force-displacement hysteresis loop
(b)Moment-rotation hysteresis loop
Figure 19. Comparison of FEA and Experimental Results
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ANALYSIS OF THE FACTORS THAT AFFECT THE PROPERTIES OF
THE SCCUD CONNECTION

The effects of the width, height and thickness of the U-shaped steel damper are considered. Eight
other connections of the same type that were used in the test are also designed for comparison. Table
2 lists the detailed parameters of the connection models.
Table 2. Test Matrix
Specimens
SCCUD
SCCUD-W150
SCCUD-W200
SCCUD-W300
SCCUD-W350
SCCUD-H70
SCCUD-H100
SCCUD-T6
SCCUD-T16
6.1

size (w×h×t）
250 80
150 80
200 80
300 80
350 80
250 70
250 100
250 80
250 80

10(mm)
10(mm)
10(mm)
10(mm)
10(mm)
10(mm)
10(mm)
6(mm)
16(mm)

T0/Tu

Bolt specification

0.2
0.2
0.2
0.2
0.2
0.2
0.2
0.2
0.2

3M24 Grade10.9
2M24 Grade10.9
3M24 Grade10.9
3M24 Grade10.9
3M24 Grade10.9
3M24 Grade10.9
3M24 Grade10.9
3M24 Grade10.9
3M24 Grade10.9

Effect of the Width of the U-shaped Steel Damper on the Properties of the Connection

To study the effect of the width of the U-shaped steel damper on the connection, the finite element
analysis(FEA) results of the SCCUD connection (base-element 250×80×10) are compared with the
analysis results of the SCCUD-150, the SCCUD-W200, the SCCUD-W300 and the SCCUD-W350
(Figure 20). The force-displacement curve of each connection is linear, and the stiffness of each
connection remains nearly constant before the opening is generated, which further demonstrates that
the initial stiffness of the connection is mainly related to the magnitude of the initial PT force. Table
3 lists the main results of the analysis of the five connections. The SCCUD-W150 connection has the
lowest load-bearing capacity (246.77 kN), and the SCCUD-W350 connection has the highest loadbearing capacity (346.92 kN); the load-bearing capacities of the connections increase with increasing
width of the U-shaped steel damper. The maximum openings of the five connections show that for
all but the SCCUD-W150 connection, the width of the gap opening, which occurs when the interstory drift is largest (0.05 rad), decreases with increasing width of the U-shaped steel damper. The
SCCUD-W150 connection has the lowest value of βE and a relatively poor energy-dissipation
capacity. With increasing width of the U-shaped steel damper, the values of βE of the SCCUD-W150 ,
the SCCUD-W200 , the SCCUD-W 300 and the SCCUD-W350 connection are 0.38, 0.44, 0.49 and
0.48, respectively, which indicates that the energy-dissipation capacity of the connection increases
with increasing width of the U-shaped steel damper within a certain range. The SCCUD-W300
connection has the highest value of βE and a relatively small maximum opening, which indicates that
the SCCUD-W300 connection not only can reduce the deformation of the SC-MRFs but also has
reliable energy dissipation capacity. The results of the SCCUD-W350 connection show that a
continuous increase in the width of the U-shaped steel damper has no impact on the energydissipation capacity of the connection. The widths of the residual openings of the five connections
increase with increasing width of the U-shaped steel damper; the width of the residual opening of the
SCCUD-W350 connection increases significantly to 0.479 mm, which indicates that an increase in
the width of the U-shaped steel damper does not provide any benefits now. Figure 21 shows
nephogram of the equivalent plastic strains (PEEQ) in the column panel zone regions of the SCCUDW300 connection and the SCCUD-W350 connection. When the width of the U-shaped steel damper
reaches 300 mm, plasticity occurs in the panel zone. The maximum PEEQ value is 1.98610-3. When
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the width of the U-shaped steel damper is increased to 350 mm, the plasticity of the column panel
zone increases to 2.95910-3.
Therefore, for constant dimensions of the cross sections of the beam and the column, an increase in
the width of the U-shaped steel damper within a certain range can improve the load-bearing and
energy-dissipation capacities of the connection but also will have a negative impact on the selfcentering capacity of the connection.

（a）SCCUD and SCCUD-W150

（b）SCCUD and SCCUD-W200

（c）SCCUD and SCCUD-W300

（d）SCCUD and SCCUD-W350

Figure 20. Comparison of Force-displacement Response for SCCUD ~ SCCUD-W350

Specimens
SCCUD -W150
SCCUD -W200
SCCUD
SCCUD -W300
SCCUD -W350

Maximum load
（kN）
246.77
275.17
303.78
332.80
346.92

Table3 FEA Results
Maximum gap
Residual gap
opening（mm） opening(mm）
20.94
0.003
22.06
0.038
21.00
0.028
20.01
0.196
18.63
0.479

energy dissipation
ratio
0.26
0.38
0.44
0.49
0.48
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（a）SCCUD-W300
（b）SCCUD-W350
Figure 21. Nephogram of the PEEQ in the Column Panel Zone

6.2

Effect of the Height of the U-shaped Steel Damper
on the Properties of the Connection

The height of the U-shaped steel damper is limited by the height of the beam web and the arrangement
of the steel strands. To study the effect of the height of the U-shaped steel damper on the behavior of
the connection, finite element analyses are conducted on the SCCUD-H70 and the SCCUD-H100.
Figure 22 (a) compares the hysteretic curves of the SCCUD connection and the SCCUD-H70
connection. To conveniently observe the regular pattern, Figure 22 (b) compares the hysteretic curves
of the SCCUD-70 and the SCCUD-H100. The results show that even a 30 mm difference in the
height of the U-shaped steel damper causes a relatively small change in the stiffness after the gap
opens and no significant change in the hysteretic loops.
The main analysis results that are shown in Table 4 demonstrate that the maximum load-bearing
capacity of the joint gradually decreases from 317.28 kN to 283.86 kN with increasing height of the
U-shaped steel damper and that the decrease is significant. The maximum widths of the gap openings
of the SCCUD-H70, the SCCUD and the SCCUD-H100 are 20.52 mm, 21 mm and 19.87 mm,
respectively. Thus, there is little difference in the widths of the largest openings in these three joints;
therefore, a change in the height of the U-shaped steel damper has a relatively small impact on the
width of the largest opening of the connection. In terms of the energy-dissipation capacity, the value
of βE decreases gradually from 0.48 to 0.46 with increasing height of the U-shaped steel damper. The
SCCUD-H70 connection has a higher load-bearing capacity and a higher energy-dissipation capacity
than the SCCUD-H100 and the SCCUD (base-element 250×80×10) connection. The SCCUD-H70,
the SCCUD-H100 and the SCCUD connection all have very small residual openings; the width of
the residual gap opening increases with decreasing height of the U-shaped steel damper. However,
due to the spatial requirements of the structure, the height of the U-shaped steel damper is generally
not small enough to affect the closing of the gap.
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（a）SCCUD and SCCUD -H70
（b）SCCUD -H70 and SCCUD -H100
Figure 22. Comparison of Force-displacement Response for SCCUD，SCCUD-70、SCCUDH100

Specimens
SCCUD-H70
SCCUD
SCCUD-H100
6.3

Table 4. FEA Results
Maximum load
Maximum gap
Residual gap energy dissipation
ratio
（kN）
opening（mm） opening(mm）
317.28
20.52
0.1225
0.48
303.78
21.00
0.0277
0.44
283.86
19.87
0.0008
0.36

Effect of the Thickness of the U-shaped Steel Damper
on the Behavior of the Connection

To study the thickness of the U-shaped steel damper on the behavior of the connection, finite element
analyses are conducted on the SCCUD-T6 and the SCCUD-T16 connection. Figure 23 compares the
hysteretic curves of the SCCUD-T6, the SCCUD (base-element 250×80×10) and the SCCUD-T16
connection. The results show that the initial stiffness of the connection is mainly controlled by the
initial pre-stress of the steel strands; therefore, a change in the thickness of the steel plate of the Ushaped steel damper has little impact on the initial stiffness of the connection and the magnitude of
the imminent gap opening load. There is a relatively large difference in the post-opening stiffness of
the connection, which is mainly due to the fact that the elastic stiffness of the U-shaped steel damper
increases with increasing thickness of the steel plate. The post-opening stiffness of the SCCUD-T6
connection decreases significantly compared to that of the SCCUD connection, whereas the postopening stiffness of the SCCUD-T16 connection increases significantly.
Table 5 lists the main analysis results. The load-bearing capacity of each connection increases with
increasing thickness of the steel plate of the U-shaped steel damper. The maximum openings of the
SCCUD-T6 and the SCCUD connection are 20.56 mm and 21.00 mm, respectively; thus, there is
essentially no change in the width of the maximum opening. In contrast, the maximum opening of
the SCCUD-T16 connection decreases significantly (17.66 mm), which indicates that for constant
dimensions of the cross sections of the beam and column, the opening of the gap decreases
significantly with increasing thickness of the steel plate of the U-shaped steel damper (t) when
thickness is equal and greater than 10 mm. Moreover, the width of the residual opening increases
significantly with increasing t, and the value of βE of the joint also increases with increasing t, but
the increase is insignificant. In addition, when t=16 mm, the maximum PEEQ value of the SCCUDT16 connection reaches 1.03410-2 (as shown in the nephogram of the PEEQ in the column panel
zone region of the SCCUD-T16 connection in Figure 24), and a relatively large degree of plasticity
develops. Therefore, an increase in the thickness of the U-shaped steel damper will cause significant
increases in the load-bearing capacity and post-opening stiffness of the connection. However, for
constant dimensions of the cross sections of the beam and the column, an increase in the thickness of
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the U-shaped steel damper will not significantly improve the energy-dissipation capacity of the
connection. An excessively thick U-shaped steel damper will affect the self-centering capacity of the
connection and also increase the plastic development of other components, such as the beam and the
column.

Figure 23. Comparison of Force-displacement
Response for SCCUD、SCCUD-T6
and SCCUD-T16

Specimens
SCCUD-T6
SCCUD
SCCUD-T16

7.

Figure 24. Nephogram of the PEEQ in the
Column Panel Zone of the
SCCUD-T16 Connection

Table 5. FEA Analysis Results
Maximum load
Maximum gap
Residual gap
（kN）
opening（mm） opening(mm）
258.74
20.56
0.0021
303.78
21.00
0.0277
358.44
17.66
1.3132

energy dissipation
ratio
0.28
0.44
0.48

CONCLUSIONS

This study proposes a new type of self-centering beam-column connection with U-shaped steel
damper for steel SC-MRFs. A simplified connection hysteresis model was developed using simple
mechanics, and an iterative seismic design procedure for SCCUD connection was presented. The test
of the proposed connection is simulated using the Abaqus 6.11 finite element software. After
verifying the feasibility of the numerical simulation method, this study analyzes the influencing
parameters using nine FEA model and investigates the effects of the width, height and thickness of
the U-shaped steel damper on the connection. The following conclusions are obtained:
1. The SCCUD connection for steel SC-MRFs can realize the self-centering mechanism. Under cyclic
loads, the U-shaped steel damper dissipates energy through plastic deformation and has good energydissipation capacity.
2. The width of the U-shaped steel damper has a relatively large impact on the behavior of the
connection. Increasing the width of the U-shaped steel damper can significantly improve the loadbearing capacity, the post-opening stiffness and the energy-dissipation capacity of the connection but
also has a negative impact on the self-centering capacity. An increase in the width of the U-shaped
steel damper beyond a certain limit will not further improve the behavior of the connection but will
decrease the self-centering capacity of the connection and increase plastic damage to other
components. It is recommended to firstly change the width of the U-shaped steel damper to improve
the energy-dissipation capacity of the connection.
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3. The height of the U-shaped steel damper has a relatively small impact on the behavior of the
connection. The height of the U-shaped steel damper is limited by the height of the beam web and
the arrangement of the steel strands. Therefore, changing the height of the U-shaped steel damper is
not recommended for improving the behavior of the connection.
4. The thickness of the steel plate of the U-shaped steel damper has a relatively large impact on the
load-bearing capacity and post-opening stiffness. The load-bearing capacity and post-opening
stiffness will be increased with the thicker steel plate of the U-shaped steel damper. However, for
constant dimensions of the cross section of the beam and the column, changing the thickness of the
U-shaped steel damper will not significantly improve the energy-dissipation capacity of the
connection. An excessively thick U-shaped steel damper will weaken the self-centering capacity of
the connection and also increase the plastic development of other components.
5. Compared with the experimental and FEA results, theoretical hysteresis model proved to have
reasonable accuracy in the prediction of the connection stiffness and strength.
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ABSTRACT: This paper presents a formulation to capture all kinds of second-order effects (i.e. discrete nodal
displacement as the numerical approach: P- & P- effect, large displacement, snap-through buckling, initial
imperfection, etc.) for members under loads along their lengths. The efficient computational formulation of the
generalised element load method (GELM) is proposed which gives accurate element and nodal solutions when using
the one-element-per-member model. It is believed the GELM provides a reliable and efficient method for improving
the second-order analysis for design of practical structures.
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1.

INTRODUCTION

Nonlinear numerical analysis for a structure was prevalent from the past half century, likely
because of availability of low-cost and powerful computers. The popular displacement-based finite
element approach was devoted by (hierarchic displacement element: mesh refinement required) a
number of scholars; Meek and Tan [1], Chan and Kitipornchai [2] and Iu and Bradford [3][4]
among others and hence the conventional displacement-based finite element approach have been
well established.
In spite of its robustness, versatility and applicability, the conventional displacement-based finite
element analysis possesses a drawback of element discretisation for a member to give accurate
solutions when loads are along a member. To overcome the drawback, Chan and Zhou [5][6]
presented a PEP finite element to simulate the second-order effect on a member with an initial
geometric imperfection. Izzuddin [7] later formulated a fourth-order displacement-based finite
element for structures under thermal loads. Iu and Bradford [8] provided a higher-order finite
element analysis to examine various kinds of geometric nonlinearities for framed structures using a
single element per member.
Previous methods and their applications on second-order analysis for members under element loads
are very limited to conversion of element loads to the nodal solutions and hence the major setback
of these approaches is less accurate solutions obtained when using a single element to simulate a
member with loads along its length. In order to take the element load effect into account for the
member behaviour, Zhou and Chan [9, 10] presented a second-order elastic analysis that is capable
of modelling the element load effect in the element stiffness formulation, in lieu of by a system
analysis for the nodal solutions. Unfortunately, each element load case requires a specific element
stiffness matrix, which is limited in practical applications because of the multiplicity of load
patterns imposed on an element. And also no accurate solution along an element was evaluated in
their research works.
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Research in forced-based finite element approach seems to lag behind its displacement-based
counterpart. To overcome the obstacle of the flexibility approach, Neuenhofer and Filippou [11]
developed a procedure for determining the nonlinear element state. Later, Neuenhofer and Filippou
[12] extended their work to study the effects of force distribution along a single element and it is
another element force solution. Their flexibility approach (i.e. Valipour and Bradford [13]), in
principle, is difficult to evaluate the deformation accurately along a single element when compared
to the displacement-based stiffness approach.
In summary, the objective of research on higher-order element by the one-element-per-member
approach is confined to the use of less elements for a structure with accurate nodal solutions of its
members under element loads. As a result, the accurate element solutions cannot be obtained when
an element is subjected to element load. It means that a reliable structural analysis for members
subjected to external element loads is unavailable with an error contained in analysis by
one-element-per-member model for members with loads along the lengths. The lumping and
consistent load methods alone are unable to produce accurate first- and second-order elastic
solutions due to element load effect within an element itself as reported by Iu and Bradford [14]
and Iu [15]. In this paper, a qualified element for these purposes is proposed and it transforms the
traditional discretised nodal solution into continuous displacement and force element solutions for
the geometric nonlinear effects. As a natural result, the present method can ensure the adequate and
reliable structural safety for the whole domain not only at the element nodes, but also along an
element, when one-element-per-member model is adopted. This method strikes a balance between
simplicity in the formulation (similar stiffness form preserved) and accuracy in describing the
element load effect for both nodal (robust system analysis) and element responses (sophisticated
element formulation).
2.

STIFFNESS FORMULATION FOR HIGHER-ORDER ELEMENT
WITH ELEMENT LOAD EFFECTS

The internal strain energy U due to axial strain x and twist strain x in the continuum medium are
considered to formulate the stiffness matrices of the present higher-order beam-column element.
Axial strain x is expressed through linear axial deformation and the nonlinear elastic transverse
displacement function [Iu [15]] of which the strain energy dissipated in flexural bending and
member bowing are consisted. The internal strain energy U caused by the axial strain x and twist
strain x along the beam-column continuum can be accumulated by integration of UA = Exx and
of UT = Gxx over the domain of element length and element section, which can be expressed in
terms of u, v, w and  from an appropriate expansion of Green’s strain tensor as
U     E x d  x   G x d  x  d Vol 
x
 x

Vol

1
2
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2
x



 G x2 d Vol ,

(1)
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in which u, v and w are dependent variables for axial deformation, for lateral deflections in the
direction in y-axis and z-axis, respectively, which is given in [Iu [15]];  is for twist angle about
x-axis; EA, EI and GJ are the axial rigidity, flexural rigidity about corresponding axes and torsional
rigidity, respectively; P is the axial element load.
In this study, external loads produce by nodal load fk and element load k. Hence, the external work
done V constitutes two components; first component Vf (Lumping load method) is the work done by
nodal loads fk in going through nodal displacements uk; second component V (Consistent load
method) is the work done by transverse element load k in going through the assumed transverse
displacement field associated with the element displacement function N over the element length. In
accord with the assumption of conservative loads, the work done going through the deflected
element N due to element loads is independent of the axial load q at all stages, such as setting q = 0
in the higher-order element function in [Iu [15]][15], as given by
V  V  V f   u Tk N T Φ k dx  u Tk f k .
(3)
L

The elastic force-displacement relationship is derived from the total potential energy of the general
beam-column element subjected to both nodal and element loads. The total potential energy for
nonlinear elastic analysis of column-beam element is the summation of internal strain energy U in
Eq. 2 and external work done V in Eq. 3 as
2
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(4)

where uk and fk are the column vectors of the displacement and external applied force with respect
to the corresponding degrees of freedom, respectively. uk is a column vector as given by

u ,  z1 ,  z 2 ,  x ,  y1 ,  y 2

T

in notations, in which u = u1 – u2 and x = 1 – 2.

The equilibrium equation of higher-order element subjected to the general transverse element load
can be obtained by first variation of total potential energy functional of Eq. 4 for a stable structure
as,
δ 


U  V δu k  0
u k

(5)

for which the internal strain energy of Eq. 2 depends not only on the dependent variables uk, but
also on the axial load parameter q, and thereby the differential operator becomes



q 


 .
u k u k u k q

(6)
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According to the Eq. 5, the nonlinear equilibrium equation is provoked as,

 U U q V V q V f
δ  






q u k u k
 u k q u k u k
 U U q V


 f k δu k  0


 
 u k q u k u k



δu k  0


(7)

in which it is noteworthy that the terms of V q  q u k in Eq. 7 can be neglected. If the local
nonlinear effect of axial load q in V is taken into account ( V q  q u k  0 ), the reliable
convergent of this nonlinear analysis cannot be preserved, while the total external load level of a
structure depends on the element deformations, which violates against the assumption of
conservative load of this study. The element resistance or the secant stiffness formulation can be
obtained from
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in which the subscript  denotes y or z, and
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in which
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b2 
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 16q
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3
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80  q 3

(13)
(14)
(15)

;

 16q

;
3
6380  q 
20 63  q 315

;

;

(16)
(17)

.

(18)

Right subscript symbol m and s in Eqs. (13) to (18) stand for the contribution from moment M 0
and shear force S 0 component, respectively. Cm and Cs provoke the second-order moment due to
coupling effect of both axial and lateral element loads, whereas bm1, bm2, bs1 and bs2 exhibit axial
force resistance subjected to the coupling effect. However, when axial load q does not exist, bm1 and
bs1 vanish and hence the coupling effect between the axial force and the lateral loads is eliminated.
On the contrary, i.e. q=0, bm2 and bs2 still take part in providing the axial tensile resistance P in Eq.
12 that means element load exerting the positive axial resistance P due to elongation. It can be seen
that the secant stiffness coefficients, such as Cm, Cs, bm1, bm2, bs1 and bs2 accounting for the element
load effect in Eqs. 9, 11, 13 to 18 varying from different load cases by adjusting M 0 and S 0 , can
contribute to the nodal solutions insignificantly. It means the element load effect on the nodal
solutions is well replicated by the lumping and consistent load method except the buckling modes,
at which the common denominators (48+q) and (80+q) vanish in order to magnify the nodal
solutions from Eqs. 8 to 12, corresponding to symmetric and anti-symmetric buckling modes,
respectively.
Because of load-dependent characteristic in the internal strain energy, the coupling effect between
external element load and deformations becomes inherent in the present stiffness formulation from
Eq. 8 to 12. The Eq. 12 contains two independent bowing functions, which are symmetric and
complete, while both force equilibrium equations of bending moment and shear force are
incorporated into this element stiffness formulation. Instead of the lumping load and consistent load
method formulated through the work done, the generalised element load method (GELM) can
measure the strain energy dissipated into an element due to element load coupling with axial load
effect that disregard in member bowing and flexural terms of the strain energy equation as Eq. 4. It
means it regards the different strain energy terms as individual independent component. Because of
this, the element load terms, such as M 0 and S 0 , vanish or become very insignificant when
subjected to no axial load. The element load method heralds the element load can cause the
additional internal strain energy dissipation into both member bowing and flexural components as
nodal solutions when subjected to axial compression.
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It is of importance to note that, despite subjected to different element loads, the line integration in
Eq. 4 is identically carried out along the domain of an element, as the pattern of displacement
function in [Iu [15]] remains unchanged regardless of a variety of element loading distribution but
the magnitude of element load coefficients M 0 and S 0 . It produces a crucial insight that the
principle of superposition is valid to integrate the individual element load type M 0 and S 0 as
listed in Appendix I in order to form a general element load case respectively in advent of nonlinear
analysis being implemented, and subsequently can be allowed for by updating the element load
coefficients   M 0 and   S 0 in the course of the system solution procedures as mentioned in
Section 3. Therefore, the second-order solution due to a diverse kind of element loading can be
unified by summing up the standardized and fundamental simple element load cases given in
Appendix I of [Iu [15]]. This unique feature avoids tedious and enormous stiffness coefficients
under a considerable combination of general element loads, and hence leads to a versatile stiffness
formulation in the form of simplicity and brevity.
The tangent stiffness matrix can be obtained by taking a second differentiation of the total potential
energy functional in Eq. 4 with respect to the dependent variables uk and axial load q. When the
external work done V is linear as aforementioned, the tangent stiffness can be derived by second
derivative of internal strain energy U as given by

Kt 

 2


u j u k u j

 U

 u k



 
 u k

 U q


 q u
j



.



(19)

The tangent stiffness of the present beam-column element with element load effect can then be
written in Eq. 20, which relates the incremental deformation to the corresponding external loads
imposed on an element in the member coordinate.
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in which the coefficients Gn and H expressed in the tangent stiffness formulation in Eq. 20 are
shown in the Appendix I. I is the second moment of inertia about the axis in which the buckling
effect is considered. Also z=Iz/I and y=Iy/I. The tangent stiffness matrix should assemble and
transform into global coordinate as written in Eq. 21, as the incremental nodal displacements of a
structure can then be obtained by tangent stiffness relationship.
KT 

L K

elements

e

LT 

 LT

T

K t T  N LT ,

(21)

elements

in which T is transformation matrix relating the member forces to element force in local coordinate.
L is the transformation matrix from local ordinate to global coordinate. And N is a stability matrix
to allow for the work done of rigid body motion.
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SYSTEM SOLUTION PROCEDURES

For being well-formulated to yield the accurate solutions, the fundamental physical laws must
incorporate to govern behaviour of a structure properly; they are force equilibrium equation,
compatibility condition and material law, which can be accounted for at the system level when
resorted to the numerical method (nodal solution). To evaluate the nonlinear elastic behaviour of a
structure, the equilibrium solution at the nodes within  load factor can be given as,

f n  f n  R in  K T u in ,

(22)

with which the law of compatibility condition of a structural system is complied. And the elastic
material law is embodied in the stiffness formulation, i.e. KT. Therefore, the total nodal
deformations can be written as,

u in  K T1 f n ; u in1  u in  u in

(23);(24)

The nodal element resistance can be evaluated either dependent of total deformations u in1 as
written,
u in1  LT u in1 ; R in1  K s u in1 ; R in1  LR in1

(25);(26);(27)

in which uin and R in are respectively total deformations and nodal element resistance at element
level. The unbalanced force at n-th load increment is therefore obtained as,
f n  f n  R in1

(28)

The above process is repeated until the unbalanced forces f n at the nodes are eliminated, and the
next (n+1)-th load increment f n 1 as given in Eq. 29 should begin until numerical instability.

f n 1  f n  f

(29)

By satisfying these three conditions at global system level, the solutions of deformations u i 1 and
element resistances R i 1 at equilibrium point can be attained at the nodes of the elements at global
system level only, and no accurate element solutions at element level can be secured according to
the above system solution procedures. Therefore, the system solution procedures alone do not
suffice to yield the accurate element solutions. On contrary, the present higher-order element, which
satisfies all three conditions of physical law at element level, enables to replicate the accurate firstand second-order elastic element solutions.
For the sake of applicability, the principle of superposition is favourably applied. To this end, the
element loading distribution is converted into a single loading magnitude (i.e. M 0 & S 0 ) at
mid-span in order to provide the initial perturbation for triggering the second-order member bowing
effect due to its transverse element loads. In other words, this approach is a trade-off between the
distribution of element load effect and the generality of a plethora of element stiffness under a
diverse kind of element load cases. Meanwhile, the magnitude of both equivalent moment M 0
and shear S 0 components are updated to corresponding load level as Eq. 29 according to load
factor  to measure the second-order member bowing effect commensurate at each specific load
level.
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VERIFICATION EXAMPLES

The objective of this paper is on the accurate element solutions together with the nodal behaviour,
which are compared with the nodal solution from the others. Hence, the ranges of the validity of the
proposed numerical analysis are on the second-order elastic displacements and forces including the
large deformation, P- & P- effect, snap-through buckling behaviour, are numerically exemplified
through several examples, which were reported by independent studies. Finally, the side-track
application by using this GELM is the initial imperfection as shown in this Section.

4.1

Second-order Member Bowing effect (P- effect)

4.1.1

Superposition principle valid in second-order member bowing effect
Dimensionless Axial Load, PL2 /EI

9.0
8.0
7.0
6.0
Stability function
5.0

Cubic element

4.0

Present method

3.0

P
w=P/L

2.0

P

L

1.0
0.0
0.0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0.8

0.9

1.0

Mid-span Deflection, v/L

Figure 1. Second-order Bowing Effect of a Simple Supported Element
under Element Combined Load
The present example exemplifies second-order member bowing effect on a simple supported
element subjected to combination loads of uniform distributed load and point load. And, eventually,
it leads to profound implication of using superposition principle for load combination, which can
facilitate its application without loss of accuracy. The nonlinear solution procedure of incorporating
element load effect in the second-order behaviour using superposition principle is studied.
Figure 1 indicates the mid-span deflection of an element using different approaches subjected to the
load combination and axial compression. Similarly, present method can well capture the first-order
bending due to element load and second-order coupling effect between element load and axial
compression. Further, the element displacement and force solutions at highly second-order regime,
which is illustrated in Figure 1 by horizontal dashed line, are well represented by the present
method as shown in Figures 2 & 3, respectively.

Deflection, v/L
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0.80
0.70
0.60
0.50
Linear elastic analysis
0.40

Stability function
Cubic element

0.30

Present method
0.20
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L

0.00
0.00

0.10
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0.60

0.70

0.80

0.90
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Span, x/L

‐0.10

Bending Moment, ML/EI

Figure 2. Deflections Along a Simple Supported Element under
Combined Load Subjected to P- Effect
8.0
7.0
6.0
Linear elastic analysis
5.0
Stability function
4.0

Cubic element

3.0

Present method

2.0

P
w=P/L

1.0

P

L

0.0
0.00
‐1.0

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0.80

0.90

1.00

Span, x/L

Figure 3. Bending Moment Along a Simple Supported Element under
Combined Load Subjected to P- Effect
In conclusion, the present method can achieve the high level of accuracy in element deflection at all
ranges particularly. Moreover, the profound insight of this example is that the superposition
principle is valid to evaluate the second-order coupling P- effect due to the element loads. The
present higher-order element function can therefore generalize and replace the multiplicity of the
stability functions with particular element load cases. In addition, the present higher-order
continuous function can reproduce the various kinds of element solution subjected to various
element loads, even the discontinuous point load and their combination load case. It is noteworthy
that there is a trivial bending moment at pinned end. This inaccuracy is attributed to that no force
equilibrium condition is enforced at the element nodes at element level. Under this circumstance,
the nodal force solution can be adopted at the supports instead.
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4.2

Large Deformation Behaviour

4.2.1

Large deformation of a simply supported element under uniform load

This example aims at validating the capacity of the present element load method to capture the
large deformation of a structure, including the deformations and load distribution along an element.
A simple supported beam under uniform load is studied as shown in Figure 4, whose mid-span
deflection and end nodal axial displacement are also plotted against the load factor . And the load
level P is 10kN and the dimensions and sections of the element are normalized as the previous
examples. In this example, the present method is compared with others, including NIDA [16] and
Iu and Bradford . The axial deformation and mid-span deflection among all three methods are very
consistent as shown in Figure 4, at which the axial deformation less stiffen at about load level 1kN,
and when the deformations of an element becomes outstanding, the element stiffens in terms of
both axial deformation and mid-span deflection; obviously the mid-span deflection decreases
significantly compared to the axial deformation. It means the resistance of an element against the
transverse load relies on the axial stiffness due to large geometry change instead of bending action.
It in turn heralds to release the reserve of strength of an element. Therefore, the present method is
capable of capturing the large deformation behaviour, such as the catenary action. However, it is
noteworthy to remark that the present method exploits 4 elements, whereas NIDA [16] and Iu and
Bradford [3][4] use 4 and 8 elements, respectively. It is impossible to base on an element to
reproduce the large deformation behaviour of a member no matter which numerical method or the
finite element in the open literature is resorted to, because the axial component of an element
cannot render to any transverse component without recourse to the transformation system, even
though the terms bm 2 M 02 and bs 2 S 02 L2 in Eq. 12 of the present method can contribute to the axial
component solely due to transverse loads that are absent from other approaches. These axial
components cannot be transformed into transverse components effectively by the element itself
under this circumstance. It means the transverse load is impossibly taken by the axial resistance of
an element, even when the deformations of an element become prominent. All axial components
can only align along with the element, not in transverse direction, because the transformation of an
element is merely formulated from two end nodes straightly. Hence, Figures 5 & 6 shows one
present element can only simulate the linear elastic deflection and bending moment solutions,
respectively.
Figures 5 & 6 illustrate the deflection and bending moment distribution along a simple supported
beam at load level 9kN, which is also indicated at Figure 4 by the horizontal dashed line. In regard
to the large deformation behaviour, 4 present higher-order elements are required to achieve the
same accuracy of Iu and Bradford [3][4] when using 8 elements.
1.00

w=P/L
0.90

v

0.80

Load Factor,

u
L

0.70

u

0.60
0.50

u (Present method)
v (Present method)
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0.30

u (NIDA)
v (NIDA)

0.20
u (Iu and Bradford (2012))

0.10
v (Iu and Bradford (2012))

0.00
0.00

0.05

0.10

0.15
0.20
0.25
0.30
0.35
Dimensionless element deformations u/L or v/L

0.40

Figure 4. Large Deformation of a Simple Supported Element under Uniform Load
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Figure 5. Deflections along a Simple Supported Beam Subjected to Large Deformation
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Figure 6. Bending Moment along a Simple Support Beam Subjected to Large Deformation

4.3

Second-order Sway Effect (P- effect)

4.3.1

A cantilever subjected to uniform element load and axial compression

A cantilever is subjected to both transverse uniform distributed load, i.e. 10kN/m, and axial
compression as given in Figure 7, and subsequently undergoes the P- effect. On the basis of the
numerical methods (including NIDA and present method), the load-deflection curves of the nodal
axial uL and transverse vL deformations at tip are plotted in Figure 7, as well as the mid-span
transverse deformation vL/2 of the cantilever is given in Figure 7. It should be noted that the
mid-span transverse deformation vL/2 from NIDA (using 2 elements) is nodal solution, which is
compared with the element solution from the present method. In Figure 7, the present method (1
element) is very consistent with the NIDA (1 element) in terms of all deformations. However, there
is some discrepancy of the load-deflection curves from the present method (1 element) and NIDA
(2 elements); especially the axial deformation after the buckling load at about 1.5 and at the
post-buckling regime, when the cantilever exhibits axial stiffening due to catenary action. In
general, all results from both approaches in terms of axial and transverse deformations are
consistent.
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Figure 8. Deflections along a Cantilever Subjected to P-∆ Effect
In regard to the element displacement and force solutions, Figures 8 and 9 display the deflection
and bending moment distribution along a cantilever at a specific level 1.83 (load factor =0.56),
which is indicated by dash line in Figure 7. Similarly, the element responses, such as deflection and
bending moment as respectively shown in Figures 8 & 9, from the present method are consistent
with the nodal solutions from those of Iu and Bradford [3][4]. It is interesting to note that the rigid
body motion is taken into account for P- effect, whereas the bending moment is directly generated
from the natural deformation of an element, such as its curvature. And the bending moment at the
mid-span of an element is more accurate than other locations as noted and explained in [Iu [15]].
Further, it is remarked that this structure encounters the large deflection as well. Hence the example
can also demonstrate that one proposed element is adequate to replicate the large deformation
behaviour.
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4.3.2

A simple portal sway frame subjected to vertical uniform load only

A portal frame subjected to distributed uniform load =10kN/m is studied, of which the columns
have an initial inclination of =1/200 and the geometry and the properties are depicted in Figure 10.
This example can verify the sway effect (P- effect) of a portal frame. The lateral nodal
displacement of the sway frame is normally of great concern for P- effect, and hence the element
solutions of the members are always ignored under this circumstance. Therefore, this example
exemplifies the element displacements including the rigid body motions as well as the bending
moment distribution of all members. The lateral nodal displacements uL of the frame and element
deflections vL/2 at mid-span of the beam are plotted in Figure 10. In order to generate the accurate
mid-span deflection of the beam, NIDA discretises the beam into 2 elements, whereas Iu and
Bradford [3][4] makes use of 4 elements for each member, which implies the mid-span deflections
are transformed into the nodal displacement from these approaches. Conversely, the present method
relies on 1 element for each member to cater for both lateral nodal displacements uL of a frame and
vertical element mid-span deflection vL/2 of the beam. Figure 10 shows all displacements are very
consistent with each other. It is emphasized that the element solution (mid-span deflection vL/2)
from the present method can reach a good agreement with the nodal solution of both approaches
from linear to second-order ranges before the numerical divergence at =2.8. It also remarks that
the mid-span deflection vL/2 of the beam is well predicted by the linear elastic solutions v in Figure
10 till =2.5; especially the mid-span deflection vL/2 increases considerably at =2.6 because of the
P- effect.
13L
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Figure 10. Mid-span Deformations of a Transversely Loaded Beam at the Sway Portal Frame
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Iu and Bradford (2012) (4 elements)
(Load factor=1)
Iu and Bradford (2012) (4 elements)
(Load factor=2.7)
Present method

Figure 11. Deflection Shapes of the Sway Frame from Various Methods at =1 and =2.7

Figure 12. Bending Moments of the Sway Frame from Various Methods at =1 and =2.7
Figures 11 and 12 respectively illustrate the element solutions in terms of displacement and
bending moment of all members of the sway frame at different load levels. In Figure 11, the
element displacements (i.e. =1) from the present method are exactly same as the nodal
displacements from the Iu and Bradford [3][4]. However, at =2.7, the deflections of the columns
of the frame emerge slight discrepancy with the nodal solutions from Iu and Bradford [3][4] as
given in Figure 11, which can be attributed to the solutions near the numerical instability at
divergence. The accuracy of element solution is, however, still regarded to be reasonable. Similarly,
the present method can generate the accurate bending moment along an element by itself,
especially at its mid-span, when compared to those nodal solutions obtained from Iu and Bradford
[3][4] as illustrated in Figure 12, but the discrepancy become obvious at load level =2.7.

4.4

Snap-through, Pre- and Post-buckling

4.4.1

A toggle frame subjected to the uniform distributed element load

A two-bar toggle frame, which originates from Williams [17] under a point load at its apex, was
modified by Zhou and Chan [9][10] for the study of the snap-through buckling behaviour being
influenced by uniformly distributed element load =1kN/m in global axis as given in Figure 13. Its
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boundary condition, properties and geometry are depicted in Figure 13. This frame is used for
validating the capacity of the present method to capture the snap-through, pre- and post-buckling
responses of a member due to element load effect using one sophisticated higher-order element, in
which the pre-buckling behaviour is regarded as the combination of P- and P-∆ effects;
snap-through buckling is referred to the stiffness deterioration transit between pre- and
post-buckling; post-buckling associates with the large deformation behaviour.
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Figure 13. Load-deflection Curve at Top of Toggle Frame
The deflection at the top of toggle frame against the dimensionless load factor =L3/EI is plotted
in Figure 13 by using 4 elements for a member (Iu and Bradford [3][4]), which is well matched in
all ranges by Zhou and Chan [9][10]. The present element load method using one element per a
member cannot seamlessly replicate the accurate pre-buckling response of the toggle frame. The
ultimate pre-buckling load is at =1.5 by virtue of the present method, whereas the pre-buckling
load are at =1.43 and 1.45 from Iu and Bradford [3][4] and Zhou and Chan [9], respectively. Its
accuracy is within the acceptable degree for engineering application. Apart from the pre-buckling
regime, the snap-through and post-buckling behaviour of the toggle frame reach a good agreement
with each other as shown in Figure 13. It is important to note that the disparity in pre-buckling
behaviour may be attributed to the element load distribution being very sensitive to the
pre-buckling behaviour, while the effect of element load distribution is converted into the single
load magnitude of equivalent element load terms, such as M 0 and S 0 , and therefore this effect is
ignored in the higher-order element stiffness formulation.
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Figure 14. Deflection Shapes of Toggle Frame from Present Method and Iu and Bradford (2012)
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at =1.4, =0.5 and =1.8
Figure 14 demonstrates that the present method using one element generates continuous element
displacement solution of a member at different load factors as indicated by the solid lines, i.e.
=1.4 (pre-buckling), =0.5 (snap-through buckling) & =1.8 (post-buckling), at which is also
illustrated in Figure 13 by the dash-dot lines at respective levels. On the other hand, Iu and
Bradford [3][4] produces the element deflections of a member by reliant on the nodal
displacements as indicated by the dash lines with symbols in Figure 10. The accuracy of element
deflection distributions among them is very consistent.

1.4  
0.5  
1.8  

Figure 15. Bending Moments of Toggle Frame from Present Method and Iu and Bradford (2012)
at =1.4, =0.5 and =1.8
Similarly, the element solutions in bending moment from the present method (solid lines) and Iu
and Bradford [3][4] (dash lines with symbols) are given in Figure 15. The bending moment at the
post-buckling level (=1.8) from the present method is very consistent with those from Iu and
Bradford [3][4]. The distribution of bending moment at other load levels (=1.4 & 0.5) are also
reasonably consistent between both methods.

4.5

Geometrical Initial Imperfection

4.5.1

Application of element load method for the imperfection of a member

According to Eurocode 3 [18], the assumed local imperfection of an element may be replaced by an
equivalent transverse element load. In this sense, the present method can be extended to provoke
the additional application to incorporate the initial imperfection along an element, which can
degrade the stiffness of an element and trigger the member bowing effect prematurely. A dummy
uniform distributed element load is imposed to include the local imperfection of an element, whose
magnitude 0 in turn represents the geometrical initial imperfection e0. Hence, larger dummy load
magnitude 0 enables to cover larger allowance of geometrical imperfection e0 of an element, of
which the capacity of an element in deflection and internal moment resistance is deteriorated by the
imperfection. For example, the buckling curves a0, a, b, c and d in Eurocode 3 [18][17]. In
principle, different 0 can represent the corresponding buckling curves in the various design codes.
A column having the equivalent initial imperfection 0=0.01, 0.02 and 0.05 is under axial
compression P=10kN, of which the mid-span deflection and bending moment are plotted in Figs.
16 and 17, respectively. They can be seen that the larger equivalent imperfection 0 can stand for
the larger buckling curves (i.e. c or d). Both Figures 16 & 17 demonstrate the deterioration of
capacities when the equivalent imperfection becomes larger, but also approach to their elastic
critical buckling load factor E=0.164.
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It is noteworthy that, in numerical modelling viewpoint, if a perfect straight element is under axial
compression, the flexural buckling behaviour can never be produced by that element because of no
transverse component to trigger the second-order bowing effect. On the other hand, the
incorporating equivalent imperfection 0 through the GELM can allow for the modelling of
flexural buckling using one-element-per-member approach. Hence no special consideration in the
numerical modelling is required to capture second-order bowing effect, and thereby the present
element facilitates the modelling preparation in the practical design.
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483

5.

Chi-Kin Iu

DISCUSSIONS AND CONCLUSIONS

There are a few emphases from this paper as below;
•

•

•

Superposition principle valid in nonlinear solution procedure
The significant impact of this study is to impose the superposition principle as proved in this
paper in order to generalise and unify the myriad of element load scenarios inherent in the
standardised element stiffness formulation, e.g. Eqs. (8) to (12). In principle, this approach
trades off the distribution of element load effect for the generality in element stiffness for a
diverse kind of element load cases. In this sense, the distribution of element load is converted
into a single magnitude of element load at mid-span of a sophisticated higher-order element. It
leads to the same form of the element stiffness but various magnitudes of element load
components (i.e. M 0 & S 0 ) for various element load scenarios, which is succinctly customized
from individual load case in the advent of nonlinear solution procedures. These element load
components are then updated through the system solution procedures so that the second-order
equilibrium path due to the coupling element load effect and the axial load can be traced
successfully.
Inaccuracy in element load solution if sensitive to the element load distribution
This paper shows that the effect of the element load distribution is not sensitive to the typical
buckling problem (i.e. P- effect) and thereby the application of superposition principle is valid.
However, the slight discrepancy of the load-deflection relation is observed in the snap-through
buckling behaviour, but still within the adequate level of accuracy in the engineering
applications.
Superiority over other low- and higher-order element approaches
A) When the lower-order element function (e.g. cubic element or hierarchic h-version element)
is exploited, the nonlinear equilibrium equation of a member must be linearized by dividing
into a few low-order elements as known the element discretization. Moreover, the accuracy of
the solutions by using the low-order element is inevitably restricted to the nodes. B) When the
higher-order element, which is so-called one-element-per-member approach, is used to derive
the higher-order element stiffness formulation that is adequate to solve the nonlinear
equilibrium equation of a member by element itself. However, similarly the accurate element
load solutions are resulted in at nodes only, because of no element load effects being
incorporated into its stiffness formulation. C) On the other hand, the present approach extends
the accurate solutions to both (discrete) nodal and (continuous) element solutions in both
displacement and force fields. It heralds the element load solutions from the higher-order
element formulation (generalised element load method - GELM) are commensurate with nodal
solutions from the system analysis reasonably.

In summary, the present approach can possess robust capability of modelling the first- and
second-order behaviour in terms of both nodal and element displacement and force solutions, which
includes P- and P- effect, large deformation behaviour, snap-through buckling, pre- and
post-buckling and geometrical initial imperfection. In short, this paper can be therefore evolved
into a unified method to yield accurate whole-domain (i.e. nodal and element) solutions of all kinds
(i.e. displacement and force) under most regimes (i.e. first- and second-order elastic ranges),
subjected to numerous element load scenarios. As a result, this GELM can ensure the reliable
design (thanks to whole-domain accuracy under most regimes) of any civil engineering structure at
the ultimate and serviceability limit states simultaneously (thanks to both fields solutions),
especially indispensable to the one-element-per-member approach.
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APPENDIX I
The terms Gi ( = y or z, i = 1 or 2) in Eq. 29 are:
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ABSTRACT: In this paper, we present the results of experimental study and finite element modeling of the push-out
tests on a new shear connector of I-shape. 24 push-out specimens with I-shape shear connectors were tested under a
static loading in the Laboratory of Materials and Mechanics of Structures – LMMS at the University of M’sila,
Algeria. The test specimens were designed to study the effect of the following parameters on the ultimate load
capacity: the height of I-shape connector, the length of I-shape connector, the compressive strength of concrete and
the number of transverse reinforcing bars. The load capacity, the ductility and the modes of failure were presented
and discussed. Furthermore, a finite element modelling of the push-out tests was carried out using ANSYS software
to investigate the stress distribution pattern in the area of the I-shape connector. Moreover, the finite element model
was also used to simulate another type of shear connector, called channel connector in order to compare its behaviour
with that of the I-shape connector. From this comparison, we suggested an equation for the prediction of the ultimate
load capacity of I-shape shear connectors.
Keywords: Steel-concrete connection, I-shape shear connector, Push-out tests, F.E.M.
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1.

INTRODUCTION

The shear connectors are commonly used to ensure composite action in a steel–concrete composite
beam. Their main function is to resist longitudinal shear forces at the steel–concrete interface, and
to prevent vertical separation between the concrete slab and the supporting steel beam. Many types
of shear connectors have been developed and used in the past. The most widely used shear
connector in practice is the welded stud (Figure 1(a)) with a suitable head that contributes to the
shear transfer and prevents the uplift. Nevertheless, due to the small load carrying capacity of stud
connectors and also due to the fatigue problems caused by live loads on composite bridges, some
other alternative shear connectors are proposed such as the angle connector with anti-uplift bar
(Figure 1(b)) and the channel connector (Figure 1(c)) which are frequently used in Algeria and in
some other countries.

Figure 1. Types of Shear Connectors
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The economic considerations continue to motivate the development of new systems to ensure the
load transfer between steel and concrete components in composite structures. Recently, several
authors have proposed new types of shear connectors, such as Y-type perfobond rib connector [1],
J-hook connector [2], Bolted connector [3], Rubber-sleeved stud [4], and V-shaped angle connector
[5]. In this context, a new shear connector, called I-shape connector is proposed. As shown in
Figure 1(d), the shape of this connector is appropriate to resist shear forces and prevent vertical
separation between the steel beam and the concrete slab. In addition, angle and channel connectors
[6] are limited to shear transfer in the recommended direction only, while the I-shape connector can
resist and transfer shear in the two directions with same quantity, making it the more useful shear
connector in composite beams subjected to seismic loading. Moreover, the facility of producing the
I-shape connectors by their cutting from the ordinary laminated I profiles is another advantage. The
welding task has the same characteristics as referred for angle and channel connectors.
A review of the literature indicates that any research work has been done to investigate the
feasibility of using I-shape pieces as shear connectors. In this paper, we present the results of
experimental study and finite element modelling of the push-out tests on a new shear connector of
I-shape. 24 push-out specimens with I-shape shear connectors were tested under a static loading in
the Laboratory of Materials and Mechanics of Structures – LMMS at the University of M’sila,
Algeria. The load capacity, the ductility and the modes of failure were presented and discussed. The
effect of the dimensions of I-shape connector, the effect of strength of concrete, and the effect of
the number of transverse reinforcing bars have been discussed [7]. Furthermore, a finite element
modelling of the push-out tests was carried out using ANSYS software [8] to investigate the stress
distribution pattern in the area of the I-shape connector. Moreover, the finite element model was
also used to simulate another type of shear connector, called channel connector (Figure 1(c)) in
order to compare its behaviour with that of the I-shape connector. From this comparison, we
suggested an equation for the prediction of the ultimate load capacity of the specific shear
connector proposed in this research.

2.

EXPERIMENTAL PROGRAM

The experimental program consisted of 24 push-out tests grouped in four series, each with three
pairs. Each pair included two identical specimens. The test specimens were designed to study the
effect of the following parameters on the ultimate load capacity: the height of I-shape connector,
the length of I-shape connector, the compressive strength of concrete and the number of transverse
reinforcing bars. Details of each push-out specimen are provided in Table1 with the dimensions of
I-shape shear connector, the compressive strength of concrete slab and the number of transverse
reinforcing bars. As illustration, Figure 2 shows the specimens of the series A.
Series

A

B

Specimen
A1-a
A1-b
A2-a
A2-b
A3-a
A3-b
B1-a
B1-b

Table 1. Summary of Push-out Test Specimens
I-shape shear connector
Concrete slab
Profile
Transverse
HI
LI
fck
2
(mm) (mm) ( N/mm ) reinforcement
IEP80

80

IEP100

100

IEP120

120

IEP80

80

60

20.11

4Ø8

40

26.52

4Ø8

Test
parameter

Height of
I-shape
connector
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C

D

B2-a
B2-b
B3-a
B3-b
C1-a
C1-b
C2-a
C2-b
C3-a
C3-b
D1-a
D1-b
D2-a
D2-b
D3-a
D3-b

IEP80

60

IEP80

80

IEP80

Length of
I-shape
connector
21.23

IEP80
80

60

26.28

4Ø8

Compressive
strength of
concrete

31.47

IEP80

4Ø8

IEP80
IEP80
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80

IEP80

60

20.11

6Ø8
8Ø8

Number of
transverse
reinforcing
bars

Figure 2. Push-out Specimens of the Series A
2.1

Description of Push-out Specimens

Due to some practical difficulties of the testing device, it was not possible to prepare the push-out
specimens according to Eurocode 4 [9]. To simplify the experimental procedure, the authors have
decided to follow the recommendations of British standards BS 5400-5 [10]. As shown in Figure 3,
a push-out specimen consists of two small concrete slabs held in the vertical position, and attached
to the flanges of a short HEB160 steel beam of 360 mm long, by means of welded I-shape shear
connectors. The assembly was subjected to a vertical load which produced shear load along the
interface between the concrete slab and the steel beam flange on both sides. A recess of 60 mm was
provided between the bottom of the slab and the lower end of the steel beam to allow for slip
during testing. The dimensions of concrete slabs were 360 mm long, 320 mm wide, and 120 mm
thickness for each slab. For the specimens of series A, the thickness of the concrete slabs was 140
mm instead of 120 mm. The distance between the web of I-shape connector and the bottom end of
the concrete slab was kept constant at 210 mm for all specimens. These dimensions are similar to
those used in other push-out tests with other types of shear connectors [11-15]. Most specimens
were reinforced longitudinally and transversely with four 8 mm diameter bars positioned in two
layers for each concrete slab, for some specimens in Series D, the number of longitudinal bars kept
constant while the transverse bars were varied to six and eight bars for each concrete slab. The
slabs of all push-out specimens were cast vertically, rather than horizontally, so that both slabs
could be cast from the same batch of concrete to reduce the chance for variation in concrete
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strength from one slab to another. Each lift was thoroughly vibrated to eliminate air voids adjacent
to the I-shape connectors. This form of casting has been successfully used by Veldanda & Hosain
[16], Studnicka et al [17], Medberry & Shahrooz [18], Veríssimo [19], Vianna et al [20] and by
Prakash et al [14]. Adoption of this procedure leads to a significant reduction of the time for
execution of the test program, as well as of costs associates to the cut and the welding of the steel
beams that would be necessary to execute the casting in horizontal position [21]. In addition, the
casting in vertical position does not causes important modifications since the slabs have small
dimensions. The chemical bond at the steel-concrete interface was eliminated by oiling the steel
flanges before casting the slabs. The oiling of the steel flanges and the provision of the reinforcing
bars before concrete pouring are shown in Figure 4.

Figure 3. Push-out Specimen with I-shape Connector (Dimensions in mm)

Figure 4. Oiling of the Steel Flanges and Provision of the Reinforcing Bars
2.2

Material Properties

After the concrete was cast for the push-out specimens, five concrete cylinders (160 mm diameter x
320 mm length) were prepared during each pouring. These concrete cylinders were tested for
compressive strength on the same day of the push out tests. Table 2 shows the results of the
compressive strength tests. The tensile strength and the modulus of elasticity of the concrete were
calculated according to the procedure proposed by Eurocode 2 [22].
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Specimens
Series A
Series D
Series B
C1-a, C1-b
C2-a, C2-b
C3-a, C3-b

Table 2. Mechanical Properties of concrete material
Strength
Average
Tensile
class of
compressive
strength,
concrete
strength, fck (MPa)
ft (MPa)
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Modulus of
elasticity, Ecm
(GPa)

C20/25

20.11

2.22

29.997

C25/30
C20/25
C25/30
C30/37

26.52
21.23
26.28
31.47

2.67
2.30
2.65
2.99

31.904
30.351
31.837
33.213

The properties of the other materials used in this test program such as steel of I-shape shear
connectors, and steel of reinforcing bars, were also determined by tension tests. Three coupon
samples were cut from the web of I-shape connectors and from the reinforcing bars. The
specimens’ size and the tensile test procedure have been performed according to the procedure
proposed by ASTM-E8-69 [23]. The results of the tension tests are summarized in Table 3. The
short beam of HEB160 profile was made from S355 steel grade of nominal tensile yield strength
equal to 355 MPa. No tests have been performed on this element.

Specimens
Steel of
I-shape
shear
connectors
Reinforcing
bars
2.3

Table 3. Mechanical Properties of Steel Materials
Average Yield
Average ultimate
Profile Steel grade
Strength, fy (MPa) Strength, fu (MPa)
IPE80
S235
233
344
IPE100
S235
241
356

Average
Elongation (%)
21
27

IPE120

S235

237

350

24

Ø8

S400

411

605

13

Test Setup and Instrumentation

The push-out specimens were tested under monotonic loading using a hydraulic testing machine of
600 kN capacity. A 30 mm thick steel plate was used as a base plate for the specimens, and at the
top end of the specimens, a 12 mm thick steel plate was placed on the steel section to distribute the
applied loads. Prior to initializing the test, the specimens were preloaded several times to remove
any lack of fit in the test set up. The preload force was then released, and equilibrium was
established in the system. Initially, the load was applied in increments of 10 kN, when the load-slip
curve started to deviate from a straight line, the load increment was reduced to 5 kN until the
maximum load. The loading was continued until failure occurred. During each load increment, the
slip between the steel beam and the concrete slab and the separation of the concrete slabs from the
steel flanges were measured by means of four 20 mm dial gauges located at the level of I-shape
shear connectors. Each specimen took about 45 minutes till it completely failed. Figure 5 shows a
typical test setup used for the push-out specimens.
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Figure 5. Test Setup and Instrumentation
3.

TEST RESULTS

The results of the push-out tests are summarized in Table 4. The values of the load capacity and the
ductility of the I-shape connector were evaluated in accordance with the specifications of Eurocode
4 [9] : The ultimate load capacity of a connector Pu was obtained by dividing the failure load of the
specimen by the number of connectors, the characteristic load PRk was taken as the least failure load
divided by the number of connectors and reduced by 10%, the slip capacity Su was considered as
the maximum slip correspondent to the characteristic load PRk and the characteristic slip Suk was
taken as 90% of the slip capacity i.e. 0.9Su.

Series

A

B

Specimen

Table 4. Results of Push-out Tests
Load capacity per connector
Slip capacity
(KN)
(mm)
Ptest

Pu (avg.)

PRk

Su

Suk

A1-a

70.00

70.00

63.00

7.5

6.8

A1-b

70.00

A2-a

80.00

78.75

69.75

8.2

7.4

A2-b

77.50

A3-a

82.50

83.75

74.25

8.8

7.9

A3-b
B1-a
B1-b

51.25

45.00

4.9

4.4

B2-a

85.00
52.50
50.00
80.00
80.00

80.00

72.00

7.3

6.6

B2-b
B3-a

107.50

108.75

96.75

9.7

8.7

B3-b

110.00

Mode of failure

Cracking +
crushing
of concrete
Cracking +
crushing
of concrete
Cracking +
crushing
of concrete
Shearing
of connector
Cracking +
crushing
of concrete
Cracking +
crushing
of concrete
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C

D

3.1

C1-a

70.00

C1-b

72.50

C2-a

80.00

C2-b
C3-a
C3-b
D1-a
D1-b

80.00
82.50
82.50
67.50
70.00

D2-a
D2-b

71.25

63.00

6.9

6.2

80.00

72.00

7.8

7.0

82.50

74.25

5.7

5.1

68.75

60.75

6.8

6.1

72.50
70.00

71.25

63.00

8.2

7.4

D3-a

75.00

73.75

65.25

8.4

7.6

D3-b

72.50
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Cracking +
crushing
of concrete
Cracking +
crushing
of concrete
Shearing
of connector
Cracking +
crushing
of concrete
Cracking +
crushing
of concrete
Cracking +
crushing
of concrete

Failure Modes

The failure modes observed from the push-out tests can be generally classified into two types, as
presented in Table 4. The first mode of failure is the shearing of connector. The characteristic
feature of this failure mode was the yielding and then shearing of the web near the welded flange
fillet. Figure 6(a) shows the shearing of the I-shape connector with a remarkable cracking of
concrete. The second mode of failure is the cracking and crushing of concrete slab in front of the
connector as illustrated in Figure 6(b). It was noticed that the shearing of connector was occurred,
especially in the specimens with higher strength concrete and/or with connectors of smaller length.
However, in specimens made using low and moderate strength concrete, the failure was caused by
cracking and crushing of the concrete slab.

Figure 6. Modes of Failure
3.2

Load–slip Behaviour

The load–slip curves of two specimens representing the two types of failure shown above are
presented in Figure 7. Slip increased with increasing load until the specimen reached the ultimate
load, and afterwards the load decreased systematically until failure. For the specimen C3-b, the
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shearing of I-shape connector was identified by a characteristic sound and load drop, and separation
occurred on one side only. For the specimen B3-a, it appears that even after the cracking and
crushing of concrete in front of the I-shape connector, the friction between the cracked concrete
surfaces continued to provide shear resistance at large slips.

Figure 7. Typical Load–slip Curves for Specimens C3-b and B3-a




According to Eurocode 4 [9], a connector may be taken as ductile if the characteristic slip Suk is
at least 6 mm. As indicated in Table 4, for the specimens that failed by cracking and crushing of
concrete, the I-shape connectors are sufficiently ductile since they present a characteristic slip
Suk greater than 6 mm. While, for the specimens failed by shearing of connector, the
characteristic slip Suk is slightly lower than 6 mm and the load–slip behaviour is less ductile. It
worth noting that the push-tests were performed with load control due to some limitations of the
testing machine at the time. It is possible that the values measured for slip are smaller than
those that would be attained with displacement control.
Concerning the separation of the concrete slabs, the uplift values obtained from the push-out
tests with I-shape connectors, were found to be small and thus were considered to have minimal
influence on the behaviour of these connectors.

4.

PARAMETRIC STUDY

4.1

Effect of the Height of I-shape Connector

The load–slip curves for three pair specimens A1, A2, and A3 are shown in Figure 8. These
specimens were similar in every respect except that the height of I-shape connector in specimens
A1, A2, and A3 was 80, 100, and 120 mm, respectively. The length of I-shape connectors was 60
mm. The compressive strength of concrete used in all three pair specimens was 20.11 MPa.
As the load-slip curves indicate, the ultimate load capacity of I-shape connector increased slightly
with the increase in the height of connector. On average, the ultimate load increased by about 10%
when the connector height was increased from 80 mm to 100 mm. There was a further increase of
6% when the connector height was increased from 100 mm to 120 mm. All three pair specimens
failed due to Cracking and crushing of concrete. Since the height of I-shape connector has a small
influence when failure is concrete related. However, the specimen with a higher connector showed
a slightly more ductile behaviour.
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Figure 8. Effect of the Height of I-shape Connector
4.2

Effect of the Length of I-shape Connector

The load-slip curves for three pair of specimens B1, B2, and B3 are shown in Figure 9. These
specimens were similar in every respect except that the length of I-shape connector in specimens
B1, B2, and B3 was 40, 60, and 80 mm, respectively. The height of the connector used in these
specimens was 80 mm. The compressive strength of the concrete was 26.52 MPa. As the load-slip
curves indicate, the ultimate load capacity is influenced significantly by the increase in connector
length. On average, increasing the length of I-shape connector from 40 mm to 60 mm (50%) led to
an increase in the ultimate load capacity of approximately 56%, as well as a further increase of
connector length from 60 mm to 80 mm (33%) led to an increase in the ultimate load capacity of
approximately 27%.

Figure 9. Effect of the Length of I-shape Connector
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Effect of Concrete Strength

Figure 10 presents the load-slip curves for three pair specimens C1, C2 and C3 which were
identical except that the compressive strengths of concrete were 21.23, 26.28 and 31.47 MPa,
respectively. As indicated in Table 4, it appears that the concrete strength governed the mode of
failure. Shearing of connector was observed in the pair specimens C3 with the highest strength
concrete while, in the two pair specimens C1 and C2 with lower and moderate strength concrete,
respectively, failure was occurred by cracking and crushing of concrete. For an increase in the
compressive strength of concrete from 21.23 to 26.28 MPa (23.79%) the average increase in the
ultimate load capacity of I-shape connector was approximately 12.25%. However, when the
concrete strength was further increased from 26.28 to 31.47 MPa (19.75%), the ultimate load
capacity of I-shape connector increased by only 3.13%. This was expected since the failure mode at
higher concrete strength was due to shearing of connector. In this case, the ultimate load capacity of
I-shape connector is indirectly influenced by concrete strength.

Figure 10. Effect of Concrete Strength for Specimens C1, C2 and C3
4.4

Effect of transverse reinforcement

The load-slip curves for three pair specimens D1, D2, and D3 are shown in Figure 11. These
specimens were similar in every respect except that the number of transverse reinforcing bars in
each concrete slab of specimens D1, D2, and D3 was 4Ø8, 6Ø8, and 8Ø8, respectively. The
compressive strength of concrete used in all three pair specimens was 20.11 MPa. As the load-slip
curves indicate, the ultimate load capacity was not significantly influenced by the increase in the
number of transverse reinforcing bars. On average, increasing the number of transverse reinforcing
bars from 4Ø8 to 6Ø8 led to an increase in the ultimate load capacity of approximately 5%, while a
further increasing of transverse reinforcing bars from 6Ø8 to 8Ø8
led to an increase in the
ultimate load capacity of only approximately 2%. However, the specimens with 6Ø8 and 8Ø8
exhibited a more ductile behaviour (i.e., larger maximum slip values) than the specimens with 4Ø8.
The reason for this difference in behaviour can be attributed to the presence of transverse
reinforcing bars which limit the cracking of the concrete around the connector at the ultimate loads.
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Figure 11. Effect of Transverse Reinforcement for Specimens D1, D2 and D3

5.

FINITE ELEMENT ANALYSIS

During the preparation of the push-out specimens, we encountered difficulties in the installation of
the strain gauges on the level of each I-shape connector. Therefore, to observe its local deformation,
the finite element analysis serves better than that of the experimental investigation. Nevertheless,
due to complexity of three-dimensional models (meshing difficulties, memory requirements,
numerical convergence problems and result interpretation difficulties), a two-dimensional model
was then chosen for simplicity.
Two-dimensional models with plane stress elements were used by many authors. Kim et al. [24]
were one of the first researchers to employ a two-dimensional plane stress elements using LUSAS
software to study the behaviour of through-deck welded shear connectors in push-out tests. The
steel beam, concrete slab and stud were modelled by quadrilateral and triangular plane stress
elements and the profiled steel sheeting by bar elements. Wang [25] proposed a two-dimensional
model using ABAQUS software to investigate the behaviour of stud shear connectors with profiled
steel sheeting in push-out tests. Quadrilateral plane stress elements were used to model the concrete
slab, the steel beam and the profiled steel sheeting. Shear connectors were modelled by horizontal
and vertical springs along the steel-concrete interface, and non-linear load-slippage curves
representing realistic deformation characteristics were readily incorporated. Recently, Guezouli and
Lachal [26] developed a new two-dimensional model to study the effect of steel-concrete contact
and friction on the behaviour of stud shear connectors in push-out tests. It has been observed that
the previous two-dimensional models with plane stress elements are able to predict satisfactorily
the behaviour of the shear connectors both in terms of strength and ductility without any difficulty.
5.1

Two-dimensional finite element model

The push-out specimen shown in Figure 3 was modelled by a two-dimensional finite element
model using ANSYS software [8]. Because of symmetry, only half of the specimen with one
I-shape shear connector was built as shown in Figure 12.
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Figure 12. Finite element modelling of push-out specimen with I-shape connector
5.1.1

Finite element types

The concrete slab, the steel beam and the I-shape connector were modelled using quadrilateral
plane stress elements PLANE42, which have four nodes with two displacement degrees of freedom
per node. The thicknesses of the plane stress elements were assigned to be equal to the effective
width of the concrete slab as well as flange width and web thickness of the steel beam and the
section of I-shape connector as appropriate. The reinforcing bars were modelled in a discrete
manner using the two-dimensional spar element LINK1, which have two nodes with two
displacement degrees of freedom per node. In this study, full bond action was assumed between the
reinforcing bars and the concrete slab. Therefore, the nodes of LINK1 elements are attached to
coincident nodes of PLANE42 elements of the concrete slab, so the two materials share the same
nodes. The contacts along the steel-concrete interfaces between the I-shape connector and
surrounding concrete and also between the flange of steel beam and concrete slab were modelled
using a contact element CONTA171 associated with a target element TARGE169. These elements
are able to simulate the existence of pressure between the elements when there is contact, and
separation between the same ones when there is not. The contact pairs still allow the consideration
of the friction between the parts. Hence, from the literature reviews, the friction coefficient
developed at the interface (connector – surrounding concrete) was taken equal to 0.6 while at the
interface (flange of steel beam – concrete slab) was taken equal to 0.01 because, in the push-out tests,
the friction was eliminated by oiling of the steel beam flanges before the casting of concrete slabs.
5.1.2

Material modelling of steel and concrete

The material properties obtained from the tests were used in the finite element analyses. On one
hand, the steel of I-shape connector, steel of reinforcing bars and steel beam were modelled as an
isotropic elasto-plastic material in both tension and compression taking into account hardening
effects. On the other hand, the behaviour of concrete was simulated by a simplified material model
having different properties in tension and compression. In compression, the concrete was modelled
by a multi-linear isotropic hardening relationship, which uses the von Mises yield criterion. In
tension, the behaviour is linear up to the tensile strength of concrete. After this point, the softening
branch remains horizontal to avoid numerical problems due to fact that the material nonlinearity in
ANSYS cannot handle a negative gradient in the last stage of stress-strain curve.
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Mesh and boundary conditions

After the election of the suitable finite elements, the discretization of each part constituting the
model was made by applying a coarse mesh as an overall size to reduce the time of analysis. The
fine mesh was applied at the area of the I-shape connector in order to obtain more accurate results.
Figure 12(b) shows the mesh and the boundary conditions adopted for the two-dimensional finite
element model:



All nodes along the middle of the steel beam web were restricted from moving in X direction
due to symmetry.
All nodes at the base of concrete slab were restricted from moving in X and Y directions to
resist the compression load and to prevent the lateral spacing of the concrete slab at its base.

5.1.4

Application of load and convergence criteria

In this analysis, load control was applied. Loading was incrementally applied to the top line of the
steel beam as shown in Figure 12(b). The slip was measured at the level of the I-shape connector.
Therefore, the load–slip curve can be plotted and the ultimate load capacity can be determined. The
ANSYS software [8] used the Newton-Raphson equilibrium iterations to provide convergence at
the end of each load increment within tolerance limits. In this study, convergence criteria were
based on force and displacement, and the convergence tolerance limits were initially selected by the
ANSYS software [8]. The convergence limits for this analysis used the L2-norm (square root sum
of the squares) of force tolerance equal to 0.1% and an L2-norm check on displacement with 5%
tolerance.
5.2

Calibration of the Finite Element Model

In order to calibrate the finite element model, two push-out specimens (C3-b and B3-a) that were
tested previously were simulated using the two-dimensional model described above. The
dimensions of the push-out specimens and the test results were reported in the experimental part.
Figure 13 presents a comparison between the (load-slip) curves recorded experimentally and those
obtained numerically by the finite element method for the two specimens. There is good agreement
between experimental and finite element results. Nevertheless, the numerical curves diverge from
the experimental curves after the reaching of the ultimate load. This was due to the concrete
material modelling used in the finite element analysis. For the specimen C3-b, the maximum load
per one connector was recorded at 82.5 kN compared with 85 kN obtained from the finite element
solution. For the specimen B3-a, the push-out test gave an ultimate load of 107.5 kN compared
with 115 kN obtained from the finite element analysis.

Figure 13. Load–slip Curves for Specimens C3-b and B3-a
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In the first specimen C3-b, the failure of the shear connection was occurred by yielding and then
shearing of the I-shape connector. This mode of failure was confirmed numerically by a
concentration of the maximum stresses on the level of the web near the welded flange of I-shape
connector as it can be seen in Figure 14(a). While, in the second specimen B3-a, the failure of shear
connection was occurred by local crushing of the concrete around the I-shape connector. This mode
of failure was also confirmed by the finite element analysis. As shown in Figure 14(b), a
concentration of the maximum stresses was observed in the concrete at the frontal area of the
connector.

Figure 14. Stress Contour and Deformed Shape for Specimens C3-b and B3-a
The deformed shape of the connector after the failure of the specimen B3-a is compared with the
finite element result. As it is shown in Figure 15, a separation of the concrete behind the connector
was occurred in the push-out test. This separation was also noticed during the finite element
analysis.

Figure 15. Typical deformed shape of the I-shape connector (specimen B3-a)
5.3

Modelling of the Push-out Specimens with Channel Connector

A simulation of the push-out specimens with channel shear connector of U-shape was conducted
using the verified two-dimensional model in order to compare its behaviour with that of I-shape
connector. Dimensions and mechanical properties of the two types of shear connectors are identical.
Figure 16 shows the mesh and boundary conditions of the corresponding push-out specimens.
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Figure 16. Mesh and Boundary Conditions for the Two Types of Shear Connectors
Figure 17 shows a comparison between the (load-slip) curves obtained from the finite element
analysis for the two types of shear connectors. There is good agreement between the two curves for
the two specimens C3-b and B3-a. However, the load-slip curve of channel connector appears more
rigid and slightly higher than that of I-shape connector.

Figure 17. Comparison between the Load-slip Curves for the Two Types of Shear Connectors
As shown in Figure 18, the mode of failure by yielding and then shearing of the steel connector was
confirmed numerically by a concentration of the maximum stresses at the junction of web and
welded flange for the two types of shear connectors.
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Figure 18. Stress Contour and Deformed Shape of the Two Types of Shear Connectors
The mode of failure by crushing of the concrete was also confirmed numerically for the two types
of shear connectors. As shown in Figure 19, a concentration of the maximum stresses was observed
in the concrete at the frontal area of the connector for the two types of shear connectors.

Figure 19. Stress Contour in the Concrete for the Two Types of Shear Connectors

6.

ESTIMATION OF THE ULTIMATE LOAD CAPACITY
OF I-SHAPE CONNECTOR

As mentioned above, the finite element analysis of the push-out tests on the two types of shear
connectors confirms the similarity of their behaviour. Therefore, the ultimate load capacity of the
I-shape connector can be estimated with the same formulas that have been developed for the
channel connector.
From the literature, Slutter and Driscoll [27] suggested an empirical equation to predict the ultimate
load capacity of a channel shear connector embedded in a solid concrete slab. This expression was
later modified to be able to use it with light-weight concrete, and presented in the American
Institute of Steel Construction specification [28] in the following form:
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(1)

f ck Ecm

where Pu is the ultimate load capacity of a channel shear connector (N), tf is the flange thickness
of channel shear connector (mm), tw is the web thickness of channel shear connector (mm), Lc is
length of channel shear connector (mm), fck is the compressive strength of concrete (MPa), and Ecm
is the modulus of elasticity of concrete (MPa).
The current Canadian standard CAN/CSA-S16-01 [29] also suggests a similar equation to predict
the ultimate load capacity of channel shear connectors:
Pu  36.5(t f  0.5t w ) Lc

(2)

f ck

Pashan and Hosain [30] concluded that the CSA equation is too conservative. By including channel
height Hc as a parameter, they developed the following empirical equation to evaluate the load
capacity of channels having a height of 100 mm:
(3)

Pu  (336 t w2  5.24 Lc H c ) f ck

Considering the similarity of the behaviour between the two types of shear connectors, a
comparison between the ultimate load values obtained from the push-out tests and those predicted
by the above equations are listed in Table 5. It appears that the ultimate load capacity predicted by
Eq. 2 is closer to the experimental results compared with the results obtained from Eqs. 1 and 3.
The average arithmetic mean (μ) of the ratio of test to predicted values, the standard deviation (σ),
and the coefficient of variation (ν) for Eq. 2 are 1.003, 0.030, and 2.972%, respectively. However,
this equation was found to overestimate the ultimate load capacity when the mode of failure is
shearing of connector. Therefore, another formula for ultimate load capacity of I-shape shear
connector at this failure mode is necessary. Then, the final form of the adopted equation is:
Pu  36.5(t f  0.5t w ) LI

f ck  Asc f u

(4)

where Pu is the predicted ultimate load of the I-shape connector (N) ; tf is the flange thickness of
the I-shape connector (mm); tw is the web thickness of the I-shape connector (mm) ; LI is the
length of the I-shape connector (mm) ; fck is the compressive cylinder strength of concrete (MPa) ;
Asc is the shear area of I-shape connector (mm2), Asc = tw.LI ; fu is the ultimate tensile strength
of the I-shape connector steel.
The first equation refers to the concrete crushing failure, and the second corresponded to the
shearing of the connector. The lesser of the two values is used in the design.
Table 5. Comparison of Experimental and Predicted Values for Ultimate Load Capacity
Specimen
N°
A1-a
A1-b
A2-a
A2-b
A3-a
A3-b
B1-a
B1-b

Ultimate load per I-shape shear connector (kN)
Test
Avg.
Eq. (1)
Eq. (2)
Eq. (3)
70.00
70.00
80.00
77.50
82.50
85.00
52.50
50.00

Test
Eq.(1)

Test
Eq.(2)

Test
Eq.(3)

70.00

97.40

69.73

134.55

0.72

1.00

0.52

78.75

106.32

76.11

166.32

0.74

1.03

0.47

83.75

116.61

83.48

198.36

0.72

1.00

0.42

51.25

77.17

53.38

111.34

0.66

0.96

0.46
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B2-a
B2-b
B3-a
B3-b
C1-a
C1-b
C2-a
C2-b
C3-a
C3-b
D1-a
D1-b
D2-a
D2-b
D3-a
D3-b

7.

80.00
80.00
115.75
80.00
107.50
108.75 154.33
110.00
70.00
71.25
100.73
72.50
80.00
80.00
115.09
80.00
82.50
82.50
128.94
82.50
67.50
68.75
97.40
70.00
72.50
72.50
97.40
72.50
75.00
73.75
97.40
72.50
Average arithmetic mean
Standard deviation
Coefficient of variation

80.07

154.51

0.69

1.00

0.52

106.76

197.69

0.70

1.02

0.55

71.64

138.25

0.71

0.99

0.52

79.71

153.81

0.70

1.00

0.52

87.23

168.32

0.64

0.95

0.49

69.73

134.55

0.71

0.99

0.51

69.73

134.55

0.74

1.04

0.54

69.73

134.55

0.76

1.06

0.55

0.708
0.032
4.548%

1.003
0.030
2.972%

0.506
0.036
7.130%

(μ)
(σ)
(ν)

CONCLUSION

This paper presented the results of tests performed on 24 push-out specimens to investigate the
feasibility of using I-shape pieces as shear connectors. Furthermore, a finite element modelling of
the push-out tests was carried out using ANSYS software to investigate the stress distribution
pattern in the area of the I-shape shear connector. Moreover, the finite element model was also used
to simulate another type of shear connector, called channel connector in order to compare its
behaviour with that of the I-shape shear connector. From this comparison, we suggested an
equation for the prediction of the ultimate load capacity of the specific shear connector proposed in
this research. From this study, the following conclusions are drawn concerning the failure modes,
the ductility and the ultimate load capacity:








The failure modes observed from the push-out tests can be generally classified into two types:
Shearing of the connector and Crushing-cracking of the concrete slab. The shearing of the
connector was occurred, especially in the specimens with connectors of lower steel grade and
smaller length embedded in concrete slabs of higher strength. However, in specimens with
I-shape connectors of higher steel grade and concrete slabs of low and moderate strength,
failure was caused by cracking and crushing of the concrete surrounding the connector.
For most push-out tests, the characteristic slip capacity was found greater than 6 mm. Therefore,
the I-shape shear connector can be considered as ductile, according to Eurocode 4.
Concerning the separation of the concrete slabs, the uplift values obtained from the push-out
tests, were found to be small and thus were considered to have minimal influence on the
behaviour of I-shape shear connectors.
The comparison between the I-shape connector and the channel connector by the finite element
analysis confirms the similarity of their behaviour. Therefore, the Canadian code equation that
has been adopted for the channel connectors is capable of predicting the ultimate load capacity
of I-shape connectors with reasonable accuracy.
Finally, the I-shape connectors can be effectively used in composite beams to transfer the
longitudinal shear forces across the steel–concrete interface, but further experimental
investigations are necessary to study their behaviour in simply supported and continuous
composite beams.
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