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ABSTRACT: In this study, experiments were carried out to investigate the fundamental mechanical features of the
cable-supported ribbed beam composite slab structure (CBS). A 1:5 scaled physical model was designed, fabricated
and tested. The feasibility and rationality of the CBS fabrication and construction are discussed and justified. The
theoretical analysis used to predict the deflection and member forces is verified. It is shown that the CBS is equipped
with high stiffness and behaves linearly in terms of force-displacement relationship and all the cable forces, structural
deformation, stress of the ribbed beam and strut stresses are symmetrically distributed. Through comparison analysis,
the mechanical features of each span are found to be similar and each span can be considered as a relatively
independent mechanical unit. When the CBS is loaded, the stresses in the ribbed beam increase gradually from the
two ends towards the center, where the maximum stress and deformation locates eventually, while the distribution of
cable forces and strut stresses is the other way around. Further monitoring also shows that the temperature effect on
the CBS is not significant since the interior constraint forces are self-balanced by the self-adjustable support.
Keywords: Cable-supported ribbed beam composite slab, mechanical features, pre-stress, fabrication, experimental
research
DOI: 10.18057/IJASC.2017.13.2.1

1.

INTRODUCTION

The merits of cable-supported spatial structure systems [1] come from the combination of rigid
structures such as shell, grid structure and flexible structures such as cable network structures [2, 3].
Because of the action of the pre-stressed cables, such systems are highly efficient in
load-deformation performance and usually self-balanced. The cable-supported spatial structure
systems including beam (truss) string structure [4-7], suspend-dome structure [8, 9], and
cable-supported barrel vault structure [10-13], have been widely used in the public buildings
around the world. The cable-supported ribbed beam composite slab structure (CBS) is one of such
structures that effectively utilize different building materials. The concept of the CBS was put
forward by Chen and Qiao [14] for the first time. They investigated the basic static and dynamic
features by using numerical simulation method. Later, Qiao et al. [15] presented the construction
method of the CBS and fabricated a bamboo model to study the basic static and dynamic
characteristics. This structure consists of the upper concrete slab, middle struts and lower cables.
The struts behave as flexible supports between the upper concrete slab and lower cables,
transferring loads between these two. Due to mechanical benefits by this configuration, CBS can
easily span long distance when used as floor or roof systems.
In this study, experiments were carried out to investigate the fundamental mechanical features of
the cable-supported ribbed beam composite slab structure (CBS). A 1:5 scaled physical model was
designed, fabricated and tested. The feasibility and rationality of the CBS fabrication, the precision
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of the theoretical analysis method and the mechanical behavior of the CBS are discussed. The rest
of this paper is organized as follows: Section 2 describes the basic fabrication and construction
processes of the CBS. Section 3 discusses the basic mechanical features of CBS theoretically,
including self-balanced system and pre-stress design method. Section 4 determines the 1:5 scaled
experimental model, loading scheme and data collecting method. In order to figure out the actual
mechanical features of the CBS in detail, the monitored data including deformation, cable force,
strut stress and ribbed beam stress are also analyzed in section 5.

2.

FABRICATION

2.1

Connection Design

From top to bottom, the CBS consists of the upper reinforced concrete slab, ribbed beam, the
middle steel strut, and the lower cable, as shown in Figure 1. All the members are prefabricated and
assembled on site. Pin-pin joints are used for most of the connections, and a special joint is
designed for the connection between the strut and the beam, as shown in Figure 2. This
configuration grants the whole connection the ability to rotate in multiple directions: the upper pin
joint can rotate about the longitudinal direction of the cable, while the lower pin joint is used to
adjust the angle of strut so that it can be fit into the support easily. Obviously, this configuration
enables efficient and effective load transfer between cables and upper deck. At the both ends of the
cable, another pin joint is used to fix the cable into the anchorage, as shown in Figure 3.

Figure 1. Fabrication of Unit

Figure 2. Strut Junction

Figure 3. Anchorage of Cable End
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Construction

Since the slabs, beams, struts, cables and joints are prefabricated and then assembled on spot,
strengthening of the connections is necessary. In this case, casting concrete is performed to
strengthen the connection among the prefabricated slabs or beams. The other detailed and worthy
attention is that one end of the CBS is fixed and the other end is allowed to slide freely in the
horizontal direction. By the merits of this configuration, the horizontal cable force can be released,
while the vertical cable force can act on the upper slab system through struts efficiently. Besides, in
order to smoothly transfer the major shear forces between the beams and slabs, the four angle-steel
elements on ribbed beams are inserted into the four holes in the slab (Figure 1). Meanwhile, this
type of connection can enhance the integrity of the upper slab system.
The major construction processes of CBS are illustrated as follows:
Step 1. The ribbed beam elements. Before assembling the beam elements, temporary and
removable scaffold will be built to support the construction of the current span. When the
construction of the current span is completed, the scaffolds are moved to the next span. The steel
bar cages are set up among prefab beam elements, which are marked with red circles shown in
Figure 4.
Step 2. Casting concrete and installing the cable supported systems. The configuration of the
pre-stressing system is shown in Figure 4. After the pre-stresses in the cables are successfully
applied and properly adjusted, the upper beams and the lower cable-supported system will form a
complete self-balancing structure system.

Figure 4. Step1 and 2 Constructions
Step 3. Paving the slabs and inserting the angle-steel elements. After casting concrete into the
holes and the belts among the slabs, one complete span CBS construction is completed. The same
process is repeated on the second span until all the spans are constructed.
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Figure 5. Step 3 Construction
Step 4. System integration and scaffold removal. The construction is finished and the CBS can
fully function now. Figure 6 shows a final rendering of the CBS with large interior space.

Figure 6. Final Step Rendering

3.

MECHANICAL FEATURES

3.1

Self-balanced System

With the cable being fully pre-stressed, the CBS becomes a self-balanced structural system. Figure
7 shows the force flow diagram of the CBS. Due to the tensile force in the cable, struts and the
ribbed beams and slabs are under compression. The struts function as flexible supports, and provide
supporting forces to the ribbed beams and slabs. As a result, the action of bending moment on the
ribbed beams and slabs is reduced significantly.
ribbed beam and slab system

strut acts on beam as a flexible support
strut
cable

Figure 7. Force Flow Diagram of the CBS
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Pre-stress Design

It can be obviously seen from Figure 7 that the pre-stress of the cable is the key to maintain the
self-balance, stiffness and the load-bearing capacity of the CBS. Obviously, it is of great
importance to figure out the pre-stress value precisely. The guidance adopted in the design of
pre-stress system is shown as follows (limiting the deformation): First, the pre-stress can make the
CBS (without paving slabs, namely, in the state of construction step 2.) deform upwards. The
maximum deformation should be limited to less than span/600 [14]. Secondly, after pre-stressing
the cable and paving slabs, namely, in the state of construction step 3, the upward deformation will
be decreased. The rational pre-stress should keep the upward deformation no less than zero. If the
pre-stress determined according to the two rules above cannot meet the demands of the
load-capacity and rigidity, the following reasons may exit: the rigidity of the upper ribbed beam and
slab system is too small, the sag-span ratio of the CBS is irrational, or the structure has other
problems.
column

cable

girder

1

2

3

4

......

n-1

n

A standard span of CBS

Figure 8. Cable Disposition
As shown in Figure 8, a standard span of CBS is taken to illustrate the detailed pre-stress design
process. In the beginning, the only load is from the weight of the CBS in the construction step 2.
The cable pre-stress is set to zero, i.e. Tp = 0. As the deformation control point of the CBS, the
mid-span point vertical displacement is recorded as d'. Note that all of the deformation discussed in
this paper is based on the zero state, (drawn in dash line and shown in Figures.11 and 12), in which
the displacement above this zero state is positive, while below is negative.). The concept is similar
to the cable force, i.e., F'. In the first tensioning, the cable pre-stress is set to F', namely, Tp = F'.
The mid-span point vertical displacement and cable force can be determined again, marked as d and
F, respectively. D is the preset value of the maximum upward displacement of the mid-span point.
If d ≠ D, Tp = F' + F' × (D-d) / (D-d') will be applied to the cable, and the structure will be
recalculated. This process will be repeated until d = D, and then we can get the cable pre-stress
design value T = F. It is commonly accepted that for the analysis of pre-stressed structures, the
nonlinear analysis method should be adopted in order to simulate actual mechanical behaviors of
the structure system precisely [16]. In this paper, the general FEM software Midas/gen is used to
consider the geometric nonlinearity of the CBS. The iteration calculation workflow is shown in
Figure 9.
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Cable pre-stress value
Tp
Tp = 0
Calculation model
Calculate with dead load
Mid-span point vertical displacement: d'
Cable force: F'
Tp = F'
Tp = F' + F' ¡ Á(D - d)/(D - d')

Calculation model
Calculate with dead load

Mid-span point vertical displacement: d
Cable force: F

If d ¡ ÙD

d = D (D = span/600)
Cable pre-stress design value
T=F

Figure 9. Pre-stress Finding Iteration Workflow
In the process of calculating the cable pre-stress of CBS, sometimes it is not easy to converge to the
completely precise preset value D, as shown in Figure 10. It is clearly seen that the mid-span point
vertical displacement d is getting close to the objective D from the nth iteration step. With some
delay, d also gets close to the D and keeps fluctuating. Therefore, a preset value close to D =
span/600 can get reasonably close to the optimum. As shown in Figure 10, if a tiny error ±t is set
(dash line in Figure 10), the non-convergent iteration curve will be able to converge at step n+1.

n+1
t t

mid-span point vertical disp.

D = span / 600
n

n-1

iteration step

Figure 10. Convergence analysis
3.3

Prototype Analysis

The gymnasium roof of Hebei Normal University in China is chosen as the calculation prototype.
For this gymnasium, there are 13 standard spans and each span is 42.25m long. The standard span
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is composed of 10 standard units (shown in Figure 1). The key dimension of the model is shown in
Figure 11. Note that the strut is V type as shown in cross section 2-2, the circular steel tube with
section of 159mm×10mm (external diameter×thickness) is adopted, and the cable is the steel
strand with section of 80mm in diameter.

4000
250

250

2

1

250

2

4000
250 250

13×4000+12×250=55000

250

1

500

250
4000

250

250
4000

250

250

250
4000

250

250
4000

500

10×4000+9×250=42250

500 100

Floor plan
4000

250

4000

250

4000

250

4000

21125×2=42250
4000

250

400

500

bilateral symmetry

250

400 100

2000

strut
4000
250

cable

2000

Cross section 1-1
Cross section 2-2

Unit(mm)

Figure 11. Model's Key Size Drawing
According to the convergence acceleration method shown in Figure 10, a threshold value involved
with the error t is assigned in the analysis procedure. In this example calculating, 0.05 is taken as
the threshold value, which means ±5% (t = 5%×D) error is allowed. The iterative process is
shown in Figure 12.

mid-span point vertical disp. (mm)

100

D* = (span / 600)(1-threshold)

50
0
-50
-100
-150
-200
-250
-300
-350
1

2

3

4

iteration step

Figure 12. Iteration Process

5

6
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It is obviously shown in Figure 12 that the iteration converges at the 6th step, and the mid-span
point vertical displacement value is 67.6mm. Compared with the target value D = span/600, the
error of the mid-span vertical displacement is only about 4%. Actually at the 5th iteration step the
corresponding displacement value is 63.8mm, and the error is 9.4%, which is also acceptable as the
pre-stress design value.
In order to verify the rationality of the pre-stress design value, with this pre-stress applied to the
cable, the deformation of the structure in the state of construction step 3 (described in section 2) is
calculated. Apparently, the rational pre-stress may be a range of values, and the smaller one is
preferred. At the 5th iteration value, the corresponding pre-stress design value is 1900kN. The
deformation of the structure is illustrated in Figure 19. In construction step 3, the prefab concrete
slabs will be paved on top of the ribbed beams. Because of the extra dead load of the slabs, the CBS
in the construction step 2 equilibrium states will deform downwards, and the final deformation of
the CBS is shown in Figure 20. The vertical displacement of the mid-span point is positive 15.4
mm which is still above the zero state, and can meet the demand of reasonable pre-stress design
value described in section 3.2. Moreover, the internal force of the cable also increases because of
the dead load of the concrete slabs. The calculated value is 2533 kN, which is 633 kN bigger than
the tension 1900 kN in construction step 2.

4.

EXPERIMENTAL SCHEME

4.1

Physical Model

Based on the prototype introduced in section 3.3, a 1:5 scaled model is fabricated. The scale factors
are worked out according to the similarity constant and similarity ratio relationship in static loading
experiment of engineering structure [17].
For geometric dimensions shown in Figure 11, the ratio of scaled model to the full scale model is
1:5. For the cable tension and structural displacement, the ratio of scaled model to the full scale
model is 1:25 and 1:5. The scaled physical model and its construction processes are shown in
Figure 13. (3 standard spans are fabricated and tested)

Figure 13. Scaled Physical Model
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Loading Scheme

Considering the site conditions of the experimental model, the surface loads on the slabs are
applied using stacking sand bags while the pre-stress in the cable is applied through tightening the
screws at the two ends of the cable.
The cable pre-stress values were figured out in section 3.3. According to the similarity constant and
similarity ratio relationship in static loading experiment of engineering structure, the pre-stresses in
cables are set to be 1/25 of the loads in the cables of the prototype. In order to distribute the loads
stably and evenly in the cables, the pre-stressing process is divided into four stages. The tension
control values of each stage are shown in Table 1.
Table 1 Applied Tension for Each Stage
Tension (kN)
Ratio
Stage
(%)
Prototype 1:5 Scaled model
1
2
3
4

65%
80%
90%
100%

1200
1500
1700
1900

48
60
68
76

The calculation of the surface loads employs the fundamental load combination method [18], i.e.
1.2×dead load + 1.4×live load. To apply the loads on the slabs, about 50kg of sand bags are
needed for each slab. In order to make sure that the loads are distributed evenly, the loading process
of the surface loads is divided into 5 steps. The detailed loading program is shown in Table 2. The
actual load distribution is shown in Figure 14.
Table 2 Load Step Increment
Step

Ratio
(%)

Load (kg)

Increment
(kg)

1
2
3
4
5

20%
40%
60%
80%
100%

10
20
30
40
50

10
10
10
10
--

Figure 14. Load Distribution
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Data Measurement

The YE2539 high speed static strain indicator, two strain collection extension boxes and one
computer are employed as the strain measurement system, as shown in Figure 15. The strain
measurement locations on the ribbed beams are shown in Figure 16. The three standard spans are
marked span I, span II and III, respectively. In each span, the strain measurement locations of the
ribbed beams are numbered from left to right. The measurement points on the upside ribbed beams
are marked U, and the corresponding downside ones are marked D. This structure is symmetric at
both sides according to the mid-span point for a measurement point, whose symmetric point is
marked with '. For example, the I-U1 means the first measurement point of the upside ribbed beam
of the first span and the symmetric point of this span is marked as I-U1'. The marking numbers are
shown in Figure 16. The strain measurement points on the struts are numbered similarly: The left
limb of the V-shaped strut is marked a I-SL1, and the right limb is marked as I-SR1; the
corresponding symmetric points are I-SL1' and I-SR1', respectively, as shown in Figure 17.

Figure 15. Strain Measurement System
Bilateral symmetry

U1

U2

D1

D2

U1

U2

D1

D2

U1

U2

U3

U4

D1

D2

D3

D4

Span Ⅲ

Span Ⅱ

Span Ⅰ

......

......

......

......

......

U9

U10

U10'

U9'

D9

D10

D10'

D9'

......

U4'

U3'

U2'

U1'

D4'

D3'

D2'

D1'

Bilateral symmetry

Figure 16. Strain Measurement Points of Ribbed Beams
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SR-5

rib beam
left end part

SL-1(SR-1)
1
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Figure 17. Strain Measurement Points of Struts
Moreover, the cable forces are monitored by a INV3080B-BCF cable force tester, as shown in the
bottom right of Figure 18. The measurement points on cable forces are shown in Figure 17. The
structural displacements for each standard span are measured by dial indicators. Four indicators are
distributed at two 1/4 span points, mid-span point, and sliding hinge support, respectively, as shown
in the left and top right of Figure 18.

Figure 18. Displacement Indicator Distribution and Cable Force Testing
5.

TEST RESULTS ANALYSIS

5.1

Construction Stage Analysis

To analyze the mechanical behavior of the pre-stress system, different states are defined, including
zero state, pre-stress state, construction-finishing state and service state. When the construction step
2 described in section 2 is finished, the pre-stress is fully applied to the cable and this state is called
pre-stress state, as shown in Figure 19. When the construction of each standard span of CBS, i.e.
the construction step 3, is finished, it is called construction-finishing state, as shown in Figure 20.
When the fundamental load combination acts on the CBS, the service state is reached and this is the
state to be investigated in this study. All of the deformation discussed in this study is based on the
zero state. Displacement above the zero state is positive while that below is negative. Besides, for
the internal force, the tensile stress is set to be positive, and the compressive stress is negative.
1/4span

rib beam

mid-span

1/4span
fixed support

sliding hinge
support
prestress
implementation

prestress
implementation

Figure 19. Deformation in Pre-stress State
sliding hinge
support

1/4span

concrete slab

mid-span

1/4span

Figure 20. Deformation in Construction-finishing State

fixed support
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Table 3 lists the measured cable forces and characteristic displacements of the experimental model
at step 2 and 3, Note that error=100%×(practical value - theoretical value) / theoretical value.

Item
Cable force
(kN)
Mid-span
vertical disp.
(mm)
Left1/4 span
Vertical disp.
(mm)
Right1/4 span
Vertical disp.
(mm)
Horizontal
disp. (mm)

Table 3. Vertical Disp. Comparison
Step 2
Theoretical Practical
Error
Theoretical
value.
value
(%)
value.

Step 3
Practical
value

Error
(%)

76

81.17

6.8

101.32

111.05

9.6

12.76

13.26

3.9

3.08

2.68

-13.1

13.52

13.8

2.1

4.24

3.90

-8

13.52

13.97

3.3

4.24

3.81

-10.2

1.52

1.58

3.9

0.82

0.77

-6.1

It can be seen from table 3 that when the cables are tensioned in step 2, the deformation of the
structure agrees well with the theoretical values and the errors are all less than 4.0%. Although the
practical cable force is larger than the theoretical value, the error is only 6.8%. In construction step
3, the maximum error of the cable force is 9.6%, and the displacement is -13.1%, which are also in
the acceptable range. Therefore, it can be concluded that the theoretical analysis method introduced
in section 3.2 is reasonable.
5.2

Cable Force Analysis

At fully loaded status, the cable forces of each span are shown in Figure 21.
165

Span I
Span II
Span III

cable force (kN)

160
155
150
145
140

left end 1

2

3

4 middle 4' 3'
No.of cable part

2'

1'right end

Figure 21. Cable Force under Full Load
Three key features can be read from Figure 21. Firstly, the cable forces in all the spans distribute
symmetrically about the middle axis in accordance with the geometrical symmetry of the structure.
The forces are higher at both ends and gradually decrease from the end to the middle. The
differences between the maximum and the minimum are all within 10%, indicating that the forces
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are generally uniform in the cables. Secondly, the force distribution in the transverse direction is
also symmetrical about the neutral axis. The forces in the cable of Span II are higher than those of
Span I and III, which is reasonable since Span II is in the middle and has to carry more loads. Still,
the differences are very small. It can be seen from Figure 21 that the maximum difference is only
6.6%.
The variation of the maximum cable force during the loading is also monitored, as shown in Figure
22. From Figure 22, it can be seen clearly that the cable force increases with the externally applied
load. Although a couple of points deviate from the dash line, the variation is quite slight.
Accordingly, the increasing of cable force can still be treated as linear.

cable force (kN)

160

150

140

130

120

20

40

60
load (%)

80

100

Figure 22. Changing Curve of Max. Cable Force
5.3

Displacement

Figure 23 shows the vertical displacement of the critical points of each span at the full load
condition.

vertical displacement (mm)

-5
-6

Span I
Span II
Span III

-7
-8
-9

-10

left 1/4 span
mid-span
right 1/4 span
displacement measurement point position

Figure 23. Vertical Displacement under Full Load
It can be seen clearly from Figure 23 that the vertical displacements are generally symmetric about
the mid span neutral axis. The characteristic displacements of Span I and III are almost the same at
the same locations. The biggest difference is only 0.3mm, as shown in Figure 23. The
displacements of Span II are slightly larger than those of Span I and III because it is the center span.
However, the biggest difference is still less than 1.5mm.
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The load-displacement curve of the center point of the Span II is plotted as shown in Figure 24.
This curve presents the evolution of the maximum vertical displacement of the whole structure
during loading. From Figure 24 it can be seen that the vertical displacement increases as the load
augments. Although some points deviate from the dash line, the overall trend is still very close to
the dash line. Generally, the vertical displacement changes linearly.

vertical displacement (mm)

0
-2
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-8
-10
20

40

60
load (%)

80

100

Figure 24. Changing Curve of Max. Displacement
5.4

Stress of Ribbed Beam Analysis

Throughout the loading, the strains of ribbed beams are monitored. The strain data are then
converted into stresses according to the Hooke's law. The stresses at the full load condition are
shown in Figures 25-27. As described in section 4.3, shown in Figure 15, I-U means span I, upside
ribbed beam, while I-D means span I, downside ribbed beam, and so on, for II-U, D and III-U, D.
I-U
I-D

ribbed beam stress (Mpa)

10

8

6

4

2

0
1 2 3 4 5 6 7 8 9 10 10' 9' 8' 7' 6' 5' 4' 3' 2' 1'

No.of measurement point of ribbed beam stress

Figure 25. Ribbed Beam Stress of Span I under Full Load
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Figure 26. Ribbed Beam Stress of Span II under Full Load
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Figure 27. Ribbed Beam Stress of Span III under Full Load
Two important features can be read from Figures 25-27. Firstly, in each span, both the upside and
downside ribbed beam stresses distribute symmetrically about the middle line (the dash line). The
stresses increase gradually from the two ends to the middle and form a plateau in the middle.
Secondly, for each span, the upside and downside ribbed beam stresses almost keep the same level
and distribution rule. The maximum difference for each span is usually located at the middle part
and the maximum difference in the whole model is only 7.6%.
In each span, all the monitoring points of ribbed beams are investigated and the results are drawn in
Figure 28. We can find out that three curves representing the ribbed beam stress distribution almost
keep the same level and rule, the maximum difference is about 7.1%.
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Figure 28. Ribbed Beam Stresses of All the Three Spans under Full Load
The maximum stress location is at measurement point II-U10, which is taken to analyze the
variation feature of the ribbed beam stress during the loading process. The relevant data are
collected and shown in Figure 29. The stress increases as the load augments, although several
points deviate from the dash line, they are all close to the dash line. In general, the ribbed beam
stress changes linearly.
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Figure 29. Changing Curve of Max. Stress of Ribbed Beam
5.5

Stress of Strut Analysis

Similar to the ribbed beam stress analysis, the strains of the struts are monitored and converted to
stresses as well, as shown in Figures 30-32. As described in section 4.3, shown in Figure 17, I-SL
means span I, left limb strain monitoring point of V type strut; I-SR means span I, the right limb
strain monitoring point, and so on for II-SL, SR and III-SL, SR. Note that all the stresses in the
struts are compressive stress, as marked negative in the figures.
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Figure 30. Strut Stress of Span I under Full Load
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Figure 31. Strut Stress of Span II under Full Load
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Figure 32. Strut Stress of Span III under Full Load
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It can be obviously seen from Figures 30-32 that in each span, both the stress in left and right limbs
of the V type strut distribute symmetrically about the center line (the dash line) and decrease
gradually from the two ends to the center. In span II, the stress in left and right limbs of the V type
strut keep almost the same level and distribution pattern. The same situations happen to the span I
and III. The difference of stress between left and right limbs in Span I and III are larger than that in
span II, i.e. about 5.9%. However, this value is still very small compared at the global level.
In each span, all the measurement points of struts are investigated and the results are shown in
Figure 33. It can be seen that three curves representing the strut stress distribution almost keep the
same rule, especially for span I and III. For span II, because of the different boundary condition, the
strut stress is larger than the corresponding value in span I and III, and the maximum difference is
about 17%.
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No.of strut

Figure 33. Distribution of All Strut Stresses under Full Load
The maximum stress location is at measurement point II-SL-1. The relevant data are collected and
shown in Figure 34. The strut stress increases as the load augments. Some points deviate from the
dash line, but they are all close to the dash line. Consequently, the strut stress changes linearly
basically.
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Figure 34. Changing Curve of Max. Strut Stress
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Effect of Temperature

The action of temperature on CBS structure was studied in this experiment as well. It was spring
season and the temperature was about 15℃ when the model’s construction was finished, namely,
the closure temperature of this test model is 15℃. In order to investigate the temperature action, the
test model was kept through one whole year, the highest temperature is about 40℃ in the summer,
and the lowest temperature is about -15℃ in the winter. Consequently, based on the closure
temperature, the temperature difference varies from -30℃ to 25℃.
In the experiment, the temperature of all the three spans was measured by thermometer, and the
cable forces were selected to illustrate the action of temperature on the structure. The cable was
divided into nine segments in each span, the number of which is shown in Figure 17. the cable
force of each segment was measured by the same way used in section 4.3, and the data were
collected and analyzed respectively at -15℃, -5℃, 5℃, 15℃, 20℃, 30℃, 40℃. The results were
shown in Figs. 35-37. It can be seen that the changing rule of the cable force of each segment in all
the three spans are similar, compared with the mechanical status at the closure temperature, namely
15℃. When the temperature goes up, the cable forces almost keep increasing, but keep reducing
with the temperature going down. The maximum positive changing rate (when the temperature
difference is 25 ℃ ) is about 12.9%, and the maximum negative changing rate (when the
temperature difference is -30℃) is about -8.7%. In consequence, the action of the temperature on
the CBS is not significant. The self-adjustable supports can release the internal constraint forces
induced by the temperature effectively.

closure temp. 15℃

Figure 35. The Changing of SPAN I Cable Forces at Different Temperature

closure temp. 15℃

Figure 36. The Changing of SPAN II Cable Forces at Different Temperature
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closure temp. 15℃

Figure 37. The Changing of SPAN III Cable Forces at Different Temperature
6.

CONCLUSIONS

In this paper, the fundamental mechanical characteristics were investigated though experimental
study. Test results showed the feasibility and constructability of the CBS, and verified the predicted
behavior by the theoretical analysis. The key conclusions are listed as follows.
(1) During the loading process, all of the cable forces, vertical displacement, stresses of ribbed
beam and strut stresses approximately augment linearly with the increasing load. It indicates
that although most of cable-supported structures are flexible and behave nonlinearly, if properly
designed, it can achieve a high global rigidity and behave approximately linearly.
(2) CBS is usually designed symmetrically, in order to make all of the cable forces, structural
deformation, stresses of ribbed beam and strut stresses distribute symmetrically. For each span
of CBS, the maximum vertical displacement is located in the mid-span area. The cable forces
decrease gradually from the two ends to the middle, the minimum is located in the middle part.
Similarly, the minimum strut stress is located in the middle. While the stresses of ribbed beam
increase gradually from the two ends to the middle, the maximum is located in the middle.
(3) For each V type strut, the stress of left and right limbs are almost the same, the maximum
difference is only 5.9%.
(4) The cable forces in different spans keep the same distribution rule. For span I and III, even the
values are very close. Although the corresponding cable forces in span II are larger because of
the different boundary condition, the difference is still small on the whole. The same situations
also happen in vertical displacement, stresses of ribbed beam and strut stresses. It indicates each
span of CBS has the same mechanical features approximately, can be considered as an
independent mechanical unit and represent the whole structure, which are in accordance with
the theoretical calculation hypothesis.
(5) The temperature difference ranging from -30℃ to 25℃ was investigated, For the CBS, when
the temperature goes up, the cable forces almost keep increasing, but keep reducing with the
temperature going down. When the temperature difference is 25℃, the maximum positive
changing rate of the cable force is about 12.9%. When the temperature difference is -30℃, the
maximum negative changing rate of the cable force is about 8.7%. The overall action of
temperature on the CBS is not significant, since the self-adjustable supports release the internal
constraint forces induced by the temperature effectively.
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ABSTRACT: A radially retractable roof structure based on the concept of the suspen-dome is proposed in this paper.
The radially foldable bar structure are strengthened by the lower cable-strut system. Then the buckling capacity of a
radially retractable suspen-dome was investigated. The geometrically non-linear elastic buckling and elasto-plastic
buckling analyses of the hybrid structure were carried out. Then the effects of different structural parameters, such as
the rise-span ratio, beam section, area and pre-stress of lower cable-strut systems, on the failure load were
investigated. The influence of imperfections on the elasto-plastic buckling loads was also discussed. The results show
that the critical buckling load is reduced by taking account of material non-linearity. Furthermore, increasing the
rise-to-span ratio or the cross-section area of steel beams notably improves the stability performance of the structure.
However, the area and pre-stress of cable-strut systems pose small effect on the structural stability. It can also be
found that the suspen-dome is highly imperfection sensitive and the reduction of the failure load due to imperfections
is considerable.
Keywords: Retractable roof, suspen-dome, stability, elasto-plastic, failure load
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1.

INTRODUCTION

Retractable roof structures, which enable the users of recreational facilities to enjoy open air as
long as allowed by the weather, are playing an important role in the development of
multi-functional sports and culture facilities. With one or more degrees of freedom,
deployable/foldable structures can expand to form a large opening space, which make them ideal
for use as retractable roofs [1]. However, for a retractable roof, which is unlike a demountable,
mobile, transportable or temporary structure, there is a permanent structure in a fixed location [2].
Within the boundaries given by this permanent structure, the retractable roof is capable of
undergoing a geometric transformation between two distinct configurations, usually referred to as
the open and closed configurations. In the past two decades, many concepts of deployable
structures have been proposed for retractable roof structures [3]. Among these concepts, there is a
new type of retractable structures which use angulated scissor-like elements, which is proposed by
Hoberman [4-6], as basic structural elements. The unit, which consists of a pair of identical
angulated rods connected by a revolute joint, subtends a constant angle as their rods rotate while
maintain the end pivots on parallel lines [7]. Therefore, it can create a closed-loop mechanism,
which is called Hoberman’s Linkage. Then this concept was extended by You and Pellegrino [8]
who gave birth to a more general family of such structures called the foldable bar structures. On the
other hand, they stated that the Hoberman’s linkage can be extended by the addition of a pair of
bars, connected to one another and to the base linkage by scissor hinges. The resulting structure
will be deployable, like the original Hoberman’s linkage, provided that the members added to it are
not collinear. Repeating the same argument it can be shown that any number of pairs of bars
connected by hinges to the base structure will leave its mobility unchanged. That is to say, a
foldable structure, as shown in Figure 1, can be made from multi-angulated rods similar to the
angulated scissor-like elements introduced in Hoberman’s linkage.
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Figure 1. Foldable Bar Structures
However, if this foldable bar structures is used as a retractable roof structure, Teall [9] found that
the deformation of the structure, even for a three layer foldable bar structure with a span of 2 m,
was quite large under self-weight. This leads to the problem of too small stiffness of the structure to
resist the external loads. Mao and Luo [1] and Cai et al. [10] also pointed out that the foldable bar
structures are not suitable for the retractable roof structure. They also give some comments and
suggestions on how to increase the structural stiffness. However, the stability of the single-layer
lattice dome is relatively low when the required span is long [11]. To solve this program, many
attempts have been made at increasing flexural stiffness by the use of multiple steel-truss layers.
The double-layer dome is advantageous since it has relatively high stability. There is still room for
improvement; however, because large weights of the dome cause considerable tension in the outer
ring girders. To achieve high stability of single-layer dome and at the same time reduce the burden
on boundary structures, the suspen-dome system was developed by Kawaguchi et al [12, 13]. The
suspen-dome system has been widely used. Moreover, static and dynamic analysis and tests of the
suspen-dome have been carried out by many researchers [14-22].
To advance the practical application of the foldable bar structure in long-span retractable roofs, the
concept of suspen-dome is introduced into the foldable bar system. Then a retractable suspen-dome
is obtained. This paper shows how to perform a geometrical and material nonlinear finite element
analysis by using ANASYS to investigate the stability of the suspen-dome in the closed position.
Additionally, the effect of factors such as the geometrical and structural parameters and the
asymmetrical distribution of loads will also be taken into consideration in this paper. The
imperfection sensitivity including the pattern and scale will be investigated.
2.

STRUCTURAL SYSTEM

This paper replaces the upper single-layer lattice shell of the suspen-dome by the radially foldable
bar system, forming the radially retractable roof structure as shown in Figure 2. It can be found that
the suspen-dome has two parts, one is the upper radially foldable bar system and the other is the
lower cable-strut system. During the deployment process, the structure unfolds gradually with the
radial movement of the boundary joints of the upper foldable bar structures, which is shown in
Figure 3. Meanwhile radial cables of the lower cable-strut structure are slack while the length of
hoop cables increases continually. Then during the close of the system, hoop cables can be regarded
as active cables and radial cables as passive cables. When the structure is totally closed, the lower
cable-strut system will have prestresses if we keep tensioning active cables, which is similar to the
prestress construction of the general suspen-dome. It can be found that during both the open and
close process, the lower cable-strut system is in slackness and only the upper single-layer lattice
shell resists external loads. Only the totally closing of the structure will leads to the upper
single-layer lattice shell work together with the lower cable-strut system to form a suspen-dome
structure.
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Radially foldable bar system + cable-strut system
=
Radially retractable suspen-dome
Figure 2. Concept of the Retractable Suspen-dome

(a) Radially foldable bar system
(b) Radially retractable suspen-dome
Figure 3. Radially Retractable System during the Motion

3.

STABILITY BEHAVIOR OF THE RADIALLY RETRACTABLE SUSPEN-DOME

3.1

Finite Element Model

An example of the retractable suspen-dome shown in Figure 4 will be studied in this paper. In this
model, every multi-angulated beam has six segments. And the inclined angle between adjacent
segments of the beam is 157.5°. The span of the grid shell is 38 m with the rise-to-span ratio of 0.2.
Other geometric parameters are given in Figure 5.

Figure 4. 3D Retractable Suspen-dome in the Closed Configuration
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Figure 5. Geometric Parameters of the Retractable Suspen-dome (mm)
The symmetrical load case g+s (dead load +snow load) and asymmetrical load case g+s/2
(s/2–snow load distributed over half of the span) will be taken into account in all the following
computations. The dead load g consists of a self-weight of 0.5 kN/m2 including all the beams and
cables. The snow load is applied to the top surface of the structure in the vertical direction with a
magnitude of 0.5 kN/m2.
In this paper, the finite element software ANSYS is used to analyze the structure and the geometric
nonlinearity is fully considered. The angulated beams are simulated by BEAM188. Joints of these
multi-angulated rods are pinned with the release of rotational degree of freedom and the boundary
of the retractable suspen-dome is fixed circularly. Members of multi-angulated beams adopt the box
beam with Q345B steel, with dimensions of cross section 300mm×200mm×10mm
(height×width×wall thickness). Additionally, the cross section area of the cable, which is simulated
by tension-only bar element LINK10, is 78.5 mm2. The cross-section area of struts, which is
simulated by LINK8, is 706.5 mm2. The Young’s modulus of steel beams, struts and cables are 210
MPa, 210 MPa and 180 MPa, respectively.
3.2

Distribution of Initial Prestress Level of Lower Cable-strut System

In order to resist external loads and prevent the loose of cables, enough vertical forces must be
provided by the initial prestress in cables. As stated by Kitipornchai et al. [8], the suspen-dome
system is very rigid, and the nonlinear deformation is very small even under a large external load.
As a result, the method of superposition can be applied in the analysis of the distribution of initial
prestress level without introducing a large degree of error. Then the suspen-dome structure is
divided into two parts: the top single-layer dome and the lower cable-strut system. We add the
restrictions to the lower cable-strut system for the force finding analysis.
The number of independent inextensional mechanisms is five and the number of independent states
of self-stress is also five. The lower cable-strut system have five independent rings after adding the
restrictions, so the independent state of self-stress should be the stress distribution of every ring
respectively. Because of the symmetry of the structure, there are three types of elements in every
state of self-stress: radial cables, hoop cables and vertical struts. From the equilibrium of every
nodes of the lower cable-strut system as shown in Figure 6, we can obtain the relationship between
the forces of hoop cables, vertical struts and radial cables. It can be seen from Figure 6 that the
relation between the hoop cable forces Nh and radial cable forces Nr is
N r sin  cos


2

 N h cos


2

(1)
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where α denotes the angle between adjacent hoop cables, β denotes the horizontal projection of the
angle between adjacent radial cables, γ denotes the angle between the radial cable and the vertical
axis. Moreover, the forces relation between the vertical struts Nv and radial cables Nr can be given
as
N v  2 N r cos 

(2)

Therefore, the state of self-stress of every ring of lower cable-strut system can be obtained from
Eqs. 1 and 2.

(a) Vertical projection
(b) Horizontal projection
Figure 6. Equilibrium of a Node of Lower Cable-strut System
The lower structure is divided into five independent sub-structures, thus the force distribution is not
affected by other rings. The combination factor of five independent states of self-stress must be
determined by other condition. The optimization theory is used in this paper to decide the
combination factor.
Step 1 The nodal displacement of all nodes of single-layer dome under dead load can be
assembled in the vector dsl.
Step 2 The nodal displacement of all nodes of single-layer dome related to the state of
self-stress of lower cable-strut system can be assembled in the vector di(i=1,…,s).
Step 3 Supposed the combination factor of every independent state of self-stress is αi (i=1,…,s).
Then, the nodal displacements of all nodes of single-layer dome is d, can be written

s

d    i d i  d sl =  d1
i 1

d2

 1 
 
 
 d s   2   d sl
 
 s 

(3)

The objective function is
min .

 ( )  d , i=1～s
i

(4)

Then we can obtian the initial prestress in hoop cables from the outer ring to the inner ring are
100MPa, 68.08 MP, 38.47 MPa, 15.67 MP, 3.25 MPa, respectively.
3.3

Stability Behavior

The influence of the material nonlinearity on the statbility of single-layer lattice shell or gird shell
structures is significant [23]. Moreover, the model containing only geometry nonlinearity will over
estimate the failure load of the structure. As to the radially retractable suspen-dome, a new type
structure form, the influence of material nonlinearity is still unclear. Therefore, the model
considering geometry nonlinear only (Model 1) and the model considering both geometry and
material nonlinearity (Model 2) are investigated.
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Moreover, the stability behaviors of the radially retractable suspen-dome and the corresponding
single-layer grid shell are studied to investigate the effects of lower cable-strut system. The load
displacement curves for the node with the maximum vertical displacement are given in Figs. 7 and
8. The load factor is defined as the ratio between the applied load and the design load. Under the
symmetric load case (load 1) and the anti-symmetric load case (load 2), the failure load of the
radially retractable suspen-dome considering only geometry nonlinearity is larger than that the
system considering both geometry and material nonlinearity, i.e. 9.49% higher in load 1 and
14.63% higher in load 2. Therefore, the model considering geometry nonlinearity only leads to a
relatively unsafe result and both geometry and material nonlinearity need to be considered in the
analysis of the structure.
In addition, it can be found that under both load cases, the first half parts of load displacement
curves of the two models are overlapped. It indicates that the influence of the material nonlinearity
at the beginning of the loading process is slight. With the increase of the loading, the structure
shows plastic behavior. Then the slope of the load displacement curve decreases remarkably and the
ultimate capacity drops greatly for the elasto-plastic buckling analysis. For the elasto-plastic failure
loads of the two modes, the suspen-dome increases by 146.91% and 10.05% than the corresponding
grid shell under the load 1 and the load 2, respectively.

Figure 7. Load Displacement Curve of the Retractable Suspen-dome

Figure 8. Load Displacement Curve of the Corresponding Single-layer Grid Shell
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PARAMETRIC STUDIES

In order to better understand the influence of each parameter of the radially retractable
suspen-dome on the elasto-plastic ultimate capacity of the structure, effects of the rise-span ratios,
steel beams sections, initial cable prestress, cable areas are investigated in this paper.
4.1

Influence of Rise-span Ratios

The elasto-plastic analyses as for the example structure were carried out with different rises
(keeping the span constant) to study the effect of rise-span ratios. The rise-to-span ratios correspond
to 0.1, 0.15, 0.2 and 0.25, respectively. The load displacement curves of the suspen-dome with
different rise-span ratios and the corresponding failure load factors are shown in Figure 9. It can be
found that the rise-span ratio has a great influence on the stability behavior of the hybrid grid shell
and the failure load increases with the increase of the rise-span ratio. It can be concluded that the
rise -span ratio is a key factor of the stability capability of the hybrid grid shell.

(a) Load displacement curves for Load 1

(b) Load displacement curves for Load 2

(c) Failure load factor
Figure 9. Influence of Rise-span Ratio
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Influence of the Steel Beam Section

When the geometry of the structure is identified, the cross-section of steel beams can be an
important factor that affects the buckling capacity of the suspen-dome. This is because the stiffness
of the single-layer grid shell mostly relies on the stiffness of beams, which mainly includes the
beam axial stiffness EA and flexural stiffness EI. Regarding the beam rigidity of the basic model as
E0A0 and E0I0, the stability behavior of the structure is investigated by changing the beam stiffness
coefficients EA/ E0A0 and EI/E0I0.
Five different steel beams sections, 250mm×150mm×10mm, 300mm×200mm×10mm,
350mm×200mm×10mm, 400mm×200mm×10mm, 450mm×200mm×10mm, are chosen to study
the influence of beam sections. The load displacement curves are given in Figure 10. It shows that
the tendency of load displacement curves is consistent for different beam sections. It can also be
found that the failure load factor of the suspen-dome improves with the rise of the bar stiffness. For
the symmetric load case, the failure load drops 47.25% when the axial stiffness of bars decreases by
20% and it increases by 14.75% when the flexural stiffness is raised by 30%. For the
anti-symmetric load case, the failure load drops 51.67% when the axial stiffness decreases by 20%
and it increases by 258.84% when the flexural stiffness is raised by 30%. Meanwhile, the load
displacement curves can reveal the characteristic of the structural stiffness. It can be obtained from
Figure 10 that the increase of beam sections will enhance the structural stiffness of the hybrid grid
shell.

(a) Load displacement curve under Load 1 (b) Load displacement curve under Load 2

(c) Failure load factor
Figure 10. Influence of the Steel Beam Sections
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Influence of Hoop and Radial Cable Areas

The area of hoop and radial cables may also be important factors that affect the elasto-plastic
buckling behavior of the retractable hybrid grid shell. The load displacement curves and the failure
load against the area of hoop cables are shown in Figure 11. The diameters of hoop cables
correspond to 8 mm, 10 mm, 12 mm, 15 mm and 20 mm in Figure 11, respectively. In Figure 11(c),
the horizontal coordinate is the cable area ratio, m, which is defined as the ratio of cable areas to the
cable area of the basic model. It can be found from Figure 11 that, for both load cases, the failure
load factor rises first and then decrease with the increase of the hoop cable area. The load
displacement curves also show that the effect of the cable area on the structural stiffness is positive
first and then negative. However, it can also be found that the hoop cable area has a limited
influence on the ultimate capacity of the suspen-dome. Hence, it is not economical to increase the
hoop cable area to improve the structure stability behavior.

(a) Load displacement curve under Load 1 (b) Load displacement curve under Load 2

(c) Failure load factor
Figure 11. Influence of the Hoop Cable Section
The load displacement curves and the failure load against the area of radial cables are shown in
Figure 12. The diameters of radial cables correspond to 8 mm, 10 mm, 12 mm, 15 mm and 20 mm
in Figure 12, respectively. It can be found from Figure 12 that, for the symmetric load case, the
failure load factor rises with the increase of the radial cable area. However, for the asymmetric load
case, the failure load decrease with the increase of the radial cable area. Moreover, it can also be
found that the radial cable area has a limited influence on the ultimate capacity of the suspen-dome.
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(a) Load displacement curve under Load 1 (b) Load displacement curve under Load 2

(c) Failure load factor
Figure 12. Influence of the Radial Cable Section
4.4

Influence of Cable-strut Prestress Levels

To study the effect of cable-strut pre-stress levels, the initial stresses of hoop cables in the outer
ring are set to 0 MPa, 50 MPa, 100 MPa, 150 MPa and 200 MPa, respectively. The initial stresses
of other cables and struts can be obtained with the method given in Section 3.2. The results under
both load cases are shown in Figure 13. It can be seen from Figure 13 that the ultimate capacity of
the suspen-dome enhances with the increase of the initial pre-stress level, but the rate of the
increase is slight. The ultimate load just increases 0.29% when the prestress level doubles, and it
just decreases by 0.36% when the prestress level is reduced to the half. It can be concluded that the
cable-strut pre-stress contributes little to the ultimate capacity of the structure. Therefore, it is not a
wise choice to improve the ultimate capacity of the structure by increasing the initial prestress in
lower cable-strut system only.
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(a) Load displacement curve under Load 1 (b) Load displacement curve under Load 2
Figure 13. Influence of Cable-strut Prestress Levels
4.5

Influence of Strut Sections

Different strut sections with diameters of 20 mm, 25 mm, 30 mm, 35 mm and 40 mm are adopted
to conduct the stability analysis of the structure. Figure 14 shows the influence of the strut section
on the elastoplastic ultimate capacity of the suspen-dome. It can be seen from this figure that the
load displacement curves are nearly overlapped, which indicates none influence of the strut section
on the elastoplastic ultimate capacity. Thus, when choosing the strut section, only its own stability
needs to be considered.

(a) Load displacement curve under Load 1 (b) Load displacement curve under Load 2
Figure 14. Influence of Strut Sections

5.

EFFECTS OF IMPERFECTIONS ON THE STABILITY BEHAVIOR

For the long-span spatial structures, the inaccuracy in construction and installation may trigger a
great influence on the forces of the structure. The single-layer grid shell structure is sensitive to
imperfections [24, 25]. As a new type of single-layer grid shell, the effect of imperfections on the
stability of the radially retractable hybrid grid shell has not been studied. According to the
European standard [26] and Chinese code [27], the geometrical imperfection should be taken into
account in the non-linear analysis in order to model the structure in a realistic way.
Several methods are available to analyze geometrical imperfections, i.e. the random imperfection
mode method [28], the consistent imperfection mode method. In the later method, the imperfection
distribution is assumed to be consistent with the deflected shapes, such as eigenvalue buckling
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modes and nonlinear buckling shapes. The consistent imperfection mode method is used in this
paper. The steps of the imperfect buckling analysis can be concluded as following:
(1) Conducting the eigenvalue buckling analysis or nonlinear buckling analysis of the structure
to obtain its buckling modes;
(2) Nomalizing the buckling modes deriving from the eigenvalue buckling analysis or
nonlinear buckling analysis;
(3) Modifying the joint coordinates of the finite model according to the previous step;
(4) Conducting the static elastoplastic analysis of the imperfect structure to obtain its ultimate
capacity.
As suggested in Cai et al. [24, 25], we have set up the following shapes of imperfections for
hybrid grid shell: (1) the first four eigenvalue buckling modes; (2) the displacement shape of the
loaded structure obtained from a geometrical non-linear elastic buckling analysis. Both
imperfections are easy to compute and therefore can be often used by engineers. The first four
eigenvalue buckling modes and the nonlinear buckling mode of the hybrid grid shell under both
load cases are given in Figure 15.

First eigenvalue buckling mode (Load1)

Second eigenvalue buckling mode (Load1)
(Load2)

Third eigenvalue buckling mode (Load1)

First eigenvalue buckling mode (Load2)

Second eigenvalue buckling mode

Third eigenvalue buckling mode (Load2)

Fourth eigenvalue buckling mode (Load1)
(Load2)

Fourth eigenvalue buckling mode

Nonlinear buckling mode (Load1)

Nonlinear buckling mode (Load2)
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Figure 15. Buckling Modes of the Radially Retractable Suspen-dome
Figure 16 show the failure load factors for different suspen-dome, including the perfect structure.
The maximum imperfections of all shapes have been scaled to span/300. It is clear from the figure
that the failure load of the hybrid structure under both load cases is significantly affect by the
geometric imperfections. It can be found that the lowest buckling load is predicted with the
nonlinear buckling mode. Therefore, this imperfection shape is thus employed in all the following
analyses.

Figure 16. Influence of Imperfection Modes on the Failure Load of Suspen-domes

6.

CONCLUSIONS

The buckling capacity of the radially suspen-dome was investigated in this paper. The geometrical
non-linear elastic buckling analyses was carried our first. By taking into consideration of material
non-linearity using elasto-plastic analyses, the behavior of hybrid structures was found significantly
different. The results show that the buckling capacity is reduced by taking account of material
non-linearity. Then the effects of different geometrical and parameters on the failure loads were
studied. The analysis results show that under a particular span, the buckling capacity increases with
the increase of the rise-span ratio. Moreover, increasing the cross-section of steel beams notably
improves the stability performance of the structure. However, the section area and pre-stress of
lower cable-strut system pose virtually little effect on the structural stability. Finally, the effects of
imperfections on the stability behavior were also investigated. It can be found that radially
retractable suspen-dome is highly imperfection sensitive and the reduction of the failure load due to
imperfections can be considerable. Furthermore, when imposing imperfections, the proper shape is
also important. The results show that the nonlinear buckling mode is the most critical imperfection
shape.
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ABSTRACT: Performance based method is increasingly used for structural fire safety design of modern buildings
with large enclosure. The design fire scenarios in large enclosure are localized fires. Integrated fire-structure
simulation method is required to accurately predict the response of structures in realistic fires (e.g. localized fires). In
recent years, there is an increase in use of FDS (Fire Dynamics Simulator) – FEM (finite element method) approach
for performance-based structural fire design. This paper discusses the FDS-FEM approach for predicting the thermal
response of structures subjected to localized fires. A fire-structure interface, named adiabatic surface temperature
(AST), was applied to transfer data from FDS to ANSYS. By comparing the predicted and measured heat fluxes and
steel temperatures of a steel ceiling beam exposed to a localized fire condition, the FDS-FEM method was tested.
The FDS predicted heat fluxes matched well with the test data. The difference between the predicted and measured
maximum heat fluxes was within 6% for the investigated two cases. The FDS-FEM method gave good prediction of
the steel temperatures. The over-prediction of maximum steel temperature was within 11% for the investigated case.
The methods described in this study provide a feasible way to study the complex behavior of structures in realistic
fires.
Keywords: Integrated fire-structure simulation, Fire Dynamics Simulation (FDS), Finite element method (FEM),
Localized fire, Steel ceiling beam, Performance based design, Temperature
DOI: 10.18057/IJASC.2017.13.2.3

1.

INTRODUCTION

At high temperature nearly all structural materials lose some of their strength and stiffness.
Structural steel retains only about half of its room temperature yield strength and elastic modulus at
about 550 oC [1]. Temperature induced thermal strain, if restrained, generates additional stress in
structures which might accelerate structure failure in fire. Because steel has high conductivity and
low heat capacity, when exposed to fire the bare steel structures elevate to a high temperature in a
short time which might result in structure collapse before complete evacuation of the building. Bare
steel structures’ frangible to fire has been investigated in many disastrous fire accidents, typically
the WTC fire [2] and the Windsor Tower fire [3]. Therefore, comparing with other structures such
as concrete structures and masonry structures, the fire safety of steel structures is of primary
importance.
Traditionally, the fire safety of steel structures is insured by requiring the structural steel
components have sufficient fire resistance. The fire resistance of a building component is
determined by a standard fire resistance test conducted on an isolated member subjected to a
specified time temperature curve. The standard fire resistance test, which was developed more than
a century ago, has been criticized for its shortcomings [4]:
 The standard temperature-time curve is not representative of a real fire in a real building. A
real fire includes both heating and cooling phases while the standard fire curve does not
decrease with time. Also, the standard fire represents a uniform heating condition while the
heating condition in a real fire is non-uniform, e.g. gas temperature distribution in localized
fires in large enclosure is highly non-uniform spatially [5].
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The behaviour of the isolated members cannot represent the behaviour of the components in
an entire structure. In a real building, a component is restrained by the surrounding
structures. The restraints induce thermal stress in the heated component and also might
activate alternative load-bearing modes (e.g., membrane action of composite floor slab [6, 7]
and catenary action of restrained beams [8, 9]). Furthermore, there exist alternative load
paths in restrained components. In entire structures, when some structural components
begin to fail, the adjacent components will restrain to resist the further failure of the
weakened components.

As a result, the design approach based on the standard fire cannot assess the actual level of safety
of a structure exposed to fire and usually yields a fire protection design that is too conservative,
which has been proved by both accident fires (e.g. the Broadgate Phase 8 fire [10]) and real fire
tests (e.g. the Cardington full-scale fire test [11]). It should be noted, however, that a fire protection
design based on a standard fire test or prescriptive code is not guaranteed to be conservative, as
being found by recent numerical studies [12-15].
Over the past 30 years, there have been significant advances in structural fire research. New
insights, data, and calculation methods have been reported, which form the basis for modern
performance-based (PB) codes for structural fire safety [16]. The PB approach involves the
assessment of the structural response in real fires and, therefore, requires advanced computational
approaches for fire and structural modeling. Sophisticated computational fluid dynamics (CFD)
models are typically used to simulate realistic fires [5], while finite element method (FEM) codes
are mostly used for structural modeling [12-15, 17]. An integrated CFD-FEM simulation approach
is needed for advanced structural fire analysis [18]. Fire Dynamics Simulator (FDS) is an open
source CFD code, developed by NIST [19]. It has been widely used in fire engineering for
modeling the gas phase environment (temperature, heat flux, velocity, species concentrations, etc.)
in fires. Recently, there has been increased research in the application of FDS for structural fire
analysis [20, 21]. Fire-structure interface tools for transferring data from FDS to particular FEM
codes (such as ANSYS, ABAQUS, SAFIR) have been developed [21]. Although the FDS-FEM
simulation approach has been used in practical projects [22, 23], validation of the integrated
fire-structure simulation method is quite limited [24]. This paper presents a validation study of the
integrated FDS-FEM simulation methodology against a localized fire test on a steel ceiling I beam
reported by Hasemi et al. [25, 26]. This localized fire test was selected for model validation because
of the applicability to real-world thermal conditions and because the test was well controlled (e.g.
the heat release rate of the fire was controlled by computer), and detailedly measured.

2.

INTEGRATED FIRE-STRUCTURE SIMULATION METHODOLOGY

2.1

The CFD-FEM Approach

Figure 1 illustrates the CFD-FEM simulation approach for structural fire analysis. The fire-structure
interaction is fundamentally two-way, while one-way coupling may be advantageous under certain
conditions [18]. In a one-way coupling, the Navier-Stokes equations, radiation transport equations,
etc., for the fluid domain in a fire compartment are solved for the complete time duration of interest
by a CFD code to get gas temperatures, velocities, chemical species, incident heat fluxes, film
coefficients, etc. The heat equations for the solid domain (building elements) use the thermal
boundaries from the CFD simulation to get the thermal response (temperature rise) within the
building elements. Kinematics equations, constitutive equations, etc., for the solid domain are
solved by a FEM code to get the deformations, stresses, strains, etc. Fire-structure and
thermo-mechanical interfaces are used to transfer data between different models. In a two-way
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coupling, the same set of equations is solved except that at discrete time steps through the
simulation the solid phase FEM code provides feedback to update the CFD model.

Figure 1. Coupled CFD-FEM Simulation Approach for Structural Fire Analysis [24]
2.2

The FDS Code

Fire Dynamics Simulator (FDS) is a large-eddy simulation (LES) based CFD code [19]. In this
study, FDS version 5 is used. LES is a technique used to model the dissipative processes (viscosity,
thermal conductivity, material diffusivity) that occur at length scales smaller than those that are
explicitly resolved on the numerical grid. In FDS, the combustion is based on the mixing-limited,
infinitely fast reaction of lumped species, which are reacting scalars that represent mixtures of
species. Thermal radiation is computed by solving the radiation transport equation for gray gas
using the Finite Volume Method (FVM) on the same grid as the flow solver. FVM is based on a
discretization of the integral forms of the conservation equations. It divides the problem domain
into a set of discrete control volumes (CVs) and node points are used within these CVs for
interpolating appropriate field variables. The governing equations are approximated on one or more
rectilinear grids. Obstructions with complex geometries are approximated with groups of prescribed
rectangles in FDS. One-dimensional (1D) heat conduction is assumed for solid-phase calculations.
Detailed descriptions of the mathematical models used in FDS can be found in [19].
2.3

The Fire Structure Interface

The concept of adiabatic surface temperature is used to transfer thermal boundary data from a FDS
model to a FEM model. Consider an ideal adiabatic surface exposed to a heating condition; the net
heat flux to the surface is by definition zero, thus
4
 AS (q in  T AS
)  hc , AS (T g  T AS )  0

(1)

where  AS is emissivity of the adiabatic surface; T AS is temperature of the adiabatic surface or
adiabatic surface temperature; and hc, AS is film coefficient between the adiabatic surface and the
surrounding gas.

135

Integrated Fire-Structure Simulation of a Localizied Fire Test on a Ceiling Steel Beam

From Eq. 1, the incident radiative flux to a surface can be calculated from an adiabatic surface
temperature,

 
q in

hc, AS (T AS  T g )

 AS

4
 T AS

(2)

Consider a real surface exposed to the same heating condition, the net heat flux to the surface can
be calculated by
4
q    s  (T AS
 Ts4 ) 

s
hc, AS (T AS  T g )  hc (T g  Ts )
 AS

(3)

If the emissivity of the adiabatic surface is taken as the emissivity of the real surface (  AS   s ),
and the film coefficient between the adiabatic surface and the surrounding gas is equal to the film
coefficient between the real surface and the surrounding gas ( hc , AS  hc ), we get
4
q    s  (T AS
 Ts4 )  hc (T AS  Ts )

(4)

Eq. 4 shows that the net heat flux to a surface can be approximately calculated by using a single
parameter T AS . In practice, the adiabatic surface temperatures of interest can be approximately
measured by a plate thermometer [27]. Consider the case at high temperature (above about 400 oC),
where convection is not the dominant mode of heat transfer in fire [28]; from Eq. 3 or 4 the
adiabatic surface temperature measured by a plate thermometer can be used to predict the net heat
flux to a surface with a different emissivity. FDS [18] includes an output quantity of adiabatic
surface temperature calculated by Eq. 4 according to the idea proposed by Wickstrom [29]. It
should be noted that the calculated adiabatic temperature of a surface is fundamentally influenced
by the convection or film coefficient (see Eq. 3) so that the value for film coefficient should be
carefully selected when using the concept for calculations where convection is important [30].
3.

VALIDATION STUDY

3.1

Description of the Experiment

Figure 2 shows the experimental layout in Hasemi et al.’s experiments [26]. The rectangular flat
ceiling consists of two layers of 12 mm thick mineral fiber Perlite board with dimensions
1.83×3.60×0.024 m. The ceiling is reinforced by a steel frame and is horizontally placed over the
beam held by two steel vertical posts at the ends. H-section bare steel beam with the following
dimensions was used: 3.6 m long, 75 mm width, 150 mm height, 5 mm (thickness of web), 6 mm
(thickness of flange). The height of the beam and the ceiling was adjusted by lifting these
specimens up and down the posts. Heat flux measurements were made at nine horizontal distances
from the stagnation point of the beam. Water-cooled Schmidt-Boelter heat flux gauges were
installed flush with the beam surface through the holes made in the beam shown in Figure 2. The
heat flux to the upper flange, web and also lower and upper surfaces of the lower flange was
measured. Temperature measurements were made with thermocouples at 27 points, arranged
symmetrically to the points of the heat flux gauges with regard to the center of the beam.
Thermocouples were 0.2 mm K-type and were installed 0.5 mm from the beam surface, as shown
in Figure 2. A 0.5 m diameter round and a 1.0 m square porous propane burner were used as the fire
source.
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(a) Experimental setup

(b) Heat flux measurement

(c) Temperature measurement

Figure 2. Experimental Setup and Measurements in Hasemi etal.’s Test [26]
3.2

FDS Numerical Model

Figure 3 shows the FDS numerical model for the localized fire test cases using 1.0 m square burner
in [26]. Two cases with steady heat release rates of 540 kW and 900 kW were considered. In both
cases, the distance from the burner to the lower flange of the ceiling beam was 1.2 m. The
computational domain had dimensions of 4.0 m (X) × 2.0 m (Y) × 1.8 m (Z). Boundary conditions
at four sides of the computational domain are opening. The flanges and web of the beam were
modeled as steel sheets with thickness of 6mm. Both ceiling and floor were molded as 24 mm thick
perlite boards. The densities of steel and perlite were 7850 kg/m3 and 789 kg/m3 [31]. The
emissivity of all solid surfaces was taken as 0.9 [31]. Other properties of the materials were taken
from [31]
c s  582.3  0.8896T  2.289  10 3 T 2  1.486  10 6 T 3  2.97  10 10 T 4
4

9

c p  1493  4.658T  0.013743T  1.4585  10 T  5.128  10 T
2

3

(5)
(6)

4

k s  70.45  0.02767T  4.847  10 5 T 2  4.722  10 8 T 3  1.068  10 11 T 4
4

6

9

k p  0.3314  8.834  10 T  1.932  10 T  1.96  10 T  7.226  10
2

3

13

T

4

(7)
(8)
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where c s ,  s are the specific heat of steel and perlite respectively; k s , k p are the conductivity of
the steel and perlite respectively.

(a)

(b)
Figure 3. FDS Model for the Investigated Localized Fire Case
The grid sizes used is one of the most important numerical parameter in CFD dictating its
numerical accuracy. The necessary spatial resolution for a proper LES simulation is customary
defined in terms of the characteristic diameter of a plume, which is defined as [19],
D*  (

Q

  c pT g

)2/5

(9)

The special resolution R* of a numerical grid is defined as,
R* 

x
D*

(10)
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where δx is the characteristic length of a cell for a given grid. The necessary resolution suggested in
most studies is between 1/5 and 1/20 [19]. For the FDS model, the whole domain consisted of 50
(X) × 50 (Y) × 45 (Z) = 112,500 control volumes. The grids in the Y and Z directions were uniform
(4 cm), where that in the X direction was stretched to yield the grid size in the flame region of 4 cm.
Therefore, the resolution at the flame region was about 1/23 for 900 kW and about 1/19 for 450
kW.
3.3

FEM Thermal Model

Figure 4 shows the FEM model for the ceiling beam composite. By symmetry, a quarter of the
composite was used. By the consideration that the temperatures of the lower flange and web of the
steel I beam were not significantly affected by the thermal conduction from the ceiling slab, the
width of the ceiling slab was taken as a half of the steel I beam in the FE model. The three
dimensional (3D) layered shell element SHELL131 in ANSYS was used. SHELL131 has in-plane
and through-thickness thermal conduction capacity. It has 4 nodes with up to 32 temperature
degrees of freedom at each node. Thermal conduction through-thickness for the lower flange and
the web of the steel I beam was ignored because of the high conductivity of steel. The composite
section of the steel upper flange and perlite slab was divided into one steel layer and 5 perlite layers
to consider thermal conduction between the upper flange and the slab (Figure 4b). As shown in
Figure 4c, an additional external node was defined for each element (SHELL131) to apply the
thermal boundary condition using the concept of adiabatic surface temperature (AST). The
temperature of the external node was taken as the AST for the element (surface) transferred from
FDS.

Figure 4. FE Model for the Investigated Localized Fire Case
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RESULTS AND DISCUSSION

Figure 5 shows the time history of the heat fluxes and adiabatic surface temperatures (ASTs)
predicted by FDS. The fluctuation of the curves is due to the turbulent combustion behavior. Figure
6 shows the time averaged ASTs along the length of the beam. The unsmoothness of the curves is
because the measured value of a point located in a control volume is taken as the value of the
nearby grid point. The horizontal axis, x, is the distance to the beam center. ASTs decrease with
increasing the distanced to the beam center. Generally, the bottom surface of the lower flange has
the highest ASTs. The other surfaces have similar ASTs.
Figures 7 and 8 show the good match between the FDS predicted heat fluxes and the test data. The
difference between the predicted and measured maximum heat fluxes was about 3 kW/m2 (about
7%) for the 540 kW case and about 5 kW/m2 (about 6%) for the 900 kW case. Figure 9 compares
the FDS-FEM predicted steel temperatures with the test data. For the lower flange and the web of
the steel I beam, the predicted steel temperatures agree very well with the test data. The
over-prediction of maximum steel temperature for the lower flange is about 60 oC (about 11%) and
for the web is about 44 oC (about 8%). The under-prediction of the upper flange steel temperature is
caused by the ignoration of the horizontal heat conduction between the nearby slab to the steel
section. Figure 10b shows the distribution of the ASTs on the exposed surfaces. Because of the
flame impingement (Figure 10a) the ASTs on the slab surface were higher than those on the upper
flange surface, which indicted that heat fluxes were transferred from the slab to the steel in some
area.

(a) Heat flux
(b) AST
Figure 5. Time History of FDS Predicted Heat Fluxes and ASTs (900 kW case)

(a) 450 kW

(b) 900 kW
Figure 6. Time Averaged ASTs
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(b) Top of lower flange

(c) Bottom of upper flange
(d) web
Figure 7. FDS Predicted Heat Fluxes and the Test Data for the
Investigated Case with HRR of 450 kW

(a) Bottom of lower flange

(b) Top of lower flange

(c) Bottom of upper flange
(d) web
Figure 8. FDS Predicted Heat Fluxes and Test Data for the Investigated Case with HRR of 900 kW
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(a) Lower flange

(b) Web

(c) Upper flange
(d) Steel temperature distribution
Figure 9. FDS-FEM Predicted Steel Temperatures for the Investigated Case with HRR of 900 kW

(a) Flame

(b) Adiabatic surface temperature
Figure 10. FDS Predicted Adiabatic Surface Temperature
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CONCLUSIONS

This paper discusses the integrated fire-structure simulation methodology for performance based
fire safety design. A fire-structure interface, named adiabatic surface temperature, was applied to
transfer data from FDS to ANSYS. By comparing the predicted and measured heat fluxes and steel
temperatures of a steel ceiling beam exposed to a localized fire condition, the FDS-FEM method
was tested. The FDS predicted heat fluxes match well with the test data. The difference between the
predicted and measured maximum heat fluxes was within 6% for the investigated two cases. The
FDS-FEM method gave good prediction of the steel temperatures. The over-prediction of
maximum steel temperature was within 11% for the investigated case. The methods described in
this study provide a feasible way to study the complex behavior of structures in realistic fires.
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ABSTRACT: This study examines the structural performance of beam end connectors used as connection device in
semi-rigid boltless beam-to-column connections (BCCs) in steel pallet racks (SPRs). A total of six types of
specimens were tested which were distinguished by the three different types of beam end connector (BEC)
thicknesses and two different numbers of tabs in the (BEC). The experimental testing was performed using
double-cantilever test method and the moment-rotation (M-θ) behavior of the connections and key failure modes
were evaluated. The influence of variation in the thickness and the number of tabs of the BEC on the behavior of
connection was also investigated. Increased connector thickness enabled the connector tabs to sustain higher failure
moment. The findings showed that by varying the geometrical properties, the stiffness of the connection was affected
at a higher rate as compared to the strength of the connection. A non-linear three dimensional (3D) finite element
(FE) model was developed to simulate the experimental investigations. The FE model showed a close agreement with
experimental results.
Keywords: steel pallet racks, beam end connector, moment-rotation behavior, double-cantilever test, down-aisle
direction
DOI: 10.18057/IJASC.2017.13.2.4

1.

INTRODUCTION

Steel storage racks are the most widely used cold-formed steel (CFS) structures for the storage of
multitude of goods in the warehouses and supermarkets [1]. These lightweight structures can carry
live loads much heavier than their self-weight [2]. The most commonly used type of storage racks
is ‘steel pallet racks (SPRs)’. The SPRs satisfactorily solve the storage problems when the space
available to store the goods is comparatively less sufficient to the volume of items. These racks
require a ready re-adjustment of the members depending upon the storage requirement [1]. Despite
a variety in the manufacturing of steel storage racks, the main configuration of these structures is
classified into two major directions, namely, the cross-aisle direction and down-aisle direction. The
cross-aisle direction is braced with struts whereas, bracing is avoided in the down-aisle direction
and the stability of the frame is governed by the beam-to-column connections (BCCs). The bracing
in cross-aisle direction starts generally at 160 mm from the bottom of the column. The bracing is
connected to the column using bolts and nuts. For horizontal bracing to column, a brace spacer is
fitted over the bolt to locate the bracing against the inside flange of the column. Standard base
plates are used with anchor bolts for floor-to-column connection.
As a consequence of its constructional design, a storage rack differs very much from a traditional
steel framework. For instance, the columns used in storage racks have pre-designed perforations,
depending on an optimal pitch, in their cross-section. The column of a rack frame is a vertical
member subjected to compressive forces parallel to their longitudinal axes [3]. The perforated
columns used in SPRs are thin shell elements. The thickness of these columns normally varies
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between 1.8 mm and 3.0 mm. Perforations in columns reduce their cross-sectional area and make
them vulnerable for local and/or distortional buckling [4]. A global buckling of the structure may
also happen if these columns are not properly designed. The other unique feature of SPRs are the
unique boltless connections used as BCCs in these structures [5]. These boltless connections are
considered semi-rigid connections in nature [2]. By contrast to the common structural steel
connections where bolts or welds are used for joining the beams and columns, these structures
utilized a connection device namely the ‘beam end connector’ (BEC), which is welded at the end of
pallet beam and its stiffness supports the bending capacity of the pallet beam. Unique types of
hooks are punched inside the BEC which are engaged with column perforations in a special manner
to establish the BCCs [6] and allowed free to rotate. A safety lock must be fully inserted into every
BEC. If installed correctly, the safety lock will be positioned vertically, with long leg pointing
downwards. Once the end connector is secured with the safety locks, the beam can resist an upward
force. This helps the BEC to stay in desired position under the accidental impact of fork lift truck
when lifting the pallets [6]. Figure 1 shows a typical boltless SPR BCC.

Figure 1. Typical SPR BCC
Despite the availability of several studies available on the behavior of traditional steel connections
[7-10], the studies discussing the behavior of SPR BCCs are rare. Being not similar to common
building steel connections, the difference in geometry of the BECs available in the market does not
allow a generalized global analytical model. This motivated the researchers to predict the structural
behavior of SPR BCCs through experimental testing and numerical modelling. Markazi et al. [11]
tested different types of connectors using simple cantilever method and declared the influential
parameters and failure modes of BCCs. In another study of Markazi et al. [12], numerical modeling
was performed for semi-rigid boltless connections and experimental results were validated.
The connection influence on overall rack performance under monotonic and cyclic loading was
also investigated by Bernuzzi and Castiglioni [13]. The distortion of tabs and the nodal zone were
the governing failure modes. Furthermore, the loading types and the design of connectors also
affected the behavior of connections.
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Filiatrault et al. [14], Filiatrault et al. [15] and Sideris et al. [16] also investigated the behavior of
connection while testing the overall rack structure under seismic loading. Zhao et al. [17] tested the
storage rack connections using the standard cantilever testing and useful information was provided.
Recently, Castiglioni [18] provided significant information about the seismic performance of SPR
systems and highlighted the important design considerations required for seismic design of various
components of racking systems included BCCs. Shah et al. [19] highlighted the behavior and
performance of SPR BCCs under fire using experimental and numerical investigations. Literature
suggests that in order to develop a general analytical model, experimental testing of different types
of BEC should be performed [20, 21].
This study emphasizes on experimental testing and finite element (FE) analysis of SPR BCCs.
Three different thicknesses of the BECs with different number of tabs were tested. The dimensions
of the column and pallet beam were kept constant throughout the investigations. The dominant
types of failure were observed and the moment-rotation (M-θ) relationship was developed. The
effect of the thickness and depth of the BEC is also highlighted. A non-linear three dimensional (3D)
FE model was generated and validated against the experimental results.
2.

EXPERIMENTAL INVESTIGATIONS

2.1

Material Properties

CFS sections were used for columns and beams. Hot rolled steel was used to manufacture the BEC.
Table 1 shows the material properties of the connection components.

Member

Table 1. Material Properties of the Specimens
Young’s
Yield strength
Poisson’s
(fy)
Modulus (E)
ratio (ν)
(GPa)
(MPa)

Column
Beam
BEC
2.2

210

0.3

Ultimate
strength (fu)
(MPa)

459

575

353
263

497
365

Specimen Details

Six tests were conducted based on the differences in the thickness and number of tabs of the BEC.
The type of column perforation is shown in Figure 2.
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Figure 2. Type of Column Perforation
The cross section and dimensions of the column section are given in Figure 3 (a) and Table 2,
respectively. Box beam was used for testing and its cross section is shown in Figure 3 (b). The
detail of the beam section is given in Table 3. B represents the types of beam, i.e., box beam. The
dimensions and cross section of the BEC are presented in Table 4 and Figure 3 (c), respectively.
The numbers are used to show the thickness of the BEC. Symbol ‘A’ is used to show the connectors
with three tabs, whereas symbol ‘B’ is used to show the connector with five tabs. For instance, the
type of the BEC ‘2A’ shows that the three-tab BEC with a thickness of 2 mm.

Figure 3. Cross-section of the Connection Components
(a) Column, (b) Beam, (c) BEC
Table 2. Dimension Details of Column
Thickness ‘t’
(mm)

Web ‘w’
(mm)

Flange width ‘bt’
(mm)

Height ‘h’
(mm)

2.0

112.2

67.6

500

Table 3. Beam Dimensions
Width ‘b’
Depth ‘h’
(mm)
(mm)
40
92

Beam type
B

Thickness ‘t’
(mm)
1.5

Table 4. Dimension Detail of the Tested BECs
Type of the
BEC

Number of
tabs

Breadth ‘b’
(mm)

Width ‘w’
(mm)

2A
2B
4A
4B
6A
6B

3
5
3
5
3
5

40
40
40
40
40
40

64
64
64
64
64
64

Depth ‘h’
(mm)

Thicknes
s ‘t’
(mm)

150
250
150
250
150
250

2
2
4
4
6
6
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Each set of specimen is given a specific specimen ID. For example, in the specimen ID
‘B-2.0UT-92BD-3T-2CT’, ‘B’ indicates the type of beam (box beam), 2.0UT represents the column
thickness as 2.0 mm, 92 BD represents the depth of beam as 92 mm, 3T represents the number of
tabs in the connector which is three, and 2CT represents the thickness of the BEC, which is 2 mm.
For an easy understanding, each specimen has been assigned a numeric ID which is listed in Table
5.
Table 5. Numeric ID Assigned to the Specimens
Specimen ID
Numeric ID
B-2.0UT-92BD-3T-2CT
Specimen 1
B-2.0UT-92BD-3T-4CT
Specimen 2
B-2.0UT-92BD-3T-6CT
Specimen 3
B-2.0UT-92BD-5T-2CT
Specimen 4
B-2.0UT-92BD-5T-4CT
Specimen 5
B-2.0UT-92BD-5T-6CT
Specimen 6
A sketch of tested specimen 5 with its dimensions is shown in Figure 4. The connection depicts a
BEC of 4 mm is welded to one end of the beam with tabs punched into it. The leg of the angle with
tabs is in contact with column web after assembly, while there is a 2 mm gap between the second
legs, perpendicular to the column web. Figure 4 is modified from Figure 2 of [2]. However, in this
study, the tabs of the BEC were reversely engaged into the column perforations.

Figure 4. Dimensions of Tested Connection (Specimen 5)
2.3

Selection of Test Method

The international design standards of storage rack design such as The Rack Manufacturing Institute
(RMI) [22], European Committee for Standardization (EN 15512) [23] and Standards Australia
(AS4084) [24] suggest alternative testing methods for the testing of SPR BCCs. The RMI [22] and
AS4084 [24] suggest ‘Cantilever test method’ and ‘Portal frame test method’, whereas the EN
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15512 [23] suggest only Cantilever Test Method which considers a cantilever beam connected to
the perforations of column through tabs. This test method was modified by researchers [25, 26] by
attaching an extra beam to the other side of column and placing the column in between two full
length beams and, hence, is called the double cantilever test method. The efficiency of the
double-cantilever test method for the testing of SPR BCCs is clearly evident in various studies
[25-27]. This study has followed the double-cantilever test method to forecast the M-θ behavior of
SPR BCCs.
2.4

Testing Arrangement

Figure 5 shows the schematic diagram of experimental arrangement used in this research for
connection testing. The column was aligned accurately under the loading instrument and two pallet
beams were then attached to the perforations of column with reversely positioned tabs on both left
and right sides. In order to prevent the lateral twisting of pallet beams near the connection, the
beams were adjusted into two rectangular hollow sections which were welded to angle sections and
bolted to strong floor. Roller supports with a distance of 2 m between each other were provided for
the unconnected ends of both the beams. A displacement controlled loading method was chosen and
the force was applied at the top of the column through a 50 kN hydraulic actuator at a rate of 1
mm/min until the a drop of 1 kN in the load was observed or the connection showed no resistance
to further load. Applying the load at the top of the column caused the top of the connection in
compression and the bottom in tension. EN 15512 [23] suggests that the end rotation of beams can
be evaluated through the inclinometers placed closer to the connection. Two digital inclinometers
were placed as possible as close to the connection and the end the end rotation of beams was
directly recorded. The deflection in beams was monitored by two dial gauges, placed at L/4
distance from the center of roller support. A dial gauge was attached to the column at its bottom, in
order to record central deflection. The dial gauges were connected to a computerized data logger to
record real time loading and displacements.

Beam end connector
50 mm

L/4

L/4

L/4

Figure 5. Schematic Diagram of Test Set-up

L/4
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RESULTS AND DISCUSSION

3.1

M-θ Behavior and stiffness
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All the specimens showed non-linear behavior from the start. This may be either due to the imperfections
in the constructional design of the specimens or non-linear geometrical configurations [28]. Figure 6 shows
the M-θ graphs for all six connections. It can be seen from Figure 6 that the decline in the moment capacity
was occurred in the ultimate stage. It may be due to the complete rupture of top two tabs after sustaining a
reasonable amount of load in its yield stage. The stiffness was calculated using Equal area method,
however no correction factor was applied to the achieved moments; mainly due to the larger stiffness of the
beam sections. Table 6 presents the test results for all six specimens.

Figure 6. M-θ Curves for All Tested Specimens

3.2

Specimen

Failure Load
(kN)

1
2
3
4
5
6

3.79
4.06
4.52
5.23
5.54
5.97

Table 6. Test Results
Ultimate Moment
Capacity
(kNm)
1.78
1.91
2.13
2.46
2.61
2.81

Rotation
(Radians)

Stiffness
(kNm/rad)

0.12
0.12
0.08
0.08
0.08
0.06

23.36
26.54
31.1
36.6
46.8
49.23

Failure Modes

The failure was considered when a drop of 1 kN was observed in the applied load. During the
experimental testing, three types of failures were observed. These types included: (i) failure of
connector tabs (ii) deformation of column, and (iii) distortion of the BEC itself. For specimen 1,
with the increase in load, the top two tabs tried to come out from the column perforations, cut the
column web and ruptured completely. The last tab did not cause any cut in the web and just came
out from the column slot. The failure of specimen ‘2’ was similar to the specimen ‘1’, except the
difference in the value of failure load. A considerable distortion of the BEC was also noticed. In the
case of specimen ‘3’, the greater number of tabs and increased thickness of the BEC allowed the
specimen to sustain larger in-plane moment. No tab showed a complete rupture, however, the

151

Structural Performance of Boltless Beam End Connectors

failure initiated with the distortion of top tabs and ended with the distortion of column web caused
by the cuts developed by the tabs. For specimens ‘4-6’, the amount of failure load was extensively
higher than specimens, ‘1-3’and the full rupture of any tab was not noticed. However, tearing of
column was observed near the top tabs under compression. Overall, a ductile behavior was shown
by almost all the specimens. The typical failure modes of the BEC, the connection and the column
and are shown in Figure 7 (a-c), respectively.

(a)

(b)

(c)
Figure 7. Failure Modes
(a) BEC, (b) connection, (c) column
4.

EFFECT OF GEOMETRY
PERFORMANCE

OF

THE

BEC

ON

THE

CONNECTION

The parameters analyzed in this study are the thickness of the BEC and number of tabs in the BEC.
Figure 6 and Table 6 show that specimen 2 showed 7% higher moment capacity than specimen 1.
The stiffness was increased by 12%. The similar behavior was observed when the thickness of BEC
was changed from 2 mm to 6 mm. Specimen 3 showed 16% increased moment capacity as
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compared to the specimen 1. A 24% increase in the stiffness was observed. These statistics clearly
shows the effect of increased thickness of the BEC. When the number of tabs changed from 3 to 5
(from specimen 1 to specimen 4), the moment capacity and stiffness of specimen 4 were increased
by 28% and 37%, respectively. This shows that in all the cases, the geometrical properties has
affected the stiffness of the connection.
5.

FINITE ELEMENT (FE) MODELING

5.1

Modeling Approach

A non-linear 3D FE model was developed on a commercially available software ABAQUS [29].
The FE model was capable of incorporating the geometrical and material non-linearity. The
specimen 2 was considered for FE modeling and a bi-linear elasto-plastic model was developed
based on the material properties defined in Table 1. The column, pallet beam and the BEC were
modeled using Element C3D8R (i.e., continuum 3D with eight nodes and reduced integration). The
number of elements in each beam/ BEC were 18812 whereas in column, the number of element was
46404. Distortion energy density criterion or von Mises yield criterion is used to predict yielding. It
should be noted that the few of previous studies did not consider the modeling of tabs that hampers
to obtain realistic modeling of the strength and deformation behavior of connector tabs which were
the most crucial element of SPR BCCs. In this study, SOLID element was used to model the tabs.
Although, modeling of tabs as solid element complexed the model, nevertheless, the original
experimental conditions were replicated and helped in evaluating the actual deformation behavior
of tabs. Figure 8 shows the geometry of modeled tabs.

Figure 8. Geometry of Modeled Tabs
5.2

Surface Interaction

The surface-to-surface interactions (front and side) between the column and the BEC and the
column and the tabs were assigned through tangential frictionless contact, and normal hard contact
and tangential frictionless contact, respectively. The tangential frictionless contact removes the
relative movement between the surfaces of the column and the tab, whereas the normal hard contact
restrains the sideways movement (normal to longitudinal axes) of the column.
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(a)

(b)

(c)

(d)
Figure 9. Surface to Surface Interaction Among Components
5.3

Loading and Boundary Conditions

Simulating the boundary conditions adopted in the experimental investigations, the following
boundary conditions were modeled: Ux = Uy = URy = URz = 0, where U and UR are the
displacement and rotation, respectively. The boundary conditions assigned to the column were Ux =
Uz = URx = URy = URz = 0, where Uy is the applied displacement. The displacement loading was
applied on the top of the column in 10,000 steps. The step size was further sub-divided, resulting in
a displacement rate of 70×10−4 mm/sub-step size. This minor value avoids the influence of strain
rate on the structural behavior of the assembly.
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Meshing

A structured discretization scheme was employed to mesh the beams and BECs, and a structured
free meshing scheme was adopted for the column because of its complex geometry. Experimental
observations showed large deformations at the punching point of tabs with the BEC; hence, this
region was assigned with a high-density mesh. Various types of non-linearity such as contact,
geometric and material increased the convergence issues at some regions during simulation,
however, this problem was successfully overcome by decreasing the time step size and enhancing
the mesh density in those regions. Figure 10 shows the complete geometry of the modeled
connection.

Figure 10. Complete Geometry of the Modeled Connection
5.5

FE Results

5.5.1

Failure modes

The failure modes showed by FE simulation were very much closer to the experimental failure
modes. Again, the failure of tabs was the major failure mode showed by FE analysis. Similar to the
experimental investigations, the bottom tabs of the connector showed high deformations and tried to
cut the column perforations. The disengagement of tabs and distortion of column material were
observed by FE model at a relatively lesser intensity as compared to the experimental results which,
consequently, led to a higher ultimate moment capacity. The BEC showed noteworthy twist in the
tension region. The FE failure of the BEC is illustrated in Figure 11. A closer look of the failure of
bottom tab is presented in Figure 12. The deformation of the column is presented in Figure 13. It
can be seen that the top and bottom tabs distorted the column slots. The failure of full connection is
presented in Figure 14.

Figure 11. Failure of the Tabs and the Beam End Connector
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Figure 12. Failure of the Bottom Tab

Figure 13. Failure of Column

Figure 14. Failure of the Connection
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Stress pattern

It can be observed from Figure 13 that the highest stress value in the column occurred in the tension
region of BCC. Therefore, the tabs in third slot of the column experienced higher stress compared
with those in the compression zone because of the chosen point of application of the load onto the
column. This phenomenon substantiates the case of selecting the double cantilever test method for
testing purpose. Furthermore, engaging the tabs reversely into the column slots generated higher
stress concentration at the joining region of the tabs and the column.
The Von Mises stress distribution at a specific point in the last tab in the tension zone is shown in
Figure 15(a), while Figure 15(b) shows the variation of equivalent stress (Von Mises stress) at point
1 as shown in Figure 15(a) with respect to column vertical displacement. Point 1 is the upper
joining point between tab and column. It is evident from Figure 15(b) that the equivalent stress
reaches to 300 MPa which is the approximate yield strength (304 MPa) of beam end connector, as
given in Table 1. This shows the permanent failure of tab due to excessive deformation.
Furthermore, stress relaxation at the initial stage of deformation is observed. This could be
happened due to slipping action between column surface and tab but at intermediate and higher
stages of deformation, stress increment is observed due to significant deformation of tab. Stress
magnitude is higher than yield strength, indicating that permanent deformation has occurred in the
tabs.

Point 1

(a) Stress distribution at a specific point in the last tab
5.5.2

Moment-rotation (M-θ) behavior

A higher level of similarity was noticed between the FE and experimental M-θ behavior of the
BCCs. The FE model was able to predict the experimental behavior to a large extent. The initial
stiffness portion of the curve matches that of the test results well. However, a minor variation was
observed between the failures of column perforations exhibited by the experimental and FE
investigations. In the test, failure occurred with the tearing of column perforation by the lower tabs.
The tabs slit the column wall. Meanwhile, the FE model was unable to consider the same intensity
of distortion of column slots. Therefore, the connection’s ultimate moment capacity obtained by
using the FE model was higher than that obtained from the test. A comparison of the M–θ graphs
plotted for specimens 2 for both experimental and FE investigations is provided in Figure 16. Table
7 shows a comparison of the moment capacity and stiffness of the experimental and FE
investigations.
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Stress at point 1

Equivlent stress (MPa)

350
300
250
200
150
100
50
0
0

20

40

60

80

Displacement of column (mm)
(a) Equivalent stress and column displacement graph
Figure 15. Von Mises Stress Distribution in the Tab in the Tension Zone

Figure 16. Experimental and FEM Comparison of the M–θ Graphs for Specimens 2
Table 7. Comparison of the Moment Capacity and Stiffness of the Experimental and
FE Investigations for Specimen 2
Specimen Ultimate Moment capacity
Stiffness (kNm/rad)
(kNm)
2

Experimental

FEM

Experimental

FEM

1.91

2.01

26.54

27.42
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CONCLUSION

The variation in the geometrical features of the commercially available BECs used in the SPR
BCCs is the major hurdle in the development of a generalized analytical approach to predict the
M-θ relationship for SPR BCCs. The main contribution of this study is twofold: (1) to identify the
effect of the geometry of the BEC on the strength and stiffness of SPR BCCs (ii) to identify the
possible failure modes of steel rack connections. A series of experiments was performed by varying
the thickness of the BEC and number of tabs in the BEC. FE simulations were performed and their
results were validated against experimental findings. The FE model showed a good agreement with
experimental results. It was revealed by the experimental findings that the failure of all the
specimens was originated due to the distortion of tabs which promoted the unbalanced stress
concentration in the column perforation and consequently, into the beams. The tearing of column
material and the twist in the BEC for the specimens with relatively lesser thickness and lesser
number of tabs in the BEC was observed. The influence of parameters was also investigated. A
comparison of the achieved M-θ relationship showed that the number of tabs is more critical factor
than the connector thickness for the overall performance of SPR BCCs.
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ABSTRACT: Cold-formed Light gauge Steel Frame (LSF) walls lined with plasterboards are increasingly used in
the building industry as primary load bearing components. Although they have been used widely, their behaviour in
real building fires is not fully understood. Many experimental and numerical studies have been undertaken to
investigate the fire performance of load bearing LSF walls under standard fire conditions. However, the standard fire
time-temperature curve given in ISO 834 [1] does not represent the fire load present in typical modern buildings that
include considerable amount of thermoplastic materials. Some of these materials with high in calorific values
increase the fire severity beyond that of the standard fire curve. Fire performance studies of load bearing LSF walls
exposed to realistic design fire curves have also been limited. Therefore in this research, finite element thermal
models of LSF wall panels were developed to simulate their fire performance using the recently developed realistic
design fire time-temperature curves [2]. Suitable thermal properties were proposed for plasterboards and insulations
based on laboratory tests and available literature. The developed finite element thermal models were validated by
comparing their thermal performance results with available realistic design fire test results, and were then used in a
detailed parametric study. This paper presents the details of the developed finite element thermal models of load
bearing LSF wall panels under realistic design fire time-temperature curves and the results. It shows that finite
element thermal models of LSF walls can be used to predict the fire performance including their fire resistance rating
with reasonable accuracy for varying configurations of plasterboard lined LSF walls exposed to realistic design fire
time-temperature curves.
Keywords: Numerical studies, Light gauge steel frame (LSF) walls, realistic design fire time-temperature curves,
load bearing walls, cold-formed steel structures, gypsum plasterboard, specific heat, thermal
conductivity, mass loss (relative density)
DOI: 10.18057/IJASC.2017.13.2.5

1.

INTRODUCTION

Light gauge Steel Frame (LSF) walls are usually made of cold-formed steel studs, and are lined
with gypsum plasterboard layers on both sides with and without cavity insulations (Figure 1).
Cold-formed steel stud sections in LSF walls panels when exposed to fire heat up quickly resulting
in fast reduction in their strength and stiffness. Hence the studs are commonly lined with
plasterboard and insulation materials as fire protecting materials. These lining materials protect
steel studs during building fires by delaying the temperature rise. The wall configurations include
single and double layers of plasterboard lined walls with and without insulation. Insulated wall
panels can be either cavity insulated or externally insulated, i.e. a thin insulation layer sandwiched
between two plasterboards.
The types and thickness of plasterboard and insulation layers used will significantly influence the
fire resistance ratings (FRR) of LSF wall panels. Plasterboard types include specially manufactured
fire resistant gypsum plasterboards or the general purpose plasterboards in thicknesses ranging
from 8 to 16 mm. Currently, gypsum plasterboard lined LSF wall systems are increasingly used in
low-rise and multi-storey buildings, but without a full understanding of their fire performance.
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Similarly insulation type includes rock fibre, glass fibre or cellulose fibre in different thicknesses
and densities. All these materials have a significant impact on the performance of LSF wall panels
when subjected to fire from one side as they delay the temperature rise of thin-walled LSF wall
studs.
Many experimental and numerical studies have been undertaken to investigate the fire performance
of load bearing LSF walls under standard fire conditions [1]. However, it is questionable whether it
truly represents the fire scenarios in modern buildings. In reality, modern residential and
commercial buildings incorporate both traditional wooden items and modern items such as
cushion/fabric furniture, mattresses, fabric coated partitions, etc., which make use of thermoplastic
materials including synthetic foams and fabrics. During a fire, some of these thermoplastic
materials melt and flow to the floor and burn significantly faster, with higher heat release rates,
than the standard fire curve used to obtain FRR, thus increasing the fire severity [2]. This means
LSF walls may not provide safe evacuation, or offer the required life safety for occupants and fire
rescuers. Therefore suitable realistic design fire time-temperature curves were developed and full
scale fire tests of load bearing LSF walls were conducted by Ariyanayagam and Mahendran [2,4].
Type-K cable thermocouples were used to measure the temperatures across and along the LSF wall
panels. Their study has shown that LSF wall studs failed when they reached their critical maximum
hot flange temperatures and if similar conditions exist, LSF wall panel failure mainly depends on
stud hot flange temperature. However, their experimental study was limited to six realistic design
fire time-temperature curves including both rapid and prolonged fires. Hence to investigate the fire
performance of LSF wall systems for a range of different fire scenarios, finite element thermal
models were developed and used in a detailed study. This paper presents the details of the finite
element thermal analyses of load bearing LSF walls exposed to realistic design fire
time-temperature curves. It includes the details of the developed finite element thermal models of
load bearing LSF wall panels and the results. Most importantly, it describes the thermal
performance of LSF wall systems exposed to a range of realistic design fire time-temperature
curves.
2.

THERMAL BEHAVIOUR OF LOAD BEARING LSF WALLS
USING EXPERIMENTAL STUDIES

Six full scale fire tests were conducted on 2400 mm x 2100 mm LSF wall panels to investigate the
structural and thermal performance of load bearing LSF wall panels exposed to realistic design fire
time-temperature curves [4]. LSF wall panels consisted of four cold-formed steel lipped channel
sections (90 x 40 x 15 x 1.15 mm) spaced at 600 mm centres and tracks (top and bottom) made of
unlipped channel sections (92 x 50 x 1.15 mm). Both studs and tracks of 2400 mm length were
fabricated from 1.15 mm galvanized steel sheets having a minimum yield strength of 500 MPa
(G500 Steel). Test specimens were built by lining the steel frames with one or two layers of 16 mm
thick FirestopTM gypsum plasterboards manufactured by Boral Plasterboard, Australia (Figure 1).
The 25 mm thick ROXUL Stonewool MPS400 Rock fibre insulation was used in externally
insulated wall panels. Tests were conducted using the recently developed realistic design fire
curves [2] shown in Figure 2. They were based on Eurocode Parametric [3] and Barnett’s ‘BFD’
[5] fire curves with appropriate compartment characteristics. Details of the development of these
realistic design fire curves are given in Ariyanayagam and Mahendran [2].
Fire tests were conducted in a specially designed test rig shown in Figure 3. Test specimen was
placed with the stud centroids aligning with those of four loading plates and hydraulic rams. The
wall studs were first loaded in axial compression using these hydraulic rams attached to a single
pump via loading plates. This pre-determined axial compression load was based on the required
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load ratios of 0.2 and 0.4. It was 15 kN for Tests LSF1 to LSF4 and 30 kN for Tests LSF5 and LSF6.
Following the load application, one face of the test wall specimen was exposed to heat in a
propane-fired vertical gas furnace while maintaining the applied load. During the tests
time-temperature profiles at various locations across the specimen thickness were measured using
thermocouples.

Figure 1. LSF Wall Panels

Figure 2. Realistic Design Fire Time-Temperature Curves Used in Fire Tests [2]
Table 1 shows the details of tested LSF walls and their failure times. It highlights that some realistic
design fires (Tests LSF3 to LSF6) can cause severe damage to LSF wall panels than the standard
fire [1] while other realistic design fire time-temperature curves (Tests LSF1 and LSF2) are not as
severe as the standard fire. Ariyanayagam and Mahendran [4] provide a full description of the full
scale fire tests conducted for three different LSF wall configurations and the results. Experimental
studies showed that in all the fire tests structural failure of studs initiated the wall failure instead of
insulation or integrity failure, except for Test Specimen LSF1 that did not fail even after 180
minutes of fire exposure. No significant differences were observed between the two different fire
curves used in the tests [4]. In the initial stages of the fire, studs simply followed the shape of the
fire time-temperature curve and after the calcination of gypsum plasterboard, stud temperatures
increased rapidly and led to the failure of LSF wall panel. The presence of wall lining material
significantly influenced the failure times of single plasterboard lined walls as the plasterboard
fall-off led to higher furnace temperature exposure and loss of lateral restraint to studs. This study
also showed that if similar conditions exist, i.e. restraints and applied loads are similar, LSF wall
panel failure depends mainly on the maximum stud hot flange temperature [4].
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Figure 3. Fire Test Set-up [4]
Table 1. Test LSF Wall Configurations and Failure Times [4]

Test

LSF Wall
Configuration

LSF1

Double layers of
plasterboards
(LR=0.2)

LSF2

Insulation
Type

-

Gunalan
et al. [21]
LSF3

Single layer of
plasterboard (LR=0.2)

LSF4

-

Gunalan
et al. [21]
LSF5
LSF6
Gunalan
et al. [21]

Externally insulated
panel
(LR=0.4)

Rock
Fibre

Fire Curve

Failure
Time (mins)

EU-2(0.03)-Comp A

No Failure

BFD-2(0.03)-Comp A

139

ISO 834 [1]

111

EU-1(0.08)-Comp A

28

BFD-1(0.08)-Comp A

39

ISO 834 [1]

53

BFD-2(0.03)-Comp B

118

EU-2(0.03)-Comp B

120

ISO 834 [1]

134

Note: LR – Load ratio, the ratio between the applied axial compression load to the test ultimate capacity of the stud at
ambient temperature.
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THERMAL BEHAVIOUR OF LOAD BEARING LSF WALLS
USING NUMERICAL STUDIES

This section presents the details of numerical studies into the thermal behaviour of tested load
bearing LSF wall panels exposed to realistic fire time-temperature curves and their results.
Recently many numerical heat transfer models have been developed and used by researchers
[6-10]. Also there are many general finite element analysis programs that can be used for thermal
analyses. The finite element model employed in this study to predict the thermal behaviour of load
bearing LSF wall panels was based on SAFIR Version 2004 [11] while GID Version 10.0.1 was
used as pre and post-processors.
Finite element program SAFIR was used to study the two-dimensional (2D) heat transfer analysis
of cold-formed light gauge steel frame walls lined with gypsum plasterboards exposed to realistic
design fire curves. Most of the earlier thermal models were based on one-dimensional (1D) heat
transfer analysis using mathematical models exposed to standard fire curve. SAFIR used in this
study accommodates the use of various elements to accurately simulate material response and
stress-strain behaviour. 2D analysis is undertaken by SAFIR with triangular (3 node) or
quadrilateral (4 node) solid elements. In SAFIR, heat transfer within a body of elements is
modelled through conduction, whereas heat transfer from boundary elements is modelled with both
convection and radiation transfer modes.
SAFIR has some limitations in its ability to model gypsum plasterboard assemblies. Ablation has the
effect of reducing the cross-sectional thickness of gypsum plasterboard and hence increasing the heat
flux across the plasterboard. SAFIR does not allow the user to eliminate any elements from the
section to simulate ablation. Hence ablation process must be taken into account through the use of
suitable apparent thermal properties of plasterboard. Modelling moisture movement across the cavity
is a complex problem and it only influences heat transfer across the cavity at low temperatures [12].
Also as it is not incorporated in SAFIR, this process is neglected in this study. To investigate the
thermal performance of load bearing LSF walls under realistic design fire curves, finite element
models of tested wall panels [4] were developed. Figure 4 shows the developed finite element models
of LSF walls under realistic fire curves. These models were validated using the fire test results of load
bearing LSF walls exposed to realistic design fire time-temperature curves [4].

Figure 4. Finite Element Modelling of LSF Wall Panels
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Thermal Boundary Conditions

The heat flux at the LSF wall boundary conditions was computed from the temperature of the fire
curve Tg and the temperature on the surface Ts based on Equation (1).
q  h (Tg  Ts )   (Tg4  Ts4 )

(1)

where
q - Total heat flux
ε - Relative emissivity
σ - Stefan–Boltzmann constant (5.67E−08W/m2/K4)
Tg and Ts - Gas and surface temperatures
In this study convective heat transfer coefficients (h) of 25 and 10 W/m2K [13-16] were used on the
fire exposed and unexposed sides, respectively. Emissivity of 0.9 was used for the fire exposed
surface [13,15,16]. A finite element mesh size of 2 mm was used in this study (Figure 4). This mesh
size was selected based on the convergence studies undertaken by Keerthan and Mahendran [13] for
similar conditions. The study showed that finite element models with a 2 mm mesh produced results
that were closer to fire test results. Hence it was assigned to the plasterboard, and an automatic mesh
generation was used in developing finite element models. In the numerical model three voids were
created and the heat transfer in the cavities (void) was defined by radiation and convection between
the boundaries of the cavity.
3.2

Thermal Properties of LSF Wall Components

In order to develop appropriate finite element thermal models to study the behaviour of LSF walls
at elevated temperatures, accurate thermal properties of LSF wall components are needed. Thermal
property values include thermal conductivity, specific heat and mass loss (relative density). The
values at elevated temperatures for LSF wall components are summarized by Keerthan and
Mahendran [13,15] based on a series of experimental results [15] and past research studies [6-10] for
Australian gypsum plasterboards and rock fibre insulation materials. Hence these values are used in
this study.
Initially, a finite element model of gypsum plasterboard was developed using finite element
analysis software, SAFIR. The time-temperature curves across the plasterboard were then obtained
and validated with fire test results [17] conducted for the standard fire curve [1]. This study was
then extended [13] to thermal analysis of LSF wall panels lined with single and double layers of
plasterboards, and cavity and externally insulated LSF wall panels, based on which suitable thermal
property values for gypsum plasterboard and insulation were proposed (Figures 5 and 6). These
finite element models were also validated using fire test results in [16] and are reported in [13]. A
good agreement was obtained with fire test results (time-temperature curves) for LSF walls
exposed to a standard fire curve, considering the complexity of gypsum plasterboard behaviour
affected by processes such as ablation of plasterboards and migration of moisture into the cavity.
These processes were taken into account by considering suitable values for the thermal
conductivity of gypsum plasterboard [19]. Details of this process and the proposed values for
specific heat, thermal conductivity and mass loss (relative density) are reported in [13,15,16].
Hence these thermal property values were used in this research for gypsum plasterboard and
insulation materials to study the behaviour of LSF wall panels exposed to realistic design fire curve
while cold-formed steel stud thermal properties were based on Eurocode 3 Part 1.2 [18].
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(a) Thermal conductivity

(b) Specific heat

(c) Relative density
Figure 5. Thermal Properties of Gypsum Plasterboard versus Temperature
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Figure 6. Thermal Conductivity of Rock Fibre Insulation versus Temperature
3.3

Comparison of Finite Element Thermal Analysis Results with Fire Test Results

Finite element thermal analysis results were compared with corresponding results from the realistic
design fire tests conducted by Ariyanayagam and Mahendran [4]. Figure 7 shows the temperature
distributions across the cross-section of LSF walls lined with double layers of plasterboard, whereas
Figures 8 to 10 show stud time-temperature curves for the three wall configurations considered in this
study. Average time-temperature curves of studs were used from the fire tests in these comparisons.
The comparisons show a reasonable agreement between the fire test and finite element analysis
(FEA) results for single and double layers of plasterboard lined LSF walls. The variation in stud
temperatures was less than 50oC for double plasterboard lined LSF walls with a better agreement for
Test LSF1 than Test LSF2 (Figure 8). The single plasterboard lined specimens also showed a
temperature difference of less than 50oC between fire test and FEA results (Figure 9). The differences
between the stud temperatures obtained from fire tests and FEA are relatively high for LSF wall
specimens with external insulation (Figure 10). Finite element analyses overestimated the stud
temperatures in this case. This could be due to the influence of rock fibre insulation as it is the new
material used in the externally insulated walls other than in single and double plasterboard lined
walls. As mentioned earlier, the same rock fibre insulation thermal property values used with the
standard fire tests were used in the simulation of realistic design fire tests. Thermal property values of
rock fibre insulation were idealized by Keerthan and Mahendran [15] based standard fire test results
from [21, 22]. But these values do not appear to provide a good agreement for realistic design fire
time-temperature curves. This could be due to the variation in rock fibre insulation thermal
properties.
Load bearing LSF walls exposed to fires are also affected by processes such as ablation of
plasterboard and insulation, migration of moisture vapours and penetration of cool ambient air or hot
furnace gases into the cavity. Effects of these processes were taken into account in the models
through the use of suitable thermal conductivity values for plasterboards and insulations. Although
they have been considered by using apparent thermal properties values, these effects could vary with
wall configurations and rate of heating. The different rate of fire temperature rise in the realistic
design fire time-temperature curves influenced the stud temperatures as a result of changes to the
gypsum plasterboard and rock fibre insulation thermal properties. Also gypsum plasterboard and
rock fibre insulation are non-homogenous materials.
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Figure 7. Temperature Distribution of Double Layers of
Plasterboard Lined LSF Wall - Test Specimen LSF2

(a) Test LSF1

Note: HF: Hot flange; CF: Cold flange.

(b) Test LSF2
Figure 8. Stud Time-Temperature Curves from Fire Tests and Thermal Analyses for
LSF Walls Lined with Double Layers of Plasterboards
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(a) Test LSF3

(b) Test LSF4
Note: HF: Hot flange; CF: Cold flange.

Figure 9. Stud Time-Temperature Curves from Fire Tests and Thermal Analyses for
LSF Walls Lined with Single Layer of Plasterboard
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(a) Test LSF5

(b) Test LSF6
Note: HF- hot flange, CF- cold flange.

Figure 10. Stud Time-Temperature Curves from Fire Tests and Thermal Analyses for
LSF Walls with Rock Fibre External Insulation
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Thermal analyses conducted by Paulik et al. [23], Hopkin et al. [24], Sergey et al. [25] and Thomas
[12] for similar wall panels also found that thermal properties of gypsum plasterboard depend on
the heating rate. Numerical analysis conducted by Thomas [12] on light timber framed walls on
slow developing and rapid fires also showed similar results, where a good agreement was observed
in slow developing fires than rapid fires. Our numerical analysis showed higher temperatures than
fire test results, i.e. overestimated the stud temperatures. The likely cause for the difference in
results is not including the effects of processes such as moisture flow and ablation of plasterboards
that are affected by higher heating rates. The variation in stud temperatures in the early stages of the
fire for single plasterboard lined walls could also be due to this higher heating rate as they were
exposed to a heating rate well above 50oC/min. This higher heating rate affected the dehydration
process of gypsum plasterboard. This process was studied in detail by Paulik et al. [23] and they
concluded that the rate of temperature rise influenced the dehydration process, which will thus
affect the specific heat values of gypsum plasterboard. In this study, the specific heat values used
were measured at a heating rate of 20oC/min under a constant nitrogen gas flow. However, rapid
fire curves have a heating rate of 50oC/min. Ang and Wang [26] proposed a correction factor for the
specific heat to incorporate the moisture transfer inside the gypsum plasterboard. This is based on
numerical analysis of heat and mass transfer in gypsum plasterboard when exposed to fire.
However, under fire conditions gypsum plasterboards in LSF walls may also experience ablation,
shrinkage and collapse, which were not incorporated in this correction factor. Hence in this study
the correction factor for the specific heat of gypsum plasterboard was not considered, and an
apparent specific heat value based on the experimental study conducted in [13,15] was used.
In our FEA, elevated temperature thermal properties used with the standard fire tests were used for
both rapid and pro-longed fire curves. Hence detailed experimental studies are needed to investigate
the effect of rapid fire time-temperature curves on the thermal properties of gypsum plasterboards.
However, in most situations the predicted stud temperatures from FEA are higher than those from
fire tests, ie. conservative predictions. Considering this outcome, it was decided to use the developed
finite element model in this study to obtain the stud hot flange temperatures for a range of realistic
design fire time-temperature curves for single and double plasterboard lined walls, and walls with
double plasterboard lining and external rock fibre insulation. However, our test and numerical
analysis results and past research studies show that specific heat of gypsum plasterboard depends on
the heating rate. Detailed experimental studies should be undertaken to investigate the effect of rapid
real fires (50oC/min) on the thermal properties of gypsum plasterboards and the thermal performance
of LSF wall panels.

4.

EFFECT OF REALISTIC DESIGN FIRE TIME-TEMPERATURE CURVES
ON THE THERMAL BEHAVIOUR OF LOAD BEARING LSF WALLS

A detailed parametric study was undertaken based on the validated finite element model to
investigate the thermal performance of load bearing LSF walls under realistic design fire curves.
The parameter considered in this study is the type of fire time-temperature curve, hence as in the
fire tests two different types of fire time-temperature curves were selected: Eurocode parametric [3]
and Barnett’s ‘BFD’ [5] curves. Eurocode parametric time-temperature curves are influenced by
compartment characteristics such as ventilation openings, fuel loads and thermal inertia of the
compartment lining material. To simulate both rapid and prolonged fires, two opening factors 0.06
and 0.03 m1/2, were considered with fuel loads of 1268 and 780 MJ/m2 of floor area. The
compartment thermal lining materials are gypsum plasterboard lined walls and ceilings while
concrete floor is assumed in one compartment and timber floor in the other. This will vary the
thermal inertia of the compartment from 400 to 715 J/m2S1/2K. Hence the use of two values for
each of the three fire parameters; ventilation opening, fuel load and thermal inertia, gave eight
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different fire time-temperature curves for Eurocode parametric design fires [3]. Similarly eight
Barnett’s ‘BFD’ curves [5] were also developed for the same fire parameters. Thus it resulted in a
total of 16 fire time-temperature curves for a wall configuration. Also as in the fire tests, three
different wall configurations were considered; single and double plasterboard lined walls and walls
with external rock fibre insulation. Hence a total of 48 different fire time-temperature curves were
considered in this study.
4.1

LSF Walls Lined with Double Layers of Plasterboards

Table 2 presents the design parameters used in developing the Eurocode parametric and ‘BFD’
design fire time-temperature curves for LSF walls lined with double gypsum plasterboards. The
developed fire curves are more severe than the standard fire curve in terms of maximum
temperature and time to reach the maximum temperature (Figures 11(a) and 12(a)). Further, all
these fire curves have a decay phase. Fire curves Db-EU2 and Db-EU4 are closer to the standard
fire curve, but with a decay phase. Fire curves Db-EU1, Db-EU3, Db-EU5 and Db-EU7 represent
rapid fires, where a rapid increase in temperature is seen and a maximum temperature higher than
1100oC is reached in less than 45 minutes. Also they have a rapid temperature decrease in the decay
phase of the fire. Fire curves Db-EU2, Db-EU4, Db-EU6 and Db-EU8 represent prolonged fires for
which the maximum temperature is reached after 90 minutes of fire duration and the total fire
duration is more than 2 hours including a linear decay phase. The maximum temperature of the fire
curves Db-BFD1, Db-BFD3, Db-BFD5 and Db-BFD7 is nearly 1200oC and it is 1057oC for other
fire curves. The rate of temperature rise is gradual compared to Eurocode parametric and standard
fire curves, and the decay phase is also very slow.
The stud hot and cold flange time-temperature curves for the Eurocode parametric and ‘BFD’
design fire curves were obtained using the finite element thermal analyses and are shown in Figures
11(b) and 12(b). The stud hot and cold flange time-temperatures for the standard fire curve are also
shown in these figures for comparison purposes. For nearly 30 minutes the stud temperatures
agreed well with each other despite the differences in the rate of temperature rise in the fire curve
and the temperatures are also less than 100oC. This is due to the dehydration process of gypsum
plasterboard. Beyond this, the stud temperatures increased and followed the fire time-temperature
curve. The rapid increase in temperatures in Fire curves Db-EU1, Db-EU3, Db-EU5 and Db-EU7
in the early stage of the fire caused the stud temperatures to increase more quickly. However, the
stud temperatures started to decrease after reaching the maximum when the fire time-temperature
curves were in the decay phase. In the LSF walls exposed to Eurocode parametric design fire
curves, the stud temperatures decrease rapidly as soon as the fire time-temperature curves are in the
decay phase. This is due to the rapid decay rate in the parametric fires. But for the studs exposed to
‘BFD’ curves, the stud temperatures are maintained at the maximum for considerable time or are
seen to increase with time.
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Table 2. Fire Compartment Characteristics Used in the Development of
Design Fire Curves for LSF Walls Lined with Double Layers of Plasterboards
(a) Eurocode parametric fire curves
Eurocode Parametric
Fire Curves [3]

Compartment
Thermal Inertia
(J/m2S1/2K)
710.3

Opening Factor
(m1/2)

Fuel Load
(MJ/m2)

Db - EU1

0.06

Db - EU2

0.03

702.1

1268
1268

Db - EU3

0.06

710.3

780

Db - EU4

0.03

702.1

780

Db - EU5

0.06

423.4

1268

Db - EU6

0.03

423.2

1268

Db - EU7

0.06

423.4

780

Db - EU8

0.03

423.2

780

(b) ‘BFD’ fire curves
‘BFD’ Fire
Curves
[5]
Db - BFD1
Db - BFD2
Db - BFD3
Db - BFD4
Db - BFD5
Db - BFD6
Db - BFD7
Db - BFD8

Opening
Factor (m1/2)

Fuel
Load
(MJ/m2)

0.06
0.03
0.06
0.03
0.06
0.03
0.06
0.03

Fire Maximum
Temperature -Tm
(oC)

1268
1268
780
780
1268
1268
780
780

1193
1057
1193
1057
1193
1057
1193
1057

Time to reach
Maximum
Temperature - tm
(mins)
48
95
29
59
48
95
29
59

Shape
Constantc
38
38
38
38
16
16
16
16

ISO Curve

EU7

EU5

EU3

EU1

EU8

EU6

EU4

(a) Eurocode parametric design fire curves

EU2
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ISO Curve
EU2
EU1

EU3

EU4

(b) Stud hot and cold flange temperatures for Fire Curves Db-EU1 to Db-EU4

EU5

EU6
ISO Curve

EU7

EU8

(c) Stud hot and cold flange temperatures for Fire Curves Db-EU5 to Db-EU8
Figure 11. Stud Time–Temperature Curves Obtained from FEA for Double Layers of
Plasterboard Lined LSF Walls Exposed to Eurocode Parametric Fire Curves
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ISO Curve

BFD2
BFD4
BFD6
BFD1
BFD8
BFD3
BFD5
BFD7

(a) ‘BFD’ design fire curves

BFD1

ISO Curve
BFD2

BFD3

BFD4

(b) Stud hot and cold flange temperatures for Fire Curves Db-BFD1 to Db-BFD4
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ISO Curve

BFD5
BFD6

BFD8

BFD7

(c) Stud hot and cold flange temperatures for Fire Curves Db-BFD5 to Db-BFD8
Figure 12. Stud Time–Temperature Curves Obtained from FEA for Double Layers of
Plasterboard Lined LSF Walls Exposed to ‘BFD’ Fire Curves
4.2

LSF Walls Lined with Single Layer of Gypsum Plasterboard

Table 3 presents the fire parameters used in developing the Eurocode parametric and ‘BFD’ fire
curves, and the developed fire curves are shown in Figures 13(a) and 14(a). Fire curves Si-EU1,
Si-EU3, Si-EU5 and Si-EU7 are considered rapid fires as their rates of temperature rise are higher
than the standard fire [1] and reach a maximum temperature of nearly 1200oC in less than 40
minutes. Fire curves Si-EU2, Si-EU4, Si-EU6 and Si-EU8 are prolonged fires with fire durations of
more than three hours. Fire curves Si-BFD1, Si-BFD3, Si-BFD5 and Si-BFD7 are considered
severe fires and are rapid in temperature rise, where a maximum temperature of nearly 1200oC is
reached in less than 40 minutes. Fire curves Si-BFD2, Si-BFD4, Si-BFD6 and Si-BFD8 are
considered less severe fires compared to the standard fire curve [1], and are also prolonged fires.
They only reach a maximum temperature of 850oC in 90 minutes or more.
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ISO Curve

EU2

EU4
EU5
EU6

EU3
EU7

EU8

EU1

(a) Eurocode parametric design fire curves
ISO Curve
EU1
EU5
EU6
EU2

(b) Stud hot and cold flange temperatures for Fire Curves Si-EU1, Si-EU2, Si-EU5 and Si-EU6
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ISO Curve
EU8

EU7
EU3

EU4

(c) Stud hot and cold flange temperatures for Fire Curves
Si-EU3, Si-EU4, Si-EU7 and Si-EU7
Figure 13. Stud Time–Temperature Curves Obtained from FEA for Single Layer of
Plasterboard Lined LSF Wall Exposed to Eurocode Parametric Fire Curves

ISO Curve

BFD2
BFD6
BFD4
BFD8

BFD1
BFD3
BFD5
BFD7

(a) ‘BFD’ fire curves
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BFD3

ISO Curve
BFD1
BFD4

BFD2

(b) Stud hot and cold flange temperatures for Fire Curves Si-BFD1 to Si-BFD4

ISO Curve

BFD7
BFD5

BFD8

BFD6

(c) Stud hot and cold flange temperatures for Fire Curves Si-BFD5 to Si-BFD8
Figure 14. Stud Time–Temperature Curves Obtained from FEA for Single Layer of
Plasterboard Lined LSF Walls Exposed to ‘BFD’ Fire Curves
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Figures 13(b) and 14(b) show the stud hot and cold flange time-temperature curves obtained from
finite element thermal analyses. As seen in Figure 13(a) the rates of fire temperature rise are similar
in the cases of Si-EU1 and Si-EU3, Si-EU2 and Si-EU4, Si-EU5 and Si-EU7, and Si-EU6 and
Si-EU8, and thus stud temperatures are also the same as seen in Figures 13 (b) and (c). Eurocode
parametric design Fire curves Si-EU1 and Si-EU2 were developed for the fuel load of 1268 MJ/m2,
compartment thermal inertia of 715.4 and 700.1 J/m2S1/2K and for opening factors 0.08 and 0.02
m1/2, respectively. Opening factors 0.08 and 0.02 m1/2 represent rapid and prolonged fires,
respectively and the fire curves reached a maximum temperature of 1222oC in 36 minutes and
1018oC in 142 minutes. Also in another instance stud hot flange temperature is 602oC at 24 minutes
for Fire curve Si-EU1 and it is only 171oC for Fire curve Si-EU2. Similar behaviour is also
observed for Fire curves Si-EU3, Si-EU5 and Si-EU7 when compared with Fire curves Si-EU4,
Si-EU6 and Si-EU8. Hence it can be concluded that stud temperature rise is influenced by the rate
of temperature rise in the fire curve, and that the rapid fires will significantly reduce the fire
resistance of single plasterboard lined LSF walls. The stud hot flange temperatures for the rapid fire
curves (Si-BFD1, Si-BFD3, Si-BFD5 and Si-BFD7) are greater than 700oC in less than 40 minutes
of fire exposure. The corresponding stud cold flange temperatures are also very high. The stud hot
flange temperatures for prolonged fires are very much less than those of rapid fire curves and are
about 500oC after 90 minutes of fire exposure.
Table 3. Fire Compartment Characteristics Used in the Development of
Design Fire Curves for LSF Walls Lined with Single Layer of Plasterboard
(a) Eurocode parametric fire curves
Eurocode Parametric
Fire Curves [3]

Opening Factor
(m1/2)

Si - EU1
Si - EU2
Si - EU3
Si - EU4
Si - EU5
Si - EU6
Si - EU7
Si - EU8

Compartment
Thermal Inertia
(J/m2S1/2K)

0.08
0.02
0.08
0.02
0.08
0.02
0.08
0.02

Fuel Load
(MJ/m2)

715.4
700.1
715.4
700.1
423.5
423.2
423.5
423.2

1268
1268
780
780
1268
1268
780
780

(b) ‘BFD’ fire curves
‘BFD’ Fire
Curves [5]
Si - BFD1
Si - BFD2
Si - BFD3
Si - BFD4
Si - BFD5
Si - BFD6
Si - BFD7
Si - BFD8

Opening
Factor (m1/2)
0.08
0.02
0.08
0.02
0.08
0.02
0.08
0.02

Fuel
Load
(MJ/m2)
1268
1268
780
780
1268
1268
780
780

Fire Maximum
Temperature -Tm
(oC)
1211
845
1211
846
1211
845
1211
846

Time to reach
Maximum
Temperature - tm
(mins)
36
143
22
88
36
143
22
88

Shape
Constantc
38
38
38
38
16
16
16
16
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LSF Walls Externally Insulated with Rock Fibre Insulation

As for single and double plasterboard lined LSF walls, LSF walls externally insulated with rock
fibre insulation were also analysed for both Eurocode parametric and ‘BFD’ fire curves. The fire
parameters are given in Table 4 while Figures 15 and 16 show the corresponding fire curves and
stud hot and cold flange temperatures obtained from thermal analyses. The rate of temperature rise
in these eight fire curves (Fire curves Cp-EU1 to Cp-EU8) is much higher than the standard fire
curve, and the maximum temperatures are also well above that of standard fire curve. The
maximum fire temperatures of Fire curves Cp-EU5 and Cp-EU7 are well above 1300oC achieved in
less than 50 and 30 minutes, respectively, whereas in Fire curves Cp-EU2 and Cp-EU4 they are
about 1100oC in 60 and 90 minutes, respectively (Figure 15).
The stud hot flange temperatures for the Fire curves Cp-EU1, Cp-EU3, Cp-EU5 and Cp-EU7
started to decrease in less than 60 minutes of fire exposure. This is due to the decay phase in the fire
time-temperature curve where fire temperatures started to decrease with time rapidly. Hence the
stud temperatures also decreased with time. The highest stud hot flange temperature was obtained
for Fire Curve Cp-EU6 and it was 740oC after 90 minutes of fire exposure. For rapid fires, stud
temperatures increased much earlier than for prolonged fires. Also unlike in the Eurocode
parametric fire curves, the stud hot flange temperatures are seen to increase for considerable time
for ‘BFD’ fire curves even in the decay phase due to the slow rate of fire temperature decrease. For
instance, Fire curve Cp-BFD1 reached the maximum temperature at 48 minutes, and the stud hot
flange reached its maximum temperature at 132 minutes, which indicates that stud temperatures
increased for nearly 80 minutes in the decay phase of the fire. At 48 minutes the stud hot flange
temperature was 100oC while it was 534oC at 132 minutes. This was due to high fire temperatures
and slow rate of fire temperature decrease. As for the previous LSF wall configurations, the stud
time-temperature curves in this case also followed the fire time-temperature profiles. But the rate of
temperature rise in studs is much slower than it is for single and double plasterboard lined LSF
walls due to the use of rock fibre external insulation.
Table 4. Fire Compartment Characteristics Used in the Development of
Design Fire Curves for LSF Walls Externally Insulated with Rock Fibre Insulation
(a) Eurocode parametric fire curves
Eurocode Parametric
Fire Curves [3]
Cp - EU1
Cp - EU2
Cp - EU3
Cp - EU4
Cp - EU5
Cp - EU6
Cp - EU7
Cp - EU8

Opening Factor
(m1/2)
0.06
0.03
0.06
0.03
0.06
0.03
0.06
0.03

Compartment
Thermal Inertia
(J/m2S1/2K)
606.3
585.3
606.3
585.3
316.9
305.2
316.9
305.2

Fuel Load
(MJ/m2)
1268
1268
780
780
1268
1268
780
780
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(b) BFD’ fire curves
‘BFD’ Fire
Curves [5]
Cp - BFD1
Cp - BFD2
Cp - BFD3
Cp - BFD4
Cp - BFD5
Cp - BFD6
Cp - BFD7
Cp - BFD8

Opening
Factor
(m1/2)
0.06
0.03
0.06
0.03
0.06
0.03
0.06
0.03

Fuel Load
(MJ/m2)
1268
1268
780
780
1268
1268
780
780

Fire Maximum
Temperature -Tm
(oC)

Time to reach
Maximum
Temperature - tm
(mins)

1193
1057
1193
1057
1193
1057
1193
1057

(a) Eurocode parametric design fire curves

48
95
29
59
48
95
29
59

Shape
Constantc
38
38
38
38
16
16
16
16
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ISO Curve

EU
EU

EU

EU

(b) Stud hot and cold flange temperatures for Fire Curves Cp-EU1 to Cp-EU4

EU6

ISO Curve

EU5

EU8

EU7

(c) Stud hot and cold flange temperatures for Fire Curves Cp-EU5 to Cp-EU8
Figure 15. Stud Time–Temperature Curves Obtained from FEA for LSF Walls
Externally Insulated with Rock Fibre Insulation Exposed to Eurocode Parametric Fire Curves
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ISO Curve

BFD2
BFD4
BFD6
BFD1
BFD8
BFD3
BFD5
BFD7

(a) ‘BFD’ fire curves
ISO Curve

BFD1
BFD2

BFD4

BFD3

(b) Stud hot and cold flange temperatures for Fire Curves Cp-BFD1 to Cp-BFD4
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ISO Curve

BFD6

BFD5

BFD8
BFD7

(c) Stud hot and cold flange temperatures for Fire Curves Cp-BFD1 to Cp-BFD4
Figure 16. Stud Time–Temperature Curves Obtained from FEA for LSF Walls
Externally Insulated with Rock Fibre Insulation and Exposed to ‘BFD’ Fire Curves
4.4

Final Comments and Development of a Simple Method to Estimate Fire Rating

Based on the finite element analysis based parametric studies of LSF walls lined with single and
double plasterboards and walls externally insulated with rock fibre insulation, the following
observations can be made.
 The stud temperature rise is significantly influenced by the type of fire
time-temperature curve. The maximum fire temperature and the time it occurs in the
fire curve significantly influence the stud temperatures. This implies that fire
resistance rating (FRR) of LSF wall will also be influenced by the type of fire
time-temperature curve.
 Rapid fires cause the stud temperatures to increase rapidly than prolonged fires. Hence
significant reductions of the stud capacity could be observed in the early stage of the
fire.
 Temperature in the prolonged fire curves increases with time for a much longer
duration than rapid fire curves. Hence stud temperatures also continue to increase
with time.
 The decay rate of fire time-temperature curve has an effect on the stud
time-temperature curve. A slow decay rate increases the stud temperatures for
considerable time even in the decay phase of the fire whereas a rapid decay rate
reduces the stud temperatures quickly.
 Stud temperatures increase even in the decay phase of the fire, and hence LSF wall
studs can fail in the decay phase of the fire if the studs reach their critical failure
temperature.
 Single plasterboard lined LSF walls are highly responsive to fires as the stud
temperatures increase rapidly compared to other LSF wall configurations.
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LSF walls externally insulated with rock fibre insulation are able to protect the steel
studs from temperature rise. The stud hot and cold flange temperatures are less than
those of single and double plasterboard lined LSF wall studs.

(a) Stud hot flange temperatures for Fire Curves Db-EU1 to Db-EU4

37 mins

64 mins

122 mins

(b) Stud hot flange temperatures for Fire Curves Db-EU5 to Db-EU8
Figure 17. Stud Time–Temperature Curves of Double Plasterboard Layers Lined
LSF Walls Exposed to Realistic Design Fires
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Fire tests of LSF walls under realistic fire conditions [4] have shown that LSF wall stud failure is
mostly governed by its hot flange temperature for similar conditions. Hence using a limiting hot
flange temperature method, LSF wall stud failure times can be computed for any realistic design
fire curves provided the stud hot flange time-temperature curves are known. For instance, Figures
17 (a) and (b) show the FEA results of double plasterboard lined LSF walls exposed to different
realistic design fire curves, and compare them with those under standard fire curve. If the critical
limiting temperature of LSF wall studs is 500oC for a particular load ratio, then the stud failure
times, ie. fire resistance ratings of LSF walls, can be calculated from Figure 17. For the following
fire Curves: Standard ISO curve, Db-EU1 to Db-EU8 the stud hot flange failure times or FRR are
122 mins, NF, 100 mins, NF, NF, 37 mins, 64 mins, NF and 64 mins, respectively, where NF – No
Failure. These results show that if the critical stud hot flange temperature is 500oC, the realistic
design fires such as Db-EU2, Db-EU5, Db-EU6 and Db-EU8 can cause more severe damage to
LSF walls than the standard ISO fire curve [1]. On the other hand LSF wall panels will not fail
under realistic design fires such as Db-EU1, Db-EU3, Db-EU4 and Db-EU7. The limiting stud hot
flange temperature varies as a function of load ratio for load bearing LSF wall panels [4]. Using the
same method, FRR of LSF walls under realistic design fire curves can be determined for load
bearing walls with varying load ratios by using the corresponding limiting stud hot flange
temperatures. The same can be achieved for Barnett’s BFD fire curves or any other type of fire
curve provided the stud time-temperature curves and limiting (critical) stud hot flange temperatures
are available. Finite element thermal models such as those developed in this research can be used to
determine the stud time-temperature curves.

5.

CONCLUSIONS

This paper has presented the details of a numerical study on the thermal performance of load
bearing LSF wall panels under realistic design fire time-temperature curves. It includes the details
of the developed finite element models of load bearing LSF wall panels, the thermal analysis results
from SAFIR under realistic design fire curves and their comparisons with fire test results obtained
by Ariyanayagam and Mahendran [4]. A reasonable agreement with fire test results showed that
accurate finite element models can be developed and used to simulate the thermal behaviour of full
scale load bearing LSF wall panels under realistic fire conditions. Finite element models were then
used in detailed parametric studies to investigate the effects of different LSF wall configurations
such as single and double layers of plasterboard lining and external rock fibre insulation and
realistic design fire scenarios. The study shows that the type of fire time-temperature curve
significantly influenced the stud time-temperature curves. The characteristics of real fire curves
such as the maximum fire temperature, the time this occurs and the rate of decay significantly
influenced the stud temperatures. The analysis results also show that finite element thermal models
of LSF walls can be used to predict the fire performance including their fire resistance rating with
reasonable accuracy for varying configurations of plasterboard lined LSF walls exposed to realistic
design fire curves. Further, a simple method is also proposed in this paper to estimate the fire
resistance rating of LSF walls under varying fire scenarios based on finite element thermal analysis
predicted stud time-temperature curves and appropriate critical stud hot flange temperatures.
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