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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper presents an experimental study on the seismic behavior of precast concrete filled dual steel tube (CFDST) 

columns in socket foundations. The type of socket foundation is a good choice to accelerate the construction of precast 

CFDST structures, which involves embedding the precast CFDST column portion into a cavity within the precast footing 

and then filling the cavity with cast-in-place concrete or grout. In this study, five precast CFDST columns with various 

column base details were tested under simulated seismic loads until failure, and the effects of embedment depths and details 

of column bases on the seismic behavior were evaluated. The test results indicate that all precast CFDST columns with an 

embedment depth into the socket foundations larger than 1.0D (D is the outer diameter of the column) achieved a desirable 

plastic hinge failure at the column base. The further increase of the embedment depth larger than 1.0 D and the use of CFRP 

wraps to confine the column base had no significant improvement on the seismic behavior of the specimens. However, the 

use of steel rings and the un-bond region left in the column base significantly improved the deformation capacity, ductility 

and energy-dissipation capacity of the specimens.  
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1.  Introduction 

 

Extensive studies have been conducted on concrete filled steel tubes (CFTs) 

over the past two decades, and the structural and constructional merits of CFTs 

are well recognized. Concrete filled dual steel tubes (CFDSTs), which consist 

of double concentric steel tubes with concrete sandwiched between them, can 

be recognized as a new type of CFT construction and have shown a great 

potential to be used in the construction of offshore platforms, bridge piers and 

high-rise buildings in recent years. Due to the existence of inner steel tubes, 

CFDST members exhibit some superior performance such as lighter weight, 

higher bending stiffness, and better earthquake- and fire-resistance behavior 

when compared with CFTs. To better understand the behavior of CFDSTs, 

previous investigations have been carried out on CFDST columns [1-9], beams 

[10] and beam-columns [11-12] under monotonic or cyclic loadings. However, 

the issues related to the behavior of CFDST column to concrete footing 

connections have not been fully addressed to date. The gravity and seismic loads 

resisted by the columns must be properly transferred down to the soil/rock 

through the concrete footings. Thus, the proper evaluation of the behavior of 

CFDST columns, particularly precast columns, in foundations is quite important 

for reliable CFDST construction.  

In this study, the seismic behavior of precast CFDST columns in socket 

foundations are intended to be studied. The use of precast CFDST structures is 

a good choice to reduce the construction time and construction-related 

disruption to society. Nowadays the existing column base connections mainly 

includes exposed base-plate column base connections, embedded column base 

connections, concrete-encased column base connections and socket column 

base connections[13-14]. Among these column base connections, the type of 

socket connections is relatively most suitable for precast structures. The socket 

connection is usually constructed by embedding a precast CFDST column 

portion into a cavity within a precast concrete footing, and then the space 

between the cavity and the column is filled with cast-in-place concrete or grout. 

Lehman et al. [13] conducted experimental studies on the seismic behavior of 

CFT columns in socket foundations and developed design procedure for socket 

connections. Canha et al. [15] carried out theoretical and experimental studies 

on socket foundations for precast concrete structures. To date, however, the 

seismic behavior of precast CFDST columns in socket foundations have not 

been well studied yet, even the required embedment depth of CFDST columns 

into footings to develop a column plastic hinge failure is still not clear. In China, 

the required embedment depths varied from 1.0D to 2.5D (D is the diameter of 

the column) in the different codes and standards for CFT structures due to the 

lack of efficient experimental studies in this field. Therefore, this paper presents 

an experimental study to determine the required embedment depths of CFDST 

columns into concrete footings, and the effects of embedment depths and details 

of column bases on the seismic behavior are also to be evaluated. 

 

2.  Experimeantal program 

 

2.1. Specimen design 

 

Five precast CFDST columns in socket foundations were constructed and 

tested under simulated seismic loads, as shown in Fig. 1 and Table 1. The 

CFDST columns for all specimens had an identical cross section and a height 

of 1360mm from the load point to the top surface of the precast footing. The 

inner and outer seamless steel tubes had a thickness of 7mm and were made of 

Q235 steel with a nominal yield strength of 235MPa. The inner and outer steel 

tubes had an outer diameter of 168mm and 273mm, respectively. Thus, the 

hollow ratio of the CFDST columns, which is defined as the ratio between the 

outside diameter of the inner steel tube and the inside diameter of the outer steel 

tube by Tao et al.[16], is 0.65. Concrete was sandwiched between these two 

steel tubes and the inner tube was partially filled with concrete from the bottom 

of the tube to a height of 410mm above the top surface of the concrete footing. 

An end annular ring with a thickness of 14mm and a width of 159mm was 

welded onto the column to transfer loads from the steel tubes and in-filled 

concrete to the concrete footing. The flange of the end ring projected out from 

the tube a distance equal to 9 times the wall thickness of the outer tube. All of 

the precast concrete footing had an identical dimension of 1250mm×1250mm 

in plan and 600mm in depth. Each concrete footing was longitudinally and 

transversely reinforced at both the bottom and the top with 18mm-diameter 

HRB400 deformed bars (hot-rolled ribbed bar Φ18 with a nominal yield 

strength of 400MPa) averagely spaced at 125mm. The top longitudinal bars 

intersecting with CFDST columns were bent downwards with a length of 

200mm to avoid passing through the columns. Vertical reinforcement with a 

diameter of 8mm was used to strengthen the areas of the footings with the holes 

for bolts. The thickness of concrete cover was 50mm. 

The intended test variables were the embedment depths of the CFDST 

columns into concrete footings and the details of column bases. The CFDST 

columns for specimens CFDST1 and CFDST2 had an embedment depth of 

273mm, which is equal to the outer diameter of the column D, while the CFDST 

columns for other three specimens had an embedment depth Le of 410mm, 

which is equal to 1.5 times the outer diameter of the column D. The cavity for 

the column was located at the center of the precast footing and formed by the 

corrugated pipe with a diameter of 500mm and a thickness of 2mm. To control 

the local buckling of the column base and enhance the ductility of the specimens, 

steel rings and CFRP wraps were used to confine the column base in the region 
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200mm above the footing in specimens CFDST2 ~ CFDST5. The concept of 

using steel and CFRP sheets to confine the CFT column base was firstly 

proposed by Choi et al. [17] and the efficiency of the confinement was validated 

by their experiments. In specimen CFDST2, two steel rings with a 299mm-

outer-diameter, a 10mm- thickness and a 100mm-height were used to confine 

the potential plastic hinge at the column base. Therefore, a 3mm-wide gap was 

left between the steel rings  

Table 1 

Details of test specimens 
‘’ 

Specimen number Footing size (mm3) Embedment depth Le (mm) Column base details 

CFDST1 1250×1250×600 273（1.0D）   Reference specimen 

CFDST2 1250×1250×600 273（1.0D） The column base was confined by two steel rings with a gap. 

CFDST3 1250×1250×600 410（1.5D） The column base was confined by two layers of CFRP wraps with a 2mm-wide gap.  

CFDST4 1250×1250×600 410（1.5D） The column base was confined by two layers of CFRP wraps directly glued onto it. 

CFDST5 1250×1250×600 410（1.5D） 
The region from 137mm lower than the top surface of the footing to 200mm above the footing was 

confined by two layers of CFRP wraps with a 2mm-wide gap. 
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b) Section A-A Steel rings
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CFDST3 (CFDST5)                CFDST4 

 c) Section B-B (the region within 200mm above the footing) 

Fig. 1 Details of test specimens 

 

and the column steel tube. In specimens CFDST3~CFDST5, two layers of 

CFRP sheets with a nominal thickness of 0.167mm were employed to confine 

the column base in the region of 200mm above the top of the footing, but the 

confinement methods were different in these specimens. In specimen CFDST3 

and CFDST5, a gap between the steel tube and the CFRP confinement was left 

and the gap was made by 2mm-thick soft foam tapes affixed on the surface of 

the steel tube to provide a cushioning effect. Such cushioning effect was 

designed to delay the participation of the CFRP wraps for possibly maximizing 

the deformability while minimizing the unnecessary strength enhancement. In 

specimen CFDST5, the CFRP confinement extended down into the footing with 

a height of 137mm. Therefore, the column had a un-bond length of 137mm left 

in the concrete footing and the un-bond region left herein was intended to 

prevent the serious buckling of column by the concrete of the footing and then 

enlarge the plastic hinge zone of the column. In specimen CFDST4, the CFRP 

sheets were directly glued onto the outer steel tube. 

All of the specimens were constructed according to the following steps. The 

CFDST columns and the reinforced concrete footings were firstly precast, and 

the column bases were confined by CFRP sheets or steel according to the design. 

Then the columns were set in the excavation, plumbed and anchored to the 

footings using four Grade 4.6 anchors with a diameter of 14mm. The voids 

between the columns and the corrugated pipes were lastly filled using cast-in-

place grout. 

 

2.2. Material properties 

 

The measured yield strength fy and the tensile strength fu of both the steel 

tubes and the steel bars are shown in Table 2. The concrete cubic strength fcu 

was obtained by compression tests of 150 mm concrete cubes as per the Chinese 

standard. The concrete cubes were cured at room temperature the same to the 

test specimens, and the average compressive strengths fcu of the concrete for 

footings and columns at the time of testing were 53.4MPa and 55.2MPa, 

respectively. The cylinder strength f’c can be calculated as 0.8 times the cubic 

strength fcu. The grout used to fill the void in the corrugated pipes had a 

compressive strength of 80MPa.The unidirectional CFRP sheets used to confine 

column bases had a width of 200mm and a nominal thickness of 0.167mm. As 

provided by the manufacturer, the tensile rupture strength, average rupture 

strain and elastic modulus were 3062MPa, 0.0172 and 214GPa, respectively. 

The tensile strength and elastic modulus of the structural adhesive used in this 

test were about 42MPa and 3.1GPa, respectively. 

 

Table 2  

Material properties of steel components 

Components Details fy  (MPa) fu  (MPa) 

Outer steel tube    t=7mm  307 436 

Inner steel tube t=7mm 276 398 

Steel rings t=10mm 426 565 

Steel reinforcement HPB300Φ8 374 508 

Steel reinforcement HRB400Φ18 415 627 

 

2.3. Test methods 

 

The experimental setup for all tests is presented in Fig. 2. The experimental 

setup was designed to apply lateral cyclic loadings using a horizontally 

positioned 500kN capacity hydraulic actuator to the CFDST columns in a 

condition of vertical cantilever. The precast concrete footings were tied to the 

strong floor by eight high-strength bolts and the potential slipping of the 

concrete footing was prevented by four hydraulic jacks. The axial load was 

applied to the top of  
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Fig. 2 Experimental setup (unit: mm) 

the CFDST columns using a steel beam posttensioned by two vertical 50-mm-

diameter high-strength steel rods. The forces of the steel rods were applied by 

two 1000kN capacity hydraulic hollow jacks and were monitored by two 

calibrated load cells. A specially designed pin device was connected to the 

bottom end of each posttensioned steel rod to eliminate the bending of the rods 

during the lateral loading cycles. The imposed lateral displacement at the 

loading point was monitored by both a separate linear potentiometer and the 

displacement transducer of the actuator. The curvatures of the column bases 

were monitored by two linear potentiometers. The corresponding lateral force 

was recorded by the load cell of the actuator, as shown in Fig. 2.The strain 

responses of the outer and inner steel tubes as well as the steel bars of the precast 

footing were measured by electrical resistance strain gauges. 

During the testing, the axial load was maintained constantly to 650kN, 

whereas the lateral loading sequences were controlled by the drift ratios of the 

columns at the shear force application point. The drift ratio herein was defined 

as the ratio of the applied displacement (Δ) to the height (H=1360mm) from the 

loading point to the top surface of the concrete footing. One complete loading 

cycle for each peak lateral drift ratio was applied corresponding to an increment 

of peak drift ratio of Δ/H =0.25%, until Δ/H=1% was reached. Subsequent 

loading was carried out with three complete cycles corresponding to each of the 

peak drift ratios of Δ/H equal to 1%, 1.5%, 2%, 3%, 4% and then with two 

complete cycles corresponding to Δ/H equal to 5%, 6%, 7% and 8%, until 

physical fracture of the specimens occurred. 

 

3.  Experimental results and discussions 

 

3.1. Experimental observations and failure modes 

 

All of the tested specimens with a column embedment depth of 1.0D or 

1.5D successfully formed a plastic hinge at the column base, indicating that the 

column embedment depth larger than 1.0D is adequate for socket connections. 

However, the specimens with a smaller embedment depth suffered more serious 

damage of the infilled grout at the footings. For specimen CFDST1, cracks 

initiated at the column-footing interface at approximately 0.75% drift ratio and 

these cracks remained small and local within the corrugated pipe with increasing 

lateral deformation until 3% drift ratio. After that, the cracks extended out the 

corrugated pipe and the cracking around the corrugated pipe occurred at the 

third cycle of 4% drift ratio. The outer steel tube of the column started to buckle 

at the lateral drift ratio of 7% and was fractured at a drift ratio of 11%. For 

specimen CFDST2 with confinement provided by two steel rings at the column 

base, the buckling of the steel tube was successfully prohibited and the outer 

steel tube was fractured at the column bottom due to too large inelastic 

deformation at the drift ratio of 13%. The grout in the corrugated pipe suffered 

more serious damage due to the slight increase of the loading capacity of the 

specimen.   

For specimens CFDST3~CFDST5 with an embedment depth of 1.5D, the 

cracking of the footing became slighter. The fibers of CFRP sheets were 

gradually fractured due to the serious buckling of the steel tubes at the large 

drift ratios larger than 5%. The use of sponge between the CFRP sheets and steel 

tubes slightly delayed the fracture of the CFRP fibers but had no significant 

effect on the deformation capacity of the specimens. Both the specimens 

CFDST3 and CFDST4 failed at a drift ratio of 11% due to the fracture of steel 

tubes. In specimen CFDST5, the un-bond region left in the footing significant 

delayed the fracture of both CFRP sheets and the outer steel tube. The initial 

yielding of the outer steel tube occurred in the un-bond region; however, with 

the increase of the applied displacements, the outer steel tube gradually buckled 

at the region above the footing and it was finally torn off during a drift ratio of 

15%. According to the strain measurement, the steel bars in all precast concrete 

footings did not yield at the failure conditions of the testing. The final failure 

modes of the tested specimens are presented in Fig. 3. 

 

   

a) CFDST1 b) CFDST2 c) CFDST3 

 Fig. 3 Failure modes of tested specimens  
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d) CFDST4 e) CFDST5  
Fig. 3 Continued 

3.2. Load-deformation responses 

 

Fig. 4 presents the measured lateral load-deformation relationship curves 

of the tested specimens CFDST1~ CFDST5. The yield loads Py and the peak 

loads Pmax of the specimens are included in Table 4. As shown in Fig. 4, all of 

the tested specimens exhibited stable spindle-type hysteretic loops. The strength 

of the specimens did not significantly deteriorate prior to the fracture of outer 

steel tubes. The comparison of the hysteretic loops of the specimens with 

embedment depths of 1.0D and 1.5D indicated that the embedment depth of 

1.0D is adequate to develop the full plastic flexural strength of the columns. 

Specimens CFDST1 and CFDST3 had the same deformation capacity equal to 

11% drift ratio and the loading capacity of specimen CFDST3 was only 5.5% 

higher than that of specimen CFDST1. For the specimens CFDST1 and 

CFDST2 with an embedment depth of 1.0D, the use of steel rings to confine the 

potential plastic hinge in specimen CFDST2 significantly increased the 

deformation and loading capacities. The deformation capacity of this specimen 

was approximately 19.0% higher than that of specimen CFDST1, and the 

specimen achieved an average loading capacity of 349.75kN in the positive and 

negative loading directions, which was 13% higher than that of specimen 

CFDST1. The strength deterioration rate of specimen CFDST2 was also found 

be slow due to the good confinement of the column base. Specimens CFDST3 

and CFDST4 exhibited almost the same hysteretic behavior with similar load 

and deformation capacities. This is because the buckling of outer steel tubes 

resulted in uneven stress distribution in the CFRP sheets and then the CFRP 

fibers were ruptured one by one due to the limited ultimate deformability. For 

specimen CFDST5, the loading capacity and ultimate displacement were 338kN 

and 204mm, respectively, which were 3.4% and 36.36% higher than the 

corresponding values of specimen CFDST3. That is to say, the un-bond region 

left in the column-footing interface had no significant effect on the loading 

capacity but significantly improved the deformation capacity of the specimen. 

The improvement of the deformation capacity was attributed to that the plastic 

deformation initially occurred in the un-bond region; however, with the increase 

of the applied loads, the further plastic deformation in the un-bond region were 

prohibited by the concrete footing and then the plastic deformation was enlarged 

to the region above the top surface of the footing. Thus, the un-bond region left 

in the column-footing interface is a good detail for the column base connection 

to enlarge the plastic zone of CFDST columns. 

 

3.3 Moment-curvature responses 

 

The average curvature Φ of the plastic hinge was measured using LVDTs 

and then calculated as follows. 

 

1 2
-

t t
b l


 

=                                                    (1) 

 

where Δ1 and Δ2 are the vertical displacements of LVDT1 and LVDT2 shown 

in Fig. 2; bt is the distance between the two LVDTs; and lt is the measured length  

of the LVDTs, equal to 200mm herein. 

The relationship curves between the moments at the column-footing 

interfaces and the average curvatures of the plastic hinges are presented in Fig. 

5. It can be found that, with the increase of the column embedment depth, the 

plastic deformation at the column bases developed more fully and thus the 

moment-curvature curves became flatter. The use of steel rings in specimen 

CFDST2 was effective to confine the potential plastic hinge and resulted in 

much larger and more stable hysteric loops. Specimen CFDST4 with a 

confinement of the column base using CFRP sheets glued on the steel tube 

directly exhibited slight improvement of the plastic deformation at the plastic 

hinge when compared with specimen CFDST3. For specimen CFDST5, though 

the specimen exhibited the most favorable deformation capacity, its moment-

curvature curve at the column base was much thinner. The results further 

verified the fact that serious plastic deformation of the column developed at the 

un-bond region in the concrete footing. 

 

3.4 Stiffness and stiffness degradation 

 

In this study, both the peak-to-peak stiffness and normalized stiffness, as 

shown in Fig. 6, were adopted to evaluate the stiffness characteristics of the 

tested specimens. The peak-to-peak stiffness is defined as the ratio of the peak 

shear load at the first cycle of each deformation level to their corresponding 

displacement, while the normalized stiffness is obtained by the peak-to-peak 

stiffness divided by the initial stiffness. The normalized stiffness can reflect the 

stiffness degradation rate of each specimen and it is plotted in Fig. 6b. As shown 

in Fig. 6, the initial stiffness of all of the tested specimens varied between 

9.64kN/mm and 11.13kN/mm, and with increasing applied drift ratios, the 

stiffness degraded gradually. Specimens CFDST1 and CFDST3 had almost 

identical peak-to-peak at different drift ratios and stiffness degradation rates, 

indicating again that the embedment depth of 1.0D is adequate for the socket 

connections for CFDST columns. The use of steel rings had no significant effect 

on the initial stiffness but resulted in relatively slow stiffness degradation. The 

use of CFRP sheets directly glued onto the steel tube slightly increased the 

initial stiffness of specimen CFDST4 but had no significant effect on the 

stiffness degradation rate due to gradual fracture of fibers at large drift ratios. 

Specimen CFDST5 with a un-bond region left in the concrete footing had a 

reduced initial stiffness since the gap between the column and the footing in the 

un-bond region increased the column height. However, the stiffness degradation 

became slow after the applied drift ratio of 5% due to the confinement at the 

column base provided by the concrete footing and CFRP sheets. 

Table 4 shows the predicted and measured initial elastic stiffness of each 

specimen. The theoretically predicted elastic stiffness Ke of the tested specimens 

can be determined using the Eq. 2 for cantilever beams. 

3e

EI
K

L


=                                                    (2) 

 

where EI is the elastic section flexural stiffness of a CFDST column; L is the 

length of an fixed column; for specimen CFDST5, the fixed end was assumed 

to be located at the section 0.5D lower than the top surface of the footing due to 

the existence of the gap. As for the elastic section flexural stiffness EI of the 

CFDST column, different codes give different calculation methods. In general, 

the total initial flexural stiffness (EI) of a CFDST column is a sum of the flexural 

stiffness (EsIsi) of the inner tube and the flexural stiffness (EIosc) contributed by 

the outer tube together with the infilled concrete. 

 

EI = EsIsi + EIosc                                               (3) 

 

-BS5400[18] 
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a) CFDST1 b) CFDST2 

  

c) CFDST3 d) CFDST4 

 

e) CFDST5 

Fig. 4 Hysteretic curves of tested specimens 

EIosc = EsIso + EcIc                                            (4) 

 

where Es=206000MPa and Ec=450fcu MPa are the elastic modulus of the steel 

tubes and infilled concrete, respectively. Iso and Ic are the moment of inertia for 

outer steel tube and the gross section of infilled concrete, respectively. 

 

-AIJ [19] 

 

EIosc = EsIso +0.2EcIc                                          (5) 

 

where Es=205800MPa; 𝐸𝑐 = 21000√𝑓𝑐
′/19.6  MPa, and fc

’ is the cylinder 

compressive strength of concrete. 

 

-AISC-LRFD[20] 

EIosc = EsIso +C1EcIc                                             (6a) 

 

C1=0.25+0.3As/Ag≤0.7                                          (6b) 

 

where Es=200000MPa; 𝐸𝑐 = 0.043𝑤𝑐
1.5√𝑓𝑐

′ MPa; wc is the weight of infilled 

concrete per unit volume; As and Ag are the cross-sectional areas of steel 

section and gross section, respectively. 

- Eurocode 4[21] 

 

EIosc = EsIso +0.6EcIc                                             (7) 

 

where Es=206000MPa; 𝐸𝑐 = 9500(𝑓𝑐
′ + 8)1/3 MPa. 
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  a) CFDST1  b) CFDST2 

  

c) CFDST3 d) CFDST4 

 

e) CFDST5 

Fig. 5 Moment-curvature relationship curves of tested specimens 

 

C1=0.25+0.3As/Ag≤0.7                                          (6b) 

 

where Es=200000MPa; 𝐸𝑐 = 0.043𝑤𝑐
1.5√𝑓𝑐

′ MPa; wc is the weight of infilled 

concrete per unit volume; As and Ag are the cross-sectional areas of steel 

section and gross section, respectively. 

- Eurocode 4[21] 

 

EIosc = EsIso +0.6EcIc                                             (7) 

 

where Es=206000MPa; 𝐸𝑐 = 9500(𝑓𝑐
′ + 8)1/3 MPa. 

 

 

The comparisons of the measured initial stiffness Kt and the predicted 

values are presented in Table 3, where Ke-Bs, Ke-AIJ, Ke-AISC and Ke-EC4 were the 

predicted results based on the code provisions BS5400, AIJ, AISC-LRFD and 

Eurocode 4, respectively. It can be found that though all of the tested specimens 

in socket foundations achieved a column plastic hinge failure, the measured 

initial stiffness of all specimens was lower than the predicted values. BS5400, 

AISC-LRFD and Eurocode 4 gave similar predicted results about 2 times the 

measured values, while the predicted stiffness by AIJ code was relatively close 

to the measured values with the ratios Kt/Ke-AIJ varying between 0.58 and 0.76. 

The overestimation of the flexural stiffness of CFDST columns in socket 

foundations is mainly due to the over-estimation of the rigidity of socket 

connections. The study conducted by Hsu et al. [22] indicated that it was too 

costly to achieve a rigid socket connection in construction projects, and a 

coefficient α should be employed to account for the effectiveness of the base 

connections. Since the coefficient α proposed by Hsu et al. [22] was obtained 

by testing of solid square CFT columns embedded into concrete footings, in this 

study the coefficient α was further modified using a factor I/Isq to account for 

the differences between the solid square and the CFDST columns. Thus, the 

elastic stiffness Ke-Hsu can be calculated as follows for design purposes. 

 

- su 3e H

EI
K

L


=                                                  (8) 
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2

-0.4763 1.627 1.4313 3e e

sq

L L I

D D I


    
= + +     

     
                   (9) 

where Isq is the moment of inertia for a solid square CFT column that has a 

square steel tube with the thickness and the width the same to the outer steel 

tube of CFDST section. 

Table 3 also presents the predicted stiffness based on Eqs. (8) and (9). In 

these equations, the elastic section flexural stiffness EI of the CFDST column 

was taken according to AIJ code. It can be found from Table 3 that, except 

specimen CFDST5 with more complicated connection details, the tested 

specimens got reasonable predicted stiffness based on Eqs. (8) and (9) with the 

ratios Kt/Ke-Hsu varying between 0.95 and 1.04. 

 

 

         

a) Peak-to-peak stiffness b) Normalized stiffness 

Fig. 6 Stiffness characteristics 

 

Table 3  

Comparisons between predicted initial stiffness and test results 

Specimens Kt Ke-Bs 

𝐾𝑡
𝐾𝑒−𝐵𝑠

 

Ke-AIJ 

𝐾𝑡
𝐾𝑒−𝐴𝐼𝐽

 

Ke-AISC 

𝐾𝑡
𝐾𝑒−𝐴𝐼𝑆𝐶

 

Ke-EC4 

𝐾𝑡
𝐾𝑒−𝐸𝐶4

 

Ke-Hsu 

𝐾𝑡
𝐾𝑒−𝐻𝑠𝑢

 

CFDST1 10.45  20.93  0.50  16.90  0.62  20.51  0.51  20.16  0.52  10.00  1.04  

CFDST2 9.88  20.93  0.47  16.90  0.58  20.51  0.48  20.16  0.49  10.00  0.99  

CFDST3 10.42  20.93  0.50  16.90  0.62  20.51  0.51  20.16  0.52  10.92  0.95  

CFDST4 11.13  20.93  0.53  16.90  0.66  20.51  0.54  20.16  0.55  10.92  1.02  

CFDST5 9.64  15.69  0.61  12.67  0.76  15.38  0.63  15.12  0.64  8.19  1.18  

3.5 Ductility 

 

The ductility of the tested specimens is presented in Table 4. The 

displacement ductility factor μ is defined as the ratio of the displacement at 

ultimate stage Δu and that at the yield stage Δy, where the former is obtained at 

85% of the maximum capacity after reaching a peak load. The yield 

displacement is determined by the tangent method and the definition of the yield 

point can be found in Reference [11]. According to ASCE/SEI 41[23], the 

ductility capacity of the tested specimens can be classified as low if μ is less 

than 2; moderate if it is between 2 and 5, and high if μ is greater than 5. 

As shown in Table 4, the tested specimens exhibited good ductility with 

the ductility factors varying between 3.97 and 5.09. The increase of the column 

embedment depth to be larger than 1.0D had no significant effect on the ductility 

of the specimens. The confinement of the potential plastic hinges using steel 

rings and CFRP sheets delayed the local plastic buckling of the tested specimens 

and thus improved the ductility of the specimens. The ductility factor of 

specimen CFDST2 was 33.4% larger than that of specimen CFDST1. The un-

bond region left in the footing of specimen CFDST5 also resulted in an 

improved ductility factor equal to 5.09, which was 28.2% greater than that of 

specimen CFDST3.  

 

3.6 Energy dissipation capacity 

 

The energy dissipation capacity of the tested specimens under cyclic 

loadings was evaluated by two indices: energy dissipation index Eh and 

cumulative dissipated energy. The energy dissipation index Eh is defined as the 

ratio of total energy dissipation (area SABCDE) at the first cycle of each drift level 

to the corresponding elastic potential energy (areas SOBF+SODG), as shown in Fig. 

7a. The total energy dissipation is the area enclosed by the load-deformation 

hysteresis loops of specimens. The specimens with a larger energy dissipation 

index Eh usually show a greater ability to dissipate energy.  

As seen from Fig. 7, when the lateral drift ratios were less than 2%, the 

tested specimens were almost elastic and the dissipated energy of the specimens 

was very small. When the applied drift ratios larger than 2%, both the energy 

dissipation index Eh and cumulative dissipated energy of each specimen 

increased obviously with the increase of the applied drift ratios, and the energy 

dissipation index did not show obvious degradation with the increase of the 

number of cycles at each lateral drift ratio. The comparison of specimens 

CFDST1 and CFDST2 showed that at the drift ratio less than 2.0%, these two 

specimens had the same energy dissipation index and cumulative dissipated 

energy due to the gap left between the steel rings and the column base in 

specimen CFDST2. However, at the large drift ratios, since the steel rings 

effectively delayed the local buckling of the column base, specimen CFDST2 

achieved a cumulative energy dissipation capacity much better than specimen 

CFDST1. At the failure condition, the cumulative dissipated energy of CFDST2 

was 1198 kJ, which was 1.68 times that of specimen CFDST1. However, the 

energy dissipation index of specimen CFDST2 was inferior to that of specimen 

CFDST1 due to the increase of the loading capacity and the elastic potential 

energy. The increase of the embedment depth and the use of CFRP sheets 

showed slight improvement in the energy dissipation capacities of the tested 

specimens, as evidenced by the test results of specimens CFDST1, CFDST3 and 

CFDST4. Specimen CFDST5 exhibited lower energy dissipation index and 

energy dissipation capacity when compared with other specimens at the small 

drift ratios; however, this specimen had the best deformation capacity and thus 

had the largest cumulative energy dissipation equal to 1478 kJ prior to failure. 

Thus, the detail using the un-bond region between the concrete footing and the 

column base is the simplest and the most effective method to enhance the energy 

dissipation capacity of the CFDST columns in socket foundations. 

 

0

2

4

6

8

10

12

0 3 6 9 12 15

P
ea

k
-t

o
-p

ea
k
 s

ti
ff

n
es

s 
(k

N
/m

m
)

Drift ratio (%)

 CFDST1

 CFDST2

 CFDST3

 CFDST4

 CFDST5

0

0.2

0.4

0.6

0.8

1

0 3 6 9 12 15
N

o
rm

al
iz

ed
 s

ti
ff

n
es

s 
Drift ratio (%)

 CFDST1

 CFDST2

 CFDST3

 CFDST4

 CFDST5



Xian Li et al. 222 

 

Table 4 

Test results of specimens 

Specimens  Loading direction Py（kN） Pmax（kN） Δy (mm) Δu (mm) μ Average μ 

CFDST1 
positive 262.48 310.03 31.1 136.12 4.38 

3.98 
negative -262.13 -311.54 -41.8 -149.56 3.58 

CFDST2 
positive 277.87 350.51 36.2 163.21 4.51 

5.31 
negative -261.24 -348.99 -28.9 -176.78 6.12 

CFDST3 
positive 262.11 327.71 34.2 136.12 3.98 

3.97 
negative -249.84 -326.08 -34.3 -136.12 3.97 

CFDST4 
positive 258.38 320.71 26.1 136.23 5.22 

4.40 
negative -259.26 -320.36 -37.9 -135.98 3.59 

CFDST5 

positive 221.14 338.56 30.0 190.41 6.35 

5.09 
negative -255.34 -336.79 -49.9 -190.41 3.82 

 

 
 

a）Energy dissipation index b）Cumulative energy dissipation 

Fig. 7 Energy dissipation of tested specimens 

3.7 Strain responses 

 

The monitoring of the strains of the steel tubes can reveal the stress 

distribution of the tested specimens under cyclic loads. The labels of the strain 

gauges on outer and inner steel tubes at the embedded regions and the plastic 

hinge zones are presented in Fig. 8 and the typical strain distributions of outer 

and inner steel tubes at the embedded regions are presented in Figs. 9 and 10. 

The steel bars in the concrete footings got the strain values lower than 1000με 

even at the failure conditions of the tested specimens and thus the strain 

distribution of the steel bars were not shown herein. According to the material 

tests, the outer and inner steel tubes yielded when the strain values larger than 

1490με and 1340με, respectively. It can be found that both the strain values of 

the outer and inner steel tubes reduced with the increase of the distances to the 

top surfaces of the footings. The outer and inner steel tubes yielded at the 

regions within about 1.0D embedment depth when the applied drift ratios were 

larger than 2.0%, as evidenced by Fig. 9a. The comparison between the strain 

distribution of specimens CFDST1 and CFDST3 shown in Figs. 9b and 9c can 

be found that the strains of the inner steel tubes in the embedded region 

increased much more rapidly when the embedment depth of the column base 

increased. This result indicated that the increase of the embedment depth could 

more effectively motivate the contribution of inner steel tubes. As for the strain 

at the plastic hinge zones, the outer steel tubes for all specimens yielded at the 

measured zones 350mm above the footing surfaces. However, for the inner steel 

tubes, the strain distribution of the tested specimens showed significant 

difference due to the different connection details. As shown in Fig. 10, the use 

of steel rings and CFRP wraps resulted in larger strain values at the column-

footing surfaces, and the un-bond region left in specimen CFDST5 resulted in 

smaller strain value of the inner steel tube at the plastic hinge above the footing. 

It can be also found that at the drift ratios lower than 1%, the strain of inner steel 

tube was nearly zero, indicating that the contribution of inner steel tubes to the 

strength and initial stiffness cannot effectively motivated. 
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a) Outer steel tube of specimen CFDST4 b) Inner steel tube of specimen CFDST1 c) Inner steel tube of specimen CFDST3 

 

Fig. 9 Typical strain distributions of steel tubes at embedded regions 

 

  

a) Specimen CFDST2 b) Specimen CFDST5 

 

Fig. 10 Typical strain distributions of inner steel tubes at potential plastic hinge zones 

 

4.  Summary and conclusions 

 

An experimental investigation on the seismic behavior of five precast 

concrete filled dual steel tube columns in socket foundations was conducted. 

The effects of the embedment depths and the details of column bases on the 

seismic behavior were evaluated. The following conclusions can be drawn from 

this study. 

• The type of socket foundation is a viable choice for precast CFDST 

columns. The embedment depth of 1.0D is adequate to achieve the column 

plastic hinge failure and both the outer and the inner steel tubes of the tested 

specimens yielded in the embedded regions and the plastic hinge zones at the 

final conditions. The further increase of the embedment depth larger than 1.0D 

had no significant effect on the seismic behavior of the precast CFDST columns 

in socket foundations. 

• The use of steel rings can effectively prevent the local elastic-plastic 

buckling of outer steel tubes, and thus can effectively improve the deformation 

capacity, ductility and energy-dissipation capacity of the specimens. 

• The use of CFRP wraps had no significant effects on the load-deformation 

responses of the tested specimens due to the gradual fracture of the fibers but 

resulted in fatter and more stable moment-curvature relationship curves at the 

plastic hinges. 

• The un-bond region left in the concrete footing can enlarge the plastic 

hinge zone at the column base and thus can significantly improve the 

deformation and the energy dissipation capacities of the specimen. 

• All of the tested specimens in socket connections exhibited initial stiffness 

lower than the theoretical elastic values, and for design purposes a coefficient α 

should be taken to account for the effectiveness of the socket connections. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Deterioration of stone veneer cladding panels due to environmental weathering can lead to expensive restoration work, 

serious risks from falling debris and compromises the performance of high-rise steel and concrete structures. The influence 

of wetting – drying cycles (WDC) on the flexural tensile strength of thin granite cladding panels is investigated. Forty -five 

specimens of Imperial Black, Calca and Grandee type Australian granite panels were used in the experimental program. 

Total 15 specimens served as control reference, while 30 specimens were subjected to 100 WDC in two separate stages. 

The wetting cycles were conducted in contact with tapwater and acidified solution of pH ≈ 4.5, while the drying cycles 

were conducted using a controlled drying chamber at 40 oC. Ultrasonic pulse velocity (UPV) and flexural tensile strength 

of the control, and weathered specimens were measured after the 50th and 100th weathering cycle of WDC. It was noticed 

that the thin granite cladding panels experienced limited flexural strength reduction accompanied by changes in UPV and 

weight loss. A correlation between flexural strength and UPV of the unweathered and weathered WDC specimens is 

proposed which can be useful in on-site assessment of granite cladding panels during the service life of the primary steel 

structure. 
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1.  Introduction 

 

With the advent of modern building technologies such as the skeletal steel 

frame system, bearing walls have given way to curtain walls, and thick stone 

walls are often replaced by thin stone structural veneer cladding panels while 

retaining the masonry appearance of the structure. Damage and deterioration of 

the stone veneer cladding panels due to environmental weathering (physical, 

chemical and biological) and improper design can lead to expensive restoration 

work as well as serious risks from falling debris [1]. Numerous incidents of 

façade/cladding failure due to deterioration of the stone cladding panels and 

collapse/corrosion of the supporting steel/aluminium anchorage system have 

been reported around the world [1-5]. With the recent fire safety concerns 

regarding aluminium sandwich panels cladding on tall buildings around the 

world, it is expected that a renewed interest will emerge in the use of thin granite 

veneer cladding as an alternative safe façade solution on existing and new high-

rise buildings. 

The veneer cladding system installed on a steel or concrete frame structure 

is usually a non-loadbearing system. Attention to detailing, anchor design and 

panel size selection is required to eliminate possible secondary stresses resulting 

from coupling between the primary structure and the cladding system. Two type 

of metal anchoring systems are usually utilised to attach thin granite veneers 

panels to the frame. These are; kerf anchors and rear fixed pin anchors. Kerf 

anchor requires attachment of a metal bracket to a slot cut into the edge of the 

granite panel. An inclined stainless steel pin is usually attached to the rear face 

of the panel when a rear fixed pin anchor is used [1].  

Granite is the most preferred natural stone for thin structural veneer 

claddings (Pires et al. [4]). Being structurally superior over other stone veneers, 

granite received fewer research attention. As thin structural veneer claddings 

are usually installed on the exterior of buildings, they inevitably are subjected 

to environmental weathering [5]. It is therefore important to quantify the design 

strength of the granite veneer cladding panels and the effect of wetting–drying 

cycles on the strength. This will lead to better design and less failure incidents. 

Although granite veneer panels are used as a cladding, and seldom considered 

as a structural element, being thin panels raise concern over its flexural capacity 

under wind loading. Whether the flexural strength of thin granite veneer 

cladding panels is influenced by wetting–drying cycles (WDC) has not been 

widely addressed. 

The anisotropic material properties of granite depend heavily on the general 

geology at the source, and the local geological features at the scale of fissures 

and cleavage planes which can alter due to weathering. Material characterisation 

of the thin granite panels through destructive testing such as four–point bending 

test (which is preferred in conventional engineering practice) can be impractical, 

considering the wide variety of granites available. Moreover, the results 

obtained through random samples from a particular batch may fail to represent 

the other available granite types, which means individual tests have to be 

conducted on each variety/batch. Alternatively, a less costly investigation can 

be carried out using non-destructive testing (NDT) techniques. Among the NDT 

techniques the ultrasonic pulse velocity (UPV) has facilitated in detailed 

examination of civil structures [6], material characterisation and damage 

detection [7 – 10], and health monitoring [11,12]. Vasconcelos et al. [8] and 

Chen et al. [10] successfully assessed the strength, stiffness and fracture energy 

of granite, and estimated crack depth, direction and thickness of damaged 

surface layers, respectively using UPV.  

A number of studies have reported of the variation in mechanical properties 

of thin structural stone veneers due to freezing/thawing [5], salt crystallisation 

[12], wetting/flooding [13], heating [14] and simulated acid rain [15]. Franzoni 

and Sassoni [15] tested several limestone, sandstone and marble specimens (of 

different microstructural characteristics) in a simulated acid rain test. It was 

shown that all the stone specimens experienced higher weight loss with 

increased acidity of the solution and exposure duration, which indicates possible 

alteration of the internal grain structure/fissure/micro-cracks and degradation of 

the mechanical strength properties. Vasconcelos et al. [8], from series of 

destructive and non-destructive tests, derived the direct tensile and compressive 

strength of granite specimens and proposed correlation between the strength 

parameters and UPV. It was shown that the direct tensile strength of granite 

increased exponentially and the compressive strength increased linearly, with 

UPV. Noor-E-Khuda et al. [5] proposed a linear relation between flexural 

strength and UPV for thin granite cladding panels subjected to accelerated 

freeze-thaw cycles (FTC). The study also showed that the commonly used 

Australian granite cladding panels suffered a considerable loss of flexural 

strength under FTC. This has prompted the current investigation to assess the 

influence of wetting – drying cycles on the flexural strength of the same types 

of Australian granite cladding panels. 

Moisture change that occurs under cyclic wetting and drying can weaken 

the overlying rock by expansion and contraction. Water itself is a good solvent 

and is known to be the principal agent in physical/chemical weathering. It 

provides, a medium in which reactions can occur at a faster rate (reactions are 

usually faster in liquid phase than in solid phase) and a medium of transport to 

remove the reaction products and perpetuating a state of inequillibrium 

(promoting the forward reaction to take place). Hence, the duration of wetting 

exposure can have stronger influence on the mechanical properties of the stone 

veneers and will be different based on the geographic location and climatic 

condition. While the standard EN 13919:2002 [16] provides test method for 

intensive acid attack on stone, researchers used varied test procedures to 

simulate test environment appropriate for the prevalent local conditions. In-fact, 

[17], [15], [18] used 3 weeks; 1, 3, 7 and 14 days; and 5 days periodic wetting, 

respectively in their research. The periodic wetting does not truly reflect the 

situation experienced by the cladding panels in the real environment, as 

rainwater or cleaning water seldom deposits on the panel surface except as 

droplets due to localised imperfections on the panel surface. Instead rainwater 
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comes in-contact with the panel surface in frequent cycles and runoff from the 

surface, possibly transporting any deposit away from the surface. Different acid 

solution of pH = –1 ~ 5.6 were used to simulate the wetting acid solution, for 

example [15], [18] and [19] used acid solutions of pH value 5.6, 4.5 and, - 1 and 

3, respectively. It was also reported that distilled water with pH = 6.5 caused 

considerable material loss in calcareous stones [18]. Several researcher 

concluded that pH = 4 ~ 5 represent the environment of the major European [20] 

and Australian [21] cities. The accelerated WDC used in this research is an 

innovative method that suits the Australian conditions. 

The effects of WDC on the flexural strength of three commonly used 

Australian granite cladding panels are investigated in this paper. This work 

compliments a previous investigation on the effect of FTC on the same three 

types of Australian granite [5]. The specimens were manually subjected to 

WDC, where the effect of wetting the samples in tapwater and acidified solution 

and drying is evaluated. The drying cycles were achieved through a controlled 

heating chamber. Based on the test results, the effect of WDC on strength is 

assessed and a correlation between UPV and strength of WDC weathered 

granite specimens is proposed. 

 

2.  Experimental Program 

 

In this section WDC weathering, destructive and non-destructive tests of 

the thin granite cladding specimens are presented and discussed. 

 

2.1. Material Description 

 

Three common Australian granite types; Calca, Imperial Black (or 

Adelaide Black) and Grandee were used in this study. Petrographic description 

of the selected granite types is summarised in Table 1. Key features of these 

three stones are high compressive strength, hardness, durability, visible 

crystalline structure with interlocking crystals of medium to coarse grain and 

highly polished surfaces. The stones can be distinguished by their appearances 

as shown in Fig. 1. 

 

2.2. Test Specimens and Accelerated Wetting-Drying Cycles (WDC) 

 

Total 45 specimens, 15 for each granite type were randomly selected from 

a pile of granite coupons which were stacked outdoors under exposure to natural 

weather conditions. The nominal dimensions of a typical coupon is: 400 × 100 

× 30 mm (length × width × thickness). Only one face (400 × 100 mm) of each 

coupon is polished. The specimens were grouped into three batches: tapwater, 

acidified and control groups. A total of 30 specimens (10 of each stone type, 

S1–S10) were subjected to the WDC while another 15 control specimens (5 of 

each stone type, C1–C5) were preserved as the unweathered reference. Each 

specimen was weighed and, their dimensions were carefully checked and 

recorded according to the flexural test requirements of ASTM C880/C880M 

[22]. The tapwater and acidified group specimens were then subjected to the 

WDC in two separate stages. Fig. 2 and Fig. 3 shows the WDC cycles used in 

the experimental program and the experimental setup, respectively. 

 

 

 

Fig. 1 Granite types (a) Calca; (b) Imperial Black; (c) Grandee [5] 

 

Fig. 2 (a) shows Stage I of the weathering process that consisted of fifty 

WDC. In each wetting cycle as shown in Fig. 3(a), the specimens were grouped 

according to their granite type and were fully immersed in separate tanks of tap 

water for one hour in room temperature. This process was done manually with 

fresh tap water used to fill the tanks and was discarded at the end of each wetting 

cycle. In each drying cycle, the specimens were placed on shelves in a drying 

chamber as shown in Fig. 3b. Warm air was blown onto the specimens and the 

temperature in the chamber was maintained at 40 °C for three to six hours. At 

the end of the fiftieth cycle, the specimens were left to dry in open air for 48 

hours, then weighed. Three specimens from each granite type were randomly 

selected for an interim UPV test. 

Fig. 2 (b) shows Stage II of WDC. In Stage II, tap water was used in wetting 

cycles for 5 specimens of each granite type while for the remaining 5 specimens 

acidified water was used in the wetting cycle. Different tanks were used in Stage 

II for different granite types and groups (i.e., tap water and acidified groups).  

 

Table 1 

Petrographic description 

Granite Type Alternative Name Quarry Geological Classification Primary Minerals Appearance 

Imperial Black ▪ Adelaide Black ▪ Black Mountain, 85 km 

North and North-East of 

Adelaide 

▪ Monzogabbro ▪ Plagioclase feldspar 

▪ Pyroxene 

▪ K-feldspar 

▪ Dark black 

▪ Highly polishable. 

Calca ▪ Calca Red 

▪ Empire Red 

▪ Dragon Red 

▪ Autumn Brown 

▪ Calca, South Australia ▪ Granite ▪ Orthoclase feldspar 

▪ Quartz 

▪ Pink/ light reddish 

Grandee ▪ Ashcroft Grandee ▪ District of Mulliandry, 38 

km from Forbes in 

central-western NSW. 

▪ Quartz Monzogabbro 

▪ Geologically Devonian 

quartz diorite 

▪ Plagioclase feldspar 

▪ Pyroxene 

▪ Quartz (low) 

▪ Dark color 

▪ Highly polishable. 

 

(a)

(b)

(c)
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Fig. 2 Wetting – drying cycles (a) Stage – I; (b) Stage – II 

 

The acidified solution in each tank was a mixture of tap water, HNO3 and 

H2SO4. Similar acid solution (H2SO4+HNO3+H2O) and (H2SO3+HNO3+H2O) 

were also used in [15] and [17], respectively while [18] and [23] adopted a 

sulphuric acid solution (H2SO4+ H2O) and a nitric acid solution (HNO3+H2O), 

respectively in their studies. It was further reported in [17] that the HNO3 

present in the acid solution acted as a catalyser of the H2SO3 reaction, while the 

presence of H2SO4 caused more damage [18]. The acidified solution used in 

each tank was a mixture of 40.5 mL of 1.0M, HNO3, 27 mL of 1.0 M, H2SO4 

and 27 L of H2O (tap water). The pH of this solution was measured using pH 

paper and was maintained at pH ≈ 4.5 to simulate typical acid rain. The acidified 

solution was freshly mixed for each acidified wetting cycle and discarded at the 

end of each cycle. While researchers [15] and [17] adopted measures to maintain 

the pH level during periodic wetting, such measure was not required for the 

frequent wetting cycles. The ratio of HNO3 to H2SO4 was based on the 

concentration of atmospheric SO2 : NOX = 1 : 2, that reflect the air quality in a 

typical Australian urban environment [21] where buildings with external granite 

cladding are likely to be found. 

At the end of the one 100th cycle, the specimens were left to dry in open 

space for 48 hours then weighed. Full 100 °C periodic drying similar to those 

reported in [15, 17, 18] was avoided, as such high temperature is not an actual 

representation of the local outdoor climate conditions. Moreover, strong heating 

cycles [14] would potentially minimise the influence of the wetting cycles. 

 

2.3. Ultrasonic Pulse Velocity (UPV) Testing 

 

The UPV test setup consisted of a Panametrics 5077 PR pulser-receiver 

with two contact transducers and a Tektronix TDS210 LCD oscilloscope. UPV 

was measured by placing the transducers on the opposite parallel faces of the 

specimen. The resonance frequency of the transducers was checked against the 

UPV test requirements of ASTM D2845-05 [24]. The ultrasonic waves were 

transmitted through the test specimen by transducer-1: acting as the emitter and 

received by transducer-2: acting as the receiver. Trial UPV test was performed 

with the transducers coated with Vaseline and generic gel couplant (Sonotech 

Ultragel II). The generic gel couplant demonstrated improved connectivity with 

the test specimen which was used throughout the NDT program. UPV 

measurements were taken along the width and thickness of the specimen, and 

the average of three independent readings in each direction was recorded. 

 

2.4. Flexural Strength Testing 

 

All 45 specimens, including those in the control group, were tested 

destructively to failure by flexure according to ASTM C880/C880M [22]. A 

four-point bending test rig placed in Instron 5500R/6027 testing machine was 

used as shown in Fig. 4. The 4-point bending test was performed on the 

specimens with a span length (L) of 320mm, which is 10 times the specimen’s 

thickness. The overall length of each specimen was limited to 400mm. A rigid 

steel loading frame was used to facilitate the roller support arrangement; the two 

point loads (W/2 each) were placed 80mm (L/4) inward from each support and 

160mm (L/2) apart from each other. All the specimens were tested with the 

polished face down, at a monotonic loading rate of 0.05 mm/min consistent with 

ASTM recommendation of 4.14MPa/min. The maximum applied load was 

measured from the load cell data, while the length, orientation and the average 

thickness at the failure plane were measured and recorded at the completion of 

each test. 

The flexural tensile strength (ft) of the specimen was calculated using eq 1, 

where, W is the maximum applied load on the specimen, L, b and t are the length, 

width and thickness dimensions of the specimen, respectively and l is the actual 

length of the inclined failure plane across the tension face. 

 

2 2

3

4
t

WLb
f

l t
=  (1) 

 

Equation 1 accounts for the fact that the failure plane is usually not 

perpendicular to the span, which was observed in all 45 granite specimens [5].  

 

3.  Test Results and Discussions 

 

The test results of the 15 unweathered (control) and 30 weathered specimens 

are discussed in this section. 

 

Fig. 3 Experimental setup (a) Wetting; (b) Drying 
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Fig. 4 Four-point bending test arrangement 

 

3.1. Flexural Strength 

 

Figs. 5 shows the average flexural strength, ft of the unweathered and 

weathered granite specimens obtained from the four-point bending tests. The 

results demonstrate that ft of the Imperial Black, Calca and Grandee control 

specimens was 16.18 MPa, 9.73 MPa and 15.11 MPa, respectively. For the 

weathered tap water group specimens, ft was 14.25 MPa, 9.99 MPa and 15.43 

MPa; while for the acidified group ft was 14.55 MPa, 9.08 MPa and 15.2 MPa, 

respectively. No simple trend could be established to account for the effect of 

WDC by tapwater and acidified solution within each granite group. Based on 

the results shown in Fig. 5, it can be inferred that Imperial Black was the only 

granite type affected by the WDC. The Imperial Black tapwater group 

experienced the highest loss in flexural strength of 11.96%. There was a slight 

loss in flexural strength of Calca acidified group of 6.7%; although the tapwater 

group shows 2.6% increase in ft. Flexural strength of the weathered tapwater 

and acidified groups of Grandee increased by 2.2% and 0.6%, respectively. 

Factors such as the highly polished surface, grain distribution and porosity of 

the stones and the accumulation of salts [17, 25] may have contributed towards 

this trend. The non-porous surface of Imperial Black and Grandee samples 

provided resistance against water and acids attack, whereas the semi-porous 

surface of Calca allowed deposition and accumulation of salts which may be 

present in tapwater. 

 

3.2. Ultrasonic Pulse Velocity (UPV) 

 

Figs. 6 (a) and (b) show the UPV values for all the Imperial Black 

specimens measured along the width and the thickness, respectively. UPV is 

measured at the unweathered state labelled as initial in Fig. 6, and weathered 

specimens after stage – I and stage – II WDC labelled as interim and 

tapwater/acidified, respectively. The average UPV of unweathered Imperial 

Black specimens measured along the width were 5992±94.32 m/s which is 

consistent with the findings of [5]. It was noticed that the UPV measurements 

along the width of the specimen was higher than that along the thickness 

direction. UPV measured across the width of the Imperial Black specimens at 

the following stages; initial, interim, tapwater and acidified were 16.8%, 14.5%, 

14.3% and 14.4% higher than that of the respective measurements taken across 

the thickness of the specimen. Variation in UPV due to WDC was insignificant, 

interestingly some of the weathered specimens showed slightly higher UPV 

value over their unweathered counterpart. 

Fig. 7a-c show the average UPV values of the Imperial Black, Calca and 

Grandee specimens at different stages of weathering. The average UPV values 

measured along the width and thickness of the specimens are shown in Table 2. 

Larger standard deviation is observed among the UPV measurements across the 

thickness of the specimen, than that of the width. The UPV readings were the 

most consistent within Imperial Black specimens, while readings taken on 

Grandee specimens showed the highest variation. No difference was expected 

between the average UPV values of tapwater and acidified groups of each 

granite type in the initial and interim stages, as they were subjected to identical 

conditions. However, following Stage – II WDC, differences in UPV values 

emerged. The average UPV of the acidified group of Calca and Grandee 

specimens were 0.49% and 0.89% higher than that of the tapwater group, while 

it was 0.3% lower for the Imperial Black specimens. 

 

3.3. Variations in Weight, UPV and ft due to WDC 

 

Fig. 8 (a) shows the variation in weight and UPV experienced by the granite 

specimens at different stages of the WDC, where the positive and negative 

variation represent the gain and loss in the parameters, respectively. Samples 

were weighed before the WDC and after the 50th and 100th cycle. The weight 

losses of the granite specimens were small. Only the Calca acidified group 

specimens experienced an average weight loss of 1.34% (equivalent to 47g of 

material). No definitive weight loss pattern could be established. It was also 

found that several specimens from all granite types experienced slight gain in 

weight (0.3 – 0.65%) which is consistent with those reported in [17, 26]. Many 

sources such as incomplete desiccation of samples, change in chemistry of the 

constituent minerals, accumulation of salt introduced from the immersion 

liquids during the wetting cycles could contribute to the increase in the weight 

of the granite specimens.  

 

Fig. 5 Flexural strength of granite specimens 

Fig. 6 UPV of Imperial Black specimens measured along (a) Width; (b) Thickness 
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Table 2 

Average UPV of unweathered and weathered specimens 

Granite Type UPVUnweathered (m/s) UPVInterim (m/s) UPVTapwater (m/s) UPVAcidified (m/s) 

Width Thickness Width Thickness Width Thickness Width Thickness 

Imperial Black 5992.5±94.3 5132±182.9 6039.18±38.8 5275±35.3 6084±27 5319±47.6 6066±49.8 5302±48.2 

Calca 4553±32.3 4236.8±314.9 4576.25±70.3 4926.7±55.1 4534±27 4332±66.1 4556±41.7 4432±80.2 

Grandee 5459±303.2 4885±178.65 5408±307.5 4950±20 5408±307.5 4820±278.4 5456±293.9 4880±301.2 

 

Fig. 7 Average UPV of unweathered and weathered specimens (a) Imperial Black; (b) 

Calca; (c) Grandee 

 

Fig. 8 Percentage loss (a) Weight and UPV; (b) Flexural Strength and UPV 

 

Loss in the UPV value in response to the WDC was more prominent than 

the loss in weight of the specimen. Although no consistent relation could be 

established between the losses in weight and the losses in UPV. The maximum 

loss in UPV was recorded for the Imperial Black specimens of 3.55%, after the 

stage – I weathering, while the acidified group of Calca specimens endured an 

average UPV loss of 3.45% after the WDC. On the contrary, the tapwater and 

acidified group Grandee specimens experienced an average UPV gain of 1.1% 

and 0.5%, respectively. 

Fig. 8(b) shows losses in UPV and ft experienced by the granite specimens 

at different stages of WDC. The loss in ft under WDC is higher compared to the 

loss in UPV. The Imperial Black specimens after the stage – I weathering 

showed an average 11.96% loss in ft. A similar trend between UPV and ft is 
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observed for Imperial Black and the Grandee specimens unlike that for the 

Calca specimens. The tapwater group Calca and Grandee specimens 

experienced an average gain in ft of 2.64% and 2.16%, respectively. According 

to Fig. 8(b) the Grandee specimens were the least affected by the WDC. 

Fig. 9 shows the variation in ft and UPV of the granite specimens following 

stage – I and – II WDC, and the same following FTC weathering reported in [5]. 

The Fig. shows that losses in ft and UPV of the granite specimens was more 

pronounced under FTC than under WDC. The Imperial Black specimens 

experienced an average loss in ft of 28.56% due to FTC, which is 2.39 times 

higher than the losses due to WDC. 

 

3.4. Correlation between UPV in the Width and Thickness Directions 

 

Linear correlation between UPV values measured along the width and the 

thickness direction of the granite specimens is shown in Fig. 10 and given by eq 

2 with R2 = 0.709. The developed relation in eq 2 can be used to predict the 

UPV value of granite panels along the width when measurement is only possible 

in the thickness direction. 

 

 1.103 ? 45.709Width ThicknessUPV UPV=  (2) 

 

3.5. Correlations between UPV and Tensile Strength 

 

Fig. 11 shows the relation between ft,WDC obtained from destructive test and 

measured UPV along the width of all 45 unweathered and weathered (i.e., 

tapwater and acidified groups) granite specimens from the WDC testing. Based 

on the obtained results, a linear correlation is established as shown in Fig. 11 

and eq 3 with R2 = 0.57 that can be used to predict the on-site ft,WDC of the granite 

cladding panels by means of the measured pulse velocity. 

 

,  0.0041 ? 8.55t WDC meanf UPV=  (3) 

 

Based on the FTC weathering results the correlation between ft,FDC and UPV 

of unweathered and weathered granite specimens was reported in [5] as, 

 

,  0.0041 ? 9.6345t FTC meanf UPV=  (4) 

 

Performance of the proposed eq 3 for the flexural tensile strength ft,WDC is 

compared against eq 4 and those proposed by other researchers [8] for the direct 

tensile strength 
t  (eq 5). A range of UPV between 3000 m/s to 6500 m/s was 

selected for the comparison. 

 
( )0.00052

0.701
UPV

t e =  (5) 

 

Fig. 12 shows the predicted tensile strength (ft,WDC, ft,FDC and 
t ) using Eqs 

(3), (4) and (5) against the corresponding UPV values, and the results seems 

reasonable. 

 

Fig. 9 Percentage loss due to WDC and FTC 

 

 

Fig. 10 Correlation between UPV along width and thickness of specimen  

 

Fig. 11 Correlation between UPV and flexural strength 

 

Fig. 12 Predicted direct and flexural tensile strength using UPV 

 

4.  Conclusions 

 

The effect of accelerated weathering through WDC on thin granite cladding 

panels commonly used on high-rise buildings is reported in this paper. A total 

of 45 specimens, 15 each of Calca, Imperial Black and Grandee type Australian 

granites were used in the experimental program. The specimens were subjected 

to total of 100 cycles of wetting and drying in two separate stages. In stage – I, 

total 30 specimens, 10 from each granite type was divided in two identical 

groups namely tapwater and acidified, and were subjected to 50 WDC, where 

the wetting cycles were conducted in tap water. In stage – II, the tapwater and 

the acidified group specimens from the stage – I weathering, were separately 

subjected to the next 50 wetting cycles in tapwater and an acidified solution of 

pH ≈  4.5, respectively. All the drying cycles were conducted using a 

controlled drying chamber. UPV was measured along the width and thickness 
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of the unweathered and weathered specimens. All 30 weathered and 15 

unweathered control specimens underwent destructive flexural testing to 

determine the flexural tensile strength. 

The WDC test results showed slight changes in strength of the granite 

specimens according to UPV and destructive testing. While the Imperial Black 

and Calca specimens showed small decline in the flexural strength, no changes 

were noticed in-case of the Grandee specimens. Such behaviour is accompanied 

by the losses in weight and measured UPV. Difference in UPV measured along 

the width and thickness of the specimen gives indication of the material 

anisotropy of the granite specimens.  

The WDC test results were compared with those obtained from the FTC 

test [5]. It is concluded that Imperial Black and Grandee is the most and the least 

affected granite cladding panel type under weathering. The reduction in flexural 

tensile strength of Imperial Black specimens under WDC is 2.39 times lower 

than that under FTC. A correlation between UPV and flexural strength of 

unweathered and weathered granite is established, which is slightly different to 

that obtained from the FTC test program. This can be particularly useful in on-

site assessment of granite cladding panels during the service life of the primary 

steel structure. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Experiments and FE analysis were conducted on the fatigue repairing techniques of deck -to-vertical stiffener weld in the 

steel bridge deck. The steel bridge deck was modeled to analyze cracking reason of deck -to-vertical stiffener weld. The 

fatigue repairing experiment was carried out on three repairing techniques. The fatigue life and stress distribution of the 

deck-to-vertical stiffener weld were analyzed and repairing effects were compared. Repairing craftsmanship with different 

parameters was modeled to study change of stress distribution. Besides, influence of welding residual stress, stop-hole and 

CFRP reinforcement on fatigue repairing was discussed. The results showed that cracks of welding end on the deck were 

induced by out of plane deformation while those on the vertical stiffener were caused by combined out-of-plane and in-

plane deformation, which was more prone to cracking. Residual tensile stress reached yield strength of steel after re -

welding, thus hammering and polishing after re-welding could improve fatigue life of the weld. The re-welding techniques 

had more favorable repairing effects than stop-hole and CFRP reinforcement. 
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1.  Introduction 

 

The orthotropic steel bridge deck is widely applied in long-span steel 

bridges in the globe for its light self-weight, high strength and convenient 

construction [1]. The orthotropic steel bridge deck is prone to fatigue damage 

under daily traffic loads which reduce its service life [2-3]. The deck-to-vertical 

stiffener weld is one of the fatigue details most likely to be cracking in the steel 

bridge. An investigation by the Japanese Steel Structure Committee of Civil 

Society was conducted on the steel bridge deck of Hanshin Expressway and 

Capital Expressway in 2007. The results indicated that a large number of cracks 

was detected in the deck-to-vertical stiffener weld [4]. Therefore, it is necessary 

to study on the fatigue repairing techniques on the deck-to-vertical stiffener 

weld for its life extension. At present, repairing techniques commonly applied 

on the steel bridge deck include re-welding, drilling stop-hole, CFRP 

reinforcement, etc. [5-7]. The crack propagation is slowed down by removing 

crack tips or increasing local bearing capacity. 

A lot of studies have been conducted on fatigue repairing techniques of 

steel bridge deck by scholars worldwide. Aljabar, NJ [8] researched on CFRP 

reinforcement on the cracks in steel bridge deck under combination of tensile 

and shearing stress and a hybrid modal parameter was proposed to estimate 

fatigue life of the steel bridge deck with initial cracks. J Crain [9] established 

finite element models of stop-hole to investigate its enhancement for fatigue 

performance of steel bridge deck and Figured out a method to improve crack 

arresting effects. To study the bending performance of steel girder by CFRP 

reinforcement, Yail J. Kim[10] designed 6 steel girders with different 

parameters for experiment and found that the fatigue response of CFRP-steel 

interface was bilinear and determined by stress ranges and cycles. Hyun-Chan 

Park[11] conducted a re-welding experiment on the deck welds and the result 

indicated that re-welding could effectively improve fatigue performance of 

welding details. A lot of current research achievements have been applied to 

fatigue repairing in real bridges, which rarely involves in cracking of deck-to-

vertical stiffener weld, though. A series of repairing parameters have been 

proposed for deck-U rib welds, weld scallop of diaphragm and other typical 

fatigue details, whereas these repairing parameters are supposed not to be 

applied directly to the deck-to-vertical stiffener weld since fatigue performance 

varies a lot in different fatigue details. 

Therefore, experiments and FE analysis were carried out on the fatigue 

repairing techniques of deck-to-vertical stiffener weld in steel bridge deck. The 

cracking reason of deck-to-vertical stiffener weld was analyzed and 

improvement of fatigue performance by different repairing craftsmanship was 

verified by fatigue experiment. As various influence could not be included in 

the experiment, parameter analysis was carried out by FE analysis. Advice for 

different fatigue repairing techniques was proposed and reference was provided 

for fatigue repairing in steel bridge deck. 

 

 

2.  Stress characteristics of deck-to-vertical stiffener weld 

2.1. The finite element model 

 

The position and structure of deck-to-vertical stiffener weld in steel bridges 

are depicted in Fig. 1. The crossing of the vertical stiffener and deck by welds 

results in great stress concentration and the complex welding workmanship 

renders great residual stress on the heat affected zone（HAZ）, making it one 

of the most common crack initiations under the cyclic vehicle loads. The crack 

propagation detected in the real bridge is usually divided into two types. Type 

1: the crack initiates from the welding end on the deck and develops into 

semicircles around the weld toe, then propagates on both sides of the deck along 

the longitudinal direction. Type 2: the crack initiates from the welding end on 

the vertical stiffener and develops along the weld toe or propagates through the 

weld and then onto the deck. Part of steel deck from a certain real bridge was 

modeled by ABAQUS to study the cracking reason of deck-to-vertical stiffener 

weld. The stress characteristics of welding end under the vehicle loads were also 

analyzed. 

 

 

Fig. 1 The vertical stiffener in the steel bridge 

 

The finite element model including 6 U ribs transverse to the bridge and 4 

diaphragms longitudinal to the bridge was established according to a recent 

report in Japan [12]. Based on the dimensions of components in the real bridge, 

the thickness of deck and its pavement was set as 12mm and 80mm respectively. 

The section dimension of U rib was 320mm×240mm×6mm and vertical 

stiffener was 150mm×700mm. The web was 14mm in thickness and the radius 

of weld scallop connecting the vertical stiffener, web and deck was 35mm. The 

specific dimensions were illustrated in Fig. 2. It was assumed all components in 

the steel deck worked in linear elasticity during the periods of vehicle loads. 

The elasticity modulus of steel was 2.06×105MPa. The elasticity modulus of 

pavement was 1000MPa considering distinct change of elasticity modulus with 
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the temperature, irrespective of the interface slippage between the deck and 

pavement [13]. All degrees of freedom at the diaphragm and three translational 

degrees of freedom around the model were restrained considering the 

constraints of the model in real bridge as a whole [14]. 

 

 

Fig. 2 The geometric dimension of the steel deck model 

 

The huge difference in dimension of local details and model as a whole 

made mesh refinement difficult, thus the submodel method was commonly 

applied to build the model and improve computing efficiency. To establish the 

steel bridge deck with crossing longitudinal and transverse ribs which were 

sophisticated in geometric dimensions, deck-to-vertical stiffener weld was 

modeled by the submodel method. Both C3D8R element and C3D10 elements 

were applied for the base model and its submodel. The base model was meshed 

by hex elements with dimension of 20mm. The submodel was meshed by hex 

elements with dimension of 20mm and refined on its welding region by hex 

elements with dimension of 1mm. Five different mesh sizes were applied to 

verify the accuracy of FE analysis of the submodel. The hex element which 

owned a size of 1mm, 2mm, 3mm, 4mm and 5mm was calculated separately. It 

could be observed that the greatest stress difference was between the mesh size 

of 3mm and 1mm, which was only 3.0%. The stress curves showed a convergent 

solution for FE analysis with different mesh sizes. Therefore, the mesh size of 

1mm was applied to the FE model for calculating accuracy and efficiency. The 

tet element was applied to transit mesh from the refinement region to coarse 

region. The refinement of the submodel was shown in Fig. 3. 

 

 

Fig. 3 The base model and submodel 

 

A wheel load was picked up from the standard fatigue vehicle in the 

specification [15]. The wheel contact area was 600mm×200mm and the wheel 

force was 60kN. The DLOAD subroutine was compiled based on FORTRAN 

to apply wheel load on the steel deck. The origin of coordinates was set on the 

welding end of deck-to-vertical stiffener weld, which was shown in Fig. 4. The 

transverse subload consisted of 15 static load cases with a loading space of 

50mm between case 5-9 and 100mm between the rest of cases. The wheel load 

ran from the diaphragm No.2 to No.3 and longitudinal subload consisted of 25 

static load cases with a loading space of 100mm. 

 

 

Fig. 4 The loading conditions 

 

The premise to apply the submodel method was to ensure the boundary of 

the submodel was far enough from the stress concentration region, thus the 

stress on the boundary of the submodel should agree well with the identical 

position on the base model. By comparison of several trails with different 

submodel dimensions, the stress curves on the boundary of the submodel were 

proved to be consistent with those of the base model if the submodel’s 

dimension was equal or greater than that in Fig. 3. Therefore, the following 

submodel analysis was based on this dimension. 

 

2.2. Stress analysis under the wheel load 

 

The cracks usually initiated at the welding end of the deck-to-vertical 

stiffener weld, thus the normal stress history of welding end on the deck and 

stiffener was obtained respectively and shown in Fig. 5. 

 

 
（a）Welding end on the deck 

 

（b）Welding end on the stiffener 

Fig. 5 Stress history under vehicle loading 

 

As shown in Fig. 5, when the wheel load was applied on the left of the web, 

i.e., X≤-300mm, tensile-compressive stress cycles or complete tensile stress 

cycles were observed on the welding end. Assuming the web as a pivot, the 

wheel load on the left of the web rendered the downward compressive 

deformation of the deck on the left web, driving the upward warping of the deck 

on the right web. Therefore, it caused tensile stress on the welding end 

connecting the deck and vertical stiffener, which was in the analogy of the 
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“seesaw” action to some extent. When the wheel load was applied on the right 

of the web, i.e., X≥-300mm, complete compressive stress cycles were observed 

on the welding end. It could be deemed that the small fraction of the deck above 

the web had a larger stiffness because of the web support. Taking it as the fixed 

end, the wheel load applied on the right of the web rendered the constant 

compressive deformation of the deck on the right web, causing the compressive 

stress on the welding end connecting the deck and vertical stiffener. Generally 

speaking, the tensile-compressive stress cycles or complete tensile stress cycles, 

which were generated by wheel load applied on the left of the web, gave rise to 

the fatigue cracking on the deck-to-vertical stiffener weld. As the wheel load 

applied on the right web caused complete compressive stress cycles, it had a 

negligible influence on the cracking of this detail. 

 

Fig. 6 Stress range 

 

The rainflow method [15] was applied to count the stress history and obtain 

the stress ranges on the welding end of deck-to-vertical stiffener weld 

respectively. The minor stress ranges were neglected if several ranges were 

generated under the wheel load. The stress ranges under different transverse 

positions were illustrated in Fig. 6. Taking the welding end as the origin of 

coordinates, the tensile stress ranges on the left of web（≤-300mm） and 

compressive stress ranges on the right of web（＞-300mm） both increased first 

and then declined with the increment of distance from the welding end. Assume 

the web as a pivot. When wheel load was applied on the left of the web, the 

farther the wheel load was from the pivot, the longer the arm of force was, thus 

the greater the tensile stress range on the welding end would be. While a certain 

distance between the wheel load and web was reached, the effect of wheel load 

was weakened because of the stiffness by the neighboring U ribs on the left. 

Therefore, as the distance increased, the tensile stress ranges of the welding end 

declined. Assume the small fraction of deck above the web as the fixed end. 

When wheel load was applied on the right of the web, the farther the wheel load 

was from the fixed end, the longer the arm of force was, thus the greater the 

compressive stress on the welding end would be. While a certain distance 

between the wheel load and web was reached, the effect of wheel load was 

weakened because of the stiffness by the neighboring U ribs on the right. 

Therefore, as the distance increased, the compressive stress ranges of the 

welding end declined. Generally speaking, the stress range of welding end on 

the vertical stiffener was greater than that on the deck, thus welding end on the 

vertical stiffener was more prone to crack with identical material and welding 

craftsmanship. 

 

2.3. Analysis of the cracking reason 

 

The results of stress ranges showed that the transverse position of wheel 

load on the -500mm was the most unfavorable working conditions for the tensile 

range, and 200mm was the most unfavorable working conditions for the 

compressive range. For the welding end on the deck, the membrane stress, 

bending stress and normal stress of the cracking section when the wheel load 

was applied on the -500mm and 200mm in transverse and the 13th static 

cases(the most unfavorable working conditions longitudinal to the bridge) in 

longitudinal were depicted in Fig. 7. The bending stress and membrane stress 

were extracted by Stress Linearization to judge the deformation features of this 

detail. The definition of membrane stress is the average normal stress across the 

thickness of a plate or shell. The bending stress refers to stresses which are 

linearly distributed across the thickness. 

 

 

（a）-500mm 

 
（b）200mm 

Fig. 7 Stress of welding end on the deck 

 

As seen in Fig. 7, for wheel load on the -500mm in transverse, bending 

stress of the cracking section was 19.6MPa, while the membrane stress was only 

equal to 3% of the bending stress, namely 0.6MPa. It indicated that the fatigue 

cracking in this detail mainly resulted from the bending stress induced by out of 

plane deformation and membrane stress had a negligible influence on the 

cracking. Meanwhile, the nonlinear stress caused by geometric structure 

increased the normal stress by 33.3%. Similarly, for wheel load on the 200mm 

in transverse, the bending stress of the cracking section was -132.4MPa, while 

the membrane stress was only equal to 11.8% of the bending stress, namely -

15.6MPa. Meanwhile, the nonlinear stress caused by geometric structure 

increased the normal stress by 32.3%. Therefore, the cracking Type 1 of the 

deck-to-vertical stiffener weld, i.e., the crack initiated from the welding end on 

the deck, was caused by great out of plane deformation under the wheel load. 

 

 
（a）-500mm 



Yi-xun Wang et al.  235 

 

 
（b）200mm 

Fig. 8 Stress of welding end on the vertical stiffener 

 

For the welding end on the vertical stiffener, the membrane stress, bending 

stress and normal stress of the cracking section when the wheel load was applied 

on the -500mm and 200mm in transverse and the 13th static cases in 

longitudinal were depicted in Fig. 8. For wheel load on the -500mm in 

transverse, the bending stress of the cracking section was 12.5MPa, while the 

membrane stress was almost identical to the bending stress, namely 11.3MPa. 

It indicated that the fatigue cracking in this detail resulted from combination of 

the out-of-plane and in-plane deformation. These two kinds of deformation 

accounted for nearly same degree in fatigue damage. Meanwhile, the nonlinear 

stress caused by geometric structure increased the normal stress by 34.3%. 

Similarly, for wheel load on the 200mm in transverse, the bending stress of the 

cracking section was -73.7MPa, while the membrane stress was almost identical 

to the bending stress, namely -73.4MPa. Meanwhile, the nonlinear stress caused 

by geometric structure increased the normal stress by 34.4%. Therefore, the 

cracking Type 2 of the deck-to-vertical stiffener weld, i.e., the crack initiated 

from the welding end on the vertical stiffener, was caused by the combined out-

of-plane and in-plane deformation under the wheel load. 

 

3.  The fatigue repairing experiment of deck-to-vertical stiffener weld 

 

3.1. Experiment program 

 

The fatigue repairing experiment was carried out on the deck-to-vertical 

stiffener weld. It’s known that the fatigue cracking on the steel bridge deck 

mainly resulted from the local stress concentration on the details and local 

structures, thus local full-sized specimens were designed for fatigue experiment 

according to the fatigue detail in real bridges and relevant literatures [16]. The 

deck and vertical stiffener were welded by gas metal arc (GMA) welding. The 

welding leg of fillet weld with complete-joint-penetration (CJP) was 6mm. The 

geometric dimension of the specimen was shown in Fig. 9. A total of 6 

specimens were designed including one repaired by re-welding, one by re-

welding, hammering and polishing, one by drilling stop-holes, one by Carbon 

Fiber Reinforced Plastics(CFRP), one by re-welding and CFRP reinforcement, 

another by drilling stop-holes and CFRP reinforcement. Number them from SJ1 

to SJ6 and the repairing workmanship was shown in Table 1. Some certain 

specimens during or after repairing process were illustrated in Fig. 10. 

 

 
（a）Geometric dimension 

 
（b）Boundary condition 

Fig. 9 The design of specimens（unit：mm） 

 

 

Table 1 

The repairing workmanship of the deck-to-vertical stiffener weld 
Repairing method Repairing workmanship 

Re-welding（SJ1） 
The welding length was 80mm. The hydrogen controlled electrode of Type E5015-X was applied. The diameter was 

4mm and tensile strength was 490MPa.  

Re-welding. hammering and polishing（SJ2） The surface of specimen after re-welding was peened followed by hammering and polishing.  

Stop-hole（SJ3） The stop-hole diameter was 8mm. The hole center was set on the crack tip. 

CFRP reinforcement（SJ4） 

The CFRP of Type I-300 was applied. The thickness was 0.17mm, tensile strength was 3400MPa, elasticity modulus was 

240GPa and the elongation was 1.7%. The CFRP completely covered surface of deck but avoided the position of strain 

gages. The epoxy adhesive was used to stick the CFRP to the deck.  

Re-welding, hammering, polishing and CFRP 

reinforcement（SJ5） 
The repairing workmanship of re-welding, hammering, polishing (SJ2) and CFRP reinforcement (SJ4) was referred. 

Stop-hole and CFRP reinforcement（SJ6） The repairing workmanship of stop-hole (SJ3) and CFRP reinforcement(SJ4) was referred. 

 

   

（a）SJ1 (b) SJ3 (c) SJ6 

Fig. 10 Repairing process of certain specimens 
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The bending load was applied on the specimen by eccentricity vibrating 

machine, which had widespread use in fatigue tests [17]. One side of the 

specimen was constrained on the reaction frame and the eccentricity vibrating 

machine was constrained on the other side. The harmonic vibration load was 

applied and the stress ratio R was equal to -1. Adjust the load frequency to 

render the nominal stress range of welding end (D4 in Fig. 12) equal to 100MPa 

at the beginning of the fatigue test. The loading installation was shown in Fig. 

11. 

 

 

Fig. 11 The vibration loading machine 

 

Fig. 12 Measuring points（unit：mm） 

The cracks in the specimens were prefabricated by the eccentricity 

vibrating machine, and the repairing process was not carried out until the crack 

propagated into approximate 30mm. The cracks of all these specimens were 

observed to initiate from the welding end on the deck, i.e., the cracking Type 1. 

This was because the bending load was applied on the specimens and welding 

end was mainly endured bending stress. The load was applied to the specimen 

after repairing and discharged when the crack length reached 50mm. The strain 

gages were pasted on the specimens and shown in Fig. 12. Considering the 

cracking characteristics in real bridges, 7 gages were set along the transverse of 

the deck, which were 10mm from the welding end to measure the nominal stress. 

The distance 10mm was determined by the stress gradients of the welding end 

to ensure the nominal stress was not affected by the geometric discontinuity [18]. 

In the vicinity of the welding end, the space between the gages was 

comparatively smaller, namely 35mm. For gages far from the welding end, the 

space was 50mm. 

 

3.2. Change of stress ranges 

 

In the application of re-welding techniques, the cracking region was digged 

by pneumatic digger then the cracking section was welded again, thus the re-

welding workmanship was a kind of complete repairing. It was known that the 

fatigue life of specimens repaired by re-welding would be much longer than that 

by the stop-hole and CFRP reinforcement. It could also be observed from the 

fatigue experiments that the stress histogram of specimen by re-welding (SJ1, 

SJ2) was long enough. Taking the specimen SJ1 by re-welding and specimen 

SJ2 by re-welding, hammering and polishing as examples, the initial, final stress 

ranges, final stress changes and change of stress ranges of different gages were 

shown in Table 2. The initial stress ranges refer to stress ranges of the testing 

position at the beginning of the fatigue loading and the final stress ranges refer 

to stress ranges when the fatigue loading ends. For SJ1, the final stress range of 

measuring points (D3-D5) in the vicinity of the welding end declined. The final 

stress range of D4 corresponding to the initiation of cracking on the welding 

end dropped a lot, namely 40.9%. The final stress ranges of measuring points 

where the crack tip hadn’t reached yet increased dramatically. For SJ2 after 

hammering and polishing, the final stress range of D4 decreased by 53.1%, 

while change rate of other measuring points which experienced increase in 

stress ranges was much smaller than that of SJ1. The change of stress ranges 

was smooth, showing that the stress distribution of weld after hammering and 

polishing was more favorable. 

 

Table 2 

Comparison of stress ranges 

Number Initial stress range（MPa） Final stress range（MPa） Stress range change （MPa） Change rate（%） 

 SJ1 SJ2 SJ1 SJ2 SJ1 SJ2 SJ1 SJ2 

D1 61.8 54.5 97.8 62.9 36.1 8.4 58.4 15.4 

D2 64.7 64.7 93.0 81.0 28.3 16.3 43.7 25.2 

D3 81.7 78.2 68.3 93.4 -13.4 15.2 -16.4 19.4 

D4 100.2 102.8 59.2 48.2 -41.0 -54.6 -40.9 -53.1 

D5 79.4 77.9 62.3 63.0 -17.1 -14.9 -21.6 -19.1 

D6 67.6 66.2 94.3 78.3 26.8 12.1 39.6 18.3 

D7 60.5 56.1 97.0 67.4 36.4 11.3 60.2 20.1 

 

The Fig. 13 illustrated the curves of stress ranges in SJ1 and SJ2 changing 

with loading cycles. The cracks initiated from the welding end on the deck and 

then propagated transverse to the deck. The stress ranges of measuring points in 

the vicinity of the welding end declined and the rest increased. This was because 

the initiation of crack cut off the stress flow on the deck surface, resulting in the 

decrease of stress range where the crack tip reached and increase of other 

measuring points because of the stress redistribution. For specimen SJ1, the 

stress range of D3 and D5 declined quickly with the decrease of stress range of 

D4, showing that the crack propagated fast after initiation on the welding end 

and reached length of 35mm which corresponded to the position of D3 and D5. 

For specimen SJ2, after the decline of stress range of D4, the stress range of D5 

increased first then decreased during certain period of fatigue cycles. This was 

because the crack tip didn’t propagate to the position of D5 before the stress 

range of D5 reached the peak and the stress redistribution resulted in the 

increase of stress range. When the crack tip reached the position of D5, the stress 

range declined. The stress range of D3 increased all the time, indicating that the 

crack tip never propagated to D3 throughout the loading procedure. The crack 

developed asymmetrically on two sides of the vertical stiffener. In analysis of 

stress range in specimen SJ1 and specimen SJ2, the residual stress of weld on 

specimen SJ1 was great because SJ1 was not hammered and polished after re-

welding. The crack propagated quickly and exceeded the length of re-welding 

region after initiation on the welding toe. But cracking rate of SJ2 was 

comparatively slower since welding residual stress was removed, so it was 

necessary to hammer and polish the weld after re-welding to reduce the residual 

stress. 
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（a）SJ1 

 
（a）SJ2 

Fig. 13 Change of stress ranges 

 

3.2. Fatigue life 

 

The re-welding technique was a kind of complete fatigue repairing method, 

while the stop-hole and CFRP reinforcement were temporary. The different 

repairing purpose resulted in substantial discrepancies of fatigue life. Therefore, 

the comparison of fatigue life was carried out on the specimens with the re-

welding technique (SJ1, SJ2 and SJ5) and without the re-welding technique (SJ3, 

SJ4 and SJ6). The relationship of crack length-to-fatigue cycles was depicted in 

Fig. 14, where in the legend “left” means crack tip on the left of the vertical 

stiffener and “right” means crack tip on the right. 

 

 

（a）SJ1，SJ2，SJ5 

 
（b）SJ3，SJ4，SJ6 

Fig. 14 Fatigue life 

 
In Fig. 14(a), the fatigue life of SJ2 was generally greater than that of SJ1. 

With crack length increasing, especially when the crack tip approached and 

exceeded the boundary of re-welding region, the curves of SJ1 and SJ2 

separated from each other and great difference could be observed. It meant the 

welding residual stress weakened fatigue life seriously. Besides, hammering and 

polishing after re-welding could reduce the residual stress and slow down the 

cracking rate. The cracking rate of SJ5 was comparatively small and its fatigue 

life was usually greater than that of SJ1 and SJ2 under the same crack length. It 

was indicated that by reinforcement of CFRP, the material stuck to the deck by 

epoxy adhesive was subjected to fatigue load together with the structure, thus 

restraining the open of crack tip and improving stress distribution on the 

welding end. By the comparison of SJ5 by re-welding, hammering, polishing 

and CFRP reinforcement, SJ2 by re-welding, hammering and polishing, and SJ4 

by CFRP reinforcement, the cracking rate of SJ5 was comparatively small, 

indicating that repairing effect by simultaneous two techniques was more 

favorable than that of a single technique.  

In Fig. 14(b), the stop-hole of SJ3 removed the original crack tip and no 

crack propagation occurred before the new crack initiated. Then fatigue cracks 

initiated from the edge of hole, which was the new position of stress 

concentration, after a certain period of stress cycles. The propagation rate of SJ3 

was greater than that of SJ4 and SJ6, indicating that the repairing effect of stop-

hole was comparatively unfavorable. For SJ4 by CFRP reinforcement and SJ6 

by stop-hole and CFRP reinforcement, the curves were close to each other, 

indicating that repairing effects were generally the same. According to the 

relationship of crack length-cycles, the fatigue life of SJ6 was longer under the 

same crack length, thus repairing effect by simultaneous two techniques was 

more favorable than that of a single techniques. Moreover, the fatigue life of 

SJ2 by re-welding and polishing was 7.1 times that of SJ3 by stop-hole and 3.3 

times that of SJ4 by CFRP reinforcement, indicating that the repairing effects 

of complete method were obviously more favorable than that of temporary 

method. 

 

4.  Influences of fatigue repairing effects 

 

4.1. Welding residual stress 

 

The welding residual stress was one of the most significant factors affecting 

the repairing effects of re-welding. The experiment results in section 3 also 

showed that the fatigue life of SJ2 after eliminating the residual stress was much 

longer than that of SJ1. The heats during welding of steel deck changed sharply 

both in time and space and were a kind of typical nonlinear transient transfer, 

thus the welding stress field was usually simulated by thermal elastoplastic 

analysis and the incremental method was applied to solve the temperature field 

and stress field. Based on the welding plug-in AWI (ABAQUS Welding 

Interface) which was developed by 3DEXPERIENCE Accompany, the re-

welding process was modeled and the residual stress distribution was analyzed. 
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Fig. 15 The re-welding model 

 

The deck-to-vertical stiffener weld on steel bridge deck was modeled by 

ABAQUS and then introduced to the plug-in AWI for welding simulation. The 

model by re-welding was shown in Fig. 15. According to the specimens in 

section 3, the length of deck was 700mm and width was 300mm. To simulate 

the re-welding workmanship in the experiment, the deck was beveled on both 

sides of vertical stiffener and length of the groove weld was 30mm on each side. 

The welding process was completed by four beads. In the heat affected zone 

(HAZ), the temperature gradient was great and stress changed dramatically, thus 

the mesh of the weld and re-welding region was refined. Six degrees of freedom 

(DOFs) of the bottom surface were restrained to simulate the platform in the 

workshop. The DC3D8 element was used for thermal analysis, and C3D8R for 

thermal stress analysis. Five different mesh sizes were applied to verify the 

accuracy of FE analysis of local and full-sized specimen. The hex element 

which owned a size of 1mm, 2mm, 3mm, 4mm and 5mm was calculated 

separately. It could be observed that the greatest stress difference was between 

the mesh size of 3mm and 4mm, which was 14.8%. The stress curves with mesh 

size of 2mm and 3mm were close to that with mesh sized of 1mm, which was 

assumed to have the greatest accuracy. The stress curves showed a convergent 

solution for FE analysis with different mesh sizes. Therefore, the mesh size of 

2mm was applied to the FE model for calculating accuracy and efficiency. The 

technique of element birth and death was applied to simulate the process of 

welding, which was realized by activation and inactivation of element sets in 

sequence. The welding speed was 10mm/s and interval of each time step was 

0.2s. A total of 61 steps were set for heating and then the specimen was cooled 

in room temperature. 

 

 

Fig. 16 The physical properties 

 

The thermophysical and thermodynamical parameters of Q345 steel [19] 

were depicted in Fig. 16. Considering two forms of heat transfer, namely heat 

conduction and heat convection, the Stefan-Boltzmann constant was equal to 

5.67×10-11mJ/s/mm2/K4, the absolute zero was -273.15℃, the room temperature 

was 21.1℃ and the convective heat coefficients was 0.013mJ/s/mm2/K4. 

 

     

（a）Step 1 （b）Step 5 （c）Step 31 （d）Step 56 （e）Step 61 

Fig. 17 The temperature field 

 

The temperature contour during the welding process was shown in Fig. 17. 

It could be seen that the temperature field of the specimen changed constantly 

with the moving of heat source. The temperature of the specimen was unstable 

at first and heat up quickly, then temperature of quasi stable state would be 

formed on the specimen. The temperature of specimen changed over time while 

the temperature field moved with the heat source in a certain pattern. The 

temperature gradient was steep in front of the heat source and gentle behind it. 

The Von Mises stress of specimen after welding and cooling was illustrated 

in Fig. 18. During the welding process, stress of melting weld was very small 

while stress of regions surrounding the weld pool was close to the yield strength 

of steel. Therefore, great residual stress was generated in the welds. The stress 

concentration caused by geometric construction was avoided and section stress 

10mm to the weld toe was analyzed. The stress path was 100mm long on each 

side of the vertical stiffener and the nominal stress of bottom, middle and top 

surface was extracted and shown in Fig. 19. It could be seen that the residual 

stress on the top surface was greater than that of the middle and bottom surface. 

This was because specimen was re-welded from the bottom weld pass to the top 

one. The cooling time of various beads was different during the welding and the 

beads welded previously were solidified and had suitable strength, which would 

stop free expansion of beads welded latterly and induce the plastic deformation 

in the weld. When the weld as a whole cooled down, shrinkage of beads welded 

latterly was restrained by the solidified bead. The tensile stress was generated 

in the beads welded latterly and compressive stress was generated in the beads 

welded previously. This also embodied in the phenomenon that residual stress 

on the top surface increased dramatically in the weld while it declined sharply 

on the bottom surface. The welding end welded at last generated tensile stress 

on the top surface during cooling and compressive stress on the bottom surface 

which cooled down previously. 

 

Fig. 18 Residual Von Mises stress after cooling (unit: MPa) 

0 500 1000 1500 2000

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

2.0

2.2

2.4

T
h

e
rm

a
l 
p

ro
p

e
rt

ie
s

Temperature/℃

 Density/×10
4
kg/m

3

 Specific heat/×10
3
J/(kg·℃)

 Film coefficient/×10
2
W/(m·℃)

0

50

100

150

200

250

300

350

400

 Yield strength/MPa

 Elasticity modulus/MPa

 Poisson's ratio/(×10
2
)

 Expansion coefficient/(×10
-7

/℃)

M
e

c
h

a
n

ic
s
 p

ro
p

e
rt

ie
s



Yi-xun Wang et al.  239 

 

 

Fig. 19 Residual stress of the deck 

 

It could be seen in Fig. 19 that the peak of residual stress on the deck surface 

approached the yield strength of steel. The stress changed dramatically in the 

range of approximate 30mm on the welding end and the amplitude was 35MPa. 

The crack of deck-to-vertical stiffener weld generally initiated from the weld 

toe and propagated to both sides of the deck. As the residual tensile stress had 

already reached the yield stress of steel on the weld, the fatigue limit would be 

achieved and weld would crack quickly under the fatigue load. This also verified 

the experiment results of SJ1 and SJ2. Therefore, it was necessary to hammer 

and polish the weld region after re-welding to get rid of the tensile stress and 

render the weld surface smooth. 

 

4.2. Parameters of stop-hole 

 

The position and diameter of the stop-hole were significant factors 

influencing the repairing effects. To study the influence of different stop-hole 

workmanship on the fatigue repairing of the deck-to-vertical stiffener weld, five 

stop-hole positions, namely -0.5D, 0, 0.5D, 1.0D and 1.0t, and three stop-hole 

diameter, namely 6mm, 8mm and 10mm were considered. D referred to 

diameter of the stop-hole and t referred to deck thickness. A total of 15 working 

conditions were modeled, and the dimension of the specimen and loading 

conditions were consistent with the experiment in Section 3. The specific 

information of working conditions was illustrated in Table 3. 

 

Table 3 

Working conditions of the stop hole 

Stop-hole diameter D(mm) 

Stop-hole position X(mm) 

-0.5D 0 0.5D 1.0D 1.0t 

6 -3 0 3 6 12 

8 -4 0 4 8 12 

10 -5 0 5 10 12 

 

The specimen was modeled by ABAQUS and extended finite element 

method (XFEM) was applied to solve the stress singularity at crack tip. The 

fatigue crack section was considered to be semi-elliptical in deck thickness [16]. 

Therefore, the ratio of minor to major axis lengths (b/a) was 0.33 according to 

previous statistics, as shown in Fig. 20. The semi-major axis length and the 

semi-minor axis length were defined as approximate 32mm and 12mm 

considering the actual crack length in the current experiment. The interaction 

between the crack and the model is “hard contact”. Element types C3D8R and 

C3D10 were adopted. The mesh size of the model was 20 mm (overall). The 

element size was refined to be 2 mm at the welding end by C3D8R. In the width 

of 20 mm out from the weld, C3D10 was adopted to model the transition region. 

 

 

Fig. 20 Set of the crack（mm） 

 

According to the fatigue analysis in the current experiment and previous 

studies, stress of 0.35 MPa was applied on four loading surfaces with length of 

45mm and width of 40mm. It caused a stress of 50 MPa at the center of the 

model (with no crack) at some 10 mm from the welding end. Fixed restraint was 

applied within a distance of 225mm and 136mm from the deck edge, 6 DOFs 

were constrained. No constraints were set in other parts (Fig. 21). 

 

 

Fig. 21 Model of the stop-hole 

 
When the diameter of stop-hole equaled to 6mm, stress changing from the 

stop-hole edge to the model edge with different stop-hole positions was shown 

in Fig. 22. Only one side of stress was drawn as the model was symmetrical by 

the vertical stiffener. It could be seen that the trend of stress changes with 

different stop-hole positions was the same with stress dropping down sharply 

near the stop-hole edge. Great stress gradients were generated and the maximum 

stress was observed on the stop-hole edge. Then decline of stress slowed down 

at certain distance (approximate 10mm) from the stop-hole edge and converged 

eventually. The stress peak decreased with increasing of stop-hole position. 

When the stop-hole position was greater than 0.5D, the decline of peak stress 

was gradually not so obvious. 

 

 

Fig. 22 The stress change with 6mm stop hole 

 
The original crack was removed by the stop-hole while new stress 

concentration was generated on the stop-hole edge in the direction of initial 

cracking propagation. So the stress on the stop-hole edge was obtained and 

illustrated in Fig. 23. It could be seen that the greater the stop-hole diameter was, 

the stress of the stop-hole edge was smaller, which indicated a more favorable 

repairing effects. Therefore, greater stop-hole diameter was recommended in 
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fatigue repairing of real bridges. But as greater stop-hole diameter would 

weaken the bearing capacity of the section, it should be smaller than a certain 

limit. The peak stress at the new initiation decreased with increasing of stop-

hole position except for particular cases in the position of 0 when hole diameter 

was 8mm and 10mm. The reason of smaller peak stress at the hole edge was 

that the distance between the crack tip and the hole edge was too long to have 

great influence on the hole edge. However, the crack was not removed and 

would continue to propagate to shorten the distance. Moreover, the crack 

extension path was uncertain and crack might even propagate away from the 

stop-hole. These results led to unfavorable crack-stopping effects. The change 

of peak stress with stop-hole position had an inflection point at X = 0.5D (stop-

hole diameter equaled to 8mm and 10mm). In this case, the stop-hole covered 

the crack tip and removed the plastic zone around the crack tip. Therefore, X = 

0.5D was suggested as being a reasonable stop-hole position. 

 

 

Fig. 23 Stress peak of the stop hole 

 

4.3. Parameters of CFRP reinforcement 

 

The covering area of CFRP on the crack influenced the restriction on crack 

propagation. Moreover, the favorable mechanical property of CFRP improved 

the repairing performance. Therefore, different transverse length (20mm, 25mm, 

30mm, 60mm, 90mm, 100mm and 130mm) and elasticity modulus(240GPa and 

210GPa) of CFRP were considered, and totally 12 working conditions were 

shown in Table 4. The longitudinal length of CFRP was set as constant 140mm. 

 

Table 4 

Working conditions of CFRP 

Elasticity modulus (GPa) Transverse length /mm 

240 20 25 30 60 90 130 

210 20 25 30 60 90 130 

 

The model of deck-to-vertical stiffener weld reinforced by CFRP was 

shown in Fig. 24. The model size was consistent with the experiment in Section 

3. The parameter of CFRP was in accordance with the specification [20]. The 

thickness of CFRP was 0.17mm and Poisson's ratio was 0.261. As it could be 

assumed that there was no relative slippage between the CFRP and deck [21], a 

kind of constrain named “TIE” was set between the two in the model. The crack 

shape, mesh size and loading conditions were referred to the stop-hole model in 

Section 4.2 and the CFRP, modeled by S4R of shell elements, had a mesh size 

of 2mm. The stress of the cracking section from crack tip to the model edge was 

obtained and shown in Fig. 25. 

 

 

Fig. 24 Model of the CFRP 

 

 

Fig. 25 The stress of cracking section with various parameters 

 

Fig. 25 depicted stress of cracking section changing with the transverse 

length of CFRP when the elasticity modulus equaled to 240GPa, which was 

similar to the stop-hole model. Stress declined dramatically near the crack. 

Great stress gradients were generated and the maximum stress was observed on 

the crack tip. Then decline of stress slowed down at certain distance 

(approximate 10mm) from the stop-hole edge and converged eventually. By 

comparison of stress with different CFRP length, the longer the length was, the 

smaller the crack propagation would be when the CFRP length was less than 

30mm. It indicated that greater covering area of CFRP contributed to more 

favorable repairing performance. When the CFRP length was greater than 

30mm, i.e., the CFRP completely covered the crack surface, increase of 

covering area didn’t have a favorable performance to decline stress of cracking 

section. Therefore, length of CFRP which was able to cover the crack surface 

was enough in theory. However, the crack propagated with increment of fatigue 

cycles and the crack length would excess the covering area of CFRP, so it was 

necessary to apply greater length of CFRP than crack length according to real 

conditions. 

 

It could also be observed that stress change of CFRP with two different 

elasticity modulus were almost the same, but CFRP with 240GPa of elasticity 

modulus led to smaller stress than that with 210GPa of elasticity modulus, so 

preliminary conclusion could be drawn that greater elasticity modulus could 

contribute to smaller stress. CFRP with greater elasticity modulus was 

recommended in real fatigue repairing. 

 

5.  Conclusions 

 

Based on the experiments and FEM analysis, the following preliminary 

conclusions can be obtained. 

 

(1) Cracks of welding end on the deck was induced by out of plane 

deformation and that on the vertical stiffener was induced by combined out-of-

plane and in-plane deformation, which led to the same degree of fatigue damage 

on this detail. Stress ranges of welding on the vertical stiffener were greater than 

that on the deck, thus welding end on the vertical stiffener was more prone to 

cracking with identical material and welding craftsmanship. 
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(2) The cracking rate of re-welding model with polishing was much smaller 

than that without hammering and polishing, so it could be speculated that 

welding residual stress was reduced. The analysis of residual indicated that 

residual tensile stress reached yield strength of steel after re-welding, thus it’s 

necessary to hammer and polish the re-welding area to improve the fatigue 

repairing performance. 

 

(3) The new stress concentration appeared at the stop-hole edge after 

remove of crack. The greater the stop-hole diameter was, the smaller the stress 

of the stop-hole edge would be. But oversized diameter weakened the bearing 

capacity of section, so it should be smaller than a certain limit. The crack was 

not removed and might propagate away from the stop-hole if the stop-hole 

position was oversized, thus the stop-hole position which was half of the hole 

diameter from the crack tip was recommended. 

 

(4) The greater the elasticity modulus of CFRP was, the more significantly 

it decreased stress at the crack tip. The greater the area covering the crack was, 

the greater the effects that CFRP stopped crack propagation would be. When 

the CFRP completely covered the crack surface, increase of covering area didn’t 

have a favorable performance to decline stress of cracking section. The length 

of CFRP was suggested to be greater than crack length based on real conditions. 

 

(5) The re-welding technique removed the crack tip and welded the 

cracking region again, which had more favorable repairing effects than stop-

hole and CFRP reinforcement. In the current experiment, fatigue life of 

specimen by re-welding, hammering and polishing was 7.1 times that of stop-

hole specimen and 3.3 times that of CFRP specimen. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper describes a study of the behaviour of cold-formed high strength steel angles. Thirty-six specimens with 

different cold-formed angles (90°, 100°, 120°, 140°, 160°, and 170°) and different thicknesses (4 mm and 6 mm) were 

considered. The initial geometric imperfections of the specimens were determined using the 3D laser scanning method. 

The magnitudes of these geometric imperfections for torsional and torsional-flexural buckling and flexural buckling 

analyses were proposed. The commercial finite element analysis (FEA) programme ABAQUS with shell elements S4R 

was used for finite element analyses. Different material strengths in corner and flat parts along with different proof 

stresses (0.2%, 0.01%, and 0.006%) were considered in the numerical models. The experimental and FEA results showed 

good agreement. Influence of cold-formed angle on non-dimensional slenderness and reduction factor curves of the 4 mm 

thick columns with 90° and 120° cold-formed angles was analysed. 
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1.  Introduction 

 

The use of high strength steel material for cold-formed members 

significantly improves their properties. It enables thinner, longer and stronger 

structures. Moreover, the quantity of steel material required for building 

cold-formed steel structures is considerably reduced, and producing a 

beneficial effect on the environment. There are several standards that can be 

used for designing cold-formed steel structures: Australian/New Zealand 

cold-formed steel structures standard (AS/NZS-4600) [1], North American 

Specification for the design of cold-formed steel structural members 

(AISI-S100-12) [2] and European standard EN 1993-1-3 [3].  

Several studies about cold-formed angles have been published [4 – 11]. 

Cold-formed steel angles are considered as thin-walled members that are 

sensitive to effects of imperfections. The imperfections including initial 

geometric imperfects and loading eccentricity significantly reduce their 

buckling strength. However, it is hardly to eliminate the imperfections because 

of manufacturing tolerance, transportation and measurement. Popovic et al. 

(1999) experimentally studied 12 fixed-ended and 18 pin-ended cold-formed 

angles under axial compression load [4]. The thicknesses used were 2.5 mm, 4 

mm and 5 mm. As well as material investigations using tensile coupon tests, 

residual strains were measured with a Cambridge Insitu Extensometer and 

initial geometric imperfections were determined using a theodolite. The authors 

of that paper reported that experimental results were between 15% and 40% 

higher than the Australian and American specifications, respectively and 

additional eccentricity of L/1000 should only be applied to slender sections. It 

notes that nominal eccentricity of L/1000 about the minor axis was used for 18 

pin end tests. Young (2004) carried out 24 compression tests on fixed-ended 

cold-formed plain angle columns [5]. The angles were produced using the press 

brake method. The thicknesses of the columns were 1.2 mm, 1.5 mm and 1.9 

mm. The materials used were high strength zinc-coated steel grades G500 and 

G450. The experimental results were compared with American and 

Australian/New Zealand standards, and design rules for such fixed-ended 

cold-formed plain angle columns under compression load were proposed. He 

noted that additional moment (axial load multiplied by an eccentricity of 

L/1000) is used in design of compression members according to the AISI 

Specification and AS/NZS Standard. Ellobody et al. (2005) numerically 

investigated the behaviour of cold-formed steel plain angle columns [6]. Shell 

elements S4R in ABAQUS software were used for these investigations, which 

took into account initial geometric imperfection, residual stresses and material 

nonlinearities. Experimental and FEA results for 21 columns showed good 

agreement. The numerical models were developed for a parametric study, the 

results of which generally fitted design strengths calculated using equations 

described by Young [5]. Yang et al. (2011) studied buckling behaviour of 

cold-formed angles in transmission tower applications [7]. One series of equal 

angle specimens and three series of equal lipped angle specimens were 

considered. The angle specimens with different slenderness ratios and six 

constrained types were studied under axial compression load. The slenderness 

ratios were calculated based on minimum radius of gyration and length of 

specimens. The six constrained types at the end of the specimens were 

considered to reflect conditions of compression members in transmission 

towers. The six constrained types were determined based on slenderness ratio 

of the specimen and number of bolts used for the constraint. Shell elements 

SHELL181 in ANSYS software were used for a numerical investigation. FEA 

results were compared to experimental results, with the relationship between 

slenderness ratios and stability coefficients being modelled with a fitting curve 

and modification factors. Silvestre et al. (2013) summarised the development of 

the design of cold-formed steel angles [8]. The designs of fixed-ended and 

pin-ended equal-leg angle columns with short-to-intermediate lengths were 

considered. The experimental and FEA results from previous studies were 

taken into account in the study. The authors also described new design 

procedures based on the direct strength method (DSM). Shifferaw et al. (2014) 

presented a study of cold-formed steel lipped and plain angle columns with 

fixed ends [9]. In this study, the authors used ABAQUS with shell elements 

S9R5 to carry out a numerical investigation. Numerical models for fixed-ended 

and pin-ended angles with fixed and free warping were considered, with elastic 

critical buckling loads from the numerical investigations being compared to 

Young’s experimental results. The authors presented new design procedures for 

strength prediction of the cold-formed angle columns. Resistance of 

cold-formed L columns under compression, bending and combination of 

compression and bending were investigated and reported in [10]. The L 

columns with different cold-formed angles and different thicknesses and with 

fixed and pinned boundary conditions were considered. Steel materials S650 

and S500 were used in the study. As tensile coupon tests had not been carried 

out, the authors carried out FEA based on basic material properties. Influence of 

cold forming in hand calculation was considered according to EN 1993-1-3[3] 

based on nominal yield strength of the materials. Parametric study and 

comparison analyses were carried out. The authors recommend some changes 

in design procedure for cross sections with fixed boundary conditions. 

Landesmann et al. (2017) investigated the behaviour of short-to-intermediate 

slender pin-ended cold-formed steel equal-leg angle columns [11]. Nineteen 

columns with 1.55 mm nominal thickness, different leg widths (50 mm, 60 mm, 

70 mm, 80 mm and 90 mm) and lengths ranging from 500 mm to 1200 mm 

were considered. The specimens were made of ZAR-345 mild steel. ANSYS 

software with shell elements SHELL181 was used for numerical investigation. 

Amplitude L/1000 was used for numerical investigations of non-critical 

minor-axis flexural components. The experimental and FEA results were 

compared to results from a DSM-based design approach. The authors also 

presented a modification factor for the DSM-based design approach.  

Beside effects of initial imperfections and residual stress on cold-formed 

members were analysed in the publications [4-11]. Load-carrying capacity and 

material strength at corner also are significant differences in design of 

hot-rolled and cold-formed members. Yu (2000) indicated that load-carrying 

capacity of cold formed steel members are limited by buckling stress that are 

usually less than yield stress of the steel material [12]. Unlike hot-rolled 
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members, material strength in corners of cold-formed steel members 

significantly increase by manufacturing process. Ma et al. (2015) specified that 

0.2% proof stresses in the corner part with 90° bends increased by up to 34% 

with effect of cold forming [13]. 

This paper describes experimental and numerical investigations of the 

resistance of cold-formed high strength steel angles for polygonal cross 

sections with different side number in application for wind turbine tubular 

towers. Thirty-six specimens with different cold-formed angles (90°, 100°, 

120°, 140°, 160°, and 170°) and different thicknesses (4 mm and 6 mm) were 

studied. The initial geometric imperfections of the specimens were determined 

using the 3D laser scanning method. The magnitudes of initial geometric 

imperfections for torsional and torsional-flexural buckling and flexural 

buckling analyses were proposed. The commercial finite element analysis 

(FEA) programme ABAQUS [14] with shell elements S4R were used for finite 

element analyses. The influence of yield strength on the FEA was considered 

with different proof stresses (0.2%, 0.01%, and 0.006%). The experimental 

results were compared to FEA results. Furthermore, influence of cold-formed 

angle on non-dimensional slenderness (  ) and reduction factor (  ) curves of 

the 4 mm thick columns with 90° and 120° cold-formed angles was analysed. 

 

2.  Experimental investigation 

 

2.1. Test specimens 

 

In order to investigate the influence of cold-formed angles on the angle 

resistance, an experimental programme was carried out. Thirty-six angle 

columns with different thicknesses (4 mm and 6 mm) were studied. The 

columns were divided into six categories with different cold-formed angles P1 

(90°), P2 (100°), P3 (120°), P4 (140°), P5 (160°) and P6 (170°). The width of 

equal-leg angle (h) of the specimens was 60 mm. Compression tests were 

carried out on the thirty-six specimens. Figures 1 and 2 show the typical angle 

specimens with different cold-formed angles. 

 

 
 
 
 
 
 
 
 
 
 
 

 

Fig. 1 Typical angle specimens with different cold-formed angles 

 

 

Fig. 2 4 mm thick specimens with different cold-formed angles 

 

The thicknesses and lengths of the specimens were measured with digital 

callipers. Each dimension was measured three times. The average values of 

the measured dimensions and the areas of the cross sections for the specimens 

are given in Tables 1 and 2. The specimens are labelled as follows: Angle {P1; 

P2; P3; P4; P5; P6} - Thickness {4 mm; 6 mm} - Test number in the test 

series {S1; S2; S3}. 

 

 

 

 

 

 

 

Table 1 

Average measured dimensions of the 4 mm thick specimens 

Specimen Angle 

Thickness Length Area 

(mm) (mm) (mm²) 

P1-4-S1 90° 3.96 593 446 

P1-4-S2 90° 4.02 594 453 

P1-4-S3 90° 4.02 593 453 

P2-4-S1 100° 3.97 590 454 

P2-4-S2 100° 4.01 593 459 

P2-4-S3 100° 3.94 593 451 

P3-4-S1 120° 4.04 591 472 

P3-4-S2 120° 4.03 590 471 

P3-4-S3 120° 4.02 591 470 

P4-4-S1 140° 3.98 593 471 

P4-4-S2 140° 4.01 592 475 

P4-4-S3 140° 4.02 589 476 

P5-4-S1 160° 3.95 591 471 

P5-4-S2 160° 4.02 593 479 

P5-4-S3 160° 4.04 594 482 

P6-4-S1 170° 4.04 592 483 

P6-4-S2 170° 3.98 590 476 

P6-4-S3 170° 3.96 591 474 

 

Table 2 

Average measured dimensions of the 6 mm thick specimens 

Specimen Angle 

Thickness Length Area 

(mm) (mm) (mm²) 

P1-6-S1 90° 6.01 591 654 

P1-6-S2 90° 6.03 593 656 

P1-6-S3 90° 6.01 594 654 

P2-6-S1 100° 5.96 589 665 

P2-6-S2 100° 6.01 591 671 

P2-6-S3 100° 6.01 592 671 

P3-6-S1 120° 6.03 591 695 

P3-6-S2 120° 5.92 590 682 

P3-6-S3 120° 5.96 590 687 

P4-6-S1 140° 6.00 591 704 

P4-6-S2 140° 5.96 589 700 

P4-6-S3 140° 5.92 593 695 

P5-6-S1 160° 6.01 590 715 

P5-6-S2 160° 5.95 592 708 

P5-6-S3 160° 5.93 594 706 

P6-6-S1 170° 6.05 590 723 

P6-6-S2 170° 6.03 590 721 

P6-6-S3 170° 5.94 591 710 
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2.2. Test set-up and instruments 

 

A Dartec compression machine with a capacity of 600 kN was used for the 

compression tests. Fig. 3 shows a typical set-up for the compression tests. Two 

steel blocks were attached to the compression machine in order to create flat 

surfaces. The load was applied at the top of the specimen. Displacement control 

was used for the compression tests. Boundary conditions of the specimens were 

considered as a clamped support (all translations and rotations were restrained) 

at the bottom and at the top (all degrees of freedom were fixed except the 

displacement in the direction of the applied load). 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

Fig. 3 Set-up for the compression tests 

 

Four LVDTs (linear variable displacement transducers) were used to 

measure the displacement. Three LVDTs were attached to the machine to 

measure displacement between the two steel blocks, with the other directly 

attached to the specimen, see Fig. 4. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 4 Positions of LVDTs 

 

2.3. Experimental results 

 

Tables 3 and 4 present the ultimate loads and end shortenings of the 4 mm 

and 6 mm thick specimens, respectively. The cold-formed angle significantly 

affected both ultimate loads and end shortenings of the specimens. The average 

ultimate loads of the 4 mm and 6 mm thick specimens with 90° cold-formed 

angles were 194 kN and 445 kN, respectively. However, the average ultimate 

loads of the 4 mm and 6 mm thick specimens with 170° cold-formed angles 

were just 31 kN and 72 kN, respectively. The average ultimate loads of the 4 

mm and 6 mm thick specimens decreased by approximately 84%. The end 

shortening values also decreased with increasing cold-formed angles from 90° 

to 170°. The average end-shortenings of the 4 mm and 6 mm thick specimens 

reduced by 87% and 85%, respectively. The average end shortenings of the 4 

mm and 6 mm thick specimens with a cold-formed angle of 170° were 0.25 mm 

and 0.35 mm, respectively. 

 

Table 3 

Ultimate loads and end shortenings of the 4 mm thick specimens 

Specimen Angle 

Length Area Ultimate load End shortening 

(mm) (mm²) (kN) (mm) 

P1-4-S1 90° 593 446 195 2.06 

P1-4-S2 90° 594 453 191 1.87 

P1-4-S3 90° 593 453 195 2.03 

P2-4-S1 100° 590 454 195 1.94 

P2-4-S2 100° 593 459 199 1.93 

P2-4-S3 100° 593 451 207 1.96 

P3-4-S1 120° 591 472 203 1.85 

P3-4-S2 120° 590 471 200 1.80 

P3-4-S3 120° 591 470 198 1.72 

P4-4-S1 140° 593 471 194 1.32 

P4-4-S2 140° 592 475 194 1.42 

P4-4-S3 140° 589 476 187 1.25 

P5-4-S1 160° 591 471 81 0.58 

P5-4-S2 160° 593 479 80 0.59 

P5-4-S3 160° 594 482 79 0.58 

P6-4-S1 170° 592 483 28 0.24 

P6-4-S2 170° 590 476 33 0.26 

P6-4-S3 170° 591 474 31 0.26 

 

Table 4 

Ultimate loads and end shortenings of the 6 mm thick specimens 

Specimen Angle 

Length Area Ultimate load End shortening 

(mm) (mm²) (kN) (mm) 

P1-6-S1 90° 591 654 443 2.35 

P1-6-S2 90° 593 656 446 2.43 

P1-6-S3 90° 594 654 445 2.37 

P2-6-S1 100° 589 665 446 2.22 

P2-6-S2 100° 591 671 466 2.41 

P2-6-S3 100° 592 671 451 2.35 

P3-6-S1 120° 591 695 450 2.02 

P3-6-S2 120° 590 682 440 1.95 

P3-6-S3 120° 590 687 442 2.02 

P4-6-S1 140° 591 704 369 1.73 

P4-6-S2 140° 589 700 389 1.85 

P4-6-S3 140° 593 695 339 1.65 

P5-6-S1 160° 590 715 147 0.78 

P5-6-S2 160° 592 708 141 0.72 

P5-6-S3 160° 594 706 147 0.77 

P6-6-S1 170° 590 723 70 0.33 

P6-6-S2 170° 590 721 73 0.33 

P6-6-S3 170° 591 710 72 0.38 

 

Fig. 5 shows the typical deformations of the specimens with cold-formed 

angles 90°, 120°, and 170° during the tests. Fig. 6 gives typical failure modes 

of the 4 mm specimens with different cold-formed angles 90°, 100°, 120°, 

140°, 160°, and 170°. Cold-formed angles significantly affected buckling 

behaviour of the specimens. Flexural-torsional buckling occurred in the 

specimens with cold-formed angles of 90°, 100°, 120°, and 140°. Flexural 

buckling occurred in the specimens with cold-formed angles of 160° and 

170°. 
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Fig. 5 Typical deformations of the specimens P1 (90°), P3 (120°) and P6 (170°) 

 

 

Fig. 6 Typical failure modes of the 4 mm thick specimens P1 (90°), P2 (100°), P3 (120°), 

P4 (140°) P5 (160°) and P6 (170°) 

 

3.  Numerical investigation 

 

3.1. Numerical model 

 

The commercial finite element analysis (FEA) programme ABAQUS [14] 

was used to simulate the columns with different cold-formed angles under 

axial compression load. It should be emphasised that the thicknesses of the 4 

mm and 6 mm specimens are approximately 0.67% and 1% of their lengths, 

respectively. In ABAQUS, there are several types of shell elements available 

[15]. Shell elements S4R (shell elements with four nodes, quadrilateral, 

reduced numerical integration and a large-strain formulation) were used in this 

study. Fig. 7 shows a typical FE mesh used for the numerical models. The 

sizes of shell elements on each side of the columns were approximately 2 mm. 

The curves at the corner parts were seeded with 8 elements.   

 

 
 
 
 
 
 
 
 
 
 
 
 

Fig. 7 Typical mesh of the numerical models 

 

 

 

Fig. 8 shows the typical boundary conditions used for the numerical 

models. Numerical models with pined and fixed supports were performed and 

compared with test results. FEA results from the numerical model with fixed 

support had good match with test results in terms of load-displacement curve, 

ultimate load and failure mode. Therefore, numerical models with fixed 

support were used in this study. A clamped support (all translations and 

rotations were restrained) was applied at the bottom and at the top, and all 

degrees of freedom were fixed except the displacement in the direction of the 

applied load. 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 8 Typical boundary conditions used for the numerical models 

 

In EN 1993-1-3 [3], influence of cold forming is considered with 

assumption of increasing yield stress of whole cross sections (corner part and 

flat part as well) by an average yield stress. In this study, the cold-formed 

angle specimens were produced by press braking method. In this method, 

plastic deformation appears in corners of the specimens. It leads to increasing 

material strength in comparison with original material. An experimental 

programme using tensile coupon tests was carried out to investigate the 

mechanical properties of the high strength steel material S650 at the corner 

and flat parts. In this study, material strengths in corner part and flat part are 

considered separately. 

Key parameters such as yield stress ( y ), tensile stress ( u ), and yield 

strain ( y ) and tensile strain (
u ) of the material at the corner and flat parts 

are shown in Tables 5, 6 and 7. The following nomenclature was adopted for 

the specimens: Angle of coupon specimen {C1(90°), C2(100°), C3(120°), 

C4(140°), C5(160°) and F(flat)} - Thickness {4 mm and 6 mm}-Test number 

in the test series {S1; S2; S3}. In some cases, the failure sections occurred 

outside the gauge lengths and, hence, those values (C5-4, C4-6, C1-4-S2, 

C4-4-S1 and C5-6-S1) were not recorded. 

 

Table 5 

Key material properties determined from tensile tests of flat coupon 

specimens 

Specimen Angle 
y  

(N/mm²) 

y  

(%) 

u  

(N/mm²) 

u  

(%) 

F-4-S1 180° 762 0.60 802 10.6 

F-4-S2 180° 763 0.60 807 8.6 

F-4-S3 180° 762 0.60 806 8.5 

F-6-S1 180° 801 0.40 845 5.7 

F-6-S2 180° 793 0.40 843 6.0 

F-6-S3 180° 791 0.40 843 5.9 
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Table 6 

Key material properties determined from tensile tests of 4 mm thick coupon 

specimens 

Specimen Angle 
y  

(N/mm²) 

y  

(%) 

u  

(N/mm²) 

u  

(%) 

C1-4-S1 90° 889 0.62 929 1.18 

C1-4-S2 90° - - - - 

C1-4-S3 90° 925 0.64 951 1.24 

C2-4-S1 100° 932 0.64 948 1.02 

C2-4-S2 100° 927 0.64 948 1.12 

C2-4-S3 100° 914 0.64 944 1.16 

C3-4-S1 120° 837 0.60 895 1.25 

C3-4-S2 120° 865 0.61 917 1.17 

C3-4-S3 120° 859 0.61 898 1.15 

C4-4-S1 140° - - - - 

C4-4-S2 140° 839 0.60 876 1.51 

C4-4-S3 140° 831 0.60 859 1.07 

 

Table 7 

Key material properties determined from tensile tests of 6 mm thick coupon 

specimens 

Specimen Angle 
y  

(N/mm²) 

y  

(%) 

u  

(N/mm²) 

u  

(%) 

C1-6-S1 90° 782 0.57 896 1.50 

C1-6-S2 90° 830 0.60 923 1.46 

C1-6-S3 90° 874 0.62 896 1.22 

C2-6-S1 100° 843 0.60 898 1.37 

C2-6-S2 100° 861 0.61 893 1.31 

C2-6-S3 100° 853 0.61 890 1.37 

C3-6-S1 120° 878 0.62 916 1.33 

C3-6-S2 120° 883 0.62 917 1.32 

C3-6-S3 120° 845 0.60 905 1.69 

C5-6-S1 160° - - - - 

C5-6-S2 160° 778 0.57 867 1.67 

C5-6-S3 160° 826 0.59 881 1.34 

 

Multi-linear constitutive model was used to model the material properties, 

Fig. 9. In the commercial finite element analysis (FEA) programme ABAQUS, 

the engineering stress-strain relationships need to be converted into the form 

of true stress and true plastic strains using Eq. (1) and (2) [15]: 

 

                                                            (1) 

 

 

                                        (2) 

                                                                                                                                                            

                                                                                                                                                                                                                                                                                

 where: true is true stress, eng is engineering stress, ,true p is true plastic strain, 

and eng is engineering strain. 

Residual stress in cold-formed steel plain angle columns was studied by E. 

Ellobody and B. Young [6]. The authors specified that ultimate load and 

shortening of the columns with and without residual stress are almost identical. 

Therefore, residual stress was not considered in this study. 

 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 9 Material model 

 

3.2. Initial geometric imperfections 

 

Initial geometric imperfections significantly affect the resistance of the 

specimens. Therefore, the geometric imperfections of the specimens were 

determined before testing. There are several methods to determine initial 

geometric imperfections of specimens. B. W. Schafer et al. [16] used a milling 

machine, a direct current differential transformer (DCDT) and a computer to 

measure the initial geometric imperfections of eleven specimens. This method 

was also used to determine the geometric imperfections of S460NH and 

S690QH specimens by J. Wang et al. [17]. A theodolite with micrometer 

plates was used to measure the geometric imperfections at the tips of the legs 

and at the corners of thirty cold-formed angles [4]. B. Young used two 

theodolites to obtain the geometric imperfections at the mid-length and near 

both ends of nineteen cold-formed steel plain angle columns [5]. E. Ellobody 

and B. Young used a coordinate measuring machine to measure the geometric 

imperfections at the middle and quarter length of their specimens [6]. Tran et 

al. used a 3D laser scanning method to measure the geometric imperfections 

of thirty-two cold-formed circular and polygonal specimens with and without 

openings [18]. In this study, the 3D laser scanning method was also used to 

measure the initial geometric imperfections of the thirty-six cold-formed 

angles. Fig. 10 shows the initial geometric imperfections of the P4-4-S2 

specimen. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 10 Initial geometric imperfections of the P4-4-S2 specimen 

In order to determine geometric imperfections of the specimens, 

approximately 4100 points on the surface of each specimen were considered. 

The biggest geometric imperfection amplitudes of the specimens at the sides 

( te ) and at the middle ( le ) of angles are given in Tables 8 and 9. Direction of   

te  and le  are perpendicular to side surface and vertical direction of 

specimen respectively. 

 

 

 

 

 

(1 )true eng eng  = +

, ln(1 ) true
true p eng

E


 = + −
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Table 8 

Initial geometric imperfections of the 4 mm thick specimens 

Specimen Angle 
Thickness Length Max imperfection amplitude 

(mm) (mm) te  (mm) le  (mm) 

P1-4-S1 90° 3.96 593 0.76 0.64 

P1-4-S2 90° 4.02 594 0.90 0.61 

P1-4-S3 90° 4.02 593 0.60 0.50 

P2-4-S1 100° 3.97 590 0.67 0.58 

P2-4-S2 100° 4.01 593 0.93 0.70 

P2-4-S3 100° 3.94 593 0.96 0.76 

P3-4-S1 120° 4.04 591 0.60 0.53 

P3-4-S2 120° 4.03 590 0.71 0.71 

P3-4-S3 120° 4.02 591 0.70 0.63 

P4-4-S1 140° 3.98 593 0.80 0.80 

P4-4-S2 140° 4.01 592 0.72 0.72 

P4-4-S3 140° 4.02 589 0.71 0.69 

P5-4-S1 160° 3.95 591 0.80 0.79 

P5-4-S2 160° 4.02 593 0.81 0.78 

P5-4-S3 160° 4.04 594 0.90 0.88 

P6-4-S1 170° 4.04 592 0.70 0.67 

P6-4-S2 170° 3.98 590 0.59 0.51 

P6-4-S3 170° 3.96 591 0.74 0.65 

Mean    0.76 0.67 

Standard deviation   0.11 0.11 

 

Table 9 

Initial geometric imperfections of the 6 mm thick specimens 

Specimen Angle 
Thickness Length Max imperfection amplitude 

(mm) (mm) te (mm) le (mm) 

P1-6-S1 90° 6.01 591 1.04 0.94 

P1-6-S2 90° 6.03 593 1.11 0.80 

P1-6-S3 90° 6.01 594 1.04 0.72 

P2-6-S1 100° 5.96 589 1.17 0.83 

P2-6-S2 100° 6.01 591 1.25 0.82 

P2-6-S3 100° 6.01 592 0.62 0.87 

P3-6-S1 120° 6.03 591 0.90 0.69 

P3-6-S2 120° 5.92 590 1.01 0.65 

P3-6-S3 120° 5.96 590 0.89 0.62 

P4-6-S1 140° 6.00 591 0.75 0.73 

P4-6-S2 140° 5.96 589 0.94 0.71 

P4-6-S3 140° 5.92 593 0.70 0.82 

P5-6-S1 160° 6.01 590 0.61 0.74 

P5-6-S2 160° 5.95 592 0.78 0.84 

P5-6-S3 160° 5.93 594 0.71 0.51 

P6-6-S1 170° 6.05 590 0.72 0.65 

P6-6-S2 170° 6.03 590 1.14 0.60 

P6-6-S3 170° 5.94 591 1.04 0.91 

Mean    0.91 0.75 

Standard deviation   0.20 0.12 

 

According to EN 1993-1-5 [19], in relation to local buckling of a panel or 

subpanel with a short span a or b, the magnitude of the equivalent geometric 

imperfections is the lower value of a/200 and b/200. In respect of flexural 

buckling, according to EN 1993-1-1 [20], the magnitudes of initial 

imperfections for elastic analysis and plastic analysis are L/200 and L/150 

respectively (buckling curve c). The magnitudes of initial geometric 

imperfections have been described in several papers. The average geometric 

imperfections of 30 cold-formed angles at the tips of the legs and at the 

corners were L/1305 and L/2310, respectively [4]. The authors also specified 

that the geometric imperfections at the tips were much higher than at the 

corners. F. Yang et al. used L/750 at the middle of cold-formed angles for the 

initial overall geometric imperfection [7]. E. Mesacasa Jr et al. used geometric 

imperfection amplitude L/1000 at middle height of thin-walled equal-leg 

angle columns in FEA for flexural-torsional buckling and flexural buckling 

analyses [27]. According to EN 1090-2:2008+A1:2011, the permitted 

deviation  of cold-formed profiled sheets should be / 50b (b is the 

nominal width) [25].  It should be emphasised that the width of the equal-leg 

angle (h) of the specimens was 60 mm. Therefore, the maximum imperfection 

amplitudes of our specimens were within the recommendation according to 

EN 1090-2:2008+A1:2011. 

In attempt to determine geometric imperfections for cold-formed angle 

specimens, collected data on geometric imperfections of thirty-six specimens 

were performed. Fig. 11 shows the ratios between the maximum geometric 

imperfection magnitude at the sides of the angles and the thicknesses of the 

specimens, as a percentage. Fig. 12 shows the ratios between the lengths and 

the maximum geometric imperfection magnitude at the middle of the 

specimens. Average values of the ratios are determined and also presented in 

Figs 11 and 12. The magnitude of initial geometric imperfections for local and 

torsional/torsional-flexural buckling and flexural buckling analyses of 

cold-formed angle specimens are proposed as 17% t and L/855 respectively, 

where L and t are the length and thickness of the specimen, respectively. It 

emphasized that the specimens in this study were provided by Ruukki 

Company in Finland. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 11 Ratio of percentage between maximum initial geometric imperfection at sides and 

thickness of each specimen 

 

 

Fig. 12 Ratio between maximum initial geometric imperfection at the middle and length 

of each specimen 

 

3.3. Influence of yield strength on the FEA 

 

Proof stress significantly affects the resistance of finite element analysis 

(FEA) models [21]. According to EN 1993-1-6, if the behaviour between stress 

and strain is nonlinear, the yield strength should be taken as 0.2% proof stress 

[22]. However, N.S. Ottosen and M. Ristinmaa specified that offset strains used 

in most scientific experimental investigations are much smaller than 0.2% [23]. 
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D. Rees recommended that offset strains are in the range from 0.001% to 0.01% 

[24]. In this study, 0.2%, 0.01% and 0.006% proof stresses were used to 

investigate the influence of proof stress on the resistance of the FEA models. 

The specimens studied had different thicknesses (4 mm and 6 mm) and 

different cold-formed angles (90°, 100°, 120°, and 140°). Resistance values 

from the FEA were compared to corresponding results from the experiments, 

see Table 10. Mean values and standard deviation values are also shown in this 

table. Mean values of resistance ratios between experimental and FEA results 

with 0.2%, 0.01%, and 0.006% proof stresses were 0.91, 0.99, and 1.06, 

respectively. The difference in average between the experimental and FEA 

results with 0.01% proof stress was just 1%. Therefore, 0.01% proof stress was 

used in this study. 

 

 

Table 10 

Initial geometric imperfections of the 6 mm thick specimens 

Specimen Angle 

Ultimate load (kN)    

Experiment FEA     

Ptest P0.2 P0.01 P0.006 Ptest/P0.2 Ptest/P0.01 Ptest/P0.006 

P1-4-S1 90° 195 211 196 191 0.93 1.00 1.02 

P1-6-S3 90° 445 489 423 375 0.91 1.05 1.19 

P2-4-S2 100° 199 214 200 194 0.93 0.99 1.02 

P2-6-S1 100° 446 498 448 411 0.89 0.99 1.08 

P3-4-S2 120° 200 217 201 194 0.92 1.00 1.03 

P3-6-S1 120° 450 522 467 426 0.86 0.96 1.06 

P4-4-S2 140° 194 213 203 196 0.91 0.96 0.99 

Mean          0.91 0.99  1.06 

Standard deviation    0.02 0.03 0.06 

 

3.4. Finite element model validation 

 

Resistance comparisons of the specimens with different thicknesses and 

different cold-formed angles between the experimental and FEA results are 

presented in Table 10. It should be noted that materials of corner part and flat 

part in the numerical models were modelled separately based on tensile coupon 

tests. Therefore, FEA results of some cold-formed angles are not presented in 

Table 11 because of lacking data from the tensile coupon tests. The mean and 

standard deviation values were 1.01 and 0.04, respectively. The difference in 

average between the experimental and FEA results was just 1%. The good 

agreement between ultimate loads derived from the FEA and experimental 

results validate the simulations. It should be noticed that different materials 

were used for the different parts (flat and corner parts) and the initial geometric 

imperfections of the specimens were determined using the 3D laser scanning 

method described in section 3.2. Experimental and numerical 

load-displacement curves for the 4 mm thick specimen with 90° cold-formed 

angle and 120° cold-formed angle are presented in Figs 13 and 14 respectively. 

They show good agreement in terms of shapes and ultimate loads. Figs 15 and 

16 show the deformation and failure mode of the 4 mm thick specimen with 100° 

cold-formed angle, respectively. The experimental results matched those from 

the FEA well. 

 

 

Table 11 

Comparisons between experimental and FEA results 

Specimen Angle 
Thickness Length 

 
Ultimate load (kN)  

(mm) (mm) 
 

FEA (PFEA) Experiment (Ptest) PFEA/Ptest 

P1-4-S1 90° 3.96 593  196 195 1.00 

P1-4-S2 90° 4.02 594  197 191 1.03 

P1-4-S3 90° 4.02 593  197 195 1.01 

P2-4-S1 100° 3.97 590  200 195 1.03 

P2-4-S2 100° 4.01 593  200 199 1.01 

P2-4-S3 100° 3.94 593  200 207 0.97 

P3-4-S1 120° 4.04 591  200 203 0.99 

P3-4-S2 120° 4.03 590  201 200 1.01 

P3-4-S3 120° 4.02 591  201 198 1.01 

P4-4-S1 140° 3.98 593  202 194 1.04 

P4-4-S2 140° 4.01 592  203 194 1.04 

P4-4-S3 140° 4.02 589  203 187 1.08 

P1-6-S1 90° 6.01 591  423 443 0.95 

P1-6-S2 90° 6.03 593  421 446 0.94 

P1-6-S3 90° 6.01 594  423 445 0.95 

P2-6-S1 100° 5.96 589  448 446 1.01 

P2-6-S2 100° 6.01 591  445 466 0.96 

P2-6-S3 100° 6.01 592  462 451 1.02 

P3-6-S1 120° 6.03 591  467 450 1.04 

P3-6-S2 120° 5.92 590  463 440 1.05 
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P3-6-S3 120° 5.96 590  467 442 1.06 

Mean       1.01 

Standard deviation      0.04 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 13 Load-displacement curves obtained from the FEA and test results for 4 mm thick 

specimens with 90° cold-formed angle 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 14 Load-displacement curves obtained from the FEA and test results for 4 mm thick 

specimens with 120° cold-formed angle 

 

 

 

 

 

Fig. 15 Deformation of the 4 mm thick specimen with 100° cold-formed angle (FEA and 

experimental results) 

 

 

 

 

 

 

 

 

    

 

Fig. 16 Failure mode of the 4 mm thick specimen with 100° cold-formed angle 

(experimental and FEA results) 

 

4.  Parametric study 

 

Behaviour of angle columns with various lengths were numerically 

investigated and presented in [26-27]. Dinis et al [26] and Mesacasa Jr. et al 

[27] used the commercial finite element analysis (FEA) programmes 

ABAQUS and ANSYS with shell elements for their studies respectively. 

Dinis et al [26] used cross section L70x70x1.2 mm3 and Mesacasa Jr. et al [27] 

used cross section L70x70x2.0 mm3 for the columns. It is worth to mention 

that class of the cross-sections is 4.   

The authors specified that behaviours of short-to-intermediate and 

intermediate-to-long columns are flexural-torsional buckling and pure flexural 

buckling, respectively and ‘transition length’ between the two buckling 

behaviours. In the transition length, behaviour of the columns is coupling 

between two global buckling (flexural-torsional buckling and pure flexural 

buckling). Ultimate strengths of the columns significantly grow as the length 

reaches the transition value [27]. It notes that transition value is the coincident 

flexural-torsional and flexural critical buckling load. 

In this work, the commercial finite element analysis (FEA) programmes 

ABAQUS [14] used to determine critical loads of the column with various 

lengths. Fig. 17 shows relationship between critical loads and column lengths 

of the cross section L60x60x4 mm3. The curve presented by Mesacasa Jr. et 

al in [27] is also showed in this figure. It notes that F and P in the curve from 

Mesacasa Jr. et al are fixed and pined boundary conditions respectively. The 

curves of the L70x70x2 mm3 columns and L60x60x4 mm3 columns with 90° 

cold-formed angle show good match in term of shape and trend. 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 17 Critical load and column length curve of the 4 mm thick column with 90° 

cold-formed angle 

 

After FE models validated in section 3.4, a series of FE models were 

developed to investigate relationships between non-dimensional slenderness 

(  ) and reduction factor (  ) curves of the columns with 90° and 120° 

cold-formed angles. Cross-section dimensions of the columns were fixed with 

4 mm thickness and 60 mm width of equal-leg angle. Slenderness of the 

columns was determined by changing length of the columns. Material in 

corner part and flat part of the columns were modelled separately based on 

tensile coupon tests. Initial geometric imperfections of the columns were used 

as 17% of thickness and 1/855 of length of the columns for torsional-flexural 

buckling behaviour and flexural buckling behaviour respectively. Boundary 
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conditions of the columns were a clamped support (all translations and 

rotations were restrained) at the bottom and at the top (all degrees of freedom 

fixed except the displacement in the direction of the applied load). 

The reduction factor was calculated as follows: 

 

(3)                                                            

                                                                                                                       

where 
ultN  is the ultimate load determined by experiment or from FEA, and 

yN is determined using the following equation: 

                                                                                                                               

(4) 

 

where 
cornerA , 

effA  are the areas of the corner part and the effective area of 

the flat part, respectively,
,y cornerf  and 

,y flatf  are the yield strengths of the 

corner part and the flat part, respectively. It should be noted that the class of 

the specimens is 4. According to EN 1993-1-5 [19], a gross cross-sectional 

area for a class 4 cross section is reduced to an effective area of a compression 

zone. The effective area is determined by Eq. (5). 

 

   (5) 
                                                                                                                       

where   is the reduction factor for plate buckling, and 
gA  is the gross 

cross-sectional area. The reduction factor for the plate buckling is determined 

as follows:  

 

                     for                                     (6)            

 

                                                                       

                     for                         (7) 

                                                                              

 

where:                                                       (8)                                                                             

 

 

and h is the width of the equal-leg angle, t is the thickness, k  is the 

buckling factor, and 

 

                                        (9) 

 

 

The non-dimensional slenderness   is obtained from the following 

equation: 

 

 

                                       (10) 

                                  

                                                         

where crN  is the elastic critical force for flexural buckling and 

torsional-flexural buckling. 

 

Fig. 18 presented relationship between the non-dimensional slenderness 

and reduction factor curves of the 4 mm thick columns with 90° and 120° 

cold-formed angles. The figure also shows results tested by Popovic et al [4] 

and test results of the P1 and P3 columns with approximately 600 mm length. 

Popovic et al [4] tested columns with L50x50x2.5 mm3 cross-section under 

compression. The material properties in corner and flat part and compression 

test results of the L50x50x2.5 mm3 columns presented in Tables 12 and 13 

respectively. The test results agree well to the FEA results. 

 

Table 12 

Tensile coupon test results from Popovic et al [4] 

Section Material 
y staticf  

(MPa) 

y staticf  

(MPa) 

E 

(MPa) 
ue  

(%) 

L50x50x2.5 Corner 568 618 200516 10 

L50x50x2.5 Flat 396 475 208318 23 

 

Table 13 

Compression test results* from Popovic et al [4] 

Section* Sample length L 

(mm)* 
Ultimate load testN  

(kN)* 

Reduction factor 

test

y

N

N
  

L50x50x2.5 550 54.0 0.85 

L50x50x2.5 970 41.5 0.65 

L50x50x2.5 1379 37.0 0.58 

L50x50x2.5 1747 31.3 0.49 

L50x50x2.5 2199 26.4 0.41 

L50x50x2.5 2598 22.3 0.35 

 

Characteristic comparison between the 120° and 90° cross-sections is 

presented in Table 14. The torsion constant, warping constant and second 

moment of area for major axis of the 120° cross-section are 4%, 12% and 57% 

higher than 90° cross-section respectively. It is worth to note that, in this work, 

slenderness of the columns was determined by changing length of the columns. 

The column length decrease (non-dimensional slenderness decrease) causes 

increasing effect of cross section characteristic (for the major axis) on the 

flexural-torsional buckling. It leads the reduction factor of 120° cross-section 

column is higher than 90° cross-section column as the non-dimensional 

slenderness decreases. 

 

Table 14 

Characteristic comparison between 90° and 120° cross-sections 

Characteristic of cross section Cross section 

P3 (120°) 

Cross section 

P1 (90°) 
3

1

P

P
 

Torsion constant ( tI  mm4) 2426 2328 1.04 

Warping constant ( wI  mm6) 691070 618780 1.12 

Second moment of area for major axis  

( yI  mm4) 

407680 260350 1.57 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 18 Non-dimensional slenderness and reduction factor curves of the 4 mm thick 

columns with 90° and 120° cold-formed angles 

 

5.  Conclusions 

 

The resistance of the thirty-six specimens with different thicknesses (4 

mm and 6 mm) and different cold-formed angles (90°, 100°, 120°, 140°, 160°, 

and 170°) was investigated experimentally. Numerical models were developed 

and calibrated against the experimental results. Based on experimental and 

FEA results, the following conclusions are suggested: 

- The resistance of the specimens significantly decreases by 84% with 

increasing cold-formed angles from 90° to 170°. 

- The initial geometric imperfections of the thirty-six specimens are 

investigated using the 3D laser scanning method. Magnitudes of the initial 

geometric imperfection for torsional and torsional-flexural buckling and 

flexural buckling analyses are proposed 17% b and L/855 respectively. 

- The influence of 0.2%, 0.01%, and 0.006% proof stresses on the 

resistances in FEA are considered. The differences between experimental and 

FEA results corresponding to 0.2%, 0.01% and 0.006% proof stresses are 9%, 

1%, and 6% respectively. 

- Relationships between non-dimensional slenderness (  ) and reduction 

factor (  ) of the 4 mm thick columns with 90° and 120° cold-formed angles 

were analysed and presented. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Behaviors of recycled self-compacting concrete filled steel tubular (RSCCFST) columns under eccentric compression were 

experimentally investigated in this paper. The influences of the recycled coarse aggregate (RCA) replacement ratios, length-

diameter ratios, eccentricities, and concrete strength were examined. According to the tests, the RSCCFST columns 

demonstrated a satisfying performance under the eccentric loads. The failure modes of short and long RSCCFST columns are 

drum-like bending and flexural buckling, respectively. Large replacement ratio of RCA and length-diameter ratio would reduce 

the member stiffness and increase the yielding and ultimate deflections; while the variation of concrete strength has little effect 

on the deflections. Therefore, to improve the member bearing capacity, the most effective way is to reduce the RCA 

replacement ratio, length-diameter ratio and increase the concrete strength. Furthermore, based on the fiber strip method, a 

numerical analysis approach for conveniently evaluating the load-deflection relationship of the RSCCFST columns was 

developed. The load-deflection curves of the specimens were calculated with the numerical method and compared with the test 

data. The verifications illustrated the proposed method has good accuracy and can be adopted in engineering practices. 
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1.  Introduction 

 

Due to rapid urbanization and city renewal, increasing use of natural 

aggregates and deposit of construction waste result in severe environmental 

paroblems. To resolve this issue, the recycled coarse aggregate (RCA) using the 

crushed waste concrete has been proposed [1]. 

According to previous research [2-6], RCA would influence the splitting 

tensile strength, flexural strength and durability of recycled aggregate concrete. 

Gupta [7] conducted an experiment to investigate the mechanical properties of 

recycled aggregate concrete showing the tensile and flexural strength of 

recycled aggregate concrete can be improved by increasing the water-cement 

ratio, and the capacity of the RCA concrete with the high water-cement ratio is 

greater than the conventional concrete. Kou et al. [8] and Tam et al. [9] found 

that the mechanical properties of the concrete with the recycled aggregate 

immersed in sulfide, chloride and polyvinyl alcohol were better than ordinary 

concrete. Xiao et al. [10] investigated the dynamic performance of the recycled 

concrete frame, which indicated that the structure with a higher replacement 

ratio of RCA, ratio between the mass of recycled coarse aggregate and total 

coarse aggregate, had a good seismic resistance. 

The self-compacting concrete (SCC) could improve both concrete 

performance and construction safety due to its good homogeneity, fluidity and 

compactness [11,12]. Silva et. al. [13], Kenai et. al. [14] and Zoran et. al. [15] 

indicated that the properties of recycled self-compacting concrete (RSCC) was 

excellent with an appropriate RCA replacement ratio, which demonstrated 

RSCC has a potential to be a useful material in civil engineering. 

Furthermore, the concrete-filled steel tube (CFST) has been widely used 

due to its extraordinary bearing capacity, ductility and low construction costs 

[16-18]. It has a superior performance under compression [19-22], dynamic load 

[23] and fire [24]. From this point of view, the recycled concrete filled steel 

tubular (RCFST) column was proposed. Mohanraj et al. [25] experimentally 

investigated the axial compressive behavior of RCFST columns that indicated 

the ultimate bearing capacity of RCFST columns was higher than conventional 

reinforced concrete and reinforced recycled concrete columns with 10% less 

cost of concrete. Yang and Han [26] examined the performance of RCFST 

columns under eccentric compression. Results showed that the failure modes of 

RCFST columns were similar to the ordinary CFST columns, i.e., the overall 

bucking failure. Tang et al. [27] analyzed the behavior of RCFST columns under 

cyclic loading, where the RCFST columns exhibited excellent deformation 

capacity and ductility compared with ordinary CFST columns.  

However, the compactness of the core concrete, relating to the bearing 

capacity, in the composite structure is difficult to guarantee. Muciaccia et al. 

[28] illustrated that the good compactness and homogeneity could be obtained 

under the self-gravity of SCC in CFST. Mahgub et al. [29] conducted an 

experiment on axially loaded SCC filled elliptical steel tubular columns 

demonstrating that the composite columns with large length-diameter ratio has 

overall buckling failure mode and low bearing capacity. 

Although a lot of investigations on RCFST and self-compacting concrete 

filled steel tube (SCCFST) have been carried out, little research focuses on the 

mechanical properties of RSCCFST columns. In this study, twenty-one 

RSCCFST columns were tested to investigate the member performance under 

eccentric compression. The influences of the RCA replacement ratio, length-

diameter ratio, eccentricity and concrete strength on the load-deflection 

relationship were discussed. A convenient numerical analysis approach for 

evaluating the column capacity is presented.  

 

2.  Experimental Program 

 

2.1. Preparation of Specimens 

 

To comparatively investigate the RSCCFST column performance, twenty-

one specimens with various properties, replacement ratios of RCA, length-

diameter ratios, eccentricities and concrete strength grades, were tested. The 

parameters of the specimens are given in Table 1. Both ends of the tubes were 

polished, flatted and wielded with 300 mm×300 mm×10 mm steel plates. 

During the specimen fabrication, after the bottom end plate was connected to 

the steel tube, the RSCC was poured without vibration. A plastic film was used 

to temporarily seal the upper end of the specimen to reduce the water 

evaporation. When the core RSCC was set, the plastic film was removed, and 

the upper steel plate was welded to the top of the specimen. 

 

2.2. Material properties 

 

Q235 steel was used to make the straight seamless outer tube. The material 

properties of the steel measured from the coupon test are provided in Table 2. 

The RSCC consisted of coarse aggregates (RCA and ordinary graded gravel), 

continuously graded fine aggregates (sand and fly-ash), P. O 42.5 cement, tap 

water, and Polycarboxylate acid superplasticizer. RCA was obtained by 

crushing the waste C20~C60 concrete blocks. The sieve analysis of RCA was 

performed according to the Chinese standard JGJ 52-2006 [30]. The particle 

sizes of RCA and ordinary graded gravel were 5 mm-31.5 mm. The components 

of RSCC and the mechanical properties determined from the specified method 

in Chinese Regulation JGJ/T283-2012 [31] are shown in Table 3. 

 

2.3. Test setup and procedure 

 

The experiments were conducted on the hydraulic compression testing 

machine. The detailed test setup and strain measuring points were shown in Fig. 

1.  
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Two linear variable displacement transducers (LVDTs) were employed to 

monitor the column’s axial deformation. Another three LVDTs were 

horizontally arranged at 0.25L, 0.5L, and 0.75L height to determine the lateral 

column deflections. For the short column, eight strain gauges were evenly 

arranged at the column mid-height to measure the axial and circumferential 

strains, see Fig. 1(a). For the long column, twenty-four strain gauges were glued 

evenly at 0.25L, 0.5L, and 0.75L, see Fig. 1(c). 

The experiments were initiated with the load-controlled loading scheme 

with the rate of 50 kN/min. After the axial load reached approximately 85% of 

the estimated ultimate bearing capacity, the displacement-controlled loading 

scheme with the rate of 0.5 mm/min was adopted. 

 

Table 1 

Parameters of specimens 

Specimen 

ID 
D/mm t/mm L/mm  /% e/mm e/r L/D 

Concrete 

number 

RSCSE-1 140 3.63 500 0 20 0.30 3.57 S1/C30 

RSCSE-2 140 3.63 500 0 40 0.60 3.57 S1/C30 

RSCSE-3 140 3.63 500 0 60 0.90 3.57 S1/C30 

RSCSE-4 140 3.63 500 50 20 0.30 3.57 S2/C30 

RSCSE-5 140 3.63 500 50 40 0.60 3.57 S2/C30 

RSCSE-6 140 3.63 500 50 60 0.90 3.57 S2/C30 

RSCSE-7 140 3.63 500 100 20 0.30 3.57 S3/C30 

RSCSE-8 140 3.63 500 100 40 0.60 3.57 S3/C30 

RSCSE-9 140 3.63 500 100 60 0.90 3.57 S3/C30 

RSCSE-10 140 3.63 500 100 20 0.30 3.57 S4/C50 

RSCSE-11 140 3.63 500 100 40 0.60 3.57 S4/C50 

RSCSE-12 140 3.63 500 100 60 0.90 3.57 S4/C50 

RSCSE-13 140 3.63 500 100 20 0.30 3.57 S5/C60 

RSCSE-14 140 3.63 500 100 40 0.60 3.57 S5/C60 

RSCSE-15 140 3.63 500 100 60 0.90 3.57 S5/C60 

RSCSE-16 140 3.63 1000 100 20 0.30 7.14 S4/C50 

RSCSE-17 140 3.63 1000 100 40 0.60 7.14 S4/C50 

RSCSE-18 140 3.63 1000 100 60 0.90 7.14 S4/C50 

RSCSE-19 140 3.63 1500 100 20 0.30 10.71 S4/C50 

RSCSE-20 140 3.63 1500 100 40 0.60 10.71 S4/C50 

RSCSE-21 140 3.63 1500 100 60 0.90 10.71 S4/C50 

 

Note: RSCSE indicates eccentrically loaded columns, D, L, t, and   are the 

measured steel tube outside diameter, length, thickness, and the replacement ratio of RCA, 

respectively, r and e are the radius of concrete and the eccentricity, respectively. 

 

Table 2 

The main material properties of the steel tube 

Tube 

thickness 

(mm) 

Yield 

strength 

(MPa) 

Tensile 

strength 

(MPa) 

Young’s modulus 

(105 MPa) 

Poisson’s 

ratio 

3.63 233.23 295.68 2.00 0.297 

 

3.  Experimental results and analysis 

 

3.1. Failure modes 

 

The failure process of the eccentrically loaded RSCCFST columns 

contained three stages as elasticity, elastoplasticity and plasticity. The elastic 

stage, specimens kept intact. With the deformation increasing, rust on the 

surface of the outer tubes peeled off gradually. When the load approached the 

ultimate bearing capacity, the slight crushing noise of the internal RSCC can be 

heard, and the lateral deformation became apparent. The failure modes of the 

specimens are shown in Fig. 2, where the eccentrically loaded RSCCFST short 

columns and long columns presented drum-like bending failure and overall 

flexural buckling failure modes, respectively. 

 

Fig. 1 Test set up and strain measuring points arrangement 

 

3.2. Load-deflection relationship analysis 

 

Load-deflection (N -  ) curves of the specimens are plotted in Fig. 3, 

where N stands for the axial load,  is the lateral deflection at mid-height (0.5L) 

of the columns. 

The load-deflection curves can be roughly divided into three parts. The first 

part is the linear phase, where the load and deflection were approximately 

proportional. In the second part, the nonlinear phase, the relation between the 

load and deflection became nonlinear. With the load further increased, the 

specimens almost lost the capacity. The load-deflection curves entered the third 

part, the horizontal phase. 

The yield and ultimate deflections and the displacement ductility 

coefficient of the RSCCFST specimens are summarized in Table 4. 

  

3.2.1. Effect of replacement ratio of RCA 

The comparison shown in Fig. 3(a) demonstrates the influences of the 

replacement ratio of RCA. It can be seen the use of RAC would reduce the 

bearing capacity of RSCCFST columns. This is mainly because the bonding 

effects between aggregates were weakened by the residual mortar attached on 

the surface of RCA. This defect decreased the elastic modulus of RSCC and the 

lateral deflection at the yield strength. However, the displacement ductility 

coefficient could be increased with a large amount of RCA. 

 

3.2.2. Effect of length-diameter ratio 

The load-deflection curves of the specimens with different length-diameter 

ratios are shown in Fig. 3(b). The conception of the length-diameter ratio of 

CFST is similar to the slender ratio. Member with the high length-diameter ratio 

has a low initial stiffness, large P-δ effects and a weak constraint on the inner 

concrete. Therefore, as shown in the Figure., raising the length-diameter ratio 

would increase the deflections and decrease the ductility of the RSCCFST 

columns. 

 

 

 

 

 

 

 

（a）Short column schematic diagram  
 

(b) Short column  

(c) Long column schematic diagram  

 

（d）Long column 
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Table 3 

Component of RSCC and measured strength 

 

 

 

 

 

 

 

 

 

 

 

3.2.3. Effect of eccentricity 

The eccentricity inducing the secondary moment would reduce the member 

yielding and ultimate load capacity. Moreover, the bending moment changes 

the stress state of the part inner concrete from triaxial axial compress to tension 

leading to a great drop of its strength. As shown in Fig 3(c), similar to CFST 

columns, the eccentricity has a negative effect on the capacity and stiffness of 

RSCCFST columns. 

 

3.2.4. Effect of concrete strength grade 

The compressive strength of the RSCCFST column is mainly provided by 

the inner concrete. According to Fig. 3(d), the use of the concrete with high 

strength improves the bearing capacity of the columns. However, the influences 

on the lateral deflection and the ductility are not obvious. 

 

（a）RSCSE-1 (b) RSCSE-2 

(c) RSCSE-18 (d) RSCSE-19 

Fig. 2 Failure mode of the RSCCFST columns 
 

4.  Numerical analysis of load-deflection relationship 

 

4.1. Modelling of steel tube 

  

The stress-strain relationship of steel is usually generalized as the curve 

shown in Fig.4, which can be described as [32, 33] 
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where, s , s are the stress and strain of steel, respectively, sE is the 

Young’s modulus of steel, yf , uf are the yield strength and ultimate strength of 

steel, pf is the proportional limit of steel, p y s0.8 f E = is the strain 

corresponding to the proportional limit of steel y p1 1.5 = and y2 10 p =

stand for the strain at the starting yield point and the ending yield point, 

respectively, pu 100 = is the strain corresponding to the ultimate strength, and
2

y y p10.2 ( )A f  = − , y12B A= , 2
p p0.8 yC f A B = + − .

 
 

  

(a) The replacement ratio of RCA (e=40mm) (b) The length-diameter ratio (e=40mm) 

  

(c) Eccentricity (d) Concrete strength grade 

Fig. 3 The effect of four parameters on load-deflection relationship 

4.2. Modelling of RSCC 

Based on the research of Xiao [34] and Han et al. [35], the stress-strain 

relationship of RSCC including the effects of the RCA is proposed in this study. 

The stress-strain curve of RSCC under compression is plotted in Fig.5, which 

can be represented with Eq (2) as 
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where,
c ,

c are the compressive stress and strain of RSCC, respectively. 

cp , cp are the maximum compressive stress and strain of RSCC respectively,  

g and h are the parameters obtained from the regression analysis of test data as 

c

2.125 1.171 0.0035g f= − −   

7 2-4 5 0.25 ( 0.5)
c( 3.2 )3.51 10 (2.36 10 ) fh   − + −

   −=      

 

where,
cf is the axial compressive strength of RSCC,  is the replacement 

ratio of RCA, ( ) ( )γy cks cA Af f = is the confinement effect coefficient that 

considering the influence of the replacement ratio of RCA. 
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Material usage /kg 
Cube 

compressive 

strength 

（MPa） 

Axial 

compressive 

strength. 

（MPa） 

Poisson's 

ratio 

Young’s 

modulus 

（104MPa） 
Water Sand Cement Fly ash 

Water 

reducer 
NCA RCA 

S1 210 736 305 144 3.143 798 0 36.2 29.1 0.217 2.63 

S2 210 736 305 144 3.143 399 399 34.6 27.8 0.174 2.57 

S3 210 736 305 144 3.143 0 798 33.0 26.3 0.152 2.31 

S4 176 936 395 151 1.638 0 798 53.4 42.8 0.168 2.73 

S5 164 736 477 113 1.770 0 798 61.8 49.5 0.165 3.02 

（1） 

（2） 

（3） 

（4） 
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Table 4 

The yield, ultimate deflection and the displacement ductility coefficient 

Note: y is the deflection at yielding strength, u is the deflection at ultimate 

strength,  is the displacement ductility coefficient. 

 

( )s=2 / 2A r t t + is the cross section area of steel tube in compression zone,
2 2

c sinA r = is the cross section area of internal RSCC in compression zone,
2

γ 1 0.055 0.171  = + − is the replacement ratio of RCA influence coefficient 

obtained by regression analysis, ckf is the axial compressive characteristic 

strength of RSCC. 

The stress-strain relationship model for internal RSCC in tension zone is 

[32]  
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where,
l ,

l are the tensile stress and strain of RSCC, respectively. lp , 

lp are the maximum tensile stress and strain of RSCC, respectively. 

 

Fig. 4 Stress-strain curve of steel tube 

 

 

Fig. 5 Stress-strain relationship of RSCC 

4.3. Numerical analysis 

 

4.3.1. Assumptions 

In the numerical analysis of the load-deflection relationship for the 

RSCCFST columns under eccentric compression, the following calculation 

assumptions were proposed: (1) The stress-strain relations of steel and RSCC 

given in Eqs.(1), (2) and (5) are adopted; (2) The RSCCFST column under 

eccentric loads was simply supported, and the deflection is a half sinusoidal 

curve; (3) The core RSCC and the outer steel tube work together, and the 

deformation was coordinated; (4) The shear deformation is ignored; (5) Plane 

sections remain plane. 

 

4.3.2. Section fiber model 

According to the assumption (2), the member deflection curve is plotted in 

Fig. 6. The section at the middle height is the most critical and will be chosen 

as the monitoring section. The lateral deflection of the column and the curvature 

 of the section can be calculated as 

siny Δ x
L


=  

2

2
Δ

L


 =

 

To evaluate the column deflection, the section internal forces should be ac-

curately obtained, where the finite strip method is adopted. As shown in Fig.7, 

the cross-section of the specimen is mashed into several strips. Each strip in-

cludes a steel tube and a core RSCC unit. By calculating the stress of each fiber, 

the moment of the section would be determined. 

 

Fig. 6 The deflection curve of the specimen 

 

Fig. 7 Element division of sections and strain distribution 

4.3.3. Equilibrium equation 

According to the assumption (5), the strain
i at the center of each strip are 

 

i 0 ix  = +          (8) 
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Specimen 

ID 
  

Concrete 

number 

e/ 

mm 
L/D 

N/ 

kN 

Δy/ 

mm 

Δu/ 

mm 


 

RSCSE-1 0 S1/C30 20 3.57 819 1.51 5.02 3.32 

RSCSE-2 0 S1/C30 40 3.57 603 2.17 6.02 2.77 

RSCSE-3 0 S1/C30 60 3.57 512 2.66 6.18 2.32 

RSCSE-4 50 S2/C30 20 3.57 776 1.08 5.54 5.13 

RSCSE-5 50 S2/C30 40 3.57 557 1.40 6.76 4.83 

RSCSE-6 50 S2/C30 60 3.57 457 1.51 6.92 4.58 

RSCSE-7 100 S3/C30 20 3.57 761 0.90 6.39 7.10 

RSCSE-8 100 S3/C30 40 3.57 552 1.07 7.02 6.56 

RSCSE-9 100 S3/C30 60 3.57 441 1.34 7.04 5.25 

RSCSE-10 100 S4/C50 20 3.57 893 1.01 7.26 7.2 

RSCSE-11 100 S4/C50 40 3.57 670 1.15 9.97 8.67 

RSCSE-12 100 S4/C50 60 3.57 504 1.38 10.93 7.92 

RSCSE-13 100 S5/C60 20 3.57 898 0.75 6.02 8.02 

RSCSE-14 100 S5/C60 40 3.57 672 1.00 6.26 6.22 

RSCSE-15 100 S5/C60 60 3.57 585 1.28 6.67 5.21 

RSCSE-16 100 S4/C50 20 7.14 783 1.23 9.77 7.94 

RSCSE-17 100 S4/C50 40 7.14 604 1.5 10.59 7.06 

RSCSE-18 100 S4/C50 60 7.14 431 2.20 11.01 5.0 

RSCSE-19 100 S4/C50 20 10.71 748 4.03 12.51 3.10 

RSCSE-20 100 S4/C50 40 10.71 518 4.60 13.75 2.98 

RSCSE-21 100 S4/C50 60 10.71 408 4.95 14.16 2.86 

（5） 

（6） 

（7） 
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where, 
0  is the strain at the centroid of cross-section, and 

ix  is the dis-

tance from the center of the strip to the cross-section centroid. The strip stress 

of the outer steel tube 
si  and the core RSCC 

ci  can be calculated accord-

ing to the assumption (1). Based on the section stress, the axial force 
inN  and 

bending moment 
inM  of cross-section can be determined as 

n

in ci ci si si i
i
( )=N dA dA N = +  

n

in ci i ci si i si i
i
( ) ( )M x dA x dA N e = + = +  

4.3.4. Calculation process 

The numerical analysis approach is proposed to obtain the load-deflection 

curve of eccentrically loaded RSCCFST columns. The specific processes are: 

(1) to input the parameters and divide the section into strips; (2) to initialize the 

deflection, curvature and the strain at the centroid as 
0 0Δ = , 0 =  and 

0 0.01 = , respectively; (3) to determine the strip strains 
i  according to Eq. 

(8); (4) to determine stress ci  and si  at the centroid of different strips 

based on the material stress-strain relationship; (6) to calculate the axial force 

inN  and bending moment inM  using Eqs. (9) and (10). If the equilibrium con-

dition in in 0.01M N e− −  was satisfied, output the load iN and deflection

i ; otherwise, adjust the strain 0  and repeat the steps (3-6); (7) to output 

the load-deflection ( N -  ) curves of the RSCCFST columns. The flow chart 

of the numerical analysis approach was shown in Fig.8.  

The N -  curves of the RSCCFST columns under eccentric loads obtained 

from the experiments and the proposed numerical analysis method are plotted 

and compared in Fig.9. Results indicated that the calculated value based on the 

fiber model method agreed well with the experimental results. 

 

Fig. 8 The  −   program flow chart 

 

 

 

4.4. Parametric studies 

Parametric study using the proposed numerical analysis method is con-

ducted in this section to investigate the influences of different parameters on the 

member behavior, including the steel yield strength yf , the steel ratio 

s cA A = , the steel tube diameter-to-thickness ratio D/t, the concrete strength 

grade cf  , the length-diameter ratio L/D, the eccentricity e , and the replace-

ment ratio of RCA  . Specimens RSCSE-5, RSCSE-7 and RSCSE-8 are em-

ployed as the comparative reference. The load-deflection curves of the members 

with different parameters are shown in Fig.10. Compared to the experimental 

studies, the influences of the concrete strength, the length-diameter ratio, the 

eccentricity, and the replacement ratio of RCA predicted by the parametric anal-

ysis is the same, which further demonstrates the accuracy of the numerical anal-

ysis approach. Fig.10 (a) illustrates the effects of the steel yield stress, where 

the member with higher yf has a higher bearing capacity because of the stronger 

confining force provide by the outer steel tube. With the same reason, the in-

crease of the steel ratio or decrease the diameter-to-thickness ratio could en-

hance the behavior of the members as shown in Fig.10 (b) and Fig.10 (c). 
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（i）specimen RSCSE-9 （j）specimen RSCSE-10 

  

（k）specimen RSCSE-11 （l）specimen RSCSE-12 

  

（m）specimen RSCSE-13 （n）specimen RSCSE-14 

  

（o）specimen RSCSE-15 （p）specimen RSCSE-16 

  

（q）specimen RSCSE-17 （r）specimen RSCSE-18 

  

（s）specimen RSCSE-19 （t）specimen RSCSE-20 

 

（u）specimen RSCSE-21 

Fig. 9 The comparison of  −  curve obtained by numerical analysis and test data 

  

(a) Effect of yf based on specimen 

RSCSE-8 

(b) Effect of  based on specimen  

RSCSE-8 

  

  (c) Effect of /D t based on specimen 

              RSCSE-8 

(d) Effect of cf based on specimen  

RSCSE-5 

  

  (e) Effect of L/D based on specimen 

              RSCSE-8 

(f) Effect of e based on specimen RSCSE-7 

 

(g) Effect of 
 

based on specimen RSCSE-5 

Fig. 10 Load-deflection curve of parametric studies 
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5.  Conclusion 

 

The behavior of eccentrically loaded RSCCFST columns was investigated 

in this study. The influences of the replacement ratio of RCA, length-diameter 

ratio, eccentricity, and concrete strength on bearing capacity and deflection 

were analyzed. The main conclusions can be drawn as 

(1) The failure modes of short and long RSCCFST columns under eccentric 

compression are the drum-like bending failure and overall flexural buckling 

failure, respectively. 

(2) The ultimate bearing capacity of the composite member can be 

enhanced by reducing the replacement ratio of RCA, length-diameter ratio, 

eccentricity or increasing the concrete strength.  

(3) The rise of the length-diameter ratio or the eccentricity would increase 

the lateral deflections at the mid-span. Nevertheless, the use of RCA has 

different effects on the yield and ultimate deflections with the former and latter 

decreases and increases, respectively. 

(4) The member with the low length-diameter ratio, small eccentricity or 

high RCA replacement ratio has good ductility. 

(5) A numerical analysis method for calculating the load-deflection 

relationship of simply supported eccentrically compressed RSCCFST columns 

is developed based on the finite strip method. The results obtained from the 

proposed method are close to the test data. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

A review is given to the procedure suggested by the Eurocode 3 for the section properties calculations of thin-walled Class 4 slender steel 

sections consists of plate elements. Focus will be given to the effective width approach described in the Eurocode 3. The essential steps for 

the effective width calculation for single plate element subjected to different direct stress distribution are first given. It is then followed by 

a study that compares the two different procedures, namely the full iteration procedure and the simplified procedure adopted by Eurocode 

3 for Class 4 slender section properties calculation. Calculation examples are then given to demonstrate the calculation steps for both the 

full and the simplified approaches. Results of the calculation examples indicate that while the simplified procedure eliminates the tedious 

iteration steps and is much more convenient for manual calculation, the full iteration method in general will lead to less conservative 

effective area and section modulus and thus could result in more economical design in practice. 
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1.  Introduction 

 

In the design of steel structures, classification of steel section is 

fundamentally important as it determines many basic properties of the section 

as well as how the section resistances are calculated in many design guidelines 

[1-3]. In the Eurocode 3 (EC3) [1], the following four classes of section are 

defined. 

Class 1 Plastic: Sections belong to this class can develop plastic hinge with 

large rotation capacity. No reduction of plastic moment capacity is needed in 

plastic analysis and design [1]. The sectional compressive and bending 

resistances of a Class 1 section are defined by the gross area Agross and the plastic 

modulus Wpl, respectively. 

Class 2 Compact: Sections belong to this class can develop plastic hinge 

but with limited rotation capacity. While EC3 [1] does not allow this section 

class to be used in plastic analysis for design, the sectional compressive and 

bending resistances of a Class 2 section are again defined by the gross area Agross 

and the plastic modulus Wpl, respectively. 

Class 3 Semi-compact: Sections belong to this class can only develop 

resistance up to the elastic limit so that only the extreme fiber stresses can reach 

the material yield strength. The sectional compressive and bending resistances 

of a Class 3 section are defined by the gross area Agross and the elastic modulus 

Wel, respectively. 

Class 4 Slender: A Class 4 section will develop local buckling before the 

extreme fiber stresses attaining yield and therefore parts of the compressive 

zone of the section will be ineffective. As a result, the sectional compressive 

and bending resistances of a Class 3 section are defined by the effective area Aeff 

and the effective modulus Weff, respectively. 

The procedure to classify a given section is mainly governed by Table 5.2 

of EC3 Part 1-1 [1]. It should be noted that the limiting width to thickness ratios 

(the term c/t in Table 5.2 of [1]) for different classes are depended on the stress 

distributions of the section (hence the loadings applied to the section) as well as 

the strength of steel used via the parameter =(235/fy)
0.5. This implies that once 

the section is classified as a non-Class 4 section, since for a given value of fy, 

Agross, Wel and Wpl are intrinsic geometrical properties of the cross-section, the 

section resistances will be independent of the applied loads. However, for a 

Class 4 section since the effective width of the compression part shall depend 

on its stress distribution [2, 3], this implies that both Aeff and Weff (thus the section 

resistances) are depended on the applied loads. It should be mentioned that due 

to such loading dependent nature of Class 4 sections, the section properties 

calculation steps for Class 4 sections are more complicated than those for Class 

1 to 3 sections. The main objective of this study is to summarize the principles 

adopted by the EC3 for Class 4 section properties calculation. In particular, both 

the full iteration procedure and the simplified procedure recommended by the 

EC3 Part 1-1[1] and Part 1-5[2] for Class 4 section properties calculations are 

reviewed and discussed. In addition, a few practical calculation examples will 

also be provided to demonstrate the essential calculations steps and the 

differences between the simplified and the full iteration procedures. It will be 

shown that while the simplified procedure is much more suitable for manual 

calculation and does not require the ratio between the axial force and the 

bending moments applied for calculation, the full iteration procedure will 

produce less conservative values of Aeff and Weff and therefore should be 

encouraged to use in practice. 

 

2.  The EC3’s “Effective width” method for section properties calculation 

 

2.1. An overview 

 

It is well known that a side supported thin steel plate with aspect ratio 

=a/b1 (Fig. 1) subject to direct loading along in-plane direction tends to 

buckle at a stress level cr less than the yield stress fy [4, 5]. However, after cr 

is reached, resistance of the plate is not completely exhausted and it shall have 

sufficient post-buckling strength due to stress redistribution. The ultimate 

resistance of the plate will be reached after yielding occurred at the two 

supported sides and this will result in final a non-uniform stress distribution 

act<fy (Fig. 2). This phenomenon is commonly known as “plate like buckling” 

[4, 5] and is most obvious for geometrical prefect elastic plate but less 

remarkable for a realistic imperfect inelastic plate. It is also well known that as 

the value of  reduces, the post-buckling resistance of the plate will diminish 

gradually and the 2D plate like buckling behaviour of the plate will change back 

to the 1D buckling behaviour like a column. Obviously, the non-uniform 

distribution of act is not ideal for design of thin plate subjected to direct stress. 

Hence, in EC3 Part 1-5 [2], two different design methods, namely the effective 

width method (Fig. 2b) and the effective stress (Fig. 2c) method are suggested. 

In short, both methods aim to employ uniform stress block for design. While the 

effective width method reduces the gross width to an appropriate effective width 

beff=b<b that subjected to the constant yield strength fy for design (Fig. 2b), the 

effective stress method maintains a uniform stress equ=fy<fy along the whole 

width. The reduction factors  and  are calculated based on the principle of 

equivalent in-plane force such that 

 

For the effective width method: ∫ 𝜎𝑎𝑐𝑡𝑑𝑥
𝑏

0
=befffy=bfy (1) 

 

For the effective stress method: ∫ 𝜎𝑎𝑐𝑡𝑑𝑥
𝑏

0
=bequ=bfy=bfy (2) 

 

It is obvious that for a cross section consist of a single plate, the two 

methods are equivalent to each another such that (Fig. 2b and Fig. 2c) bfy=bfy 

and =. However, for cross sections that consist of more than one plate 

element (e.g. an I section), the two methods are not equivalent to each another 

[2, 4] and the effective stress method are generally more conservative. 
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Fig. 1 Failure of plate with =a/b >1 subject to in-plane direct loading 

 
Fig. 2 Actual stress distribution at failure, effective width and stress methods 

 

Table 1 

Calculation of k 

Internal compression part (Fig. 3) 

Range of  k 

-3<-1 (Fig. 3c) 5.98(1-)2 

-1<0 (Fig. 3c) 7.81-6.29+9.782 

01 (Figs. 3a and 3b) 8.2/(1.05+) 

Outstand compression part with high stress  

at supported ends (Figs. 4a and 4b) 

Range of  k 

-1<0 (Fig. 4b) 1.7-5+17.12 

10 (Fig. 4a) 0.578/(+0.34) 

Outstand compression part with lower stress  

at supported ends (Figs. 4c and 4d) 

Range of  k 

1<-3 (Figs. 4c and 4d) 0.57-0.21+0.072 

 

It should be noted that EC Part 1-5 can be considered as largely “biased” 

towards the effective width method as Sections 4 to 7 (16 pages in length) of 

EC3 Part 1-5 were written based on this method while only Section 10 (2 pages 

in length) was devoted to describe the design approach if the effective stress 

method is employed. Hence, in the design of thin-walled structural components 

like plate girder and box section using EC3, the calculation of effective width 

of a Class 4 section is one of the most important steps during the section 

properties calculation [6-8]. 

 

2.2. Effective width calculation 

 

In EC3 Part 1-5, for a given plate element (either supported on a single or 

on both sides) the effective width reduction factor  is solely based on two 

parameters: (i) 𝑏̄/t, the appropriate width (𝑏̄) to the plate thickness (t) ratio of 

the element and (ii) the stress ratio at the two ends =2/1 where 2<1. In 

general, 𝑏̄  is the appropriate clear width between the supports of the plate 

element. 𝑏̄is always slightly less than b, the overall width of the plate element, 

and should be calculated according to the section classification table (Table 5.2) 

of EC3 [1] and Section 4.4 of [2]. Figs. 3 and 4 respectively show the possible 

stress distributions for an internal compression element (i.e. the plate is 

supported at both ends) and an outstanding compression element (i.e. only one 

end of the plate is supported). Note that in Fig. 3 and Fig. 4, it is assumed that 

the stress distribution is linear and compressive stress is taken as positive. 

Furthermore, for <0, the whole plate element is divided into two parts that are 

under tension and compression respectively with widths equal to bt and bc, so 

that 𝑏̄= bt+bc and 𝑏𝑐 = 𝑏̅/(1 − 𝜓) (Fig. 3c, Fig. 4b and Fig. 4d). In general, 

the effective parts of the plate element consist of those parts that are either under 

tensile stress (i.e. the stress is negative) or those compressive parts that locate 

near the supported ends where local buckling is prevented to occur. Once the 

values of 𝑏̄/t and =2/1 are known, the effective width of the plate element 

could be computed by using the following steps. 

 

(1) Use the equations listed in Table 1 to calculate the buckling factor k 

according to the stress ratio  for different stress distributions shown in Fig. 

3 and Fig. 4. 

(2) Compute the plate slenderness ratio 𝜆̄𝑝 such that 

𝜆̄𝑝 =
𝑏̅/𝑡

28.4𝜀√𝑘𝜎
, 𝜀 = √

235

𝑓𝑦
 (3) 

(3) Calculate the reduction factor  for the compressive part of the element 

such that (EC3 Part 1-5, Equations. 4.2 and 4.3) 

For an internal plate element (Fig. 3): 

𝜌 =
𝜆̄𝑝−0.055(3+𝜓)

𝜆̄𝑝
2 ≤ 1.0 and 𝜆̄𝑝 > 0.5 + √0.085 − 0.055𝜓 (4a) 

For an outstanding plate element (Fig. 4): 

𝜌 =
𝜆̄𝑝−0.188

𝜆̄𝑝
2 ≤ 1.0 and 𝜆̄𝑝 > 0.784 (4a) 

(4) Calculate beff, the effective width for the compressive part of the plate 

element, (Fig. 3 and Fig. 4) 

For 0:    𝑏𝑒𝑓𝑓 = 𝜌𝑏̄ (5a) 

For <0:   𝑏𝑒𝑓𝑓 =
𝜌𝑏̄

(1−𝜓)
= 𝜌𝑏𝑐 (5b) 

Note that for the case of an internal compression element with 0 (i.e. the 

whole plate element is under compression), the effective width of the 

element beff is further divided into two parts (Figs. 3(a) and 3(b)) with width 

be1 and be2 such that be1+be2=beff. The relative sizes of be1 and be2 are defined 

in Fig. 3. 

(5)  Finally, the total effective width of the whole plate elements is computed 

as beff (Fig. 3a, Fig. 4a and Fig. 4c) for 0 when the whole plate element 

is under compression or beff+bt for <0 when part of the plate element is 

under tension (Fig. 3c, Fig. 4b, and Fig. 4d). 

 

 

Fig. 3 Stress distribution and effective width for internal compression elements 

(i.e. both end supported), effective part of the plate is shaded 

Note: Compressive stress is positive with 2<1 

 

Fig. 5 shows the plots of the ratio (beff+bt)/𝑏̄ against the stress ratio  for a 

plate element with fy=355MPa and =0.8136 for different values of 𝑏̄/t. From 

Fig. 5, it is obvious that for any value of 𝑏̄/t, the ratio (beff+bt)/𝑏̄ always attends 

a minimum when =1 when the plate element is subjected to uniform 

compression. It should be also noted from these figures that for =-1 or when 

bc=bt for the plate elements, there always exist a limiting value of 𝑏̄/t below 

which the plate element is fully effective (i.e. becomes a Class 3 section). For a 

plate with fy=355MPa, these limiting values are corresponding to 𝑏̄/t=100 for 

an internal element (Fig. 5a) and an outstanding element with compressive 

stress at supported end (Fig. 5b) and 𝑏̄/t=15.8 for an outstanding element with 

tensile stress at supported end (Fig. 5c). 
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Fig. 4 Stress distribution and effective width for outstand compression elements (i.e. only 

end supported), effective part of the plate is shaded 

 

(a) Internal compression plate element (Fig. 3) 

 

(b) Outstand plate element, support end with higher stress (Figs. 4a and 4b) 

 

(c) Outstand plate element, support end with lower stress (Figs. 4c and 4d) 

Fig. 5 Curves of (beff+bt)/𝑏̄ against  for different values of 𝑏̄/t for a plate element with 

fy=355MPa 

2.3. Alternative value of  for stress level below the yield strength 

 

From Clauses 4.4(3) and E.1 of EC3 Part 1-5, if the maximum design 

compressive stress caused by all simultaneous actions is below the yield 

strength, the reduction factor  for the compressive part of the element could be 

increased by first adjusting the factor 𝜆̄𝑝 defined in Equation 3 as 

𝜆̄p,red = 𝜆̄𝑝√
𝜎com,Ed

𝑓𝑦/γM0

 (6) 

In Equation 6, com, red<fy is the maximum design compressive stress in the 

element caused by all simultaneous actions, calculated by using the effective 

area of the section. After 𝜆̄𝑝,𝑟𝑒𝑑 is computed, the value of  is then given by 

(c.f. Equation 4a) 

𝜌 =
1−0.055(3+𝜓)/λ̄p,red

𝜆̄p,red
+ 0.18

(𝜆̄𝑝−𝜆̄p,red)

(𝜆̄𝑝−0.6)
 but 𝜌 ≤ 1 (7) 

Equations 6 and 7 will increase the value of  but they require engineers to 

use the actual values of NEd and MEd for design. Furthermore, EC3 Part 1-1, 

Clause 5.2.2 (9) also allows one to increase the Class 3 width to thickness ratio 

limit if com, red is used such that 

𝜀 = √
𝑓𝑦

𝜎𝑐𝑜𝑚,𝑟𝑒𝑑
√

235

𝑓𝑦
= √

235

𝜎𝑐𝑜𝑚,𝑟𝑒𝑑
 (8) 

However, Equation 8 is not allowed to apply for buckling resistance 

calculation. Hence, in practice, while it could help to increase the section 

resistance (EC3 Part 1-1, 6.2.9.3), it will not able to increase the buckling 

strength of the member. 

 

3.  Principle of section properties calculation by EC3 

 

As shown in Fig. 6a, a thin-walled steel section consists of a number of 

plate elements is subjected to the simultaneous actions of an axial loading (NEd) 

acting at the centroid of the gross section, Ggross and the biaxial bending 

moments My,Ed and Mz,Ed respectively above the major axis y-y and the minor 

axis z-z of the gross section. For convenient, Ggross is taken as the origin the y-z 

coordinate system. It is assumed that at least one of the plate elements with 𝑏̄/t 

ratio exceeds the Class 3 limit so that some areas of the sections are ineffective 

and have to be removed during the cross-sectional properties calculation. 

According to EC3 [2, 4], in order to calculate the effective area of the whole 

section, it is first assumed that all the plate elements of the section could be 

separated into individual elements at their intersection points (Fig. 6b). After 

this, by assuming that the interaction points could provide sufficient end 

supports to the plate elements, effective areas of all plate elements will be 

obtained by considering the direct stress distribution within the elements. 

Finally, the section properties of the whole thin-walled section are obtained by 

recombining all plate elements together (Fig. 6c). As all ineffective areas are 

removed, the effective area of the section Aeff is less than the section gross area 

Agross. In addition, in general, there will be a shift in the position of the centroid 

Geff of the remaining effective area. Such shift in position can be generally 

expressed as (y, z) with respect to the y-z coordinate system. From 

elementary beam bending theory, the direct stress (y,z) at a given point (y,z) of 

the section can be expressed as (again compressive stress is taken as positive) 

𝜎(𝑦, 𝑧) =
𝑁𝐸𝑑

𝐴𝑒𝑓𝑓
+

(𝑀𝑦,𝐸𝑑+𝑁𝐸𝑑𝛥𝑧)

𝐼𝑦,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑦 +

(𝑀𝑧,𝐸𝑑+𝑁𝐸𝑑𝛥𝑦)

𝐼𝑧,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑧 (9) 

In Equation 9, Iy,eff and Iz,eff are the effective second moment of area of the 

section about the y-y and z-z axes, respectively. NEdz and NEdy are additional 

moments generated due to the change of the location of the centroid of the 

effective area. Since all the plate elements of the section are straight elements, 

the direct stress within all plate elements will vary linearly. The method and 

equations described in Section 2 could be employed for the calculation of the 

effective areas of individual plate elements. 

From Equation 6, it can be seen that if the section symmetrical above both 

the y-y axis and the z-z axis and is subjected to axial force only, one will have 

z=y=0 since any reduction in effective area will be symmetrical with respect 

to both the y-y and z-z axes. As a result, there shall be no shift of the location of 

Ggross and the section properties of the effective areas could be calculated 

directly without any iteration. However, whenever the section is unsymmetrical 

or when bending moment is applied, due to the presence of the terms NEdz and 

NEdy and the fact that Iy,eff and Iz,eff are both functions of (y, z), the stress ratio 

 at the two ends of the plate will be depended on the location of Geff. Eventually, 

as the stress ratio  itself also affects the effective area and eventually the 
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location of Geff, the exact position of Geff will not be expressed explicitly in 

simple analytical form and it could only be calculated iteratively [2, 4]. 

 

 

(a) A thin-walled section consists of class 4 plate elements under axial force NEd and 

biaxial bending moments My,Ed and Mz,Ed 

 

 

(b) Separation of the thin-walled section into individual plate elements 

 

 

(c) Final effective section after combining individual plates 

Fig. 6 Calculation of section properties of a Class 4 thin-walled section 

 

3.1. The full iteration and the simplified procedures 

 

As explained in the previous section and stated in Section 4.3 of EC3 Part 

1-5 [2], an iterative procedure is generally required to compute the section 

properties of a Class 4 slender section. In this paper, such approach is referred 

as the full iteration procedure and the calculation steps are summarized in Box 

1. 

 

Box 1 

Full iteration calculation procedure for class 4 section properties calculation 

(1) By assuming the whole section is effective, calculate the gross section 

properties (Ggross, Agross and Igross).  

(2) Set Geff=Ggross, Aeff=Agross, Ieff=Igross and y=z=0 

(3) Base on the current section properties, calculate the direct stress at end 

points of all the plate elements using Equation 9 and then compute the stress 

ratio for all plate elements. 

(4) Base on the stress ratio , determine the effective area of all plate elements 

by using Table 1, Equations. 3 to 5 and Fig. 3 and Fig. 4. 

(5) Compute the new centroid of the effective area Geff’ and the corresponding 

effective area Aeff’ and effective second moment of area Ieff’. 

(6) Determine the shift of the centroid Geff - Geff’=(y, z) and the relative 

change of effective area and effective second moment of area such that 

𝑆𝐺(%) =
√𝛥𝑦2+𝛥𝑦2

𝑚𝑖𝑛(𝑏,ℎ)
× 100% (10a) 

𝐶𝐴(%) =
|𝐴𝑒𝑓𝑓−𝐴𝑒𝑓𝑓′|

𝐴𝑒𝑓𝑓
× 100% and 𝐶𝐼(%) =

|𝐼𝑒𝑓𝑓−𝐼𝑒𝑓𝑓′|

𝐼𝑒𝑓𝑓
× 100% (10b) 

 where b and h in Equation 10a is the overall width and depth of the section. 

(7) Update the section properties so that GeffGeff’, AeffAeff’ and Ieff Ieff’. 

(8) Check for convergence of the section properties: The section properties are 

assumed to be converged if the following criteria are satisfied 

SGStol   CACAtol   CICItol (11) 

 where Stol, CAtol and CItol are tolerances for the convergences of Geff, Aeff and 

Ieff , respectively. 

(9) If the section properties are converged, output the value of Geff, Aeff, and Ieff 

and stop. Otherwise, go to step (3) 

 

Note that in in Section 4.3 of EC3 Part 1-5 [2], no recommendation is made 

on the convergence criteria of the full iteration procedure. Furthermore, Beg et 

al. [4] suggested that the iteration procedure should be stopped when the 

location of Geff converged which is equivalent to adopting the first criterion of 

SGStol in Equation 11. Since the axial and bending resistances of the section are 

largely depended on the values of Aeff and Ieff, their values are also critical when 

conducting the section resistance check. Hence, it is suggested that a maximum 

value of 1% should be employed for the tolerance factors Stol, CAtol and CItol 

during practical calculations. 

From Box 1, it can be seen that if full iteration procedure is used, repeat 

evaluations of Equations 3, 5 and 9 as well as calculations of the position of Geff 

and the values of Aeff and Ieff are needed. Furthermore, it is shown in Appendix 

A that for an unsymmetrical section subject to axial force and biaxial bending, 

in order to elevate the new position of Geff, the ratios between the axial force 

and bending moments applied (i.e. My,Ed/NEd and Mz,Ed/NEd) are required. For 

complex sections consist of many plate elements such calculations are tedious 

and are not convenient for manual calculation. Hence, in EC3 Part 1-5, two 

simplified procedures as summarized Box 2 are suggested to allow designer to 

calculate the effective area and section modulus manually. 

 

Box 2 

Simplified procedure for class 4 section properties calculation 

Simplification 1 

For I and box sections under bending moment only, only one iteration step of 

the full iteration procedure is required. That is, the first new position of centroid 

Geff’ and Aeff’ and Ieff’ the section properties in Step (5) of Box 1 could be used 

for resistance check. 

Simplification 2 

When both axial force and bending moments are presents, Aeff could be 

calculated by considering the stress ratio  due to axial force only, while Ieff 

could be calculated by considering the stress ratio due to bending moment only. 

However, in both cases, the addition moment generated by the axial load due to 

the shift of centroid should be considered during resistance check. 

 

It should be mentioned that in Simplification 2, while the calculation of Aeff 

does not require any iteration, in general iterations are still required for the 

calculation of Ieff. However, in case that the section under consideration is an I 

or a box section, Simplification 1 could be applied and only one iteration steps 

are needed to compute the value of Ieff. Furthermore, another important 

consequence of using the Simplification 2 is that as the ratio (beff+bt)/𝑏̄ always 

attends a minimum when =1, the simplification will always lead to a smaller 

(and thus conservative) value of Aeff when comparing with the full iteration 

procedure. However, it will be shown in the next section that, both 

Simplifications 1 and 2 will give a larger (and thus a non-conservative) value of 

Ieff. 

 

4.  Section properties calculation examples 

 

In this section, five examples involving symmetrical I and square box 

sections are given to demonstrate how the simplified or the full iteration 

procedure could be employed to compute the section properties (Aeff and Ieff) of 

a Class 4 section. Loading cases involving pure axial force (NEd only), pure 

bending (MEd only) and both axial force and uniaxial bending moment above 

the major axis (NEd and MEd) are considered. In case that the full iteration 

procedure is employed, convergence of the solution is assumed if an accuracy 

of CAtol=CItol=0.1% (Equations. 10 and 11) is reached or at most up to four 
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iterations are completed. 

 

4.1. Example 1: An I section under pure bending [4] 

 

In the first example, an I section with a Class 4 web and Class 1 flange (Fig. 

7) under pure bending is employed as an example to demonstrate the calculation 

steps for effect section properties. The gross section properties of the section are 

given by: 

hw=1920mm, tw=10mm, Agross=51200mm2,  

Igross=3663530.67cm4 and Wel=37382.96cm3 

In this example, the actual value of MEd applied is immaterial as the stress 

ratio can be obtained by determining the location of the neutral axis. The 

detailed calculation steps for the first two iterations are shown in Box 3 and Fig. 

8. 

 

Fig. 7 Example 1: An I section under pure bending 

 

 

Fig. 8 Calculation of effective cross section 

 

Box 3 

Details calculation steps for iterations 1 and 2 for Example 1 

First iteration 

Calculation of effective area, Aeff 

 =-1 (pure bending, fully effective section), k=23.9 

 𝜆̄𝑝 =
ℎ𝑤/t𝑤

28.4ε√𝑘𝜎
=

1920/10

28.4×0.814√23.9
= 1.699 > 1.08 

 𝜌 =
𝜆̄𝑝−0.055(3+𝜓)

𝜆̄𝑝
2 =

1.699−0.055(3−1)

1.6992
= 0.550 

 bc=1920/2=960mm, beff=0.55960=528mm, 

 be1=0.4528=211.2mm, be2=0.6528=316.8mm, 

 x=960-211.2-316.8=432mm (Fig. 8) 

 Reduction of area: A=10432=4320mm2  

 Aeff=51200-4320=46880mm2 

 CA=8.44%>0.1% (Equation 10b). 

Calculation of Weff 

 r=hw/2-be1-x/2=1920/2+211.2-432/2=532.8mm 

 rA+AeffG=0 or G=-532.84320/46880=-49.10mm 

 𝐼𝑒𝑓𝑓=𝐼𝑔𝑟𝑜𝑠𝑠 + 𝐴(∆𝐺)2 − (
𝑥3𝑡𝑤

12
+ ∆𝐴(𝑟 + ∆𝐺)2) 

 = (3663530.67 × 10000 + 51200 × 49.102 − (
4323×10

12
+

4320(532.8 + 49.10)2)) /10000=3522877.067cm4 

 CI=3.84%>0.1% (Equation 10b). dc=1000-20+49.10=1029.1mm, dt=1000-

20-49.10=930.9mm 

 Weff=3522877.067/102.91=34232.60cm3 

 Since both CA and CI >0.1%, further iteration is carried out. 

 

Second iteration 

Calculation of effective area, Aeff 

 =-(960-49.1)/(960+49.1)=-0.903, k=7.81-6.29+9.782=21.46 

 𝜆̄𝑝 =
1920/10

28.4×0.814√21.46
= 1.793 > 1.08, 𝜌 =

1.793−0.055(3−0.903)

1.7932
= 0.522 

 bc=hw/2+G=1920/2+49.10=1009.1mm, beff=0.5221009.1=526.8mm 

 be1=0.4526.8=210.7mm, be2=0.6526.8=316.1mm  

 x=bc-be1-be2=1009.1-210.7-316.1=482.3mm 

 Effective area reduction: A=10482.3=4823mm2 and Aeff=51200-

4823=46377mm2 

 Hence, CA=1.07%>0.1% (Equation 10b). 

Calculation of Weff 

 r=hw/2-be1-x/2=1920/2+210.7-482.3/2=508.15mm 

 rA+AeffG=0 or G=-508.154823/46377=-52.84mm  

 This means that shift of G’ to G’’=(-49.10–(-52.84))=3.74mm (downward) 

𝐼𝑒𝑓𝑓 = (3663530.67 × 10000 + 51200 × 52.842 − (
482.33×10

12
+

4823(508.15 + 52.84)2)) /10000=3516692.4cm4 

 CI=0.176%>0.1%, dc=1000-20+52.84=1032.84mm 

 dt=1000-20-52.84=927.16mm  

 Weff=3516692.41/103.281=34049.76cm3 

 

Eventually, after the third iteration, Aeff=46338.5mm2, Weff=34036.04cm3 so that 

CA=0.08% and CI=0.01%. The calculation results are summarized in Table 2. It 

can be seen that both Aeff and Weff essentially converged after the first iteration 

and this justifies the simplify approach suggested in EC2 (Box 2). 

 

Table 2 

Summary of Example 1 

Iteration Aeff (mm2) Ieff (cm4) Weff (cm3) G (mm)  

0 (Gross) 51200 3663530.67 37382.96 --- -1.0 

1 46880 3522877.07 34232.60 49.10 -0.903 

2 46377 3516692.40 34049.76 52.84 -0.8960 

3 (Full) 46385 3516296.83 34036.04 53.11 -0.8952 

Simplified 46880 3522877.07 34232.60 49.10 -0.903 

Full/Simplified 0.99 0.99 0.99 --- --- 

 

4.2. Example 2: A class 4 square box section under pure compression 

 

In this example, a class 4 square box section under pure compression is 

considered (Fig. 9). The gross section properties of the section are given by 

bfl=1000mm, tf=tw=10mm, hw=980mm, Agross=39600mm2 

Igross=646932cm4, Wel,gross=13069.33cm3. 

Under pure compression, both the flanges and webs are Class 4 with their 

central parts become non-effective (Fig. 10). However, as the section is doubly 

symmetric, the non-effective parts at the centre of each side do not change the 

location of the centroid and will not generate any additional moment. Hence, no 

iteration is needed to calculate Aeff as shown in Box 4. Obviously, in this 

example, the actual value of NEd applied is immaterial. 

 

 

Fig. 9 Example 2: A class 4 square section under pure compression 
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Fig. 10 Effective cross section of Example 2 

 

Box 4 

Calculation of Aeff for Example 2 

Calculation of Aeff under pure axial compression 

For the two flanges and the two webs =1 (pure axial compression), k=4 

𝜆̄𝑝 =
𝑏fl/tfl

28.4ε√𝑘𝜎

=
980/10

28.4 × 0.814√4
= 2.12 

𝜌 =
𝜆̄𝑝 − 0.055(3 + 𝜓)

𝜆̄𝑝
2

=
2.12 − 0.055(3 + 1)

2.122
= 0.423 

beff=0.423980=414.5mm,  

be1=0.5414.5=207.25mm,  

be2=0.5414.5=207.25mm,  

x=980–414.5=565.5mm 

Hence, Aeff =39600-4(10565.5)=16980mm2 

Aeff /Agross=16980/39600=42.9%. 

 

4.3. Example 3: A class 4 square box section under pure bending 

 

In this example, the square box section employed in Example 2 is 

considered again but now it is subject to pure bending so that the top flange AB 

is under compression while the bottom flange CD is under tension and is fully 

effective (Fig. 11). There is a shift of the centroid from G to G’. For the webs, 

their classifications shall depend on the stress ratio at the top and bottom 

extreme fibres. The distance between G and G’ shall depend on whether the 

webs remain Class 3 or 4 after the new stress ratio of the webs is taken into 

account. For a box section under pure bending, Simplification 1 allows the 

designer to use one iteration to calculate Weff. Box 5 summarizes the calculation 

steps. 

 

 
Fig. 11 Examples 3 and 4 with flange CD under tension 

 

Box 5 

Calculation of Weff for Example 3 

Calculation of Aeff by assuming only the top flange CD is class 4  

 For the flange AB, same as Example 2: 

 beff=414.5mm, be1=207.25mm, be2=207.25mm, x1= 565.5mm,  

 Aeff =Agross-565.510=33945mm2 

 Hence, r=500-5=495mm, G=-4955655/33945=-82.46mm. 

Recheck for Class 3 limit for the two webs 

 =-(980/2-82.46)/(980/2+82.46)=-0.712 

 Hence, 42/(0.67+0.331)=78.59 <hw/tw=98 

The two webs shall become Class 4. 

First iteration 

=-0.712, k=7.81-6.29+9.782=17.25.  

For the two flanges: 𝜆̄𝑝 = 1.021, 𝜌 = 0.859 

beff=0.859(980/2+82.46)=491.74mm 

be1=0.4491.74=196.70mm, be2=0.6491.54=295.04mm, 

x=980/2+82.46–491.74 =80.72mm.  

Aeff=Agross-565.510-21080.72=32330.6mm2 

Aeff/Agross=32330.6/39600=81.64% 

(Note: This Aeff should only be used if the section is under pure bending only) 

 

Calculation of Weff 

New position of G’ after considering the webs are Class 4 

 G’=-(4955650+80.72102(980/2-196.70-80.72/2))/32330.6= 

 -99.21mm 

𝐼𝑒𝑓𝑓 = (646932 × 10000 + 39600 × 99.212 − (
103×565.5

12
+ 5655 ×

(5 + 980/2 + 99.21)2) − 2 × (
80.723×10

12
+ 80.72 × 10 × (99.21 + 980/2 −

196.70 − 80.72/2)2))/10000 = 466126.44cm4  

dc=1000/2-5+99.21=594.21mm, Weff=7844.47cm3 

Weff/Wgross=7844.47/13069.33=60% 

 

4.4. Example 4: A class 4 square box section under axial compression and 

bending 

 

In this example, the same square box section used in Examples 2 and 3 is 

reconsidered again but now it is subjected to both axial compression and 

bending above the y-y axis. In this case, if the Simplification 2 is used, one could 

determine Aeff based on the compression force only (Example 2) and Weff based 

moment only (Example 3) so that Aeff =16980mm2 and Weff=7844.47cm3. 

However, in full iteration method, the stress ratio (and hence the 

classification) of the web shall depend on the magnitude of the compressive 

force and the bending moment. Under some loading conditions, it is possible 

that the web will remain as Class 3/4 but the bottom flange will be Class 4 as 

the compressive force may be large enough to make the bottom flange under 

compression. In this case, in order to compute the section properties, it is 

necessary to know the values of NEd and MEd (or their ratio, as shown in 

Appendix A). In this example, it is assumed that NEd=3500kN and MEd=800kNm 

so that the flange CD will be under compression. Similar to the previous 

example, calculation is started by assuming that the section is fully effective 

first so that Agross=39600mm2, Igross=646932cm4 and Wel,gross=13069.33cm3. Box 

6 shows the first two iteration steps and eventually three iterations are carried 

out to achieve convergence. Table 3 summarizes the results obtained from the 

full and simplified procedures. Regarding the adequacy of the Section, for the 

simplified method, from Equation 9, the maximum resultant stress is given by 

max=35001000/(16980)+80010001000/(7844.471000) 

=308.14MPa<355MPa 

while based on full iteration 

max=35001000/(19054.4)+80010001000/(6821.531000) 

=300.7MPa<355MPa 

Hence, while the simplified method overestimated Weff, it underestimated 

Aeff a lot but it is still conservative in term of section resistance calculation. 

 

Table 3 

Summary of Example 4 

Iteration Aeff (mm2) Ieff (cm4) Weff (cm3) G (cm)  

0 (Gross) 39600 646932 13069.33 --- -1.0 

1  19313.2 352077.57 6824.93 20.87 0.186 

2 19058.4 351119.10 6820.50 19.80 0.251 

3 (Full) 19054.4 351118.02 6821.53 19.72 0.255 

Simplified 16980* 466126.44^ 7844.47^ 99.21^ -0.712^ 

Full/Simplified 1.12 0.75 0.87 --- --- 

*By considering NEd only, ^By considering MEd only 

 

Box 6 

Detailed calculation steps of first two iterations for Example 4 

1st iteration 

Initial stress (assuming section is fully effective) 

 Stress at top of webs: 

 35001000/39600+80010001000490/64693210000=148.98MPa 

 Stress at bottom of webs: 

 35001000/39600-80010001000490/64693210000=27.79MPa 

 Since both flanges are under compression, they are Class 4 elements. 

Effective width of top and bottom flanges (From Example 2) 

 beff=0.423980=414.5mm, be1=0.5414.5=207.25mm, 

 be2=0.5414.5=207.25mm  
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Effective width and areas of webs and section effective area 

 =27.79/148.98=0.186 

 Hence, 42/(0.67+0.33)=46.74<hw/tw=98 and the webs are Class 4. 

 Stress ratio: =0.186, k=8.2/(1.05+)=6.63, 𝜆̄𝑝 = 1.646,𝜌 = 0.542 

 beff=0.542980=531.16mm, be1=2beff/(5-)=220.67mm,  

 be2=beff -be1=310.49mm  

 x=980-531.16 =448.84mm.  

 Hence, Aeff =Agross-565.5102-210448.84=19313.2mm2 

Ieff and Weff calculations 

 Shift of centroid G=-(448.84102(980/2-220.67-448.84/2))/19313.2 

 =-20.87mm 

 𝐼𝑒𝑓𝑓 = 352077.57cm4, Weff=352077.5710/(490+20.87+5)=6824.93cm3 

Updated stress at webs 

 Compressive stress due to axial force: 35001000/19313.2=181.22MPa 

 Bending stress at top of webs: 

 80010001000(490+20.87)/(352077.5710000)=116.08MPa 

 Bending stress at bottom of webs: 

 80010001000(490-20.87)/(352077.5710000)=106.6MPa 

 Total stress at top of webs: 181.22+116.08=297.3MPa (compression) 

 Total stress at bottom of webs: 181.22-106.6=74.62MPa (compression) 

 

2nd iteration 

New stress ratio: =74.62/297.3=0.251 

Effective width for webs and new Aeff 

 k=8.2/(1.05+)=6.303, 𝜆̄𝑝 = 1.689,𝜌 = 0.529 

 beff=0.529980=518.42mm, be1=2beff/(5-)=218.33mm,  

 be2=beff-be1=300.09mm  

 x=980-518.42 =461.58mm.  

 Aeff =Agross-565.5102-210461.58=19058.4mm2 

Ieff and Weff calculations 

 Shift of centroid G=-19.80mm. I.e. G’-G’’=20.87-19.80mm=1.07mm 

(upward) 

 𝐼𝑒𝑓𝑓 = 351119.10cm4, Weff=351119.1010/(490+19.80+5)=6820.5cm3 

Updated stress at webs 

 Compressive stress due to axial force: 35001000/19058.4=183.65MPa 

 Bending stress at top of webs: 

 80010001000(490+19.80)/(351119.1010000)=116.15MPa 

 Bending stress at bottom of webs: 

 80010001000(490-19.80)/(351119.1010000)=107.13MPa 

 Total stress at top of webs: 183.65+116.15=299.8MPa (compression) 

 Total stress at bottom of webs: 183.65-107.13=76.52MPa (compression) 

 The new stress ratio for next iteration is =76.52/299.8=0.255 

 

4.5. Example 5: A class 4 square box section under axial compression and 

bending with bottom flanges under tension 

 

In the last example, the same square box section used in Example 4 is 

subjected to a lower axial compression of NEd= 1000kN but a larger 

MEd=2000kNm so that flange CD is eventually under tension and four iterations 

are conducted. Detailed calculations for the first two iterations are shown in Box 

7 and all iterations results are summarized in Table 4. Regarding the adequacy 

of the section, based, for the simplified method, the maximum resultant stress 

of the section is given by 

max=10001000/(16980)+200010001000/(7844.471000) 

=313.5MPa<355MPa 

while for the full iteration, 

max=10001000/(30762.2)+200010001000/(7374.971000) 

=303.5MPa<355MPa 

 

Again, the simplified method overestimated Weff but underestimated Aeff so that 

the resistance estimation is still conservative. 

 

Box 7 

Detailed calculation steps of first two iterations for Example 5 

1st iteration 

Initial stress (assuming section is fully effective) 

 Stress at top of webs: 

 10001000/39600+200010001000490/64693210000=176.74MPa 

 Stress at bottom of webs: 

 10001000/39600-200010001000490/64693210000=-126.23MPa 

 

Effective width of top flange 

 The top flange is clearly Class 4 and remains Class 4 in all subsequent 

iterations so that 

 beff=0.423980=414.5mm, be1=0.5414.5=207.25mm, 

 be2=0.5414.5=207.25mm  

Effective width of webs and section effective area 

 =-126.23/176.74=-0.714 

 Hence, 42/(0.67+0.33)=78.71<hw/tw=98 and therefore the webs are again 

Class 4. 

 Stress ratio: =-0.714, k=7.81-6.29+9.782=17.29, 𝜆̄𝑝 = 1.019, 

𝜌 = 0.860 

 beff=0.860(980/2)=421.4mm, be1=0.4421.4=168.56mm, 

 be2=0.6421.4=252.84mm, 

 x=980/2-421.4 =68.6mm.  

 Hence, Aeff =Agross-565.510-21068.6=32573mm2 

Ieff and Weff calculations 

 Shift of centroid:G=-98.03mm 

 𝐼𝑒𝑓𝑓 = 465696.55cm4, Weff=465696.5510/(495+98.03)=7852.83cm3 

Updated stress at webs 

 Compressive stress due to axial force: 10001000/32573=30.7MPa 

 Bending stress at top of webs: 

 200010001000(490+98.03)/465696.5510000)=252.54MPa 

 Bending stress at bottom of webs: 

 -200010001000(490-98.03)/(465696.5510000)=-168.34MPa 

 Total stress at top of webs: 252.54+30.7=283.04MPa (compression) 

 Total stress at bottom of webs: -168.34+30.7=-137.64MPa (tension) 

 

2nd iteration 

New stress ratio  = -137.64/283.04=-0.486 

Effective width for webs and new Aeff 

 k=7.81-6.29+9.782=13.177, 𝜆̄𝑝 = 1.168,𝜌 = 0.755 

 beff=0.755(980/2+98.03)=443.96mm, be1=0.4443.96=177.58mm, 

 be2=0.6443.96=266.38mm  

 x=980/2+98.03 – 443.96 =144.07mm,  

 Aeff =Agross-565.510-210144.96=31063.6mm2 

Ieff and Weff calculation 

 Shift of centroid G’=-112.41mm.  

 I.e. G’-G’’=-98.03-(-112.41)=14.38mm (downward) 

 𝐼𝑒𝑓𝑓 = 451965.18cm4, Weff=451965.1810/(490+112.41+5)=7440.86cm3 

Updated stress at webs 

 Compressive stress due to axial force: 10001000/31063.6=32.19MPa 

 Bending stress at top of webs: 

 200010001000(490+112.41)/(451965.1810000)=266.57MPa 

 Bending stress at bottom of webs: 

 -200010001000(490-112.41)/(451965.1810000)=-167.09MPa 

 Total stress at top of webs: 266.57+32.19=298.76MPa (compression) 

 Total stress at bottom of webs: -167.09+32.19=-134.9MPa (tension) 

 The new stress ratio for next iteration is =-134.9/298.76=-0.442 

 

Table 4 

Summary of Example 5 

Iteration Aeff (mm2) Ieff (cm4) Weff (cm3) G (cm)  

0 (Gross) 39600 646932 13069.33 --- -1.0 

1  32573 465696.55 7852.83 98.03 -0.714 

2 31063.6 451965.18 7440.86 112.41 -0.486 

3 30764.2 449659.07 7370.37 115.09 -0.442 

4 (Full) 30762.2 449872.97 7374.97 115.00 -0.445 

Simplified 16980* 466126.44^ 7844.47^ 99.21^ -0.712^ 

Full/Simplified 1.81 0.97 0.94 --- --- 

*By considering NEd only, ^By considering MEd only 

 

Since the values of NEd and MEd are known and their simultaneous actions 

do not cause the section to yield, one could employ alternative Equations. 6 and 

7 to get a larger  so that a less conservative section resistance could be obtained. 

The corresponding results obtained are summarized in Table 5. From Table 5, 

it can be seen that by using the alternative equations, the values of Aeff and Weff 

are respectively increased by 5.8% and 7.6% when comparing with the original 

method. 
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Table 5 

Summary of Example 5 by using alternative value of  

Iteration Aeff (mm2) Ieff (cm4) Weff (cm3) G 

(cm) 

 

0 (Gross) 39600 646932 13069.33 --- -1.0 

1  33945 485284.56 8403.78 82.46 -0.714 

2 33074.8 474994.33 8100.31 91.39 -0.522 

3 32712.4 470995.57 7982.43 95.04 -0.5 

4 (Alterative) 32564.4 469407.75 7935.62 96.52 -0.492 

Full 30762.2 449872.97 7374.97 115.00 -0.445 

Simplified 16980* 466126.44^ 7844.47^ 99.21^ -0.712^ 

Alterative/Full 1.059 1.043 1.076 --- --- 

Alterative/ 

Simplified 

1.92 1.01 1.01 --- --- 

 

5.  Conclusions 

 

In this review, the basic principle adopted by EC3 for the calculation of 

Class 4 slender thin-walled steel section properties is summarized. A detailed 

discussion is given for the EC3’s effective width method for section properties 

calculation. A summary of the effective width calculation steps for Class 4 plate 

element are given. Summary charts for the variations of effective width for 

internal and external plate elements under different direct stress ratio are also 

presented. For the calculation of section properties of Class 4 slender sections, 

both the full iteration procedure and the simplified procedure suggested by EC3 

are discussed and summarized. In order to demonstrate the actual calculation 

procedure for slender section subjected to different loading conditions, five 

practical calculation examples are given and both the full iteration and the 

simplified procedures are employed to obtain the section properties for 

comparison. The calculation results show that while the simplified procedure 

could reduce the number of iterations needed and does not require the ratios 

between the axial force and the bending moments applied, it is encouraged to 

use the full iteration procedure as in general it will lead to slightly higher 

sectional resistance. 

 

Appendix A: Elevation of stress ratio  

 

From Sections 2.3 and 3.1, in order to compute the effective width (or area) 

of any arbitrary plate element 1-2 (Fig. A1), one must first obtain the direct 

stress ratio  of the plate element. From Equation 9, the direct stress at the two 

ends 1 and 2 of the elements can be expressed as 

𝜎1(𝑦, 𝑧) =
𝑁𝐸𝑑

𝐴𝑒𝑓𝑓
+

(𝑀𝑦,𝐸𝑑+𝑁𝐸𝑑𝛥𝑧)

𝐼𝑦,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑦1 +

(𝑀𝑧,𝐸𝑑+𝑁𝐸𝑑𝛥𝑦)

𝐼𝑧,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑧1 (A1) 

𝜎2(𝑦, 𝑧) =
𝑁𝐸𝑑

𝐴𝑒𝑓𝑓
+

(𝑀𝑦,𝐸𝑑+𝑁𝐸𝑑𝛥𝑧)

𝐼𝑦,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑦2 +

(𝑀𝑧,𝐸𝑑+𝑁𝐸𝑑𝛥𝑦)

𝐼𝑧,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑧2 (A2) 

where (y1, z1) and (y2, z2) are the coordinates of ends 1 and 2, respectively. 

Assume that 2<1, the stress ratio  can be expressed as 

𝜓 =
𝜎2

𝜎1
=

𝑁𝐸𝑑
𝐴𝑒𝑓𝑓

+
(𝑀𝑦,𝐸𝑑+𝑁𝐸𝑑𝛥𝑧)

𝐼𝑦,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑦2+

(𝑀𝑧,𝐸𝑑+𝑁𝐸𝑑𝛥𝑦)

𝐼𝑧,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑧2

𝑁𝐸𝑑
𝐴𝑒𝑓𝑓

+
(𝑀𝑦,𝐸𝑑+𝑁𝐸𝑑𝛥𝑧)

𝐼𝑦,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑦1+

(𝑀𝑧,𝐸𝑑+𝑁𝐸𝑑𝛥𝑦)

𝐼𝑧,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑧1

 (A3) 

or 

𝜓 =
𝜎2

𝜎1
=

1

𝐴𝑒𝑓𝑓
+

(
𝑀𝑦,𝐸𝑑

𝑁𝐸𝑑
+𝛥𝑧)

𝐼𝑦,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑦2+

(
𝑀𝑧,𝐸𝑑

𝑁𝐸𝑑
+𝛥𝑦)

𝐼𝑧,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑧2

1

𝐴𝑒𝑓𝑓
+

(
𝑀𝑦,𝐸𝑑

𝑁𝐸𝑑
+𝛥𝑧)

𝐼𝑦,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑦1+

(
𝑀𝑧,𝐸𝑑

𝑁𝐸𝑑
+𝛥𝑦)

𝐼𝑧,𝑒𝑓𝑓(𝛥𝑦,𝛥𝑧)
𝑧1

 (A4) 

Hence, only the values of the ratios 
𝑀𝑦,𝐸𝑑

𝑁𝐸𝑑
 and 

𝑀𝑧,𝐸𝑑

𝑁𝐸𝑑
 are needed for the 

calculation of  and then the evaluation of the effective section properties. 

 

Fig. A1 Stress ratio calculation for a straight plate element 1-2 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study proposed a finite element simulation method to analyze the progressive failure of fiber-reinforced polymer (FRP) 

reinforced steel component under low-velocity impact. In this method, the Johnson-Cook model and fracture criterion were 

used to consider the strain rate effect of steel; additionally, a VUMAT subroutine was proposed to discuss the 6 initial 

failure modes (fiber tension/compression failure, matrix tension/compression failure and in -layer tension/compression 

delamination failure) and damage evolution of FRP. In order to verify the simulation  results, a series of axial low-velocity 

impact tests on GFRP-reinforced circular steel tube were performed, the comparative study confirmed that the simulations 

were in good agreement with the test results. Besides, the advantages of proposed VUMAT subroutine were made obviously 

by comparing to the Puck criterion, the Hashin criterion, and the Chang-Chang criterion. 
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1.  Introduction 

 

Nowadays, steel components are used widely in important structures due to 

their advantages of easy construction and high bearing capacity. During the 

service period of these structures, low-velocity impacts are possible loads and 

can bring a great loss to the society, such as the collisions by cars or airplanes. 

Thus, improving the impact resistance of steel component is a necessary way to 

reduce the collapsed risk of these structures. 

Fiber reinforced polymer (FRP) served as energy dissipation member have 

already been widely applied to the aerospace and automotive manufacturing [1, 

2]. Reinforcing the steel component by FRP can harness the advantages of each 

material and increase both the bearing capacity and energy dissipation capacity 

[3, 4]. Besides, the wrapped FRP can also protect the inner steel component 

from corrosion. Hence, there is a good application prospect of this kind of 

components in architectural structure. 

Because of the advantages of powerful function and saving resources, the 

finite element analysis has already been extensively applied to the engineering 

field. The key consideration to simulate FRP-reinforced steel component (FSC) 

is selecting appropriate constitutive models, including stress–strain 

relationships, failure criteria, and damage evolution laws. The J-C constitutive 

model [5, 6] are widely used in metal impact simulation [7-9], since they can 

consider the metal plastic deformation, the strain rate strengthening effect, and 

the temperature softening effect. The Hashin criterion [10], the Puck criterion 

[11], and the Chang-Chang criterion [12] are the most commonly used failure 

criteria for FRP, nowadays. Many researchers [13-18] had studied the 

low-velocity impact problems of FRP component based on these three criteria. 

However, these studies always ignored the in-layer delamination of FRP which 

is an important failure mode when the thickness of unidirectional FRP lamina is 

large. 

In the present study, a VUMAT subroutine to discuss the 6 initial failure 

modes (fiber tension/compression failure, matrix tension/compression failure 

and in-layer tension /compression delamination failure) and damage evolution 

of FRP was proposed. Besides, based on the VUMAT subroutine and J-C 

constitutive model, a method to simulate FSC under low-velocity impact was 

introduced. 

 

2.  Constitutive models for FSC 

 

2.1. Stress-strain relationships for steel and FRP 

 

The mechanical behavior of material is expressed by its stress-strain 

relationship. Normally, the 3D stress-strain relationship for material is shown 

in Eq. 1. Where 
i  is the stress component; ijC  is the stiffness coefficient; 

j  is the strain component (i, j=1, 2, …, 6). 

Steel is an isotropic material so that each point in it has the same elastic 

properties in any direction. The relationship between the stiffness coefficients 

of steel is expressed in Eq. 2. 
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Engineering parameters can be obtained directly through the material 

tests. Therefore, these parameters including elasticity modulus (E), Poisson’s 

ratio (ν), and shear modulus (G) are typically used to express the stiffness 

coefficients of steel, as shown in Eq. 3. In this equation, 3 21 2 3S  = − − . 
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(4) 

FRP is an orthotropic material with two orthorhombic elastic symmetry 

planes, so that its material stiffness matrix has nine independent coefficients 

(C11, C22, C33, C44, C55, C66, C12=C21, C13=C31, C23=C32). Similarly, the stiffness 

coefficients of FRP are usually represented by the engineering parameters, 
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including elasticity modulus (Ei), Poisson’s ratio (νij), and shear modulus (Gij, 

where i, j=1, 2, 3, but i≠j), as shown in Eq. 4. In this equation, 

12 21 23 32 13 31 12 23 311 2S         = − − − − . 

 

2.2. The constitutive model and fracture criterion for steel 

 

Steel is a strain rate sensitive material so that the strain rate effect can’t be 

ignored during an impact process. The J-C model [5] can consider the metal 

plastic deformation, the strain rate strengthening effect, and the temperature 

softening effect; therefore it was chosen to simulate steel, as shown in Eq. 5. 

In this equation, A, B, n, C, and m are the material correlation constants; εeq is 

the equivalent plastic strain; * is the dimensionless 
e
quivalent plastic strain, 

where 
0 is the reference strain rate; *T  is the dimensionless temperature. 

 
* *( )(1 ln )(1 )n m

eqA B C T  = + + −

 
(5) 

 

Metal materials fracture because of the formation and expansion of 

internal microcracks. The development of these microcracks is significantly 

correlated with the stress state (stress triaxiality), temperature and strain rate. 

The J-C fracture criterion [6] considered these factors (Eq. 6), which 

contributes to its widespread use. In Eq. 6, εf is the failure strain; d1–d5 are the 

material correlation constants; σ* is the stress triaxiality and can be calculated 

by σ*=σm/σeq, where σeq is the equivalent stress, σm is the hydrostatic pressure. 

 

* * *
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(6) 

 

Besides, the J-C fracture criterion decouples the damage and the strength. 

The damage evolution law is represented as Eq. 7, where, △εeq is the 

equivalent plastic strain increment; D is the damage coefficient (the initial 

value of D is 0, and when metal fractured the value of D is 1). Moreover, the 

damaged stress component matrix d
σ  can be represented by Eq. 8. 

 

eq

f

D





=

 
(7) 

 

11

22

33

44

55

66

1 0 0 0 0 0

0 1 0 0 0 0

0 0 1 0 0 0

0 0 0 1 0 0

0 0 0 0 1 0

0 0 0 0 0 1

d

d

d

d

d

d

D

D

D

D

D

D













  −   
    

−    
    −
 = =   

−    
    −
    

   −     

d
σ

 
(8) 

 

2.3. Failure criteria and damage evolution laws for unidirectional laminate 

 

Currently, FRP failures are generally considered to be fiber failures, 

matrix failures, and interlayer delamination failures [13-18]. However, during 

actual deformation and destruction the in-layer delamination is also a possible 

failure mode. Thus, there are seven possible failure modes for FRP laminates, 

including fiber tension/compression failure, matrix tension/compression 

failure, in-layer stretch/compression delamination failure, and interlayer 

failure, as shown in Fig. 1. As the basic element of laminated shell, the 

unidirectional FRP layer should consider the first 6 kinds of failures. A short 

description of these failure modes and damage evolution laws is included 

below. 

 

2.3.1. Fiber tension and compression 

Previous studies [15, 19] have shown that the strain was more continuous 

than the stress during the evolution of damage. Therefore, the Hashin criterion 

for fiber tension and compression are expressed in the form of strain, as 

shown in Eq. 9. In this equation, 1

it and 1

ic are the fiber initial failure strains 

and can be calculated by 1 1=it

tX   and 1 1=ic

cX  , where Xt and Xc are 

respectively the fiber tensile and the compressive strength. 
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Fig. 1 The possible failure modes of a FRP shell 

 

The damage coefficients for fiber tension and compression are shown in 

Eq. 10. When denote the finial failure strain ( 1

ft and 1

fc ), the element 

characteristic length l is introduced to eliminate the mesh sensitivity problem 

[15-16], the expression is given by Eq. 11, where 1

t  and 1

c  are the fiber 

fracture energy. 
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2.3.2. Matrix tension and compression 

Similar to the fiber tension, the failure criterion and damage coefficient 

for matrix tension are shown in Eq. 12 and Eq. 13, respectively. In these two 

equations, 2

it and 2

ft  are the matrix initial and final failure strains, 

respectively; Yt is the matrix tensile strength; 2

t  is the matrix tensile 

fracture energy. 
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Puck et al. [12] introduced a failure criterion that could consider the 

fracture plane due to matrix compression. Many literatures [14-17] have 

proved that the Puck criterion have more advantages than the Hashin criterion 

and the Chang-Chang criterion in discussing the matrix compression. Thus, 

this criterion was chosen to simulate the matrix compression; moreover, the 

Puck criterion was also expressed in the form of strain, as shown in Eq. 14. In 

this equation,   is the angle between the fracture plane and the direction of 

thickness (Puck recommended the value of this angle could be 53°); ( )n  , 

( )nl   and ( )nt   are the strain components on the fracture plane, as 

shown in Fig. 2;   is the material friction angle; 23

AE  is the transverse 

shear strain on the fracture plane; 
12S  is the in-plane shear strength; G12 is 

the in-plane shear modulus. 
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(14) 

 

The damage coefficient of matrix compression can be calculated by Eq. 

15, where 
i

r  and 
f

r  are the initial and final combined strains, 

respectively; ( )i

nt   and ( )i

nl   are the shear stresses on the fracture plane 

at a time of 2 =1cF ; 2

c  is the matrix compressive fracture energy. 



Qi-Jian Wu et al. 269 

 

 

1

2

3

εn(θ)

γnl(θ)

γnt(θ)

θ

 

Fig. 2 The fracture plane of matrix under compression 
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2.3.3. In-layer delamination 

In order to consider the in-layer delamination, the present study defined 

the failure criterion and the damage coefficients for the in-layer delamination 

as shown in Eq. 16 and Eq. 17. In these equations, Zt and Zc are the tension 

and compression strength in the thickness direction of unidirectional laminate, 

respectively; 3

it and 3

ft  are the initial and final failure strains, respectively; 

3

ic and 3

fc  are the initial and final failure strains, respectively; 1

t  and 

1

c  are the fracture energy in the thickness direction of unidirectional 

laminate. 
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Because the strength of matrix is much lower than fiber, the matrix in a 

FRP unidirectional layer is broken easier. As a result, the in-layer 

delamination is always caused by matrix fracture in the thickness direction; 

and the strength and fracture energy in this direction can be regarded 

approximately equal to the strength and fracture energy of matrix. 

 

2.3.4. The stress-strain relationships after initial failure 

Once the initial failure occurred, the FRP unidirectional lamina would 

begin to damage. The damaged stress component d
σ can be written by Eq. 18, 

where Di (i=1, 2,…, 6) is the component of damage matrix D  and can be 

defined by the damage coefficients (Eq. 19). In Eq. 19, Smt and Smc are the 

parameters to control the shear stiffness loss caused by matrix tension and 

compression. According to the literature [13], the loss control factors are 

postulated as Smt=0.9 and Smc=0.5. 

 

2.4. Interlaminar damage model 

 

In actual engineering, the FRP components are always consisted of many 

different unidirectional layers, which mean the interlayer failure should be 

considered. Especially for the FRP-reinforced steel component, the 

interlaminar damage is caused by interface cracking (where the interface is the 

matrix that connects two adjacent layers, and the steel component can be seen 

as one layer). This failure is always simulated using a bilinear 

traction-separation relationship (Fig. 3) in commercial FEM software, such as 

the cohesive behavior in ABAQUS/Explicit [20]. 
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Fig. 3 The bilinear traction-separation relationship 

 

There are three kinds of stresses on the interface (normal stress Sn, shear 

stress St, and Sl), which are defined within Eq. 20. In this equation, Gi (i=n, t, l) 

is the critical strain energy release rate, which is the area covered by the σ-δ 

curve. 
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The stress-strain relationship on the interface is represented by Eq. 21. 

Where Ki (i=nn, tt, ll) denotes the slope of Fig. 3 and DI is the damage 

coefficient for interlaminar damage. 
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The interlaminar damage process is as follows. When the interface is in 

elastic state ( 0  ), the value of damage coefficient DI is 0; once it begins 

to damage ( 0 max    ), the damage evolution law is expressed in Eq. 22; 

finally, the interface totally fractured ( max  ), the DI reaches a value of 1. 
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In Eq. 22, f

m is the mixed-mode displacement, which is defined by the 

Benzeggagh-Kenane fracture criterion [21] (as shown in Eq. 23, where   

and   are the Benzeggagh-Kenane law parameters). 
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3.  Simulation method 

 

3.1. Axial low-velocity impact tests 

 

A series of impact tests were developed to verify the simulations. The 

specimen was manufactured through a filament winding process (Fig. 4), and 

had a GFRP enhancement layer (S2-1200 glass fiber reinforced E-51 epoxy 

resin) and a circular Q235 steel tube base layer (Fig. 5). A total of 6 

conditions were discussed in the tests, as shown in Table 1; moreover, 

58-1.5-30-3 was replicated thrice to verify the stability of tests. 

The tests were conducted on a drop hammer test system, as shown in Fig. 

6. During the test process, the specimen was anchored in a 60 mm deep steel 

groove using high strength gypsum; besides, the impact force was obtained by 

a piezoelectric force transducer; and a magnet-grid linear displacement system 

was used to measure the displacement of hammer. Additionally, a high-speed 

camera (Fig. 7) was used to record the axial impact process. 

 

 

Fig. 4 The filament winding process 

 

Q235 steel tube

GFRP

θL

tc t
D

Dc

 

Fig. 5 A detail of the specimens tested 

Table 1 

Descriptions of the specimens tested 

Label D/mm t/mm [θ]n Dc/mm tc/mm L/mm V/m/s 

58-1.5-30-3 58.0 1.5 [30/-30]3 62.0 2.0 100.0 3.0 

58-1.5-90-3 58.0 1.5 [90]9 62.0 2.0 100.0 3.0 

58-1.5-30-4.5 58.0 1.5 [30/-30]3 62.0 2.0 100.0 4.5 

58-1.5-45-4.5 58.0 1.5 [45/-45]3 62.0 2.0 100.0 4.5 

58-1.5-90-4.5 58.0 1.5 [90]9 62.0 2.0 100.0 4.5 

 

 

Fig. 6 The drop hammer test system 

 

 

Fig. 7 High-speed camera 

 

The three repeated test results of 58-1.5-30-3 were shown in Fig. 8. The 

results were compared form 4 aspects: impact load (load-time curve, as shown 

in Fig. 8 (a)), axial displacement (displacement-time curve, as shown in Fig. 8 

(b)), energy dissipation (the cover area of load-displacement curve, as shown 

in Fig. 8 (c)), and damage modes (as shown in Fig. 8 (d)). In conclusion, the 

results of the parallel samples were easily reproducible, and hence the test 

results obtained from the drop hammer test system were credible. 
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(c) Load-displacement curves (d) Damage specimens 

Fig. 8 Repeated test results of 58-1.5-30-3 

 

3.2. Finite element model 

 

ABAQUS 6.11/Explicit was chosen to develop the simulation works. 

Each layer was modeled separately (for both FRP layers and steel layers), 

such that the damage development in each individual layer could be simulated. 

In the thickness direction of each layer there was one element, including the 

C3D8R (8-node linear brick, reduced integration, hourglass control [20]) for 

FRP plies and C3D8I (8-node linear brick, incompatible modes [20]) for steel 

ply. The drop hammer was modeled by C3D10M (10-node modified quadratic 

tetrahedron [20]). The bottom of the specimen was completely clamped to the 

support, while its top was left free. The impact load was applied to the 

specimen through the drop hammer’s mass and initial velocity. The finite 
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element model is shown in Fig. 9. 

 

 

 

 

 

(a) Drop hammer (b) Specimen          (c) Assembly drawing 

Fig. 9 The finite element model 

 
3.3. Material parameters 

 

The steel layer was simulated by the J-C constitutive model provided by 

ABAQUS. Its quasi-static material properties were obtained using uniaxial 

tensile tests, where the results for these tests are shown in Table 2. And the 

parameters for J-C model were determined according to the previous study [7], 

as shown in Table 3. 

 

Table 2 

Mechanical properties of the steel tubes [22] 

t/mm σy/MPa σu/MPa εy/με εu/με E/GPa 

1.5/2.0 272.28 410.64 1991 240000 208 

 

As for FRP a VUMAT subroutine based on the mechanics of composite 

material was developed. The subroutine can consider the 6 initial failure 

modes and damage evolutions of FRP unidirectional laminate, its 

computational algorithm is shown in Fig. 10. Because GFRP is anisotropic, its 

properties were obtained by tensile tests (longitudinal and transverse), 

compression tests (longitudinal and transverse), interlayer shear-strength tests, 

in-plane shear tests, and debonding test. The properties of S2-1200 glass 

fiber/E-51 epoxy unidirectional laminate are shown in Table 4 [22]. Moreover, 

the interfaces between steel layer and GFRP layer, or between GFRP layers, 

were simulated by the cohesive behavior provided by ABAQUS, where these 

cohesive parameters are shown in Table 5 [22].

Table 3 

Parameters of the Johnson-Cook model and fracture criterion [7] 

A/MPa B/MPa n m Tm/K Tr/K D1 D2 D3 D4 D5 
0 /s-1 

272.28 899.7 0.94 0.1515 1795 293 -43.408 44.608 0.016 0.0145 -0.046 0.000833 

 

Table 4 

Material properties of GFRP unidirectional laminate materials [22] 

Parameters Value 

Modulus/GPa E1=41.29; E2=E3=4.21; G12=G13=3.16; G23=3.0 

Poisson's ratio ν12=ν13=0.31; ν23=0.42 

Strength/MPa 

Xt=884.5; Xc=837.17; Yt=Zt=37.38; Yc=Zc=145; 

S12=S13=44.765; S23=50.88 

Fracture energy/( N/mm) 
1 28.25t = ; 1 80.1c = ; 2 3 =0.36t t =  ;

2 3 =7.24c c =   

 

Table 5 

Cohesive behavior parameters [22] 

Parameters Value 

Elastic properties/GPa Knn=4210; Ktt=3160; Kll=3160 

Strength/MPa Tn=37.38; Tt=44.765; Tl=44.765 

Fracture toughness/(N/mm) Gn=0.36; Gt= 1.33; Gl=1.33 

Mode interaction-BK η=2.6 

 

 

Fig. 10 Computational algorithm of the VUMAT subroutine 

The drop hammer was assumed to keep elastic during the impact process. 

Its material properties were defined as E=217GPa, ν=0.3. The contact between 

the drop hammer and FSC was simulated using the penalty method; according 

to Perillo’s study [23], an average friction coefficient of μ=0.3 was 

appropriate. 

 

3.4. Verification of the simulation method 

 

The measured results including load-displacement curves and energy - 

displacement curves were compared with simulations, as shown in Fig. 11. 

Compared to the simulations the load-displacement curves obtained from the 

tests exhibited larger vibrations, this was because the drop hammer would 

vibrate during axial impact process. Besides, the specimens in the impact tests 

inevitably had some initial imperfections; however, these imperfections were 

ignored in the finite element simulation to simplify the analysis, so that the 

simulations were a little larger than the test results. Even so, the simulations 

still have a good agreement with the test results. 
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(a) Load-displacement curves 
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(b) Energy-displacement curves 

Fig. 11 Compared between experimental and simulated results 

 

Take the specimens with impact velocity 3 m/s for example. Fig. 12 

shows a comparison of damage modes between the tests and the simulations. 

Moreover, Fig. 13 detailedly compares the impact process of 58-1.5-45-4.5. 

The axial low-velocity impact process can be divided into two stages: elastic 

stage and energy dissipation stage. During the elastic stage GFRP and steel 

were in an elastic state, where the sample kept vertical and its midspan 

expanded along the radial direction (0–0.001 seconds for the test, and 

0–0.000825 seconds for the simulation). After this, the specimen entered an 

energy dissipation stage until the end of the first impact process 

(0.001–0.0295 s for the test, and 0.000825–0.0292 s for the simulation). 

During this stage, the steel tube dissipated energy through plastic deformation, 

and the FRP dissipated energy through both fiber and resin failure and 

delamination damage. According to the comparison, the simulated damage 

modes and impact process matched the tests well. 

 

 

(a) 58-1.5-30-3 

 

(b) 58-1.5-45-3 

 

(c) 58-1.5-90-3 

Fig. 12 Comparing damage between predicted and tested samples 

 

    
(a) Experimental results 

    

(b) Predicted result 

Fig. 13 Compared damage process of 58-1.5-45-4.5  

between predicted and experimental 

 

4.  Comparison between common failure criteria and VUMAT 
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(b) 58-1.8-90-4.5 

Fig. 14 Results of 58-1.5-90-3 and 58-1.8-90-4.5 using different failure criteria 

 

To show the advantages of the proposed VUMAT subroutine, 

58-1.5-90-3 and 58-1.5-90-4.5 were simulated using the Puck criterion, the 

Hashin criterion, the Chang-Chang criterion, and the VUMAT subroutine 

(where the steel tube used the J-C model). Results of this comparison are 

shown in Fig. 14. Because of considering the influence of fracture plane, the 

results from the Puck criterion and the VUMAT subroutine were better than 

them from the Hashin criterion and the Chang-Chang criterion. To be specific, 

the curves from the Hashin criterion and the Chang-Chang criterion had a 

sharper decrease in the load-descending phase, and their shapes are thinner 

than the experimental results (Fig. 14 (a) and (c)); additionally, the 

energy-dissipation simulated by these two criteria was distinctly lower than 

the experimental results (Fig. 14 (b) and (d)). 
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There was relatively good agreement among the results for the Puck 

criterion, the VUMAT subroutine, and the experimental results when the 

impact energy was 1800.9 J or 4052.025 J (Fig. 14); however, since the Puck 

criterion did not consider the in-layer delamination, its results were a little 

higher than the results for either the VUMAT subroutine or the experimental 

results. This tendency was more distinct when the impact energy increased, as 

shown in Fig. 15 (where data in Fig. 15 were obtained via simulation). 
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Fig. 15 Results from samples 58-1.5-90-5.5 using the Puck criterion and the VUMAT 

 

 

 

 

5.  Conclusions 

 

This paper proposed a method to simulate the low-velocity impact 

process of FRP-reinforced steel component. This method used the J-C model 

to simulate the steel component, and developed a VUMAT subroutine to 

analyze the initial failures and damage evolution of FRP. Different from the 

common FRP failure criteria, the proposed subroutine considered not only the 

fiber tension/compression failure and the matrix tension/compression failure, 

but the in-layer stretch/compression delamination failure. Moreover, when 

initial failure occurred, the progressive damage evolution law based on strain 

was applied in the subroutine. 

Axial low-velocity impact tests were developed on GFRP-reinforced 

circular steel tubes to verify the simulations. This comparative study 

confirmed that the simulations agreed well with experimental tests not only 

for load-displacement curves, but also for damage modes. Additionally, a 

comparison among the Puck criterion, the Hashin criterion, the Chang-Chang 

criterion and the VUMAT subroutine indicated that the proposed simulation 

method can simulate the FSC better. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The lattice girder, members of which are constructed by use of ready profiles with tubular cross-sections, has a simple but 

an effective structural framing form. In this regard, this study proposes to optimize the design of tubular lattice girders i n a 

way of minimizing its entire weight and joint displacement and maximizing its load-carrying capacity considering the design 

codes of API RP2A-LRFD. As an optimization tool, a multi-objective optimization methodology named pareto archived 

genetic algorithm (PAGA) was utilized. The search capability of PAGA was improved by involving a designer module for 

automatically creation of a lattice girder form. The improved PAGA has a big responsibility of increasing the convergence 

degree of optimal designs against the stability problem. Furthermore, the content of this study is enriched  by evaluating the 

computing efficiency of PAGA with respect to several multi-objective optimization algorithms. Consequently, the improved 

PAGA achieves to explore the optimal lattice girder designs with the higher convergence, diversity and capacity degr ees. 

Therefore, the proposed optimum lattice girder design tool is recommended for the designers due to its capability of 

obtaining a wide range of promising designs. 
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1.  Introduction 

 

A lattice girder is constructed through connecting a number of diagonal, 

longitudinal and horizontal structural members. The lattice girder have a big 

advantages over the other structural framing forms (configurations) due to: i) its 

ability of spanning the long distances without requiring either any intermediate 

support or an extra height as in the dome structure ii) its flexibility of having an 

option of using a steel manufacturing factory, iii) its capacity of easily 

disassembling and reassembling, iv) its capability of altering their current 

appearance with the different framing configurations. These significant features 

lead to a decrease in the manufacturing, building, shipping, and maintaining 

costs of lattice girder. Therefore, the lattice girders are preferably utilized in a 

number of structural systems (roofs, bridge, cranes etc.) (Nageim & Macginley 

[1], Talaslioglu [2]). 

Particularly, the development in the steel-related technology accelerates to 

elevate the variety in the available steel profiles. In fact, this development also 

leads to a big differentiation in the current framing configuration of lattice girder. 

Thus, the possibility of making a further decrease in the constructional cost of 

lattice girder correspondingly increases. Moreover, in order to gain an extra 

economic profit in the construction of the tubular lattice girder, it is suggested 

that an optimization tool to be involved into the design stage is the best way. As 

an optimization tool, the evolutionary algorithms (EAs) have already been 

utilized for the weight minimization of various structures (Hasancebi and et al. 

[3]; Saka [4], Seyedpoor and et al. [5]).  

A generational optimal design approach for steel structures has still been 

utilized by a number of designers. According to the generational optimal design 

approach for the tubular lattice girder, a designer firstly determines the shape of 

lattice girder for a certain spanning length and topology. Then, the size of lattice 

girder members is optimized using only a single objective function, for example 

the constructional cost of tubular structure. Thus, the entire weight of tubular 

structure is minimized to obtain a further economic design. The design 

constraints are assigned to check the strengths of the lattice girder members 

according to an allowable member stress and/or joint displacement value 

(Cagnina and et al. [6]; Chen & Huang [7]; Lu and et al. [8]; Torii and et al. 

[9]). However, it has to be taken into account of being governed the strength of 

members by a number of coupled strength-related criteria (Beer and et al. [10]). 

Therefore, the best way is to include the provisions of a national or international 

design specification into the design stage in order to increase the design 

reliability of lattice girder (Talaslioglu [11]).  

Furthermore, the proposed optimal design approach must take the 

responsibility of not only decreasing the entire weight of lattice girder for an 

economic constructional cost, but also achieving to provide an increased load-

carrying capacity along with a higher serviceability for the design of lattice 

girders (Talaslioglu [11]).  

Thus, the generational optimal design approach with a single-objective 

function becomes unfortunately to be insufficient in case of optimizing the 

design of lattice girder considering its load-carrying capacity, serviceability and 

weight at the same time. In order to deal with this design problem, the most 

appropriate remedy is to integrate a multi-objective optimization procedure with 

the proposed design approach. Thus, the designer has also an opportunity to 

make a trade-off analysis among the multiple objective function values. 

Fortunately, EAs are also proved to be the perfect optimization tools with 

multiple objectives (Talaslioglu [11], Salajegheh and et. al. [12]).  

A general multi-objective optimization problem is formulated as: 

min  /  max  ( ) { ( ), ( ),..., ( )}
1 2

=and or F X f X f X f X
K

 (1) 

K objective functions are defined depending on a design (decision) variable 

set X, each which is a member of design variable space DS. When a multi-

objective optimization algorithm (MOA) is executed, a set of random solutions 

is generated. Several solutions are dominated with respect to the other 

remaining ones (fi(X)≤f1(X) and fi(X)≠f1(X), Ɐi Є (1,…,K))) (Srinivas & Deb 

[13]). The dominated optimal solutions are defined as pareto solution. The state 

of pareto dominance is formulated in DS as: 

*( ) ( ), [1,..., )  

* * *( ) ( ) :  ( ) 0     , (1,..., )                        

*( ) 0    , (1,..., )                      

      
 
   

=   =  
  
  = =

  

f X f X i K and X DS
i i

P f X f X g X n N
i i n

h X m M
m

 (2) 

The combination of pareto solutions makes a form named Pareto front: 

 * *( ),  = PF F X X P  (3) 

The pareto front is updated throughout the search of MOA. If a new 

dominant pareto solution is never obtained for the current pareto front, then the 

current pareto front is defined as true pareto front. In fact, the current and true 

pareto front has a big importance for not only the trade-off analysis but also a 

performance comparison of MOAs.  

Although evaluating the computing performance of any optimization 

algorithm with a single objective is carried out by only assessing the quality of 

optimal solution, it is difficult for the multi-objective optimization algorithm 

due to the number of objective functions. In order to evaluate the computing 

efficiencies of employed MOAs, the several performance metrics named 

capacity, density, convergence-diversity, coverage are utilized. These 

performance metrics utilized in this study are also called as “unary metrics”, the 

working mechanisms of which are governed by the predetermined 

approximation sets (Zitzler and et al. [14]). The predetermined approximate sets 

are generated using the current and true pareto fronts.  

The measuring metric named “capacity” informs us about the number of 

current pareto solutions. Particularly, this quantity metric has a big importance 

for the optimal engineering design problems since the designer mostly desires 

to make a trade-off analysis considering pareto solutions. Therefore, the larger 
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size of pareto solutions becomes a big advantage for the designer. The density 

metric “average distance” is utilized to measure the density degree of current 

pareto solutions in a way of computing the average value of deviation between 

Euclidian distance and average Euclidian distance values among current pareto 

solutions. The lowest average distance value indicates about a higher density 

degree. The other two diversity metrics “epsilon” and “spread” also measure the 

diversity in a way of computing the maximum distance and covering degrees of 

current pareto solutions with respect to true pareto fronts, respectively (Zitzler 

and et al. [14], Wu and Azarm [15], Deb and et al. [16], Veldhuizen and Lamont 

[17] ). In fact, the quantity metric “epsilon” is also utilized to indicate about the 

pure convergence degree since its minimum value shows about being covered 

the entire region of true pareto front by the current pareto front. This quantity 

metric is computed using both Euclidian and average Euclidian distances among 

the current pareto solutions along with true pareto fronts. In order to measure 

the volume of current pareto solutions with respect to the true pareto fronts, the 

quantity metric “R2” is utilized (Hansen and Jaszkiewicz, [18]). In fact, R2 

indicator has a responsibility for determining both convergence and diversity 

degree of current pareto solutions in a way of utilizing two extreme data points 

named “nadir” (maximum point) and “ideal” (minimum point) along with a 

utility function named “weights” for obtaining the equally scattered solutions 

on a certain range. It is noted that R2 indicator, which is computed depending 

on the use of utility function and data of current pareto fronts, is a member of R 

family. Thus, the value of R2 indicator is obtained as an average value of 

differences between the maximum values of current data and utility functions. 

Whereas Matlab scripts of quality indicators R2 and epsilon are available in 

Reference (Wagner & Kretzschmar [19-20]), the average distance and spread 

indicators are embedded in the Matlab scripts named “distanceAndSpread.m” 

(see the further details in Matlab [21]. 

This study proposes to optimize the design of tubular lattice girder 

considering its load-carrying capacity, serviceability and entire weight. The 

design optimization of lattice girder is carried out using a multi-objective 

optimization tool, named “pareto archived genetic algorithm (PAGA)”. PAGA 

developed by Author has been also utilized to optimize the design of dome 

structures considering the nonlinear structural behavior (Talaslioglu [22]). In 

this study, the exploration capacity of PAGA for the optimization of lattice 

girder design is enhanced through a designer module for automatically creation 

of a lattice girder configuration. While the shape and topology of lattice girder 

is automatically arranged, its size is accordingly chosen among the available 

steel profiles. The computing efficiency of PAGA is assessed through not only 

the tubular lattice girder designs, but also three MOAs named NSGAII, 

EVMOGA and SMSEMOA considering the performance metrics named 

capacity, density, convergence-diversity and coverage. 

In this regard, the outline of this study begins by introducing the working 

mechanism of proposed evolutionary-based multi-objective optimization 

methodology “PAGA” and its integration with design of tubular lattice girder 

in section 2 and 3, respectively. Then, the results outcome from the application 

of employed MOAs for a tubular lattice girder with various spans and loading 

situations along with several benchmark examples are discussed in section 4. 

The summarization of results is given in the conclusion section. 

 

2.  The Working Mechanism of Proposed Evolutionary-Based Multi-

Objective Optimization Methodology: Pareto Archived Genetic Algorithm 

(PAGA) 

 

It is mentioned that EAs are also perfect optimization tools for the multi-

objective optimization problems. EAs belongs to the evolutionary-based field 

in the area of artificial intelligent (Yang [23]). In fact, the fundamentals of EAS 

are completely constituted on the Darwian’s evolutionary theory. The 

evolutionary theory contains the basic biological issues: breeding suitable 

individuals of population, propagating the valuable genetic material, which are 

coded in chromosomes, into next generations, eliminating the unsuitable one 

and finally surviving the individuals with a higher fitness. The concept of fitness 

informs us about the adaptation degree of individuals to both nature and life 

under an environmental pressure. In this regard, EAs mimics the working 

mechanism of biological evolution by means of genetic operators. The quality 

of fitness is easily computed by using a fitness function and utilized in the 

management of genetic-based processes. Thus, the evolutionary based 

computation begins by initiating a population. Then, the genetic operators are 

employed to process the genetic material embedded in the initial population 

considering the fitness values which is computed by fitness function. The 

genetic material inherited from the initial population is also utilized to generate 

the new populations. The generation of populations is generally terminated 

when a pre-defined maximum generation number is completed. The 

evolutionary-based loop is resulted by a number of pareto solutions. In this 

regard, the closeness, diversity and spread degrees of its current pareto front 

with respect to a true pareto front are the most important criteria in order to 

evaluate the computing efficiency of MOAs. In fact, these quality measuring 

metrics are also utilized to develop or improve the new multi-objective 

evolutionary algorithms (MEAs) (Reed and et al. [24]; Metaxiotis & Liagkouras 

[25]; Richardson and et al. [26]). Some promising approaches  are developed 

as: i) aggregation of fitness values (Aggregation Method (Srinivas & Deb [13]; 

Hwang & Masud [27]), Weighted Metrics (Miettinen [28]), Goal Programming 

(Charnes & Cooper [29]) etc…) , ii) dominance of fitness values (NSGAII (Deb 

and et al. [30]), SPEA2 (Zitzler and et al. [31]) etc. (see further details about the 

other similar approaches in (Talaslioglu [32]), iii) quantitative-based 

assessment of fitness values (IBEA (Zitzler and et al. [33]), ESP (Huband and 

et al. [34]) etc.). Especially, non-dominated sorting genetic algorithm II 

(NSGAII) (Deb and et al. [30]) achieve to gain more attention from the scientific 

research audience (Talaslioglu [11, 35]). The hybridized variants of MOAs have 

been also developed. Particularly, two recently developed MOAs are e-

dominance based MOA (EVMOGA) (Martínez and et al. [36]) and hyper-

volume dominance-based MOA (SMSEMOA) (Beume and et al. [37-38]).  

One of MEAs, Genetic Algorithm (GA) achieves to take more attention 

from different engineering fields due to its simple but effective search 

mechanism (Yang [23]). However, one of the difficulties in the evolutionary-

based multi-objective optimization procedure is generally concerned with 

determining an optimal solution with higher quality in a way of simultaneously 

using the multi-objective functions. Although it is known that the valuable 

genetic material is embedded to the pareto solutions, how to propagate this 

genetic material to next generations is not known. At this point, the 

fundamentals of PAGA are constituted on the transmission of pareto solutions 

to the next populations through pareto-inseminated populations (see the pseudo 

code of PAGA in Fig. 1). PAGA is managed by four different sub-populations 

Spop1, Spop2, Spop3 and Spop4, which are obtained thereby dividing the entire 

population sub-populations by a division number div_num. In this regard, an 

evolutionary search proposed by PAGA begins to randomly generate these four 

sub-populations. Then, fitness values (f1, f2, etc.) and pareto solutions 

(pareto_OF_ALL) are correspondingly computed and determined, respectively. 

The limit values of objective functions stored in the pareto solutions 

max_pareto_OF1_ALL, max_pareto_OF2_ALL and etc. are determined and 

utilized to compute the size of sub-populations PS1, PS2, PS3, and PS4 along 

with div_num. Then, the sub-populations sizes are determined. The crossover 

and mutation operations, the parameter values of which are adjusted depending 

on sub-generations numbers (subGN1, subGN2), are utilized to operate the 

genetic material in the sub-populations Spop1, Spop2, Spop3 and Spop4. After 

the fitness values of sub-populations Spop1, Spop2, Spop3 and Spop4 are 

computed, the pareto solutions are determined. In the last stage, the bounds of 

individuals located in the each of sub-populations are checked according to the 

maxDV and minDV. This main loop is terminated once the maximum generation 

number is completed. The further details about working principle of PAGA are 

presented in Reference Talaslioglu [22]. 

 

3.  The Integration of PAGA with Design of Tubular Lattice Girder 

 

The design optimization of tubular lattice girder is carried out by both 

minimizing its entire weight, f1 (m, number of lattice girder members; w, unit 

weight per member length) and its joint displacements, f2 (n, number of nodes; 

i, number of freedom) and maximizing its member forces, f3 (see Eqn. (1-3)) 

considering design constraints obtained by use of member-related provisions. 

The proposed design constraints are converted into the two ratios for the 

member-related design constraints and joint displacements. While one of these 

ratios named UnityMem is obtained by dividing the current strength of dome 

member to the allowable nominal strength, the other ratio named UnityDisp is 

computed by dividing the maximum value of current joint displacement to the 

predefined value. In order to penalize the unfeasible designs, a penalizing 

function is accordingly utilized to compute a penalizing value. The penalizing 

value is added to the fitness value. It is noted that the same penalizing process 

with an alteration of design constraints is also proposed for the optimization of 

benchmark design examples. 

min( ( . ) )
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In Eq. 5, penalizing process is managed by two parameters: current 

generation number CGN and maximum generation number MGN. The 

formulations of design constraints in Eq. 5 are given in References (Talaslioglu 

[11]).  

In order to improve the search capability of PAGA, a designer module is 

included to automatically create a lattice girder configuration (see a pseudo code 

for an automatically generation of lattice girder in Fig. 2). Thus, it is possible to 

generate various framing configurations using the design variables (size, 

topology and shape). The cross-sectional properties which represents the design 

variables (size) D1, D2, D3 and D4 are chosen from 37 available tubular cross-

sections (see Fig. 3). The limit values of these design variables ParUDV and 

ParLDV are taken as 37 and 1. The other design variable (topology) is managed 

by the division number ParDN in order to form the tubular lattice girder with 

small nesting parts. The limit values of this design variables ParDN are indicated 

by ParDNU and ParDNL. Furthermore, the other topology-related design variable 

ParCTop is also utilized to represent each nesting part of tubular lattice girder 

named “Cell”. The brace members manage the topology of cell. Therefore, the 

topologic configuration of each cell is represented by four different numbers: 1 

for no bracing, 2 for left-sided bracing (\), 3 for right-sided bracing (/) and 4 for 

double bracing (X). The last design variable (shape) is managed by the first and 

middle heights of tubular lattice girder H1 and H2 due to the symmetrically 

adjusted by the designer module and indicated by ParH1 and ParH2. The limit 

values of shape-related design variables are indicated by the parameters ParH1U, 

ParH1L, ParH2U and ParH2L. Thus, these design parameters are stored in a matrix 

named “Chrom” (“Chromosome”), which contains the design variables ParDN, 

ParCTop, ParH1, ParH2, D1, D2, D3, D4. However, the main difficulty is related 

to the determination of topologic configurations for each cell of tubular lattice 

girder since ParCTop, which varies depending on ParDN is a row matrix. In order 

to handle with this problem, a unique value for the size of ParCTop is assigned as 

the half of upper limit value of division number as ParDNU/2 due to generating 

the tubular lattice girder using its symmetrical semi-part. Although ParCTop is 

generated in a unique size, the required data is easily picked from ParCTop. The 

tubular lattice girder outcome from the designer module has also a responsibility 

in the preparation of input data for the ready computer program ANSYS. Thus, 

it is possible to compute both the structural responses for an external static load 

and check the strengths of tubular lattice girder members and accordingly 

objective functions. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
Fig. 2 Pseudo Code for Automatically Generation of Lattice Girder 

Fig. 1 Pseudo Code for Computing Steps of PAGA 
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4.  Discussion of Findings 

 

The proposed design approach integrated with the optimization tool, PAGA 

is utilized for the optimal design of tubular lattice girder. In this regard, this 

section is divided into two sub-sections in order to summary the results obtained 

by the application of PAGA into the proposed design examples. In the first part 

of this section, the efficiency of PAGA is evaluated with respect to three MOAs, 

NSGAII, EVMOGA and SMSEMOA. For this purpose, three benchmark 

design examples named I-beam, welded beam and spring designs and a 

benchmark mathematical function named ZDT3 are utilized for the evaluation 

of employed MOAs coded in MATLAB. In the second sub-section, the design 

of tubular lattice girders as the real-world design examples are also optimized 

by the employed MOAs due to being fallen the benchmark examples into a 

category of small scaled ones. Thus, it is possible to both re-examine the 

computing performance of PAGA and determine the governing design factors 

in the design of lattice girder. The successful algorithms are ranked in two levels 

and summarized in the separate Tables. 

In order to provide an equal competition among the employed MOAs, the 

most appropriate operator parameter value sets, which manages the search 

mechanism of employed MOAs, have to be determined. For this purpose, a 

number of trials with different combinations of operator parameter values are 

separately performed for each of the employed MOAs. Then, the relatively 

better values of operator parameters are determined. Also, the values of two 

important parameters, evolutionary number and population size are taken as 50 

and 50, respectively (see Tables 1 and 2).  

Moreover, the relationship among them is assessed considering a statistical 

hypotheses test named “Kruskall Wallis” in a way of measuring the significance 

degree at a certain level (P<0.05). Therefore, the execution number is taken as 

100 runs. 

 

 

Table 1. Parameter Names and Values of Governing Operators Utilized by Employed MOAs 

Employed MOAs and Their Genetic Operator Parameter Names  Genetic Operator Parameter Values 

NSGAII  

options. Generations 50 

options.PopulationSize 50 

options.MutationFcn= {@mutationuniform.} 0.2 

options.CrossoverFcn= {@crossoverheuristic.} 0.4 

options.SelectionFcn={@selectiontournament.} 2 

EVMOGA  

dd_ini                                   (crossover-related) 0.25 

dd_fin                                    (cossover-related) 1 

Pm                                      (mutation-related) 0.1 

Sigma_Pm_ini                             (mutation-related) 10 

Sigma_Pm_fin                             (mutation-related) 0.1 

Nind_GA                               (GA population size) 50 

Nind_P                                  (P population size) 50 

Nind_max_A                             (A population size) 50 

n_iterations                              (generation number) 50 

SMSEMOA  

defopts.nPop                          (size of the population) 50 

defopts.maxEval              (maximum number of evaluations)  

defopts.useOCD                (use OCD to detect convergence) True 

defopts.OCD_VarLimit                 (variance limit of OCD) 1e-9   

defopts.OCD_nPreGen   (number of prec. generations used in OCD) 1 

defopts.var_crossover_prob        (variable crossover probability) 0.9 

defopts.var_crossover_dist        (distribution index for crossover) 15 

defopts.var_mutation_prob         (variable mutation probability) 1/(Number of Design Variables) 

defopts.var_mutation_dist         (distribution index for mutation) 20 

defopts.var_swap_prob              (variable swap probability)  0.5 

defopts.DE_F                       (difference weight for DE) 0.2+rand(1) 

defopts.DE_CR         (crossover probability for differential evo) 0.9 

defopts.DE_CombinedCR                 (crossover of blocks ) True 

defopts.useDE      (perform differential evo instead of SBX&PM) True 

defopts.refPoint                             (refPoint for HV) 0 

PAGA  

PS  (population size) 50 

GN   (generation number) 50 

CombGen1    (gen. num. for first gen. operator comb. application) 20 

CombGen2   (gen. num. for second gen. operator comb. application) 30 
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Fig. 3 A Lattice Girder Form Generated by Proposed Designer Module 
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4.1. Preliminary Results Obtained from Optimization of Benchmark Function 

and Design Examples with Design Variables of Continuous and Mixed Types 

 

The benchmark function named ZDT3 (Zitzler and et al. [33]) is firstly 

optimized (see the Matlab scripts in Reference Wagner and Kretzschmar [19-

20]). This benchmark function ZDT3, which has 30 continuous-type decision 

variables within a certain interval [0,1] is a mathematical function with a non-

contiguous form. Its true pareto front with the optimal solutions is depicted in 

Fig. 4. Then, three benchmark designs named I beam, welded beam and spring 

are optimized (see their mathematical expressions in References Yang and et al. 

[39], Deb and Srinivasan [40], He and Wu [41]). While the designs of I and 

welded beams are represented by use of continues type-decision variables, both 

discrete and continues type-decision variable is utilized to represent the design 

of spring (see Fig. 5). Their true pareto fronts along with the optimal solutions 

are depicted in Figures (6-8). A statistical summarization of quality indicators 

obtained in the end of 100 runs are tabulated for each of benchmark test 

examples in Tables (3-6). The computing performances of employed MOAs are 

summarized in Table 7. Considering Figures (6-8) and Tables (3-7), the 

preliminary results are listed as: 

• There does not exist any relation among the employed MOAs taking into 

account of the lower probability ratio (Prob>Chi-sq) as 2.42e-77 (see also the 

note as “3 groups have mean ranks significantly different from PAGA” in Fig. 

9). 

• The computing performance of PAGA is ranked in a second level according 

to the measuring metrics obtained for the mathematical function. The capacity, 

density, convergence-diversity and covering features of PAGA show 

relatively lower performance than the other employed MOAs (see the rank of 

MOAs according to the measuring metrics in Table 7 and the true pareto front 

in Fig. 4) 

• PAGA achieves to obtain more accurate approximation with a relatively 

better distribution for all design examples (see the rank of MOAs according 

to R2 in Table 7). 

• The pure convergence degree of PAGA is ranked in the first place for the 

design example 1 and 2 but the second place for design example 3 (see the 

rank of MOAs according to Epsilon in Table 7). It is seen that the true pareto 

front of design example 3 is obtained as a non-contiguous form in Fig. 8. 

• The density degree of pareto solutions obtained by PAGA is relatively higher 

for design example 1 and 2 but lower for design example 3 (see the rank of 

MOAs according to Average Distance in Table 7).  

• Although PAGA shows a superior performance in obtaining the highest 

number of pareto solutions, the covering degree of these pareto solutions 

becomes relatively lower with respect to the other ones obtained by the other 

employed MOAs (see the rank of MOAs according to the Number of Pareto 

solutions and Spread in Table 7).  

It is easily seen that the decrease in the pure convergence of pareto 

solutions is arisen from the fast-approximating feature of PAGA due to using 

the valuable genetic material exploited by the proposed evolutionary search for 

the exploration of promising candidate solutions. This feature of PAGA leads 

to an increase in the capacity performance while a decrease in the covering 

performance. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Table 2. Design Details of The Tubular Lattice Girder For The Design Optimization Purpose 

Cases 

 Lattice Girder 1 Lattice Girder 2 Lattice Girder 3 Lattice Girder 4 

Material Properties and Geometrical Configuration Details 

Load Values 

Loading 1: 70 kipf 

Loading 2: 20 kipf 

Loading 3: 30 kipf 

Loading 1: 140 kipf 

Loading 2:  40 kipf 

Loading 3:  60 kipf 

Loading 1: 150 kipf 

Loading 2:  50 kipf 

Loading 3:  75 kipf 

Loading 1: 300 kipf 

Loading 2: 150 kipf 

Loading 3:  75 kipf 

Spanning Length 393.70 in. (10 m) 393.70 in. (10 m) 787.40 in. (20 m) 787.40 in. (20 m) 

Joint Displ. Limit 3.94 in (100 mm) 

Max. Yielding  36 ksi (248.211 N/mm2) 

Elast. Mod. Value 29732 ksi (205 kN/ mm2) 

Design Parameters (Size) 

ParND 4 4 4 4 

ParUDV 37 37 37 37 

ParLDV 1 1 1 1 

Design Parameters (Topology) 

ParUDN 14 20 40 50 

ParLDN 6 6 10 10 

Design Parameters (Shape) 

ParUH2 35.433 in (0.9 m) 47.244 in (1.2 m) 59.055 in (1.5 m) 78.740 in (2.0 m) 

ParLH2 23.622 in (0.6 m) 23.622 in (0.6 m) 31.496 in (0.8 m) 31.496 in (0.8 m) 

ParUH1 23.622 in (0.6 m) 23.622 in (0.6 m) 31.496 in (0.8 m) 31.496 in (0.8 m) 

ParLH1 3.937 in (0.1 m) 3.937 in (0.1 m) 7.874 in (0.2 m) 7.874 in (0.2 m) 



Tugrul Talaslioglu  279 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Table 3. Statistical Values of Pareto Solutions and Elapsed Time (Benchmark Mathematical Function ZDT3) 
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Table 4. Statistical Values of Quality Measuring Indicators (Benchmark Design Example 1: I-beam Design) 
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Table 5. Statistical Values of Quality Measuring Indicators (Benchmark Design Example 2: Welded Beam Design) 
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Table 6. Statistical Values of Quality Measuring Indicators (Benchmark Design Example 3: Spring Design) 
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Table 7. A summary for Ranking The Employed MOAs Considering Benchmark Tests 

Qual. Ind. Rank 
Mathematical 

Function 
Design Ex. 1 Design Ex. 2 Design Ex. 3 

Epsilon 
Rank 1 SMSEMOA PAGA PAGA SMSEMOA 

Rank 2 PAGA NSGAII SMSEMOA PAGA 

R2 
Rank 1 SMSEMOA PAGA PAGA PAGA 

Rank 2 PAGA NSGAII NSGAII NSGAII 

Average 

Distance 

Rank 1 NSGAII PAGA PAGA NSGAII 

Rank 2 PAGA NSGAII SMSEMOA SMSEMOA 

Spread 
Rank 1 EVMOGA EVMOGA EVMOGA EVMOGA 

Rank 2 SMSEMOA NSGAII SMSEMOA NSGAII 

Number of 

Pareto Sol. 

Rank 1 NSGAII PAGA PAGA PAGA 

Rank 2 PAGA SMSEMOA SMSEMOA SMSEMOA 



Tugrul Talaslioglu  281 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

  

  

(a1) (a2) 

Fig. 6 True Pareto Front along with Random Solutions (a1) and Current Pareto Fronts Obtained by Use of Employed MOAs (a2) (Benchmark I-beam Design) 

(a1) (a2) 

Fig. 4 True Pareto Front (a1) and Current Pareto Fronts Obtained by Use of Employed MOAs (a2) (Benchmark Function ZDT3) 

Fig. 5 Benchmark Design Examples I-Beam (Yang et. al. [39]), Welded Beam (Deb & Srinivasan [40]) and Spring Design (He and et al. [41]) 

(a1) (a2) 

Fig. 7 True Pareto Front along with Random Solutions (a1) and Current Pareto Fronts Obtained by Use of Employed MOAs (a2) 

(Benchmark Welded Beam Design) 
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4.2. Evaluation of Optimal Results Obtained from Design Optimization of 

Tubular Lattice Girders 

 

This sub-section has two objectivities: i) evaluating the computing 

performance of PAGA considering the optimal design solutions of tubular 

lattice girders as a real-world design example, ii) determining the design factors 

which have the big responsibilities in the structural behavior of tubular lattice 

girders. Thus, it is also possible to examine the load-carrying capacity, 

serviceability and constructional cost of tubular lattice girders depending on its 

framing configurations and loading conditions. For this purpose, the designs of 

four tubular lattice girders with different spanning length and loading conditions 

are optimized (see Table 2). The extended formulations of design constraints in 

Eq. 5 are given in References (Talaslioglu [11 and 42]). The statistical data 

regarded to the proposed quality indicator values obtained by the employed 

MOAs are tabulated in Table (8-11). The true pareto fronts along with random 

solutions are displayed in Fig. 10. A summary of data tabulated in Table (8-11) 

is presented in Table 12. Thus, the preliminary results are summarized in the 

following part as: 

• PAGA shows a success in obtaining more accurate approximation with a 

relatively better distribution for the designs of four tubular lattice girders (see 

the rank of MOAs according to R2 in Table 12 and see the true pareto fronts in 

Fig. 10). 

• PAGA achieves to obtain the highest pure convergence degree in the 

designs of four tubular lattice girders (see the rank of MOAs according to 

Epsilon in Table 12). 

• The density degree of pareto solutions obtained by PAGA is relatively 

lower for the designs of four tubular lattice girders except for the design of 

tubular lattice girder 3 (see the rank of MOAs according to Average Distance in 

Table 12).  

• While PAGA shows a superior performance in obtaining the highest 

number of pareto solutions, the covering degree of these pareto solutions 

becomes relatively lower with respect to the other ones (see the rank of MOAs 

according to the Number of Pareto solutions and Spread in Table 12).  

• The extreme optimal designs are tabulated in Table 13 including their 

framing configurations. Considering the entire weight values (1345.229 lb, 

17565.640 lb) and maximum member forces (169.242 lb, 3829.295 lb) and joint 

displacements (1.267 in, 2.227 in) corresponding to tubular lattice girder 1 and 

4, it is obvious that an increase in the weight of tubular lattice girder 

correspondingly leads to an elevation in both its load-carrying capacity and joint 

displacement value (see Table 13). Although this claim seems to be an expected 

result, its invalidation is easily investigated by taking into account of the 

increased entire weight values from 3301.855 lb to 4360.518 lb a and the 

decreased member force values from 1881.772 lb to 514.984 lb obtained for 

tubular lattice girders 1 and 2. In fact, there is also a similar dilemma between 

entire weight and joint displacement. In other words, it is expected that an 

increase in the entire weight of tubular lattice girder causes to an increase in the 

joint displacement value. But, its invalidation is approved considering the 

increased entire weight value from 1345.229 lb to 2181.964 lb and the decreased 

joint displacement value from 1.267 in to 0.895 (see the tubular lattice girders 

1 and 2 in Table 13). The reason behind this dilemma is arisen from mainly the 

stability-related structural behavior. In other words, the inclusion of a slender 

member into current framing configuration of tubular lattice girder causes to 

inevitably a decrease in the joint displacements of tubular lattice girder although 

the entire weight of tubular lattice girder is increased. 

• The other important result is concerned with the use of diagonal members 

in the construction of tubular lattice girders. Considering the sketches regarded 

to the framing configurations of tubular lattice girder in Table 13, a double 

bracing of diagonal members leads to an elevation in the load-carrying capacity 

even if under the severe loading conditions and expanded spanning lengths. 

Particularly, if the double bracing is increased along with an elevation of the 

first and last heights of tubular lattice girder, its load-carrying capacity is 

exponentially increased. This claim is easily confirmed considering the sketches 

corresponding to the increased member forces as 885.094 lb, 1229.182 lb, 

1850.709 lb and 3829.295 lb for the tubular lattice girder 1,3 and 4 (see Table 

13). Nevertheless, it is noted that there is a possibility of including a slender 

member into the current framing configuration of tubular lattice girder. At this 

point, the designer module gains a big importance in order to prevent the 

inclusion of slender members through its ability of continually differentiating 

the framing configurations of lattice girder. Therefore, the designer module 

increases the flexibility of PAGA. Thus, PAGA utilizes these promising optimal 

designs in order to generate new framing configurations of tubular lattice girder. 

 

 

  

Fig. 9 Sketches Regarded to Statistical Analysing Results Outcome from MATLAB 

(a1) (a2) 

Fig. 8 True Pareto Front along with Random Solutions (a1) and Current Pareto Fronts Obtained by Use of Employed MOAs (a2) 

(Benchmark Spring Design 
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Fig. 10 True Pareto Front and Random Solutions (Tubular Lattice Girder 1 (a1,b1), Tubular Lattice Girder 2 (a2,b2), Tubular Lattice 

Girder 3 (a3,b3) and Tubular Lattice Girder 4 (a4,b4)) 

(a1) (b1) 

(a2) (b2) 

(a3) (b3) 

(a4) (b4) 
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Table 8. Statistical Values of Quality Measuring Indicators (Lattice Girder 1) 
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Table 9. Statistical Values of Quality Measuring Indicators (Lattice Girder 2) 
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Table 10. Statistical Values of Quality Measuring Indicators (Lattice Girder 3) 
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Table 11. Statistical Values of Quality Measuring Indicators (Lattice Girder 4) 
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Table 12. A summary for Ranking The Employed MOAs Considering Tubular Lattice Girder Designs 

Qual. Ind. Rank Lattice Girder 1 Lattice Girder 2 Lattice Girder 3 Lattice Girder 4 

Epsilon 
Rank 1 PAGA PAGA PAGA PAGA 

Rank 2 SMSEMOA SMSEMOA SMSEMOA NSGAII 

R2 
Rank 1 PAGA PAGA PAGA PAGA 

Rank 2 SMSEMOA SMSEMOA NSGAII SMSEMOA 

Average 

Distance 

Rank 1 SMSEMOA SMSEMOA PAGA SMSEMOA 

Rank 2 PAGA PAGA NSGAII PAGA 

Spread 
Rank 1 PAGA SMSEMOA PAGA NSGAII 

Rank 2 SMSEMOA NSGAII SMSEMOA SMSEMOA 

Number of 

Par. Sol. 

Rank 1 PAGA PAGA PAGA PAGA 

Rank 2 NSGAII SMSEMOA NSGAII SMSEMOA 
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Table 13. Design Variables (Size, Shape and Topology) Along with Objective Functions Obtained by Use of Proposed Tubular Lattice Girders  
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5.  Conclusions 

 

 This study proposes the design optimization of tubular lattice girders. For 

this purpose, the tubular lattice girders with different loading conditions and 

spanning lengths are utilized. As an optimization tool, a multi-objective 

optimization methodology named pareto archived genetic algorithm (PAGA) is 

employed to execute the optimization-related computing procedures. The 

exploring capacity of PAGA is improved utilizing a designer module for the 

automatically generation of tubular lattice girder. Furthermore, the computing 

performance of PAGA is also evaluated considering several MOAs named 

NSGAII, EVMOGA and SMSEMOA. The preliminary results are summarized 

as: 
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• PAGA achieves to obtain relatively better convergence-diversity, pure 

convergence, density and capacity degrees of current pareto fronts for the small-

scaled benchmark applications. 

• PAGA has a capability of simultaneously handling the design variables with 

continuous, discrete and integer.  

• PAGA is employed to optimize the tubular lattice girder design problem as 

large-scaled real-world design problem. It is shown that its success is increased 

obtaining better convergence-diversity, pure convergence, capacity and 

covering degrees of current pareto fronts. These results imply that PAGA is a 

successful optimization tool with an ability of both exploring an increased 

pareto optimal solutions and accurately approximating to a pareto front with a 

relatively better distribution. 

• It is shown that the inclusion of designer module into the proposed optimal 

design approach increases the flexibility of PAGA, thereby preventing the 

stability problem.  

• A diagonal lattice girder with increased double braced members increases 

the load-carrying capacity. However, it has to be noted that a possibility of 

including a slender member into the current framing configuration of tubular 

lattice girder causes to a stability loss. In this regard, the proposed designer 

module has a big importance for the design of tubular lattice girder due to its 

ability of exploring the stable frame configurations. Thus, it is possible to use 

these frame configurations in order to generate a tubular lattice girder with 

higher stability. 

• It is emphasized that the multi-objective optimization procedure instead of 

the single-objective has to be utilized in order to obtain a tubular lattice girder 

with a higher load-carrying, serviceability capacities and a lower constructional 

cost at the same time. 

In further research, the new design constraints regarded to the welding strengths 

will be employed along with the current ones. Also, PAGA will be improved 

thereby enriching its exploiting feature. For this purpose, a self-adaptive 

mechanism is developed in conjunction with new implementations in its current 

recombination procedure. 
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A B S T R A C T A R T I C L E  H I S T O R Y

This paper presents an experimental study on the structural performance of 26 composite slab specimens having 

trapezoidal and dovetail profiles. The influence of the span, details of the end anchorage, and cross-sectional depth on the 

mechanical performance and failure modes of the specimens was discussed. The effects of the thickness of the profiled 

steel sheets and additional reinforcement of the bottom on the longitudinal shear bearing capacity of long -span 

dovetail-profiled composite slabs were also investigated. Research on long-span composite slabs accounting for different 

details of the end anchorage and steel profiles is limited in the literature. The test results indicated that the end anchorage 

can significantly improve the mechanical performance and ultimate bearing capacity of composite slabs, whereas 

additional reinforcement and thick profiled steel sheets can slightly increase their bearing capacity. The test results also 

showed that, in long-span flooring systems, dovetail-profiled composite slabs have a higher load bearing capacity than 

trapezoidal-profiled composite slabs. 
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1. Introduction 

Profiled steel sheet–concrete composite slabs are widely used in steel 

structures and steel–concrete composite structures owing to their advantages 

of rapid construction, enhanced safety, and high cost efficiency. During the 

design and construction of composite slab floors, a profiled steel sheet serves 

both as a template during construction and as load-bearing reinforcement 

during the service life of the slabs [1–3]. Although the performance of a 

composite slab is affected by the inherent material properties, geometrical 

characteristics, boundary conditions, and mode of external loading, it is 

mainly governed by the interactions at the profiled steel sheet–concrete 

interface. Profiled steel sheet–concrete composite slabs subjected to external 

loading, primarily experienced longitudinal shear or flexural failure [4–8]. For 

composite slabs with end anchorage such as a welded stud, the slip at the 

profiled steel sheet–concrete interface can be reduced, whereas the bond 

between the steel sheet and concrete can be enhanced. Consequently, their 

strength and rigidity can be improved [9–12]. 

Generally, the span of simply supported composite slabs is less than 4.5 

m and that of continuous composite slabs is less than 5.1 m [13]. Composite 

slabs with short spans can enable rapid construction, and thus, have high 

operating efficiencies despite their inherent disadvantages. As a long-span 

structure is constructed by composite slab of short span, numerous filler 

beams and connectors welding with a high workload are required. Long-span 

composite slabs require several temporary supports but few filler beams. As 

the additional costs of the temporary supports are smaller than the use of filler 

beams, long-span composite slabs are significantly more cost efficient than 

short-span ones [14]. 

Extensive studies on the behavior of composite slabs have been reported 

in the literature. Porter and Greimann [1], Jolly and Lawson [15] investigated 

the effect of end-anchorage stud on the behavior of composite slabs by test. 

They found that the composite slabs without end anchorage experienced 

longitudinal shear failure at the steel sheet–concrete interface, whereas those 

with end anchorage underwent failure through local buckling or tearing of the 

steel sheet near the studs. Furthermore, the end anchorage contributed to a 

significant improvement in the shear bond strength, bearing capacity, and 

ductility of the composite slabs. Chen [16] conducted an experimental study 

on the behavior of simply supported and continuous composite slabs and 

found that the longitudinal shear strength was governed by the bond slip at the 

profiled steel sheet–concrete interface and not by the anchoring strength of the 

studs. Moreover, the longitudinal shear strength obtained from the linear 

regression of the test results of the simply supported composite slabs with end 

anchorage could be used to compute the bearing capacity of continuous 

composite slabs. Valivonis [7] distinguished three stages in the failure of the 

steel sheet–concrete interface of composite slabs: elastic deformation, plastic 

deformation, and cracking and failure. He found that the shear strength at the 

steel sheet–concrete interface was significantly affected by the cross-sectional 

shape of the profiled steel sheet, transverse pre-compressing force, and 

restraining capacity of the interface. Chen et al. [5] studied the shear-bond 

failure mechanism and behavior of composite slabs and suggested that the 

distribution of the longitudinal shear stress along the length of the composite 

slabs was nonuniform. Moreover, the shear strength of the composite slabs 

was mainly governed by the same property of the shear span. Based on an 

investigation of the effect of end-anchorage studs on the longitudinal shear 

strength of composite slabs, Chen et al. [9] suggested that the contribution of 

the studs to the longitudinal shear bearing capacity of the composite slab was 

not simply an addition of the shear strengths of the individual studs. 

Studies have also been conducted on composite slabs having different 

cross-sectional geometries. In a study on composite slabs decked with profiled 

steel sheets having three different cross-sectional geometries and subjected to 

static and dynamic loads, Bode and Minas [17] found that all the different 

composite slabs having an end anchorage exhibited a high load bearing 

capacity and ductility. Gholamhoseini et al. [18] conducted an experimental 

study on eight full-scale simply supported composite slab specimens using 

four types of profiled deckings subjected to a four-point bending to identify 

the influence of the type of decking on the shear–slip relationship. The 

experimental results revealed that all the four types of specimens underwent 

longitudinal shear failures, whose strength decreased with the increase in the 

shear span. 

Regarding composite slabs with additional longitudinal reinforcements, 

Johnson and Shepherd [19] found that the additional reinforcement placed 

above the troughs of the steel sheet, significantly affected the shear strength. 

The failure of composite slabs is typically governed by deflection, and it may 

not be possible to completely utilize the advantage of the additional 

reinforcements. 

Bending tests of full-scale composite slabs typically follow the standard 

experimental methods provided in Eurocode 4[3] or BS 5950-4 [20]. Ríos et 

al. [21] compared the four and six-point loading methods using numerical 

analysis and found that the former was suitable for concentrated loads, 

whereas the latter was appropriate for uniform loads. Abdullah and Easterling 

[22] simulated a test of full-scale composite slab specimens using a new 

elemental test for cost efficiency and demonstrated that the elemental test 

results agreed well with the test results of the full-scale specimens. 

The performance of long-span composite slabs has also been studied. 

Widjaja and Easterling [14] found that their performance was generally 

governed by deflection. In an experimental study on long-span composite 

slabs decked with profiled steel sheets with depths of not less than 200 mm, 

Brekelmans et al. [23] found that the fundamental theory provided in 

Eurocode 4: Part 1.1 was also applicable to long-span composite slabs. 

The above-mentioned literature review reveals that previous research 

generally focused on composite slabs with short spans from 1.2m to 4.5m, and 

research on long-span composite slabs is limited. This paper presents an 

experimental study on the performance and failure behavior of composite 
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slabs with different spans. A total of 26 profiled steel-sheet–concrete 

composite slab specimens having two different cross-sectional geometries 

were tested. Parameters such as the cross-sectional geometry of the profiled 

steel sheet, depth of the composite slab, anchoring stud configuration, and 

additional reinforcement were investigated with the aim of providing test data 

and theoretical input for the design and application of long-span composite 

slabs. 

 

2.  Set-up of Experimental Test 

 

2.1. Design of test specimens 

 

A total of 26 simply supported composite slab specimens were designed, 

among which 11 were decked with trapezoidal-shaped profiled steel sheet and 

15 were decked with dovetail-shaped profiled steel sheet.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 1 Details of test specimens 

 

Table 1 

Details of test specimens with the LF3-880 type steel sheet 

No. Specimens 
Span 

L(mm) 

Slab 

depth 

d(mm) 

Sheeting 

thickness 

t(mm) 

Span/depth 

(mm) 

End 

anchorage 

Additional 

reinforcement 

1 OBⅠ-1 2000 180 1.0 11.1 D19 No 

2 OBⅠ-2 2000 180 1.0 11.1 D19 No 

3 OBⅠ-3 2000 180 1.0 11.1 No No 

4 OBⅡ-1 3400 150 1.0 22.7 D19 No 

5 OBⅡ-2 3400 150 1.0 22.7 D19 No 

6 OBⅢ-1 4800 160 1.0 30 No No 

7 OBⅢ-2 4800 160 1.0 30 D19 No 

8 OBⅢ-3 4800 200 1.0 24 D19 No 

9 OBⅣ-1 6000 200 1.0 30 D19 4φ10 

10 OBⅣ-2 6000 200 1.0 30 No 4φ10 

11 OBⅣ-3 6000 250 1.0 24 D19 4φ10 

 

The following parameters were investigated: 

(1) Cross-sectional geometry of the profiled steel sheets: trapezoidal profile 

LF3-880 and dovetail profile GC50-155, 

(2) Span and depth of the composite slab,  

(3) Configuration of the end-anchorage studs, 

(4) Additional reinforcement (one for each trough of the profiled steel sheet 

for specimens with a span of 6.0 m).  

 

Table 2 

Details of test specimens with the GC50-155 type steel sheet 

No. Specimens 
Span 

L(mm) 

Slab 

depth 

d(mm) 

Sheeting 

thickness 

t(mm) 

Span/depth 

(mm) 

End 

anchorage 

Additional 

reinforcement 

1 NBⅠ-1 2000 180 1.0 11.1 No  No 

2 NBⅠ-2 2000 180 1.0 11.1 D19 No 

3 NBⅠ-3 2000 180 1.0 11.1 D19 No 

4 NBⅡ-1 3400 150 1.0 22.7 D19 No 

5 NBⅡ-2 3400 150 1.0 22.7 D19 No 

6 NBⅢ-1 4800 200 1.0 24 D19 No 

7 NBⅢ-2 4800 160 1.2 30 D19 No 

8 NBⅢ-3 4800 160 1.0 30 D19 No 

9 NBⅢ-4 4800 160 1.0 30 No No 

10 NBⅣ-1 6000 250 1.0 24 D19 No 

11 NBⅣ-2 6000 200 1.2 30 D19 No 

12 NBⅣ-3 6000 200 1.0 30 D19 No 

13 NBⅣ-4 6000 200 1.0 30 No No 

14 NBⅣ-5 6000 200 1.2 30 D19 8φ10 

15 NBⅣ-6 6000 200 1.0 30 D19 8φ10 

 

Table 3 

Geometry and strength properties of steel sheets  

Types 
Thickness 

 t（mm） 

Area Ap

（cm2/m） 
Ix(cm4/m) fp(N/mm2) fu (N/mm2) 

LF3W-880 1.0 14.7 156.68 335 566 

GC50-155 1.0 19.3 75.60 330 461 

GC50-155 1.2 22.0 85.60 414 512 

 

Tables 1 and 2 list the parameters of the specimens. The depth design of 

the specimens accounted for the deflection and longitudinal shear strength 

required by the composite slabs. The specimens were designed with 

depth-to-span ratios of not less than 1/30 [24]. The trapezoidal-profiled steel 

sheets had embossments on the upper flange surface and indentations on the 

web surface, and the dovetail-profiled steel sheet had embossments on the 

upper flange surface. Fig. 1(a) and Fig. 1(b) show the cross-sectional 

geometries and surfaces of both the profiled steel sheets. Table 3 lists the 

material properties of both the profiled steel sheets. The additional 

reinforcement has a tensile strength of 540 N/mm2 and yield strength of 360 

N/mm2. The end anchorage stud has a diameter of 19 mm and length of 100 

mm. It is penetration-welded at the trough of the profiled steel sheets and 

welded to the steel sheet of the support. Four and eight studs were welded at 

the anchoring ends of the trapezoidal and dovetail-profiled steel sheets, 

respectively. The width of the trapezoidal-profiled composite slab specimens 

is 880 mm. The dovetail-profiled specimens used two profiled steel sheets 

joined transversely and with a width of 1240 mm, as shown in Fig. 1(c). To 

avoid cracking induced by concrete-contraction, φ6@200 reinforcement steel 

meshes were arranged at the compressive zone of the specimens. The cubic 

compressive strength of concrete is 33.1 N/mm2. 

 

2.2. Experimental scheme and layout of measurement points 

 

Different loading devices were used according to the different spans of 

the specimens. A four-point loading device was used for specimens with a 

span smaller than 2.0m, with two equal point loads applied by a 

load-distribution beam, as illustrated in Fig. 2(a). A six-point loading device 

was used for the specimens with spans of 3.4m, 4.8m, and 6.0 m, with four 

equal point loads applied by two levels of load-distribution beams, as 

displayed in Fig. 2(b). 

The vertical load was applied with a staged increase, which was about 10% 

of predicted bending moment capacity of the specimen. At each load level, the 

vertical load held for 5 minutes to observe and record the testing phenomenon. 

 

    

(a) Cross-section of the steel sheets            (b) Details of surface features 

 

 

（c）End anchorage details of the 
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When the test load reduced to below 80% of the ultimate load, and the 

mid-span deflection was more than 1/50 of the span, the test was terminated.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

（b）Six-point bending test 

Fig. 2 Schematic view of the experimental setup 

 

The external load was measured using load sensors placed in front of the 

jacks. The strains of profiled steel sheet and concrete were measured using 

strain gauges. The displacement and slip at the steel sheet–concrete interface 

were measured using linear variable differential transformer (LVDT) sensors. 

Fig. 3 shows the configuration of the LVDT sensors.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 3 Arrangement of the LVTDs 

 

3.  Test Procedures and Failure Modes 

 

For a clear presentation of the tests, the specimens with spans of 2.0 and 

3.4 m are referred to as short-span specimens, whereas those with spans of 4.8 

and 6.0 m are referred to as long-span specimens. 

 

3.1. Composite slab specimens without end anchorage 

 

In this study, six specimens without an end anchorage were tested: three 

had trapezoidal profiles with different spans, and another three had dovetail 

profiles with different spans. 

 

3.1.1. Trapezoidal-profiled specimens 

The load bearing capacity of the trapezoidal-profile specimens decreased 

abruptly after reaching the ultimate load. At this point, the outer edges of the 

steel sheet and concrete at the mid-span developed large longitudinal cracks 

(Fig. 4(a)), the specimens exhibited significant slip at the anchoring end (Fig. 

4(b)), and there were shear cracks running through the length of the specimens. 

Moreover, the upper and bottom flanges and troughs of the profiled steel sheet 

at the mid-span underwent significant buckling (Fig. 4c), leading finally to 

brittle longitudinal shear failures. 

 

 

 

 

 

 

 

 

（a） Longitudinal crack 

 

 

 

 

 

 

 

Fig. 4 Failure mode of OBI-3 

 

Two long-span specimens, OBIII-1 and OBIV-2, had the same shear 

span-depth ratio and were loaded similarly. The long-span specimens 

exhibited similar behavior to those of the short-span ones during the initial 

stage of the loading but developed longitudinal cracks and end-slip at a load 

of approximately 0.45 Pu. After the onset of slipping, the load increased 

slowly, whereas the mid-span deflection increased more rapidly, resulting in 

longitudinal shear failure. At the point of failure, the bond between the steel 

sheet and concrete interface at the mid-span of the specimens failed (Fig. 5(a)) 

and the supporting ends of the specimens exhibited significant slip (Fig. 5(b)). 

In addition, the troughs of the steel sheet appeared local buckling near 

mid-span loading point 4 (Fig. 5(c)). 

 

 

 

 

 

 

（a）Longitudinal crack 

 

 

 

 

 

 

 

 

Fig. 5 Failure mode of OBIII-1 and OBIV-2 

 

3.1.2. Dovetail-profiled specimens 

  

  

 

 

 

 

 

（a）Crack load 

       

 

 

 

 

 

 

（b） Failure load                 （c）End slip  

Fig. 6 Failure behaviors of NBI-1 

 
（a）Four-point bending test 

   
（a）Four-point bending test 

 
（b）Six-point bending test 

 

 

 

     
（b）End slip             （c）Local buckling of steel sheet 

 

 

  

 
（a）Four-point bending test 

      
（b）End slip                （c）Local buckling of steel sheet 
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(b) End slip               （c）Local buckling of the steel sheet 

 

 
（a）Longitudinal crack 

 

 
（a） Longitudinal crack 

 

   
（b）End slip                    （c）Local tearing of the steel sheet 

 

  
(b) End slip               （c）Local tearing of the steel sheet 

 

 

At a load of approximately 98 kN (0.52 Pu), NBI-1, a short-span 

specimen, exhibited an abrupt increase in the mid-span deflection and bond 

slip at the steel-sheet–concrete interface. At a load of 141 kN (0.75 Pu), the 

specimen developed vertical cracks at the mid-span (Fig. 6(a)). At a load of 

189 kN (Pu), the major cracks near the mid-span loading points became wider 

(Fig. 6(b)) and the edges of the steel sheet at the two sides of the specimen 

separated from the concrete and bloated outward. In addition, the mid-span 

deflection increased rapidly, the bond at the profiled steel-sheet–concrete 

interface started slipping at the ends of the specimen (Fig. 6(c)), and the test 

load rapidly decreased, resulting in a longitudinal shear failure. 

 

    

 

 

 

 

 

 

 

（a） Longitudinal crack 

 

 

 

 

 

 

 

（b）Vertical cracks                         （c）End slip 

Fig. 7 Failure mode of NBIII-4 

 

Long-span specimens NBIII-4 and NBIV-4 exhibited similar behavior 

during the initial stage of loading. At a load of approximately 0.4 Pu, the 

specimens exhibited slipping at the steel sheet–concrete interface and 

longitudinal cracks at both sides of mid-span loading points 2 and 3 (Fig. 2(b)). 

At a load of approximately 0.65 Pu, the specimens exhibited vertical cracks at 

the mid-span side of loading point 3. At a load of approximately 0.8 Pu, the 

steel sheet at the two sides of the specimens exhibited longitudinal cracks and 

bloated outward near loading points 1 and 4 (Fig. 7(a)), which was 

accompanied by a temporary load decrease. As the load stabilized, the load 

bearing capacity of the specimens increased continuously. At the ultimate load, 

Pu, the width of the vertical cracks rapidly increased (Fig. 7(b)), and the 

specimens experienced rapid slipping at the steel-sheet–concrete interface (Fig. 

7(c)), resulting in a longitudinal shear failure. 

 

3.2. Composite slab specimens with end –anchorage studs 

 

3.2.1. Trapezoidal-profiled specimens 

 

    

 

 

 

 

 

 

 

    (a) Longitudinal and vertical crack 

 

 

 

 

   

 

  

Fig. 8 Failure mode of short-span trapezoidal-profile specimen 

 

Short-span specimens OBI-1 and OBI-2 exhibited the following behavior 

during the loading: At a load of approximately 0.3 Pu, the first vertical crack 

developed in the concrete near the loading point. At a load of approximately 

0.5 Pu, the specimens exhibited slight slipping at the ends and longitudinal 

cracks in the steel sheet–concrete interface near the loading points. As the test 

load increased, the longitudinal cracks extended to the ends of the specimens. 

At the ultimate load, Pu, the mid-span deflection rapidly increased, the bond 

between the steel sheet and concrete at the two sides failed (Fig. 8(a)), and 

tearing finally occurred in the steel sheet around the studs. The slipping at the 

end of the specimens rapidly increased (Fig.8(b)), local buckling deformation 

developed in the steel sheet below the loading point (Fig. 8(c)), and the 

specimens lost their bearing capacity, resulting in longitudinal shear failures. 

 

 

    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 9 Failure mode of long-span trapezoidal-profile specimen 

 

At a load of approximately 0.2 Pu, the long-span composite slab 

specimens having anchoring studs developed vertical cracks near mid-span 

loading point 3. At a load of approximately 0.3 Pu, first, longitudinal cracks 

developed near mid-span loading points 2 and 3, and as the load increased, 

they extended toward the supports. Moreover, the specimens underwent 

slipping at the steel sheet–concrete interface. During the latter stage of loading, 

the mid-span deflection increased more rapidly, the longitudinal cracks at the 

steel-sheet–concrete interface extended to the ends of the specimens, and the 

specimens lost their bearing capacity, resulting in longitudinal shear failures. 

At the point of failure, the bond of the steel sheet–concrete interface at the 

mid-span failed (Fig. 9(a)), the slipping at the ends of the specimens became 

significant (Fig. 9(b)), and the profiled steel sheet experienced local tearing at 

the ends, but no buckling (Fig. 9(c)). 

 

3.2.2. Dovetail-profiled specimens 

 

 

    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 10 Failure mode of short-span dovetail-profile specimen 
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（a） Longitudinal crack 

 

  
（b）End slip              （c）Crack of concrete beneath loading point 

At a load of 130 kN (0.35 Pu), NBI-3, a short-span specimen, developed 

vertical cracks near the loading points. As the load increased, longitudinal 

cracks developed at the steel sheet–concrete interface at the two sides of the 

specimen at the mid-span. At a load of 240 kN (0.64 Pu), significant slipping 

developed at the steel sheet–concrete interface at the ends of the specimen. As 

the load increased, the steel sheet at the two sides at the mid-span bloated 

outward (Fig. 10(a)), and the mid-span deflection increased rapidly. At a load 

of 373 kN (Pu), tearing developed in the troughs of the steel sheet at the ends 

of the specimen (Fig. 10(b) and Fig. 10(c)), the slipping rapidly increased, and 

the specimen was no longer appropriate for load bearing, resulting in a 

longitudinal shear failure. 

 

 

    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 11 Failure mode of long-span dovetail-profile specimen 

 

The failure behavior of the long-span specimens was described using the 

most typical specimen, NBII-2. At a load of 76 kN (0.48 Pu), vertical cracks 

developed at the mid-span and longitudinal cracks developed at the steel 

sheet–concrete interface at the two sides of the specimen in the regions of 

mid-span loading points 3 and 4. Moreover, as the load increased, the cracks 

extended toward the supports. At a load of 128 kN (0.82 Pu), the specimen 

underwent significant slipping at the steel sheet–concrete interface (Fig.s 

11(b)). As the load continued to increase, the steel sheet at the two sides of the 

specimen bloated outward, the width of the major cracks near loading point 3 

increased, the mid-span deflection exceeded L/50, and the ultimate load, Pu, 

was 157 kN. The other long-span specimens exhibited failure behavior similar 

to that of specimen NBII-2. 

The cracking load Pcr, slipping load Ps, and ultimate load Pu of 

dovetail-profiled composite slab specimens increase with the increasing of 

thickness of steel sheets, depths of cross-sectional, and arrangement of 

additional reinforcement. 

 

4.  Test Results and Discussion 

 

A comparative analysis of the different specimens based on the depth of 

slabs was conducted to study the performance and failure behavior of the short 

and long-span specimens. 

 

4.1. Trapezoidal-profiled specimens 

 

4.1.1. Short-span specimens 

Fig. 12 shows the load–mid-span deflection curves and load–end slip 

curves of the specimens with a span of 2.0 m. Fig. 12(a) shows that during the 

initial stage of loading, the specimens have similar stiffness and behavior. 

Furthermore, the bearing capacity of the specimens with an end anchorage 

(OBI-1 and OBI-2) is higher than that of those without it (OBI-3) by 174% 

and 129%, respectively. Fig. 12(b) shows that as the load increases, the bond 

at the steel sheet–concrete interface of the specimens without an end 

anchorage fails after the onset of slipping. In addition, the load bearing 

capacity significantly decreases, the slipping continues to increase, and the 

specimens are no longer suitable for load bearing and fail. Contrastingly, the 

specimens with an end anchorage have a higher bearing capacity because the 

anchoring studs serve to restrain the slipping and increase the interaction at 

the profiled steel sheet–concrete interface. The composite slab specimens 

without an end anchorage exhibit more evident longitudinal shear failures than 

those with it. Contrastingly, the latter exhibit an extremely good ductility and 

a significantly higher bearing capacity than the former specimens. 

 

 

 

 

 

 

 

 

 

 

 

Fig. 12 Load–deflection and Load–slip curves of 

 the specimens with a span of 2.0 m 

 

4.1.2. Long-span specimens 

All the thin slab specimens with a span of 3.4 m had an end anchorage 

and exhibited the same failure behavior. Compared with thick slab specimens 

with a span of 2.0 m having a similar end anchorage, they experienced similar 

longitudinal shear failures, but had a good loading bearing capacity and much 

better ductility, as shown in Fig. 13(a) and Fig. 13(b).Please, do not alter the 

title page header and make sure that you comply with the headers of the other 

pages. 

 

 

 

 

 

 

 

 

 

 

 

Fig. 13 Load–deflection and Load–slip curves of 

 the specimens with a span of 3.4 m 

 

At spans of 4.8 m and 6.0 m, all the specimens without an end anchorage 

and those with it exhibited similar failure behavior within their separate 

groups, but with the two groups of specimens displaying different failure 

behavior compared to each other.  

 

 

 

 

 

 

 

 

 

 

 

Fig. 14 Load–deflection and Load–slip curves of 

 the specimens with a span of 4.8 m 

 

The load - mid-span deflection curves shown in Fig. 14(a) and Fig. 15(a) 

and the load - end slip curves shown in Fig. 14(b) and Fig. 15(b) reveal that 

the specimens with and without an end anchorage exhibit similar behavior 

during the initial stage of the loading. However, as the bond at the steel sheet–

concrete interface fails, the specimens without an end anchorage experience 

longitudinal shear failure owing to the large end slip. Contrastingly, the 

specimens with an end anchorage have a significantly high bearing capacity 

and ductility and undergo ductile longitudinal shear failure because the studs 

serve to retrain the slip at the profiled steel sheet–concrete interface and the 

end slip is affected by the external loading. At a span of 4.8 m, the specimen 

with an end anchorage, OBIII-2, has a higher bearing capacity than the 

specimen without it, OBIII-1, by 41.7%. At a span of 6.0 m, the specimen 

with an end anchorage, OBIV-2, has a higher bearing capacity than the 

specimen without it, OBIV-1, by 31.3%. The high-depth specimens possess 

significantly strong cross-sectional flexural stiffness and longitudinal shear 

strengths. More specifically, at a span of 4.8 m, specimen OBIII-3 has a 

higher bearing capacity than specimen OBIII-2 by 32%. Furthermore, at span 

of 6.0 m, specimen OBIV-3 has a higher bearing capacity than OBIV-2 by 

16.4%. 
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（a）Load- mid-span deflection curves         （b）Load - end slip curves 
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（a）Load – mid-span deflection curves         （b）Load - end slip curves 
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（a）Load – mid-span deflection curves         （b）Load - end slip curves 
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Table 4 

Test result for load carrying capacity and failure mode of trapezoidal-profile specimens 

No Specimens Pcr（kN） Ps（kN） P1/250（kN） Pu（kN） Mu (kN.m) Mp (kN.m) Mu/Mp △u (mm) s (mm) 
Failure 

mode 

1 OBⅠ-1 50.0 74.8 84.6 171.8 44.3  52.8  0.84 32.2 3.6 ductile 

2 OBⅠ-2 41.2 62.1 72.5 142.5 36.9  52.8  0.7 31.62 7.5 ductile 

3 OBⅠ-3 38.3 57.5 30.6 62.2 16.9  52.8  0.32 3.52 12 brittle 

4 OBⅡ-1 14 17.1 19.1 56.4 31.7  40.4  0.78 75.60 7.5 ductile 

5 OBⅡ-2 13 19 17.6 56.1 31.5  40.4  0.78 77.1 7.6 ductile 

6 OBⅢ-1 12 15 9.5 16.3 18.0  44.5  0.4 119.0 14.0 brittle 

7 OBⅢ-2 9 18 13.2 23.1 22.9  44.5  0.51 103.6 7.2 ductile 

8 OBⅢ-3 10 22 16.5 30.5 30.1  61.1  0.49 66.79 6.9 ductile 

9 OBⅣ-1 12 27.5 21.9 35.2 44.3  74.7 0.59 100.5 6.8 ductile 

10 OBⅣ-2 11 19.5 19.5 26.8 36.7  74.7 0.49 145.2 17.6 brittle 

11 OBⅣ-3 15 19 27.6 41 53.6  100.7 0.53 70.62 6.3 ductile 

Note： Pcr is the cracking load of concrete; Ps is the slipping load; P1/250 is the load about mid-span deflection reaches 1/250 span; Pu is the ultimate load; Mu is the test ultimate moment; 

Mp is the plastic moment; △u is the mid-span deflection corresponding to the ultimate load; s is the end slip corresponding to the ultimate load 

 

Table 4 lists the characteristic loads, failure behavior, measured bearing 

capacity, and theoretical plastic bearing capacity of the trapezoidal-profiled 

specimens. Table 4 shows that the specimens with an end anchorage have a 

remarkably larger Mu/Mp ratio than those without it. The increase in the ratio 

is more at short spans than that at long spans. The increase in the ratio of the 

long-span specimens indicates that they have a larger bonding interface 

between the profiled steel sheet and concrete and a higher capacity to resist 

the slip at the interface. These characteristics indirectly improve the bonding 

at the profiled steel-sheet–concrete interface. 

 

 

 

 

 

 

 

 

 

 

 

Fig. 15 Load–deflection and Load–slip curves of 

 the specimens with a span of 6.0 m 

 

4.2. Dovetail-profiled specimens 

 

4.2.1. Short-span specimens 

Fig. 16 shows the load–deflection curves and load–slip curves of 2.0-m 

span dovetail-profiled specimens. It suggests that during the initial loading 

stage, the specimens exhibit similar behavior. As the load increases and the 

bond at the profiled steel sheet–concrete interface gradually fails, the 

specimens without an end anchorage undergo slipping at the interface and an 

abrupt decrease in the bearing capacity. However, owing to the better 

interaction between the dovetail-profiled steel sheet and concrete, which 

serves to better restrain the slip at the profiled steel sheet–concrete interface, 

the bearing capacity can be recovered. The specimens without an end 

anchorage experience longitudinal shear failure only after the interaction at 

the profiled steel sheet–concrete interface is insufficient to resist the 

longitudinal shear stress at the interface. The specimens with an end 

anchorage have a significantly better bearing capacity than those without 

because the studs serve to restrain the slip at the profiled steel sheet–concrete 

interface, thereby improving the interaction between the profiled steel sheet 

and concrete. All the specimens with and without the end-anchorage studs 

undergo evident ductile longitudinal shear failure. The bearing capacity of the 

specimens with an end anchorage (NBI-2 and NBI-3) is higher than that of the 

specimen without it (NBI-1) by 90% and 97%, respectively. 

At spans of 3.4 and 4.8 m, thin-slab specimens with end anchorages 

exhibit similar flexural failures, though they experience certain degrees of slip 

at the steel sheet–concrete interface at the anchoring end. This is mainly 

because the small-depth specimens have a low cross-sectional bending 

bearing capacity and low longitudinal shear stress at the steel sheet–concrete 

interface. Fig. 17 shows the load versus deflection curves and load versus slip 

curves of the specimens at failure. 

 

 

 

 

 

 

 

 

 

 

Fig. 16 Load–deflection and Load–slip curves of 

 the specimens with a span of 2.0 m 

 

 

 

 

 

 

 

 

 

 

 

Fig. 17 Load–deflection and Load–slip curves of 

 the specimens with a span of 3.4 m 

 

4.2.2. Long-span specimens 

Fig. 18 shows the load–deflection curves and load–slip curves of the 

specimens with a span of 4.8 m. It reveals that the specimens of thin slabs 

experience similar stresses during the initial stage of loading. As the load 

increases, the specimen without end anchorage (NBⅢ-4) experiences end slip 

firstly. It also undergoes local failure of the bond at the steel sheet–concrete 

interface. As the stress at the interface redistributes, the slip is restrained, and 

the cross-sectional bearing capacity recovers at a certain degree. When the 

external load exceeds the bond at the profiled steel sheet–concrete interface, 

the specimen experiences a ductile longitudinal shear failure. The specimens 

with an end anchorage exhibit different behavior, mainly in that they 

experience significantly bigger slipping loads than the specimens without an 

end anchorage and exhibited flexural failure. The ultimate load of specimen 

NBⅢ-3 (with an end anchorage) is 56% higher than that of specimen NBⅢ-4 

(without an end anchorage). 
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（a）Load – mid-span deflection curves         （b）Load - end slip curves 
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（a）Load – mid-span deflection curves          （b）Load - end slip curves 
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（a）Load – mid-span deflection curves          （b）Load - end slip curves 
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Fig. 18 Load–deflection and Load–slip curves of 

 the specimens with a span of 4.8 m 

 

 

 

 

 

 

 

 

 

 

 

Fig. 19 Load–deflection and Load–slip curves of 

 the specimens with a span of 6.0 m 

 

Fig. 19 presents the load–deflection curves and load–slip curves of the 

specimens with a span of 6.0 m. It shows that the specimens of thin slabs with 

spans of 6.0 m and 4.8 m exhibit similar failure behavior, except the 

end-anchored specimens with a span of 6.0 m, which experienced ductile 

longitudinal shear failure. In comparison, the specimens with a span of 4.8 m 

experienced flexural failure. At a span of 6.0 m, the bearing capacity of the 

specimen with an end anchorage (NBIV-3) is 36.8% higher than that of the 

specimen without it (NBIV-4). The additional reinforcement contributed to an 

improved cross-sectional bearing capacity but had a little effect on the 

stiffness of the specimen. They served to restrain the end slip; however, at 

high loads, the end slip increased with an increase in the flexural deformation, 

with the magnitude of slip depending on the strength of the end anchorage. 

 

Fig. 18 and fig. 19 show that the bearing capacity of the composite slabs 

can be improved by increasing their cross-sectional depth or decking them 

with thick steel sheets. Increasing the cross-sectional depth can significantly 

improve the initial cross-sectional rigidity but has an insignificant effect on 

the cross-sectional rigidity and slip-resistance at high loads. In comparison, 

increasing the thickness of the profiled steel sheet can improve the interaction 

at the profiled steel sheet–concrete interface and, thereby, significantly reduce 

the slip at the steel sheet–concrete interface and cross-sectional rigidity at high 

loads.  

Table 5 lists the characteristic loads, failure behavior, measured bearing 

capacity, and theoretical plastic bearing capacity of the dovetail-profiled 

specimens. It shows that the Mu/Mp ratio of the dovetail-profiled composite 

slabs can be effectively improved by strengthening their end anchorage, 

increasing the thickness of the profiled steel sheet, and implementing 

additional reinforcement at the troughs of the profiled steel sheet. This 

effectively improves the bond and longitudinal shear strength at the profiled 

steel sheet–concrete interface. 

 

5.  Parametric Analysis of Composite Slabs 

 

To better reveal the failure behavior and performance of the composite 

slabs, specimens with different spans of 2.0, 3.4, and 6.0 m and a width of 1 m 

each were comparatively analyzed in terms of their load bearing capacity. The 

specimens in the same group had the same cross-sectional depth, span-depth 

ratio, and thickness of the steel sheet and were subjected to similar loading. 

 

5.1. Short-span specimens 

 

Fig. 20 shows the load–deflection curves and load–slip curves of without 

end-anchored specimens with a 2.0-m span. The small-span specimens 

without an end anchorage, OBI-3 and NBI-1, experience similar longitudinal 

shearfailure, except specimen OBI-3 (with a trapezoidal-profile), which 

experiences a brittle failure. Contrastingly, specimen NBI-1 (with a 

dovetail-profile) undergoes a ductile failure. The dovetail-profiled specimen 

performs much better than the trapezoidal-profiled specimen because the latter 

has a smaller end slip during the initial stage of loading, and the end slip has a 

direct impact on the bearing capacity of composite slabs. After the onset of the 

end slip, the dovetail-profiled composite slab specimens can recover their 

bearing capacity, whereas the trapezoidal-profile specimens experience a 

remarkable decrease in their bearing capacity. The load–deflection curves 

show that the dovetail-profiled specimens have slightly higher cross-sectional 

rigidities than the trapezoidal-profiled specimens, mainly owing to the 

different cross-sectional geometries. 

Fig. 21 shows the load–deflection curves and load–slip curves of the 

end-anchored specimens with a 2.0-m span. It reveals that the specimens of  

 
Table 5 

Test result for load carrying capacity and failure mode of dovetail-profile specimens 

No. Specimens 
Pcr 

（kN） 

Ps 

（kN） 

P1/250 

（kN） 

Pu 

（kN） 

Mu 

kN.m 

Mp 

kN.m 
Mu/Mp 

△u  

(mm) 

s 

(mm) 

Failure 

mode 

1 NBⅠ-1 141 178.3 --- 189 49.5 105.9 0.47 25.45 5.57 ductile 

2 NBⅠ-2 155 185 243.6 360 92.2 105.9 0.87 65.96 12.62 ductile 

3 NBⅠ-3 127 187.3 264.7 373 95.5 105.9 0.9 59.2 15.43 ductile 

4 NBⅡ-1 50 71 71.4 149 83.4 83.7 1 137.1 7.79 flexural 

5 NBⅡ-2 76 78 82.6 157 87.5 83.7 1.05 135.9 13.05 flexural 

6 NBⅢ-1 50 90.1 96.1 163 127.3 120.6 1.06 142.9 9.23 flexural 

7 NBⅢ-2 63 89.4 76 155 119.5  113.3 1.05 109.6 3.59 flexural 

8 NBⅢ-3 48 70.2 76.6 137 106.5  91.1 1.17 116.0 2.59 flexural 

9 NBⅢ-4 58 68.1 71.4 88 71.3  91.1 0.78 75.7 6.28 ductile 

10 NBⅣ-1 35 73.1 60.3 100 102.4  157.5 0.65 151.8 2.37 ductile 

11 NBⅣ-2 30 52.1 40.2 108 107.1  151.8 0.71 162.7 2.25 ductile 

12 NBⅣ-3 28 49.7 42.8 78 80.1  120.6 0.66 161.6 2.92 ductile 

13 NBⅣ-4 25.6 41.6 35.5 57 61.2  120.6 0.51 172.6 12.1 ductile 

14 NBⅣ-5 38 82.1 66.5 152 146.7  186.0 0.79 154.6 1.11 ductile 

15 NBⅣ-6 33 75.7 55.8 106 105.3  149.6 0.7 167.9 3.17 ductile 
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（a）Load – mid-span deflection curves          （b）Load - end slip curves 
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thick slab with the end anchorage have a remarkably high ductility. This is 

because the end-anchorage studs serve to restrain the slip at the profiled steel 

sheet–concrete interface, thereby indirectly improving the interaction at the 

steel sheet–concrete interface and significantly improving the bearing capacity. 

In addition, the maximum end slip is strongly correlated to the external load. 

Furthermore, from the onset of the interfacial slip to the ultimate bearing 

capacity, the end slip gradually increases with an increase in the external load, 

and the specimen exhibits good ductility. 

 

 

 

 

 

 

 

 

 

 

 

Fig. 20 Load–deflection and Load–slip curves of 

 2.0 m span specimen without anchorage slabs 

 

 

 

 

 

 

 

 

 

 

 

Fig. 21 Load–deflection and Load–slip curves of 

 2.0 m span specimen with anchorage slabs 

 

Fig. 21 shows the load–deflection curves and load–slip curves of the 

end-anchored specimens with a 2.0-m span. It reveals that the specimens of 

thick slab with the end anchorage have a remarkably high ductility. This is 

because the end-anchorage studs serve to restrain the slip at the profiled steel 

sheet–concrete interface, thereby indirectly improving the interaction at the 

steel sheet–concrete interface and significantly improving the bearing capacity. 

In addition, the maximum end slip is strongly correlated to the external load. 

Furthermore, from the onset of the interfacial slip to the ultimate bearing 

capacity, the end slip gradually increases with an increase in the external load, 

and the specimen exhibits good ductility. 

Fig. 22 shows the load–deflection curves and load–slip curves of the 

specimens with a span of 3.4 m. These specimens have much larger 

span-depth ratios than the specimens with a span of 2.0 m. Fig. 22 also reveals 

that the mid-span deflections and end slips of the two kinds of composite slabs 

gradually increase with an increase in the external load and exhibit evident 

ductile behavior during the loading. The only difference is that the 

trapezoidal-profiled specimens undergo longitudinal shear failure, whereas the 

dove-tail specimens experience flexural failure. 

 

 

 

 

 

 

 

 

 

 

 

Fig. 22 Load–deflection and Load–slip curves of 

 3.4 m span specimen with anchorage slabs 

 

5.2. Long-span specimens 

 

The long-span composite slab specimens with both the cross-sectional 

geometries were analyzed using the specimens with a span of 6.0 m. Fig. 23 

shows the load–deflection curves and load–end slip curves of the specimens 

of thin slab without an end anchorage and with a 6.0 m span. It exhibits that 

the specimens with both the cross-sectional geometries experience ductile 

longitudinal shear failure. The dovetail-profiled specimens have a much better 

ductility than the trapezoidal-profiled specimens, and after the onset of the end 

slip, the former has a more evident increase in the bearing capacity than the 

latter. Furthermore, the end slip of the dovetail specimens changes with the 

variation in the load, whereas that of the trapezoidal-profiled specimens is 

accompanied by their failure. 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 23 Load–deflection and Load–slip curves of 

 6.0 m span specimen without anchorage slabs 

 

Fig. 24 shows the load–deflection curves and load–end slip curves of the 

end-anchored specimens of thin slab with a 6.0-m span. Fig. 24(a) shows that 

the trapezoidal-profiled specimens exhibit a more evident increase in the 

mid-span deflection and end slip during the loading than the dovetail-profiled 

specimens. The effect of the end anchorage on the bearing capacity 

improvement is less significant for the trapezoidal-profiled specimens than 

that for the dovetail-profiled specimens. The bearing capacity of the 

dovetail-profiled specimens is significantly improved, with the end slip 

restrained to a larger extent, whereas that of the trapezoidal-profile specimens 

improves only insignificantly. All the specimens with both the cross-sectional 

geometries undergo ductile failure, but the dovetail-profiled specimens have a 

significantly better ductility than he trapezoidal-profile specimens. 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 24 Load–deflection and Load–slip curves of 

 6.0 m span specimen with anchorage thin slabs 

 

Fig. 25 shows the load–deflection curves and load–end slip curves of the 

end-anchored specimens of thick slab with a 6.0m span.  

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 25 Load–deflection and Load–slip curves of 

 6.0 m span specimen with anchorage thick slabs 

 

It shows that the end-anchorage studs contribute to a more significant 

improvement in the end slip and load bearing capacity of the dovetail-profiled 

specimens. In terms of the failure behavior, the end-anchorage studs 

contribute to only an insignificant improvement in the slip-resistance of the 

steel sheet–concrete interface of the trapezoidal-profiled specimens. All the 
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specimens with both the cross-sectional geometries experience ductile 

longitudinal shear failures, but the dovetail-profile specimens have a better 

ductility and slip-resistance. In comparison, the trapezoidal-profile specimens 

have an evident insufficient slip-resistance and a less safety buffer than the 

dovetail-profiled specimens. 

Table 6 compares the measured load bearing capacity, Mu, and 

cross-sectional plastic bearing capacity, Mp, of the specimens with both the 

cross-sectional geometries. The composite slab specimens with an end 

anchorage have much larger Mu/Mp ratios than the specimens without it. It 

indicates that the end anchorage contributes to a significant improvement in 

the bond at the steel-sheet–concrete interface. At long spans, the specimens 

both with and without an end anchorage have similar Mu/Mp ratios. It indicates 

that the profiled steel sheet–concrete interface increases in area, and is more 

capable of restraining the slip at the interface at long spans, thereby indirectly 

improving the bond at the profiled steel-sheet–concrete interface. 

 

Table 6 

Comparison of bearing capacity between the trapezoidal-profile and 

dovetail-profile specimens 

Span 

(m) 

Depth 

（mm） 

Anchorag

e 

Trapezoidal profile Dovetail profile 

Pu Mu Mp Mu/Mp Pu Mu Mp Mu/Mp 

2.0 180 No 70.7 19.2 60.0 0.32 152.4 37.0 85.4 0.43 

2.0 180 Yes 161.9 41.9 60.0 0.7 290.3 74.4 85.4 0.87 

2.0 180 Yes 195.2 50.3 60.0 0.84 300.8 77.0 85.4 0.9 

3.4 150 Yes 64.1 36.0 45.9 0.78 126.6 67.3 67.5 1 

3.4 150 Yes 63.75 36.0 45.9 0.78 131.5 70.6 67.5 1.05 

6.0 200 No 30.5 41.7 69.4 0.6 46.0 49.4 97．3 0.51 

6.0 200 Yes 40.0 50.3 69.4 0.72 62.9 64.6 97.3 0.66 

6.0 250 Yes 46.6 60.9 93.1 0.65 80.6 82.6 127.0 0.65 

 

6.  Conclusions 

 

In this paper, the load bearing capacity and failure modes of composite 

slabs with different means of end anchorage were investigated through the test 

of 26 composite slab specimens with two cross-sectional profiles considering 

different details of the end anchorage. The effects of the parameters such as 

the end anchorage, span-to-depth ratio, and steel sheeting profile on the load 

bearing capacity and failure mode of the composite slabs both with and 

without an end anchorage were experimentally studied. The following 

conclusions can be drawn from this paper: 

1. The end anchorage contributes to a significant improvement in the load 

bearing capacity and failure mode of the composite slabs. The contribution of 

the end anchorage to the bearing capacity improvement decreases with an 

increase in the span of composite slabs. Moreover, the degree of bearing 

capacity improvement varies with the cross-sectional geometry of the 

composite slabs. 

2. Composite slabs without an end anchorage and subjected to external 

loading experience longitudinal shear failure in most cases, and the failure 

behavior of the composite slabs with the different cross-sectional geometries 

are related to the span-depth ratio. The composite slabs with an end anchorage 

subjected to external loading may experience ductile longitudinal shear failure 

or flexural failure. 

3. The bearing capacity and slip-resistance of the composite slabs can be 

increased with the increasing of the profiled steel sheet. Additional 

reinforcement at the troughs of the profiled steel sheet can improve the load 

bearing capacity of the composite slabs but can only slightly improve their 

rigidity and slip-resistance. 

4. Under the same conditions, the dovetail-profiled long-span composite 

slabs exhibit a better performance than the trapezoidal-profiled composite 

slabs. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper focuses on the development of a mechanical model of beam-to-column connections of steel storage racks for 

predicting the initial rotational stiffness and flexural strength of the connection. An application of the proposed mechanical 

model for predicting the lateral behavior of steel storage racks is also evaluated. The connection model is developed based 

on the concept of component method suggested by Eurocode 3. A new practical methodology for evaluation of the flexural 

strength based on the actual failure mode is introduced. To validate the proposed mechanical model, extensive studies on 

experimental testing by cantilever and the portal tests specified in steel storage rack design specification are conducted. T he 

validation shows that the performance of the proposed mechanical model is satisfactory for predicting the response of 

connection. Moreover, it reveals that a modification factor of initial rotational stiffness and initial looseness should be 

incorporated into a rack’s connection model to improve the accuracy in predicting lateral behavior of steel storage frames.  

 

 
 

Received: 

Revised: 

Accepted: 

 

 

7 January 2018 

3 February 2019 

1 May 2019 

 K E Y W O R D S 

 
 

Beam-to-column connections; 

Component method; 

Experimental testing;  

Mechanical model;  

Semi-rigid connections;  

Steel storage racks 

Copyright © 2019 by The Hong Kong Institute of Steel Construction. All rights reserved.   

1.  Introduction 

 

In recent years, steel storage racks are extensively utilized in industries and 

large warehouses for storing products. Storage racks are simple structures 

consisting of open-section columns and horizontal beams. The column is 

punched with slotted holes along its length, and the beam is prefabricated with 

the so-called beam-end connectors on both ends. Assembly of the racks can be 

achieved by simply inserting the tabs on the beam-end connectors and sliding 

the connectors down into the slotted holes on the column. Fig. 1 illustrates a 

typical beam-to-column connection of steel storage racks. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 Fig. 1 Typical beam-to-column connection of steel storage racks 

 

Despite being a simple structure, steel storage rack belies its complex 

connection’s mechanical behavior. Accurate design and strength evaluation of 

the steel storage frame rely on the modeling of the moment-to-rotation 

)M( − behavior of the beam-to-column connections. For estimating the 

connection behavior, three modelling options are available. These are empirical 

models based on experimental testing, finite element models, and mechanical 

models. Previously, most research on the estimation of connection response for 

the rack structures had been concentrated only on experimental testing models 

[1-8] and finite element models [5-6] [8]. The development of the mechanical 

model for this type of connection is very limited. 

 While experimental testing and finite element modelling yield satisfactory 

results, they can be costly, and time-consuming. The major drawback of these 

two methods is that the results are only applicable to the specific connection 

typologies, geometries, and material strength that undergo the testing and 

analysis. The mechanical models derive the connection’s behavior directly 

from its geometries and material strength and hence adaptable to geometry and 

material-strength variations of the connections. Recently, a theoretical 

approach for a mechanical model of storage rack connections has been 

proposed [9] by the concept of component method suggested by Eurocode 3 

[10]. 

 In this study, further development of the mechanical model of the 

beam-to-column connection of steel storage racks formulated by Kozlowski [9] 

has been conducted. Improvements of the model based on experimental 

findings from the authors [11] are proposed for a more simplistic 

moment-resistance calculation. Moreover, the mechanical models are 

developed for both increasing moment (hogging moment) and reversal moment 

(sagging moment) to emulate behavior under the two distinct loading 

conditions. Finally, the proposed model has been validated by comparing it to 

the results obtained from our testing. An application of the proposed model to 

predict lateral behavior of steel storage frames is also a highlight of this paper. 

In addition to the customary cantilever tests called for in design specifications, 

the portal tests is also conducted in this study in order to evaluate the 

performance for predicting lateral behavior of steel storage frames under 

various vertical loads. 

 

2.  Experimental study 

 

This section presents extensive testing of the beam-to-column connections 

of steel storage racks. Two experimental testing methods in compliance with 

the international standards for design of steel storage racks are conducted for 

evaluation of the performance of the proposed mechanical model. Complete 

information of the experimental work is presented in previous research 

published by the authors [11].  

 The first experimental method is the cantilever test. This method provides 

a simple methodology for establishing the stiffness and strength of the 

connections. Moreover, the behavior of the connection under increasing 

moment and reversal moment, which may have different characteristics, can be 

distinguished by this testing method. Many researchers have conducted this test 

as shown the literature [1-2] [5-7]. The connection properties, which are the 

initial rotational stiffness and flexural strength from the cantilever test, will be 

used for evaluation of the proposed mechanical model in section 4. 

The cantilever test cannot characterize the influences of the vertical service 

loading under real usage conditions, though it offers a simple approach for 

identifying the stiffness and strength of the connections. Thus, the portal test is 

conducted based on the international storage rack design specifications in this 

study. Beam-to-column connections are exposed to shear force, bending 

moment, and axial force in a portal test, which can represent the actual behavior 

of the connections. The results of the portal test are used to evaluate an 

application in which the proposed mechanical model is used to predict lateral 

behavior of steel storage racks. From literature, only a small number of portal 

tests have been reported [12-13] due to difficulty of the experiment setup. In 

this study, the portal testing is conducted on 6 testing frames, with varying 
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vertical loading in 2 levels. Each portal test involves 4 beam-to-column 

connections, resulting in 24 testing connections. In addition, the cantilever tests 

are carried out for 10 beam-to-column connections. Thus, the test specimens 

comprised 34 beam-to-column connections in total. 

 

2.1. Specimen details 

 

The test specimens of selected racks are chosen from a commercial 

manufacture where their configurations are commonly used. In particular, 

each specimen consists of a beam-end-connector welded to the end of a box 

beam. The beam-end connector comprised a 3 mm thickness of hot rolled 

angle section. The column and beam are fabricated from cold formed steel. 

The thickness of the column and beam is 2.5 mm and 2.0 mm respectively. 

Fig. 2 gives the detail for the beam-to-column connection and the column 

cross section. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 2 Dimension of the specimen (Unit: mm) 

 

Tensile tests on coupons extracted from the column, beam, and 

beam-end-connector are conducted for the purpose of indicating the actual 

mechanical properties of steel. The tensile tests are performed according to 

JIS [14] yielding the results shown in Table 1. Steel Material properties for the 

connection can be classified using the following ASTM standard: A611 [15], 

A283 [16] and A36 [17] for column, beam-end-connector, and beam, 

respectively. 

 

Table 1 

Steel mechanical properties 

Part of the connection Yield stress (Mpa) Ultimate stress (Mpa) 

Column 383 422 

Beam-end-connector 296 374 

Beam 381 419 

 

2.2. The cantilever tests 

 

For evaluation of the proposed mechanical model, the cantilever test setups 

are performed according to the international design standard for steel storage 

racks [18-20]. A cantilever of pallet beam joined to the midpoint of a short 

length of a column comprises the test setup. The column is firmly fixed at its 

top and bottom ends. Using a hydraulic jack placed on a load cell, the applied 

load is operated monotonically. To prevent any unwanted out-of-plane beam 

movement, the free end of the beam is restrained by a vertical guide made from 

a channel section. The applied loads, as well as beam and column deflections, 

are recorded at each increment of loading until failure takes place at the 

connection. Measurement of beam and column deflections is done using 

displacement transducers, LVDT1-LVDT9. The deflections for each load step 

are used to calculate the rotation of the connection. The overall layout of the 

experimental setups and the layout of the transducers are shown in Fig. 3. 

Utilizing ten connection samples comprising five hogging moment tests and 

five sagging tests, the cantilever tests are completed.   

Fig. 4 shows the experimental results of the moment-rotation curve. The 

results show that the moment-rotation curve under hogging and sagging 

moments testing are quite different due to asymmetry of the connection 

configuration. The experimental curve expresses nonlinearity due to yielding of 

the connection parts, specifically steel tab and column perforation. The 

connection is considered to have failed when the steel tab in the tension side 

located farthest from the center of rotation is cut by the column perforation. At 

this point, the load carrying capacity drops suddenly. During the test, it was 

found that some of the tested connections exhibited looseness, indicated by a 

short line at the beginning of the curve. This looseness occurred due to the steel 

tabs not fitting snugly in the column holes. When the rotation reaches about 

0.002-0.006 rad, looseness is eliminated. In prior experimental studies, 

looseness of the connection was also uncovered [2] [5-6]. After the looseness 

ceases, the initial rotational stiffness of the connections is calculated [11]. Some 

of the tested connections do not show looseness because those connections are 

preloaded to prevent unwanted infirm effects at the beginning of the test setup. 

The averages of the initial rotational stiffness and flexural strength of the 

connections from the cantilever tests are shown in Table 2. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 3 Details of cantilever test setup  

 

Table 2 

Average value of the initial rotational stiffness and flexural strength of 

beam-to-column connections obtained from the cantilever tests  

 Hogging moment Sagging moment 

Initial rotation stiffness 

(kN-m/rad) 

Sj,ini = 62.50 Sj,ini = 60.10 

Flexural strength  

(kN-m) 

Mu = 1.33 Mu = 1.56 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(a) Hogging moment 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

 

(b) Sagging moment 

 

Fig. 4 Moment-rotation curves of the connections from the cantilever tests  
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2.3. The portal tests 

 

In this study, the portal test [18-20] is performed according to the standard 

testing method to study steel storage frame behavior under lateral loads. Two 

portal frames fixed to hinge supports, which are fastened to a very stiff concrete 

floor, comprise the testing frame. Light lip channel beams are used to connect 

between the two portal frames in transverse directions. Fig. 5 illustrates the 

portal test setup. The length of portal frame is 2500 mm between column center 

lines. The height of portal frame is 700 mm, measured from each hinge support 

to the center of each horizontal beam. The space between the two portal frames 

is 1000 mm. For the purpose of transferring lateral loads to each portal frame 

equally, the horizontal rigid transfer beam is bolted to the portal frame. Lateral 

loads are applied to the transfer beam by a hydraulic jack mounted on a load cell 

fixed to a very stiff steel support connected to the concrete floor. The lateral 

displacement of the portal frame is measured by four displacement transducers 

(LVDT1-LVDT4) which are set on the columns level to the center line of the 

portal beam. To measure the sliding of the columns, other displacement 

transducers (LVDT5-LVDT8) are set at the bottom of the columns. The lateral 

loads and corresponding lateral displacements are recorded at each increment 

of loading until failure takes place at the connection.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 5 Details of portal test setup  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(a) No loading 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(b) Normal loading (2 kN/m) 

 

Fig. 6 Loading intensity for portal test setup 

 

The loading intensity on steel storage racks may change frequently under 

service conditions. Thus, two distinctive levels of vertical loading were chosen 

in order to investigate the connection behavior under actual usage conditions. In 

this study, the two vertical loading levels are “no loading” and “normal 

loading”. The normal loading level has a total load of 2.00 kN/m. This loading 

level corresponds to 40% of the allowable moment of the beam, which is 

assumed to represent the normal service loading condition on the structure. As 

shown in Fig. 6, sand bags resting on ordinary wood pallets are used to simulate 

the vertical loads. Portal tests are carried out on six frames, comprised of three 

testing frames for each loading level. 

 

 

 

 

 

 

 

 

 

 

Fig. 7 Deformation of portal frame under lateral loading   

 

The moments )M( and rotation )( of the beam-to-column connection 

in the portal frame are given as Eq. 1 and Eq. 2, respectively, illustrated in Fig. 

7 [12]. 

 

Ph
H
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2
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where H is the lateral load applied to one portal frame, h  is the height 

of portal frames, P  is the axial force in a column due to a vertical load, and 

 is the lateral displacement of the portal frame.  is taken as the average 

recorded displacement obtained from displacement transducers LVDT1 to 

LVDT4, E is a Young’s modulus, Ic  and Ib are  moment of inertia of the 

column and the portal beam respectively, and L  is the horizontal distance 

between the centerlines of the columns. Fig. 8 shows the test results for the 

portal tests with two distinct vertical loading levels. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(a) Hogging moment 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(b) Sagging moment 

 

Fig. 8 Moment-rotation curves for the portal tests with two distinct vertical loading 

levels   
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The following observations can be made based on the portal test results. A 

failure occurs with the connection at the right side of the portal frame when the 

steel tab in the tension side placed farthest from the center of rotation is cut by 

the column perforation, like the cantilever test results. This can be explained by 

the force transferring mechanism of the connection as follows. At the initial 

stage, before the lateral load is applied to the portal frame, both sides of the 

beam-to-column connections have an initial hogging moment and vertical shear 

force (M1, V1) due to vertical load, as can be seen in Fig. 9 (a). The vertical 

load comes from sand bags, wood pallets and the weight of the horizontal beam 

itself. Subsequently, when the lateral load is applied, the connection at the left 

side of the portal frame is subjected to a sagging moment, whereas the 

connection at the right side undergoes a hogging moment, as shown in Fig. 9 (b). 

This hogging moment and the shear force caused by the lateral load (M2, V2) at 

the right side connection will combine with the initial hogging moment and 

shear force caused by the vertical load (M1, V1). This force combination makes 

the connection at the right side of the portal frame reach its moment capacity 

before that on the left side. Another observation from the experimental results is 

that the moment-rotation curves exhibit looseness at the initial stage of both 

vertical load levels because the steel tabs do not fit with the column perforation. 

As shown in Fig. 8, the looseness is represented by a short line with a low slope 

value at the beginning of the curve. 

 

 

 

 

 

 

 

 

 

 

 

 

(a) Deflected shapes under vertical load 

 

 

 

 

 

 

 

 

 

 

 

(b) Deflected shapes after applying of lateral load 

 

Fig. 9 Illustration of portal frame deflected shapes   

 

3.  Mechanical model of beam-to-column connections by component 

method 

 

Eurocode 3 [10] outlines an analytical procedure so-called component 

method for determination of the design characteristics of semi-rigid 

beam-to-column connections. The code suggests that non-linear characteristics 

of the connection can be represented by linearized approximations such as 

bi-linear and tri-linear relationships.  The design characteristics shall 

determine two main properties of the connections: moment resistance and 

rotational stiffness. Fig. 10 illustrates the concept of the analytical procedure 

outlined in Eurocode 3 for an unstiffened welded beam-to-column connection. 

The main properties depend on resistance of the components in three critical 

zones: tension zone, compression zone, and shear zone of the connection.  

The component method consists of three main steps: dividing the 

connection into its basic components in which each one is represented by an 

elastic spring, evaluation of both stiffness and strength of each component, and 

finally all components being assembled into one mechanical model to 

determine the strength and stiffness capacity of the whole connection. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 10 Systematic model of beam-to-column connection according to Eurocode 3   

 

In accordance with Eurocode 3, the initial rotational stiffness of the 

connection can be computed as: 

 



==

i

ini,j

K

EzM
S

1

2


 (3) 

 

where E is elastic modulus, z is the lever arm between tension and 

compression springs, and  Ki  is the stiffness of each component. The 

connection moment resistance Mj,Rd is governed by the weakest component as 

given by: 

 

 
i,RdRd FminF =  (4) 

 

zFM RdRd,j =  (5) 

 

where FRd,i is the strength of component i. 

Various mechanical models have been proposed in the past for several 

connection typologies using the component method [21-25]. However, there is 

no specific provision for the evaluation of beam-to-column connections for 

steel storage racks in those contexts. The lack of code specification means that 

there is considerable scope for development of an analytical procedure for 

predicting the behavior of beam-to-column connections of steel storage racks. 

This section provides procedure for determination of the initial stiffness and 

moment resistance of the rack’s connections. 

 The following components are considered to be the basic components for 

evaluating stiffness of the beam-to-column connections in steel storage racks as 

illustrated in Fig. 11.  

Column web in tearing (kcw,tear) 

Column web in bearing (kcw,b)   

Column web in tension or compression (kcw,t or kcw,c ) 

Column web in shear (kcw,s) 

Tabs in shear (kt,s) 

Connector in bending and shear (kco)   

Connector web in tension or compression (kcow) 

Beam flange in tension or compression (kbf)  

The column web in shear component is not a major contributor to the initial 

rotational stiffness, according to the study of Zhao [26]. Moreover, the shear 

deformation of the column webs cancels each other out for the internal 

connection, upon which a two-sided bending moment is acted from the beam. 

Therefore, in this study, the column web in shear is neglected. The last 

component is only considered in the determination of the connection flexural 

strength. The full derivation of the basic components contributing to the 

mechanical model is outside the scope of this study, however available 

methodologies can be found in the companion paper [27]. Table 3 provides a 

summary of the initial stiffness and strength of each basic component.  

A mechanical model adopted to predict the initial rotational stiffness of 

beam-to-column connections in steel storage racks is shown in Fig. 12. Each 

spring component in a mechanical model would be assembled in parallel or 

series, depending on the relevant geometries. 
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Fig. 11 Basic components of beam-to-column connections in steel storage racks 

 
 
 
 
 
 
 
 
 
 
 
 

(a) Hogging moment 

 
 
 
 
 
 
 
 
 
 
 
 

(b) Sagging moment 

Fig. 12 Mechanical model for determination of the initial rotational stiffness  

 

For determining the initial rotational stiffness, the center of rotation is 

assumed to be the center of the beam, due to the simplicity of the method, and 

this assumption agrees with the connection behavior during the initial stage of 

the experimental testing performed in this study. The initial rotational stiffness 

of the connection Sj,ini can be computed by combining the stiffness of the 

components given by: 

 

eqcceqttini,j KhKhS 22

111
+=  (6) 

 

where Keqt and Keqc are the stiffness of the equivalent spring in tension zone 

and compression zone respectively. ht and hc are distance from the center of 

rotation to the location of the tension or compression spring. 

 

For evaluation of the flexural strength, it is assumed that the failure of the 

connection initially occurs at the outermost row of tabs on the tension side. This 

assumption is valid in case of connections with a low ratio of beam height to 

beam-end-connector height; it has been confirmed by many experimental 

investigations [2] [5-7] and by the author’s the experimental testing [11]. The 

strength of the outermost tab is calculated from the minimum value of the 

strength of the basic components in a row. Then, the linear distribution of force 

inside the connection is applied. Finally the strength of the connection is 

calculated from the equilibrium equation. This procedure is rather simple and 

gives a more conservative flexural strength than the study of Kozlowski [9]. 

The center of rotation is assumed to be located at the bottom surface of the 

beam for the connection subjected to a hogging moment. For the connection 

subjected to a sagging moment, it is assumed that the center of rotation is 

located at the top surface of the beam. Mechanical models for evaluation of 

flexural strength are shown on Fig. 13.  

Table 3 

Initial stiffness and strength of each basic component [9-10] [22] 

Component 

behavior 

Strength Initial stiffness 

Column web in 

tearing 3

cw,vcw,y

tear,cw

Af
F =  

tear,cw

tear,cw

tear,cw

F
k


=  

Column web in 

bearing 
cwcw,ub,cw tdf.F 52=  

cw,utbb,cw fdkkk 24=  

Column web in 

tension 
cw,ycwt,cw,efft,cw ftbF =  

wc

cwt,cw,eff

cwt,cw
d

t'b
Ek =  

Column web in 

compression 
cw,y

wc

cw
c,cw f

d

t
.F

3

110766=  

wc

cwc,cw,eff

cwc,cw
d

t'b
Ek =  

Tabs in shear 
3

t,vco,u

s,t

Af
F =  














+

=

t,vt

t

tt

t

s,t

AG

l.

IE

l
k

21

3

1
3

 

Connector in 

bending and shear 3

co,vco,y

co

Af
F =  














+

=

co,vco

co

coco

co

co

AG

l.

IE

l
k

21

3

1
3

 

Connector web in 

tension and 

compression 

co,ycoco,effcow ftbF =  

co,wc

coco,eff

cocow
d

t'b
Ek =  

Beam flange in 

tension or 

compression 

bf,ybfbf,effbf ftbF =  =bfk  

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 13 Mechanical model for flexural strength evaluation 

 
The flexural strength of the connection Mu is given by using the 

equilibrium equation as follow:  

 

 +=
=

2

1i
otitiu MdFM  (7) 

 

where Fti is tension force in the steel tab of i component from the center of 

rotation, and dti is the distance of i component from the center of rotation. Mo is 

the internal moment of the connector at the center of rotation, which can be 

obtained by using the following expression. 

 

p,coccco MCddFM += 21
 (8) 

 

where dc1 is the distance from the center of rotation to a compression force 

Fc. dc2 is the distance from the center of rotation to compression force C, and 

Mco,p is a plastic moment of the connector. C is the compression force due to the 
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bearing stress between the connector and the column.  

The bearing stress is assumed to be a triangle distribution. Using the 

equilibrium condition, the compression force can be obtained as follows: 
 

ctt FCFF +=+ 21
 (9) 

 

where Ft1 is tension force in the steel tab on the tension side at the outer 

most point from the center of rotation. Ft2 is tension force in the steel tab at the 

second row on the tension side. Fc is compression force in the steel tab on the 

compression side. Ft1 is taken as the minimum value of the strength of the basic 

components in a row as follows: 

 

)F,F,F,F,Fmin(F cos,tt,cwb,cwtear,cwt =1
 (10) 

 

For simplicity, elastic force distribution of internal forces inside the 

connection is applied. The following equation can be obtained to calculate Ft2 

and Fc. 

 

12

2

1

1

c

c

t

t

t

t

d

F

d

F

d

F
==  (11) 

 

where dt1 is the distance from the center of rotation to the tension force Ft1, 

and dt2 is the distance from the center of rotation to the tension force Ft2.  

 

4.  Evaluation of mechanical model through experimental testing 

 

In this section, the initial rotational stiffness Sj,ini and the flexural strength 

of the connection Mu are obtained from the proposed mechanical model, and are 

compared with the experimental testing data to evaluate the proposed 

mechanical model. Geometrical data and material properties of 

beam-to-column connections given in section 2.1 are used as the input data for 

calculation of initial rotational stiffness and flexural strength of the connection 

by using the proposed mechanical model as described in section 3. Table 4 

shows numerical values of the initial stiffness and strength of each basic 

component for the studied beam-to-column connection. The comparisons of the 

initial rotational stiffness and flexural strength of the connection from the 

proposed mechanical model and the cantilever test are shown in Table 5. 

It can be seen that the mechanical model closely predicts the flexural 

strength, and that the difference is on the conservative side, while giving a 

moderate overestimation of the initial rotational stiffness. In particular, the 

flexural strength is found to be 5-11 % lower than the experimental values. This 

may be due to the impact of lack of fit between steel tab and column perforation, 

and residual stress that usually affects experimental setup [28]. 

The experimental testing shows that the moment-rotation relation for rack 

connections exhibits a non-linear behavior, which comes from many factors, 

such as the yielding of the steel tabs, beam-end connector, or perforated column, 

which the mechanical model does not take into account in the formulation. This 

causes the mechanical model to overestimate the initial rotational stiffness by 

15-19 %.  

 

Table 4 

Characterization of component of the studied beam-to-column connection 

evaluated by the component method 

Component Strength (kN) Initial stiffness (kN/cm) 

Column web in tearing Fcw,tear = 8.66  kcw,tear = 11123 

Column web in bearing Fcw,b = 7.91  kcw,b = 79.11 

Column web in tension Fcw,t = 35.19 kcw,t = 790.32 

Column web in compreession Fcw,c = 88.98 kcw,c = 675.68 

Tabs in shear Ft,s = 6.8 kt,s = 1838 

Connector in bending and 

shear 

Fco = 18.29 

kco,up = 1967 

kco,low = 350 

Connector web in tension and 

compression 

Fcow = 16.87 kcow = 1794 

Beam flange in tension or 

compression 

Fbf = 16.15 kbf =   

 

Table 5 

Comparisons of the initial rotational stiffness and flexural strength of 

beam-to-column connections obtained from the mechanical model and the 

cantilever tests  

  Hogging moment Sagging moment 

Initial rotational 

stiffness  

(Sj,ini) 

Experimental result 

(Average value) 

(kN-m/rad) 

62.50 60.10 

Mechanical model 

(kN-m/rad) 

71.71 71.98 

Mechanical model/ 

Experiment 

1.15 1.19 

Flexural strength 

(Mu) 

Experimental result 

(Average value) 

(kN-m) 

1.33 1.56 

Mechanical model 

(kN-m) 

1.18 1.48 

Mechanical model/ 

Experiment 

0.89 0.95 

 

5.  An application of the proposed mechanical model to predict lateral 

behavior of steel storage frames 

 

5.1. Analysis of lateral behavior of steel storage frames 

 

The proposed mechanical model discussed in section 4 is used in this 

section to predict lateral behavior of a single story steel storage frame. The 

predictions are compared with the experimental results from the portal test in 

terms of base shear-top displacement relation. The portal test results give the 

mean values of the initial stiffness and flexural strength, whereas the proposed 

mechanical model distinguishes both connection properties between the 

hogging and the sagging moment. To indirectly compare the results, a 

nonlinear static analysis [29], so-called pushover analysis, is applied for this 

study. Under the pushover analysis, a structure is subjected to gravity loadings 

as an initial condition. Then the lateral load is applied monotonically in a 

step-by-step nonlinear static analysis. From the analysis, the numerical results 

can be present in the form of base-shear top displacement relation that will be 

referred to as a “pushover curve” in this paper. 

The pushover curve of a single story frame using beam-to-column 

connection properties obtained from the proposed mechanical model is 

compared with the experimental results from the portal tests. The finite 

element computer program SAP2000 [30] is used to carry out the pushover 

analysis in this study. The structural configuration and section properties of 

the finite element model are calibrated against the portal frame tests. The base 

plate is modelled as a pined support. Uniformly distributed vertical forces are 

applied on the beam element to simulate the pallet load. Non-linear behavior 

of the beam-to-column connection is modelled by a non-linear rotational link 

element connected between the ends of beams and the ends of columns. The 

geometric nonlinearities and material nonlinearities are also considered in the 

finite element model.  

  

 

 

 

 

 

 

 

 

 

 

Fig. 14 Typical moment-rotation curve for rack connections and 

approximation of Eurocode 3 
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A typical moment-rotation curve for a rack connection is shown in Fig. 14. 

The moment-rotation relation exhibits non-linear behavior as shown in the 

section of experimental testing. In order to represent the non-linear behavior of 

the connection and simplify the analysis, a tri-linear approximation model, in 

accordance with Eurocode 3, is used in this study. This approximation is widely 

used for the development of mechanical models for hot roll section. A first 

yielding moment is assumed to be 2Mu/3 [11] [22] where Mu is flexural strength; 

k1 is initial rotational stiffness; kpy is post-yielding stiffness;  u is plastic 

rotation capacity. It should be noted that the value of  u and kpy are chosen to 

give the best-fit to the experimental results from the cantilever test. The 

prediction of steel storage frame behavior under lateral loads by using an 

application of the proposed mechanical model is shown in Fig. 15 (a) -15 (b) for 

no loading and normal loading respectively. The figures present the comparison 

between base shear-top displacement relation from the portal test and pushover 

curves of portal frame with a trilinear approximation of moment-rotation 

relation for the proposed mechanical model. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(a) No loading 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(b) Normal loading 

 

Fig. 15 Comparison of the portal test results and pushover analysis 

of portal frame with approximation of rack connections 

 

From the resulting curves, it can be seen that the mechanical model give a 

conservative prediction of maximum base shear for all testing frames. On the 

other hand, the predicted displacements of the proposed mechanical model 

underestimate the displacement compared with the portal test results. The 

predicted displacement of the frame is greatly influenced by the initial 

rotational stiffness of the connection. It can be seen from the cantilever test in 

section 2.2 that the stiffness of rack connections start to deviate from the initial 

rotational stiffness at low value of moment. The stiffness is increasingly 

softened at moments approaching the ultimate moment. Therefore using the 

initial rotational stiffness for the rack connection model may underestimate the 

displacement response of the steel storage frame.  

 

5.2. Improvement of rack’s connection model 

 

It has been shown in the previous section that the lateral behavior of steel 

storage frames is significantly influenced by the rack connection model. This 

section presents the further improvement of the rack connection model for a 

better prediction of the lateral behavior.   

It is evident from the comparison of the portal test and the pushover 

analysis that the mechanical models were slightly too stiff in comparison to the 

actual frame, thus resulting in too low a prediction of the lateral displacement.  

The two sources of the problem that were addressed are the accuracy of initial 

stiffness to represent the stiffness of the connections as the loading increased, 

and the presence of the initial looseness of the actual connections.  

The linear idealization of the moment-rotation characteristic of the 

beam-to-column connections based on the use of the secant stiffness is applied 

for improvement, as shown in Fig. 16. This approach is recommended by 

Eurocode 3 [10]. The secant stiffness is defined as Sj,ini/n. The stiffness 

modification factor (n) results from the non-linearity of the connection. 

Generally, a stiffness modification factor of 2.0-3.5 is suggested by Eurocode 3, 

depending on connection types. Based on a comprehensive experimental study 

of beam-to-column connections under bending moment in this study, a 

numerical value of 1.5-2.0 is proposed for the stiffness modification factor. 

  

 

 

 

 

 

 

 

 

 

 

Fig. 16 Improvement of rack connection model 

 

It is also shown in the experimental testing of rack connections that some 

of the moment-rotation curves show a looseness of the connection at the initial 

stage. The looseness contributes to the overall deformation of the portal frame; 

hence, it needs to be incorporated into the connection model. A flat slope of 

linear line is introduced in the connection model to represent looseness of the 

connection, as shown in Fig. 16. It should be noted that Mi and  i are moment 

and rotation, where the initial looseness is terminated.  i can be calculated 

from the gap between steel tabs and the column perforation, or can be 

determined by the conventional cantilever test. In this study, Mi and  i are 

taken from the cantilever test as 0.05 kN-m and 0.006 radian respectively. 

These numerical values, Mi and  i, produce a low value of stiffness in the 

initial looseness stage, which is about 10% of the initial rotational stiffness. The 

numerical values of the connection model for hogging moment and sagging 

moment of the connection for frame analysis are shown in Fig. 17 (a)-17 (b). In 

Fig. 17, the initial stiffness (Sj,ini) and flexural strength (Mu) of the connection 

are calculated from the proposed mechanical model.  u is rotation, where the 

steel tab is cut by the column perforation, which is taken from cantilever test. 

The pushover analysis is conducted for the portal frame with the connection 

model presented in Fig. 17. The comparison between the frame analysis results 

and the experimental results of the portal test are shown in Fig. 18 (a)-18 (b). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(a) Hogging moment 

 

 

 

 

 

 

 

 

 

 

 

 

 

(b) Sagging moment 

 

Fig. 17 Linearization of moment-rotation characteristic of rack connections  
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(a) No loading 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(b) Normal loading 

 

Fig. 18 Comparison of the portal test results and pushover analysis of portal frame 

with modification of rack connection model 

 

As expected, introducing the stiffness modification factor (n) and the 

initial looseness to the mechanical model improves the accuracy of the 

lateral-displacement prediction from frame analysis, and the improved 

pushover curves agree well with the portal frame testing results, as shown in 

Fig. 18. To this end, modification of initial rotational stiffness and inclusion of 

the initial looseness to the modeling are deemed necessary for a better 

prediction of lateral behavior of steel storage frames. 

 

6.  Summary and conclusions 

 

This research presents the development of a mechanical model for 

beam-to-column connections of steel storage racks using a component method 

recommended in Eurocode 3. A proposed mechanical model of the rack’s 

connections is derived from the combination of the characteristics of the basic 

structural components of the connections. Initial rotational stiffness and 

flexural strength yielded from the mechanical model, along with simple 

linearized moment-rotation relationship, can be used as the estimated 

characteristics of any steel rack connection under both hogging and sagging 

moments.  The study proposes a simple methodology for evaluation of the 

flexural strength based on the actual failure mode.   

The initial mechanical model adequately predicts the flexural strength with 

acceptable degree of accuracy. However, the simple linearized 

moment-rotation relationship based the initial stiffness and moment resistance 

underestimates the lateral displacement when it is applied to the pushover 

analysis. Consequently, the study proposes further refinement of the 

moment-rotation relationship by introducing initial looseness and replacing the 

initial stiffness with secant stiffness. It is recommended that the modification 

factor for the initial stiffness to secant stiffness be in the range between 1.5 and 

2. 

The proposed mechanical model can be used to predict the response of a 

connection, as well as the structural response, subjected to both vertical loads, 

and horizontal loads, with a fraction of testing costs and time. Also, the 

proposed model can be easily modified to predict the connection behavior for 

other geometry of connections for these types of structures. 
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List of notation  

 

 beff,bf  Effective width of beam flange 

 beff,co  Effective width of connector web  

 b’eff,co  Effective width of connector web for stiffness calculation 

 beff,cw,t   Effective width of column web in tension zone 

 b’eff,cw,c Effective width of column web in compression zone for 

stiffness calculation 

b’eff,cw,t Effective width of column web in tension zone for stiffness 

calculation 

 d  Thickness of steel tab 

 dwc  Depth of column web 

 dwc,co  Depth of connector web 

 fy,bf  Yield stress of beam flanges 

 fy,co  Yield stress of connector web 

 fu,co  Ultimate tensile strength of connector web 

 fy,cw  Yield stress of column web 

 fu,cw  Ultimate tensile strength of column web 

 lt The distance between the concentrated shear force and 

fixed end of the tab 

lco The distance between the concentrated shear force and 
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fixed end of the connector web 

 tbf  Thickness of beam flanges 

 tco  Thickness of connector web 

 tcw  Thickness of column web 

 Av,co  Shear area of the connector web 

 Av,cw  Shear area of column web 

 Av,t  Shear area of the tab 

 Eco  Modulus of elasticity of connector web 

 Ecw  Modulus of elasticity of column web 

 Et  Modulus of elasticity of the tab 

 Gco  Tangential modulus of elasticity of connector web 

 Gt  Tangential modulus of elasticity of the tab 

 Ico  Moment of inertia of connector web 

 It  Moment of inertia of the tab 

   Ratio between ultimate tensile strength of connector web 

and ultimate tensile strength of column web  

 cw,tear Deformation of column web under strength of column web 

in tearing  

  Reduction factor to allow for the possible effects of shear in 

the column web panel 
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