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NUMERICAL STUDIES ON THE SEISMIC BEHAVIOUR OF A PREFABRICATED 

MULTI-STOREY MODULAR STEEL BUILDING WITH NEW-TYPE BOLTED JOINTS 
 

Kashan Khan and Jia-Bao Yan * 
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* (Corresponding author: E-mail: ceeyanj@163.com) 

 

A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Prefabricated modular steel (PFMS) construction is an industrial technique of construction that enhances productivity, site 

safety, and construction quality. The assembling of prefabricated buildings needs an accurate connecting system to ensure 

structural integrity and effective transfer of loads and moments. Therefore, in the current study, a new-type bolted joints 

having a long tenon-gusset plate for horizontally, and long beam bolts for vertically connecting modular units have been 

developed. Nonlinear static analysis was carried out by the finite element (FE) analysis software ABAQUS. The bending 

performance of the joints with varying parameters and modular units with different forces scenario, was studied. To analyse 

the seismic performance of modular steel building (MSB), a simplification of the detailed joint with the connector was 

performed. Then the seismic response of full-scale four-storey simplified MSB was studied by dynamic analysis. The results 

revealed that joints possessed stable load-carrying capacity with adequate ductility and seismic performance. The 

simultaneous application of axial, lateral tension, and compression forces affected ultimate capacity, initial stiffness, and 

ductility of single modules more than the double modules. Moreover, the simplified model accurately mimicked the bending 

behaviour of joints with a fluctuation of < 4% in capacities. Inter-storey drift ratios (IDR) of both the shorter and longer 

directions of MSB were found lower than the code limits of 2.5%. Hence, the static analysis on joints and modular units, 

and dynamic analysis on MSB authenticated the effectiveness of developed joints to resist and distribute the lateral loads. 

Finally, the accuracy of FE analysis was verified by analysing twelve bending tests on joints listed in the references.   
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1.  Introduction 

 

Prefabricated modular steel (PFMS) construction is an offsite construction 

in which structural members, panels, and facilities are preassembled in the 

factory to form modular units, then transported to the site and finally assembled 

to form the MSB [1,2]. Such construction technique, besides, the potential of 

dismantling and reusing, reduces assembling time, constructional wastage, 

maintenance cost, and also improves accuracy, material quality, and 

productivity in repetitive structures [3–5]. Nowadays, due to the economic 

sector and modern urbanization, prefabrication is gaining more attention in mid-

to-high rise buildings compared to conventional onsite construction [3,6]. The 

construction technique, detailing requirements, and a various number of 

connections to assemble modular units to form MSB, make these buildings 

different from the traditional on-site steel buildings [7,8]. Based on the load 

transferring mechanism, modular units are mainly categorized into load-bearing, 

and corner-supported modules. Load-bearing modules use C-sectioned 

compression resisting walls to transfer gravity loads. In contrast, corner-

supported modules use edge beams and columns to transfer both gravity and 

lateral loads [4,9]. The proper connection arrangement among modular units 

and appropriate lateral force resisting systems are essential for the transfer of 

lateral forces in MSB [10,11]. The primary purpose of connections in MSB is 

to provide alternate load-transfer paths and maintain structural integrity if 

severe damage to the adjacent structural components occurs [12,13]. The lateral 

bearing capacity of the joint consisted of supporting plate, and blind bolts was 

analysed by the cyclic loading, and finally, a simplified theoretical model based 

on the verified FE analysis was developed [14]. The seismic performances of 

exterior edge connection having a box with a threaded post-tensioned rod 

inserted in hollow structural section (HSS) columns were studied with a series 

of experiments [15]. Tensile and seismic behaviours of the proposed automatic 

plug-in connection in MSB were experimentally studied by Dai et al. (2019) 

[16]. The structural performance of the Vector Bloc joint was experimentally 

studied against axial and bending loads [1,17]. The rotational stiffness of the 

rotary joint in a modular structural system was investigated by experimental and 

theoretical ways by Chen et al. (2019) [18].  Lacey et al. (2019) experimentally 

studied the shear-slip and workability performance of the bolted joint, and FE 

analysis was carried out to explore the effect of various parameters [19]. The 

structural behaviour of the developed embedded column-foundation joint in 

MSB was analysed by experiments and FE analysis [10]. The influence of 

corrugated sidewalls (with and without openings) on the rigidity and seismic 

performance of MSB was analysed by experiments and detailed FE analysis 

[20,21]. The role of a new type of precast concrete core for being a new system 

to resist lateral forces was analysed under the wind and seismic loads by the use 

of FE analysis, and the response of the building was checked with the provided 

code provision [22,23]. The seismic performance of MSB frames, vertically 

connected by partial welding of columns and horizontally by angle clips and 

bolts, was evaluated using theoretical and experimental approaches [24,25]. 

Based on the experimental findings under monotonic lateral loading on the two-

storey corner modular frame with and without the contribution of the corrugated 

shear wall, a theoretical derivation for the lateral stiffness of the modular system 

was proposed by Liu et al. (2020) [26]. The seismic response of a simplified 

MSB was analysed against pushover and dynamic analyses with the help of FE 

simulation [27]. The effect of a newly developed automatic interlocking system 

on the robustness performance of MSB was studied [3]. Zhang et al. (2020) 

investigated the bearing capacity of a full-scale modular unit under vertical and 

lateral loadings by using means of tests and FE analysis [28]. The studies 

previously recorded were found to be confined to the performance of corner 

joints, simplified frames or modular units without any proper detailed behaviour 

of connections, use of weaker sections and access holes, while, very least 

attention was paid to the behaviour of complex form of joints, i.e., middle joint, 

simplification of the joint to overcome computational efforts, combined effect 

of forces on the behaviour of modular units with the developed joint and the 

overall dynamic response of MSB against real earthquake accelerograms 

[8,24,25,27,29,30]. The main aim of the current study was to develop a new-

type of bolted joint, analyse its bending performance, simplify and apply it in 

the full-scale modular units, and evaluate the overall seismic performance of the 

developed simplified multi-storey MSB. 

Hence, in this study, a joint for HSS members was proposed. Using FE 

software ABAQUS, nonlinear structural behaviour of corner and middle joints 

was studied. In order to reduce the computational effort and evaluate the 

dynamic response of the MSB, a simplified model having a connector element 

as a replacement of joint, and the beam elements for solid structural members 

was developed. Then the structural performance of modular units against axial 

and lateral loads, while, MSB against earthquake loads were studied. This was 

followed by the validation of FE results with the results of twelve bending tests 

on joints in MSB. All the studies conducted led to a deeper understanding of the 

overall working process of the multi-storey MSB with such bolted joints. 

 

2.  Connecting and working mechanism of MSB with the developed joint 

 

The details of connections in MSB are shown in Fig. 1(a), and the 

components of the developed joint are shown in Fig. 1(b). The joint mainly 

consists of the upper component, lower component, gusset plate (GP), beam, 

and column bolts for connecting modular units together. Beam bolts vertically, 

while, tenons, and GP horizontally connects the modular units together.  

The force transfer mechanism showed by the joint against bending is shown 

in Fig. 2(b). The gap generation between the upper module and the lower 

module was notable when the bending moment was applied as a lateral 

displacement on the top of an upper modular frame. Due to gap generation, 
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beams, because of bending, started facing bearing stresses and beam bolts, due 

to stretching, faced tensile forces. Simultaneously, the relative movement 

among column, tenon, and column bolt resulted in the exertion of shear force 

on column bolts. It was observed that the overall structural behaviour of MSB 

depended on the working and load-transfer mechanism of the joint. 

 

3.  Experimental studies on the modular joints 

 

The bending behaviour of corner and middle joints was studied against 

static and quasi-static loadings. The behaviour of joints was compared with and 

without stiffeners. The joint comprised hollow plug-in welded to plate, and long 

tension bolts passed through beams to horizontally and vertically support the 

welded HSS columns and beams [31,32].   
 

3.1. Details of tests 
 

The design of the connection was in accordance with the actual four-storey 

MSB built in China. Floor slabs of MSB were made of prefabricated concrete, 

while, lightweight composite boards were used to prepare partitions and ceilings. 

Both the ceiling boards and prefabricated floor slabs were connected to the inner 

face of beams using welded angles.  

The main objective of the experiment was to analyse the structural 

behaviour, seismic performance, and load-carrying capacity of the proposed 

joint. Static loading, quasi-static loading, effect of diagonal stiffeners, cross-

section of beams, and axial force ratio (AFR) were the main factors considered 

in the study. Twelve experiments were performed on six specimens of each 

corner and middle joints in the structural engineering laboratory of Tianjin 

University. Initially, four specimens for the joints, i.e., exterior and interior 

joints, were tested against monotonic loading to observe the lateral deformation 

and load-carrying capacity. Furthermore, eight specimens were tested against 

quasi-static loading to visualize the seismic performance of joints. The material 

properties and details of specimens are listed in Table 1 and 2. The specimens 

without stiffeners were used for the basic testing, whereas specimens reinforced 

with stiffeners used for parametric study. The lateral displacement of 100 mm 

using column-end technique was applied on the upper column with free end 

constrained condition, whereas floor beams (FB), ceiling beam (CB), and lower 

columns were pin-constrained. Chinese standard, “Regulation of seismic test 

method (JGJ101-96),” was used for quasi-static loading protocol. Two values 

of AFRs, i.e., 0.2 and 0.1, were considered for a comparative study.   

  

Fig. 1 Features of the developed connection in MSB 

3.2. Material properties 

 

The HSS columns, FBs, CBs, cover plates (CPs), supporting plates, GP, 

stiffeners, and beam bolts were made of Q345B steel, whereas cast steel Z35 

was used for the production of connection components. Groove welding was 

adapted for the welding of columns and beams (FB, CB), while, fillet welding 

for stiffeners. The material properties listed in Table 1 were the same as the 

actual project. 

 

4.  Finite element model 

 

4.1. General 

 

Both ABAQUS/standard and dynamic-implicit types of solvers were 

considered for the development of FE models and analyses performed on the 

modular frame system with the developed joint. Lateral bending performance 

of new-type joints, simplified connector models, and modular units was studied 

using the tool of ABAQUS/standard. In contrast, the seismic performance of a 

simplified MSB with the developed connector model was analysed with a 

dynamic-implicit solver [33].  

 

4.2. Material model of a steel  

 

As steel was used in the study; therefore, the nonlinear isotropic/kinematic 

hardening model and von Mises yield criterion in ABAQUS/CAE were chosen. 

Bilinear stress-strain behaviour with strain hardening was used for defining the 

material model, as shown in Fig. 2(c) [34]. Poison’s ratio "𝜈" and modulus of 

elasticity "𝐸𝑠"  were defined as elastic material properties, whereas steel’s 

yield strength "𝑓𝑦", strain values "𝜀" and ultimate strength "𝑓𝑢" were inputted as 

plastic material properties. The elastic and plastic material properties used in 

the study were the same as experimental values, as shown in Table 1. The input 

criteria in FE simulation for the stress and strain are true stress and equivalent 

true plastic strain rather than engineering stress and strain. Therefore, values of 

true stress and strain can be obtained from the following equations using the 

values of engineering stress and strain. 

  

𝜎𝑇 = 𝜎𝐸(1 + 𝜀𝐸) (1) 

𝜀𝑇 = ln(1 + 𝜀𝐸) −
𝜎𝑇

𝐸𝑠

 
(2) 

 

where, 𝜎𝑇  and 𝜎𝐸  denote true and engineering stress, whereas 𝜀𝑇  and 𝜀𝐸 

represent true and engineering strain. 

 
Table 1 

Properties of materials used in the experimental study 

Components 
Thickness  

(mm) 

Yield 

strength 

𝑓y(MPa) 

Ultimate 

strength 

𝑓u(MPa) 

Elongati

on  

 (% age) 

  

Column & beam 

plate 
8 425 575 30   

Stiffeners 16 350 510 26   

Cast plug-in device - 330 350 22.5   

 

4.3. Development of the FE model  

 

In order to avoid modelling complications and reduce computational effort, 

some simplifications were considered in the FE models, such as a hexagonal 

head of bolts and nuts were modelled together as circular, while, threads on nuts 

and bolts shank were not modelled. The space between the bolt and the hole was 

not considered. In order to reduce contact surfaces and increase mesh accuracy, 

the welded CP and beams were modelled together as a single unit. The details 

of the FE model and simplifications adopted during simulations are shown in 

Fig. 2(a). 

 

4.3.1. Meshing technique 

The 3-D deformable solid parts, such as HSS columns, FBs, CBs, and 

connection components, were meshed with hexagonal- structured mesh controls 

having an element type of 8-node linear brick, controlled hourglass, and reduced 

integration (C3D8R). High-stress regions and components like corners, joining 

regions, bolt holes, and slave surfaces in contact definition were finely meshed. 

Four FE models with mesh densities, such as very fine, fine, coarse, and very 

 
(a) PFMS building connections details 

 
(b) Details of joint 

A 

B 

C 

A- Exterior corner  joint 

B- Exterior middle joint 

C- Interior  middle joint 

HSS column 

HSS beam 

Long stay bolts 

Upper component Middle component 
Lower component 
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coarse with mesh sizes of 25, 30, 40, and 50 mm, were analysed against test 

conditions. The bearing capacity of the FE model was increased as the mesh 

size increased, i.e., from very fine mesh to coarse one, but the model with very 

coarse mesh showed a slight decrement in capacity compared to coarse one. The 

difference between capacities of coarse and very coarse mesh density models 

was not apparent. In contrast, the very fine mesh model stopped taking load 

farther than 73 mm and resulted in non-convergence, as shown in Fig. 5(a). 

Based on the detailed comparison between mesh convergence criteria and the 

test results, the accuracy of models with a fine mesh (mesh size of 30 mm) in 

both load-carrying capacity and stress allocation, authenticated the accuracy of 

FE models with the least error tolerance. Therefore, structural members were 

meshed with 30, a joint region with 10 and hole regions with the 8 mm. While, 

structural members such as columns and beams were substituted with 3-D 

deformable wire elements, which were finely meshed with the 2-node linear 

beam space element type (B31).  

 

 

Fig. 2 Material properties and FE modelling details 

Table 2 

Information of the test specimens considered for the experiment  

4.3.2. Interactions 

The interaction between column and connection, beam and connection, 

column and bolt, and beam and bolt were modelled as surface-to-surface 

(standard) with “hard contact” as normal behaviour and “finite sliding” by 

“penalty friction formulation” as a tangential behaviour. The hard-contact 

formulation causes the two interacting surfaces to exchange pressure when 

contact each other, while, no pressure transfer with surface separation. Whereas, 

penalty friction formulation considers the frictional coefficient that allows 

relative motion and determines the frictional force between contacting surfaces. 

The accurate friction coefficient was chosen after validating the results of FE 

analysis with experimental findings. For the purpose, two FE models (with and 

without bolts friction) were analysed, and there was a very slight increase of 

0.006% in load carrying capacity was found in the FE model that considered 

bolts friction, as shown in Fig. 5(b). Similarly, FE models with four different 

friction coefficient values, such as 0.3, 0.4, 0.5, and 0.6, were analysed. An 

increase in the capacity of models was found as the friction coefficient increased, 

but the increase in capacity between models with a friction coefficient of 0.3 

and 0.6 was about 1.5%, as shown in Fig. 5(c).  

After the detailed comparison between FE and test results, bolts were 

modelled frictionless, whereas the friction coefficient was fixed as 0.3 for the 

remaining surface-to-surface interactions. For an accurate interaction between 

the adjacent modular units, the contact between columns and connections of 

adjacent modular units was considered as a hard contact.  

 

4.3.3. Boundary conditions and load application situations 

Following the bending experiments, movement at the bottom column in all 

directions, at the top column in X and Z direction, movement at FB and CB in 

Y, and the rotation in Z-direction was restricted. The displacement-controlled 

loading was applied in a downward direction to the top column, as shown in Fig. 

2(a) and 2(b), respectively. The movement at the base of the modular units was 

restrained, while, the rotation was released in all three directions. Lateral tension, 

compression, and axial loads with two values of AFR, i.e., 0.1 and 0.2 calculated 

by Eq. (3), were used, as shown in Fig. 9. Factored dead load as a self-weight 

of the whole structure and the live load from ASCE 7-10 were applied on FBs 

of modular units and multi-storey MSB [13,35]. For dynamic analysis, the 

translation in all directions except the direction chose for studying the structural 

performance, was restrained, while, the rotation in all directions was released at 

the base of MSB. Ground motion accelerations of various earthquakes were 

applied at the base, as shown in Fig. 12(a). Following Eq. (4) was considered to 

calculate the pretension force for bolts.   

 

𝑁 = (𝐴𝐹𝑅)𝑓𝑦𝑐𝐴𝑠 (3) 

𝑃 =
0.9 × 0.9 × 0.9

1.2
𝐴𝑒𝑓𝑡𝑣 

(4) 

 

where, 𝑁 is Axial force; 𝐴𝐹𝑅 is Axial force ratio in percentage; 𝐴𝑠 is area 

of the steel section; 𝑃 represents the pretension force; 𝐴𝑒 denotes an effective 

area of the bolt, and 𝑓𝑡𝑣 shows the tensile strength of a bolt, which is taken as 

180MPa. 

 

 

  

 

 

 

 

 
(a) Finite element model and its simplifications 

  
(b) Force transfer mechanism with developed joint (modified scale) 

  
(c) Stress-strain curve of steel used in FE model [27] 

LC=1.0m

Bolts in tension

Bolts in shear

Lateral force

Upper modular unit

Lower modular unit

Gap generation

Sp. No Type of joint CB (mm3) 

(mm3) 

FB (mm3) 

(mm3) 

Column (mm3) 

(mm3) 

Stiffener thickness (mm) Bolts (mm) 

(mm) 

AFR (%) Loading method 

S1 Exterior 150x150x8 150x250x8 150x150x8 None 24 0.2 Static 

SC1 Interior 150x150x8 150x250x8 150x150x8 None 24 0.2 Static 

S2 Exterior 150x150x8 150x250x8 150x150x8 10 24 0.2 Static 

SC2 Interior 150x150x8 150x250x8 150x150x8 10 24 0.2 Static 

QS1 Exterior 150x150x8 150x250x8 150x150x8 None 24 0.2 QS 

QSC1 Interior 150x150x8 150x250x8 150x150x8 None 24 0.2 QS 

QS2 Exterior 150x150x8 150x150x8 150x150x8 10 24 0.2 QS 

QSC2 Interior 150x150x8 150x150x8 150x150x8 10 24 0.2 QS 

QS3 Exterior 150x150x8 150x250x8 150x150x8 10 24 0.2 QS 

QSC3 Interior 150x150x8 150x250x8 150x150x8 10 24 0.2 QS 

QS4 Exterior 150x150x8 150x250x8 150x150x8 10 24 0.1 QS 

QSC4 Interior 150x150x8 150x250x8 150x150x8 10 24 0.1 QS 
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4.4. Verification of the FE modelling 

 

The load-displacement curves and failure patterns of twelve test specimens 

(i.e., S/SC/QS/QSC) of the corner and middle joints (with plug-in and long 

beam bolts) against monotonic (four specimens) and cyclic loadings (eight 

specimens) were compared with the results obtained from FE static analysis. 

  

4.4.1. Verifications of experimental results with the FE analysis 

The envelope load-displacement graphs for twelve test specimens of joints 

were compared with the results obtained from FE static analysis, as shown in 

Fig. 3. It was observed that the ultimate capacity, stiffness, and ductility of test 

specimens were well predicted by FE models. However, some minor 

fluctuations and inconstancies in stiffnesses or ultimate capacities between test 

and FE predicted curves were observed, which might be due to variation in 

material properties and behaviours, slight sectional imperfections during tests, 

dislocation during handling, flexible boundary conditions or simplifications 

performed during FE analysis. 

The criteria of von Mises stress distribution were used to observe the failure 

modes of tests, as shown in Fig. 4. The main failure patterns observed in test 

specimens of joints, were gap generation and widening, tearing of welds of 

column or beam, stiffener breakage, local inward or outward buckling of the 

column, and tearing of column or beam. The stress concentrations showed by 

FE models in all specimens of joints (exterior and interior), local outward and 

inward buckling, welded regions under high stresses, and gap generation were 

following test results.  

A comparison between the ultimate load-carrying capacities of tests and FE 

analysis, are shown in Table 3. The mean of capacity ratios of test and FE was 

found 1.02, while, SD and coefficient of variation (Cov) were 0.12, which 

assured the accuracy of FE analysis. Specimens with test-to-FE ratios higher 

than 1.0 demonstrated that FE analysis showed an average slight 

underestimation, whereas below 1.0 indicated that FE analysis showed an 

average slight overestimation of the bearing capacity. With these validations, 

the precision of the developed FE model can be authenticated to simulate the 

overall structural response of the joint, connected modular units, and MSB with 

a developed joint. 

 

5.  Numerical simulation of the modular frame systems  

 

5.1. Geometry and detailing 

 
In the Fig. (1b), the main components of the new-type of joint, such as an 

upper, lower, and middle component (GP), assembled with columns and beams 

to connect eight modular units with their respective components and bolts. The 

dimensions of the joint used to study the behaviour of MSB are shown in Fig. 

6(a). 

The structural performance of full-scale modular units, i.e., 6×3.6×2.9 m3, 

was evaluated. After carrying out parametric studies considering the length of 

the respective column tenon, a length of 400 mm was initially chosen to 

investigate modular units, as shown in Fig. 9 [36]. Similarly, dimensions of full-

scale four-storey simplified MSB with the detailed arrangement of connectors 

and details of boundary conditions are shown in Fig. 12(a).  

 

5.2. Structural performance of joint 

 
Nonlinear static analysis was conducted on FE models of the exterior corner 

and middle joints to evaluate the load-bearing capacity and the failure criteria 

of joints. Structural performance of joints (corner and middle), such as lateral 

bending capacities and stress accumulation, are shown in Fig. 7(a) and (b). It 

was observed that with a gradual increase of lateral displacement, load-carrying 

capacity linearly kept on increasing until the gap started generating between 

upper and lower modular beams, which resulted in beams yielding. Bearing 

stresses were developed in FBs with an increase in load. Finally, as the load 

reached the ultimate state, the system started dropping the capacity to take far-

ther loading and remained stable for a while, which was then followed by bear-

ing failure of FB. It was noted that both corner and interior joints showed stable 

ductile behaviour and prevented the failure of columns. In order to study the 

effect of two parameters, i.e., length of column tenon (such as 100, 200, 300, 

and 400 mm) and the constructional gap between adjacently connected modular 

units (such as from-0-to-30 mm) on the structural performance of joint, nonlin-

ear static analysis was performed. It was noted that the length of tenon largely 

influenced the structural performance and load-carrying capacity, while, gap 

showed marginal influence, as shown in Fig. 7(c). Although, an increase in stiff-

nesses and load-carrying capacities of joints was evident with an increase in the 

length of tenon, the difference in increment decreased from 50 to 14% as the 

length of tenon increased between 100 to 200 and 300 to 400 mm. Moreover, 

the failure mode showed by the model with a length of tenon as 100 mm was 

controlled by column, while, in other models, FB faced bearing failure.  

 

 

Fig. 3 Verification of load-displacement curves of test specimens with FE models 

 

 

Fig. 4 Verifications of experimental results with the FE analysis 

 

 

 

 

(a) Specimen S1  (b) Specimen S2  (c) Specimen SC1  

(d) Specimen SC2  (e) Specimen QS1  (f) Specimen QS2  

(g) Specimen QS3  (h) Specimen QS4  (i) Specimen QSC1  

(j) Specimen QSC2  (k) Specimen QSC3  (l) Specimen QSC4  

 

Crack at column flange 

Crack at column
Specimen QS2 

Gap widened Tear at column 

Gap 

(b) QS1  (c) QS2  (a) S1  

Local buckling 

(d) QS3 

(f) SC1  (e) QS4  

Inward deformation 

(h) QSC1 

Gap 

Crack 

Gap 

Deformation 

(g) SC2  

CB failure 

(j) QSC3  (k) QSC4  (i) QSC2  

Gap & buckling of column 

Local 

buckling 

Gap 

Inward deformation of 

column 

Gap 
Column outward deform 
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Table 3 

Test-to-FE comparison of ultimate loadings  

 

 

Fig. 5 Convergence study 

 

 

Fig. 6 Approaches adapted during FE analysis and design 

5.3. Simplification of joint with the connector 

 

For easy handling, reducing substantial computational effort, and analysing 

the structural performance of MSB, the complex and detailed FE model of the 

joint was simplified with the connector. In the simplified model, solid structural 

members, i.e., FBs, CBs, and columns, were replaced by 3-D beam elements, 

whereas components of joint with connector. The rotational stiffness for the 

connector was obtained from the moment-rotation relation of the detailed joint. 

Boundary conditions, material properties, sectional properties, and loading con-

ditions were the same as for the analysis of the detailed FE model. The compar-

ison of load-bearing capacities and stresses contours to analyse failure pattern 

of detailed solid and simplified beam element FE models of exterior corner 

joints are shown in Fig. 8(a), while, comparison for the exterior middle joint in 

Fig. 8(b). It was evident that the simplified models accurately predicted struc-

tural behaviour, stiffness, failure pattern, and load-carrying capacity of the de-

tailed FE models of joints. The ratio of loading capacities of detailed and sim-

plified FE models of joints with the error tolerance of less than 4% assured the 

accuracy of the developed simplified joint. 

 

 

Fig. 7 Structural performance of developed joint 

 

 

Fig. 8 Simplification of detailed joint 

(b) Bolts friction(a) Mesh density (c) Friction coefficient

 
(a) Dimensions of novel joint (unit: mm) 

 
(b) Flow chart of adopted procedure 

Upper part elevation Lower part plan 

Upper part plan 

Lower  part elevation 

 

 
(a) Exterior corner connection 

 
(b) Exterior middle connection 

 
(c) Parametric study  

Stress concentration M-θ curve

0

35

70

105

140

0 0.02 0.04 0.06 0.08

M
(k

N
m

)

θ(rad)

Moment θu=0.062

Mu=123kNm

Stress concentration M-θ curve

0

90

180

270

360

0 0.02 0.04 0.06

M
(k

N
m

)

θ(rad)

Moment

Mu=332kNm

θu=0.053

0

65

130

195

260

0 0.03 0.06 0.09 0.12

M
(k

N
m

)

θ(rad)

L=100 mm
L=200 mm
L=300 mm
L=400 mmθu=0.04

Length of column tenon Inter-modular gap

 

 
(a) Comparison of stresses between detailed and simplified FE models  

 
(b) Comparison of stresses between detailed and simplified FE models 

 
(c) Comparison of load-displacement curves of detailed and simplified models 

Detailed FE model (MPa) Simplified FE model (Pa)

Detailed FE model (MPa) Simplified FE model (Pa)

P-Δ curves of corner joint P-Δ curves of middle joint

Sp. No 

Type of 

joint 

Loading 

technique 

Ultimate load 

(Test)/𝑃𝑇𝑒𝑠𝑡(kN) 

Ultimate load 

 (FE)/𝑃𝐹𝐸(kN) 

𝑃𝑇𝑒𝑠𝑡/𝑃𝐹𝐸 

 

S1 Exterior Static 112 118 0.95 

SC1 Interior Static 248 262 0.95 

S2 Exterior Static 183 162 1.13 

SC2 Interior Static 396 392 1.01 

QS1 Exterior QS +ve 81 79 1.02 

  QS -ve -102 -118 0.86 

QSC1 Interior QS +ve 205 261 0.79 

  QS -ve 231 263 1.13 

QS2 Exterior QS +ve 118 121 0.97 

  QS -ve -137 -127 1.07 

QSC2 Interior QS +ve 255 261 0.98 

  QS -ve -305 -260 1.17 

QS3 Exterior QS +ve 161 122 1.32 

  QS -ve -183 -162 1.13 

QSC3 Interior QS +ve 329 391 0.84 

  QS -ve -364 -389 0.94 

QS4 Exterior QS +ve 141 129 1.09 

  QS -ve -168 -169 0.99 

QSC4 Interior QS +ve 377 387 0.97 

  QS -ve -411 -388 1.05 

Mean     1.02 

Cov     0.12 
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5.4. Structural performance of modular units with joint 

 

The overall performance of full-scale single and double modular units was 

studied with varying force scenarios, as shown in Fig. 9. For a single modular 

unit, CBs were connected to the lower component, while, FBs with an upper 

component of joint without GP and intermediate tenons. Whereas, GP was used 

for horizontally connecting double modular units. Boundary conditions were 

applied to the centre of joints by adding reference points. Axial, lateral tension 

and compression or combination of axial, tension, compression forces were ap-

plied on single and double modular units. Axial force ratio of 0.1 was used for 

models SM-2 (single modular unit) and DM-2 (double modular unit), whereas 

0.2 for models SM-3 and DM-3. The trial and error approach was adapted for 

obtaining the lateral elastic-plastic behaviour of modular units. The structural 

behaviours and load-carrying capacity of modular units are shown in Figs. 9 and 

10. It was observed that models SM-3 and DM-3 (with AFR= 0.2, lateral tension 

and compression forces) showed the least load carrying capacity, whereas SM-

6 and DM-6 (with only lateral compression force) showed the maximum bear-

ing capacity. The ductility and load-carrying capacity possessed by double mod-

ular units were found better than the single modular units. Whether it was the 

single modular unit or double modular unit, the decrease in the number of load-

ings on modular units increased stiffness, bearing capacity, and ductility. The 

models observed bending of the column against tenons and beams against bolts, 

as shown in Fig. 2. The initial stiffnesses showed by models SM-1, SM-2, SM-

3, SM-4, SM-5 and SM-6 were found increasing with order of 0.76, 0.76, 0.76, 

1.05, 1.05 and 2.2 kN/mm, while, DM-1, DM-2, DM-3, DM-4, DM-5, DM-6 

with 1.5, 1.5, 1.5, 2.0, 2.0 and 4.2 kN/mm. Bolts due to bending of beams faced 

shear stresses near heads, and beams faced bearing stresses against lateral dis-

placement. Simultaneously, loss of stiffness was much obvious in single modu-

lar units, but double modular units showed force distribution among other struc-

tural members that highly increased the ductility performance. Similar structural 

behaviour was shown by SM-4 and SM-5, and DM-4 and DM-5. Nonlinearity 

in load-carrying behaviour was mainly due to a stress accumulation in CB and 

beam bolts. 

 

 

Fig. 9 von Mises stress distribution in single and double modular units 

 

 

Fig. 10 Load-displacement curves of single and double modular units 

 

5.5. Structural performance of a multi-storey MSB  

 

In order to analyse the seismic performance of a developed MSB, a four-

storey simplified building with twelve modular units was considered. As shown 

in Fig. 10, to study the seismic behaviour of MSB, ground motion accelerations 

of real earthquakes (scaled at 1/10th of real time) obtained from “PEER Strong 

Ground Motion Databases” were used for both along longer and shorter direc-

tions, as shown in Fig. 11 and 12(a). The details of applied ground motions in 

the current study are listed in Table 4. Edges of the columns (top and bottom) 

and adjacent modules were connected by coupling constraint. The rotation was 

released in all directions, whereas movement was fixed in all other directions 

except in the direction of the application of ground motions, as shown in Fig. 

12(a).  

For studying the seismic performance of MSB, two analyses were per-

formed. Initially, eigenanalysis was carried out to find the natural frequency of 

various modes of the structure. Then dynamic implicit solver was used for stud-

ying the seismic behaviour of structure against accelerations of listed earth-

quakes. For damage in a structure, 5% damping (𝜉 =  0.05) was considered to 

find the damping coefficients, i.e., 𝛼= Mass proportion damping and 𝛽= Stiff-

ness proportion damping. Using Eq.5, natural frequencies obtained from the lin-

ear perturbation analysis at lower modes, i.e., 1st and 3rd modes, were used to 

find 𝛼 and 𝛽. The calculated damping parameters (𝛼, 𝛽) were inputted in the 

material properties, and dynamic analysis was carried out using a dynamic-im-

plicit solver. The same procedure was adapted for both longer and shorter di-

rections. The inter-storey drift ratio, which is the normalization of the difference 

of lateral displacement of consecutive floors by the storey height, is the best 

response parameter for studying the damage of buildings [37]. The IDRs ob-

tained with the response to various ground motions were compared with the 

allowable code limit (UBC-97) of 2.5% to examine the stability of MSB [38,39]. 

The IDRs obtained at each level and along both directions were represented in 

the Fig. 12(b). The pattern of IDRs along a shorter frame system was uniform 

with the longer frame system. In contrast, the average IDRs along a longer sys-

tem were found averagely slightly larger than along a shorter system. The com-

parison of IDRs along both directions of frame systems was found lesser (0.3%) 

than the specified code limit of 2.5%, which ensured the safety of MSB with the 

(a) SM-1 (b) SM-2

(c) SM-3 (d) SM-4

(e) SM-5 (f) SM-6

(g) DM-1 (h) DM-2

(i) DM-3 (j) DM-4

(k) DM-5 (l) DM-6

(a) (b)

(c) (d)
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developed joint. The distribution of IDRs along the height and horizontal direc-

tions of the frames varied with each record in terms of amplitude and peak 

ground acceleration but they followed a very similar pattern.   

 

𝜉𝑥 =
𝛼

2𝜔𝑛𝑖

+
𝜔𝑛𝑖

2
𝛽 (5) 

 

where, 𝜉𝑥= Damping (5%); 𝛼= Mass proportion damping; 𝛽= Stiffness pro-

portion damping, and 𝜔𝑛𝑖= Natural frequency at 𝑖𝑡ℎ mode. 

 

 

Fig. 11 Scaled earthquake records considered in the study (1/10th) 

 

(a) Arrangement of spring connectors in PFMS frame system

 

(b) Inter-storey drift ratios against various ground motions 

Fig. 12 Structural performance of MSB with novel joint 

 

Table 4 

Record of considered ground motions 

S.No Station 

No 

Earthquake 

name 

Station 

name 

Time 

(Year) 

Mw PGA 

(g) 

Duration 

(sec) 

1 56 Tabas, Iran Bajestan 1978 7.35 0.029 39 

2 430 Mammoth 

Lakes-06 

Benton 1980 5.94 0.064 26 

3 437 Mammoth 

Lakes-06 

Bishop  1980 5.94 0.083 26 

4 416 Morgan 

Hill 

Gilroy  1984 6.19 0.11 30 

5 13 Spitak, 

Armenia 

Gukasian 1988 6.77 0.12 20 

6 25 Landers Lucerne 1992 7.28 0.82 48 

7 600 Kocaeli, 

Turkey 

Arcelik 1999 7.51 0.08 30 

8 709 Kocaeli, 

Turkey 

Duzce 1999 7.51 0.21 27 

9 1144 Kocaeli, 

Turkey 

Yarimca 1999 7.51 0.24 35 

 

6.  Standard design and analysis approaches 

 
For the detailed study on the structural performance of the modular frame 

system with developed joint, various standard analysis and design approaches 

were adopted. Material and sectional properties used in the FE analysis were 

chosen from experimental data [31,32]. The tenons in the joint were the main 

component for supporting columns and horizontally connecting modular units. 

The effect of tenon’s length on overall structural performance and loading ca-

pacity was found evident. To evaluate the suitable length of tenon, the structural 

performance of the exterior corner connection with 1/10th, 1/5th, 1/3rd, and 1/2nd 

of column’s length was studied. The study revealed that tenon showed an ap-

parent increase in load-carrying capacity, but an increase in strength decreased 

from 50 to 14% as length increased from 100 to 400 mm. In accordance with 

the detailed analysis, the length of tenon was initially fixed for studying the 

performance of full-scale modular units. The purpose of nonlinear static analy-

sis on joint and modular units was to obtain the forecasted lateral load-carrying 

capacity and failure pattern, and to provide relevant design recommendations. 

To obtain more realistic structural performance of modular units with the joint, 

performance of single and double modular units against various types of load-

ings was studied. The comprehensive study on structural performance suitably 

explained the behaviour, a structure may show with a developed joint. It was 

observed that beams and bolts controlled the failure behaviour; therefore, an 

appropriate design of edge distances and size or the number of bolts was needed.  

To study the dynamic response and realistic seismic performance of MSB, 

ground motions of various catastrophic earthquakes were used in dynamic anal-

ysis. The simplified form of a joint (as discussed in section 5.3) with great ac-

curacy made it easy to fully forecast the performance that a structure shows with 

such bolted joints in real earthquake situations. To study the stability effect, 

dynamic analysis was carried out on both horizontal directions of the frame sys-

tem of MSB to find out important damage response parameters, i.e., IDR. The 

IDRs validated the safe behaviour showed by a low-storey MSB. The ap-

proaches adopted in analysis and design are shown in Fig. 6(b). 

 

7.  Discussions 

 

Previously noted studies emphasized the importance of joints to resist lat-

eral forces to ensure the integral and stable nature of MSB during catastrophic 

situations [12,13,20]. Therefore, in the current study, a new-type of the bolted 

joint was established, as shown in Fig. 1. The lateral bending performance of 

joints in terms of moment bearing capacity is presented in Fig. 7. The lateral 

load-carrying capacity showed by the joints was found comparatively better 

(a) Bajestan_Tabas, Iran (b) Benton_Mammoth Lakes-06

(c) Bishop_Mammoth Lakes-06 (d) Gilroy_Morgan Hill

(e) Gukasian_Spitak, Armenia (f) Lucerne_Landers

(g) Arcelik_Kocaeli, Turkey (h) Duzce_Kocaeli, Turkey

(i) Yarimca_Kocaeli, Turkey

Longer direction frame system of MSB Shorter direction frame system of MSB
6 m

2.9 m

2.9 m

2.9 m

2.9 m

3.6 m 3.6 m 3.6 m

Connectors

Coupling constraint

50 mm

Four-storey MSB with loadings and B.Cs 

Along shorter direction of MSBAlong longer direction of MSB
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than the joints proposed earlier [40,41]. According to the previous work done 

on the beam-column joints, joints with a plastic rotation angle greater than 0.032 

rad were considered suitable and recommended in strong seismic zones [42]. 

Whereas, as per the seismic provisions provided by the American institute of 

steel construction (AISC), the minimum plastic rotation angle accumulation 

showed by the joints in special moment frames (SMF) must be greater than 0.04 

rad [43]. It was observed that the developed joints (corner with 0.062 and middle 

with 0.053 rad) fulfilled the requirements of high seismic performance and can 

be applied as a lateral force-resisting system in MSB. The length of column 

tenons played a significant role in regulating the seismic performance joints (i.e., 

strong columns-weak beams and plastic rotation ≥ 0.04 rad), while, increasing 

the inter-modular gap possessed a nonapparent role, as shown in Fig. 7. The 

strength, i.e., 0.25MP ≤ Mj ≤ MP  and stiffness classification criteria, i.e., 

0.5EIb/Lb ≤ Sji ≤ 25EIb/Lb  for semi-rigid joints were listed in several studies 

[44–46]. The corner joint having single FB behaved as semi-rigid joint with 

strength > 0.5MP (i.e. 88.8 kNm) and rotational stiffness > 0.5EIb/Lb (i.e. 2749 

kNm/rad), while, middle joint having two FBs showed strength > 0.5MP (i.e. 

177 kNm) and rotational stiffness > 0.5EIb/Lb (i.e. 5498 kNm/rad). Therefore, 

the developed joint validated the previously reported research regarding semi-

rigid conditions. 

Previously, other researches showed the performance of individual and 

combined modular units with shear walls. They studied the effect of different 

loading scenarios and opening in walls on the stiffness of MSB. Still, less im-

portance was paid to the contribution of joints in the overall performance of 

modular units, i.e., single and double with axial, lateral tension, and compres-

sion loads [47,48]. The information obtained from detailed bending perfor-

mance showed that the joint in a single modular unit possessed the tendency to 

bear lateral loads with proper utilization of the strengths of members. The in-

crease in capacities and stiffnesses of double modular units authenticated the 

fact that the load was bored and after the accumulation of plastic deformation, 

load and stresses were effectively transferred to the members of adjacent mod-

ular. Few kinds of research were reported on the seismic response of simplified 

low-storey MSB [6,8,27]. It was stated that MSB possessed better seismic re-

sponse in terms of base shear and IDR (< 0.5% for 0.3g and < 1% for 2.0g in 

four-storey MSB) due to more number of structural members compared to the 

traditional steel buildings [15,27]. In the current study, the IDRs along both di-

rections showed by four-storey low-rise MSB exhibited variation with each rec-

ord based upon their amplitude and peak ground acceleration, but followed a 

very similar pattern, found in previous researches. The peak IDRs of < 0.3% 

showed by MSB in both directions against ground motions of highest (0.82g), 

median (0.24g), and lowest (0.029g) peak ground acceleration (PGA) were in 

good compliance with the reported work and code limits (< 2.5%). 

 

8.  Conclusions 

 

This study aimed to analyse the structural behaviour of MSB with a new-

type of the bolted joint. The frame system included the HSS column, FB, CB, 

GP, CP, and bolts made of Q345B steel, while, joint with ZG35. The function 

of GP in the corner modular system was to vertically separate the modular units, 

whereas, besides, vertical separation to keep modular units intact in the middle 

and interior frames horizontally. The nonlinear static analysis on the joint and 

modular units, while, dynamic analysis on full-scale MSB were performed. 

Discussions were made on the structural performance of joint, modular units, 

and full-scale four-storey MSB. The focus of the study was to observe the 

seismic behaviour of joint, modular units, and MSB using FE software, 

ABAQUS. The following conclusions were drawn from the FE analyses;  

1) The validity of the FE models was accurately proved by comparing the 

bending results of twelve test specimens of joints with the results obtained from 

FE analysis.  

2) Both corner and middle joints showed high bearing capacity, ductility, 

and satisfactory seismic performance, i.e., strong columns-weak beams and 

accumulation of plastic rotation angle greater than 0.04 rad. Although, length of 

column tenon showed fundamental effects on the capacities and failure behavior 

of models, effects showed by the inter-modular gap were nonapparent.  

3) Simplified models of the connector and beam-elements accurately 

predicted the structural behaviour and moment-bearing capacities of detailed 

joints with the least error tolerance of < 4%. Simultaneously, the computational 

time and efforts were reduced to 90%.  

4) Nonlinear static analysis on full-scale single and double modular units 

with different loading scenarios showed that double modular units possessed 

better ductile behaviour, bearing capacity, and initial stiffness compared to 

single modular units. The joint evidently showed a good tendency of the 

distribution of loads among connected structural components and prevented 

premature failure. In contrast, an increase in the number of loadings decreased 

the capacity of modular units.  

5) Seismic response of four-storey MSB in both horizontal directions 

revealed that the values of average IDRs along the longer direction of the 

building were slightly more significant than the shorter direction. Still, both 

were under the code limit of 2.5%, which satisfied the safety requirements of 

low-rise MSB with the developed joint. 
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List of notations 

 

𝜎𝑇= True stress 

𝜎𝐸= Engineering stress 

𝜀𝐸= True strain 

𝜀𝑇=Engineering strain 

𝐸𝑠= Modulus of elasticity of steel 

𝑁= Axial force 

𝐴𝑠= Area of section 

𝑓𝑡𝑣= Tensile strength of the bolt 

𝜔𝑖= Scale factor 

 𝜑𝑖= 𝑖𝑡ℎ mode 

𝑀𝑃= Plastic moment of the beam 

𝑃= Force of pretension in the bolt 

𝐴𝑒= Effective area of a bolt 

P= Lateral load 

∆= Lateral displacement 

𝜃= Angle of rotation 

𝐸𝑠= Elastic modulus of steel 

𝜇= Frictional coefficient 

𝑃𝑇𝑒𝑠𝑡= Ultimate load resisted by a test specimen 

𝑃𝐹𝐸= Ultimate load resisted by the FE model  

𝜉𝑥= Damping (5%) 

𝛼= Mass proportion damping 

𝛽= Stiffness proportion damping  

𝜔𝑛𝑖= Natural frequency at 𝑖𝑡ℎ mode 

𝑆𝑗𝑖= Rotational stiffness (kNm/rad) 

𝑀𝑗= Bending strength at the top of a column 

 

Abbreviations 

 

PFMS, Prefabricated modular steel; FE, Finite element; FB, Floor beam; 

Cov, Coefficient of variation; CB, Ceiling beam; HSS, Hollow structural section; 

CP, Cover plate; FS, Floor stringer; CS, Ceiling stringer; GP, Gusset plate; AFR, 

Axial force ratio; MSB, Modular steel building; IDR, Inter-storey drift ratio. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study investigated the seismic performance of concrete-filled steel tube frames with external wall panels via 

experimental research, numerical and theoretical analysis. Pseudo-static tests were first performed on five concrete-filled 

steel tube frame specimens. The failure mode, hysteretic performance, stiffness degradation, strength degradation, ductility 

coefficient, and energy dissipation capacity in the essential components of the structural system were analysed. Besides, 

finite element analysis was then used to simulate the seismic performance of the specimen, and the predicted results were 

compared with the test results. A parametric analysis was then conducted to study the influence of the strength of the 

materials and the relative size of the wall openings on the structural system of the specimens. Finally, the numerical and 

experimental results were compared. The following results were obtained based on the observed failure modes of the 

specimens: (1) each specimen exhibited good seismic performance and safety reliability, (2) external wall panels improved 

the elastic stiffness and ultimate bearing capacity of concrete-filled steel tube frames, (3) the four-point support method 

effectively controlled the wall-plate displacement mode, and (4) the degree of horizontal constraint at the upper support 

joint connectors significantly affected the wall-plate displacement mode. 
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1.  Introduction 

 

Due to rapid social and economic growth and the implementation of 

industrialised construction in China, pre-fabricated buildings have been 

widely constructed. However, pre-fabricated buildings possess certain 

inherent defects that can have fatal consequences, e.g., weak integrity and 

poor seismic performance. Investigations following an earthquake 

revealed that the crumbling and destruction of the building envelope was 

one of the main causes of deaths and injuries. Therefore, while introducing 

steel structures, steel-concrete composite structures and other new 

structures systems into the pre-fabricated buildings, it is also important to 

conduct research on the seismic behaviour of pre-fabricated structural 

components such as concrete-filled steel tubes (CFSTs) and sandwich 

composite wall panels (SCWPs), as well as the envelope structure SCWPs 

constitute.  

The SCWP is composed of two outer reinforced concrete (RC) layers 

a core insulation layer, and the connectors which linked the two RC layers. 

These panels do not require a secondary insulation layer structure and 

have excellent economic, social, and environmental benefits. Hence, 

SCWPs are expected to become the future building blocks of wall 

structures. However, further research is needed to study the reliability of 

the connection between SCWPs and the main structure. To this end, 

Markulak et al. performed tests on various types of masonry embedded in 

H-shaped steel frames [1]. Benayoune et al. conducted both experimental 

and theoretical studies on the structural behaviour of precast concrete 

sandwich panels under flexural and axial loads [2-4]. Darzi et al. 

investigated the flexural stiffness and ultimate load capacity of novel 

ultralight composite sandwich panels made of plywood faces and bamboo 

or peeling cores [5]. Li and Dong studied the shear-resistance behaviour 

of a light composite shear wall [6]. Huang and Dai conducted a four-point 

bending test to investigate the flexural performance of the fiber reinforced 

polymer (FRP) connector enabled precast geopolymer concrete sandwich 

panel [7]. Xu and Li described quasi-static tests and simulations of both 

cast-in-situ and precast concrete sandwich walls [8]. 

The behaviour of CFST frame components has also been the subject 

of investigation. Han et al. described the behaviour of CFSTs under axial 

tension [9]. Moon et al. proposed a simplified model for the bending 

behaviour of CFSTs [10]. Pagoulatou et al. conducted a finite element 

analysis and investigated the compression behaviour of circular concrete-

filled double-skin steel tubes [11]. Lastly, Agheshlui et al. studied the 

tensile behaviour of groups of Ajax-anchored blind bolts used within 

square CFST sections [12]. 

Extensive research has been conducted on the hysteretic behaviour of 

CFSTs with SCWPs. Wang et al. conducted experiments on CFST frames 

with external SCWPs and studied the seismic behaviour of blind-bolted 

CFST frames infilled with precast SCWPs under various parameters [13]. 

Fang performed shaking-table tests and studied the destruction properties 

of autoclaved lightweight aerated concrete (ALC) external walls [14]. Ma 

and Jiang investigated the seismic performance of a new environmentally 

friendly gypsum–concrete composite interior wallboard and demonstrated 

its excellent seismic behaviour; they also found that the ductility of the 

proposed green wallboard was better than that of a conventional steel 

reinforced concrete wallboard [15]. Tasnimi and Mohebkhah studied the 

in-plane seismic behaviour of steel frames infilled with clay brick 

masonry and openings [16]. Hou et al. investigated the seismic behaviour 

of H-shaped steel frames with embedded lightweight infill wall panels 

[17,18]. Hashemi et al. also conducted cyclic loading tests on steel frame 

infill walls and explored the influence of the walls on the behaviour of the 

main structure [19]. Finally, Wang et al. explored the failure modes of and 

interaction between ALC walls and CFST frames under seismic loading 

tests [20,21]. 

The present study considered a wall panel joint utilising a four-point 

support flexible connection form to connect a precast concrete SCWP to 

a CFST frame. A pseudo-static test was then performed on the overall 

CFST frame. Simultaneously, the inter-laminar displacement mode of the 

external SCWP was analysed during the test, and the influence of the 

connecting bolt type on the overall seismic performance was studied. 

 

2.  Experimental program 

 

2.1. Design of specimens 

 

The main control parameters of the test included the presence or 

absence of an external SCWP in the frame, the steel beam span, the SCWP 

size, the size of the wall opening area, and the bolt type in the upper 

support joints. Five full-scale, single-floor, single-span frame specimens 

were designed, of which two were empty frames (KJ1 and KJ3) and three 

of which were CFST frames with external SCWPs (KJ2, KJ4, and KJ5). 

The steel used in the test was Q345B. The frame columns were square 

CFSTs with cross-sectional dimensions of 200 mm × 200 mm × 10 mm, 

3100 mm long, and filled with C30 concrete. The H-section beams were 

designed with cross-sectional dimensions of 300 mm × 180 mm × 6 mm 

× 10 mm. The beam–column joints adopted a bolted-welded hybrid 

connection; in other words, the beam flange was welded to the outer 

diaphragm of the CFST column, and 10.9-grade M20 high-strength bolts 

were used to connect the beam web to the column. The thickness of the 

SCWPs was 150 mm. The core thermal insulation layer was a 50 mm thick 

extruded polystyrene board, which was sandwiched between the 50 mm 

thick C30 reinforced concrete slabs. The surface layer of the SCWP was 

embedded with a steel reinforcing mesh of Φ6 @ 150, and a vertically 

arranged steel truss was connected to the steel mesh to form a steel mesh 

reinforcing skeleton. The main connections between the external wall 
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panel and the main frame consisted of two upper and two lower 

connection joints; the lower joints were mainly used for bearing the load 

and the upper joints were mainly used for reducing the displacement of 

the wall. The external SCWP was placed vertically on the supporting plate 

of the lower joints and was connected to all four joints using bolts. Except 

for the upper joints of KJ4, which were connected to the bottom flange of 

the steel beam using ordinary 4.8-grade bolts, all joints were connected 

using 10.9-grade M20 high-strength bolts. Details of the test specimens 

are shown in Fig. 1, and the investigating parameters can be seen in Table 

1. 

 
Table 1 

Parameters of test specimens 

Specimen 

Beam 

length 

L 

(mm) 

Wall size 

(mm) 

Opening 

size (mm) 

Relative 

opening 

area (%) 

Upper 

joint bolt 

type 

KJ1 2000 — — — — 

KJ2 2000 1880 × 2920 600 × 1500 16.4 

High-

strength 

bolts 

KJ3 2800 — — — — 

KJ4 2800 2760 × 2920 600 × 1500 11.2 
Ordinary 

bolts 

KJ5 2800 2760 × 2920 600 × 1500 11.2 

High-

strength 

bolts 

 

 

(a) KJ1                  (b) KJ2 

 

(c) KJ3                           (d) KJ4 

  

(e) KJ5                 (f) Details of beam–column joints 

 

 

(g) Details of support joint connectors 

Fig. 1 Specimen details (units: mm) 

 

2.2. Cyclic loading apparatus 

 

A hydraulic servo actuator (MTS, Inc.) was used to perform pseudo-

static load to the specimens. One end of the actuator was fixed to a 

reaction wall, and the other end was connected to the test specimen 

through a loading head. The column base was connected to a steel pier, 

and this steel pier was anchored to the ground using anchor rebar. The 

column was fixed by the ground beam and the hydraulic jack to ensure 

that the rigid foundation would constrain the bottom of the column. 

Simultaneously, four constraining pull rods were located on each side of 

the specimen to ensure the stability of the entire frame during horizontal 

reciprocating loading. The arrangement of the experimental apparatus is 

shown in Fig. 2, and images of the test setup are shown in Fig. 3. 

Before each specimen was formally loaded, a 5-mm lateral 

displacement was applied to the specimen by the actuator, then this 

displacement was reversed to -5 mm. This cycle was conducted twice to 

confirm that the loading system and measuring devices were well worked. 

All specimens were tested under low-cycle horizontal loads in accordance 

with ATC-24 guidelines [22], as illustrated in Fig. 4. The actuator applied 

a low-cycle reciprocating lateral displacement to each test specimen at a 

speed of 0.5 mm/s. The displacement Δy at the yield point was considered 

as the control displacement (Δy for all the test specimens was 12 mm). 

Before each test specimen yielded, the loading amplitude was controlled 

at levels of 0.25Δy, 0.5Δy, and 0.7Δy, each of which was cycled twice. 

After the test specimens reached the yield point, loading levels of 1Δy, 

1.5Δy, 2Δy, 3Δy, 5Δy, 7Δy, and 8Δy were applied. The first three levels 

(1Δy, 1.5Δy, and 2Δy) were cycled three times, and the remaining levels 

were cycled twice. 
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Fig. 2 Experimental setup 

 

             

(a) KJ1      (b) KJ2 

                    

(c) KJ3      (d) KJ2 

 

(e) KJ5 

Fig. 3 Test setup photographs 
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Fig. 4 Loading history 

 

2.3. Layout of strain gauges 

 

The following measurement parameters were determined based on the 

objective of this experimental research: 

(1) Load and displacement at the test specimen loading position: 

During the test, the servo-hydraulic machine automatically collected the 

horizontal load (P)–horizontal displacement (∆) data. 

(2) Strain in key parts: A multifunctional static strain test system 

(JM3813) was used to record the strain in the test specimen during the test. 

Strain gauges were installed on three parts of the specimen: the steel frame, 

wall panel, and the support joint connectors. The numbers and locations 

of the strain gauges are shown in Fig. 5. 

 

 

(a) Layout of strain gauges on CFST frame 

  

 (b) Layout of strain gauges on panels 

 

 

(c) Layout of strain gauges on upper connectors  

 

(d) Layout of strain gauges on lower connectors 

Fig. 5 Layout of strain gauges 
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3.  Experimental observations 

 

3.1. Specimen KJ1 

 

KJ1 was a pure square CFST frame with no SCWP. The specimen 

exhibited a high level of integrity and ductility as the applied displacement 

increased. When the column-end displacement reached 60 mm in the first 

5Δy cycle, the weld in the bottom flange of the steel beam began to crack. 

The flanges at both ends of the steel beam were considerably buckled at 

96 mm. Furthermore, the weld in the bottom flange at the right end of the 

steel beam was severely torn. The test was stopped when the bottom 

flange of the steel beam exhibited weld fracture. The failure mode of 

specimen KJ1 is shown in Fig. 6. 

 

    

(a) Buckling in top flange    (b) Buckling in bottom flange 

     

(c) Weld fracture in bottom flange         (d) Weld fracture in bottom flange 

Fig. 6 Failure modes of beam in specimen KJ1 

 

3.2. Specimen KJ2 

 

KJ2 was a CFST frame with an external SCWP. The specimen was 

well-stressed in the first and middle stages of the test load, and no apparent 

yielding or failure occurred. During this period, a faint sound of friction 

and squeezing of the steel was heard, indicating that a slight slippage of 

the specimen had occurred. When the displacement reached 60 mm in the 

first 5Δy cycle, cracks appeared in the panel opening, the top flanges of 

the steel beam buckled slightly, the lower left corner of the wall panel 

separated from the lower support joint connector bracket, and the lower 

left joint bolt slid upwards in its vertically oblong hole. When the column-

end displacement reached the first 7Δy cycle, the top flanges at both ends 

of the steel beam buckled considerably; moreover, cracks appeared at the 

four corners of the wall panel opening and gradually extended towards the 

joint. The connecting bolt of the lower right joint was cut off at -62 mm 

in the first 7Δy cycle, and an instantaneous displacement occurred 

between the wall panel and the frame. Thereafter, the test was terminated. 

The failure modes of specimen KJ2 are shown in Fig. 7. 

 

      

(a) Buckling in top flange  (b) Buckling in top flange 

   

(c) Separation from connector     (d) Shearing of bolts 

          

(e) Cracks around panel opening          (f) Cracks around panel opening 

 

(g) Cracking of concrete around lower connectors 

Fig. 7 Failure modes of specimen KJ2 

 

3.3. Specimen KJ3 

 

KJ3 was a pure square CFST frame. The specimen exhibited good 

integrity and ductility with the increase of the applied displacement. When 

the displacement reached 60 mm, the bottom flange at the left end of the 

steel beam began to buckle, and a slight tearing sound was heard from the 

weld. Similarly, when the applied displacement reached -60 mm in the 

first 5Δy cycle, the top flange at the left end of the steel beam buckled. 

When the loading reached 84 mm in the first 7Δy cycle, the weld at the 

bottom flange at the right end of the steel beam was torn. Similarly, when 

the loading reached -84 mm in the first 7Δy cycle, the weld in the bottom 

flange at the left end of the steel beam was torn. After two cycles of 9Δy 

loading, the welds at both ends of the beam were damaged considerably, 

and severe flange buckling occurred. The loading was then stopped. The 

failure modes of specimen KJ3 are shown in Fig. 8. 

 

    

(a) Buckling in bottom flange    (b) Buckling in top flange 
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(c) Weld fracture in bottom flange    (d) Weld fracture in top flange 

Fig. 8 Failure modes of beam in specimen KJ3 

 

3.4. Specimen KJ4 

 

KJ4 was a CFST frame with an external SCWP. The test specimen 

was well-stressed in the first and middle stages of the test load, and no 

apparent yielding or failure occurred. During this period, a slight sound of 

friction and squeezing of the steel was heard, indicating that slight 

slippage of the specimen had occurred. When the loading reached 36 mm 

in the first 3Δy cycle, the upper support joint bolts slid in their holes, and 

small cracks developed on the inner face of the wall panel at the corners 

of the opening. The cracks gradually extended towards the joints and the 

right end of the wall panel was slightly lifted away from the lower joint 

plate at -60 mm. When the applied displacement reached 84 mm in the 

first 7Δy cycle, oblique cracks appeared on the exterior surface of the wall 

panel at the four corners of the opening. Cracks appeared in the concrete 

at the embedded parts of the lower support joints of the wall panel, and 

the sliding of the bolts in the vertically oblong hole of the lower support 

joints was restricted. The connecting bolt of the joint was cut off at -78 

mm in the first 7Δy cycle, and an instantaneous displacement occurred 

between the wall panel and the frame. The failure modes of specimen KJ4 

are shown in Fig. 9. 

 

    

(a) Cracking around panel openings (b) Sliding of upper connector relative to steel beam 

        

(c) Cracking of concrete around connectors   (d) Sheared connector bolt 

Fig. 9 Failure modes of specimen KJ4 

 

3.5. Specimen KJ5 

 

KJ5 was a CFST frame with an external SCWP. The test specimen 

was well-stressed in the first and middle stages of the test load, and no 

apparent yielding or failure occurred. During this period, a slight sound of 

friction and squeezing of the steel was heard, indicating that the specimen 

had slightly slipped. When the applied displacement reached 60 mm in 

the first 5Δy cycle, slight cracking occurred on inner surface of the 

concrete at the upper left and lower right corners of the wall panel opening 

that gradually extended towards their respective joints, the left end of the 

wall panel was slightly lifted away from the lower support joint connector, 

and the lower support joint was vertically elongated. The lower support 

joint connector bolts accordingly slid upwards, and the wall panel and 

lower right joint connector plate were squeezed together, cracking the 

former. Similarly, when the displacement reached -60 mm, small-scale 

concrete cracking occurred in the wall that progressively extended 

towards the joints; moreover, the right end of the wall panel was slightly 

lifted away from its lower support joint plate. The lower right connector 

bolt slid upwards in its hole, and the wall panel and the support plate of 

the lower left joint were squeezed together, cracking the former. When the 

loading reached 76 mm, the lower right support joint connector bolt was 

sheared, and an instantaneous displacement occurred between the wall 

panel and frame. Similarly, when the applied displacement reached -60 

mm, the upper support joint connector bolts were sheared, and the panel 

exhibited an out-of-plane inclination. The failure modes of specimen KJ5 

are shown in Fig. 10. 

 

    

(a) Cracking in panel openings     (b) Cracking in panel openings 

    

(c) Cracking of concrete at connectors    (d) Cracking of concrete at connectors 

    

(e) Cracking in wall panel embedded parts      (f) Sheared connector bolt 

Fig. 10 Failure modes of specimen KJ5 

 

4.  Analysis of experimental results 

 

4.1. Analysis of hysteresis curve 

 

The measured P–Δ hysteresis curve for each specimen is shown in Fig. 

11, from which the following conclusions were drawn: 

(1) When the displacement magnitude was small in the early part of 

the test, the loading and unloading curves coincided and passed through 

the zero point without any reduction in stiffness. The residual 

deformations of the test specimens were small, and the specimens were in 

the elastic stage. As the displacement increased, an apparent rheostriction 

manifested in the curves, reflecting the aforementioned slide in the test. 

The slopes of the loading curves changed only slightly at this time; 

however, the slopes of the unloading curves decreased considerably, and 

the specimens exhibited some residual deformation. The main frames 

entered the elastoplastic stage; the overall stiffness gradually deteriorated; 

and the energy dissipation of the specimens gradually increased. 

(2) KJ2, KJ4, and KJ5, which had external SCWPs, exhibited a 
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considerably higher initial elastic stiffness than KJ1 and KJ3 (without 

external wall panels), and reached the limit state earlier. The wall panels 

were damaged before the frames, indicating that the overall structural 

stiffness of the frames was improved by the SCWPs. 

(3) The hysteresis curves of KJ2, KJ4, and KJ5 all fluctuated 

considerably in the final loading cycle. Because the connecting bolts 

between the upper support joint and wall panel were sheared, the wall 

panel suddenly shifted relative to the frame, causing the sustained load to 

decrease. This indicates that the upper support joint connector is an 

essential force-bearing component that affects the ultimate bearing 

capacity of the entire specimen. 

(4) The shear failure of the upper support joint bolts of KJ4 and KJ5 

occurred at approximately 7Δy and 5Δy, respectively. The presence of the 

wall panel was conducive to energy consumption and shock absorption, 

and delayed the onset of damage to the test specimen. Hence, the seismic 

performance of the overall structure was improved to a certain extent. 

The horizontal P–Δ envelope curve was plotted for each specimen 

from the peak load points in each cycle of its hysteresis curve (Fig. 12). 

Because the obtained envelope curves exhibited no obvious yield point, 

the universal yield moment method was applied to identify the 

characteristic values [23], including the yield, limit, and failure points. 

The method can be explained in detail using Fig. 13. In the figure, the 

tangent OH of the skeleton curve passing through the origin O and the 

horizontal line of the extreme load point G intersect at point H. The 

vertical line passing through H intersects point I on the P–Δ curve; the line 

obtained by extending OI intersects HG and passes through H0; and the 

vertical line passing through H0 intersects point B, which is the assumed 

yield point. Therefore, it was assumed that the descending and ascending 

sections of the skeleton curve were bilaterally symmetrical about the peak 

point. When calculating the eigenvalues, the measured points had to be 

curve-fitted to obtain the skeleton curve model. The characteristic values 

are shown in Table 2. The specimens with external SCWPs yielded and 

failed earlier than the empty-frame specimens, and their yield points were 

closer to the limit point. However, the specimens with external SCWPs 

exhibited a higher load carrying capacity, indicating that the external 

SCWPs reduced the overall ductility of the frame while improved the load 

carrying capacity. At the same column displacement, the load on KJ2 was 

higher than that on KJ1, and the loads on KJ4 and KJ5 were higher than 

that on KJ3. These results demonstrate that the external SCWP improved 

the overall rigidity of the CFST frame but had negligible effect on its 

bearing capacity. 
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(e) KJ4                         (f) KJ5 

Fig. 11 Load (P)–displacement (Δ) hysteresis curves of specimens 
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(a) KJ1 and KJ2                 (b) KJ3, KJ4, and KJ5 

Fig. 12 Load (P)–displacement (Δ) envelope curves of specimens 
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Fig. 13 General yield bending moment method 

 

Table 2 

Characteristic values of specimen load–displacement skeleton curves 

Specimen 

Yield point Limit point Failure point 

yD  

(mm) 

yP  

(kN) 
maxD  

(mm) 
maxP  

(kN) 

uD  

(mm) 
uP  

(kN) 

KJ1 (-) 

KJ2 (-) 

KJ3 (-) 

KJ4 (-) 

KJ5 (+) 

77.9 

57.4 

79.9 

66.9 

68.1 

290.0 

321.2 

311.1 

385.9 

370.1 

96.0 

62.4 

96.0 

75.4 

75.9 

312.0 

332.3 

327.6 

396.7 

377.1 

124.4 

75.4 

123.4 

94.5 

95.3 

265.2 

282.4 

278.5 

337.2 

320.5 

 

4.2. Strength degradation 

 

The strength degradation coefficient 
1/i i

i j jF F −=  was used to 

evaluate the strength degradation of cyclically loaded specimens [24]. 

Here, 
i

jF  is defined as the peak load under the i-th loading cycle at the j-

th loading displacement ( y jD D = ), and 
1i

jF −
 is defined as the peak load 

under the i-1th loading cycle at the j-th loading displacement ( y jD D = ). 

The strength degradation coefficients of each specimen were calculated 

from the P–Δ hysteresis curves; the results are shown in Fig. 14. P and N 

in the figure represent the loads in positive and negative directions, 

respectively. Here, no apparent trend of strength degradation could be 

seen in the elastic stage; however, when the specimens were in the 

elastoplastic stage, the strength degradation coefficient gradually 

decreased. The strength degradation coefficients of all specimens were 

less than 1 in most cases, and the variation range was small; this indicates 

that the strength degradation of the specimen was small, and the specimen 

could be stable under the same load at different displacement loading 

cycles. As long as the wall and frame were not separated, the structure 

was still able to effectively resist lateral loads. Moreover, in KJ2, KJ4, and 

KJ5, the upper joint connector bolts were sheared between 5Δy and 7Δy, 

and the load carrying capacity was reduced accordingly. However, the 

coefficient did not decrease significantly at this stage, indicating that the 

cracks in the wall and even the shear failure of the connecting bolts caused 

limited strength degradation, and that the specimen structure remained in 

a relatively stable state. 
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Fig. 14 Coefficient of strength degradation at the same loads 

 

4.3. Stiffness degradation 

 

In this study, the Stiffness degradation was discussed based on the 

secant stiffness. The stiffness degradation coefficient is defined by the 

following equation: 

 

i

i i

i

i

F F
K

X X

+ + −
=

+ + −
, (1) 

 

where 
jF+  and 

jF−  are the forward and reverse peak loading values, 

respectively, and under the i-th loading cycle when the horizontal 

displacement (  / yD D ) is equal to I, and jX+ and
jX− are the i-th positive 

and negative peak displacements, respectively.  

The stiffness degradation coefficient Ki corresponding to loading stage is 

shown in Fig. 15. The values at the elastic and failure stages were 

respectively 4.70–5.22 and 3.09–4.80 kN/mm for specimen KJ1, 5.68–

8.83 and 4.36–5.86 kN/mm for specimen KJ2, 3.38–5.13 and 2.80–3.62 

kN/mm for specimen KJ3, 5.16–7.82 and 4.09–5.86 kN/mm for specimen 

KJ4, and 5.00–7.70 and 3.33–5.40 kN/mm for specimen KJ5. It can be 

observed in Fig. 15 that the stiffness degradation curve of each specimen 

roughly follows the same trend: the failure stiffness of the specimen first 

decreases rapidly, then gradually stabilises, and finally decreases again. A 

comparison of the stiffness degradation curves of the specimens indicates 

that the stiffness of the CFST frame was enhanced by the installation of 

the SCWP. 
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Fig. 15 Relationship between secant stiffness 

iK  and its corresponding loading stage 

 

4.4. Analysis of load carrying capacity and ductility 

 

Ductility is an essential characteristic in the seismic design of a 

structure. It is usually evaluated by the ductility coefficients of the linear 

and angular displacements. The linear-displacement ductility coefficient 

μ is expressed as  = /u y D D , where ∆y is the yield displacement and ∆u is 

the failure displacement. The angular-displacement ductility coefficient 

  is defined as  = /u y   , where ( )/uu arctg H D= , 

( )arct /yy g H = D , and H is the storey height. Here, the failure 

displacement Δu is defined as the displacement corresponding to the 

failure load 
max0.85uP P= . The correlation coefficients of the five 

specimens were thus calculated and are listed in Table 3. 

According to the Code for Seismic Design of Buildings (GB50011-

2010) [25], the limit of the elastic inter-storey horizontal drift angle of a 

high multi-storey steel structures [θe] is 1/250 ≈ 4 mrad and the limit of 

the elastoplastic inter-story horizontal drift angle [θp] is 1/50 ≈ 20 mrad. 

As seen in Table 2, the determined displacement ductility coefficient is 

between 1.31 and 1.41, the elastic-limit displacement angle is between 

6.08 and 6.19 times [θe], and the elastoplastic-limit displacement angle is 

between 1.37 and 1.73 times [θp]. Thus, the ductility of each specimen 

was within the limits specified in the aforementioned code and therefore 

satisfied the seismic requirements. 

 

Table 3 

Ductility coefficients of specimens 

Specimen 
yD

(mm) 

uD

(mm) 

y

(mrad) 

u

(mrad) 

  
  

KJ1 

KJ2 

KJ3 

KJ4 

KJ5 

77.9 

57.4 

79.9 

66.9 

68.1 

124.4 

75.4 

123.4 

94.5 

95.3 

28.32 

20.87 

29.05 

24.32 

24.76 

45.21 

27.41 

44.84 

34.35 

34.64 

1.60 

1.31 

1.54 

1.41 

1.40 

1.60 

1.31 

1.54 

1.41 

1.40 

Note: 
yD  is the yield displacement, 

uD  is the failure displacement, 
y  is the yield 

displacement angle, 
u  is the failure displacement angle,   is the linear-displacement 

ductility coefficient, and   is the angular-displacement ductility coefficient. 

 

4.5. Dissipated energy 

 

The energy dissipation capacity is evaluated using the energy 

dissipation coefficient E or equivalent viscous damping coefficient 
e , 

which can generally be measured using the area enclosed by the P–Δ 

hysteresis curve and calculated by the following formulas: 

 

1

2

ABC CDA
e

OBE ODF

S S

S S




+
=

+
 and (2) 

 

2ABC CDA
e

OBE ODF

S S
E

S S


+
= =

+
, (3) 

 

where SABC and SCDA represent the area of the ABC and CDA regions, 

respectively, and SOBE and SODF represent the area of the OBE and ODF 

regions, respectively, of the P–Δ curve shown in Fig. 16. The equivalent 

viscous damping curves and cumulative energy consumption curves of the 

specimens are shown in Fig. 17 and Fig. 18, respectively. Accordingly, 

the following conclusions were drawn: 

(1) The equivalent viscous damping coefficients were both large at 

the initial stage (before 2Δy) because of slippage and then decreased as 

the various slippages reached their limits. After 2Δy, the damping 

coefficient and energy consumption gradually increased because of the 

concrete cracking, the buckling of the flanges and web of the steel beam, 

and the sliding of the bolts in their holes. 

(2) In the equivalent viscous damping coefficient graph, the curves 

for the specimens with external wall panels were higher than those for the 

empty-frame specimens, indicating that the damage and displacement of 

the wall panels partly affected the overall energy consumption capacity. 

The trends of the coefficient curves were similar, and the value of the 

coefficient of KJ4 was slightly larger than that of KJ5. 

(3) The trends of the cumulative energy consumption curves of all 

specimens were similar. The energy consumption increased slowly before 

3Δy and then increased rapidly. The stage in which the energy 

consumption increased rapidly was correlated with the stage in which 

destruction was observed during the tests. The energy consumption of the 

CFST frame with external wall panels was considerably greater than that 

of the empty-frame specimens, and the energy consumption of KJ4 was 

marginally greater than that of KJ5. 

 

 
Fig. 16 Hysteresis curve 
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(a) KJ1 and KJ2                     (b) KJ3, KJ4, and KJ5 

Fig. 17 Equivalent viscous damping curves 
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(a) KJ1 and KJ2                      (b) KJ3, KJ4, and KJ5 

Fig. 18 Cumulative energy consumption curves 

 

5.  Finite element modelling 

 

After the quasi-static tests of the five specimens, the seismic 

performance of each specimen was analysed based on the observed 

phenomena and obtained data, and corresponding conclusions were drawn. 

To further investigate the mechanical properties and failure modes of the 

specimens under low-cycle reciprocating loads, the ABAQUS software 

was used to conduct non-linear numerical simulation analysis. Thus, 

ABAQUS finite element models were established based on the actual 

dimensions of test specimens KJ1 and KJ2. These models are shown in 

Fig. 19. 

 

  

(a) KJ1 (b) KJ2 

Fig. 19 ABAQUS finite element models 

 

5.1. Material modelling 

 

The finite element analyses included two main constitutive models of 

steel (Fig. 20). One was the secondary plastic flow model that considered 

five stages: the elastic, elastoplastic, plastic, strengthening, and secondary 

plasticising stages. The other model was a bi-linear model that considered 

only the elastic and strengthening stages. In the strengthening stages of bi-

linear model, the post yield stiffness was taken as 0.01Es (where Es is the 

elastic modulus of the high-strength steel) [26-28]. The steel beam, steel 

column, steel pier, ground beam, and joint connection were simulated 

using the secondary plastic flow model, whereas the high-strength bolt 

and rebar embedded in the SCWP were simulated using the bi-linear 

model. 

Concrete has different elastoplastic characteristics under tensile and 

compressive conditions, and a certain degree of loss and damage needs to 

be considered. Therefore, the concrete model applied in these analyses 

adopted the concrete constitutive relationship and damage plasticity 

stipulated in the Code for Design of Concrete Structures (GB50010-2010) 

[29]. 

 

 
(a) Secondary plastic flow model             (b) Bi-linear model 

Fig. 20 Stress–strain relationship curves of steel 

 

5.2. Description of finite element model 

 

The finite element models of KJ1 and KJ2 were established according 

to the actual dimensions of the specimens. The eight-node linear brick 

continuum element with incompatible modes (C3D8I) was considered to 

simulate the horizontal deformation of the specimens. The C3D8I 

elements were used for the concrete, steel beams, ground beams, steel pier, 

steel columns, bolts, connectors, and other components. Because the 

reinforcing skeleton was constrained within the wall panel by the 

embedded area, it was necessary to represent it using linear 3D solid 

elements and truss elements to replicate the actual stress state. 

Accordingly, the T3D2 element was used for the reinforcing skeleton in 

the wall. The mesh partitions are shown in Fig. 21. 

 

   

(a) Column                            (b) beam 

    

(c) Ground beam                     (d) Bolts 
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(e) Wall panels              (f) Reinforcing skeleton 

Fig. 21 Mesh partitions 

 

The ‘Tie’ constraint was applied in ABAQUS to simulate the weld 
between the beam and the outer diaphragm; for example, the weld 

between the CFST column and the outer diaphragm. The binding 

constraint was also used between the bolt and its hole in the support joint 

connector plate because the bolts were firmly connected through this hole 

throughout the test and the wall panel was not pulled out. The surface-to-

surface contact model was adopted to represent the contact between the 

bolt and specimen, and between the steel beam and support joint connector. 

The friction formula was set to the ‘Penalty’ formulation in the tangential 

direction of the contact pair, and the friction coefficient was set to 0.45. 

The constraint between the reinforcing skeleton and wall panel, which 

both experience the same displacement and deformation, adopted the 

embedded form. The reinforcing skeleton was considered the embedded 

area, and the wall panel was considered the main area. To facilitate the 

loading of the specimen model, the loading surface was coupled to a 

reference point. This coupling was kinematic, and the constrained area 

was fully bound to the reference point in all six degrees of freedom. This 

made the constrained area rigid, and thus only the reference point had to 

be loaded when a load was applied. 

To ensure the complete fixation of the column base, the displacement 

and rotation were constrained in all six degrees of freedom. The applied 

loads mainly consisted of: 

(1) The pre-tension force applied to the high-strength bolts. According 

to the Technical Specification for High-Strength Bolt Connections of 

Steel Structures (JGJ 82-2011) [30], the pre-tension force of the 10.9-

grade M20 high-strength bolt should be 155 kN; therefore, a 155-kN bolt 

load was applied to the middle surface of the bolt. 

(2) The horizontal reciprocating displacement load. The same 

displacement load used in the actual loading system was applied to the 

reference point coupled to the loading surface. The cycle period was set 

according to the displacement amplitude. 

 

5.3. Validation of the finite element model 

 

To verify the accuracy of the finite element simulation, the Von-Mises 

stress contour and their associated experimental phenomena were selected 

for comparison at various key parts of the specimen, as shown in Fig. 22. 

The stress characteristics and failure modes obtained from the simulation, 

including the tearing of the welds, buckling of the steel beam flanges, 

cracking around the wall openings, and shearing of the support joint 

connector bolts, were essentially consistent with those obtained from the 

tests. Compared with the test results, the simulation results indicated 

greater stiffness, but the ultimate bearing capacities in the two sets of 

results were similar. This difference was due to the occurrence of various 

slip phenomena during the physical loading process of the test specimens, 

whereas it was assumed that no slipping occurred between the frame and 

SCWP in the finite-element models. A parametric analysis conducted 

using the finite element simulation indicated that the main factors 

influencing the seismic performance of the overall frame were the strength 

of the steel and the relative size of the wall openings in the SCWPs. The 

strength of the steel considerably improved the ultimate bearing capacity 

of the structure, but its influence on the elastic stiffness was minor. 

However, the relative size of the wall openings had a clear effect on both 

the ultimate bearing capacity and elastic stiffness of the overall structure. 

 

       

(a) Weld fracture in bottom flange 

       

(b) Buckling in bottom flange of beam 

       

(c) Failure at upper joint connector 

Fig. 22 Failure modes and stress contour 

 

6.  Conclusions 

 

In this study, the seismic performance of CFST frames with external 

SCWPs was investigated by quasi-static tests, nonlinear finite element 

simulation, and theoretical analysis. Following conclusions can be drawn 

based on the conducted investigations: 

(1) The failure modes of CFST frames with external SCWPs mainly 

consist of concrete cracking around the wall openings (which extended 

towards the joints), concrete cracking at the lower support joints, buckling 

of the flanges and webs of the steel beams, and weld tearing at the beam–

column joints. The high-strength bolts of the upper joint connectors first 

underwent tearing and breaking, and were then sheared, causing the 

bearing capacity of the structure to decrease. 

(2) The CFST frames with external SCWPs exhibited high ductility 

and good seismic behaviour. The displacement ductility coefficient is 

between 1.31 and 1.41; the elastic-limit displacement angle is between 

6.08 and 6.19 times [θe], and the elastoplastic-limit displacement angle is 

between 1.37 and 1.73 times [θp]. The external composite wall panels 

functioned together with the main frame to resist seismic loads through 

the joint connections, thereby reducing the damage to the main frame. 

Simultaneously, the external SCWPs also improved the elastic stiffness 

and ultimate bearing capacity of the CFST frame. For a single frame, the 

external SCWP increased the initial elastic stiffness by approximately 40–

50% and the ultimate bearing capacity by approximately 15–20%. 

Furthermore, it was discovered that the degree of horizontal constraint at 

the upper joint connectors had a significant effect on the SCWP 

displacement mode. 

(3) The non-linear finite element analysis effectively simulated the 

mechanical properties, failure mode, and seismic performance of the test 

specimens. Thus, the analysis was determined to be accurate and valid. 

The analysis method and results can serve as a reference for similar 

engineering applications. A parametric analysis subsequently conducted 

using the finite element simulation demonstrated that the main influences 

on the seismic performance of the overall frame were the strength of the 

steel and the relative size of the wall openings. 
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(4) The experiments and theoretical analyses reported herein were 

conducted for a single storey frame. In actual conditions, the interaction 

between different storeys and spans will also affect the overall seismic 

performance and the displacement between the walls. It is therefore 

important to study wall structures considering multiple stories and 

multiple spans to obtain more realistic results. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 
Experimental and numerical investigations on the fatigue properties of inclined corroded cruciform joints were conducted 

in this paper. Two artificial hemispherical notches were used to simulate pitting corrosion damage. Fatigue tests were 

carried out under uniaxial tensile cyclic loading. The fatigue S-N curves considering different types of corrosion damage 

were fitted by regression analysis. A relative hot spot stress concentration factor (HSSCF) concept was proposed. The 

influence of the pit size on the relative HSSCF of the cruciform joints was analyzed based on a numerical analysis. The 

fatigue notch factor (FNF), which considered the effect of corrosion pits, was used to describe the fatigue strength 

reduction. The FNF method and the Theory of Critical Distances (TCD) were employed to predict the fatigue life of 

corroded cruciform joints. It is concluded that pitting corrosion damage reduces the fatigue strength, but specimens 

without and with smaller corrosion pits exhibited similar fatigue strengths at 2 million cycles. The pit depth and radius are 

the main parameters affecting the relative HSSCFs, and an equation as a function of the pit depth and radius is obtained. 

The predicted S-N equations correlate well with the experimental results. The maximum error of the fatigue life 

calculation results based on these two methods is only -27.8%. They can be used to predict the fatigue life of corroded 

cruciform joints. 
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1.  Introduction 

 

In recent years, many long-span steel bridges have been built in China. 

Fatigue and corrosion are two major factors affecting the durability and safety 

of steel bridges. Environmental corrosion causes a reduction in the thickness, 

surface roughness, and material strength. For steel bridges subjected to 

repeated loads and corrosive environments, more severe damage occurs 

compared to when only repeated loads. Repeated loads and corrosive 

environments accelerate the fatigue crack initiation and decrease the fatigue 

life during the service time. Consequently, the investigation of fatigue damage 

for steel bridges under corrosion conditions is currently a very urgent issue. 

Some researchers have tried to explore the effect of corrosion damage on the 

fatigue behavior of engineering materials [1, 2]. However, there is almost no 

research on the fatigue properties of corroded welded structures. 

A majority of studies on the fatigue assessment of inclined welded 

structures have been performed. Kim and Kainuma [3] discussed the fatigue 

behavior of load-carrying cruciform welded joints inclined to repeated 

loadings and predicted the fatigue life by using the effective stress method. 

Wang et al. [4] presented an analytical method for the fatigue estimation of 

inclined welds connecting corrugated plates to flange plates. Khurshid [5] 

studied the fatigue behavior of butt welds inclined to uniaxial loading from a 

multiaxial fatigue concept. Susmel et al. [6, 7] used four different stresses and 

the modified Wöhler curve method to assess the fatigue behavior of inclined 

welds under uniaxial loading. Generally, the nominal stress, the hot spot stress, 

the notch stress, and the Theory of Critical Distances (TCD) are applied to the 

fatigue analyses of welded structures. Compared to the nominal stress and the 

notch stress, additional computational work is not required for the hot spot 

stress, and it can be used to model complex welded details that are not 

included in design codes, such as IIW (the International Institute of Welding) 

[8], Eurocode3 [9], and DNV (Det Norske Veritas) [10]. Due to the stress 

fields directly determined by the finite element analysis, the TCD as a useful 

tool is conveniently used for fatigue estimation [11-16].  

Pitting corrosion as serious localized damage causes stress concentrations 

in a corrosive environment. These corrosion pits are detrimental to the fatigue 

life, and the effect increase with increasing service time [17-19]. The shapes 

of corrosion pits are extremely irregular, and they can usually be simplified to 

a hemisphere or semi-ellipsoid for the convenience of research [20]. 

Numerous discussions on the relationship between the stress concentration 

factor (SCF) and the shapes and sizes of corrosion pits are presented. Albrecht 

[21] pointed out that the SCF had a linear relationship with the pit depth. Cerit 

[22] concluded that there was a nonlinear relationship between the SCF and 

pit aspect ratio (the ratio of the pit depth to the pit diameter). However, Kolios 

[23] found that the SCF showed a linear relation with the aspect ratio. Liu [24] 

believed that the SCFs depended on the geometrical properties of the 

corrosion pits. Many scholars reveal that the reduction in the fatigue strength 

of corrosion members correlates with the corrosive parameters, such as the pit 

shapes and sizes [25, 26]. Sharifi and Rahgozar [27] gave a function using the 

average corrosion depth and time as variables to describe the fatigue notch 

factor (FNF). Ma et al. [28] investigated the effect of the notch depths and 

aspect ratios on the fatigue life under different stress loadings. Li et al. [29] 

found that the relative maximum pit depth of corroded bars was related to the 

fatigue life. Adasooriya et al. [30-33] estimated the fatigue strength of 

corroded members based on the full-range S-N curve method and the 

continuum damage mechanics method. However, very few studies address the 

effect of corrosion pits on the fatigue behavior of welded joints. The fatigue 

strength curves of welded details that depend on time and a corrosive media 

have not been discussed in the design guidelines [10]. The same reduction 

degree of the fatigue strength for different corrosive time is considered in 

DNV. Further studies are needed to assess the effect of geometrical sizes of 

the corrosion pits on the fatigue properties of corroded welded joints. 

This paper studied the fatigue performance of corroded inclined 

cruciform joints based on experimental and numerical methods. Two artificial 

pits in the vicinity of the weld ends were constructed to model the pitting 

corrosion of cruciform joints. Fatigue tests were carried out on corroded 

cruciform joints. Fatigue test data were discussed based on fatigue S-N curves 

by comparison to existing experimental results. A hot spot stress concentration 

factor (HSSCF) was obtained in the numerical analysis, and a relative HSSCF 

concept considering the influence of corrosion pits on the stress fields was 

proposed. The relationship between relative HSSCF and pit size was obtained 

by the least squares method. Due to the adverse effect of pits, a fatigue notch 

factor (FNF) was used to describe the reduction in the fatigue strength. The 

FNF method based on the S-N curve of uncorroded cruciform joints and the 

TCD were used to assess the fatigue life of corroded cruciform joints. The 

feasibility and accuracy of the two assessment methods were verified via 

fatigue test data. 

 

2.  Experimental research 

To simulate the complex stress states of welded joints, load-carrying 

cruciform joints with 45° inclined full penetration welds were processed using 

Q345qC steel plates with a thickness of 16 mm [34]. These joints were 

manually welded by CO2 gas shielded welding technology. The chemical 

composition and mechanical properties are presented in Tables 1 and 2, 

respectively. The geometrical configuration of a cruciform joint is shown in 

Fig. 1. 
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Table 1  

Chemical composition of Q345qC steel (in weight %) 

Material C Si Mn P S V Cr Mo Ni 

Q345qC steel 0.17 0.27 1.43 0.014 0.011 0.02 0.01 0.04 0.05 

 
Table 2  

Mechanical properties of Q345qC steel 

Material Thickness 

(mm) 

Yield strength 

(MPa) 

Tensile strength 

(Mpa) 

Elongati

on Q345qC 

steel 

16 360 575 28% 

 

 

Fig. 1 Configures of the cruciform joints 

 

2.1. Artificial pits tests 

Studies on metal corrosion in corrosive environments have been carried 

out for many years. A great number of test data on the corrosion rate of 

metallic material in different environments can be collected. From these data, 

it is found that corrosion loss meets the following relationship in a corrosive 

environment: 

 

BD At=          (1) 
 

where D is the average corrosion depth (mm), t is the number of years, and A 

and B are the fitted parameters. According to the test data in [35], the 

parameters for pitting corrosion in a marine atmospheric environment are 

listed in Table 3. Finally, the mean values of A and B are used to assess the 

relationship between pit depth and exposure time. 

 

Table 3  

Parameters for pitting corrosion 

No. A B 

1 0.071 0.79 

2 0.207 1.12 

3 0.058 0.57 

4 0.033 1.60 

5 0.047 0.63 

6 0.035 0.43 

7 0.051 0.60 

8 0.025 0.54 

9 0.113 0.96 

10 0.016 1.00 

11 0.090 0.92 

12 0.027 0.61 

13 0.032 1.44 

Mean 0.062 0.86 

 

To investigate the influence of pitting corrosion on the fatigue properties 

of cruciform joints, the regular pit shapes were taken into account for the 

convenience of research. Thus, two different hemispherical pits in the welded 

joints were artificially produced based on Ref. [36]. Two pit depths (d=1 mm 

and 2 mm) and pit widths (w=3.5 mm and 4 mm) were considered. The pit 

radius R maintained a constant value of 2 mm. These corrosion pits were 

located near the weld ends where fatigue cracks easily initiated. The specific 

geometrical dimensions of the corrosion pits were detailed in [37]. The 

distributions of corrosion pits of cruciform joints are shown in Fig. 2. 

 

Fig. 2 Cruciform joint with artificial corrosion pits 

 

2.2. Fatigue tests 

 

Fatigue tests were carried out under uniaxial constant amplitude repeated 

loading. A stress ratio of 0.1 and a sinusoidal wave with a loading frequency 

of approximately 5 Hz were applied. A total of 27 specimens were designed 

for three different stress ranges (  =140 MPa, 160 MPa, and 180 MPa) 

and pit depths (d=0 mm, 1 mm, and 2 mm). The maximum and minimum 

loads in one cycle were represented by the symbols Pmax and Pmin, respectively. 

The corresponding loading conditions are listed in Table 4, and a fatigue 

specimen is illustrated in Fig. 3. 

 

Table 4  

Loading conditions 

Types of 

corrosion 

Specimen No. 

Stress range 

(MPa) 
minP (kN) maxP (kN) 

P0 (d=0, R=0) 

P0S1 140 12.4 124.4 

P0S2 160 14.2 142.0 

P0S3 180 16.0 160.0 

P1 (d=1 mm, R=2 

mm) 

P1S1 140 12.4 124.4 

P1S2 160 14.2 142.0 

P1S3 180 16.0 160.0 

P2 (d=2 mm, R=2 

mm) 

P2S1 140 12.4 124.4 

P2S2 160 14.2 142.0 

P2S3 180 16.0 160.0 

 

 

Fig. 3 Fatigue specimen  
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2.3. Results analysis 

 

The fatigue crack initiation and growth of uncorroded and corroded 

cruciform joints are shown in Fig 4. The fatigue cracks of all the specimens 

are generated at the weld toes due to the more obvious stress concentration. 

Fatigue cracks of uncorroded cruciform joints grow in a straight line, but the 

fatigue crack propagation path of corroded cruciform joints is a broken line. 

The fatigue crack first descends and then goes through the pit. The main 

reason for this behavior may be that the stress and strain fields vary due to the 

existence of corrosion pits. 

The fatigue fracture morphology of the cruciform joints is shown in Fig. 5. 

A semi-elliptical crack propagation trajectory can be observed in the cross 

section. There are two distinct parts: the smooth part and the rough part. The 

smooth part contains the fatigue crack initiation and growth stages, and the 

rough part is the rapid fracture stage.

  

 

 

(a) no pit (b) pit 1 

 

(c) pit 2 

Fig. 4 Fatigue crack growth of corroded joints and uncorroded joints 

 

  

(a) no pit (b) pit 1 

 
(c) pit 2 

Fig. 5 Fatigue fracture morphology of corroded joints and uncorroded joints 
 

 

The S-N curve is generally used to describe the relationship between 

stress range   and fatigue life N  based on many experimental results. 

The equation can be expressed as: 

mN C =              (2) 
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where C and m are constants for different metal materials. Eq. (2) is rewritten 

based on a logarithmic form: 

 

log log logm N C + =                           (3) 

 

According to the test results and literature [3], the relationship of stress 

range vs. mean fatigue life is reported in Fig. 6. The mean and design curves 

of FAT71 (a stress range of 71 MPa at 2 million cycles with a survival 

probability of Ps=97.7%) in DNV [10] are also illustrated in Fig. 6. 
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Fig. 6 The relationship of stress range vs. mean fatigue life 

 

Regression analysis was employed to obtain the logN vs. log   

relationship. An inverse slope of 3 was recommended by the fatigue design 

specification and chosen in this study [9]. The S-N equations of inclined full 

penetration fillet welded cruciform joints with Ps=50% can be expressed as: 

 

log 12.573 3log for P0N = −                (4) 

 

log 12.438 3log for P1N = −               (5) 

 

log 12.252 3log for P2N = −                (6) 

 

Similarly, the S-N equation for inclined non-penetration fillet welded 

cruciform joints with no pit can be obtained: 

 

log 12.510 3logN = −                (7) 

 

The design curves (the mean values-two standard deviation) were 

determined. The design S-N equations of inclined full penetration fillet 

welded cruciform joints with Ps=97.7% were expressed as: 

 

log 12.198 3log for P0N = −                 (8) 

 

log 12.182 3log for P1N = −                (9) 

 

log 11.840 3log for P2N = −                (10) 

 

The DNV categories of the welded joints and regression analysis results 

based on Eq. (8)-(10) are listed in Table 5. 

 

 

Table 5  

DNV categories and regression analysis results  

Categories Log(C) m 

  at 

2 million 

cycles (MPa) 

Corrosion 

condition
 

D 12.164 3 90 No 

E 12.010 3 80 No 

F 11.855 3 71 No 

D 11.687 3 62 Yes 

E 11.533 3 55 Yes 

F 11.378 3 49 Yes 

P0 12.198 3 92 No 

P1 12.182 3 91 Yes 

P2 11.840 3 70 Yes 

 

It is evident that the fatigue strength of inclined full penetration welded 

cruciform joints is larger than that of the non-penetration weld. This 

conclusion is in agreement with the specifications [9]. The inclination weld 

increases the fatigue strength of uncorroded cruciform joints. It increases by 

30% from 71 MPa to 92 MPa at 2 million cycles. The fatigue strengths of the 

P0 and P1 specimens are very close and almost the same as that of the 

uncorroded category D. The fatigue strengths of categories D, E, and F under 

corrosion conditions decrease by 31%. However, the fatigue strength of the 

cruciform joints with pit 2 is reduced by 24%. It is evident that environmental 

corrosion can reduce the fatigue strength of cruciform joints. The same 

reduction factor of the fatigue strength used in DNV is very inappropriate. The 

reduction of the fatigue strength of corroded cruciform joints needs to be 

quantitatively described. The relation between fatigue strength and 

geometrical sizes of corrosion pits is needed to conduct an in-depth analysis 

from a numerical aspect. 

 

3.  Stress concentration analysis 

 

3.1 Finite element model  

 

A 3D finite element model that used quadratic 10-node tetrahedral 

elements (SOLID92) was developed to simulate the linear elastic stress fields 

via the commercial software ANSYS. A Young’s modulus of 210 GPa and 

Poisson’s ratio of 0.3 were applied to the elastic material properties. A 

constant stress range of  =160 and a fixed constraint were imposed on 

both sides of the long steel plates. Fig. 7 plots the FE model of the corroded 

cruciform joints. The stress distributions of the uncorroded and corroded 

cruciform joints are plotted in Fig. 8.  
 

 

Fig. 7 FE model
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(a) P0 (b) P1 (c) P2 

Fig. 8 Stress distributions of the welded joints 

 

The maximum von Mises stress occurs at the weld toes, where fatigue 

crack are generated. The stress concentrations around the pits are less severe 

than those of the weld toes. This is consistent with the findings of the fatigue 

test results. The maximum von Mises stress increases with an increase in the 

pit depth. The effect of corrosion pits on the stress concentration of cruciform 

joints is very evident. The relationship between geometrical sizes of corrosion 

pits and stress concentrations needs to be further studied. However, the mesh 

size has a significant influence on the maximum stress of the weld toes due to 

a stress singularity. The hot spot stress can be used to assess the variation in 

the stress fields for corroded cruciform joints.  

 

3.2. Hot spot stress concentration factors 

 

The estimated hot spot stress using the linear extrapolation method can be 

obtained as follows [8]: 

 

hs 0.4t 1.0t1.67 0.67  = −          (11) 

 

where 
hs  is the hot spot stress of the weld toe, and 

0.4t  and 
1.0t  are 

the nodal stresses for the two extrapolation points at distances of 0.4t and 1.0t 

in front of the weld toe (Fig. 9). 

 

 

Fig. 9 The definition of hot spot stress 

 

The hot spot stress concentration factor (HSSCF), Khs, is described by the 

following formula: 

 

hs
hs

nom

K



=          (12) 

 

where 
nom  is the nominal stress. To investigate the effect of the pit 

geometrical size on Khs, different pit depths and radii are considered. A 

relative HSSCF, Krhs, is defined as the following: 

 

( )

( )
hs

rhs

hs

,

0, 0

K d R
K

K d R
=

= =
         (13) 

 

The mesh size had an important influence on the HSSCF. Thus, the mesh 

gradually increased until convergence. The HSSCFs for different pit depths 

and radii are shown in Table 6. Figs. 10-12 plot the relationships between Krhs 

and d, d/w, and R. 

 

 

Table 6  

Size parameters and HSSCFs for different pit depths and radii 

No. 
Pit depth 

d(mm) 

Pit width 

w(mm) 
d/w 

Pit radius 

R(mm) 

Hot spot stress 

concentration 

factor Khs 

1 0 0 - 0 1.083 

2 0.25 1.323 0.189 1 1.084 

3 0.5 1.732 0.289 1 1.084 

4 0.75 1.936 0.387 1 1.090 

5 1 2 0.5 1 1.102 

6 0.375 1.984 0.189 1.5 1.083 

7 0.5 2.236 0.224 1.5 1.084 

8 0.75 2.598 0.289 1.5 1.117 

9 1 2.828 0.354 1.5 1.171 

10 1.125 2.905 0.387 1.5 1.202 

11 1.5 3 0.5 1.5 1.297 

12 0.5 2.646 0.189 2 1.089 

13 0.75 3.122 0.240 2 1.136 

14 1 3.464 0.289 2 1.209 

15 1.5 3.873 0.387 2 1.418 

16 2 4 0.5 2 1.730 
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Fig. 10 Krhs versus d for different pit radii 
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Fig. 11 Krhs versus d/w for different pit radii 
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Fig. 12 Krhs versus R for different pit depths 

 

It shows that Krhs increases with the increase in d, d/w, and R. The rates of 

change of Krhs increase with the increase in R and d. When R=1 mm, Krhs is 

nearly unchanged. However, the relationships between Krhs and d and d/w vary 

substantially when R≥1.5 mm. The relative HSSCF should consider the effects 

of the pit depth and pit radius. The polynomial regression analysis is carried 

out based on the least squares method. The relative HSSCF equation can be 

expressed as: 

 

2 2

rhs 1.085 0.235 0.240 0.095 0.051 for 0 1and1 2K d d R R d R R= − + − +      (14) 

 

where the pit depth d and pit radius R have units of millimeters, the 

correlation coefficient is 0.992, and the standard deviation is 0.020. Thus, it is 

convenient to obtain the relative HSSCF based on the pit depth and pit radius. 

 

3.3. Fatigue notch factor 

 

The fatigue notch factor (FNF), Kf, is defined by the ratio of the fatigue 

strength of a plain component 
S  to that of a notched component 

N  

under the same conditions, as shown in Fig. 13. Therefore, Kf can be generally 

written as: 

 

S
f

N

K





=


         (15) 



N

fK

62 10

S

N

 

Fig. 13 Definition of the FNF 

 

Based on Eqs. (4)-(6), the FNFs for P1 and P2 are 1.110 and 1.280 at 

N=2×106 cycles, respectively. According to the computational results of the 

relative HSSCF, the relationship between Kf and Krhs is shown in Fig. 14. Kf 

increases with the increase of Krhs, and there is a linear relationship between 

them. Therefore, the equation can easily predict the fatigue life of corroded 

welded joints. The FNF is fitted by the least squares method. The expression 

of the FNF is written as:  

 

( )f rhs1 0.486 1K K= + −           (16) 
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Fig. 14 The relationship between Kf and Krhs 

 

4.  Fatigue life prediction 

 

4.1. The FNF method 

The S-N equation considering the FNF can be expressed as: 

 
( )f

m
K N C =              (17) 

 
Eq. (17) can be rewritten as: 

 

( ) ( )f flog log log log log logN C m K C m K m = −  = − −        (18) 

 

The predicted S-N equations of corroded cruciform joints can be 

expressed as follows based on Eq. (4): 

 

log 12.502 3log for P1N = −               (19) 

 

log 12.242 3log for P2N = −               (20) 

 

According to Eqs. (4)-(6) and (19)-(20), the experimental and predicted 

S-N equations are shown in Fig. 15. It is very obvious that the predicted S-N 



Zhi-Yu Jie et al.  26 

 

equations of the corroded cruciform joints are very close to the experimental 

equations. 
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Fig. 15 Experimental and predicted S-N equations 

 

4.2. Theory of Critical Distances (TCD) 

 

The TCD has been recently developed for the fatigue assessment of 

notched members [38]. The TCD can be summarized as four different ways: 

the point method (PM), the line method (LM), the area method (AM), and the 

volume method (VM) [39] (Fig. 16). The PM was employed to predict the 

fatigue life owing to the simple calculation without considering complex 

post-processing. The distance along the bisector of the weld toes from the 

potential crack initiation site is equal to 0.5 mm [7]. In addition, the stress 

range of the plain specimens at N=2×106 cycles is 256.23 MPa [40]. The 

accuracy and reliability of the PM in evaluating the fatigue life of inclined 

cruciform joints with artificial corrosion pits are checked using fatigue test 

data. A comparison of the fatigue life estimated by the FNF method and the 

TCD and experimental results is plotted in Fig. 17. 

 

 

Fig. 16 Local coordinate system (a); the PM (b); the LM (c); and the AM (d) 
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Fig. 17 Fatigue life experimental results versus predicted results 

 

The maximum error of the predicted fatigue life results is only -27.8%. 

Fatigue life predicted results agree well with experimental results. Thus, the 

accuracy of the two methods used to assess the fatigue life is validated. The 

S-N equations of the cruciform joints considering different corrosive time can 

be estimated by the FNF expression and the S-N equations of uncorroded 

cruciform joints. 

 

5.  Conclusions 

 

This paper studied the effect of pitting corrosion damage on the fatigue 

properties of corroded inclined cruciform welded joints. Based on the above 

analyses, the following conclusions can be obtained. 

(1) The fatigue cracks of all the specimens are generated at weld toes due to 

the more obvious stress concentration. The fatigue crack propagation paths of 

uncorroded and corroded cruciform joints are different due to the existence of 

pits.  

(2) The fatigue strength of the inclined full penetration fillet welded 

cruciform joints is larger than that of the non-penetration weld. The 

inclination weld increases the fatigue strength of the uncorroded welded joints. 

Fatigue strengths of the P0 and P1 specimens are very close and almost the 

same as that of the uncorroded category D. The same reduction factor of the 

fatigue strength for different types of corrosion damage used in DNV is very 

inappropriate. 

(3) The relative HSSCF should consider the effects of the pit depth and pit 

radius. There is a linear relationship between FNF and relative HSSCF. The 

predicted S-N equations of the corroded welded joints are very similar to the 

experimental equations. 

(4) The maximum error of the predicted fatigue life results is only -27.8%. 

There is good agreement between fatigue life predicted results and 

experimental results. The accuracy and reliability of these two methods 

applied to the fatigue life estimation are validated by fatigue test data.  
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper presents experimental studies to investigate the behaviour of stiffened angle shear connectors subjected to 

isothermal fire loading. Push-out tests were conducted on 48 specimens covering various geometries of stiffened angle 

shear. The specimens were initially heated at room temperature, which gradually increased to target temperatures, and 

loaded up to failure for the assessment of their shear resistance at high temperatures. The behaviour of these connectors at 

ambient and high temperatures was compared. Results showed that the full-length stiffened angle shear connectors exhibited 

higher shear resistance compared with the half-length ones, whereas the ductility of the half-length stiffened shear 

connectors was greater than that of the full-length ones; the connector fracture governed the failure mode. Although heating 

exerted a substantially destructive effect on the resistance of the shear connectors, it led to increased ductile behaviour.  
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1.  Introduction 

 

Composite structures employing normal-weight concrete have been used in 

bridge construction for more than half a century, with the related literature 

dating back to the 1920s [1-3]. In recent decades, the main progress in 

composite structures has been due to the outcome of the basic design provisions 

nominated by the American Institute of Steel Construction in 1961 [4]. Shear 

connectors between concrete slabs and steel beams in composite construction 

play a significant role in the seismic response of a structure [5]. They provide 

the essential shear connection for composite action in flexure, which is used to 

distribute the large horizontal inertial forces in a slab to the main lateral load-

resisting elements of the structure. During an earthquake, such shear connectors 

are adjusted to reverse cyclic loading [6]. 

Headed studs, perfobond ribs, channels and wires are known as the most 

common shear connectors. Recently, the demand for innovative shear 

connectors has led to other forms of connection by using steel angles, cold-

formed shapes and powder-actuated attachments. In developing countries, stud 

connectors are minimally utilised in the industry due to not only the lack of skill 

labour but also the cost of manufacturing. Although the most common shear 

connector is headed stud, perfobond ribs, channels and angle shear connectors 

are also widely adopted due to ease of installation, availability and higher load-

carrying capacity. In addition, angle and channel shear connectors do not require 

inspection rules that are used for stud connectors, such as the bending test. 

During the installation of transverse slab reinforcement, shear connectors are 

less problematic than perfobond connectors. Hence, angle and channel shear 

connectors are amongst the most preferred choices to overcome the drawbacks 

of headed studs and perfobond shear connectors in composite beams. Angle 

profile can be used in L- and C-shaped angle connectors. Between these two, 

C-shaped angle shear connectors have better performance and high shear 

resistance [7-14]. 

A composite structure requires the consideration of the design process 

under risk conditions, given that the behaviour of a composite structural system 

under fire is outstandingly different from its behaviour at ambient temperatures. 

The investigations on the Broadgate fire and the Cardington structure [15] have 

improved the conception of structural interactions and load distribution 

occurring in a real building under fire. The structures are typical examples of 

the current UK steel construction with concrete-profiled deck floor slabs 

performing compositely with hot-rolled steel beams mostly left unprotected. 

Although tests have indicated that high temperatures might be sustained, the 

results are inadequate and do not explain the mechanics governing the structures’ 

response to fire. The interactions amongst thermal expansion, large deformation 

effects, material degradation and 3D effects on a building have complicated the 

understanding of the behaviour of composite members through the development 

and investigation of high-quality numerical and analytical models. Few studies 

have focused on the behaviour of isolated members in composite structures. 

Sanad et al. [16] studied the structural action in a two-way slab and composite 

beam structure subjected to compartment fire, showing that 1) the performance 

of indeterminate structures under fire was governed by thermal expansion and 

2) local yielding and large deflections reduced the damage to the overall 

structure. Mäkeläinen and Ma [17] studied the thermal and structural 

performance of a slim floor beam under fire through a numerical analysis by 

applying ISO standard fire and natural fire. The results showed that an 

increment in temperature significantly influenced the flexural capacity of the 

beam, which depended on the shear connection to maintain performance. In the 

last study performed by Mirza and Uy [18], FEM and experimental tests were 

conducted to analyse the effects of raised temperatures on the behaviour of 

composite steel–concrete beams for solid and profiled steel sheeting slabs. In 

the current study, material properties varied with temperature; hence, the 

behaviour of reinforced concrete slabs under fire conditions highly depended on 

the interaction of the surrounding elements. In the following, steel sheet slabs 

exhibited great fire resistance compared with ambient temperature strength [18]. 

Rodrigues and Laím [19, 20] conducted a comprehensive experimental 

study on T, T-block, T-perfobond and perfobond shear connectors at different 

temperatures to assess the structural behaviour of the shear connectors under 

fire. From the current study, elevated temperatures adversely influenced the 

connector load-carrying capacity, in which T-perfobond connectors exhibited 

the worst behaviour, whereas T connectors showed the best one. The perfobond 

connections obtained from the two connectors indicated the worst behaviour in 

the fire, whereas the connector with one hole and without any steel 

reinforcement passing through it showed the best behaviour. A study conducted 

with partial composite beams with flat lightweight concrete slabs showed an 

overall reduction in the composite beam load-carrying capacity due to being 

heated at elevated temperatures and post-fire ambient conditions. The 

composite beams and connections sustained the loading and heating up to 

700 °C on the service level. However, the shear tab connection fractured during 

cooling, which highlighted the significance of the heating and cooling phases of 

a fire [21]. To improve the performance of L-shaped angle shear connectors, 

stiffened angle shear connectors were proposed. The stiffener was prefabricated, 

and its welding procedure was as simple as the welding of angle shear 

connectors (which requires nonspecific equipment); accordingly, the 

advantages of C-shaped angle shear connectors could remain for stiffened angle 

shear connectors. This research focused on the behaviour assessment of the 

stiffened angle shear connectors at ambient and elevated temperatures with 

isothermal condition. The three elevated temperature levels of isothermal 

heating were 550 °C, 700 °C and 850 °C. The shear connector behaviour in 

terms of failure mode, ductility, load-carrying capacity, strength at ambient 

temperatures, the effect of temperature on the mentioned parameters and the 

heat distribution at different temperature elevations was examined. 
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2.  Test programme 

 

2.1. Test plan 

 

Forty-eight push-out tests were conducted and divided into two series. Each 

series used two types of angle section with heights of 100 and 75 mm and three 

different lengths of 30, 50 and 80 mm as shear connectors. Then, each type was 

divided into two groups on the basis of its stiffener height, i.e. full- and half-

length stiffener. As reflected in the name, full-length stiffened means that the 

stiffener has a height equal to the shear connector’s height. On the contrary, 

half-length stiffened means that the height of the stiffener is half of the height 

of the shear connector. Four specimens were considered for each group under 

monotonic loading at ambient temperatures, 550 °C, 700 °C and 850 °C. The 

specimens were labelled for the identification of their individual behaviour. The 

specimens’ ID and the geometric properties of the angle shear connectors are 

presented in Table 1. In the symbolisation of the specimens in the table, the first 

letter indicates the type of shear connector, which is angle shear connector; the 

next two or three digits represent the height; the next two digits represent the 

length; the second letter is the height of the stiffener, and the last digits define 

the temperature. 

 

2.2. Specimens 

 

Push-out specimens comprised a steel I-section (IPE270) beam with two 

reinforced concrete slabs attached to each flange of the beam. The stiffened 

shear connector was attached to each beam flange by welding, and 10 mm-

diameter steel bar hoops were used at the top and bottom of the slab to reinforce 

the concrete. Details of the push-out specimens are in accordance with the recent 

studies on the behaviour of C-shaped angle and channel shear connectors under 

different conditions [8, 12, 14, 22-27]. To design a stiffener, a triangle-shaped 

truss was considered and was expected to have a vital role in increasing the 

ultimate load capacity of the shear connector. Hence, this concept can reduce 

the number of shear connectors in a structure, which not only assists in saving 

steel and installation time but also leads to cost savings. The implication of this 

design is that the triangle-shaped stiffener increases the strength and stiffness of 

the connector in transferring the load to the beam. The strength enhancement 

has significant role and effect at elevated temperature when the mechanical 

strength of steel drops dramatically. The schematic of the test specimens is 

shown in Fig. 1. The properties of steel components in this study were tested in 

accordance with coupon tensile test ASTM 370 (ASTM 2005) [28]; the material 

properties of the steel components are provided in Table 2. 

 

 

 

Fig. 1 Details of test specimens 

 

Table 1 

Specimen IDs and geometrical properties of angle shear connectors 

NO ID 
Height 

(mm) 

Length 

(mm) 
Stiffener Temperature (oC) 

1 A-100-80-F-A 100 80 F - 100 25 

2 A-100-80-F-550 100 80 F - 100 550 

3 A-100-80-F-700 100 80 F - 100 700 

4 A-100-80-F-850 100 80 F - 100 850 

5 A-100-80-H-A 100 80 H - 50 25 

6 A-100-80-H-550 100 80 H - 50 550 

7 A-100-80-H-700 100 80 H - 50 700 

8 A-100-80-H-850 100 80 H - 50 850 

9 A-100-50-F-A 100 50 F - 100 25 

10 A-100-50-F-550 100 50 F - 100 550 

11 A-100-50-F-700 100 50 F - 100 700 

12 A-100-50-F-850 100 50 F - 100 850 

13 A-100-50-H-A 100 50 H - 50 25 

14 A-100-50-H-550 100 50 H - 50 550 

15 A-100-50-H-700 100 50 H - 50 700 

16 A-100-50-H-850 100 50 H - 50 850 

17 A-100-30-F-A 100 30 F - 100 25 

18 A-100-30-F-550 100 30 F - 100 550 

19 A-100-30-F-700 100 30 F - 100 700 

20 A-100-30-F-850 100 30 F - 100 850 

21 A-100-30-H-A 100 30 H - 50 25 

22 A-100-30-H-550 100 30 H - 50 550 

23 A-100-30-H-700 100 30 H - 50 700 

24 A-100-30-H-850 100 30 H - 50 850 

25 A-75-80-F-A 75 80 F - 100 25 

26 A-75-80-F-550 75 80 F - 100 550 

27 A-75-80-F-700 75 80 F - 100 700 

28 A-75-80-F-850 75 80 F - 100 850 

29 A-75-80-H-A 75 80 H - 50 25 

30 A-75-80-H-550 75 80 H - 50 550 

31 A-75-80-H-700 75 80 H - 50 700 

32 A-75-80-H-850 75 80 H - 50 850 

33 A-75-50-F-A 75 50 F - 100 25 

34 A-75-50-F-550 75 50 F - 100 550 

35 A-75-50-F-700 75 50 F - 100 700 

36 A-75-50-F-850 75 50 F - 100 850 

37 A-75-50-H-A 75 50 H - 50 25 

38 A-75-50-H-550 75 50 H - 50 550 

39 A-75-50-H-700 75 50 H - 50 700 

40 A-75-50-H-850 75 50 H - 50 850 

41 A-75-30-F-A 75 30 F - 100 25 

42 A-75-30-F-550 75 30 F - 100 550 

43 A-75-30-F-700 75 30 F - 100 700 

44 A-75-30-F-850 75 30 F - 100 850 

45 A-75-30-H-A 75 30 H - 50 25 

46 A-75-30-H-550 75 30 H - 50 550 

47 A-75-30-H-700 75 30 H - 50 700 

48 A-75-30-H-850 75 30 H - 50 850 

 

Table 2 

Coupon tensile test result 

Specimens 1 2 3 

Fy (MPa) 338.8 341.85 340 

Fu (MPa) 493.86 495.03 495.77 

Elongation (%) 24.23 23.74 24.16 

Fy Average (MPa) 340.22 
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Fu Average (MPa) 494.89 

Elongation Average (%) 24.04 

𝐹𝑢 𝐹𝑦⁄  1.45 

 

2.3. Concrete materials and mix proportions 

 

Air-dry condition aggregates were used in the concrete mixes, in which the 

fine aggregate was graded silica sand with a maximum nominal size of 4.75 mm, 

and the coarse aggregate was crushed granite with a maximum nominal size of 

10 mm [29, 30]. The cement used in all mixes was ordinary Portland cement 

corresponding to ASTM C150 (cement) type II [31-33]. To attain acceptable 

workability, a superplasticiser (SP; Rheobuild 1100) was used in the concrete 

mixes (Table 3). Superplasticizer (SP) (dark brown and pH of 6.0–9.0) has a 

specific gravity of approximately 1.195 [34]. Short, angle lengths were used due 

to the concrete slab size limitation. All push-out specimens were cast in a 

horizontal position similar to site situations, whilst a qualified reliable concrete 

for both sides of the specimen slabs was assumed (Fig. 2). To measure the 

compressive strengths, standard cylinders with 150 mm diameter and 300 mm 

length and standard cubes with 100 mm length were cast with the push-out 

specimens simultaneously. All the specimens, cylinders and cubes were cured 

in water for 28 days before testing (Fig. 3a). The concrete strength was 

measured during the cylinder and cube compression tests. The requirements of 

ASTM C39 (ASTM 2005) [35] were adopted for the compressive strength test 

procedure, and the mean of the concrete compression strength was calculated. 

The average strength of concrete compression was 50 MPa (Fig. 3b). 

 

 

(a) beams with welded connectors       (b) molding and rebar placement 

 

(c) poured concrete 

Fig. 2 Fabrication and preparation of push-out specimens 

 

Table 3 

Mix proportions of concrete materials by weight 
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2.4. Loading and test procedure 

 

The specimens were initially heated at room temperature and increased to 

a target temperature, then they were loaded up to failure. The loading condition 

was based on isothermal heating conditions. Each series of specimens was 

tested under monotonic loading at temperatures of 25 °C, 550 °C, 700 °C and 

850 °C. The desired temperatures were obtained using flexible ceramic pad 

(FCP) heating elements (Fig. 4a) that used a high-voltage electrical transformer 

(Fig. 4b) for FCP heating through a high-resistance wire. This method was used 

in previous research by Haremza et al. [36]. The sample in the heated zone was 

thermally insulated with Rockwool (Fig. 5), which had a density of 128 kg/m3 

to avoid losing heat during the test. The temperature was recorded using a 

calibrated temperature recorder (Fig. 4c) for the flange temperature. Two type-

K thermocouple cables (Fig. 6) were installed in the middle and top of the shear 

connector and connected to the data logger to observe heat expansion through 

the shear connector embedded in the reinforced concrete. 

 

   

Fig. 3a Curing all specimens   Fig. 3b Compression test results 

 

 

(a) Flexible Ceramic Pad (FCP)   (b) Electrical transformer for heating heating 

elements       the CFPs 

 

(c) Calibrated temperature recorder 

Fig. 4 Equipment for the fire test 

 

 

Fig. 5 Rock-wool for specimen isolation 
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Fig. 6 Type-K thermocouple cables used for measuring the temperature in specimens 

 

A universal testing machine with 600 kN capacity was used to apply a 

monotonic load. Fig. 7 shows the push-out test setup. Displacement control was 

used at a rate of 0.04 mm/s for the monotonic loading [13, 37]. The practical 

load and relative slip between the I-beam and the concrete slab were 

automatically recorded at each time step by using the universal machine. The 

universal testing machine was able to plot a loading versus displacement graph. 

The behaviour of the stiffened shear connectors could be assessed on the basis 

of raw data and graph. 

 

Fig. 7 Typical test setup for specimens at elevated temperatures 

 

Regarding the steel I-beams, on the basis of the universal test machine deck, 

a change in the angle connector orientation resulted in a variation in the ultimate 

strength of the connectors and relative stiffness [12, 38] accepted in all push-

out tests (Fig. 7). When the push-out sample temperature was constant, the 

ultimate load capacity gained from the tests at room temperature was followed 

by heating up of the specimens to target temperature at the same heating rate 

based on the ISO 834 fire curve [39]. 

 

3.  Results and discussion 

 

3.1. Heat distribution 

 

The stiffened angle shear connectors were tested at different temperatures. 

The temperature of a stiffened angle shear connector was monitored using a 

type-K thermocouple, which was connected to the I-beam and the top and 

middle of the shear connector, as shown in Fig. 8. The propagation of heating 

through the I-beam and shear connector was measured. As indicated in Fig. 9a-

c, the heat distribution through the specimens followed the same pattern due to 

the heat transfer coefficient of concrete and steel. The temperature distribution 

at three different locations is summarised in Table 4. For the tests at 550 °C and 

700 °C, the percentage of temperature reduction in the middle and top of a shear 

connector compared with the flange temperature was within the similar ranges 

of 53%–54% and 73%–75%, respectively. The temperature reduction for the 

same locations in the 850 °C test was much lower, i.e. 42% and 58%, 

respectively. All temperature reductions from the I-beam to the shear connector 

strongly depended on the thermal conductivity of the steel and concrete and the 

time of heat application to reach the target temperature. 

This result showed that the temperature at the flange was higher at the top 

of the shear connector, which was caused by the transfer of heat to the concrete. 

The concrete attracted heat from the flange and shear connector; therefore, the 

area that surrounded the shear connector received substantial heat which had a 

destructive effect on the concrete’s properties. The strength of concrete drops in 

the area where the concrete stresses are high, which leads to concrete crushing 

and propagation of cracks. The strength properties of steel and concrete at 

elevated temperature decrease with time. Accordingly, if the structure is on fire, 

the strength and stability of the structure diminish tremendously over time. The 

average temperature of the shear connector increased by 50% from 700 °C to 

850 °C, which indicated an extensive damaging effect on its behaviour and 

proved that, at elevated temperature, a stiffer design is required to address the 

drawback that the designed stiffener can assist and sustain the shear connector 

significantly. Thus, the flange of the I-beam at the bottom of the stiffened shear 

connector had the highest temperature-induced destructive effect on the 

mechanical properties of steel, leading to the fracture of the shear connector in 

this area. 

 

Table 4 

Heat distribution in the I-beam and shear connector 

Location 
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Flange of I beam 551 - 701 - 855 - 

Middle of shear connector 260 53% 325 54% 493 42% 

Top of shear connector 157 72% 175 75% 355 58% 

 

 

Fig. 8 Type-K thermocouple connected to the middle and top of the connector 

 

 

(a) Propagation of heat through at 550 ̊C  
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(b) Propagation of heat through at 700 ̊C 

 

(c) Propagation of heat through at 850 ̊C 

Fig. 9 Propagation of heat through the I-beam and shear connector 

 

3.2. Failure type 

 

The push-out specimens indicated two types of failure: connector fracture 

and concrete crushing splitting. The former was found in most of the specimens 

at room and elevated temperatures (Fig. 10), in which it occurred from the upper 

welding line. Although most specimens failed with the same type of failure at 

ambient and elevated temperatures, the failure at ambient temperatures was less 

ductile than that at elevated temperatures, which was caused by the stiffener that 

made the shear connectors stiff at ambient temperatures. At elevated 

temperatures, the shear connectors behaved more ductile due to the reduction in 

steel strength. Concrete crushing occurred around the connectors for the 

stiffened shear connectors with 80 mm width at room temperature. In fact, the 

width of the C-shaped shear connector plays a vital role in terms of its strength. 

Therefore, the connector area facing the force is enhanced by increasing the 

width of the angle profile, which leads to concrete crushing at ambient and 

elevated temperatures. 

The potential damage to strength caused by heating must be considered. 

The heating included the vaporisation of free water at approximately 100 °C, 

which meant that humidity had no effect on the concrete strength during the test; 

the dissociation of Ca(OH)2 into CaO and H2O between 400 °C and 500 °C; and 

the quartz transformation of some aggregates above 600 °C; the concrete started 

sweating and cracking at approximately 450 °C [40]. The failure mode observed 

under monotonic loading at elevated temperatures for the stiffened angle shear 

connectors was accompanied by a longitudinal crack throughout the slab. 

The observed cracks were due to concrete and steel isotropic essence. The 

thermal increase of the concrete depended on temperature alteration. Some 

cracks formed around the surface of the connectors and in a direction parallel to 

the steel I-beam. As Bazant and Kaplan [41] observed, cracking occurs due to 

structural stresses in concrete caused by inhomogeneous thermal increases, 

which are expressed as a temperature function on the basis of Eurocode 2 [42]. 

Figs. 11 and 12 show the mentioned phenomenon during and after the high-

temperature experiments, respectively. 

 

 

Fig. 10 Typical failure of a stiffened angle shear connector specimen 

 

 

Fig. 11 Cracks on concrete slab during connector specimen failure at ambient and 

elevated temperatures 

 

3.3. Load–slip analysis 

 

Tables 5 and 6 show the highest capacity of shear and slip load gained from 

the test specimens by referring to the load–slip curve for the monotonic load of 

all the push-out experiment specimens at all temperatures, as shown in Fig. 13a-

l. The load–slip curves were plotted using a universal testing machine with 600 

kN capacity. The universal testing machine recorded load versus displacement 

every second. In addition, a distributer was used to apply load on both concrete 

slabs. The distributer was made using 2 UC 100×100×17.20 kg; hence, the 

deflection of the distributer during the test under 600 kN was 0.018 mm, which 

was neglected in the analysis. Shear resistance data and the highest slip related 

to the push-out experiments for all samples are also shown in Tables 5 and 6. 

 

 

Fig. 12 Cracks on concrete slab after connector specimen failure at elevated temperature 
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(a) A-75-30-F  

 

(b) A-75-30-H 

 

(c) A-75-50-F 

 

(d) A-75-50-H  

 

(e) A-75-80-F 

 

(f) A-75-80-H 

 

(g) A-100-30-F  

 

(h) A-100-30-H   
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(i) A-100-50-F 

 

(j) A-100-50-H 

 

(k) A-100-80-F 

 

(l) A-100-80-H  

Fig. 13 Load–slip curve for monotonic load at different temperatures 

 

 

 

 

 

 

 

 

Table 5 

Summary of failure loads and slips for all tested angle shear connector 

specimens in Group 1 
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A-75-30-F 25 209.75 188.77 - 4.91 2.93 

A-75-30-F 550 195.44 175.90 6.82 9.10 5.48 

A-75-30-F 700 129.55 116.60 38.23 13.28 5.74 

A-75-30-F 850 70.12 63.11 66.57 16.57 3.73 

A-75-30-H 25 195.90 176.31 - 5.88 4.65 

A-75-30-H 550 170.93 153.84 12.75 7.62 3.46 

A-75-30-H 700 116.22 104.60 40.67 12.51 5.05 

A-75-30-H 850 65.63 59.06 66.50 13.11 3.22 

A-75-50-F 25 350.22 315.20 - 4.72 2.99 

A-75-50-F 550 275.54 247.99 21.32 5.61 3.20 

A-75-50-F 700 176.62 158.95 49.57 9.51 4.23 

A-75-50-F 850 95.42 85.87 72.76 13.41 5.72 

A-75-50-H 25 338.37 304.53 - 6.25 3.78 

A-75-50-H 550 263.67 237.30 22.08 9.26 4.79 

A-75-50-H 700 166.45 149.80 50.81 12.72 5.92 

A-75-50-H 850 81.81 73.63 75.82 21.51 3.86 

A-75-80-F 25 465.13 418.61 - 6.67 4.00 

A-75-80-F 550 431.48 388.33 7.23 9.75 5.99 

A-75-80-F 700 255.80 230.22 45.00 14.54 7.04 

A-75-80-F 850 187.41 168.67 59.71 18.65 6.30 

A-75-80-H 25 410.38 369.34 - 7.32 4.09 

A-75-80-H 550 375.36 337.83 8.53 10.38 5.72 

A-75-80-H 700 213.29 191.96 48.03 17.45 7.68 

A-75-80-H 850 158.55 142.69 61.37 18.20 5.42 

 

Table 6 

Summary of failure loads and slips for all tested channel shear connector 

specimens in Group 2 

Specimen ID 
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A-100-30-F 25 279.58 251.62 - 6.44 3.67 

A-100-30-F 550 258.89 233.00 7.40 8.11 3.07 

A-100-30-F 700 163.21 146.89 41.62 13.33 6.80 

A-100-30-F 850 87.63 78.87 68.66 17.47 5.76 

A-100-30-H 25 226.54 203.88 - 7.85 5.01 

A-100-30-H 550 208.38 187.54 8.01 11.66 5.43 

A-100-30-H 700 141.51 127.36 37.53 16.92 6.65 

A-100-30-H 850 79.77 71.79 64.79 19.05 3.68 

A-100-50-F 25 439.48 395.53 - 7.33 4.42 

A-100-50-F 550 328.24 295.41 25.31 9.84 4.21 

A-100-50-F 700 270.84 243.75 38.37 12.00 4.50 

A-100-50-F 850 101.59 91.43 76.88 24.79 2.16 

A-100-50-H 25 380.76 342.68 - 8.25 4.16 

A-100-50-H 550 310.87 279.79 18.35 11.19 6.80 



Karim Nouri et al.  35 

 

A-100-50-H 700 226.28 203.65 40.57 18.54 7.00 

A-100-50-H 850 95.36 85.82 74.96 22.71 1.86 

A-100-80-F 25 596.39 536.75 - 8.48 5.41 

A-100-80-F 550 521.35 469.22 12.58 11.40 9.73 

A-100-80-F 700 277.10 249.39 53.54 16.82 6.51 

A-100-80-F 850 119.16 107.24 80.02 22.62 6.72 

A-100-80-H 25 587.25 528.53 - 10.77 5.02 

A-100-80-H 550 490.19 441.17 16.53 12.64 7.45 

A-100-80-H 700 332.77 299.49 43.34 18.44 5.69 

A-100-80-H 850 115.75 104.17 80.29 20.72 5.20 

 

The load–slip curve for a single angle with stiffener was analysed to 

identify the stiffened angle shear connector’s mechanical characteristics. Slip 

occurred under monotonic loading between the concrete block and the I-beam 

for all specimens at all temperatures. Consequently, sufficient ductility could be 

observed at all temperatures for the stiffened angle shear connectors, thereby 

satisfying the required ductility factor for shear connectors set by Eurocode 4) 

[43], which recommends that a connector can be regarded ductile under 6 mm 

slip capacity. This requirement was met for the samples at ambient temperatures. 

Samples at elevated temperatures satisfied this demand more easily than those 

at ambient temperatures because the elevated temperatures resulted in a large 

slip on the sample due to the mechanical properties exhibited by steel under 

high temperatures. Therefore, the samples at elevated temperatures were more 

ductile than those at ambient temperatures. An increase in temperature resulted 

in enhanced ductility and reduced strength because the strength of steel reduced 

at elevated temperature, making it substantially malleable and causing 

considerable ductile behaviour. In short, the stiffened angle shear connector 

with 75 mm height at ambient temperatures possessed a relative slip within the 

range of 4.72–7.32 mm. At 550 °C, 700 °C and 850 °C, the slips were 5.61–

10.38, 9.51–7.45 and 13.11–21.51 mm, respectively. For the abovementioned 

shear connector with 100 mm height, at peak load, all specimens at ambient 

temperatures obtained a relative slip within the range of 6.49–10.77 mm. 

Comparatively, the ranges of slip at temperatures of 550 °C, 700 °C and 850 °C 

were 8.11–12.64, 12.00–18.54 and 17.47–24.79 mm, respectively. The majority 

of the samples showed a yield plateau from the load–slip curve, and the load 

capacity decreased rapidly and resulted in an abrupt completion of the load–slip 

curve because of the connectors’ fracture. The yield plateau in the load–slip 

curve was observed at elevated temperature. This yield plateau was due to the 

effect of heating on steel, which showed that the shear connector reached the 

ultimate condition and the stiffener sustained the connector and illustrated the 

strength reduction in steel and great softening of steel at elevated temperatures. 

Consequently, with the increase in temperature, a decrease in connector strength 

was observed, which was between 6.82% and 75.82% in the stiffened angle 

shear connectors with 75 mm height and between 7.40% and 80.29% in those 

with 100 mm height at all temperatures. On the basis of the experimental data 

at high temperatures, the mentioned temperatures negatively affected the load-

carrying capacity of the connectors. In fact, elevated temperature in terms of 

time has an extraordinary destructive effect on the material properties, stability 

and failure of structure. 

  

3.4. Comparison of shear strength at ambient temperature 

 

The strength of shear connectors is one of their vital characteristics. This 

study has determined that, at ambient temperature, when the width was 

increased from 30 mm to 50 and 80 mm, the strength was enhanced by an 

average of 66% and 126%, respectively; when the shear connector’s height was 

increased from 75 mm to 100 mm, its strength was enhanced by approximately 

26%. Therefore, the width of a shear connector is more effective than its height 

similar to a nonstiffened shear connector. This research indicated that the 

stiffened angle shear connector at ambient temperature performed considerably 

better than the nonstiffened angle shear connector in the previous studies. Fig. 

14a-h show a comparison of previous studies [8-11] of nonstiffened shear 

connectors embedded in normal and high-strength concrete with stiffened shear 

connectors; the minimum of strength enhancement was 93% and the maximum 

was 259%, which confirmed the role of stiffeners with respect to the strength of 

shear connectors. Hence, the novelty of this work is that the designed stiffener 

enhances the strength significantly; the shape of the stiffener works as a truss to 

support the shear connector at ambient and elevated temperatures. This strength 

enhancement contributes significantly in terms of saving steel, cost and time, 

and stiffened shear connectors are considerably safer compared with 

nonstiffened shear connectors. 

 

(a) 100-50 – Normal concrete 

 

(b) 100-50 – High-Strength Concrete 

 

(c) 100-30 – Normal concrete 

 

(d) 100-30 – High-Strength Concrete 
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(e) 75-50 – Normal concrete 

 

(f) 75-50 – High-Strength Concrete 

 

(g) 75-30 – Normal concrete 

 

(h) 75-30 – High-Strength Concrete 

Fig. 14 Strength enhancement of stiffened shear connectors compared with angle shear 

connectors embedded in normal- and high-strength concrete 

 

3.5. Shear strength reduction 

 

In accordance with Fig. 13, the load–slip curves are related to the monotonic 

load for all push-out samples at ambient and elevated temperatures. The final 

load and flexibility data in Tables 5 and 6 enable the shear durability decline for 

various shear connectors to be compared. High temperature adversely affected 

the resistance and stiffness of the angle shear connectors. Fig. 15 illustrates the 

influence of high temperature on the load-carrying capacity of the shear 

connectors in relation with the ones obtained at ambient temperatures. The 

ultimate load-carrying capacity of the angle shear connector decreased by 

approximately 6.82%–80.02% for the full-length stiffener and approximately 

8.01%–80.20% for the half-length stiffener at different temperatures. 

Specifically, the strength reduction for the connector with 100 mm height was 

68.60%–64.79% for 30 mm width, 76.68%–74.96% for 50 mm width and 

80.02%–80.29% for 80 mm width. Likewise, the strength reduction for the 75 

mm stiffened angle shear connector was 66.57%–66.50% for 30 mm width, 

72.86%–75.82% for 50 mm width and 59.71%–61.37% for 80 mm width. 

Strength reduction at any temperature for the different shear connectors was 

nearly the same, which showed that the geometry and shape of the stiffened 

shear connectors had no effect on their strength. In addition, strength reduction 

depended strongly on temperature in terms of time due to specific heat. The 

specific heat of steel was enhanced by increasing the temperature. Accordingly, 

heating accelerated by increasing the temperature, which caused an acceleration 

in the strength reduction of steel. The trend of accelerating strength reduction 

could be determined by considering heating in terms of time, which was caused 

by the heat transfer coefficient. The reduction factors of the characteristic 

resistance (Pelevated/Pambient) for the stiffened angle shear connector 

decreased and converged with rising temperature (Figs. 15a and 15b). In 

consideration of the specimens, the standard deviations of the results were 

always less than 0.1 (Figs. 15a and 15b), illustrating the relation of full- and 

half-length stiffened angle shear connectors at elevated temperature; then the 

ambient temperatures approached each other for testing at different 

temperatures. 

 

 

Fig. 15a Relative values of ultimate load-carrying capacity of 100 mm specimens 

 

 

Fig. 15b Relative values of ultimate load-carrying capacity of 75 mm specimens 

 

3.6. Ductility factor 

 

A material’s capacity to endure plastic deformation without breaking is 

called ductility. The load–slip curves allowed the evaluation of the shear 

connectors’ flexibility factor (μ), thereby enabling an efficient comparison of 

the samples’ flexibility. The ductility factor is a dimensionless quantity 

expressed as a ratio of ultimate deformation to yield deformation. With 

reference to the mentioned curve, flexibility may be assessed by applying a 

flexibility factor that is explained through an equivalent elastoplastic load 

deflection curve, as observed in Fig. 16. 
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Fig. 16 Definition of ductility factor 

 

 The mentioned curve was idealised through two straight lines showing the 

original hardness and ultimate durability. These lines cross each other as the 

same yield dislocation Δy. The ultimate deflection, which is shown as Δmax, is 

the deflection subjected to failure in the shear connector. The equivalent 

flexibility factor was measured as Δmax/Δy. A high flexibility factor indicates a 

flexible composite system. In general, the direct relationship could be defined 

as follows: when the flexibility factor increases for a certain system, a decrease 

in the inelastic redistribution of the applied load is observed [27]. The results 

presented in Table 7 showed that the ductility of the shear connectors with 75 

and 100 mm height improved by averages of 155% and 179%, respectively, by 

elevating the temperature; however, the ductility of the stiffened angle shear 

connector with 100 mm height and 50 mm width (full- and half-length stiffeners) 

had the highest ductility amongst all the shear connectors and increased by 

530%. The geometry of the stiffened shear connector and temperature played a 

vital role with respect to the ductility of the shear connectors. The ductility of 

the shear connectors increased by decreasing the length of the connectors at 

ambient and elevated temperatures in most specimens. The shear connector with 

80 mm width had lower ductility compared with the shear connector with 30 

mm width. Despite the width of the shear connector, the length of the stiffener 

and the height of the shear connector played a vital role in the ductility factor. 

The ductility was enhanced by increasing the height of the shear connector, and 

the stiffened shear connectors with a half-length stiffener were more ductile than 

those with a full-length stiffener. With an increase in the width of the shear 

connectors, the stiffness increased, thereby reducing ductility. Ductility was 

considerably affected by temperature. Although increasing temperature reduced 

the strength of steel and concrete due to their properties, it enhanced ductility. 

The load–slip curves in Fig. 10 indicate that, at ambient temperatures, the shear 

connector with 80 mm width bore the highest load compared with those with 30 

and 50 mm width; nevertheless, the ductility at this temperature was nearly in a 

stable range. When the temperature was increased to 550 °C, the shear 

connector with 80 mm width had the highest carrying load, and the shear 

connector with 30 mm width became increasingly ductile. At 700 °C, the shear 

connectors exhibited the same behaviour as that at 550 °C. At 850 °C, the shear 

connector with 80 mm width still obtained the highest load, whereas the shear 

connector with 50 mm width demonstrated more ductility. In summary, the 

shear connector with 80 mm width could carry more load. The shear connector 

with 100 mm height was more ductile than that with 75 mm height due to the 

use of a stiffener. In addition, using a half-length stiffener facilitated the 

enhancement of ductility more than adopting a full-length stiffener. The results 

generally showed that the ductility of a stiffened angle shear connector 

increased by raising the temperature, as illustrated in Fig. 17a-b. 

 

 

(a) Stiffened angle – 100 mm heigth 

 

(b) Stiffened angle – 75 mm heigth 

Fig. 17 Ductility–temperature graphs of stiffened angle shear connectors 

 

Table 7 

Ductility factor for each specimen of angle shear connector 

 Specimen ID Temperature max slip ∆y µ 

1 A-100-30-F 25 6.4 3.16 2.04 

2 A-100-30-F 550 8.1 2.9 2.80 

3 A-100-30-F 700 13.3 4.59 2.90 

4 A-100-30-F 850 17.5 2.79 6.26 

5 A-100-30-H 25 7.9 4 1.96 

6 A-100-30-H 550 11.7 3 3.89 

7 A-100-30-H 700 16.9 4 4.23 

8 A-100-30-H 850 19.1 2.7 7.06 

9 A-100-50-F 25 7.3 4.1 1.79 

10 A-100-50-F 550 9.8 3.5 2.81 

11 A-100-50-F 700 12.0 3.6 3.33 

12 A-100-50-F 850 24.8 2 12.40 

13 A-100-50-H 25 8.3 3.7 2.23 

14 A-100-50-H 550 11.2 4.3 2.60 

15 A-100-50-H 700 18.5 5.8 3.20 

16 A-100-50-H 850 22.7 1.8 12.62 

17 A-100-80-F 25 8.5 4.7 1.80 

18 A-100-80-F 550 11.4 6.2 1.84 

19 A-100-80-F 700 16.8 5.6 3.00 

20 A-100-80-F 850 22.6 5.2 4.35 

21 A-100-80-H 25 10.8 4.8 2.24 

22 A-100-80-H 550 12.6 6.2 2.04 

23 A-100-80-H 700 18.4 5.4 3.42 

24 A-100-80-H 850 20.7 4.4 4.71 

25 A-75-30-F 25 4.9 2.8 1.75 

26 A-75-30-F 550 9.1 4.63 1.96 

27 A-75-30-F 700 13.3 5 2.66 

28 A-75-30-F 850 16.6 3.2 5.18 

29 A-75-30-H 25 5.9 3.2 1.84 

30 A-75-30-H 550 7.6 2.9 2.63 

31 A-75-30-H 700 12.5 4 3.13 

32 A-75-30-H 850 13.1 2.6 5.04 

33 A-75-50-F 25 4.7 2.6 1.82 

34 A-75-50-F 550 5.6 2.65 2.12 

35 A-75-50-F 700 9.5 3.7 2.57 

36 A-75-50-F 850 13.4 3.5 3.83 

37 A-75-50-H 25 6.2 3.3 1.89 
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38 A-75-50-H 550 9.3 4.1 2.26 

39 A-75-50-H 700 12.7 4.1 3.10 

40 A-75-50-H 850 21.5 3.6 5.98 

41 A-75-80-F 25 6.7 3.7 1.80 

42 A-75-80-F 550 9.7 5.6 1.74 

43 A-75-80-F 700 14.5 6.2 2.35 

44 A-75-80-F 850 18.7 4.8 3.89 

45 A-75-80-H 25 7.3 4 1.83 

46 A-75-80-H 550 10.4 5.2 2.00 

47 A-75-80-H 700 17.5 6.4 2.73 

48 A-75-80-H 850 18.2 4.6 3.96 

 

4.  Conclusions 

 

In this study, stiffened angle shear connectors were proposed and tested in 

a push-out test. The samples’ temperatures were initially increased from room 

temperature to 550 °C, 700 °C and 850 °C, and they were successively loaded 

to failure to evaluate their resistance and relative flexibility at high temperatures. 

In most push-out samples at room or target temperature, a connector fracture 

was observed. In consideration of the load–slip curves for all samples, at the 

ultimate load, the relative slip of the stiffened angle shear connectors was within 

the range of 4.72–10.77 mm at room temperature. The mentioned ranges for all 

samples at 550 °C, 700 °C and 850 °C were 5.61–12.64, 9.51–18.54 and 13.11–

24.79 mm, respectively. In conclusion, shear durability decreases of 155% and 

179% for various stiffened angle shear connectors with 75 and 100 mm height, 

respectively, were observed. On the basis of the obtained data, a relationship 

was found between flexibility and temperature. As the test temperatures 

increased, the connectors’ flexibility increased due to the properties of steel at 

elevated temperatures. In general, at elevated temperatures, more flexibility was 

observed for long connectors compared with that for short connectors. The 

results of this research showed that temperature had a destructive effect on the 

properties of concrete and steel and affected the load capacity of the shear 

connectors. The load capacity of the mentioned connectors at elevated 

temperatures was considerably lower than at ambient temperatures. Moreover, 

the shear strength was reduced by decreasing the load capacity. Strength 

reductions of 6.82%–80.02% and 8.01%80.20% were observed for full- and 

half-length stiffeners, respectively. These results illustrated that the ductility of 

connectors increased by increasing the temperature. Given that the strength and 

mechanical properties of steel and concrete decrease significantly at elevated 

temperature, a specific design is required to address the mentioned drawback. 

Hence, the novelty of this work in designing a stiffener for angle shear 

connectors clearly has a vital role in enhancing the resistance of shear 

connectors at elevated temperature. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The hysteretic behavior of an innovative multi-cellular concrete-filled steel tube walls (CFT-walls) with tie-bolts was 

studied. Seven full-scale tests were conducted under constant axial loads and cyclic lateral loads. The tie-bolts were 

arranged to fix connectors, attach the wall studs as well as enhance the confinement between steel sheets and infill concrete. 

The axial compression ratio was taken be the limit which may encounter in real projects. Before the treatment of the test 

results, the P −  effect was excluded from the lateral force–drift curves as it is considered independently in the current 

design codes.  

All the specimens presented similar spindle-shaped lateral force versus displacement hysteretic curves and failed in the 

severe plastic local buckling–tension cycles of the steel sheets and the crushing of concrete. No discernible pinching effect 

and out-of-plane buckling were observed and the specimens showed favorable hysteresis behavior, deformation capacity, 

and energy dissipation during the tests. The tie-bolts arranged at middle tubes and the width-to-thickness ratios of the 

faceplates had no discernible effect on the behavior in the investigated range. The point when the force reached two-thirds 

of the maximum lateral force was defined as the yield point of the member. Based on test results, two idealized backbone 

curves were proposed. Moreover, the hysteretic curves of all the specimens were calculated using the fiber element method 

and showed good agreement with the experimental results. 
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1.  Introduction 

 

Shear walls are the most common structural components that resist 

earthquakes or wind loads in high-rise buildings. To meet the lateral stiffness 

and strength demand of high-rise buildings, various composite shear walls 

formed of steel and concrete were proposed. The bi-steel steel–concrete–steel 

sandwich composite construction is one such walls[1] and is used in cores and 

staircase[2]. 

A similar type of wall, the double skin composite wall(DSC-walls) with 

interior studs and tie bolts(Fig.1(a)), was studied in [3,4,5]. DSC-walls are 

disadvantageous in that column-type local buckling occurs in the faceplates 

between the rows of the headed studs/tie bolts. It is well known that 

column-type buckling causes the loss of post-buckling strength and stiffness 

and decreases the vertical load capacity rapidly. Thus, Zhang et. al [6] based on a 

review of the experimental results from the open literature and on finite element 

(FE) analysis, proposed y/t E f as the upper limit of the distance between the 

headed studs or tie bolts, where E  is Young’s modulus, yf is the yield 

strength of steel, and t  is the thickness of the faceplates. For Q355 steel, 

y/t E f  is 24t , which is an extremely short distance for application in 

residential buildings. Yang et. al[7] proposed a more stringent limit on this 

distance. 

 

 

Fig. 1 Different configurations of DSC walls 

 

Nie et. al [8] studied the cyclic behavior of DSC walls using battened plates; 

the cross-section of their wall is shown in Fig.1(b). Huang et. al.[9] studied the 

cyclic behavior of concrete-filled DSC walls using battened plates and 

transverse stiffeners, as shown in Fig.1(c). Guo et. al [10] conducted a static test 

on short concrete-filled steel tube walls (CFT-walls) to determine their vertical 

load capacity as well as a horizontal cyclic test on two specimens under given 

vertical loads. The cross-section is shown in Fig.1(d). 

A new type of patented wall composed of a series of concrete-filled 

rectangular tubes was proposed by Hangxiao Steel Structures Corporation 

Limited(Patent No. CN103993682b, 2014) (hereafter, abbreviated as 

HX-CFT-walls). Moreover, it was applied rapidly in China in residential  

 

buildings (more than 1 million sqm have been built since 2014). The 

manufacture of HX-CFT-walls begins with a cold-formed square or rectangular 

box section; subsequently, a series of cold-formed lipped U-sections are added 

and welded by automatic arc welding (Fig.2(a)). After pieces of walls are 

manufactured, they are assembled into L- or T-shaped walls by welding either 

onsite or in the shop, depending on the strength demand and transportability. 

The wall thicknesses are 150 mm(lower stories) and 130 mm(upper stories), and 

the steel plate thicknesses are 5 mm and 4 mm when the heights of residential 

buildings are less than 80 m, the seismic ground acceleration is less than 0.2g, 

and the basic wind pressure is less than 0.5 2kN/m (based on the maximum 

average wind speed of 10 min in 50 years). Thicker walls(180–400 mm) and 

thicker plate (6–16 mm) are required when the buildings are higher and/or the 

loadings are larger or the earthquakes are more severe. 

Different from the bi-steelTM steel–concrete–steel sandwich panels[3] and 

DSC-walls with studs and tie bolts[5], HX-CFT-walls have similar behavior to 

CFT columns. The local faceplate buckling of each cell is prohibited by 

restricting the width-to-thickness ratio of the faceplate to that allowed for the 

CFT columns. Thus, the concrete in each cell is continuously and equally 

confined along the height. Zhang et. al[11,12] reported cyclic tests on 

concrete-filled cold-formed tube walls(Figs.2(a1) and (a2)) under given axial 

forces. These tests verified the similarity of HX-CFT-walls and CFT columns in 

terms of the seismic resistance behavior. 

 

 

 (a)Linear, L-/T-shaped CFT column T-walls  (b) High-rise building using CFT-walls, 

Yantai, China 

Fig. 2 Concrete-filled multi-cell steel tube walls and their application 
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Fig. 3 Plan layout of HX-CFT walls in a residential house in Baotou, Inner Mongolia 

 

Since cold-formed thin-walled steel sections are adopted in HX-CFT-walls, 

high-rise residential buildings can be built with affordable steel content, and 

automatic production lines have been developed so that the manufacturing costs 

are also reduced. Unlike DSC-walls whose applications are mainly in cores and 

staircases, HX-CFT-walls are arranged in plans, similar to concrete shear walls. 

Fig.3 illustrates a plan layout of HX-CFT-walls in a residential house of 34 

stories and with a height of 97m. The street block is composed of 12 high-rise 

residential buildings using HX-CFT-walls and located in Baotou, Inner 

Mongolia, China.  

However, such CFT-walls have some difficulties in attaching exterior 

cladding walls because welding connectors onto the cold-formed rectangular 

tubes with a thickness of 4–5 mm leads to permanent welding distortion. To 

avoid such difficulties, a modified CFT-wall, as shown in Fig.4, was proposed, 

in which tie-bolts are introduced to fix connectors and attach the wall studs. 

Tie-bolts can also increase the interfacial slip-resistant rigidity and strength 

between concrete and faceplates. The entire cross-section of this CFT wall is 

formed in such a way that a rectangular box and a cell with tie bolts are 

arranged alternately. Only one line of tie-bolts is used in the cells to ensure a 

good confining effect of the closed tubes on concrete. 

 
 

Fig. 4 CFT-walls with tie-bolts  

 

This paper reports an experimental study on the behavior of the above 

mentioned modified CFT-walls with tie bolts. The bolt-to-bolt distance in the 

vertical direction is 0.5–0.55 times the width of the tied cell so that the local 

elastic buckling stress of a faceplate is 1.844–1.603 times the buckling stress 

of the untied plate. Thus, the width-to-thickness ratio of the cells with tie-bolts 

can be 20–30% greater than that of a cell without tie-bolts. The tie bolts are 

required to be able to withstand a lateral pressure of 2 MPa within their 

attribute area. A confining pressure of 2 MPa is regarded as being able to 

provide ductility to the infill concrete. Wider bolted cells may slightly reduce 

the number of welds, which is the reason for introducing this modification. 

Cyclic loading tests were conducted on seven full-scale specimens. The 

failure mode, hysteresis loops, lateral stiffness, ductility, and energy dissipation 

capacity of the specimens are presented and discussed. The width-to-thickness 

ratios of lengthwise steel sheets are beyond the limitations recommended by 

Chinese codes[15] and Eurocode 4[16], which will be discussed in Section 2.1. 

Therefore, the effect of the tie-bolts on the buckling capacity of the steel 

sheets was also evaluated. Furthermore, fiber element models of the seven 

specimens were proposed and verified by the experimental results. 

 

2.  Experimental program 

 

2.1. Test specimens 

 

Seven full-scale CFT-walls with tie-bolts labeled from GHQ-1 to GHQ-7 

were tested under cyclic lateral loading. The cross-sections of the specimens 

consist of two square boundary tubes and three or four rectangular cells. The 

cells next to the boundary tubes are formed by two cold-formed lipped steel 

sheets and tie-bolted. The middle cells are normal rectangular tubes. Flare 

V-groove welds with the minimum effective throat equal to the plate thickness 

are used to connect the tubes. 

The limiting width-to-thickness ratio for square CFT columns 

recommended in Chinese codes[13] and Eurocode 4[14] are 

CECS k[ / ] 60b t =                                                           (1) 

EC4 k[ / ] 52b t                                                       (2) 

where b and t are the width and thickness of the steel tubes and steel sheets, 

respectively, and k y235 / f = . For
2

y 345N / mmf = , the [ / ]b t  limits 

imposed by Eqs.(1) and (2) are 49.5 and 42.9. The boundary boxes of the 

specimens have /b t  ratios of 40 and 37.5. The width-to-thickness ratio of 

the second cell next to the boundary tube is determined as follows. 

 

      

Fig. 5 Buckling of tie-bolted faceplates 

 

Fig.5 shows a faceplate with tie-bolts; its width is b, and the distance 

between the tie-bolts is a. Behind the faceplate is the infill concrete, 

preventing the faceplate buckling toward concrete; therefore, the only possible 

buckling mode is shown on the right side in Fig.5. The longitudinal edges are 

modeled as fixed; therefore, the buckling stress of the faceplate[15] is  

2 2
2

cr 2 2 2

2 1 4

3 12(1 )

Et

b


 

 

 
= + + 

− 

                                         (3) 

Where /a b = . The minimum buckling stress occurs when 1 = . 

2 2

cr,min 2 2

10.667

12(1 )

Et

b





=

−
                                                     (4) 

If the distance a was equal to the width b, the node lines of the faceplate 

buckles would be automatically located at the tie-bolts, and no tie-bolts works. 

Therefore, the distance a is taken to be less than the width b. Table 1 lists the 

buckling factors for β of 0.5–1.0. The width-to-thickness ratios E.y( / )b t  for 

which the buckling stress is equal to y 235 MPaf =   are also listed. Based on 

the well-known winter’s formula, when the normalized width-to-thickness ratio 

y / crf =  is equal to 0.673, the inelastic buckling strength is equal to the 

yield strength. The corresponding width-to-thickness ratios are also listed in 

Table 1. Referring to Table 1, the b/t ratio for the tie-bolted cell is set to 1.2 

times that in Eq.(1), i.e.,1.2 49.5 59.4 = . The middle cells have a smaller 

bending stress; therefore, their b/t ratios are also set to 1.2 times that in Eq.(1) 

in GHQ-1/3/6/7 to check their effect. 

 

Table1  

Determination of distance between tie-bolts(
2235N/mmyf = , 2200000N/mmE = ) 

  Buckling factor E,y( / )b t
 

E,y0.673( / )b t
 

Comments 

1 10.67 90.58 60.96 Based on Eq.(1) 

0.8 11.48 93.96 63.23 not attractive 

0.7 12.79 99.19 66.75 
1.1 times in Eq.(1), not 

attractive for practice   

0.6 15.22 108.19 72.81 1.2 times in Eq.(1), acceptable 

0.55 17.10 114.69 77.18 1.29 times in Eq.(1), acceptable 

0.5 19.67 122.99 82.78 1.36 times Eq.(1), acceptable 

 

The minimum thickness of the HX-CFT-walls is taken as 130 mm, which 

was found to ensure the quality of concrete when the wall height was 9 m (three 

stories) after the concrete pouring trials. GHQ-1–6 have wall thicknesses of 130 

mm, and boundary box 160×4 is introduced to improve the out-of-plane 

stability of the walls; concurrently, it has a limited effect on the in-plane 

behavior. Specimen GHQ-7 has a uniform wall thickness of 150 mm. It was 

demonstrated by past experience that when the wall thickness is equal to and 

greater than 150 mm, the out-of-plane buckling of the CFT-walls will not 
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occur in the test. 

Details of the specimens are shown in Fig.6 and listed in Table 2. 

Specimens GHQ-1 and GHQ-2 have identical geometries, whereas their axial 

force ratios, arrangement patterns of the tie-bolts, and loading histories are 

different. Specimens GHQ-3 and GHQ-4 have smaller width-thickness ratios 

than GHQ-1/GHQ-2 to examine the effect of these parameters. The middle 

cells of Specimens GHQ-5 and GHQ-6 have smaller widths than 

GHQ-4/GHQ-3, respectively. 
 

 

  

            (a) Sectional configuration of specimens                                 (b) Front view of Specimen 2                (c) Front view of Specimen 5 

Fig. 6 Test specimens 

 

Table 2 

Summary of test specimens(height=2900mm) 

No. 

GHQ 
Configuration 

Width-to-thickness ratio of faceplates Wall 

width B (mm) 
Loading 

history 

Axial force 

ratio d / rn n  
Axial force(kN) 

1stbox 2ndcell(bolted) Mid-cell 

1 G1+G2b+G3+G3+G2b+G1 40 60 60 1280 Type 1 0.56/0.30 3450 

2 G1+G2b+G3b+G3b+G2b+G1 40 60 60 1280 Type 2 0.50/0.27 3100 

3 G1+G4b+G3+G3+G4b+G1 40 55 60 1240 Type 2 0.56/0.30 3350 

4 G1+G4b+G5+G5+G4b+G1 40 55 50 1160 Type 2 0.56/0.30 3170 

5 G1+G4b+G5+G4b+G1 40 55 50 960 Type 2 0.56/0.30 2690 

6 G1+G2b+G3+G2b+G1 40 60 60 1040 Type 2 0.56/0.30 2880 

7 G6+G7b+G8+G7b+G6 37.5 60 60 1020 Type 2 0.56/0.30 2880 

Note: (1) Notation: “b” denotes “tie-bolted” 

(2) Cell dimensions: G1: 160×160×4, G2b:130×240×4, G3,G3b:130×240×4, G4b: 130×220×4, G5:130×200×4,G6:150×150×4,G7b:150×240×4,G8:150×240×4. 

 

Tie bolts are arranged at the center of the hollow section sections next to 

the boundary tubes, and the middle cells of GHQ-2 are also tie-bolted because 

their faceplates have a larger b/t ratio than that in Eq.(1). The distances 

between the tie bolts are doubled in the upper half of all the specimens 

because the upper parts have smaller bending moments in the tests(Figs 6(b) 

and (c), 240 mm and 120 mm, respectively). 

The specimens have top and bottom endplates of 40 mm and 60 mm, 

respectively. To avoid fracture of the welds between the wall and the endplates, 

vertical strengthening plates 100 × 6 were attached to the wall and welded to the 

top and bottom of the specimens. 

The limits on the normalized design axial force(defined as the ratio of the 

design value of the axial force and the design value of the yield strength) in 

the primary seismic concrete wall are taken as 0.35 and 0.4 for ductility 

classes DCH(high) and DCM(medium), respectively. Considering that the 

CFT-walls have higher ductility than concrete shear walls, for a residential 

building of 80 m, past experiences have revealed that the normalized design 

axial forces are approximately 0.5 for most CFT-walls. Therefore, it is chosen 

as 0.5 for all the specimens in this study. 

 

2.2. Material properties 

 

Table 3  

Material properties of steel 

Thickness 

(mm) 

Es 

(GPa) 

Yield 

strength 

(MPa) 

Yield 

strain 

(%) 

Ultimate 

strength 

(MPa) 

Ultimate 

strain 

(%) 

Elongation 

(%) 

4 208 350 0.185 495 23.4 30 

 

Design strength grade C40 was used in all the specimens; the average 

cubic strength of six 150 × 150 × 150 cubic specimens of the used concrete is 

cu 54.9 MPaf =   and 3:1 prism strength is pr cu0.76 =41.7 MPaf f=  . The test 

was conducted according to the Chinese “Standard for Test Method of 

Mechanical Properties on Ordinary Concrete” (GB/T 50081-2002)[16]. All the 

steel tubes were manufactured from Q345 steel sheets with a measured 

average thickness of 4.0 mm. The properties of the steel tubes, as listed in 

Table 3, were obtained from tensile tests conducted on coupons taken from the 

same batch of steel sheets. 

 

2.3. The setup and loading procedure 

 

All the tests were conducted using the multi-functional loading device 

shown in Fig.7. The specimens are bolted to the bottom block with M24(10.9s) 

high-strength bolts, which are clamped to the reaction floor by eight anchors. 

The specimens are also bolted to the top beam, which connects to the horizontal 

hydraulic jack. The top beam is of 400 mm in height and can distribute vertical 

loads to the top of the specimens. The horizontal and vertical hydraulic jacks 

have a capacity of 1500 kN and 25000 kN, respectively. 
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Fig. 7 Test setup 
 
The design/real axial load ratio d rn n , and the corresponding axial force 

are listed in Table 2. The design/real axial load ratio d rn n , is defined based 

on Eqs.(5) and (6). 

 

d

c c s

1.25N
n

A f A f
=

+
                                                          (5) 

r

c pr s y

N
n

A f A f
=

+
                                                         (6) 

 
where prf  is the prism(150 × 150 × 450) compressive strength of 

concrete, pr cu0.76 =41.7 Mpaf f=  , yf  is the yielding strength of the steel 

sheets, y 1.165f f= , and cA , sA  are the areas of concrete and the steel tubes, 

respectively. 

The axial force was first applied in five steps until the predetermined axial 

force was reached. The horizontal cyclic loading history was determined by the 

Chinese Specification of Testing Methods for Earthquake Resistant Building 

(JGJ 101-96)[17]. Load/displacement compound control was conducted in this 

test. Before the specimen yielded, the horizontal force was controlled by the 

load and applied in five levels, which corresponded to 1/5, 2/5, 3/5, 4/5, and 1of 

the predicted yield strength of the specimen. When the specimen yielded, the 

lateral displacement was recorded and defined as yield displacement ∆y, and 

then the horizontal force was controlled by displacement. Two types of loading 

procedures were conducted during the displacement-controlled. For specimen 

GHQ-1, the displacement level increment corresponded to ∆y, whereas it was 

changed to 0.5∆y in other specimen tests, as shown in Fig.8. Two circles were 

imposed at each displacement level, and the test was terminated when the axial 

force on the wall could not be maintained or the lateral load decreased below 

85% of the maximum measured load capacity. 

 

(a) Specimen GHQ-1(type 1) 

 

(b) Other specimens(type 2) 

Fig. 8 Design loading history of specimens 

2.4. Instrumentation 

 

The instrumentation for the specimens is illustrated in Fig.9. Nine linear 

variable displacement transducers (LVDTs) were used. The in-plane horizontal 

displacements were measured by four LVDTs (H-1, H-2, H-3, and H-5) along 

the heights of the walls. Two LVDTs(H-6 and H-7) monitored the possible 

out-of-plane deformation of the specimens, and three LVDTs(H-4, V-1, and V-2) 

monitored the displacement of the foundation beam. The lateral and vertical 

loads applied by the hydraulic jack were automatically recorded by the loading 

system. 

For recording the observations and discussing the test results, the faces of 

the specimens coated with a whitewash are called as front sides, and the 

opposite faces are defined as the back sides of the specimens. In addition, the 

push (horizontal hydraulic jack from left to right) is defined as positive loading, 

and the pull (horizontal hydraulic jack from right to left) is defined as negative 

loading. 

 

 

Fig. 9 Locations of LVDTs 

 

3.  Experimental results and discussion 

 

3.1. General observations and failure modes 

 

In general, all the specimens demonstrated similar behaviors. Taking 

GHQ-2 as an example, it experienced the following three stages:  

Quasi-elastic stage: The P–∆ curve was approximately linear in the initial 

ascending part. No local buckling or physical deformation was observed. 

Subsequently, the specimen began to yield with some slight local buckling at 

the boundary tubes in the compression zone, as shown in Fig.10(a). The first 

plastic local buckling occurred at approximately 200 mm from the bottom of the 

boundary tubes in cycle ∆y. 

Yielding development stage: After the plastic local buckling of the 

boundary tube, some local buckling occurred and developed in more locations 

during cycles 1.5∆y to 2∆y, as illustrated in Figs.10(a) and(b). For cycle 2.5∆y, 

the specimen attained its ultimate strength, Pmax. Noticeable local buckling was 

observed at a height of 350 mm in the middle tubes. 

Failure stage: As the buckling of the steel faceplates became severe and the 

concrete crushed gradually, the lateral load decreased to 0.85Pmax. The final 

collapse occurred with the fracture propagation of the steel profile at the 

buckling location (Fig.10(c)) and the crushing of concrete. The final failure 

mode of GHQ-2 is shown in Fig.10(d). 

The failures of the other specimens are illustrated in Fig.11. During the test 

process, the out-of-plane deformation of the specimens was monitored by 

LVDTs H-6 and H-7. Except for the last circle of GHQ-1, no visible transverse 

displacement was observed. As Figs.10 and 11 show, the half wavelength of the 

steel sheets is equal to the spacing of the tie-bolts(120 mm) for the tubes with 

tie-bolts, indicating that the local buckling of the steel tubes was restrained and 

the local buckling modes were changed. 
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(a) Local buckling of steel sheets(2.0∆y)  (b) Development of local buckling (2.5∆y) 

 

(c) Fracture propagation on the edge tube             (d) Failure condition 

Fig. 10 The Failure mode of Specimen GHQ-2 

 

                                     

(a) Fracture propagation of steel and crushing of concrete in GHQ-1  (b) Failure condition of GHQ-3                    (c) Fracture propagation in GHQ-4 

                    

(d) Failure condition of GHQ-5              (e) Failure condition of GHQ-6 from the back view        (f) Local buckling waves in GHQ-7 

Fig. 11 Observation of specimens 

 

3.2. Lateral load–displacement hysteretic response 

 

For all the tested specimens, the lateral loads versus the corresponding 

displacements at the top of the wall eliminating the base rotation and movement 

are shown in Fig.12. All the hysteretic curves are spindle-shaped, without a 

noticeable pinching effect. The lateral load capacities decrease because the 

lateral drifts are beyond the maximum load point. Degeneration of the lateral 

load-carrying capacity is caused by a second-order effect, concrete 

crushing/tensile cracking, and the local buckling of the faceplates. 

The load–displacement (story drift ratio) envelope curves connect the peak 

points of each loading cycle on the hysteretic curves, and the results are shown 

in Fig.13. 

The following conclusions can be obtained from Figs.12 and Fig.13: 

(1) The peak loads of GHQ-1,-2 are 984 kN(GHQ-1) and 1016 

kN(GHQ-2), respectively. Although GHQ-1 has larger steps, they exhibited 

similar behaviors, which suggested that adding tie-bolts in the middle cells has a 

negligible effect. GHQ-3 has a smaller /b t  ratio at the tie-bolted cells than 

GHQ-1. The hysteretic curve is shown in Fig.12(c), and no capacity or ductility 

improvement over GHQ-1/2 is observed. 

(2) GHQ-4 has cells with smaller width-to-thickness ratios, and improved 

ductility is expected. Comparing Fig.12(d) with Figs.12(a)–(c), a slightly 

slower degeneration of the lateral capacity is observed. The width of GHQ-4 is 

9.4% smaller than that of GHQ-1/2; therefore, its maximum lateral capacity is 

lower. 

(3) GHQ-5 has the same width-to-thickness ratio as GHQ-4; however, it 

has only one middle rectangular cell. Therefore, it is slender than GHQ-4. The 

average shear stress at the maximum lateral load is 74 N/mm2, which is smaller 

than those of GHQ-1–GHQ-4. The role played by the bending moment is more 

dominant than that by the shear. GHQ-6 has a larger /b t  ratio than GHQ-5, 

and its hysteretic curve is similar to that of GHQ-4. 

(4) GHQ-7 with a constant wall thickness (150mm) presents a similar 

behavior to GHQ-6. 

 

 

(a) Specimen GHQ-1                          (b) Specimen GHQ-2                          (c) Specimen GHQ-3                          (d) Specimen GHQ-4 

 

(e) Specimen GHQ-5                              (f) Specimen GHQ-6                              (g) Specimen GHQ-7 

Fig. 12 Load–-displacement (story drift ratio) hysteresis curves of specimens 
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(a) Comparison of Specimens GHQ-1–GHQ-4                               (b) Comparison of Specimens GHQ-5–GHQ-7 

Fig. 13 Envelop curves of load–-displacement 

 

 

 

Fig. 14 Skeleton curves excluding P −   effect 

 

3.3. Response curves and ductility factor excluding P–Δ effect 

 

The hysteretic curves in Fig.12 and the skeleton curves in Fig.13 include 

the influences of the P −   effect. However, in the current design and study on 

the seismic behavior, this effect is isolated from the physical stiffness, as 

expressed in the following equilibrium equation for single-degree of freedom 

systems: 

 

ep gst
m c F P h ma +  + −  = −                                           (7) 

 

Elastic–plastic hysteretic behavior is included in the term epF  and the 

P −   effect is considered as an independent term; therefore, the experimental 

curves must be corrected to isolate the P −   effect. 

All the seven specimens failed at their bottom; their bending moments are 

 

base stM Ph N= +                                                          (8a) 

 

where P  is the horizontal force, sth  is the height of the specimen, N  is the 

axial load,   is the lateral displacement at the top, and baseM is the moment 

including the P −   moment. If the same bending moment is produced by the 

lateral force only, then 

 

base stM Fh=                                                               (8b) 

 

and one obtains 

 

st

N
F P

h
= +                                                               (9) 

The corrected lateral force F—drift   curves for all the specimens are 

presented in Fig.14. 

The yield displacement y  is defined as follows: the yield strain of steel 

is y y 350 200000 1750f E = = = , and the strain of concrete at cuf  is 

approximately 1790  for C40 concrete. Both the strains are similar; 

therefore, the yielding point on the lateral force–displacement curves can be 

defined as the edge steel fiber begins to yield and the infill concrete reaches its 

prismatic strength. The stress diagram of this state is shown in Fig.15, and the 

theoretical yield moment was calculated. Table 4 lists the yield moments yM  

of the specimens. It is found that the yield moments are approximately 0.67 

times the maximum bending moment max max st=M F h ; therefore, point max0.67F  

is used as the yielding point, which is denoted by Point A in Fig. 16(c). 

 

 

Fig. 15 Yield point definition 
 

Connecting the origin to Point A and extending this line to max0.85F , the 

displacement of this point is denoted as ( )yμ y y0.85 0.667 1.27 =  =  . The 

useful limit of deformation u  is Point C at which the lateral force drops to 

85% of the maximum capacity. According to Newmark and Hall[18](Fig. 16(a)), 

the ductility factor is defined as 

 

u

yμ

=



                                                                 (10) 
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Table 4 

Yielding moments and components characteristics 

Specimen ck
 Shear deformation  

percentage   
sK
 

(kN/m×106) 

yM  

(kN·m×106) 

AM ( max st0.67F h ) 

(kN/m×106) 
y A/M M

 

c
 

GHQ-1 0.596 15.5% 45.64 2327.4 2222.2 1.010 0.31 

GHQ-2 0.596 15.5% 45.64 2477.3 2067.3 1.075 0.33 

GHQ-3 0.595 14.8% 42.31 2202.3 2099.5 1.013 0.30 

GHQ-4 0.592 12.3% 35.75 2032.5 1972.8 1.057 0.41 

GHQ-5 0.586 8.7% 21.96 1247.7 1318.9 0.919 0.56 

GHQ-6 0.590 10.7% 26.91 1597.2 1490.4 1.017 0.56 

GHQ-7 0.612 9.4% 25.27 1466.6 1426.8 0.977 0.61 

Note:
c pr

ck

s y c pr

A f

A f A f
 =

+
 

 

 

Newmark and Hall[18]                                          (b) Ibarra and Krawinkler[19]                                          (c) Present study  

Fig. 16 Definition of ductility Factor 

 

Table 5 

Test results and parameters for Newmark and Hall’s model 

Specimen 
Load 

direction 
maxF  

(kN) 

yμ  

(mm) 

0K
 

(kN/m×106) 

eK  

(kN/m×106) 
u    

m  
max  y / h  u / h  

GHQ-1 
+ 1060 19.4 65.97 46.31 60.7 3.12 42.1 95.6 1/190 1/48 

− −1058 −16.7 76.72 53.97 −51.2 3.07 −33.6 −96.1 1/222 1/57 

GHQ-2 
+ 1012 17.0 73.12 50.43 56.2 3.30 30.3 94.6 1/217 1/52 

− −1068 −18.9 67.15 48.15 −57.2 3.03 −38.7 −99.2 1/196 1/51 

GHQ-3 
+ 1001 18.0 64.13 47.35 55.0 3.06 37.1 95.5 1/206 1/53 

− −1054 −20.6 63.29 44.05 −50.5 2.45 −41.0 −100.8 1/179 1/57 

GHQ-4 
+ 937 18.3 57.99 43.46 60.7 3.32 42.1 94.9 1/202 1/48 

− −936 −16.4 62.77 48.49 −47.9 2.92 −33 −95.9 1/225 1/61 

GHQ-5 
+ 614 21.6 41.45 24.30 62.8 2.91 43.0 74.2 1/171 1/46 

− −612 −21.0 44.08 24.72 −57.7 2.75 −44.5 −73.5 1/176 1/50 

GHQ-6 
+ 702 22.8 49.85 26.13 64.2 2.81 45.9 77.5 1/217 1/45 

− −723 −19.4 54.02 31.78 −60.8 3.13 −42.9 −80.9 1/190 1/48 

GHQ-7 
+ 681 17.0 53.99 34.02 57.3 3.37 36.7 78.2 1/217 1/51 

− −684 −19.7 50.27 29.60 −62.5 3.16 −41.8 −78.3 1/187 1/46 

 

Table 5 summarizes the lateral capacities excluding the P −   effect, 

displacements yμ , u , and m , initial secant stiffness 0K  (computed by the 

first step lateral load and displacement), and secant stiffness at yield point A 

eK . The peak load and ductility of Specimens GHQ-1 and GHQ-2 are similar, 

which indicates that the arrangement of the binding bars in the middle 

tubes(G-1) has an insignificant effect. The length of the specimens has a 

significant effect on the peak load and the initial lateral stiffness, whereas it has 

a limited effect on the ductility of the specimens. 

As can be seen from Table 5, the useful drift ratios are in the range of 

1/45–1/61 with the ductility factors varying from 2.45 to 3.37, which indicates 

that all the specimens have good ductility and exhibit ductile post-peak-load 

behavior as expected. Two parameters— st/B h , max y/ f — are correlated to 

the ductility factor  , as shown in Fig.17; however, no explicit relations are 

found. Here, / stB h  is the inverse of the shear span–depth ratio, which is an 

important factor affecting the ductility of reinforced concrete beams and 

columns, max is the average shear stress at maxF  neglecting the contribution of 

the infill concrete. 

 

(a)                                           (b) 

Fig. 17 Correlation of ductility factors with parameters / stB h  and max y/ f  

 
The varied factors of the seven specimens, i.e., with/without tie-bolts in the 

middle cells(GHQ-1 and GHQ-2) and the width-to-thickness ratios of the 

faceplates(50, 55, 60), have no discernible effect on the ductility.  

Figs.16(b) and (c) also show a trilinear model, O–A–B–C, which was 

adopted by Ibarra and Krawinkler[19]. Ratios m y/   and u y/   and the 

parameters are listed in Table 6. 
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Table 6 

Parameters for Ibarra and Krawinkler’s model 

Specimen Load direction m m y/ =  
 

u u y/ =    s  c  

GHQ-1 
+ 2.76 3.98 0.284  0.185  

− 2.57 3.92 0.318  0.167  

GHQ-2 
+ 2.26 4.20 0.396  0.116  

− 2.61 3.87 0.309  0.180  

GHQ-3 
+ 2.63 3.90 0.307  0.177  

− 2.53 3.12 0.321  0.378  

GHQ-4 
+ 2.93 4.23 0.259  0.174  

− 2.56 3.72 0.320  0.195  

GHQ-5 
+ 2.54 3.70 0.323  0.192  

− 2.70 3.50 0.295  0.281  

GHQ-6 
+ 3.44 3.58 0.320 0.221  

− 2.81 3.99 0.274  0.191  

GHQ-7 
+ 2.75 4.30 0.286  0.145  

− 2.69 4.03 0.293  0.167  

Mean  2.70 3.95 0.308 0.198 

   

                 

(a) Dimensional                                                                         (b) Non-dimensional 

Fig. 18 Stiffness degradation curves 

 

3.4. Lateral stiffness 

 

3.4.1. Initial stiffness and concrete reduction factor 

The cross-sectional properties of the initial secant rigidity are expressed as 

sec 0 s s c c c( )EI E I E I= +，  and ( )sec 0 s sw c c c( ) 1.2GA G A G A= +， , 

where s c,E E  are the elastic moduli of steel and concrete, respectively; s c,G G  

are the shear moduli of steel and concrete, taken as s / 2.6E  and c / 2.4E , 

respectively; s c,I I  are the inertia moments of steel and concrete; c  is the 

reduction factor accounting for the nonlinear behavior of concrete and tensile 

and shear cracks of concrete; sw 2A Bt=  is the steel web area of a CFT-wall, 

where B  is the wall width and t  is the thickness of the faceplates; and cA  is 

the concrete area. 

The initial secant rigidities of the specimens are expressed as 

 

sec 0 sec 0

3

st st
0

sec 0 sec 0

3

st st

3( ) ( )

3( ) ( )

EI GA

h h
K
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h h
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+

， ，

， ，

                                              (11a) 

 

The yield point secant rigidity is 

 

sec,y sec,y

3

st st
e

sec,y sec,y

3

st st

3( ) ( )

3( ) ( )

EI GA

h h
K

EI GA

h h



=

+

                                              (11b) 

 

0K  and eK  are calculated based on the test results and are summarized in 

Table 5. Ratio e 0/K K is within 0.6–0.7. The theoretical rigidity considering 

only steel is 

s sw

3

st st
s

s s w

3

st st

3

3 s

EI GA

h h
K

E I GA

h h



=

+

                                                     (11c) 

 

sK is also provided in Table 4. It was found that eK  is only slightly 

greater than sK , which suggests that the contribution of concrete to the lateral 

stiffness is small. 

Based on the initial secant stiffness of the tested specimens, the reduction 

factor c  is computed and listed in Table 4, which is within 0.3–0.6. It is 

found that the specimens with smaller st/B h (bending deformation dominant) 

having a larger c . In addition, the initial shear deformation values in 

percentage   listed in Table 4 were computed as follows: 

 

sec 0

3

st

sec 0 sec 0

3

st st

3( )

3( ) ( )

EI

h

EI GA

h h

 =

+

，

， ，

                                                (12) 

 

3.4.2. Stiffness degradation 

The stiffness of the specimens decrease gradually as the lateral 

displacement and test circles increase, which is mainly due to the cumulative 

plastic damage during the test. To investigate the stiffness degradation of the 

specimens, secant hysteresis stiffness iK  is defined as 

 

i

i

i

P
K

y


=


                                                               (13) 

 

where iK  is the annular hysteresis stiffness of the ith cycle at the displacement 
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level of I, and iP , iy  are the maximum lateral force and the corresponding 

displacement of the ith cycle at the displacement level of I, respectively. 

Figs.18(a) and (b) show the dimensional and non-dimensional stiffness 

degradation of the specimens at various displacements (drift ratios), 

respectively. The initial annular stiffness is mainly controlled by the bending 

stiffness around the cross-sectional strong axis of the specimens when the other 

parameters are the same. Fig.18(b) shows that the stiffness of the slenderer 

specimens(GHQ-5 to GHQ-7) decreases more steeply after the specimens yield. 

 

3.5. Energy dissipation capacity 

 

The energy dissipated at each loading level can be measured as the area 

enclosed by the hysteresis loop. An equivalent hysteretic damping coefficient, 

he
[20], is used in this study to evaluate the energy dissipation capacity of the 

specimens, as expressed in Eq. (14). 

 

ABCDEF

ΔOCH ΔOFG

1

2π
e

S

S S
h

+
=                                                    (14) 

 

where ABCDEFS  is the area enclosed by the hysteresis loop indicated in 

Fig.19, OCHS  and OFGS  are the areas of triangles OCH and OFG(the shadowed 

areas), respectively, illustrated in the inset of Fig.19. These areas are computed, 

and the equivalent hysteretic damping coefficients he of the specimens are 

depicted in Fig.19. 

 

 

Fig. 19 Energy dissipation capacity of specimens 

 

As expected, he increases with increasing lateral displacement. Before the 

yielding of the specimens, the values of the coefficient are approximately 0.10. 

During the yielding development stage, it ranges from 0.10 to 0.15. The final 

equivalent damping coefficients of all the specimens are over 0.3, which 

indicates that the specimens have good energy dissipation capacity. As all the 

specimens have similar values of equivalent damping coefficients, the 

configuration of the shear walls has a limited effect on the energy dissipation 

capacity of the specimens. 

 

4.  Fiber element method 

 

The fiber element method is a highly efficient numerical scheme for 

simulating the monotonic and cyclic behaviors of composite cross-sections, 

including circular[21] and square CFT columns[22,23,24] and concrete-filled 

double-skin steel-plate composite walls[25]. In the fiber element model, the 

cross-section components are discretized into small fibers, as shown in Fig.20, 

and the uniaxial stress–strain curves are used for each fiber of the cross-section. 

Compared to the conventional finite element method, the fiber element method 

has a lower computational cost with fewer degrees of freedom because only 

sectional fibers are required in the analysis. Hence, the fiber element method 

was employed to simulate the cyclic performance of the seven specimens in this 

study. 

 

Fig. 20 Discretization of composite shear walls 

 

In addition, the following assumptions are made in the analysis: 

(1) Plane sections of the concrete core and steel sheets remain plane, and 

the material fibers in the cross-section are subjected only to the uniaxial stress 

states during the analysis. 

(2)The slip between the concrete and a steel tube is not considered which 

was demonstrated to have little effect on the strength[26]. 

(3)The tensile strength of concrete and the effects of creep and shrinkage 

are neglected. 

(4) The effects of concrete confinement and tie-bolts on the strength and 

ductility are considered in the stress–strain model for confined concrete[27,28]. 

(5) The shear deformation of a double-skin-profiled composite shear wall 

was studied by Nie[29] and Zhang[30], who found that the shear deformations 

accounted for approximately 20% of the total deformation when the shear span 

ratio of the wall was 2.0. As discussed in Section 3.4.1, the shear deformation 

accounts for 10%–15% of the total lateral deformation(Table 4) in the very 

initial state. In the late stage, it was found that the shear modulus of concrete 

rapidly drops to zero[31], and the shear deformation contributes a greater part to 

the total lateral deformation. In this study, it is assumed that the shear 

deformation percentage in the total deformation is doubled in the late stage, i.e., 

30% for GHQ-1–3, 25% for GHQ-4, and 20% for GHQ-5–7. 

The stress–strain relationships of the confined concrete and steel sheets are 

shown in Fig.21; they consist of two parts: (1) a monotonic behavior during 

compression and tension, and (2) hysteresis rules governing the behavior under 

cyclic loading. For the confined concrete, the effect of the tie-bolts on the 

concrete core, such as the concrete in G-2 of Specimen GHQ-1, was considered 

using the material model proposed by Long and Cai[27]. Considering the local 

buckling of the steel sheets, as shown in Fig.20, the stress–strain relationship 

incorporating a descending stage proposed by Thai[32] was used to determine the 

post-local buckling behavior of the steel sheets. The main parameters and 

formula are presented in Fig.21, and more details on the stress–strain 

relationships of the confined concrete and steel sheets can be found in the 

papers by Marder[28], Liang[33], and Shi[34]. 

The hysteretic and envelop curves calculated by the fiber element method 

are compared to the experimental results, as shown in Fig.22, and a good 

agreement is found. In addition, the yield and inelastic local buckling points of 

the edge steel fiber were obtained. The fiber element models have slightly 

higher lateral stiffness than the experimental values, which may be owing to the 

assumption of shear deformations of the shear walls, local bending of the 

faceplates, and slippage of the foundation beam and bolts, as discussed by 

Han[35]. The fiber element method used in this study is effective with reasonable 

accuracy; however, the weld cracks and thereby the loss of strength in both the 

nearby steel and concrete cannot be incorporated into the model. This is the 

cause of the difference between the method and experimental results in the late 

post-peak stage.  

     

(a) Confined concrete                                                                            (b) Steel sheets 

Fig. 21 Stress–strain relationship of confined concrete and steel sheets 
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Fig. 22 Comparison between experimental hysteretic curves and calculated curves 

 

5.  Summary and conclusions 

 

In present study, the hysteretic behavior of an innovative multi-cellular 

CFT-walls with tie-bolts was studied. Seven full-scale tests were conducted 

under constant axial and cyclic lateral loads. The axial force was taken to be the 

limit used in practice. The width-to-thickness ratios of the faceplates and the total 

width of the walls were varied among the specimens. 

Before the treatment of the test results, the P −   effect was excluded 

from the lateral force–drift curves because the P −  effect is considered 

independently in the current design codes. 

The following conclusions can be drawn: 

(1) All the specimens show similar hysteretic behaviors and failure patterns 

during the tests. The lateral force versus displacement hysteretic curves are 

spindle-shaped without a discernible pinching effect, which indicates that the 

specimens have favorable hysteresis behavior, deformation capacity, and energy 

dissipation. 

(2) Failure was triggered by the plastic local buckling of the faceplates and 

the tensile cracks of the cold-formed corner after repeated tension and local 

buckling. As the buckling deformation of the steel faceplates became severe and 

the concrete crushed gradually, the specimens failed during the fracture 

propagation of the steel profile and the crushing of the concrete. 

(3) Based on the experimental observations, the tie-bolts can suppress the 

local buckling half-wavelength of the steel sheets, validating the design method 

of the specimens. 

(4) The presence of tie-bolts in the middle tubes (G-1) of Specimen GHQ-2 

has an insignificant effect on the peak load and ductility of the specimens owing 

to a low stress distribution. This suggests that the tie-bolts may not be present in 

the middle cells, even if the middle cells have a larger width-to-thickness ratio 

than that in the edge CFT columns. 

(5) The width-to-thickness ratios of the faceplates have no discernible effect 

on the behavior in the investigated range (50, 55, 60) when the boundary tubes 

are the same. 

(6) Two idealized models for the hysteretic curves were proposed. One was 

Newmark and Hall’s model, in which the average ductility factor of the 

specimens is 3.10. The second was Ibarra and Krawinkler’s trilinear model, in 

which the average “peak drift/yield drift” ductility is 2.70 and the average 

“useful drift/yield drift” ratio is 3.95. 

(7) The hysteretic and envelop curves calculated by the fiber element 

method are compared to the experimental results, and a good agreement is found. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Aluminum alloy penetrating (AAP) joint system is a new type of semi-rigid aluminum alloy joint developed by adding a 

U-shaped connector and a penetrating member to the original Aluminum Alloy Temcor (AAT) joint. For the commonly 

used aluminum materials in structural engineering, 6061-T6 aluminum alloy, the static out-of-plane bending moment 

resistance tests of six specimens of the AAP joints are carried out. The failure modes and moment (M) -rotation (Φ) curves 

of different cover shapes are obtained. Considering the influence of factors such as the contact surface, installation gap and 

bolt pre-tightening force on the joint, finite element method is used to establish simulation models of AAP joints and AAT 

joints, and the failure modes and M-Φ curves are obtained. By comparing the static performance of the two joints, the 

stiffness and bearing capacity of the new AAP joint are significantly better than the traditional AAT joints. The parameter 

analysis of the rotational resistance performance of AAP joints and AAT joints under bending moment and different axial 

tension and pressure is carried out. Comparing the rotation performance of the two joints under different axial forces, the 

axial tension force is a more unfavorable load for the joints, and the AAP joints perform better than the AAT joints after 

being subjected to the axial tensile load. 
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1.  Introduction 

 

The aluminum alloy was first applied to architectural structures in 

European and American countries in the 1940s. It was widely used because of 

the unique advantages of aluminum alloy materials [1].Its technology originated 

from the aerospace industry at the time. China began the application and 

research of aluminum alloy structures in the 1990s. The use of aluminum in 

building structures has come a new trend [2]. As a structural material, aluminum 

is light and corrosion-resistant which has the irreplaceable advantages of other 

building materials [3]. Meanwhile, aluminum structures have a strong modern 

feel and convenient construction [4], so it has broad application prospects in 

large-span landmark buildings such as sports and performance venues [5]. 

Currently, domestic large-span aluminum space structures are mainly divided 

into three types: single-layer spherical reticulated shells, bolt-ball jointed grids, 

and double-layer reticulated shells. 

In recent years, with the increasing requirements for the beautiful 

appearance of buildings, single-layer free-form surface structures have received 

a growing number of attention, and the requirements for aluminum alloy joints 

have gradually increased. Based on the traditional requirements of rigidity and 

bearing capacity, higher requirements have been put forward on the direction 

angles of spatial connections, installation accuracy and construction speed of 

aluminum joints [6]. In this regard, research and development of new aluminum 

joints have been carried out at home and abroad, such as the self-piercing riveted 

joints [7, 8], T-stub joints [9, 10], aluminum welded connections [11], cast 

aluminum joints [12]. Research on the aluminum space structures in China 

started relatively late. Currently, the most widely used joint system is Temcor 

joint system. Temcor joint is equipped with H-section members. For the 

mechanical performance of Temcor joint, domestic scholars have conducted a 

lot of analysis and research. Series of experimental and numerical investigations 

of Temcor joint in normal and high temperature environments were carried out. 

[13-23] Zhang [24] carried out a numerical simulation analysis of Temcor joints, 

and pointed out that the stress of the cover plate was mainly normal stress, which 

gradually decreased from the middle to the edge. The stress of the member was 

small and did not yield. The failure mode of the Temcor joints was the bolt 

yields under shear. Qian [25] proposed that the number of bolts and bolt holes, 

the size of the cover plate and the amount of arching were important parameters 

that affected the mechanical performance of the Temcor joints. The lower limit 

of the cover plate thicknesses of was determined by the thickness of flanges, 

and the lower limit of the plate diameter was determined by the size of the end 

of the member. Zou [26] carried out a finite element numerical simulation 

analysis of Temcor joint, and found that the stress at the contact surface between 

the cover plates and the numbers was relatively large, but the stress distribution 

was uniform and reasonable. There was a phenomenon of stress concentration 

near the bolt holes. The bending stiffness of the joint was calculated out of the 

joint. It was pointed out that the AAT joint was a semi-rigid joint. 

In this paper, based on the traditional AAT joint, the method of adding a U 

connector and a penetrating member was proposed to develop a new type of 

aluminum semi-rigid joint, AAP joint. The static rotational resistance 

performance tests of AAP joints with different gusset shapes and gusset 

thicknesses under out-of-plane moment were carried out, and the failure modes 

and M-Φ curves were obtained. The simulation analysis models of AAP joints 

and AAT joints corresponding to the experiment were established by using the 

ABAQUS. The static performance of the two joints, like M-Φ curves failure 

modes, was compared. Then, the parameter analysis of the anti-rotation 

performance of AAP joints and AAT joints considering the influence of axial 

forces was carried out, and the differences of two joints were analyzed. 

 

2.  AAT joint system and AAP joint system 

 

Aluminum space structures have prevailed with the application of large-

span aluminum roofs, grids, and shells. Because of its poor weldability, 

aluminum structures are mainly connected by mechanical connections in which 

the aluminum alloy Temcor (AAT) joint is the most common, as shown in Fig. 

1. At present, AAT joint is used in many new single-layer reticulated shell 

structures in China, for example, the Shanghai Science and Technology 

Museum built in 2001 is a traditional single-layer aluminum reticulated shells 

jointed by AAT joints. However, the AAT joint only uses the top and bottom 

gusset bolts to connect the gusset and the flange, the web of the member is 

disconnected in the joint region. There are deficiencies such as unclear force 

transmission path and poor shear resistance performance. 
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Fig. 1 AAT joint system 

 

Aiming at modifying the disadvantages of the AAT joint in structural and 

mechanical performance, a new type of semi-rigid aluminum penetrating joint 

system is designed and developed in this paper, as shown in Fig. 2.The 

penetration of a joint member has solved the problem of discontinuity of the 

web in the joint region. At the same time, a U-shaped piece is added to tightly 

connect the webs of penetrating member and short member. This design 

improves the overall stiffness and shear resistance of the joint. 

 

 

Fig. 2 AAP joint system 

 

3.  Numerical simulation method of joint rotational resistance 

 

The joint rotational resistance performance is affected by many parameters 

such as the connection methods, component sizes and bolt forms. Using the 

large-scale finite element analysis software ABAQUS to analyze the force 

condition and performance of the joint is a very suitable and efficient method. 

In this chapter, ABAQUS finite element software was used to establish finite 

element models of AAP joints and AAP joints corresponding to the test sizes. 

The stiffness and ultimate bearing capacity of AAT joint and AAP joint were 

compared, and the difference between the two joints was analyzed. 

 

3.1. Establishment of numerical models 

 

The ABAQUS finite element software was used to analyze the mechanical 

performance of the AAP and AAT joints with 6 mm and 12 mm gussets. In 

order to achieve a comparative study between the finite element analysis (FEA) 

and test results, the dimensions of numerical models were exactly the same as 

those of the test specimens, and the dimensions of gussets, members and bolts 

of AAT models were the same as AAP models. The boundary conditions of the 

pinned constraints were applied at the ends of the six members, and six equal 

vertical loads were applied near the gussets to simulate the closest constraint 

and load conditions to the test. Numerical models of AAP joints used solid 

elements in ABAQUS, such as the 3D octahedral reduced integral element, 

C3D8R Element. Based on the three-dimensional octahedral reduction 

integration, during the meshing process of the joint numerical models, the 

locations with large stress and obvious deformation were finely meshed to 

obtain more accurate calculation results, such as bolts of gussets and webs, bolt 

holes, areas near bolt holes and U-shaped connectors, etc. However, the mesh 

size in other locations where the joint models had less deformation and stress 

became larger to increase efficiency. The numerical model was shown in Fig. 3. 

 

 

(a) AAP joint model 

 

(b) AAT joint model 

Fig. 3 Numerical simulation models 

 

The material constitutive model of aluminum members and gusset adopted 

the classic Ramberg-Osgood aluminum material model. The expected 

properties of the constitutive model were very close to the actual material 

properties, so it was widely accepted and used, and its general form was shown 

in equation (1): 
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In the above equation, σ was the stress of the aluminum alloy, and ε was the 

strain corresponding to the stress σ. f0.2 was the stress value of the residual strain 

0.2%, E was the elastic modulus, and n is equal to 41.542. In order to reduce the 

error between the test and the numerical simulation, the material property data 

of the aluminum 6061-T6 measured in the material property test was used. 

Poisson's ratio, ν, was 0.3, and density of aluminum, and ρAl was 2700 kg/m3. 

The model of the bolt material used an ideal elastic-plastic model of stainless 

steel A4-70 with f0.2 equal to 450 MPa, elastic modulus, E, equal to 200000 MPa. 

Poisson's ratio, ν, was 0.3, and density, ρB was 7800 kg/m3. 

In non-linear analysis, the surface-to-surface contact needed to be defined 

in the numerical models. In addition to the contact between gussets and the 

flanges of the members, the source of the contact pair was mainly from the bolts 

and the U-shaped connectors, as shown in Fig. 4. A total of 386 contact pairs 

were provided in one AAP joint, and 300 contact pairs in one AAT joint, as 

shown in Table 1 below. The tangential action adopted the ‘penalty’ friction 

model. Taking into account the relevant provisions of the ‘GB50429-2007 

Aluminum Alloy Structure Design Code’ on the anti-slip coefficient of the 

friction surface of aluminum alloys, the friction factor of ‘penalty’ friction in 

this article was 0.3. 

 

 

Fig. 4 Diagrams of contact pairs 

 

There were 12 pairs of tie contacts of the AAP joint numerical model, half 

of which came from the end plates and the end of the member to achieve the 

pinned connection setting. The other half came from the loading plates and the 

flanges of members, which applied vertical force to the joint to avoid local 

buckling failure due to concentrated loads. 
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Table 1 

Statistics of contact pair 

Joint type Number Contact type Master surface Slave surface Quantity 

AAP 

1 Surface-surface contact Gusset Flange 10 

2 Surface-surface contact Gusset Screw 76 

3 Surface-surface contact Gusset Nut 76 

4 Surface-surface contact Flange Screw 76 

5 Surface-surface contact Flange Nut 76 

6 Surface-surface contact U connector Screw 12 

7 Surface-surface contact U connector Nut 12 

8 Surface-surface contact Web Screw 10 

9 Surface-surface contact Web Nut 8 

10 Surface-surface contact U connector Flange 4 

11 Surface-surface contact U connector Web 6 

12 Surface-surface contact Penetrating Short 20 

Summation Surface-surface contact - - 386 

AAT 

1 Surface-surface contact Gusset Flange 12 

2 Surface-surface contact Gusset Screw 72 

3 Surface-surface contact Gusset Nut 72 

4 Surface-surface contact Flange Screw 72 

5 Surface-surface contact Flange nut 72 

Summation Surface-surface contact - - 300 

 

In the calculation of the numerical simulation, the pretension force of the 

bolt was taken into account. Deng Hua [27] used the pressure sensor to test the 

pretension force of the bolt in the shear test of the ring groove rivet connection 

of the aluminum alloy plate. The consistent air pressure and working stroke 

made the pretension force applied to each rivet basically the same. Therefore, 

the pretension force in this paper used the average value of the pre-tightening 

force obtained from the above study, 18.85kN. 

 

3.2. Finite element model validation 

 

The numerical results were compared with the experimental results to 

validate their accuracy before the FEA method was applied to the investigation 

of AAP and AAT joints. The test focused on the rotational resistance 

performance of 6 specimens of AAP joints which could accurately find out the 

actual bearing capacity and failure status of the joints. The experimental data 

such as failure modes and moment-rotation curves of the AAP joint rotating 

under the out-of-plane moment were obtained to study the stress distribution 

and force transmission mechanism. 

The test device, supports of specimens and connection device were shown 

in Fig. 5. This test loading device was a 200-ton hydraulic push-pull jack. The 

hydraulic jack is fixed on the bottom beam of the annular reaction frame. The 

force sensor was placed between the jack and the distribution beam. The 

distributive beam is welded by six H-section steel beam, which divided the 

vertical concentrated force exerted by the jack into six and equally loaded on 

each member. The H-section members and gussets of the test specimens were 

made from 6061-T6 aluminum alloy material. U-shaped connectors were made 

from stainless steel. Each component was connected by Huck bolts. The specific 

parameter settings of the test piece were shown in Table 2. This test mainly 

studied the influence of the gusset thicknesses and shapes on the overall 

stiffness and ultimate bearing capacity. 

 

Table 2 

Specific parameters of specimens 

Group number 
Specimen 

number 

Specimens Gusset shape Gusset thickness 

G1 2 G1-1, G1-2 Circular 6 mm 

G2 2 G2-1, G2-2 Circular 12 mm 

G3 2 G3-1, G3-2 X-shaped 12 mm 

 

 

Fig. 5 Experimental device 

 

After completing the establishment of the numerical model, the joint was 

numerically simulated in a bending moment state. The bending M-Φ curves and 

stress cloud diagrams at failure stage of the AAP joints obtained from 

experiments and numerical simulations were shown in Fig. 6 and 7. Further 

analysis of the M-Φcurves gained the main characteristic parameters shown in 

Table 3. It was found that the joint simulation results were close to the test 

results, with an error of about 4%. It could be considered that the results of and 

the numerical simulation were accurate and effective. 
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Fig. 6 Comparison of M-Φ curves of test and numerical simulation results 

 

 

(a) G1 

 

(b) G2 

 

(c) G3 

Fig. 7 Failure modes of test and numerical simulation 

 

Table 3 

Comparison of results from numerical simulation and test 

Group number Ki (kN·m/rad) Mi (kN·m) Mu (kN·m) 

 Ki, test Ki, FEA Error Mi, test Mi, FEA Error Mu, test Mu, FEA Error 

G1 3163.6 3158.5 0.2% 53.1 55.2 4.0% 71.42 72.48 1.5% 

G2 3182.2 3175.5 0.2% 55.2 54.7 0.9% 73.76 75.21 2.0% 

G3 3183.5 3190.5 0.2% 54.8 53.9 1.6% 72.15 74.28 3.0% 

 

4.  Numerical simulation comparison of AAP and AAT joints under 

beading moment 

 

As shown in Fig. 8, the comparison curves of the moment-rotation 

relationship of AAP and AAT joints under pure bending state was analyzed. It 

could be found that there was a large difference between the moment-rotation 

curves of the two kinds of joints. From the curve, the AAP joints were 

significantly better than the AAT joints in terms of initial rotational stiffness 

and ultimate bearing capacity. The overall change trends of the two types of 

joint curves were basically the same, and they both had obvious three-stage 

characteristics. After analyzing the bending moment curves, the main 

parameters shown in Table 4 were obtained. Analysis of the finite element 

simulation results of the two types of joints revealed that: (i) the initial rotational 

stiffness of the AAP joints increased by 38% compared with the AAT joints 

when the thickness of the gussets was 12mm, and the ultimate bearing capacity 

increased by 47%. (ii) When the thickness of the gussets was 6mm, compared 

with the AAT joints, the initial rotational stiffness, Ki, of the penetration 

members of AAP joints increased by 38%, and Ki of the short members 

increased by 20%. The elastic ultimate moment of the joint increased by 70%, 

and the ultimate moment increased by 90%. 
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(a) 12 mm gusset joints 
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(b) 6 mm gusset joints 

Fig. 8 Comparison of moment-rotation curves of AAP and AAT joints 

 

Table 4 

Characteristic parameters of moment-rotation curves of AAP and AAT joints 

Gusset 

thickness 

Joint type 
Member 

type 

Ki 

(kN·m/rad) 

Mi 

(kN·m) 

Mu 

(kN·m) 

t=12 mm 
AAP 

Penetrating 3181.9 54.8 72.1 

Short 3192.1 55.0 72.1 

AAT - 2291.0 30.5 48.8 

t=6 mm 
AAP 

Penetrating 3163.9 53.6 71.2 

Short 2766.3 53.6 71.2 

AAT - 2291.0 31.4 37.1 

 

To further compare the differences in the performance of the two types of 

joints, the case where the two joints were subjected to the same load was 

selected, as shown in Fig. 9. When the joints with 12 mm gussets were subjected 

to a bending moment of 45 kN·m (the joints with 6 mm gussets were subjected 

to a bending moment of 35 kN·m), the AAT joint has basically entered the yield 

stage, and the stress in the area around the outermost bolt holes of the member 

has exceeded the yield stress. The overall stress value of the AAP joint was 

relatively low. Except for the high stress value around the bolt holes, there was 

basically no region in the plastic stage, and most parts of the H-shaped 

aluminum members were still in the elastic stage. Especially, the stress value of 

the web in the central area of the penetrating member was significantly lower. 

The bending moment on the member transferred to the web of penetrating 

member through the bolts. The penetrating web shared the load, thereby reduced 

the stress on the other components. Comparing the gussets of the two joints, 

under the same external load, most of the stress values of the AAT gusset were 

greater than the AAP gusset. The stress diagram of AAP joint gusset also proved 

that the X-shaped gusset had some significance, like reducing the use of 

materials in areas with less stress and avoiding excessive use of materials. 

 

 

(a) AAP joint with 12 mm gussets 

 

(b) AAT joint with 12 mm gussets 

 
(c) AAP joint with 6 mm gussets 

 

(d) AAT joint with 6 mm gussets 

Fig. 9 Failure modes of AAP and AAT joints 

 

Comparing the rotation resistance performance of the AAP and AAT joints 

under out-of-plan bending state, the AAT joint failure modes was the tear failure 

of the members. This was because the flanges and gussets of AAT joints were 

only connected by bolts and gusset, and the central web was missing. In addition, 

the thickness of the joint webs was only 5mm of which the local stability was 

weak. Therefore, the finite element results indicated that the webs in the joint 

area have undergone significant buckling. This proved that the use of the 

penetrating members and U connectors enhanced the stability of joint area, and 

solved the problem of the weak connection of the AAT joints in which the 

members and gussets were connected by bolts. U connector connected the webs 

of members more closely to avoid buckling or yielding of the webs due to shear 

stress and local compressive stress. This modification was equivalent to setting 

web stiffeners in the joint area, thereby the bearing capacity of the joints was 

effectively improved. 

 

5.  Parameter analysis of rotational resistance performance of AAP and 

AAT joints considering the influence of axial forces 

 

5.1. Numerical simulation models of joints considering the influence of axial 

force 

 

In the actual stress process of the aluminum space structures, the joints are 

subjected to the combination of bending moments and axial forces, rather than 

just one of them. Therefore, it is necessary to attach great importance to the 

performance of joints under the action of forces and bending moments during 

the design. According to the analysis above, the differences of numerical 

simulation and test results of AAP and AAT joint are small, so the simulation 

results are accurate and effective. Numerical simulation methods was adopted 

in this chapter to continue the analysis and research on the performance of joints 

under the combination of moments and axial forces, as shown in Fig. 10. 

Because there is a certain distinction in the joint composition of AAT joints and 

AAP joints, their mechanical behaviors are different, it is very important to 

compare the bending performance of AAP and AAT joints with the same 

geometric parameters under eccentric bending moments. Based on the original 

joint models, the following adjustments are made in this section: (i) Settings of 

analysis step: one more step was added between the bolt pretension force and 

pure bending to apply the axial force load. This setting met the stress state of 

the joints first receiving the axial force and then the bending moment. (ii) 

Settings of boundary conditions: When the axial load was applied, only the 

displacement constraint along the axis of the member was allowed, and the 

displacement and rotation in other directions were restricted. The boundary 

conditions in Section 4.1 were maintained when the bending moment was 

applied. In addition, the basic characteristics of the numerical models including 

the mesh division, material properties, and bolt pretension are maintained. 
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(a) AAP joint models 

 

(b) AAT joint models 

Fig. 10 Numerical simulation models considering axial forces 

 

5.2. Rotation resistance performance of AAP and AAT joints under tension and 

bending moment 

 

Numerical simulation research on rotation resistance of AAP joints and 

AAT joints under axial tensile load (Nt) and out-of-plane bending moment was 

carried out, because the maximum axial tensile force that the AAP join could 

withstand when subjected to axial tensile load was 600 kN, and the maximum 

axial tensile load of the AAT joints was 400kN. Therefore, this section studied 

the rotation resistance performance of the AAP joints and AAT joints after 

bearing 0 to 600 kN and 0 to 400 kN axial forces, respectively. The moment-

rotation curves were shown in Fig. 11 below, and further analysis of the M-Φ 

curves could obtain the characteristic parameters about the joint performance, 

as shown in Table 5 below. The results indicated that: (i) as the axial tension 

increased, the Ki and Msup of the AAP and AAT joints gradually decreased. (ii) 

Compared with the short members of the AAP, with the increase of axial tension, 

the difference in initial rotational stiffness of penetrating members gradually 

increased. The initial rotational stiffness decreased slowly and then quickly, 

decreasing only 1% when the axial tension was 200 kN. Then, it decreased 16% 

when the axial tension was 400 kN. When the Nt reached a maximum of 600 

kN, Ki decreased 33%. The yielding moments of the penetrating members and 

short members of the AAP were not much different. The descent rate of yielding 

bending moment was basically maintained at a linear speed. For each increase 

of 200 kN in axial tension, the yielding moment of the joint reduced by about 

20%. 
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(b) AAT joints 

Fig. 11 M-Φ curves of joints under tension and bending 

 

Table 5 

The key parameters of AAP and AAT joints under bending moment and tension 

force 

Joint type Axial tension Stiffness Moment 

 (kN) (kN·m/rad) (kN·m) 

  Ki Mi Mu 

AAP 

0 Penetrating 3181 55.0 75.6 

 Short 3179 55.0 75.6 

200 Penetrating 3161 41.1 60.2 

 Short 3042 41.1 60.2 

400 Penetrating 2679 20.6 44.7 

 Short 2554 20.6 44.7 

600 Penetrating 2139 9.1 29.6 

 Short 1822 9.1 29.6 

AAT 

0  2249 31.7 50.3 

200  2003 19.0 35.0 

400  1405 11.4 21.0 

 

The related data parameters of AAP joint were compared laterally with the 

AAT joint, and the initial rotational stiffness and yield bending moment were 

plotted in Fig. 12. The figures revealed that: (i) when subjected to tensile and 

bending loads, the change trend of Ki and Msup of the AAT joints were the 

same as those of AAP joint. (ii) AAP joints can bear larger axial load than AAT 

joints under axial tension. Under the identical axial force, the initial rotational 

stiffness and yield moment of AAP joints were significantly higher than AAT 

joint, and the advantage of rotation resistance performance of AAP joints was 

obvious. 
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(b) Curves of yield moment 

Fig. 12 Curves of Characteristic parameters and axial tension 

 

The failure modes at a pull force of 400kN were shown in Fig. 13 below. 

In the figure, a small area of the gusset bolts of AAP joints entered yield under 

the action of axial tension, while a large area of gusset bolts of the AAT entered 

yield stage, because the only bolts AAT joint resisted shear force. Comparing 

the two forms of webs, it could be found that under the action of the axial tension 

load, U connector played the role of supporting ribs. Although the webs of the 

penetrating members enterd yielding, the webs deformed little. However, the 

webs of AAT joints underwent large deformation when the axial force and 

bending moment were applied. 

 

 

(a) Failure modes of AAP joint 

 

(b) Failure modes of AAT joint 

Fig. 13 Failure modes under tension and bending 

 

 

5.3. Rotation resistance performance of AAP and AAT joints under compression 

and bending moment 

 

Numerical simulation research on the rotational resistance of AAP joint and 

AAT joint under axial compression load (Np) and out-of-plane bending load was 

conducted in this section. Because the maximum axial pressure that the AAP 

joints could withstand was 900 kN, and the maximum axial compressive load 

of AAT joints was 600 kN, so this section studied the rotation resistance 

performance of AAP joints and AAT joints after bearing 0 to 900 kN and 0 to 

600 kN axial pressure, respectively. The moment-rotation curves were shown 

in Fig. 14 below, and further analysis of curves could obtain the characteristic 

parameters about the performance, as shown in Table 6 below. 

The following conclusions could be drawn: (i) at the axial compression Np 

greater than 200 kN, the Ki and yielding moment of the AAP joints continued 

decreasing with the increase of axial pressure. Compared with the short 

members, the penetrating members of AAP had a slower decrease in initial 

stiffness and ultimate bending moment as the axial compression increased. (ii) 

When the axial compression of the AAP joints was less than 800 kN, the initial 

stiffness and yield moment of the joint reduced by about 10% compared with 

the pure bending state; but as the joint axial pressure continued to increase to 

900 kN, the initial stiffness and yield moments had a greater decrease, the 

degree of decline was saverally 17% and 40%. (iii) The initial rotational 

stiffness and yielding moment of the AAT joints decreased as the axial 

compression increased, and the average degree of decline was greater than that 

of the AAP joint. 
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(b) AAT joints 

Fig. 14 M-Φ curves of joints under compression and bending 

 

Table 6 

The key parameters of AAP and AAT joints under bending and compression 

Joint type Axial tension Stiffness Moment 

 (kN) (kN·m/rad) (kN·m) 

  Ki Mi Mu 

AAP 

0 Penetrating 3181 55.0 75.6 

 Short 3179 55.0 75.6 

200 Penetrating 3280 34.2 74.8 

 Short 3277 34.2 74.6 

400 Penetrating 3169 34.2 71.9 
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 Short 3152 34.2 70.5 

600 Penetrating 3049 22.8 69.8 

 Short 2994 22.8 68.8 

800 Penetrating 2953 22.8 68.3 

 Short 2850 22.8 65.6 

900 Penetrating 2666 21.0 44.0 

 Short 2223 19.6 39.6 

AAT 

0  2249 31.7 50.3 

200  2197 31.0 47.7 

400  2000 22.0 40.7 

600  1703 17.2 31.7 

 

Fig. 15 compared the characteristic parameters of the moment-rotation 

curves of AAP joints and AAT joints under axial compressive load and bending 

moment. The Figures revealed that: (i) AAP joints could withstand larger load 

than AAT joints when subjected to axial compressive load. (ii) When the 

pressure was less than 200kN, the initial rotational stiffness of the AAP joints 

slightly increased, and these phenomena did not appeal in the AAT joints. (iii) 

Under the same axial pressure, the initial rotational stiffness and yield moment 

of AAP joints were significantly higher than those of AAT joints. (iv) with the 

increase of Np, the decrease of Ki and Msup of the AAP joints were 

significantly slower than those of the AAT joints. 
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(b) Curves of yield moment 

Fig. 15 Curves of Characteristic parameters and axial compression 

 

The failure modes of the AAP joints and the AAT joints under compression 

were shown in Fig. 16. For the penetrating members of AAP joints, a large area 

of the web bolts yielded, and the stress value of U connectors was also very high, 

yielding around the bolt holes. However, the stress values of gusset bolts and 

gussets were relatively low. For AAT joints, gussets and gusset bolts entered 

large-area yielding, and the gussets and webs buckled due to the bending load. 

Because the joint of AAT joint was composed of a simple connection 

between the members and the gussets through the gusset bolts, when the joint 

was under axial load, the force could only be transmitted by the gusset bolts. 

During this period, the stress of the webs was small, and not fully utilized. This 

also caused a significant reduction in the rotational resistance of the AAT joints 

when subjected to axial force loading. The web bolts of the AAP joints could 

share a large part of the shear force. Compared with the AAT joints, they were 

less sensitive to changes in axial pressure and showed higher initial rotational 

stiffness and yield bending moment. 

 

 

(a) AAP joints 

 

(b) AAT joints 

Fig. 16 Failure modes under axial compression and bending 

 

Conclusions 

 

A new type of semi-rigid AAP joint was developed by adding U-shaped 

connectors and penetrating members to the original AAT joint. The rotation 

resistance performance of AAP joints was researched through experiments. The 

anti-rotation performance of the AAP and AAT joints under pure bending were 

compared by the numerical simulation method, tension bending and 

compression bending. The following conclusions were obtained: 

(1) Static tests of AAP joints under the out-of-plane moment of different 

parameters was carried out. The bending rotational resistance performance of 

the joints were obtained. The moment-rotation curves of penetrating members 

and short members were defined. The main parameters reflecting the joints’ 

mechanical performance were defined, including the initial bending stiffness Ki, 

initial moment Mi, yield stiffness Ku and yield bending moment Msup. 

(2) Comparing the rotation resistance performance of AAP joints and 

traditional AAT joints in pure bending state, the initial rotational stiffness and 

yielding moment of AAP joints were significantly improved. The setting of U 

connector and penetrating members enhanced the connection between the 

members and gussets. 

(3) AAP joints were superior to AAT joints under the combination of axial 

forces and bending moment. Failure modes of AAP joints were the full-section 

yield of the members in the joint area, while the failure modes of AAT joints 

were shear yield of the gusset bolts. Under axial forces, the initial stiffness and 

yield moment were improved. Meanwhile, it was found that the axial tension 

was a more unfavorable load for the AAP and AAT joints, and the axial pressure 

had little effect on the rotational resistance. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper experimentally investigates the mechanical performance of the self-stressing steel slag concrete filled steel tubular (SSSCFST) 

columns. Six short columns subjected to axial load are tested and the accuracy of different prescriptive methods is evaluated. The effect 

of the studied parameters, such as the expansion rate of steel slag concrete (SSC) (Ex) and diameter-thickness ratio of steel tube (D/t), is 

considered. The failure modes are observed and the load-displacement curves of the specimens are obtained. The SSSCFST short 

columns with the low confinement effect coefficient under axial load are damaged by shear deformation, while the outward local 

buckling dominates the failure of the axially loaded SSSCFST short columns with the high confinement effect coefficient. It is observed 

that the incremental range of the load capacity can be raised by enhancing the expansion rate of SSC. The ultimate load capacity and 

displacement of the columns decrease as the diameter-thickness ratio increases. Compared with the experimental results, the Hong Kong 

Code CoPHK (2011) and Australian Standard AS5100-2017 (2017) underestimate the ultimate load capacity of the axially loaded 

SSSCFST short columns. While, better predictions on the column strength can be achieved by the British Standard BS EN1994-2 (2005) 

and Chinese Specification DBJ/T13-51-2010 (2010). Additionally, a validated finite element (FE) model for the SSSCFST short columns 

is adopted to perform parametric studies to broaden the available experimental results about their behaviors. 
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1.  Introduction 

 

Steel slag, the industrial by-product of steel-making, accounts for 15% to 

20% of all steel production [1]. The annual output of steel slag was 

approximately 21 million tons in Europe, 14 million tons in Japan and over 100 

million tons in China [2]. However, little steel slag was utilized. In China, over 

400 million tons of the steel slag have been deposited leading to the problems in 

the resource waste, the lands occupation and the potential water and soil 

pollution. Therefore, dealing with these steel slags rationally and effectively 

has become an urgent issue. Recently, many scholars suggested to use the steel 

slags as the substitutes for concrete aggregates in civil engineering [3-4]. 

However, the volume instability of steel slags restricts its application. 

Theoretical and experimental studies on the volume stability of the steel slag 

concrete (SSC) have been extensively conducted and the some stabilizing 

measures have been developed, such as the SSC with the siliceous or fly ash 

[5-6], carbonization maintenance [7], and decreasing the content of MgO and 

f-CaO [8]. 

Concrete filled steel tubular (CFST) columns, which have the high bearing 

capacity and good ductility, are convenient for the construction and have been 

extensively applied in civil engineering [9-10]. Nevertheless, the shrinkage 

crack of core concrete has a certain effect on the mechanical properties of 

CFST columns. To reduce the shrinkage, the SSSCFST column, which uses the 

SSC instead of the ordinary concrete as the filling material, is proposed for 

engineering structures. The slight expansion of the SSC can availably improve 

the mechanical properties of the composite columns and reduce the shrinking 

cracks. Yu et al. [11] conducted the tests on the compensated shrinking SSC 

and suggested the methods for calculating its ultimate stress, strain, Young’s 

modulus and Poisson’s ratio. Beggas et al. [12] investigated the thermal 

conductivity of the SSC and showed that the SSC could significantly enhance 

the thermal property of the SSC filled thin-wall steel tube structures. Zeghiche 

et al. [13] presented a non-linear FE model to study the performance of the cold 

formed steel tube filled with crystallized slag aggregate concrete. The effects of 

the section dimension, the infilled concrete and its age were investigated. 

Ferhoune et al. [14] examined the performance of the crushed crystallized slag 

concrete filled rectangular tube subjected to eccentric compression and 

confirmed that the load capacity was sensitive to the eccentric load and the 

length of stubs.  

At present, numerous theoretical and experimental investigations on the 

SSC and CFST have been carried out and fruitful results have been achieved. 

However, few studies focus on the performance and design methods of the 

SSSCFST columns. In this study, the performance of the axially loaded 

SSSCFST short columns was experimentally investigated and six columns  

 

were designed and tested. The effects of the expansion rate of SSC (Ex) and 

diameter-thickness ratio (D/t) were analyzed. The results of load capacity of the 

columns calculated by the current CFST design provisions were compared with 

the experimental data, and the accuracy of the prescriptive methods for the 

design of the SSSCFST short columns was evaluated. In addition, a validated 

FE model for the axially loaded SSSCFST short columns was employed to 

conduct the parametric studies. 

 

2.  Experimental program 

 

2.1. Material properties 

 

In this study, all the seamless tubes were made of Q235 steel with the 

outer diameter of 140 mm. Three types of steel tubes with thickness of 2.08 

mm, 3.63 mm and 4.22 mm were used in the tests. By the method suggested 

in the Chinese code GB/T228.1-2010 [15], the corresponding average yield 

and ultimate strength of these three types of steel tubes were measured as 

176.3MPa, 233.2MPa, 236.9MPa and 311.5MPa, 295.7MPa, 300.8MPa, 

respectively. The SSC was made of graded gravel (the particle size range was 

5 mm ~ 31.5 mm), steel slag, P. O 42.5 cement and water. The accumulation 

density of steel slag was 965kg/m3. The ratio between the components of the 

SSC, i.e., cement: water: graded gravel: steel slag, was 365:201:961:621. 

Two different expansion rates of SSC, such as Ex=2.8×10-4, Ex=-3.5×10-4, 

were prepared. Ex is determined by the following formula. 

 

xt t 0 e=( - )E L L L

                               

(1) 

 

In which, Ext represents the t-th day expansion rate of SSC, Le denotes the 

gauge length of SSC, L0 stands for the length of SSC on the 3-th day, and Lt 

represents the length of SSC on the t-th day. 

Different expansion rates of SSC were obtained by changing the particle 

sizes of steel slag. For the SSC with Ex=2.8×10-4, the particle size range of 

steel slag was 1.18 mm ~ 2.36 mm. For the SSC with Ex=-3.5×10-4, the 

particle size range of steel slag was 0.15 mm ~ 0.6 mm. Table 1 listed the 

components of the SSC and the corresponding strength measured according to 

Chinese Code GB50010-2010 [16].  

 

2.2. Specimens design and manufacture 

 

Two parameters, the expansion rate of SSC Ex and diameter-thickness 

ratio D/t were studied in this analysis. Six specimens, including three SCA-1 
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series short columns and three SCA-2 series short columns, subjected to axial 

load were carried out. The length of both series specimens was 500 mm. The 

specific dimensions of the specimens were listed in Table 2. 

The specimens were cut to the designed length from a long tube, and the 

end sections were polished and flatted. Two 300 mm×300 mm×10 mm steel 

plates were prepared for each column as the end plates. During the specimen 

fabrication, a steel plate was welded to the bottom of the steel tube. The SSC 

was poured into the steel tube, and a poker vibrator was employed for 

compaction. A plastic film and an aluminum sheet were used to seal the 

surface of the concrete to simulate the real curing environment. After the 

concrete was set, the aluminum sheet and the plastic film were removed, and 

the other steel plate was welded to the top of the specimen. During the process, 

the welding quality was checked, and the geometric centers of the plate and 

steel tube were aligned.

 

Table 1  

Components of the SSC and the measured strength (Yu et al., [17])  

Particle size of steel 

slag / mm 

Material usage / kg.m-3 Cube compressive 

strength / MPa 

Expansion rate Ex 

/10-4 

Elastic modulus  

/ 104MPa 

Poisson’s ratio 

Water Portland cement Graded gravel Steel slag 

1.18~2.36 (100%) 201 365 961 621 34.29 -3.5 3.61 0.242 

0.15~0.3（75%） 

0.3~0.6（25%） 

201 365 961 621 21.85 2.8 2.74 0.222 

 

Table 2 

Design parameters of the specimens 

Specimen    / mmL      / mmD      / mmt    D t  -4

x /  10 E  

SCA1-1 500 140 2.08 67.3 2.8 

SCA2-2 500 140 2.08 67.3 -3.5 

SCA3-1 500 140 3.63 38.6 2.8 

SCA4-2 500 140 3.63 38.6 -3.5 

SCA5-1 500 140 4.22 33.2 2.8 

SCA6-2 500 140 4.22 33.2 -3.5 

Note: D, t, L, and Ex are the measured steel tube outside diameter, thickness, length, and 

the expansion rate of SSC, respectively. 

 

  

① Specimen  ② LVDT  ③ Strain gauge  ④ Steel column cap 

Fig. 1 Test set-up and measuring points arrangement 

 

As shown in Fig. 1, a 5000 kN hydraulic compression testing machine 

was used for applying the monotonic static loads. The axial and 

circumferential strains at the mid-height of each steel tube were measured at 

four positions around the perimeter by eight strain gauges. Four LVDTs 

(Linear Variable Differential Transformers) were used to monitor the 

movements of the end steel plates, and two LVDTs were placed at a side. The  

steel column caps were set at both ends of the column, and the compression  

test was carried out directly on the hydraulic compression testing machine. 

The preloading process was conducted before the formal test to ensure that the  

test setup was correctly installed, and the measuring instruments run well. 

Firstly, the load-controlled scheme (step loading approach) was carried 

out. Each loading level was estimated to be 1/15 of the column theoretical 

load capacity and kept constant for 5 minutes. Then, the displacement- 

controlled loading scheme (step loading controlled by displacement) was used 

when the load reached to approximately 85% of the theoretical load capacity. 

When the columns were closed to the damage or the load began to decline, the 

specimen was slowly and continuously loaded until the columns failed or the 

load reduced to 85% of the column ultimate load capacity. 

 

 

 

3.  Experimental results and analysis 

 

3.1. Failure progress and modes 

 

Several experimental phenomena, such as the gradual drop of the rust, the 

local yielding of steel tube, the slight sound of the inner SSC crushing, and the 

local buckling, were noticed in the tests. The failure process of the specimens 

experienced three stages as elasticity, elastoplasticity and plasticity. In the 

early and middle experimental stages, the specimen’s appearance remained 

intact, which was similar to the conventional CFST short columns. As the load 

increased to 70% ~ 80% of the ultimate strength, the rust fell off gradually and 

tubes started to yield. The slight sound of the SSC crushing could be 

occasionally heard in this stage. As the load reached 90%~95% of the ultimate 

strength, local buckling appeared near the ends or center of the columns. 

Finally, the shear deformation dominated the failure of the SSSCFST short 

columns with the low confinement effect coefficient under axial compression, 

see Fig. 2 (a), (b) and (d), while the outward local buckling dominated the 

failure of the SSSCFST short columns with the high confinement effect 

coefficient under axial compression, as shown in Fig. 2 (c), (e) and (f). 

Generally, more local buckling occurred in the columns with higher expansion 

rate of SSC. For example, one local buckling appeared in the SCA4-2 column, 

while three local buckling appeared in the SCA3-1 column. Moreover, the 

buckling was more serious as the column with smaller diameter-thickness 

ratio, as shown in Fig. 2 (a) and (e). 

 

   

(a) SCA1-1 (b) SCA2-2 (c) SCA3-1 

   

(d) SCA4-2 (e) SCA5-1 (f) SCA6-2 

Fig. 2 The failure modes of the SSSCFST short columns 
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3.2. Ultimate load capacity analysis 

 

Fig. 3 shows the influences of two parameters, i.e., Ex and D/t , on the 

ultimate load capacity of the axially loaded SSSCFST short columns. The 

incremental range of load capacity (Nu/N0) [17] of the axially loaded columns 

was plotted in Fig. 3(a). In which, Nu represents the ultimate load capacity, N0 

denotes the nominal compressive strength, N0=fyAs+fcAc, fy is the yield strength 

of the steel tube, fc is the compressive strength of the core concrete, As and Ac 

represent the cross-sectional area of the steel tube and core concrete, 

respectively. As can be seen from the comparison, the average incremental 

range of load capacity increases by 11.8% with the expansion rate rising from 

-3.5×10-4 to 2.8×10-4. The impact of the Ex on the incremental range of load 

capacity is more significant when the D/t is larger. For instance, the 

improvement of the incremental range of load capacity of the column with the 

D/t=33.2 is 10.5%. In contrast, the improvement of the incremental range of 

load capacity of the column with the D/t=67.3 is 14.4%. 

According to the results plotted in Fig. 3(b), the ultimate load capacity of 

the column decreases almost linearly as the D/t increases. Taking the columns 

with the Ex = 2.8×10-4 as examples, when the D/t increases from 38.6 to 67.3, 

the ultimate load capacity decreases by 38.5%. The reason is that the steel 

tube with a higher D/t has a weaker constraint on the infill, which decreases 

the member load capacity. 

In consequence, the increase in the Ex or the reduction in the D/t in a 

reasonable range can effectively enhance the ultimate load capacity of the 

axially loaded SSSCFST short columns. 
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 (a) Expansion rate of SSC   (b) Diameter-thickness ratio 

Fig. 3 Influence of the variable parameters on the load capacity 

 

3.3. Load-displacement analysis 

 

Fig. 4 depicts the influence of the two studied parameters on the 

load-displacement (N-) curves of the axially loaded SSSCFST short columns. 

In which, N represents the axial load,  denotes the axial displacement of the 

short columns. As can be seen from the figure that the load-displacement 

curves of the two series columns have the similar trends. Initially, the 

load-displacement curves of the columns increase approximately linearly and 

the slope of the load-displacement curves decreases with the increase of the 

D/t, as shown in Fig. 4(a). This may come from that when the diameter of the 

outer steel tube remains unchanged, increasing the D/t will correspondingly 

reduce the initial combined stiffness of the column section. At this stage, the 

slope of the load-displacement curves decreases with the increase of the Ex, as 

shown in Fig. 4(b). This is mainly because in this study, the strength and 

elastic modulus of the SSC with the high Ex are smaller than those of the SSC 

with the low Ex, resulting in the low initial stiffness of the columns with high 

Ex. With the increase of load, the load-displacement curves deviate from linear 

growth, and the obvious inflection points appear on the curves. The increase 

in the D/t decreases the yield strength of the columns. Subsequently, the load 

capacity grows slowly, while the axial displacement develops faster. The 

ultimate axial displacement of the columns decreases as the D/t increases. The 

reason is that the decrease of the D/t correspondingly weakens the 

confinement effect of the outer steel tube on the core SSC. Comparatively, the 

effect of the Ex on the ultimate axial displacement is not significant. 
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Fig. 4 Influence of the variable parameters on the load-displacement curves 

 

3.4. Ultimate strain analysis 

 

Fig. 5 describes the influences of the Ex and D/t on the column ultimate 

strains. In which, a lim and clim represent the ultimate axial and 

circumferential strains at the mid-height of the steel tube, respectively. In 

terms of the overall trend, the ultimate axial strain a lim is larger than the 

circumferential strain clim . As shown in Fig.5(a), with the increase of the Ex, 

the column ultimate axial and circumferential strains increase. Taking the 

specimens SCA1-1 and SCA2-2 as examples, the ultimate axial strain and 

circumferential strain of the column increase by 5.0% and 18.8% when the Ex 

increases from -3.5×10-4 to 2.8×10-4
. This indicates that the increase of the Ex 

has a more obvious effect on the increase of the circumferential strain of the 

columns. Increasing the D/t will decrease the ultimate axial strain and 

circumferential strain of the columns, as demonstrated in Fig. 5(b). Taking the 

specimens SCA3-1 and SCA5-1 as examples, the ultimate axial strain and 

circumferential strain of the column decrease by 15.0% and 9.9% when the 

D/t of the specimen increases from 38.6 to 67.3. This is mainly because the 

increase of the D/t weakens the confinement effect of the steel tube on the 

core SSC, reduces the ultimate bearing capacity, and correspondingly 

decreases the ultimate strains of the columns. 
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Fig. 5 Influence of the variable parameters on the column ultimate strains 

 

4.  Design recommendations 

 

Scholars have conducted numerous theoretical and experimental 

researches on the CFST and have compiled corresponding design 

specifications or codes for the CFST, such as the British Standard BS 

EN1994-2 [18], Hong Kong Code CoPHK [19], Australian Standard 

AS5100-2017 [20], and Chinese Specification DBJ/T 13-51-2010 [21]. In this 

section, the calculated results according to these specifications are compared 

to the SSSCFST short columns experimental data to verify the accuracy and 

applicability of the design approaches for the proposed structural form. 

 

4.1. BS EN1994-2 

 

BS EN1994-2 [18] was published under the authority of the Standards 

Policy and Strategy Committee. This code presents a design formula for the 

CFST members, which considers the composite action between the various 

elements forming the cross section. In this standard, the structural steel section 

should be universal section of grade S235 to S460 steel, a characteristic 

28-day cube strength of concrete cuf  should be not less than 20 MPa for the 

CFST members. In addition, the maximum value D/t of such cross-section 

parameters should be not exceed than y90 235 / f（ ）. The axial compressive 

bearing capacity of the CFST members can be calculated as follows. 
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where, uN  represents the nominal section capacity of the circular CFST 

columns, sA and cA are the cross-sectional area of the steel tube and concrete, 

respectively. ao  and co  are the calculated coefficients when the axial 

compression CFST column section is circular.  is the relative slenderness, 

and crN  is the elastic critical load , e( )EI  and eL  represent the effective 

flexural stiffness and length, respectively.   
 

4.2. CoPHK-2011 

 

CoPHK-2011 [19] was prepared by the Buildings Departments. The 

design formula of the compressive bearing capacity assuming the full section 

yielding is adopted for the composite structures. In another word, when the 

axial compression reaches the member ultimate design load, the steel yields 

and the infilled concrete reaches the ultimate compressive bearing capacity, 

simultaneously. The design formula in this code applied to CFST columns 

with steel yield strengths between 235 MPa to 460 MPa and normal weight 

concrete of strength classes C25 to C60. The relative slenderness ratio   of 

the axially loaded CFST columns is not more than 0.5. The plastic resistance 

may be calculated from the following expressions. 
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In this code, the values and calculations of the variables are the same as 

those in the British Standard BS EN1994-2 [18]. 

 
4.3. AS5100 - 2017 

 

AS5100-2017 [20] was issued by Committee BD-090, Bridge Design. 

Considering the composite action between various components, this code 

provides the design formulas for predicting the circular and rectangular CFST 

columns, respectively. The design formula in this code applied to the circular 

CFST columns with a maximum yield stress of 690 MPa, and the relative 

slenderness   is not greater than 0.5. The ultimate nominal section capacity 

of the circular CFST columns under axial load can be calculated as follows. 
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where,   and 
c  denote the capacity factor for the steel and concrete, 

=0.9  and 
c =0.65 .  

 

4.4. DBJ/T13-51-2010  

 

DBJ/T13-51-2010 [21] was issued by the Department of Housing and 

Urban-Rural of the Fujian Province. The design formula of the compressive 

bearing capacity using the unified theory was developed for the CFST 

members based on numerous experimental studies and numerical simulation 

analysis. In this specification, the strength grade of core concrete is not less 

than C30 and the water-cement ratio should not be greater than 0.45. The 

concrete and steel are considered as a composite material. The material 

properties of the composite material are given in this specification. The axial 

compressive bearing capacity of the CFST members can be determined as 

follows. 

 

scscu AfNN =
                                 (11) 

 

sc c1.14 1.02f f= +（ ）
                            (12) 

 

where scf  denotes the design value of compressive strength of the CFST 

members, scA stands for the section area of the CFST members,   represents 

the confinement effect coefficient, y s c cf A f A = . 

 

4.5. Comparison of the theoretical and experimental results 

 

The comparisons between the theoretically calculated values Nci from 

the above CFST design provisions and the experimental results Nu are 

summarized in Table 3. As shown in the table, the Australian Standard 

AS5100-2017 and Hong Kong Code CoPHK-2011 underestimate the load 

capacity of the SSSCFST short columns, from which the results are averagely 

60.4% and 65.3%, respectively, less than the experimental results. In contrast, 

the results from the British Specification BS EN1994-2 and the Chinese 

Specification DBJ/T13-51-2010 are relatively accurate with 15.1% and 29.9% 

differences, compared to the experimental results. Therefore, it is 

recommended to use BS EN1994-2 and DBJ/T13-51-2010 to calculate the 

ultimate load capacity of the axially loaded SSSCFST short columns.

 

Table 3  

Contrast between the theoretical calculated and experimental results of columns 

 

Specimen number 

 

 

Experimental data BS EN1994-2 [18] CoPHK-2011 [19] AS5100 - 2017 [20] DBJ/T13-51-2010 [21] 

u / kNN  c1 / kNN  u c1/N N
 c2 /kNN

 u c2/N N  c3 /kNN
 u c3/N N

 c4 /kNN
 u c4/N N  

SCA1-1 625 551  1.13  366  1.71  388  1.61  479  1.30  

SCA2-2 737 725  1.02  459  1.60  502  1.47  653  1.13  

SCA3-1 1016 829  1.23  603  1.68  604  1.68  718  1.42  

SCA4-2 1147 991  1.16  691  1.66  712  1.61  893  1.28  

SCA5-1 1123 913  1.23  676  1.66  670  1.68  799  1.41  

SCA6-2 1223 1071  1.14  762  1.60  776  1.58  974  1.26  

Average value - - 1.151  - 1.653  - 1.604  - 1.299  

Mean square error - - 0.071  - 0.038   0.071  - 0.097  

 

5.  Finite element analysis 

 

5.1. Material modeling 

 

 

The stress-strain relation of the steel tube is plotted in Fig. 6 [22]. The  

curve is linear initially, the plastic flow initiates after. Beyond the certain 

strain, the linearly hardening commences, and the stiffness is assumed to be 

zero after the ultimate strain is reached. The detailed relation can be 
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determined according to the Eq.(13). 
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where, s , s  are the equivalent stress and strain, s1  represents the 

yield strain, s2 s1=12  is the hardening strain of steel tube, s3 s1120 = is the 

strain for the ultimate strength, sE  is the Young's modulus of steel tube, 

st s=E E is the strengthening Yong’s modulus of steel tube, =1/ 216 is the 

strengthening coefficient, syf  is the yield strength of the steel tube, su sy1.5f f=  

is the ultimate strength of steel tube. 

 

 

Fig. 6 The stress-strain relation of the steel tube 
 

The existing studies show that [23] the characteristics of the stress-strain 

relationship curves of the core concrete of CFST are mainly related to the 

confinement effect coefficient  , which are mainly shown as the greater the 

value of  , the stronger the confinement action provided by the steel tube on 

the core concrete during the stress process. With the increase of deformation, 

the declining section of the stress-strain curve of the core concrete appears 

relatively late. Similar to the ordinary CFST, the strength of the SSSCFST can 

also be improved by the confinement action of steel tube on the core SSC. 

Therefore, the stress-strain relationship model of the core SSC of SSSCFST 

proposed in this study is modified on the basis of the stress-stress relationship 

model of the core concrete of CFST, as shown below. 
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where, c , c  are the equivalent stress and strain of the axially loaded 

SSC, respectively. po , po  represent the uniaxial peak compressive stress 

and strain of the SSC.   is the parameter, which was fitted by the regression 

analysis of the test data, 2A T= − , 1B T= − , 0.7450.1T = , / (0.2 0.1 )q T = + . 

 ( y s co c= /f A f A ) is the nominal confinement effect coefficient. co cu=0.67f f is 

the compressive strength of the SSC. 

In view of the proposed model’s adaptability and simplicity of calculation, 

the nominal confinement effect coefficient   is not modified in this study 

and it is directly calculated by the formula of the confinement effect 

coefficient of CFST  . However, on the basis of experimental research, 

considering the influence of the self-stress between the steel tube and SSC, the 

strength enhancement coefficient of SSC  is introduced, the key parameters 

of the stress-strain relationship model of the core concrete affected by the SSC, 

such as the uniaxial peak compressive stress po  and strain po  of the SSC, 

and the parameter  , are modified respectively, as shown below. 
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 +               (16) 

 

In which, 0  stands for the self-stress between the steel tube and SSC, 

as shown in Eq.(17), 3.0K =  is the lateral confined coefficient determined by 

the experiment. 
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where, cE represents the Young’s modulus of the SSC, xrE denotes the 

confined expansion rate of the SSC [24].  
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In which, co is the strain corresponding to the uniaxial compressive 

strength of the SSC, co co1300 14.93 f = + . 

  

5.2. Finite Element Model 

 

5.2.1. Elements and contact interaction 

S4R and C3D8R are employed to mesh the steel tube and SSC. Simpson 

integral of 9 integral points is adopted to accurately simulate member element. 

The sensitivity investigation indicates that both the outer steel tube and core 

SSC are meshed with 20 mm element size. The typical FE model is depicted 

in Fig. 7. 

Surface-to-surface contact interaction is adopted between the steel tube 

and SSC. Hard contact is designated as the interaction between two surfaces, 

the tangential behavior of contact surfaces is determined by the Coulomb 

friction model and the friction coefficient is set as 0.3. Shell-to-solid-coupling 

contact interaction is employed between the steel tube and the loading plates. 

 

5.2.2. Load and boundary conditions 

Displacement controlled scheme is adopted in FE model analysis. Fixed 

constraints are applied to the bottom of the column and the constraints in the 

X and Y directions are applied to the top of the column, so as to ensure that 

the specimens only produce displacement in the Z direction. The incremental 

iteration approach is employed and the initial, minimum, and maximum 

increment are set as 0.01, 1×10-5 and 10, respectively. 

 

   

(a) Integral model (b) Steel tube (c) SSC 

Fig. 7 Typical FE model for the SSSCFST short columns 

 

5.3. Verification of FE model 

 

The comparison of typical failure mode of the specimens is shown in Fig. 

8. As can be seen from the figure, the most obvious failure characteristics of 

the specimens are the expansion of SSC in the middle and the bulge of the 

steel tube, which are basically consistent with the FE simulation results. For 

the test results, most of the specimens show uneven bulge and local buckling. 

After reaching the peak bearing capacity, the local buckling phenomenon is 

more obvious due to continuing loading. The reason for the small deviation 

between the FE simulation results and the experimental results is that the 

initial defects of the steel tube and SSC are not taken into account in the FE 

simulation. The calculation is stopped due to the convergence problem near 

the peak point, and the specimen's declining behavior after the peak point is 
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not considered. Therefore, the failure modes simulated by the FE model don’t 

exhibit obvious buckling phenomenon. In addition, test data of load capacity 

and ultimate compressive strain of the axially loaded SSSCFST short columns 

are compared with FE prediction results, as shown in Table 4. In which, 

cN and cau represent the predicted values of the load capacity and ultimate 

compressive strain. au denotes the measured test data of the ultimate 

compressive strain. Obviously, the FE model established above can well 

predict the load capacity and ultimate compressive strain of the SSSCFST 

short columns under axial load. The average ratio of the c uN N and cau au  are 

1.051 and 0.948, respectively, and the standard deviation of the c uN N and 

cau au  are 0.0691 and 0.0156, respectively. 

Moreover, Fig. 9 depicts the comparisons between the measured 

stress-strain relation curves and the stress-strain curves predicted by FE  

analysis. In which, a represents the compressive stress, a denotes the axial 

compressive strain. The proposed FE model reasonably predicts the 

stress-strain response of the SSSCFST short columns under axial load. The 

change trends of the predicted curves and the measured curves are basically 

consistent. The estimated axial stiffness agrees well with the measured axial 

stiffness. 

  

Fig. 8 Comparison between the column failure mode 

 

Table 4  

Comparisons between the measured test data and FE model predicted values 

Specimen tD  4

x /   10E −  
u / kNN  

c / kNN  
au

 

cau  c uN N  
cau au   

SCA1-1 
67.30 

2.8 625 711 -0.0125 -0.0117 1.138 0.936 

SCA2-2 -3.5 737 841 -0.0119 -0.0113 1.141 0.950 

SCA3-1 
38.56 

2.8 1016 1035 -0.0147 -0.0139 1.019 0.946 

SCA4-2 -3.5 1147 1141 -0.0134 -0.0131 0.995 0.978 

SCA5-1 
33.17 

2.8 1123 1129 -0.0158 -0.0148 1.005 0.937 

SCA6-2 -3.5 1223 1231 -0.0151 -0.0142 1.007 0.940 

Average value - - - - - - 1.051 0.948 

Mean square error - - - - - - 0.0691 0.0156 

Fig. 9 Comparisons between the measured stress-strain curves and stress-strain curves predicted by FE analysis 

 

5.4. Parametric studies 

 

In this section, the parametric studies are conducted to examine the 

impacts of variation in the steel ratio   (when t r , s c 2A A t r =  ), the 

yield strength of steel tube yf , and the core concrete strength grade cf  on 

the member’s mechanical behaviors. Specimen SCA 3-1 is employed as the 

comparative reference. Stress-strain ( a a − ) relation curves of the axially 

loaded SSSCFST short columns with different steel ratios, yield strength of 

the steel tube, and core concrete strength grades are depicted in Fig. 10, Fig. 

11 and Fig. 12.  

As depicted in Fig. 10, the increase of steel ratio   will increase the 

initial stiffness, prolong the elastic stage of the specimen. This may come 

from that the confining effect of the steel tube on the SSC enhances with the 

increase of steel ratio. As the load increases, the columns come into the 

elastoplastic stage, and the stress of the SSSCFST short columns grows slowly, 

while the strain develops rapidly. The strain development rate decreases with 

the increase of the steel ratio. 

As depicted in Fig. 11, initially the specimens are in the elastic stage and 

the stress-strain relation curves of the specimens with different steel yield 

strength yf  are basically identical. With the increase of load, the stress-strain 

relation curves deviate from linear growth, and the SSSCFST short columns 

enter elastoplastic stage. Subsequently, the specimens yield and the obvious 

inflection points appear on the stress-strain relation curves. After yielding, the 

stress increases slowly while the strain develops rapidly. 
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The impact of the strength grade of core concrete cf  on the stress-strain 

relation curves of the SSSCFST short columns subjected to axial load is 

described in Fig. 12. Apparently, the stress-strain relation curves of the 

specimens with different strength grades of core concrete are basically 

consistent initially. As the load increases, the stress-strain relation curves 

increase non-linearly. As the load further increases, the obvious inflection 

points appear and the yield stress of the specimens increases as the strength 

grade of core concrete cf  enhances.
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6.  Conclusions 

 

The mechanical performance of the six axially loaded SSSCFST short 

columns is investigated and the accuracy of the conventional design 

approaches for the innovative composite members is evaluated. The following 

conclusions can be drawn. 

(1)The SSSCFST short columns with the low confinement effect 

coefficient under axial load are damaged by shear deformation, while the 

outward local buckling dominates the failure of the axially loaded SSSCFST 

short columns with the high confinement effect coefficient.  

(2)The ultimate load capacity decreases as the diameter-thickness ratio 

increases. The incremental range of load capacity can be improved by 

enhancing the expansion rate. The member ultimate axial and circumferential 

strains increase with the increase of the expansion rate while they decrease 

with the increase of the diameter-thickness ratio. 

(3) The load-displacement curves of the six SSSCFST short columns 

demonstrate similar trends, including three stages as elasticity, 

elastic-plasticity and plasticity. The ultimate axial displacement of the 

columns decreases with the increase of the diameter-thickness ratio while the 

effect of expansion rate on the ultimate axial displacement is not significant. 

(4) The paper evaluates the prescriptive methods in designing the 

SSSCFST columns under axial load. The comparisons between the test data 

and calculation results of the specification design formulas demonstrate that 

the British Specification BS EN1994-2 and Chinese Specification 

DBJ/T13-51-2010 can provide satisfactory results for the member load 

capacity.  

(5) A validated FE model for the axially loaded SSSCFST short columns 

is adopted to perform parametric studies to broaden the available experimental 

results about their mechanical behaviors. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Specially-shaped composite columns have attracted more and more attention from either industry or academia, due to their 

benefits for improving efficiency of use and design of indoor space. This paper presents a research programme on the 

seismic behaviour of an innovative joint between steel beam and L-shaped wide limb composite column (LSWL-CC). Two 

full-scale cyclic loading tests are introduced, with failure modes, cyclic behaviour, ultimate capacities, rotation 

performance, ductility, and energy dissipation being clarified. By using SolidWorks, a parametric model of the joints 

between steel beams and LSWL-CCs is established, and effects of various parameters are analysed by finite element (FE) 

analyses through ABAQUS. The FE model is validated against the test results. Furthermore, effects of geometry of the 

RVPs and the column axial compression ratio on the stiffness, bearing capacity, plastic zone and ductility of the joints are 

analysed. It is found that, triangular RVPs can make the joints possess similar seismic performance compared with the 

specimens using trapezoid RVPs. It is suggested to locate the RVPs within the width of the flange in case of the beams and 

columns having identical width. In addition, optimised geometry of the RVPs with a curved edge may lead to better 

deformation performance for the joints. Specifically, length of the RVP is suggested to be 1.0~1.2 times height of the beam, 

its height shall be 1/4 ~ 1/3 of the steel beam height, and its thickness shall be 1.2 times that of the beam flange. The research 

outcomes may provide valuable information for further research on structures with the L-shaped columns and the joints, 

and may promote their practical application. 
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1.  Introduction 

 

Rectangular cross-section columns are widely applied in steel residential 

building structures, such as concrete-filled steel tube (CFST) ones (Lee et al. 

2011, Jamaluddin et al. 2013, Patel et al. 2016, 2019)[1~4], of which the width is 

normally larger than the thickness of walls, and therefore extended corners are 

resulted and may reduce indoor space. Use of specially-shaped reinforced 

concrete columns (Xue et al. 2017)[5] and composite columns, such as L-shaped, 

T-shaped and cross section ones, are adequate for solving this problem due to 

their benefits in efficient use and design of indoor space (Liu et al. 2019)[6]. 

However, because of their particular geometric properties, innovative beam-to-

column joints with improved configurations are required for practical 

engineering. 

Previously, extensive research has been focused on the behaviour of 

specially-shaped composite columns only, including the static behaviour 

under compression of L-shaped ones (Chen and Shen 2010, Liu et al. 

2018, 2019, Rong et al. 2017, Xiong et al. 2017, Zhang et al. 2018, Zhou 

et al. 2015, 2016) [6~13], of T-shaped ones (Liu et al. 2018, Rong et al. 

2016, Tu et al. 2014, Wang and Chang 2013, Yang et al. 2010, 

2015)[8,14~19] and of other types (Wu et al. 2017)[20], as well as their 

dynamic performance (Liu et al. 2018, Shen et al. 2013, Tu et al. 2014, 

Zhou et al. 2012)[14,21~23]. Extensive experimental investigations were 

conducted, with effects of various configurations of stiffeners, geometry 

and material strengths being elucidated, and design guidance or 

prediction formulae were proposed accordingly. In addition, Zhou et al. 

(2015)[24] and Zhang et al. (2018)[25] experimentally investigated seismic 

behaviour of frames with L-shaped composite columns, in which effects 

of axial compression ratio and beam-to-column stiffness ratios on 

seismic behaviour of the frames were clarified and the failure mechanism 

was discussed. 

Regarding research on beam-to-column joints, previous work is 

mainly focusing on that with conventional circular or square CFST 

columns, including the joints with external diaphragms (Chen and Chung 

2003, Li and Han 2011, Rezaifar and Younesi 2017)[26~28], that with bolted 

connections (Lee et al. 2012, Tao et al. 2017, Thai et al. 2017)[29~31] and 

with other configurations (Stephens et al. 2016)[32]. Investigations on 

beam-to-column joints fabricated with the specially-shaped composite 

columns are rather limited. Du et al. (2012)[33] experimentally investigated 

frame joints with T-shaped CFST columns and steel beams as well as 

exterior diaphragms, and found that increase of width or overhanging 

length of the stiffening ring may improve the ductility of the joints. Xu et 

al. (2012)[34] tested three frame joints with crisscross CFST columns and 

steel beams under cyclic loadings, and clarified their failure mechanism 

as well as effects of axial compression ratios. Liu et al. (2016)[35] tested 

six steel reinforced concrete special-shaped column-beam joints on their 

seismic behaviour. Liu et al. (2017)[36] tested four joints under cyclic 

loadings, and exterior diaphragm and vertical ribs were utilised in two 

groups, respectively. Both cross-shaped and T-shaped CFST columns 

were incorporated. Their effects on the seismic behaviour of the joints 

were elucidated and design equations for predicting the shear resistance 

were developed. Zhang et al. (2018)[37,38] introduced an innovative joint 

between L-shaped composite columns and steel beams by employing 

vertical stiffeners, and tested their cyclic performance. Based on the test 

results, a simplified trilinear model was proposed for predicting the shear 

strength versus shear deformation responses as well as a design method 

being introduced. Zeng et al. (2019)[39] investigated experimentally a 

reduced-scale frame structure with concrete encased L-shaped steel 

section columns and steel beams on its seismic performance. 

Diaphragms are commonly utilised for connecting tubular columns 

including CFST ones with steel beams. However, use of inner diaphragms 

may result in challenges for fabrication because it is difficult to be welded 

along the four edges inside the tubes; the exterior diaphragm is wider than 

the steel beams and needs more indoor space, and therefore it is 

inadequate for the specially-shaped columns. An innovative type of beam-

to-column joints with reinforcing vertical plates (RVPs) was presented 

herein for practical use of L-shaped wide-limb composite columns 

(LSWL-CCs), which are expected to shift the beam plastic hinges but not 

to increase width of the beam. An experimental programme on the joints 

was carried out to clarify their seismic performance, and numerical 

analyses were subsequently conducted with extensive range of parameters 

being involved. The research outcomes are helpful for understanding the 

mechanical responses of the reinforced joints, and may provide references 

for their engineering application. 

 

2.  Experimental research 

 

2.1. Test programme 

 

An experimental programme including two full-scale joint specimens were 

carried out previously by the authors (Ma et al. 2017)[40], one with a lattice type 
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of LSWL-CC (labelled as specimen I) and the other one with a solid type of 

LSWL-CC (labelled as specimen II). Their general configuration details are 

illustrated in Figs. 1 and 2, respectively. The composite column of the specimen 

I is composed of three square CFSTs as boundary elements and diagonal steel-

tube (ST) bracings, and that of the specimen II is composed of three square 

CFSTs as boundary elements as well and double steel plate composite walls. In 

the composite walls, thickness of the outside steel plate is 12 mm while 

thickness of the inner stiffener plate is 8 mm. Hot-rolled H-shaped profile 

HN600×200×11×17 was used to fabricate the steel beam, and two RVPs are 

attached on both sides of the beam end through welding, respectively, of which 

thickness is 25 mm. It should be noted that the RVP of specimen I is a cut-corner 

plate, and that of specimen II is optimized to be a wedge for reducing potential 

stress concentration. The RVPs should be welded on the beam in factory to 

ensure the welding quality. Other geometric dimensions can be found in Figs. 1 

and 2. 

 

 

Fig. 1 Geometry of specimen I (Unit: mm) 

 

Fig. 2 Geometry of specimen II (Unit: mm) 

 

The tubes in the boundary elements are fabricated from Q420C steel, and 

other steel components of the specimens are fabricated from Q345C steel. 

Material properties of the steel are given in Table 1, where the yield strength, 

the ultimate tensile stress and the elongation percentage after fracture of the 

steel plates are presented as fy, fu and Afr, respectively. The boundary elements 

and the composite wall of specimen II are filled with concrete, of which 

equivalent compressive strength fc is 39.6 MPa on average. 

 

Table 1 

Material properties of steel 

Grade Thickness (mm) fy (MPa) fu (MPa) Afr 

Q420C 25 454.4 606.96 0.25 

Q345C 

25 358.1 517.8 0.30 

17 360.1 541.4 0.29 

12 (solid wall) 352.1 505.9 0.33 

12 (ST bracing) 390.5 519.3 0.29 

11 368.2 536.9 0.29 

8 352.8 520.7 0.33 

 

The test setup is shown in Fig. 3. Axial compressive force was applied at 

top of the boundary elements firstly and kept constant, and cyclic loads were 

applied vertically at the end of the beam, which was laterally braced to prevent 

lateral-torsional buckling. The axial compressive force applied was 11324.8 kN 

with a compression ratio of being 0.6. The cyclic loading downward is denoted 

as “+” and upward as “-”. 

 

     

Fig. 3 Test setup: (a) illustration; (b) photo of specimen I (Ma et al. 2017[40]); (c) photo of 

specimen II (Ma et al. 2017[40]) 

 

Layout of measurement for the two specimens is shown in Fig. 4. The 

vertical linear variable displacement transformer (LVDT) D1 is used to measure 

the beam end deflection δ1. LVDTs D2 and D3 are placed diagonally to measure 

the panel zone’s deformation (δ2 and δ3). LVDTs D4 and D5 are used to measure 

the horizontal displacements δ4 and δ5 of the columns. LVDTs D6 and D7 are 

used to measure the shear deformation δ6 and δ7 of the zone of the RVPs. LVDTs 

D8 and D9 are used to measure the rigid body motion through readings δ8 and 

δ9. Strain gauges are arranged at the location where plastic hinge is expected to 

develop. 

 

 

Fig. 4 Layout of measurement 

 

2.2. Test results and analyses 

 

Fig. 5 shows typical failure modes of the specimen I. With an increase of 

the cyclic loading levels, the beam flange adjacent to the RVPs buckled locally 

firstly, and then crack was observed within the flange. No visible deformation 

was identified in the LSWL-CC and the RVPs during the whole loading process. 

Similar failure modes were found for the specimen II, as shown in Fig. 6. 

 

 

 

Fig. 5 Failure modes of specimen I: (a) local bucking and crack of top flange; (b) crack at 

bottom flange 

(b) (c) 

Crack 

(a) Buckling 

Crack 
(b) 
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Fig. 6 Failure modes of specimen II 

 

Cyclic loading versus deformation responses were obtained from test 

results, as shown in Fig. 7. It can be found that both specimens’ exhibit a plump 

shape. Strength degradation was resulted from buckling or initiation of crack 

within the beam flanges. Plastic hinge within the beam can be developed out of 

region of the RVPs, and the maximum ratios M/Mp of specimens I and II are 

1.13 and 1.10, respectively, in which Mp is the full plastic moment capacity of 

the plastic hinge and is calculated as being 1031 kN·m from the measured 

material properties in Table 1. However, development of the plastic deformation 

of the joints is still insufficient because of their brittle fracture. Based on the 

cyclic curves and corresponding envelop curves, characterised results including 

moments My, Mu and rotations θy, θu as well as initial elastic stiffness Ke are 

summarised in Table 2. 

 

   

Fig. 7 Cyclic and envelope curves: (a) specimen I; (b) specimen II 

 

Table 2 

Characterised results from envelope curves (Ma et al. 2017)[40] 

Specimen 
Load 

direction 

Yield point Ultimate point Ke 

(kN/mm) My (kN·m) θy (rad) Mu (kN·m) θu (rad) 

Specimen I 
- -1026 -0.01 -1165 -0.03 

8.87 
+ 992 0.01 1150 0.03 

Specimen II 
- -881 -0.009 -1124 -0.02 

15.72 

+ 834 0.008 1127 0.02 

 

Based on the displacement measurements, the total beam end rotation θ (Hu 

et al. 2014)[41], rotation of the panel zone of beam-to-column joints θpz (Shi et 

al. 2012)[42], rotation of column θc as well as beam rotation θb can be derived. 

Contribution of each rotation component to the total beam end rotation in the 

last cycle at each loading level is shown in Fig. 8. It can be found that the beam 

rotation (θb) is dominant for both specimens I and II. The maximum rotation of 

panel zone is about 1.8% and 1.0% of the total beam end rotation, respectively, 

for specimens I and II. Generally, the results indicate that the rotation capacity 

of specimen I was greater than that of specimen II. Table 3 gives results of 

displacement ductility ratio (μ) and equivalent viscous damping coefficient he. 

 

   

Fig. 8 Contribution of beam end rotation: (a) specimen I; (b) specimen II 

 

Table 3 

Ductility and energy dissipation results (Ma et al. 2017)[40] 

Specimen Load direction μ μ.ave he 

Specimen I 
- 2.45 2.38 

 

0.267 

 + 2.38 

Specimen II 
- 2.25 

2.33 0.264 
+ 2.40 

 

3.  Finite Element Modelling and Validation 

 

Based on the previous experimental research programme, a three-

dimensional finite element (FE) model of the joints was developed by using 

ABAQUS, as shown in Fig. 9. A bilinear stress-strain relation was employed to 

describe the uniaxial one of the steel, and the kinematic hardening model 

provided by ABAQUS was applied for the steel; the concrete damaged plasticity 

model was used for the concrete material. Material properties were determined 

based on the material test results. The Q420 steel tubes and concrete 

components were meshed by using C3D8R element, and the other steel 

components including the tubes in the joint zone were meshed through C3D10 

element. The steel tube of the column and the steel beam as well as steel plates 

in the composite wall were tied together for simulating the welds. Hard contact 

relation between the steel tube and the in-filled concrete was defined, with a 

friction coefficient of 0.2 being adopted. Either the axial compression load at 

the top of the composite column or the cyclic loads at the beam end were applied 

on a reference point defined at the corresponding load surface. The column base 

was fixed and horizontal displacement of the column top was restrained. Lateral 

bracing supports were applied to the beam end. The loading process was 

identical to that in the experiment. Both material and geometric non-linearities 

were incorporated herein. 

 

   

Fig. 9 Mesh of FE models: (a) specimen I; (b) specimen II 

 

Based on the numerical analyses results, cyclic and envelop curves of the 

load versus displacement responses at the beam end for the two specimens were 

obtained, and were compared with the test results, as shown in Figs. 10 and 11, 

respectively. It can be found from the two figures that good agreement in general 

can be observed between the FE analyses and test results. The cyclic curves 

obtained from the FE analyses results are basically symmetric between the 

positive and negative directions, whilst the test curves are not; this is mainly 

resulted from cracks observed in the tension component during the test. The 

peak loads in the FE analyses results are close to that of the test results, but the 

unloading slope in the test curves is slightly lower due to existence of severe 

cracks. In summary, the FE model developed herein is demonstrated to be 

adequate for simulating the cyclic behaviour of the specific joints between steel 

beam and LSWW-CC, and therefore is adopted for further numerical analyses 

with extended parameters being considered. 

 

   

Fig. 20 Comparison of cyclic curves between FE modelling and test results: (a) specimen 

I; (b) specimen II 

Flange crack 

Web crack 

(a) (b) 
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Fig. 11 Comparison of envelope curves between FE modelling and test results: (a) 

specimen I; (b) specimen II 

 

4.  Parametric analyses 

 

4.1. Effects of the RVPs 

 

To clarify effects of the RVPs on the seismic performance of the joints for 

LSWL-CCs, seismic behaviour of two joints were simulated by using the 

validated FE modelling approach, including the test specimen (labelled as 

CONT) as a control group, and another model with identical geometry but 

without RVPs. Based on the FE analysis results, their cyclic and envelop curves 

were obtained and are shown in Figs. 12 and 13, respectively, and Fig. 14 

presents their stress distribution in the last loading cycle. 

 

  

Fig. 32 Comparison of cyclic curves for models with and without RVPs 

 

Fig. 13 Comparison of envelope curves for models with and without RVPs 

   

Fig. 14 Stress distribution in the last loading cycle: (a) with RVPs; (b) without RVPs 

 

Based on comparisons in Figs. 12 and 13, it can be found that the joint with 

RVPs possesses a relatively higher ultimate loading capacity as well as a greater 

energy dissipation capacity. Meanwhile, from Fig.14, the maximum stress 

region of the joint without RVPs is closer to the welding zone between column 

and beam. By applying the RVPs, this maximum stress region has moved away 

from the welding zone, which is beneficial for preventing brittle failure of the 

welds. 

Consequently, due to the benefits indicated previously in terms of 

improvement of the mechanical behaviour of the joints and less stress 

concentration within the welded zone, the RVPs are suggested in practice. 

 

4.2. Dimensions of the RVPs 

 

With the aim of clarifying effects of geometry of the RVPs (as illustrated 

in Fig. 15) on the seismic performance of the joints for LSWL-CCs developed 

herein, an extensive range of parametric analyses were conducted. Various 

values of length a, width b and thickness t of the flange-side RVPs were 

incorporated, and reasonable geometric dimensions are suggested for design 

guidance. Given that the deformation of the panel zone is very slight according 

to the test results, the FE models in the parametric analyses only consider that 

beam and boundary CFST element to focus on the beam-to-column joint. 

Failure of the joint in the FE analyses is determined as the case when its loading 

capacity decreases by 15%. 

 

 

Fig. 45 Geometry of flange-side RVP 

 

i) Effects of length of RVPs 

To clarify effects of length of the RVPs on the seismic performance of the 

joint, five FE models including the test specimen (labelled as CONT) as a 

control group, were developed, and geometric parameters of the RVPs are given 

in Table 4, in which H is cross-sectional height of the steel beam, and tf is 

thickness of the flange of the steel beam. Geometric dimensions of other 

components in the FE models are identical to that of the specimen. Based on the 

FE analyses results, their cyclic and envelop curves are obtained and are shown 

in Figs. 16 and 17, respectively, and other characteristic results are listed in 

Table 5. 

 

Table 4 

Geometric parameters of FE models with various lengths of RVPs 

FE model Length a (mm) Width b (mm) Thickness t (mm) c (mm) d (mm) 

CONT 0.5H 1/4H 1.5tf 50 20 

L-1 0.75H 1/4H 1.5tf 50 20 

L-2 H 1/4H 1.5tf 50 20 

L-3 1.2H 1/4H 1.5tf 50 20 

L-4 1.5H 1/4H 1.5tf 50 20 

 

 

Fig. 56 Comparison of cyclic curves for models with different lengths of RVPs 

 

Fig. 17 Comparison of envelope curves for models with different lengths of RVPs 

 

Table 5 

Characteristic results of FE models with various lengths of RVPs 

FE 

model 

Loading 

direction 

Ultimate bearing 

capacity (kN) 

Yield 

displacement 

y (mm) 

Ultimate 

displacement 

u (mm) 

Ductility 

coefficient 

μ 

CONT 
Neg. -404.92 -44.01 -145.31 3.30 

Pos. 404.95 48.15 144.00 2.99 

L-1 
Neg. -424.58 -44.01 -145.49 3.31 

Pos. 424.79 48.68 142.84 2.93 

L-2 
Neg. -446.20 -44.01 -162.93 3.70 

Pos. 445.90 48.68 160.14 3.29 

(a) (b) 
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L-3 
Neg. -463.92 -44.01 -161.00 3.66 

Pos. 463.73 44.98 162.59 3.61 

L-4 
Neg. -499.95 -48.42 -159.27 3.29 

Pos. 499.84 48.37 162.26 3.35 

 

The FE analyses results indicate that the cyclic curves of all the five models 

are plump, representing their good energy dissipation capacity. With an increase 

in the length of the RVPs, the loading capacity of the joints increase 

significantly from 405 kN of the model CONT to 500 kN of the model L-4. The 

five models all exhibite good deformation ability, and it can be seen from Table 

5 that when the length of the RVPs is 1.0 ~ 1.2 times of the cross-sectional 

height of the steel beam, the ductility coefficient is the largest, and this range 

for the length is recommended for practical usage. 

 

ii) Effects of width of RVPs 

To evaluate effects of width of the RVPs on the cyclic performance of the 

joint, four FE models including the test specimen (labelled as CONT) as a 

control group were developed, of which values of the geometric parameters are 

given in Table 6. Based on the FE analyses results, their cyclic and envelope 

curves are obtained and plotted in Figs. 18 and 19, respectively, and other 

characteristic properties are listed in Table 7. 

 

Table 6 

Geometric parameters of FE models with various widths of RVPs 

FE model Length a (mm) Width b (mm) Thickness t (mm) c (mm) d (mm) 

CONT 0.5H 1/4H 1.5tf 50 20 

W-1 0.5H 1/3H 1.5tf 50 20 

W-2 0.5H 1/5H 1.5tf 50 20 

W-3 0.5H 1/8H 1.5tf 50 20 

 

 

Fig. 68 Comparison of cyclic curves for models with different widths of RVPs 

 

Fig. 19 Comparison of envelope curves for models with different widths of RVPs 

 

Table 7 

Characteristic results of FE models with various widths of RVPs 

FE model 
Loading 

direction 

Ultimate 

bearing 

capacity (kN) 

Yield 

displacement 

y (mm) 

Ultimate 

displacement 

u (mm) 

Ductility 

coefficient 

μ 

CONT 
Neg. -404.92 -44.01 -145.31 3.30 

Pos. 404.95 48.15 144.00 2.99 

W-1 
Neg. -405.46 -44.01 -146.23 3.32 

Pos. 405.58 47.26 142.50 3.02 

W-2 
Neg. -404.21 -44.01 -146.44 3.33 

Pos. 404.07 48.68 143.81 2.95 

W-3 
Neg. -400.42 -44.01 -145.61 3.31 

Pos. 400.82 48.71 143.50 2.95 

 

Based on the FE analysis results, it can be found that the cyclic curves of 

all the four FE models are plump without any visible differences, indicating 

their good energy dissipation capacities as well as limited effects of variation in 

the width of the RVPs. Difference of the loading capacities of all the four 

models is lower than 1% generally. In case of the width being 1/8 of the cross-

sectional height of the steel beam, the loading capacity is the lowest, and 

therefore a width no less than 1/5 of the beam height is recommended for 

practice. All the four models possessed good deformation ability and similar 

ductility coefficients. 

 

iii) Effects of thickness of RVPs 

To understand effects of thickness of the RVPs on the seismic performance 

of the joints, five models including the test specimen (labelled as CONT) as the 

control group were developed, and their geometric parameters are listed in 

Table 8. Based on the FE analysis results, their cyclic and envelope curves with 

various thicknesses of the RVPs are shown in Figs. 20 and 21, respectively, and 

other characteristic properties are given in Table 9. 

 

Table 8 

Geometric parameters of FE models with various thickness of RVPs 

FE model Length a (mm) Width b (mm) Thickness t (mm) c (mm) d (mm) 

CONT 0.5H 1/4H 1.5tf 50 20 

T-1 0.5H 1/4H 1.2tf 50 20 

T-2 0.5H 1/4H 1.0tf 50 20 

T-3 0.5H 1/4H 0.8tf 50 20 

T-4 0.5H 1/4H 0.5tf 50 20 

 

 

Fig. 20 Comparison of cyclic curves for models with different thickness of RVPs 

 

Fig. 21 Comparison of envelope curves for models with different thickness of RVPs 

 

Table 9 

Characteristic results of FE models with various widths of RVPs 

FE model 
Loading 

direction 

Ultimate 

bearing 

capacity (kN) 

Yield 

displacement 

y (mm) 

Ultimate 

displacement 

u (mm) 

Ductility 

coefficient 

μ 

CONT 
Neg. -404.92 -44.01 -145.31 3.30 

Pos. 404.95 48.15 144.00 2.99 

T-1 
Neg. -403.82 -44.01 -146.29 3.32 

Pos. 404.19 48.68 145.62 2.99 

T-2 
Neg. -402.78 -44.01 -142.68 3.24 

Pos. 403.08 48.68 145.50 2.99 

T-3 
Neg. -402.28 -46.32 -146.50 3.16 

Pos. 401.86 47.37 145.00 3.06 

T-4 
Neg. -399.57 -46.57 -148.50 3.19 

Pos. 399.52 46.97 145.51 3.10 

 

Based on the FE analysis results it is indicated that, all the five models 

exhibit good energy dissipation capacities because of their plump cyclic curves. 

With a decrease of the RVP thickness, their loading capacities decrease 

generally from 405 kN for the model CONT to 399.52 kN for the model T-4. 
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All the five models possess good deformation ability, and their ductility 

coefficients are generally constant. In practice, the thickness of the RVPs is 

recommended to be no less than half of the flange thickness of the steel beam. 

 

4.2. Optimisation of the RVPs 

 

In order to reduce the unfavourable effects of stress concentration on the 

mechanical behaviour of the joints and to prevent facture, both geometry and 

location of the RVPs are optimised. The cut corner one that is applied in 

specimen I as shown in Fig. 22(a), is firstly optimised to the wedge one as shown 

in Fig. 22(b), and then it is further moved towards the web, i.e. its vertical 

outside surface is flush with the toe of the beam flange as shown in Fig. 22(c). 

 

 

Fig. 22 Optimisation of RVPs: (a) cut corner one; (b) wedge one; (c) flush wedge one 

 

FE models are established for the three types of joints, to which an identical 

loading spectrum is applied for comparison of their loading responses. Based 

on the FE analysis results, Figs. 23 and 24 present their stress distribution at the 

same loading level in elastic and inelastic ranges, respectively. Their load versus 

displacement curves are shown in Fig. 25. 

 

 

Fig. 23 Stress distribution in elastic state: (a) cut corner RVPs; (b) wedge RVPs; (c) flush 

wedge RVPs 

 

 

Fig. 24 Stress distribution in inelastic state: (a) cut corner RVPs; (b) wedge RVPs; (c) 

flush wedge RVPs 

 

 

Fig. 25 Load-displacement curves of the joints with RVPs varying in geometry 

 

Based on Figs. 23~25, it can be found that the joint with flush wedge RVPs 

possesses the lowest level of stress concentration, because its maximum stress 

magnitude is significantly less than the others’, particularly in the inelastic range. 

With respect to the load versus displacement curves as shown in Fig. 25, no 

visible difference is observed between the two joints with cut corner and wedge 

RVPs; whilst for the joint with flush wedge RVPs, its initial stiffness is lower 

than the other two by 5% approximately. Ultimate bearing capacities of the three 

joints are basically the same. 

Consequently, due to the benefits indicated previously for the use of the 

flush wedge RVPs in terms of reduction of the stress concentration but limited 

effects on the loading capacity and stiffness, the configuration details of the 

joints with the flush wedge RVPs are recommended in practice. 

To further optimise the geometry of the RVP for reducing stress 

concentration, the cut corner RVP was modified into a plate with an arc edge, 

as shown in Fig. 26. Cyclic behaviour of another joint was simulated through 

the FE model, which applied the arc-edge RVPs; other parameters of the joint 

are kept the same as previous ones. Based on the FE analysis results, its cyclic 

and envelope curves are obtained and are compared with that of joints with cut 

corner RVPs in Figs. 27 and 28, respectively. Table 10 lists other characteristic 

mechanical properties. 

 

 

Fig. 26 Geometry of flange-side arc-edge RVP 

 

 

Fig. 27 Comparison of cyclic curves for models with cut corner and arc-edge RVPs 

 

 

Fig. 28 Comparison of envelope curves for models with cut corner and arc-edge RVPs 

 

Table 10 

Characteristic results of FE models with cut corner and arc-edge RVPs 

FE model 
Loading 

direction 

Ultimate 

bearing 

capacity (kN) 

Yield 

displacement 

y (mm) 

Ultimate 

displacement 

u (mm) 

Ductility 

coefficient 

μ 

BASE 
Neg. -404.92 -44.01 -145.31 3.30 

Pos. 404.95 48.15 144.00 2.99 

ARC-

PLATE 

Neg. -400.20 -46.32 -160.27 3.46 

Pos. 401.67 43.60 159.48 3.66 

 

It can be found that the cyclic curves of the two models are both plump, 

indicating their good energy dissipation capacity. The loading capacity of the 

joint with arc-edge RVPs is slightly lower than that of the other one. Both of 

them have good deformation ability; specifically, the ductility coefficient as 

well as the deformation ability of the joint with the arc-edge RVPs is slightly 

higher than that of the other, due to its reduced stress concentration. 

 

5.  Conclusions 

 

Two full-scale steel beam-to-LSWW-CCs joints were tested to evaluate 

their seismic performance, and FE models were developed accordingly and 

further validated against the test results. Through an extensive range of 

parametric analyses, effects of geometry of the RVPs were clarified, and 

optimised shapes of the RVPs was proposed. Based on the research work 

presented herein, some conclusions are made as follows. 

• The two specimens both fail due to cracks within the beam flange adjacent 

to the RVPs. Plastic hinge of this type of joint moves to the beam section 

adjacent to the RVPs as expected. The loading capacities of the two 

specimens are close to each other approximately and exceed the plastic 

moment capacity; rotations of the beam and column contribute the most to 

the total beam end rotation, and that of the panel zone can be neglected. 

• Use of the RVPs may increase the loading and energy dissipation capacity, 

(a) (b) (c) 

(a) (b) (c) 
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and reduced the stress concentration within the welded zone between the 

column and beam. 

• The length of the RVPs possesses significant effects on the seismic 

performance of the joints, and with an increase of the length, the loading 

capacity increases and the ductility is generally constant. Effects of the 

width and the thickness of the RVP on seismic behaviour of the joints are 

insignificant. 

• Based on the parametric analyses, it is recommended that the length of the 

RVP shall be 1.0~1.2 times the cross-sectional height of the steel beam, its 

width shall be no less than 1/5 of the beam height, and its thickness shall 

be no less than half of the thickness of the beam flange. 

• The cut corner RVP may be optimised into a wedge one without visible 

loose of either loading capacity or stiffness but with economic benefits in 

terms of less use of steel. Besides, by moving the RVP towards the web of 

the beam with its surface being flush with the flange toe, the stress 

concentration may be reduced and potential fracture would become less 

severe. Besides, use of the arc-edge RVP may also reduce the stress 

concentration. Both flush wedge and arc-edge RVPs are recommended to 

be applied in the joints. 

The research outcomes may provide valuable reference for practical 

engineering of such joints and the LSWW-CCs. Despite this, there are still other 

factors, e.g., steel grade of the RVPs, welding methods of the RVPs, etc., 

influencing the mechanical performance of such new joint, and further research 

is needed to verify and improve the design guidance proposed herein. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

A scaffolding system is a temporary structure that is commonly adopted on construction sites. As steel scaffolds are modular 

members manufactured with fixed dimensions, the total height of a scaffolding system seldom fits the headroom of a 

building when scaffolds are set up in multiple stories. This results in a difference in elevation, i.e. gap, between the top of 

the scaffolding system and the ceiling slab. In addition, scaffold configurations may need to be adjusted if the interior of a 

building has inclined planes on the ceiling slab or stairs on the ground. This study shows that the gap between the scaffold 

and the ceiling slab can be eliminated by altering the lengths of adjustable base jacks or adjustable U-head jacks. When the 

ceiling slab is inclined, it is suggested that a combined system of scaffolds with wooden shores of different lengths should 

be installed in the out-of-plane direction of the scaffold unit. This system can also be used when the ceiling slab is inclined 

and the ground has a difference in elevation (e.g., stairs) in a building. By using the second-order elastic analysis with semi-

rigid joints, the load-bearing capacity and failure model are found to be very close to those obtained in the loading tests 

using various scaffold configurations. In the loading tests for reused scaffolds, the lower bound of the load -bearing capacity 

of the scaffolding systems can be obtained by applying a subsequent load on the scaffolding systems, which are commonly 

adopted on the construction sites. The strength reduction factor () of these scaffolding systems installed by reused scaffolds 

can be obtained by calculating the mean value and standard deviation, which can serve as a reference for the strength design 

of scaffolding systems with different safety requirements. 
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1.  Introduction 

 

In construction, scaffolding systems are commonly known as temporary 

structures, in which all steel scaffolds are modular members with fixed 

dimensions. When the scaffolds are installed in multiple stories, the total height 

of the scaffolding system often does not fit the headroom of the building. This 

leads to a gap between the top of the scaffolding system and the bottom of the 

ceiling slab. To eliminate such a gap, a combined structure of scaffolds is 

constructed by inserting other shores such as tubular steel adjustable shores or 

wooden shores, which is called the combined system of scaffolds with shores in 

this study. On the other hand, the gap between the top of the scaffolding system 

and the ceiling slab can also be closed by directly extending the length of 

adjustable U-head jacks on the top or adjustable base jacks at the bottom of the 

scaffolding system to make the overall height of the scaffolding system fit the 

headroom of the building. However, the stability behavior of this configuration 

has seldom been discussed so far. Furthermore, when the ceiling slab of the 

building is inclined, the stability behavior of the combined system of scaffolds 

with shores is different from that of the same system when the ceiling slab is 

not inclined. The situation is similar to the ground having an elevation 

difference such as stairs, thereby leading to an uneven bottom surface. The 

aforementioned situations might affect the load-bearing capacity of the 

combined system of scaffolds with shores, and the potential collapse risk of the 

combined system of scaffolds with shores might be increased. Fig. 1 shows the 

collapse of falseworks in construction of an iron and steel company in Central 

Taiwan; this accident caused one death and several injuries. 

By treating scaffolds as temporary supports, Yu et al. investigated the load-

bearing capacity of modular steel scaffolds in the laboratory; they also 

conducted numerical analyses to compare with the results obtained in the 

loading tests and to confirm the relationship between story numbers and load 

capacity in modular steel scaffolds used in Hong Kong [1, 2]. Pieńko and 

Błazik-Borowa investigated the nodes of scaffolds based on numerical analysis, 

in which the load-bearing capacitiy of the nodes of scaffolds were analyzed by 

considering joint interaction of scaffolds with the use of nonlinear material [3]. 

Jia et al. investigated the slipping and rotational stiffnesses in the right-angle 

coupler connections of scaffolds based on experimental tests, and they focused 

on some specific issues, such as bolt-tightening torques, different coupler 

combinations, loading patterns, and conditions of new and old components [4]. 

Zhao et al. investigated the influence of member imperfection and joint stiffness 

on the load-bearing capacity of modular scaffolds by using the finite element 

method, where the influences of the splice joint stiffness and the screw jack 

stiffness on the load-bearing capacity of modular scaffolds were discussed [5]. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 1 Scene of the collapse of falsework in construction of an iron & steel company in 

Central Taiwan 

 

Upon treating a scaffolding structural system as a temporary support, Peng 

et al. investigated the ultimate loads of various single-row scaffolding structural 

systems [6]. When multi-bay setups of scaffolds were considered, the ultimate 

loads of the two-story scaffolds increased with the number of bays. Peng et al. 

further investigated the ultimate loads and failure models of an outdoor full-

scale heavy-duty scaffolding structural system to verify the mechanical 

behavior of scaffolds [7]. In this study, it is revealed that the ultimate load and 

failure model of the isolated three-story heavy-duty scaffold system were 

similar to those of the two-story heavy-duty scaffold system. Liu et al. 

investigated the mechanical behavior of tube and coupler scaffolds with X-

bracings [8], in which two full-scale scaffolding structural systems with X-

bracings were tested in the laboratory, and a finite element analysis was 

conducted to compare the discrepancies between the analyzed and experimental 

results. 

Among other configurations of scaffolding, Sevim et al. investigated the 

structural behavior of tie-bar numbers on the suspended scaffolding systems in 

the laboratory. In this study, they tested fifteen suspended scaffolding systems 

and obtained the load–displacement curves; particularly, the optimal suspended 

scaffolding system in terms of safety and cost was determined [9]. 

Concerning the reliability and probability of scaffold failure, Zhang et al. 

investigated the ultimate strength uncertainty of multi-story scaffolds through 

the use of an appropriate statistical framework with the second-order inelastic 

analysis [10, 11]. The reliability-based analyses were performed on the basis of 

a data survey and a probabilistic model of the load-bearing capacity of scaffolds 
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during grouting. 

From the aforementioned studies, it is shown that most researchers have 

focused their attention on the load-bearing capacities and failure models of 

various scaffolds, such as frame-type scaffolds, and tube and coupler steel 

scaffolds. In addition the vertical load of fresh concrete is considered as the 

major external load applied on a scaffolding system. Nevertheless, these studies 

have seldom considered the load-bearing capacities and failure models of the 

combined system of scaffolds with shores. Furthermore, these studies have 

seldom explored the boundary conditions of an inclined ceiling slab or uneven 

ground, and the issue of adjustable U-head jacks and adjustable base jacks in 

scaffold systems. The present study focuses on these issues for practical 

application in construction sites. 

 

2.  Research significance 

 

To understand the critical load and failure model of various scaffold 

configurations, this study explores the stability behavior of a scaffolding system 

by considering the following conditions: the inclined ceiling slab, an elevation 

difference on the ground (e.g. stairs), and the extension of adjustable U-head 

jacks on the top and adjustable base jacks at the bottom of the system. 

Furthermore, two subsequent loads are applied to the scaffolding system during 

the loading tests in order to understand the lower bound of the load-bearing 

capacity of scaffolding systems commonly used in construction. 

In the test of two subsequent loads, the critical load of the scaffolding 

system is obtained when the first load is applied. After unloading the first load, 

the scaffolding system returns to its original condition. Then, the second load is 

applied to simulate the worst case of the load-bearing capacity of the scaffolding 

system. The ratio of the load-bearing capacity of the scaffolding system under 

the second load to that under the first load can be considered as the strength 

reduction factor of the scaffolding system, which may serve as a reference for 

strength design of the scaffolding system in the future. This study includes the 

following highlights: 

⚫ To determine the effect of extended adjustable U-head jacks on the top 

and adjustable base jacks at the bottom of the system on the load-

bearing capacity of the scaffolding system; 

⚫ To determine the effect of the top inclined plane on the load-bearing 

capacity of the combined system of scaffolds with shores; 

⚫ To determine the effect of the top inclined plane and uneven ground on 

the load-bearing capacity of the combined system of scaffolds with 

shores; and 

⚫ To determine the lower bound of the load-bearing capacity of 

“scaffolding system” and “combined system of scaffolds with shores”. 

 

3.  Dimensions and material properties 

 

This study adopts door-type steel scaffolds to conduct tests and analysis. 

The overall configuration of the door-type scaffolding structure is shown in Fig. 

2. Additionally, six specimens are randomly selected from door-type steel 

scaffolds in the laboratory to find the mechanical properties of scaffolds. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 2 Dimensions and schematic diagram of the two-story scaffolding system of basic 

configuration 

 

The mean dimensions of the structural members are given as fol-
lows: For the door-type steel scaffolds, main tube: mean outer diameter 
 = 42.4 mm, mean thickness t = 2.10 mm; horizontal bar: mean outer 
diameter  = 42.2 mm, mean thickness t = 2.08 mm; diagonal brace: 
mean outer diameter  = 26.6 mm, mean thickness t = 1.66 mm; cross 
brace: mean outer diameter  = 21.2 mm, mean thickness t = 1.46 mm; 

adjustable base jack and adjustable U-head jack: mean outer diameter 
 = 24.9 mm. The mean square area of the wooden shores is obtained 
by measuring the cross sections of the wooden shores, and it is calcu-
lated as 30.25 cm2. The cross-sectional moment of inertia is Iy = Iz = 
76.2552 cm4. 

Additionally, three sets of door-type steel scaffolds are selected for 
the material test. The following data are obtained from the material 
tests: mean elastic modulus E = 196 kN/mm2, mean yielding stress Fy 
= 0.36 kN/mm2, mean ultimate strength Fu = 4.47 kN/mm2. For the 
wooden shores, the mean elastic modulus E = 1245 kN/mm2, mean 
yielding stress Fy = 0.046 kN/mm2. 
 

4.  Numerical analysis 

 

In this study, the “second-order elastic analysis with semi-rigid joints” is 

adopted for the numerical analysis of the scaffolding systems. To simulate the 

initial imperfection of the overall scaffolding systems in the analysis, the 

notional lateral forces are applied to vertical members on mutually 

perpendicular planes. NIDA, a software package developed by Professor S.L. 

Chan of the Hong Kong Polytechnic University, was adopted for analysis in this 

study [12, 13, 14, 15]. In the second-order elastic analysis, both the P-Δ effect 

and P-δ effect of the structural members are considered. 

 

5.  Test planning 

 

5.1. Scaffolding system with adjustable base jacks and adjustable U-head jacks 

of different lengths 

 

5.1.1. Basic configuration of a scaffolding system 

A scaffolding system with a basic two-story configuration is adopted in the 

tests. The adjustable base jack and adjustable U-head jack used in the 

scaffolding system for the tests are both 10 cm in length. The dimensions of the 

two-story scaffolding system are shown in Fig. 2. The critical load and failure 

model of the two-story scaffolding system obtained in the tests are compared 

with the test results of other scaffold configurations adopted in this study. 

 

5.1.2. Scaffolding system with extended adjustable U-head jacks 

To fit the total height of the scaffolding system with the headroom of the 

building, workers may adjust the length of the adjustable U-head jacks on the 

top of the scaffolds. In the experiment, the adjustable U-head jacks of the 

scaffolding system are extended to a full length of 65 cm, and the scaffold 

configuration is shown in Fig. 3(A). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 (A) Extended U-head jacks (B) Extended U-head jacks and base jacks 

Fig. 3 Schematic diagram of the scaffolding system with extended adjustable U-head 

jacks and adjustable base jacks 

 

5.1.3. Scaffolding system with extended adjustable U-head jacks and adjustable 

base jacks 

For the case that the total height of the scaffolding system with extended 

U-head jacks does not fit the headroom of the building, workers may adjust the 

length of the adjustable base jacks as well. In the experiment, both the adjustable 

U-head jacks and adjustable base jacks are extended to a full length of 65 cm. 

The corresponding configuration is shown in Fig. 3(B). 

 

5.2. Two-story combined system of scaffolds with wooden shores 

 

5.2.1. Wooden shores of the same length (α = 1.0) 
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To solve the problem of insufficient length of scaffolds when fitting the 

headroom of a building, it is advisable to consider setting up other shores on the 

top of scaffolds to close the gap between the scaffold and the ceiling slab. For 

the sake of convenience in the loading tests and numerical analyses, wooden 

shores are served as “other shores” in this study. Fig. 4 shows the setup of the 

combined system of scaffolds with wooden shores of the same length. To clearly 

explain the length of the wooden shores in this study, the ratio of the length of 

the wooden shores to that of the scaffolds (1.7 m) is defined as  (namely,  is 

the wooden shore length divided by1.7 m). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 4 Schematic diagram of the two-story combined system of scaffolds with wooden 

shores 

 

The length of the wooden shores adopted in the experiment is 1.7 m, which 

results in  = 1 (= 1.7 m/1.7 m). The results of the experiment can be compared 

with those obtained in the experiment using a two-story scaffolding system and 

a combined system of scaffolds with wooden shores underneath an inclined 

ceiling slab. 

 

5.2.2. Wooden shores of the same length (α = 0.382) 

For the case that the gap between the scaffolds and the ceiling slab is not 

very large, shorter wooden shores may be used to adjust the total height of the 

scaffolding system. The corresponding configuration is shown in Fig. 4. To 

clearly compare the test results of the scaffolding system with the extended 

adjustable U-head jacks, the length of the wooden shores on the top of the 

scaffolds is set as 65 cm, which is the same as the length of the extended 

adjustable U-head jacks. These results can be used to compare the performance 

of the scaffolding system with top wooden shores with that of the system 

extended by adjustable U-head jacks. 

 

5.2.3. Inclined ceiling slab 

To explore the stability behavior of the combined system of scaffolds with 

wooden shores underneath an inclined ceiling slab, the configurations shown in 

Fig. 5 are adopted in the experminet. Since there are strong axes and weak axes 

in a scaffolding structure, for the sake of convenience, this study defines the xy-

plane in the in-plane direction of a scaffold unit and the yz-plane in the out-of-

plane direction of a scaffold unit. 
 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 5 Schematic diagram of the combined system of scaffolds with wooden shores 

with an inclined plane θ = 30° and wooden shore length α = 1 

As shown in Fig. 5(A), the inclined plane of the ceiling slab is on the xy-

plane; that is, it inclines in the in-plane direction. As shown in Fig. 5(B), the 

inclined plane of the ceiling slab is on the yz-plane; that is, it inclines in the out-

of-plane direction. 

As shown in Fig. 5(A) and Fig. 5(B), the longest wooden shore on the upper 

layer of the scaffolding structure is 1.7 m ( = 1). The inclination angle of the 

ceiling slab () is 30 downward. In the in-plane direction, the shorter wooden 

shores are 126 cm long (= 170 − 76.2tan 30); in the out-of-plane direction, 

the shorter wooden shores are 64.4 cm long (= 170 − 182.9tan 30). The test 

results can be compared with the cases without inclined ceiling slabs. They can 

also be used to review the stability behavior of scaffolding systems with ceiling 

slabs inclined in two different directions. 

 

5.2.4. Inclined ceiling slab and uneven ground surface 

Due to the interior configuration of buildings, it is common to see an 

inclined ceiling slab on the top and an uneven ground surface at the bottom. The 

stability behavior of the combined system of scaffolds with wooden shores 

under these conditions is explored. The configurations of the combined system 

of scaffolds with wooden shores under both out-of-plane and in-plane inclined 

directions are also adopted in this study (as shown in Fig. 6). 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 6 Schematic diagram of the combined system of scaffolds with wooden shores with 

an inclined plane θ = 30° and wooden shore length α = 0.5 & 0.7 

 

Fig. 6(A) shows the combined system of scaffolds with wooden shores 

under conditions of uneven top and bottom surfaces in the in-plane direction. 

As shown in Fig. 6(A), in the two-story combined system of scaffolds with 

wooden shores, the longer wooden shores are 85 cm ( = 0.5), the inclination 

angle of the ceiling slab is 30° ( = 30°), the shorter wooden shores are 41 cm 

(= 85 − 76.2tan 30), and the length of the base jack at one side is 25.5 cm (= 

0.15170,  = 0.15). 

Similarly, Fig. 6(B) shows the combined system of scaffolds with wooden 

shores under conditions of uneven top and bottom surfaces in the out-of-plane 

direction. As shown in Fig. 6(B), in the two-story combined system of scaffolds 

with wooden shores, the longer wooden shores are 119 cm ( = 0.7), the incli-

nation angle of the ceiling slab is 30° ( = 30°), the shorter wooden shores are 

13.4 cm (= 119 − 182.9tan 30), and the length of the base jack at one side is 

25.5 cm (= 0.15170,  = 0.15). 

 

6.  Discussions on results of tests and analyses 

 

6.1. Scaffolding system with adjustable base jacks and U-head jacks of different 

lengths 

 

6.1.1. Basic configuration of scaffolding system 

Two sets of two-story scaffolding systems with basic configurations were 

used in the experiment, and the test results are shown in Table 1. As shown in 

Table 1, the mean critical load of the two-story scaffolding system is 107.383 

kN and the corresponding mean vertical deformation is 5.932 mm. The results 

of the loading tests are shown in Fig. 7. As shown in Fig. 7, the structural de-

formation occurs in the front row of the scaffolding system, while the buckling 

mainly occurs in the in-plane direction. The load vs. vertical displacement curve 

of the two-story scaffolding system with a basic configuration under the loading 

test is shown in Fig. 8. Since the trend of the load vs. vertical displacement 

curves obtained from other tests in this study is similar to these obtained herein, 

the results from other tests are not included due to limited space. 
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Table 1 

Test results of the scaffolding system with adjustable base jacks and adjustable U-head jacks of different lengths 

Item Type 
Fig-

ure 

Configu- 

ration 
Numbering Unit 

(a).Test value (b).Analy- 

sis (kN) 

((a-b)/a) 

100% Group A Group B Mean 

1 
2-story scaffod Sys-

tem 

 

Flat slab and 

ground 

BN2D 

(BN2DT) 
kN 

108.795 

(96.380) 

105.971 

(90.898) 

107.383 

(93.644) 
107.19 0.2％ 

Deformation mm 
5.189 

(4.275) 

6.675 

(4.791) 

5.932 

(4.533) 

2 

U-head jacks/ base 

jacks of different 

lengths 

 

Ext. U-head 

jacks 

UJ65D 

(UJ65DT) 
kN 

111.786 

(79.336) 

108.020 

(83.033) 

109.903 

(81.185) 

106.80 2.8％ 

Deformation mm 
8.096 

(6.669) 

8.300 

 (7.094) 

8.198 

(6.882) 

3 

 

Ext. U-head and 

base jacks 

UJ65J65D 

(UJ65J65DT) 
kN 

81.346 

(65.381) 

75.011 

(54.211) 

78.179 

(59.791) 

74.49 4.7％ 

Deformation mm 
7.607 

(5.234) 

7.150 

 (6.203) 

7.379 

(5.719) 

Notes: 

1. Data in parentheses denote test values of the second load after the scaffolding system is unloaded and then reloaded. 

2. All test configurations include the adjustable base jacks and U-head jacks if not otherwise specified. 

3. In the numerical analysis of this study, the joint stiffness of the steel scaffolds is 2500 kN-cm/rad; that of the adjustable base and U-head jacks is 450 kN-cm/rad. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 7 Deformation of the two-story scaffolding system with basic configuration after 

loading 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 8 Load vs. displacement curve of the two-story scaffolding system with basic 

configuration (BN2D-A) after loading 

 

After finishing this test, the scaffolding system was unloaded and 

rearranged to its original condition to prepare for the second load. The second 

load simulates the worst case of the load-bearing capacity of the reused 

scaffolding system on construction sites. As shown in Table 1, the mean critical 

load of the two-story scaffolding system under a second load is 93.644 kN and 

the corresponding mean vertical deformation is 4.533 mm. Again, when the 

scaffolding system fails, the deformation mainly occurs in the front row and the 

buckling mainly occurs in the in-plane direction. 

The second-order elastic analysis with semi-rigid joints was adopted in this 

study. With reference to previous studies of second-order elastic analyses on the 

joint stiffness of scaffolds, the stiffness values of each joint in the scaffolding 

system can be obtained and are shown in Fig. 9(A). As shown in Fig. 9(A), it is 

observed that the joint stiffness (kS1) between vertical tubes of the scaffolding 

system is 2500 kN-cm/rad, and the joint stiffness of base jacks and U-head jacks 

(kS2) is 450 kN-cm/rad. After analysis, the critical load of the scaffolding system 

was obtained as 107.19 kN.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 9 Schematic diagram of the spiral spring stiffness of various joints and their positions 

in the scaffolding system and combined system of scaffolds with wooden shores 

 

Fig. 10(A) shows the deformation of the scaffolding system of basic 

configuration after loading, which is similar to that of the two-story scaffolding 

system as shwon in Fig. 7. Fig. 10(B) shows the relationship between the total 

vertical load and horizontal displacement on point A of the scaffolding system. 

Due to limited space, if similar setups of the scaffolding systems give similar 

analysis results to this case, they will be omitted from now on. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 10 Results of the second-order elastic analysis with semi-rigid joints on the two-story 

scaffolding system with basic configuration 

 

As shown in Table 1, the analysis value, 107.19 kN, is very close to the test 

value, 107.383 kN. The deviation of both values is around 0.2%. The joint 

stiffnesses of the steel tubes, adjustable base jacks, and adjustable U-head jacks 

adopted in other scaffold configurations in this study are the same as those used 

in this scaffold configuration. 

 

6.1.2. Scaffolding system with extended adjustable U-head jacks 

Two sets of scaffolding systems were adopted in the experiment. The test 

results show that the mean critical load of these scaffolding systems is 109.903 

kN, which is also shown in Table 1. Fig. 11 shows that the deformation of the 

scaffolding system after loading occurs in the in-plane direction of the back-row 
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scaffolds. After unloading, the scaffolding system was rearranged to prepare for 

the second load. The mean critical load of the second loading tests was 81.185 

kN. The deformation of the scaffolding system under the second load also 

occurred in the back row of the scaffolding system. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 11 Deformation of the scaffolding system with extended adjustable U-head jacks 

after loading 

 

As shown in Fig. 11, although the adjustable U-head jacks are extended to 

65 cm, when the scaffolding structure fails, the deformation does not occur on 

the extended U-head jacks, but in the in-plane direction of the back-row 

scaffolds. As shown in Table 1, when the length of the U-head jacks is 10 cm, 

the critical load of the scaffolding system is 107.383 kN; when the length of the 

U-head jacks is 65 cm, the critical load of the scaffolding system is 109.903 kN. 

The failure of the scaffolding system is due to buckling in both cases, indicating 

that the effect of the extended 65 cm U-head jacks on the critical load is not 

obvious. 

In the numerical analysis, the stiffnesses of the various joints of previous 

scaffolding systems were adopted. From the second-order elastic analysis, the 

critical load was obtained as 106.80 kN (as shown in Table 1). Fig. 12(A) shows 

the deformation of the scaffolding system with extended adjustable U-head 

jacks after loading, which is similar to that of the two-story scaffolding system 

shown in Fig. 11. Fig. 12(B) shows the relationship between the total vertical 

load and the horizontal displacement at point A of the scaffolding system. The 

analysis value, 106.80 kN, is close to the test value, 109.903 kN. The deviation 

of both values is around 2.8%. The deformation and the critical load of the 

scaffolding system are similar to the failure model of the scaffolding systems 

being tested. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 12 Results of the second-order elastic analysis with semi-rigid joints on the 

scaffolding system with extended adjustable U-head jacks 

 

6.1.3. Scaffolding system with extended adjustable U-head jacks and base jacks 

Two tests were conducted, in which both the adjustable U-head jacks and 

base jacks were extended to 65 cm. The test results in Table 1 show that the 

mean critical load of the scaffolding system is 78.179 kN. Fig. 13 shows the 

deformation of the scaffolding system, and Fig. 14 shows the details of the 

deformation of the adjustable U-head jacks after loading. The load-bearing 

capacity of the scaffolding system is lower than those of the previous two 

scaffold configurations. Additionally, the deformation of the scaffolding system 

after loading is different from those of the previous two scaffold configurations, 

mainly because the structural failure of the scaffolding system occurs on the 

extended adjustable U-head jacks and base jacks, instead of on the scaffolding 

system itself. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 13 Deformation of the scaffolding system with both extended adjustable U-head 

jacks and base jacks after loading 

 

 

 

 

 

 

 

 

 

 

 

Fig. 14 Deformation of the adjustable U-head jacks of the scaffolding system with both 

extended adjustable U-head jacks and base jacks after loading 

 

Similarly, after unloading, the scaffolding systems were rearranged to 

prepare for the second loading test. After testing, the mean critical load was 

found to be 59.791 kN, and the deformation of the scaffolding systems at failure 

was the same as that after the first load. 

As shown in Fig. 15, the critical load, 78.179 kN, of the scaffolding system 

with both extended adjustable U-head jacks and base jacks is around 0.73 (= 

78.179/107.383) times that of the scaffolding system with a basic configuration, 

107.383 kN. This indicates that when the adjustable U-head jacks and base jacks 

are both extended to 65 cm, the load-bearing capacity of the scaffolding system 

is not significantly affected. It retains around 70% of its original load-bearing 

capacity. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 15 Comparison of the critical loads of different scaffolding systems with extended 

adjustable U-head jacks and base jacks and top wooden shores  

(B) Load vs. horizontal displacement diagram (A) Deformation after loading 

A 
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Table 2 

Test results of the combined system of scaffolds with wooden shores of different lengths 

Item Type 
Fig-

ure 

Configu- 

ration 
Numbering Unit 

(a).Test value (b).Analy- 

sis (kN) 

((a-b)/a) 

100% Group A Group B Mean 

1 

2-story com-

bined system 

with wooden 

shores 

 

α = 1 

NWSB2D α = 1 

(NWSB2DT) 
kN 

47.758 

(36.324) 

45.042 

(33.009) 

46.400 

(34.667) 

50.02 -7.8％ 

Deformation mm 
10.062 

(7.431) 

8.810 

(7.150) 

9.436 

(7.291) 

2 

 

α = 0.382 

NWSB2D α = 

0.382(38.5cm) 

(NWSB2DT) 

kN 
47.670 

(32.980) 

49.631 

(29.773) 

48.651 

(31.377) 
51.00 -4.8％ 

Deformation mm 
9.246 

(7.387) 

11.347 

(7.912) 

10.297 

(7.650) 

Notes: 

1. Data in parentheses denote test values of the second load after the scaffolding system is unloaded and then reloaded. 

2. α denotes the ratio of the length of longer wooden shores to that of the scaffold unit. 

3. In numerical analysis, the joint stiffness between the wooden shores and the steel scaffolds: 

α=1.0, ks = 250 kN-cm/rad; α = 0.382, ks=750 kN-cm/rad. 

 

Based on the stiffnesses of various joints of previous scaffolding systems 

in the second-order elastic analysis, the critical load of this scaffolding system 

was obtained as 74.49 kN. As shown in Table 1, the analysis value, 74.49 kN, 

is close to the test value, 78.179 kN. The deviation of both values is around 

4.7%. Additionally, in the analysis, the deformation of the scaffolding system 

with extended adjustable U-head jacks and base jacks is similar to that of the 

scaffolding system being tested. 

 

6.2. Two-story combined system of scaffolds with wooden shores 

 

6.2.1. Top wooden shores of the same length (α = 1.0) 

A two-story scaffolding system with four wooden shores of the same length 

(170 cm) on the top was adopted ( = 1.0) in the experiment. Therefore, the 

total height of the structural system was the same as a three-story scaffolding 

system. As shown in Table 2, the mean critical load of these two scaffolding 

systems is 46.400 kN. Fig. 16 shows the deformation of the scaffolding system 

after loading. As shown in Fig. 16, the buckling failure of the combined system 

of scaffolds with wooden shores mainly occurs in the in-plane direction; the 

maximum horizontal deformation mainly occurs at the junction of the top 

scaffolds and the wooden shores, which is also in the in-plane direction. After 

unloading the first load, the mean critical load of the second load was taken as 

34.667 kN, and the deformation of the scaffolding system also mainly occurred 

in the in-plane direction. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 16 Deformation of the combined system of scaffolds with wooden shores (=1) after 

loading 

 

As shown in Fig. 15, the critical load of the two-story combined system of 

scaffolds with wooden shores is 46.400 kN, which is around 0.43 (= 

46.4/107.383) times the magnitude of the two-story scaffolding system with a 

basic configuration (107.383 kN). This indicats that when 170 cm wooden 

shores are set up on top of the two-story scaffolding system, the load-bearing 

capacity of the scaffolding system reduces to around half. Therefore, regarding 

the use of scaffolding systems on construction sites, it is advisable to avoid 

adopting the combined system of scaffolds with wooden shores. 

In the analysis of the combined system of scaffolds with wooden shores, 

the stiffnesses of various joints of previous scaffolding systems are adopted (as 

shown in Fig. 9(B)). With reference to the joint stiffness of scaffolding systems, 

the joint stiffness (kS3) of the combined system of scaffolds with wooden shores 

is adopted as 250 kN-cm/rad. In the second-order elastic analysis, the critical 

load of the combined system of scaffolds with wooden shores is obtained as 

50.02 kN (as shown in Table 2). Fig. 17(A) shows the deformation of the 

combined system of scaffolds with wooden shores after loading, which is 

similar to that of the combined system of scaffolds with wooden shores shown 

in Fig. 16. Fig. 17(B) shows the relationship between the total vertical load and 

horizontal displacement at point A of the combined system of scaffolds with 

wooden shores. The analysis value, 50.02 kN, is close to the test value, 46.400 

kN. The deviation of both values is around −7.8%. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 17 Results of the second-order elastic analysis with semi-rigid joints of the two-story 

combined system of scaffolds with wooden shores (=1) 

 

6.2.2. Top wooden shores of the same length ( = 0.382) 

A two-story scaffolding system with four wooden shores of the same but 

shorter lengths on the top was adopted ( = 0.382) in the experiment. As shown 

in Table 2, the mean critical load of these two scaffolding systems is 48.651 kN. 

Fig. 18 shows that the deformation of the combined system of scaffolds with 

wooden shores mainly occurs in the in-plane direction of the back-row scaffolds, 

which is similar to that of the combined system of scaffolds with wooden shores 

of 170 cm in length. Similarly, the second loading tests were conducted on the 

scaffolding structures. The mean critical load is obtained as 31.377 kN, as 

shown in Table 2. 

As shown in Fig. 15, the critical load, 48.651 kN, of the two-story combined 

system of scaffolds with shorter wooden shores ( = 0.382) is close to that 

(46.400 kN) of the two-story combined system of scaffolds with wooden shores 

of 170 cm in length ( = 1.0). 

As shown in Fig. 15, under the same condition of height, the critical load, 

48.651 kN, of the two-story combined system of scaffolds with shorter wooden 

shores ( = 0.382) is 0.44 (= 48.651/109.903) of that of the scaffolding system 

with adjustable U-head jacks extended to 65 cm, 109.903 kN. Therefore, it is 

advisable to consider extending adjustable U-head jacks on the top of the 

scaffolding system instead of adopting the combined system of scaffolds with 

wooden shores. 

 

 

 

 

 

 

 

(B) Load vs. horizontal displacement diagram (A) Deformation after loading 
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Fig. 18 Deformation of the combined system of scaffolds with wooden shores (=0.382) 

after loading 

 

The stiffnesses of various joints of previous scaffolding systems are 

adopted in the analysis. Based on the results of previous studies on scaffolding 

systems, it is observed that the shorter the wooden shores on the top of the com-

bined system, the greater the joint stiffness at the junction of the scaffolds and 

the wooden shores. As shown in Fig. 9(B), the joint stiffness (kS3) of the com-

bined system of scaffolds with wooden shores is adopted as 750 kN-cm/rad. In 

the second-order elastic analysis, the critical load of the combined system of 

scaffolds with wooden shores is obtained as 51.00 kN (as shown in Table 2). 

The deformation model obtained in the analysis is similar to that obtained in the 

testing described in Fig. 18. The analysis value, 51.00 kN, is close to the test 

value, 48.651 kN. The deviation of both values is around −4.8%. 

6.2.3. Ceiling slab inclined in the in-plane direction (xy-plane) 

⚫ Situation of long wooden shores with  = 1.0 

The wooden shores on the top of the two-story combined system of 

scaffolds are adjusted to fit a ceiling slab inclined in the in-plane direction in 

the experiment (as shown in Fig. 5(A)). The “situation of long wooden shores 

with  = 1.0” is defined as the two longest wooden shores (=170 cm, i.e.  = 

1.0) used to fit a ceiling slab inclined in the in-plane direction by 30° downward 

(as shown in Fig. 5(A)). Since the deviations of the first two tests were quite 

large, the third test was conducted. This produces a mean critical load of 34.402 

kN (as shown in Table 3). The deformation of the scaffolding system after 

loading is shown in Fig. 19. The deformation mainly occurs in the in-plane 

direction of the back-row scaffolds, and the maximum horizontal deformation 

mainly occurs at the junction of the scaffolds and the wooden shores. 

In the second loading test, the mean critical load was obtained as 32.689 

kN. The buckling failure also occurred in the in-plane direction of the 

scaffolding system, which was similar to that in the first loading test. As shown 

in Table 3, the critical load of the scaffolding system for the second load is very 

close to that of the first loading test, indicating that, after the first load, the 

members of the scaffold system do not fail obviously. 

For the scaffolding system underneath an inclined plane in the in-plane 

direction, the critical load, 34.402 kN, of the scaffolding system with long 

wooden shores ( = 1.0) is around 0.74 (= 34.402/46.400) of that of the 

scaffolding system with top wooden shores (46.400 kN) of the same length ( 

= 1.0). This indicates that when an inclined plane is in the in-plane direction of 

the scaffolding system, the load-bearing capacity of the combined system of 

scaffolds with wooden shores is reduced. 

 

Table 3 

Test results of the combined system of scaffolds with wooden shores with different inclined planes 

 

 

 

 

 

Item Type Fig-ure 
Configu- 

ration 
Numbering Unit 

(a).Test value 
(b).Analy- 

sis (kN) 

((a-b)/a) 

100% Group A Group B Group C 
Mean 

1 

Upper slope 

In
-p

la
n

e
 

 

In-plane 

θ = 30° 

α = 1 

WSDUIY 

θ = 30°,α = 1 

(WSDUIYT) 

kN 
30.303 

(30.508) 

42.129 

(40.080) 

30.773 

(27.478) 

34.402 

(32.689) 

32.56 5.4％ 

Deformation mm 
14.894 

(15.012) 

13.406 

(14.950) 

13.225 

(15.612) 

13.842 

(15.191) 

2 

 

In-plane 

θ = 30° 

α =0.32 

WSDUIY 

θ = 30°, 

α = 0.32 

(WSDUIYT) 

kN 
80.150 

(59.997) 

90.231 

(29.459) 
--- 

85.191 

(44.728) 

85.52 -0.4％ 

Deformation mm 
24.232 

(16.517) 

24.819 

(15.731) 
--- 

24.526 

(16.124) 

3 Upper slope 

O
u

t-
o

f-
p

la
n

e
 

 

Out-of -plane 

θ = 30° 

α = 1 

WSDUIX 

θ = 30°,α = 1 

(WSDUIXT) 

kN 
45.130 

(36.000) 

41.463 

(36.491) 
--- 

43.297 

(36.246) 

47.27 -9.2％ 

Deformation mm 
8.950 

(7.294) 

8.937 

(8.454) 
--- 

8.944 

(7.874) 

4 

Upper& 

Lower 

slope 

In
-p

la
n
e
 

 

In-plane 

θ = 30° 

α = 0.5 

β =0.15 

WSDUGIJY 

θ =30°,α = 0.5 

β = 0.15 

(WSDUGIJYT) 

kN 
41.865 

(23.654) 

37.373 

(25.233) 

32.980 

(21.124)  

37.406 

(23.337) 
38.64 -3.3％ 

Deformation mm 
18.988 

(13.931) 

22.169 

(19.113) 

13.444 

(10.169) 

18.200 

(14.404) 

5 

O
u
t-

o
f-

p
la

n
e
 

 

Out-of -plane 

θ = 30° 

α = 0.7 

β =0.15 

WSDUGIJX 

θ = 30°, 

α = 0.7 

β = 0.15 

(WSDUGIJXT) 

kN 
50.249 

(34.637) 

45.101 

(31.970) 

47.778 

(33.558)  

47.709 

(33.388) 
43.05 9.8％ 

Deformation mm 
12.550 

(8.216) 

10.887 

(8.783) 

10.309 

(8.272) 

11.249 

(8.424) 

Notes: 

1. Data in parentheses denote test values of the second load after the scaffolding system is unloaded and then reloaded. 

2. α denotes the ratio of the length of longer wooden shores to that of the scaffold unit; β denotes the ratio of the length of the extended base jacks to that of the scaffold unit. 

3. The angle of inclination of the ceiling slab θ = 30°. 

4. In numerical analysis, the joint stiffness of the steel scaffolds is 2500 kN-cm/rad; that of the adjustable base and U-head jacks is 450 kN-cm/rad; 

Joint stiffness between the wooden shores and steel scaffolds: 

α=1.0, ks = 250 kN-cm/rad; α = 0.7, ks =450 kN-cm/rad; α = 0.5, ks =500 kN-cm/rad; α = 0.32, ks=1500 kN-cm/rad. 

Setup of top linear springs (in-plane): inclination (weak direction), kX=0.1kN/cm; inclination (strong direction), kZ=1kN/cm 

Setup of top linear springs (out-of-plane): inclination (weak direction): 3 kN/cm ; inclination (strong direction): 30 kN/cm 



Jui-Lin Peng et al.  80 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 19 Deformation of the combined system of scaffolds with wooden shores under 

inclined slab after loading (=1.0/=30° in the in-plane direction) 

 

The stiffnesses of various joints of previous scaffolding systems, as well as 

those of the adjustable base jacks and U-head jacks, are adopted in the analysis 

(as shown in Fig. 20(A)). The joint stiffness (kS3) at the junction of the scaffolds 

and the wooden shores is adopted as 250 kN-cm/rad. Since the junction of the 

top of the wooden shores and the inclined ceiling slab cannot be perfectly fixed, 

some horizontal displacement might occur after loading. Therefore, linear 

springs are used to simulate the situation during analysis. The stiffness (kX) of 

the linear springs used in this study is 0.1 kN/cm in the inclination direction (xy-

plane) and 1 kN/cm in the yz-plane. The definition of these linear springs is 

shown in Fig. 20(A). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 20 Schematic diagram of the positions of different joint stiffnesses in the combined 

system of scaffolds with wooden shores in different inclined planes 

 

In second-order elastic analysis with semi-rigid joints, the critical load of 

the scaffolding system is obtained as 32.56 kN (as shown in Table 3). Fig. 21(A) 

shows the deformation of the combined system of scaffolds with wooden shores 

with the ceiling slab inclining in the in-plane direction (xy-plane) after loading, 

which is similar to that of the scaffolding system tested in Fig. 19. Fig. 21(B) 

shows the relationship between the total vertical load and horizontal 

displacement on point A of the scaffolding system. The analysis value, 32.56 

kN, is very close to the test value, 34.402 kN. The deviation of both values is 

around 5.4%. 

 

⚫ Situation of long wooden shores with  = 0.32 

The configuration of the scaffolding system with the “situation of long 

wooden shores with  = 0.32” in the experiment is the same as that of the 

scaffolding system with the “situation of long wooden shores with  = 1.0”, 

except that the wooden shores are of different lengths. The scaffold 

configuration is defined as the “situation of long wooden shores with  = 0.32”, 

namely, the longest wooden shores are 54.4 cm and the ceiling slab is inclined 

with a downward angle 30°(as shown in Fig. 5(A)). As shown in Table 3, the 

test results show that the mean critical load of the two scaffolding systems is 

85.191 kN. The deformation of the combined system of scaffolds with wooden 

shores mainly occurs in the in-plane direction and the maximum horizontal 

deformation mainly occurs at the junction of the scaffolds and the wooden 

shores. Similarly, the second loading test is conducted on the scaffolding 

structures and the mean critical load is obtained as 44.728 kN. The buckling 

failure of the scaffolding structure in the second loading test is similar to that of 

the first loading test, which also occurs in the in-plane direction. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 21 Results of the second-order elastic analysis with semi-rigid joints of the 

scaffolding system with the ceiling slab inclining in the in-plane direction (xy-plane) 

(=1.0/=30° in the in-plane direction) 

 

For the scaffolding systems underneath an inclined plane in the in-plane 

direction, the critical load of the scaffolding system with long wooden shores 

with  = 0.32 is 85.191 kN, which is 2.47 (= 85.191/34.402) times that of the 

scaffolding system with long wooden shores with  = 1.0 (34.402 kN), 

indicating that the combined system of scaffolds with shorter wooden shores 

has a greater load-bearing capacity. 

The stiffnesses of various joints obtained from previous scaffolding sys-

tems were adopted in the analysis. The definitions of various joints are shown 

in Fig. 20(A). Since the wooden shores in the scaffolding system are shorter, 

the joint stiffness (kS3) at the junction of the top of the scaffolds and the wooden 

shores is defined as 1500 kN-cm/rad. Linear springs are used to simulate the 

junction of the top of the wooden shores and the inclined ceiling slab. The stiff-

ness (kX) of the linear springs is 0.1 kN/cm in the inclination direction (xy-plane) 

and the stiffness (kZ) is 1 kN/cm in the yz-plane. The definitions of these linear 

springs are shown in Fig. 20(A). In the second-order elastic analysis, the critical 

load of the scaffolding system is obtained as 85.52 kN (as shown in Table 3). 

The deformation model obtained in the analysis is similar to that obtained in the 

tests as described in Fig. 19. The analysis value, 85.52 kN, is close to the test 

value, 85.191 kN. The deviation of both values is around −0.4%. 

 

6.2.4. Ceiling slab inclined in the out-of-plane direction (yz-plane) ( = 1.0) 

The configuration of the scaffolding system with different lengths of 

wooden shores on the top of the scaffold is shown in Fig. 5(B), which is under 

a ceiling slab inclined in the out-of-plane direction of the scaffold. In the 

experiment,  = 1.0 is defined for the two longest wooden shores (170 cm) used 

to fit a ceiling slab inclined in the out-of-plane direction by 30° downward (as 

shown in Fig. 5(B)). As shown in Table 3, the test yields a mean critical load of 

43.297 kN. 

Fig. 22 shows the deformation of the test configuration after loading, which 

mainly occurs in the back row of the shorter wooden shores in the in-plane 

direction. The maximum horizontal deformation occurs at the junction of the 

scaffolds and the wooden shores. The deformation of the test configuration after 

loading is unique, in that the deformation first occurs in the out-of-plane 

direction and then switches to the in-plane direction until the structure fails. 

After the second loading test, the mean critical load was obtained as 36.246 kN. 

The buckling failure occurred in the in-plane direction of the scaffolding system, 

which was similar to that of the first loading test. 

  

(B) Ceiling slab inclining in the out-of-

plane direction 

(A) Ceiling slab inclining in the in-plane 

direction 
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Fig. 22 Deformation of the combined system of scaffolds with wooden shores under 

inclined slab after loading (=1.0/=30° in the out-of-plane direction) 

 

By dividing the critical load of the scaffolding system with the ceiling slab 

inclined in the out-of-plane direction (43.297 kN) by that of the combined 

system of scaffolds with wooden shores with the ceiling slab inclined in the in-

plane direction (34.402 kN), the ratio 1.26 (= 43.297/34.402) is obtained. Thus, 

in the case of a combined system of scaffolds with wooden shores to be set up 

under an inclined ceiling slab on a construction site, it is advisable to set it up 

in the out-of-plane direction (as shown in Fig. 5(B)). 

Fig. 23 integrates the test results as described in Table 2 and Table 3, which 

makes a comparison of the test values of the combined systems underneath a 

flat ceiling slab and those underneath an inclined ceiling slab. As shown in Fig. 

23, by dividing the critical load of the combined system of the scaffolds with 

wooden shores with the ceiling slab inclining in the out-of-plane direction 

(43.297 kN) by that of the combined system of scaffolds with wooden shores 

with a flat ceiling slab (46.4 kN), the ratio 0.93 (= 43.297/46.4) is obtained. This 

indicates that the load-bearing capacities of these two scaffold configurations 

were quite close. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 23 Comparison of critical loads of the combined systems of scaffolds with wooden 

shores underneath an inclined plane of different angles and on different ground situations 

 

The stiffnesses of various joints in the previous scaffolding systems were 

adopted in the analysis. The definition of the joint stiffness is shown in Fig. 

20(B). The joint stiffness (kS3) at the junction of the scaffolds and the wooden 

shores was set as 250 kN-cm/rad. The joint type between the wooden shore and 

the ceiling slab inclined in the out-of-plane direction is different from that 

inclined in the in-plane direction, as shown from previous inclined ceiling slab 

tests. 

As shown in these inclined ceiling slab tests, the stiffness at the junction of 

the wooden shores and the ceiling slab inclined in the out-of-plane direction is 

greater than that of the junction of the wooden shores and the ceiling slab 

inclined in the in-plane direction. The stiffness (kZ) of the linear springs adopted 

in this analysis is 3 kN-cm in the yz-plane, and the stiffness (kX) in the xy-plane 

is 30 kN-cm. The definitions of these linear springs are shown in Fig. 20(B). 

From the second-order elastic analysis, the critical load of the scaffolding 

system was obtained as 42.27 kN (as shown in Table 3). Fig. 24(A) shows the 

deformation of the combined system of scaffolds with wooden shores after 

loading with the ceiling slab inclining in the out-of-plane direction (yz-plane), 

which is similar to that of the scaffold configuration shown in Fig. 22. Fig. 24(B) 

shows the relationship between the total vertical load and horizontal 

displacement at point A of the scaffolding system. The analysis value, 42.27 kN, 

is close to the test value, 43.297 kN. The deviation of both values is around 

−9.2%. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 24 Results of the second-order elastic analysis with semi-rigid joints of the 

scaffolding system with the ceiling slab inclining in the out-of-plane direction (yz-plane) 

(α=1.0) 

 

6.2.5. Ceiling slab inclined in the in-plane direction (xy-plane) ( = 0.5) with 

elevation difference on the ground surface ( = 0.15) 

The test configuration consists of a ceiling slab inclined in the in-plane 

direction (xy-plane) with an elevation difference on the ground surface, as 

shown in Fig. 6(A). In Fig. 6(A), the longer wooden shores of 85 cm (= 0.5170 

cm) are used with  = 0.5, and the ceiling slab is inclined downward with an 

angle 30° in the in-plane direction. The definition of ‘ = 0.1 5’ indicates that 

there is an elevation difference of 25.5 cm (= 0.15170 cm) on the ground due 

to the extension of the base jacks, as shown in Fig. 6(A). Since the deviations 

between the first two tests are quite large, the third test is conducted. Then, a 

mean critical load of 37.406 kN is obtained, as shown in Table 3. 

Fig. 25 shows the deformation of the scaffolding system after loading, 

which mainly occurs in the front row of the scaffolds and in the in-plane 

direction. Again, the maximum horizontal deformation occurred at the junction 

of the scaffolds and the wooden shores. The mean critical load of the second 

loading test was obtained as 23.337 kN. The buckling failure of the scaffolding 

system in the second loading test was similar to that in the first loading test, and 

the deformation also mainly occurred in the in-plane direction. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 25 Deformation of the combined system of scaffolds with wooden shores under 

inclined slab and uneven base after loading (=0.5/=0.15/=30° in the in-plane direction) 

 

In the analysis, the stiffnesses of the various joints of the previous 

scaffolding systems were adopted. The definitions of the joint stiffnesses are 

shown in Fig. 20(A). Additionally, the joint stiffness (kS3) at the junction of the 

scaffolds and the wooden shores was adopted as 500 kN-cm/rad. In this test, 

since the ceiling slab was inclined in the in-plane direction, linear springs were 

used to simulate the junction of the wooden shores and the inclined ceiling slab. 

The stiffness of the linear springs was 0.1 kN/cm (kX) in the inclination direction 

(xy-plane) and 1 kN/cm (kZ) in the yz-plane. The definition of these linear 

springs is shown in Fig. 20(A). 

From the second-order elastic analysis, the critical load of the scaffolding 

system is obtained as 38.64 kN, as shown in Table 3. The deformation model 

obtained in the analysis is similar to that obtained in the tests as described in 

Fig. 25. The analysis value, 38.64 kN, is close to the test value, 37.406 kN. The 

deviation of both values is around −3.3%. 

(B) Load vs. horizontal displacement diagram (A) Deformation after loading 
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6.2.6. Ceiling slab inclined in the out-of-plane direction (yz-plane) ( = 0.7) 

with elevation difference on the ground surface ( = 0.15) 

In this test, the scaffolding system configuration consists of a ceiling slab 

inclined in the out-of-plane direction (yz-plane) and an elevation difference on 

the ground, as shown in Fig. 6(B). In Fig. 6(B), the longer wooden shores of 

119 cm (= 0.7170 cm) with  = 0.7 are adopted, and the ceiling slab is inclined 

downward with an angle 30° in the out-of-plane direction. The definition of ‘ 

= 0.15’ indicats that there is an elevation difference of 25.5 cm (= 0.15170 cm) 

on the ground due to the extension of the base jacks, as shown in Fig. 6(B). 

Since the deviations of the first two tests are quite large, the third test is 

conducted. A mean critical load of 47.709 kN is obtained, as shown in Table 3. 

Fig. 26 shows the deformation of the test configuration after loading, which 

mainly occurs in the front row of scaffolds and in the in-plane direction. The 

maximum horizontal deformation occurs at the junction of the scaffolds and the 

wooden shores. Similarly, the mean critical load of the second loading test is 

obtained as 33.388 kN. The buckling failure of the scaffolding structure in the 

second loading test is similar to that in the first loading test, and the deformation 

mainly occurs in the in-plane direction. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 26 Deformation of the combined system of scaffolds with wooden shores under inclined 

slab and uneven base after loading (=0.7/=0.15/=30° in the out-of-plane direction) 

 

As shown in Table 3 and Fig. 23, the case of the combined system with the 

ceiling slab inclined in the out-of-plane direction and an elevation difference on 

the ground produces a critical load of 47.709 kN, while the case with the ceiling 

slab inclined in the in-plane direction and an elevation difference on the ground 

produces a critical load of 37.406 kN. The ratio of the two values is 1.28 (= 

47.709/37.406). Additionally, the critical load of the former scaffolding 

configuration (47.709 kN) is very close to that of the combined system of 

scaffolds with wooden shores with a flat ceiling slab (46.4 kN). 

In the analysis, the stiffnesses of various joints of the previous scaffolding 

systems were adopted. The definition of joint stiffness is shown in Fig. 20(B). 

The joint stiffness (kS3) at the junction of the scaffolds and the wooden shores is 

adopted as 450 kN-cm/rad. In this test, since the ceiling slab is inclined in the 

out-of-plane direction, linear springs are used to simulate the junction of the 

wooden shores and the inclined ceiling slab. The stiffness of the linear springs 

is 3 kN-cm (kZ) in the inclination direction (yz-plane) and 30 kN-cm (kX) in the 

xy-plane. The definition of these linear springs is shown in Fig. 20(B). 

From the second-order elastic analysis, the critical load of the scaffolding 

system is obtained as 43.05 kN, as shown in Table 3. The deformation model 

obtained in the analysis is similar to that obtained in the tests described in Fig. 

26. The analysis value, 43.05 kN, is close to the test value, 47.709 kN. The 

deviation of both values is around 9.8%. 

In conclusion, it is observed that the critical load of the combined system 

of scaffolds with wooden shores, the ceiling slab inclined in the out-of-plane 

direction, and an elevation difference on the ground is greater than that of the 

same scaffold configuration with a ceiling slab inclined in the in-plane direction. 

Therefore, in the case of an inclined ceiling slab and an elevation difference on 

the ground, it is advisable to set up the top inclined ceiling slab in the out-of-

plane direction of the scaffolds on construction sites, as shown in Fig. 6(B). 

 

6.3. Lower bound of load-bearing capacity of the repeatedly used scaffolds 
 

6.3.1. The scaffolding system 

In this study, two loading tests were conducted on various scaffolding 

systems. The critical load obtained in the second loading test is considered as 

the lower bound of the load-bearing capacity of the scaffolding systems installed 

by reused scaffolds. The strength reduction factor () of the scaffolding systems 

installed by reused scaffolds is calculated by dividing the critical load of the 

second loading test by that of the first loading test. As shown in Table 4, the 

mean value () of the strength reduction factor () of the door-type reused steel 

scaffolds is around 0.79 and the standard deviation () is around 0.07. 

Table 4 

Critical load of various scaffolding systems in the first and the second loading 

tests, and the ratio  

Item Numbering 

Test value (kN) 

= 

(B)/(A) 

 

Mean 

value 

 

Standard 

deviation 
First load-

bearing  

capacity (A) 

Second load-

bearing  

capacity (B) 

1 BN2D-A 108.80 96.38 0.886 

0.791 0.071 

2 BN2D-B 105.97 90.90 0.858 

3 Uj65D-A 111.79 79.34 0.710 

4 Uj65D-B 108.02 83.03 0.769 

5 Uj65J65D-A 81.35 65.38 0.804 

6 Uj65J65D-B 75.01 54.21 0.723 

 

Subtracting one standard deviation from the mean value of the strength 

reduction factor of the scaffolding system installed by reused scaffolds,  gives 

0.72 ( =  −  = 0.79 − 0.07); similarly, subtracting two standard deviations 

from that,  gives 0.65 ( =  − 2 = 0.79 − 20.07); subtracting three standard 

deviations from that,  gives 0.58 ( =  − 3 = 0.79 − 30.07). Based on the 

on-site safety requirements, any of the above three strength reduction factors () 

can be multiplied by the load-bearing capacity of the scaffolding system 

installed by new scaffolds to obtain the lower bound of the load-bearing 

capacity of the door-type reused steel scaffolds. This can serve as a reference 

for the strength design of the scaffolding system. 

 

6.3.2. The combined system of scaffolds with wooden shores 

Table 5 shows the critical loads of the combined system of scaffolds with 

wooden shores in the first and second loading tests, as well as the ratio () of 

the critical load in the second loading test to that in the first loading test. This 

ratio () can be considered as the strength reduction factor of the combined 

system of scaffolds with wooden shores installed by reused scaffolds. As shown 

in Table 5, the mean value () of the strength reduction factor of the combined 

system of scaffolds with wooden shores () is around 0.73 and the standard 

deviation () is around 0.16. 

Subtracting one standard deviation from the mean value of the strength 

reduction factor of the combined system of scaffolds with wooden shores 

installed by reused scaffolds,  gives 0.57 ( =  −  = 0.73 − 0.16); 

subtracting two standard deviations from that,  gives 0.41 ( =  − 2 = 0.73 

− 20.16); subtracting three standard deviations from that,  gives 0.25 ( =  

− 3σ = 0.73 − 30.16). To satisfy the on-site safety requirements, any of the 

above three strength reduction factors () can serve as a reference for the 

strength design of the combined system of scaffolds with wooden shores. 

 

Table 5 

Critical load of various combined systems of scaffolds with wooden shores in 

the first and the second loading tests, and the ratio  

Item Type Numbering 

Test value (kN) 

= 

(B)/(A) 

 

Mean 

value 

 

Standard 

deviation 

First 

load-

bearing  

capacity 

(A) 

Second 

load-

bearing  

capacity 

(B) 

1 
α＝1 

NWSB2D1-A 47.76 36.32 0.760 

0.727 0.159 

2 NWSB2D1-B 45.04 33.01 0.733 

3 α＝

0.382 

NWSB2D0.38-A 47.67 32.98 0.692 

4 NWSB2D0.38-B 49.631 29.773 0.600 

5 

α＝1 

WSDUIY1-A 30.303 30.508 1.007 

6 WSDUIY1-B 42.129 40.08 0.951 

7 WSDUIY1-C 30.773 27.478 0.893 

8 
α＝0.32 

WSDUIY0.32-A 81.150 59.997 0.739 

9 WSDUIY0.32-B 90.231 29.459 0.326 

10 
α＝1 

WSDUIX1-A 45.130 36.000 0.798 

11 WSDUIX1-B 41.463 36.491 0.880 

12 
α＝0.5 

β＝0.15 

WSDUGIJY-A 41.865 23.654 0.565 

13 WSDUGIJY-B 37.373 25.233 0.675 

14 WSDUGIJY-C 32.98 21.124 0.641 

15 
α＝0.7 

β＝0.15 

WSDUGIJX-A 50.249 34.637 0.689 

16 WSDUGIJX-B 45.101 31.97 0.709 

17 WSDUGIJX-C 47.778 33.558 0.702 
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7.  Conclusions 

 

This study investigates the stability behavior of various scaffolding systems, 

including an inclined ceiling slab, adjustable U-head jacks, base jacks of 

different lengths, and an elevation difference on the ground surface. The loading 

tests and the second-order elastic analyses with semi-rigid joints are conducted, 

and the major findings of this study are summarized as follows: 

1. When the adjustable U-head jacks are extended to 65 cm, the load-bearing 

capacity of the entire scaffolding system is not changed obviously. When 

both the adjustable U-head jacks and adjustable base jacks are extended to 

65 cm, the load-bearing capacity of the scaffolding system is around 70% 

of that of the scaffolding system with a basic configuration. The load-

bearing capacity of the scaffolding system with wooden shores of the same 

length, as an extension of the above adjustable U-head jacks, is around 40% 

of that of the scaffolding system with the adjustable U-head jacks 

extended to 65 cm. Therefore, if the height of the scaffolding system needs 

to be extended by less than 65 cm on construction sites, it is advisable to 

consider extending adjustable U-head jacks to meet the purpose. 

Nevertheless, it is required to confirm the limit of extended adjustable U-

head jacks and base jacks in the following studies. 

2. If wooden shores are used to adjust the height of the combined system of 

scaffolds with wooden shores under an inclined ceiling slab, the load-bear-

ing capacity of the combined system under the inclined ceiling slab in the 

out-of-plane direction is greater than that of the same combined system 

under the inclined ceiling slab in the in-plane direction. Therefore, in the 

case of a combined system of scaffolds with wooden shores to be set up 

under an inclined ceiling slab, it is suggested that the system is set up in 

the out-of-plane direction of the scaffold. 

3. Based on the loading test results for different configurations of scaffolding 

systems, similar analysis results can be obtained, provided that the appro-

priate stiffness values of various joints are appropriately selected in the 

“second-order elastic analysis with semi-rigid joints”. 

4. Based on the results of the loading tests on various scaffolding systems, 

the lower bound of load-bearing capacity of various systems installed by 

reused scaffolds can be obtained. By calculating the mean value and stand-

ard deviation of these lower bound values, the strength reduction factor () 

of various systems installed by reused scaffolds can be obtained as well. 

For the strength reduction factor of the scaffolding system installed by re-

used scaffolds, it is suggested that the strength reduction factor ( − ) is 

0.72, ( − 2) is 0.65, and ( − 3) is 0.58. For the strength reduction factor 

of the combined system of scaffolds with wooden shores installed by re-

used scaffolds, it is suggested that the strength reduction factor ( − ) is 

0.57, ( − 2) is 0.41, and ( − 3) is 0.25. Depending on the on-site safety 

requirements, constructors can adopt an appropriate strength reduction 

factor () to calculate the lower bound of the load-bearing capacity of dif-

ferent systems installed by reused scaffolds, which may serve as a refer-

ence for the strength design of reused scaffolds. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

To address the limited anti-collapse ability of traditional rigid connections under progressive collapse, this study improves 

upon the traditional fully welded connection based on folded axillary plates. These folded axillary plates were arranged on 

the outer side of the beam-end flanges. The movement mechanisms of the tension and compression folded axillary plates 

under progressive collapse were revealed based on theoretical analysis. Using the validated numerical model, the 

performance against progressive collapse and key parameters of the improved connection were discussed in detail. No 

significant effects were observed on the stress of the structure, given the small deformation, and the ultimate  deformation 

and resistance of the steel structure could be significantly improved in later stages. Subsequently, the catenary mechanism 

in the beam was fully developed, and the beam member was fully utilized.  The failure sequence of the substructure with 

folded axillary plates first involved the folded axillary plate on the tension side gradually straightening, followed by the two 

plastic regions forming at the beam flange. Afterward, either the tension beam flange at the beam root and the folded axillary 

plate broke successively or the tension beam flange broke at the point where the plastic hinge moved outward. Additionally, 

the anti-progressive collapse design process for the folded axillary plate and the design parameters were suggested following 

theoretical and numerical analyses. 
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1.  Introduction 

 

Progressive collapse of structures caused by accidents can often lead to a 

painful teaching for structural engineers and is thus widely studied. How to 

effectively improve the collapse resistance and ensure the overall stability of the 

structure under accidental load has become a research focus in the field of 

structural engineering. According to their different understanding of the 

progressive collapse of structures, Britain [1], Europe [2], the United States 

[3,4], Japan [5], and other countries, proposed their own unique design codes 

and standards for the anti-progressive collapse of structures. The structural 

design methods for preventing progressive collapse mainly include the 

conceptual design, tie force, local resistance, and alternative load path methods. 

Among them, the conceptual design method has been sufficiently studied in the 

national standards and design guidelines, mainly through a reasonable layout of 

the structure, strengthening the connection, and using ductile materials to 

enhance the anti-collapse ability of the structure. 

At present, considerable progress has been made in research concerning the 

enhancement of the anti-collapse ability of frame structures based on the 

conceptual design method. There are generally three methods whereby this 

enhancement can be achieved. The first method is to enhance the ultimate 

resistance of the structure, without significantly changing the ultimate 

deformation of the structure. Yu and Tan [6] used special detailed techniques at 

little or no additional cost to improve the structural resistance to resist 

progressive collapse. Wang and Qin [7] made improvements to the diaphragm 

connection, which could enhance the structural resistance. Meng et al. [8] 

proposed adding triangular plates at the beam-column connections to increase 

the combined action between the upper and lower stories, thereby improving 

the structural resistance. The second method is to improve the ultimate 

deformation of the structure, without significantly changing the ultimate bearing 

capacity. Vasdravellis et al. [9] proposed a seismically designed steel self-

centering moment frame against progressive collapse, which could exhibit 

greater ductility upon incorporation and usage of energy dissipation devices. 

Wei et al. [10] developed a modified steel frame structure with a corrugated 

steel plate to increase its ductility. Qiang et al. [11] improved the ductility of 

reinforced concrete (RC) frame structures by adding kinked rebar 

configurations. The third method is to simultaneously enhance the ultimate 

deformation and bearing capacity of the structure. Qiu et al. [12] proposed a 

retrofit way to enhance the anti-collapse ability of RC frame by installing steel 

cables between columns. Gao et al. [13] proposed a type of reinforced 

composite semi-rigid joint that could increase the ultimate deformation and 

bearing capacity of the structure. Lu et al. [14] proposed a seismic and anti-

progressive collapse, composite frame structural system, which had a larger 

collapse resistance compared to traditional composite frames. Meng et al. [15] 

proposed a novel RBS connection with “V” shape structural plates, which 

exhibited good anti-collapse capacity. When the cost of the structure is not 

significantly increased, simultaneously increasing the ultimate deformation and 

bearing capacity of the structure against progressive collapse is more 

economical and efficient to ensure a more robust structure. 

According to an experimental study by Lew et al. [16], Li [17], and Meng 

et al. [18], it has been shown that the collapse resistance of full welded 

connections and welded unreinforced flange-bolted web connections is poor 

under the condition of progressive collapse. The brittle fracture of the joint is 

caused by the crack of the weld and beam-end flange, as shown in Fig. 1. The 

premature fracture of the beam-end flange restrains the development of the 

beam axial force and the catenary mechanism of the structure cannot be fully 

exerted, resulting in the beam not being fully utilized under large deformations. 

Therefore, to meet the large deformation demand of steel frame structures with 

traditional rigid connection, it is necessary to improve the traditional rigid joint 

under the accidental load. 

Regarding the limited anti-collapse ability of traditional rigid connections 

under the condition of progressive collapse, this study improves traditional full-

welded connections by adding folded axillary plates at the beam end. The stress 

of the structure was not significantly affected for small deformations and the 

ultimate deformation and corresponding bearing capacity of the frame structure 

could be considerably improved during later stages. Finally, the catenary 

mechanism in the beam was fully developed and the beam member was fully 

utilized. Based on a theoretical analysis, the movement mechanisms of the 

folded axillary plate were revealed. The anti-collapse performance of the 

improved connection was analyzed following the verification of the nonlinear 

numerical model. Additionally, the anti-progressive collapse design process for 

the folded axillary plate and the design parameters were suggested following 

theoretical and numerical analyses. 

mailto:zhongweihui1980@163.com
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(a)Lew et al.’s test [16] (b) Li ’s test [17] (c) Meng et al.’s test [18] 

Fig. 1 Damage mode of traditional rigid joint 

2.  Methodology 

 

2.1. Improved rigid connection model 

 

According to the alternate load path method ( ALPM), the double-span 

beam-column substructure is often adopted to analyze the ability of the 

substructure against progressive collapse, after the failure of a column because 

of the relatively simple and clear stress [19–23], as shown in Fig. 2(a). Generally, 

the resistance development curve of a substructure includes the flexure stage, 

flexure-catenary mixed stage, and catenary stage. The deformation of the joint 

will move from elastic to plastic deformation, even for large deformations. The 

joint mainly bears the combined action of the axial force and bending moment, 

which develop disproportionately until the joint fails. Under an internal column-

removal scenario, the traditional rigid connection (such as full-welded 

connections, welded unreinforced flange-bolted web connections, etc.) loses its 

deformation and bearing capacity early because of the stress concentration at 

the beam root or the weld (as shown in Fig. 2 (b)), which leads to local failure 

of the structure. In seismic design, to prevent brittle damage of the full welded 

connection, the plastic hinge at the beam root is moved outward via the addition 

of an axillary plate at the beam-column connection, which can increase the 

ductility of the joint to a certain extent. However, under an internal column-

removal scenario, the rigid connection with axillary plates, subjected to the 

combined action of the axial force and bending moment, will cause premature 

cracking at the location where the plastic hinge moves out (as shown in Fig. 2 

(c)). The catenary mechanism of the structure is not well developed, which 

limits the rotational capability of the joint. Hence, it is necessary to improve the 

anti-collapse ability of this kind of full-welded connection and a full-welded 

connection with axillary plates. 
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(c) Full-welded connection with axillary plates 

Fig. 2 Failure modes of traditional joints  

 

In this study, folded axillary plates are added the outer side of the 

beam-end flanges in an attempt to overcome the above shortcomings of 

traditional rigid connections, as shown in Fig. 3. The long and short legs of the 

folded axillary plate are connected to the beam and column flange, respectively, 

via slot welding to ensure a reliable connection. The aim of increasing the folded 

axillary plates is to enhance the ultimate deformation and bearing capacity of 

the structure against progressive collapse; thus avoiding premature brittle 

cracking at the beam end. 

 

Column

Beam

Folded axillary 

plate

Folded 

axillary plate
 

(a) 3D diagram 

Column Beam

Folded axillary 

plate

Folded 

axillary plate
 

(b) Elevation 



Bao Meng et al.  86 

 

Slot welding

Folded axillary plate
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(c) Folded axillary plate 

Fig. 3 Improved full-welded connection 

 

2.2. Working principle of substructure with folded axillary plates 

 

2.2.1. Collapse-resistance target of substructure with folded axillary plates 

Generally, the resistance process of the beam-column substructure with 

full-welded connections, following the failure of the internal column, primarily 

involved the elastic stage (OA) and the flexure-catenary mixed stage (AB), as 

shown in the "TWC" curve in Fig. 4. At point B, the bearing capacity of the 

substructure was lost owing to the premature crack of the beam end weld or 

beam flange. In this study, folded axillary plates are added the outer side of the 

beam-end flanges in an attempt to make the deformation and resistance of the 

structure continue to develop on the basis of the original curve, ultimately 

resulting in the formation of the collapse resistance improved stage (BC), as 

shown in the "IWC" curve in Fig. 4. When the tension beam-end flange breaks, 

the substructure will not lose its bearing capacity immediately. At this time, the 

internal forces in the beam flange are transmitted by the folded axillary plates 

and the resistance of the substructure continues to grow until the folded axillary 

plate cracks. It should be noted that the formation of the "IWC" curve is closely 

related to the geometric parameters and mechanical properties of the folded 

axillary plate, which are analyzed and discussed in detail in Sections 4 and 5 of 

this paper. 
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Fig. 4 Resistance curve 

 

2.2.2. Expected failure mode of substructure with folded axillary plates 

To achieve the collapse resistance improved target of the "IWC" curve in 

Fig. 4, the failure sequence of the substructure with folded axillary plates is 

expected to occur as follows. In the initial stage, the axial force of the joint is 

small and the folded axillary plate does not participate in the stress of the 

substructure. At the end of this stage (point A in Fig. 4), a plastic region appears 

in the flange at the beam root and the deformation of the joint is shown in Fig. 

5 (a). Then, the substructure enters the flexure-catenary mixed stage and the 

axial force of the joint increases rapidly. At this time, the tension and 

compression folded axillary plates start to work, forming a certain bending 

moment to resist the external load. At the end of this stage (point B in Fig. 4), 

the folded axillary plate at the tension side is straightened and two plastic 

regions are developed at the beam-end flanges, as shown in Fig. 5 (b). With the 

increase in joint deformation, the substructure enters the collapse resistance 

improved stage. Two failure modes may occur owing to the different degrees of 

plastic development of the beam root and the location where the plastic hinge 

moves out, as shown in Fig. 5 (c). For failure mode I, the tension beam flange 

at the beam root cracks and then extends to the beam web. The folded axillary 

plate in tension gradually appears in the plastic zone and then begins to shrink 

or even break. For failure mode II, the tension beam flange breaks at the place 

where the plastic hinge moves out and then extends to the beam web. The folded 

axillary plate in compression is squeezed and its long leg gradually moves closer 

to the beam flange, as shown in Fig. 5 (c). 
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Fig. 5 Expected failure mode of substructure with folded axillary plates 

 

2.2.3. Working mechanism of folded axillary plate 

The deformation of the folded axillary plate in the initial state is shown in 

Fig. 6 (a), and its shape is determined by parameters a, b, l1, and l2. For the full-

welded connection with axillary plates, to reduce the clearance requirements at 

the connection, FEMA-267 recommended parameter a as 1/3 h and parameter 

b as 0.5–0.6 h (h is the beam height) [24]. In this study, the parameter a is as-

sumed to be 1/3 h for the connection with the folded axillary plate. Parameter b 

will affect the position of the plastic hinge moving out, and the elongation de-

formation of the folded axillary plate, as discussed in Section 5.4. If parameters 

a and b are selected and the lengths of l1 and l2 are determined, the shape of the 

folded axillary plate can be determined. 

In the case of the beam-column substructure without the folded axillary 

plates, when the tension beam flange was broken, the beam-end rotation was 

defined as φ0 in this study, which can be calculated according to Eq. (1). This 

could be determined according to existing tests and finite element analysis 

(FEA). In reference [17], it was suggested that when the tension beam flange of 

the substructure with full welded connections and welded unreinforced flange-

bolted web connections broke, the beam-end rotation φ0 could be assumed to be 

0.08–1.10 rad. For the substructure with the folded axillary plates, the beam-

end rotation is φ, as shown in Fig. 6 (b). To avoid the loss of resistance of the 

substructure with the folded axillary plates, owing to the crack of the tension 

beam-end flange, φ = φ0 is assumed, the folded axillary plate is straightened and 

it starts to work in the stress of the developed substructure. The value of φ0 is 

critical for determining the lengths of the short and long legs of the folded axil-

lary plate. Therefore, the value of φ0 should be determined before l1 and l2 are 

selected. 

 

0 =arctan
L


  (1) 

where δ is the displacement of the middle column in the substructure without 

the axillary plates and L is the beam length. 

In the case of the folded axillary plate at the tension side, its short leg moves 

around the fixed point M from point A to C , and its long leg moves around the 
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fixed point O from point B to D, as shown in Fig. 6 (b). According to the kine-

matic geometry relationship of the folded axillary plate at the tension side, the 

relationship equation between the design parameters l1 and l2 and the given pa-

rameters a, b, and φ can be derived. The details are as follows: 

The length of MD in triangle OMD can be determined based on the cosine 

theorem of triangles, as shown in Eq. (2). 

 

2 2 2 2 2

MD 0 0= 2 cos( 90 ) 2 sinl a b ab a b ab + − + = + +。
 (2) 

 

Based on the cosine theorem of triangles, the length of BD in triangle OBD 

can be obtained, as shown in Eq. (3). 

 

BD 0= 2 1 cosl b  −  (3) 

 

The angle MBD of triangle MBD can be obtained via the cosine theorem 

of triangles, following which Eqs. (2) and (3) are substituted into Eq. (4). 
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 (4) 

 

In triangle ABD, the length of AD can be obtained based on the cosine 

theorem of triangles, as shown in Eq. (5). 

 

2 2 2

AD AB BD AB BD

2 2

AB BD AB BD 2

2 cos

= 2 cos( )

l l l l l ABD

l l l l MBD 

= + −  

+ −   −
 (5) 

 

Similarly, in triangle BMD, the angle BMD can be obtained via the cosine 

theorem of triangles, following which Eqs. (2) and (3) are substituted into Eq. 

(6). In triangle DMA, the length of AD can be obtained via the cosine theorem 

of triangles, as shown in Eq. (7). 
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 (7) 

 

By combining Eqs. (5) and (7), the functional equation of parameters l1 and 

l2 with respect to a, b, and φ0 can be obtained; that is, the values of parameters 

l1 and l2 satisfy Eq. (8). 
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The short leg of the folded axillary plate on the compression side moves 

around the fixed point N from point E to G and its long leg moves around the 

fixed point O’ from point F to H, as shown in Fig. 6(b). If the values of the 

initial design parameters l1 and l2 are unreasonable, point G will cross O’F and 

O’H, which is not in line with the actual situation. To avoid this situation, the 

distance from point G to O’F in the initial stage should be greater than 0, so that 

Eq. (9) is satisfied. At the same time, when the beam-end rotation is φ0, the 

distance DG from point G to O’H should be greater than 0. If the angle O’NG 

= β, the coordinates of points G and H are (l1sinβ, -a+l1cosβ) and (bcosφ0, - 

bsinφ0), respectively. The distance from point G to O’H is DG, as shown in Eq. 

(10). Then, Eq. (11) can be obtained by simplifying Eq. (10). 
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β needs to be solved in Eq. (11), which can be obtained from Eq. (15). The 

specific derivation is as follows: 

The length of the NH in the triangle FNH is obtained via the cosine theorem 

of triangles, as shown in Eq. (12). 
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Based on the cosine theorem of triangles, the angle O’NH in triangle O’NH 

can be obtained, as shown in Eq. (13).  
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In the triangular NGH, the length of GH can be obtained via the cosine 

theorem of triangles. When the folded axillary plate is compressed, the length l2 

of the long leg is equal to the length of GH, as shown in Eq. (14). 
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If Eqs. (12) and (13) are introduced into Eq. (14), the calculation formula 

for angle β can be obtained, as shown in Eq. (15). 
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When the beam-column substructure with the folded axillary plates enters 

the collapse resistance improved stage, two failure modes may occur because of 

the different degrees of plastic development of the beam root and the point where 

the plastic hinge moves out. The anti-collapse performance of the substructure in 

this stage is also related to the width and thickness of the folded axillary plate, 

as discussed in Section 5. When the tension beam flange was broken, the force 

in the tension beam flange was mainly transmitted by the folded axillary plate. 

In this case, according to the balance relationship between the folded axillary plate 

and the tension beam flange, when the thickness of the folded axillary plate was de-

termined, its width could be calculated according to Eq. (16). 
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where tf is the thickness of the beam flange, bf is the width of the beam flange, fbu is 

the tensile strength of the beam flange, fu is the tensile strength of the folded axillary 

plate and t is the thickness of the folded axillary plate. 

 

2 2 2 2

1 2
1

2 2

1

=arccos
2 a b

l a b l

l


+ + −

+

2 2 2 2

2 1
2

2 2

2

=arccos
2 a b

l a b l

l


+ + −

+

θ1

θ2

b

a

O

M

A B

b

a

θ1

θ2

h

O'
E

F

N

l1

l2

l1

l2
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(b) After deformation 

Fig. 6 Working mechanism of improved full welded connection 

 

2.2.4. Design process of folded axillary plate 

Reasonable design of the folded axillary plate is the key to enhance the 

ultimate deformation and bearing capacity of the structure with full welded con-

nections with folded axillary plates, at the same time. The design of the folded 

axillary plate includes seven parameters: φ0, a, b, l1, l2, t, and w. φ0 is defined as 

the beam-end rotation of the substructure, without the folded axillary plate, when the 

tension beam flange breaks at the root of the beam. This can be determined by exist-

ing tests and FEA. In this study, parameter a is recommended to be 1/3 h for the 

folded axillary plate. The parameter b affects the position of the plastic hinge 

moving outward, and its value is discussed in Section 5.4. If l2 is initially se-

lected, l1 can be calculated using Eq. (8) and should satisfy Eqs. (9) and (11): 

The thickness of the folded axillary plate is discussed in Section 5.1. Subsequently, 

the width of the folded axillary plate w can be calculated using Eq. (16).  

The design process of the folded axillary plate is as follows: (1) first, the 

beam-end rotation φ0 of the substructure with full welded connection is deter-

mined; (2) parameters a, b, t, and l2 are initially selected; (3) length l1 of the short 

leg of the folded axillary plate is calculated according to Eq. (8); (4) the value 

of l1 is checked to determine whether it satisfies the requirements of Eqs. (9) 

and (11); (5) the width of the folded axillary plate is calculated using Eq. (16) 

according to the thickness of the folded axillary plate selected in (2). The spe-

cific design process is shown in Fig. 7. 
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Fig. 7 Design process of folded axillary plate 

 

3.  Verification of finite element model 

 

To verify the accuracy of the finite element model, the double-full-span 

beam-column substructure test conducted by Lew et al. [25] was selected, as 

shown in Fig. 8(a). The selected beam-column connection was the welded un-

reinforced flange-bolted web connection. According to the section and geomet-

ric dimensions of the beam and column components in the literature [25], a fi-

nite element model of the test specimen was built, as shown in Fig. 8(b). Based 

on the boundary conditions of the substructure in the test, the upper end of the 

side column was hinge-restrained, that is, U1 = U2 = U3 = 0 and the lower end 

of the side column was restrained, that is, U1 = U2 = U3 = UR 1 = UR2 = UR3 

= 0. To ensure vertical movement of the failure column, U1 and U2 at the upper 

and lower ends of the failure column were constrained. The beam, column, shear 

plate, and bolt adopted solid elements (C3D8R). The beam flanges and shear 

plate were connected to the column flange using the “tie” command in 

ABAQUS. The contact relationship between the bolt and the beam web and 

shear plate was set as the general contact. The Coulomb friction contact was 

utilized in the tangential direction and the friction coefficient was 0.3. The nor-

mal direction was set as a hard contact. To decrease the effect of mesh sensitiv-

ity on steel fracture, a mesh of 5 mm in size was adopted at the shear plate, bolt, 

and beam end in the connection area. A 30 mm grid was adopted for the rest of 

the column and beam. The constitutive relation and fracture parameters of steel 

are detailed in reference [25]. The displacement-controlled loading method was 

adopted at the top of the failure column until the bearing capacity of the speci-

men was lost. The explicit dynamic quasi-static method was used to simulate 

the failure process of the substructure. During loading, no significant dynamic 

effect was introduced to maintain that the simulation process was static, i.e., the 

kinetic energy of the structural system during the simulation loading process 

was kept within 10 % of its internal energy [26].  

Fig. 9(a) shows a comparison between the numerical simulation data and the test 

results for the load–displacement curve of the model specimen designed by Sadek et 

al. [25]. The numerical simulation results were in good agreement with the experi-

mental results. Owing to the limited loading range of the test, the test specimen had 

to be unloaded when the displacement of the middle column was approximately 475 

mm and then loaded again. However, the numerical simulation did not unload but 

continued loading the specimen until failure. Fig. 9(b) shows the damage mode of 

the numerical simulation of the specimen, which is consistent with the test failure 

mode in Fig. 8(a). Both failures were due to the first fracture of the tension beam-end 

flange, which resulted in a sudden decrease in the resistance of the specimen. Above 

all, the numerical simulation method can accurately simulate the resistance of the 

specimen and its damage mode. 
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Fig. 8 Validated numerical model 
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Fig. 9 Results of the numerical model 
 

 

4.  Anti-collapse behavior of the improved connection 

 

4.1. Specimen design 

 

Three model specimens with different connection forms were designed. The 

three types of connections were fully welded (FW), fully welded with axillary plates 

(FWA), and fully welded with folded axillary plates (FWFA); their details are shown 

in Fig. 10. According to the symmetry of the double-full-span beam-column sub-

structure in Fig. 2, 1/4 of the model specimen was selected [27,28], as shown in 

Fig. 11(a). H 450 mm × 200 mm × 9 mm × 14 mm and H 500 mm × 300 mm × 

11 mm × 18 mm were selected for the sections of the beam and column, respec-

tively. According to the design process of the folded axillary plate in Fig. (7), 

the parameters of the folded axillary plate in the FWFA connection met the re-

quirements of Eqs. (8), (9), (11), and (16) in Section 2, as shown in Fig. 10. All 

members contained Q235 steel and the constitutive relation of the steel was simpli-

fied, as shown in Fig. 11(b) [29]. The fracture parameters of Q235 steel as per 

reference [30] were adopted for the three model specimens. To consider the ax-

ial restraint of the peripheral members of the substructure on the beam end, a 

boundary axial spring was considered in the numerical model, as shown in Fig. 

11(a), and its elastic stiffness was assumed to be the axial stiffness of the steel 

beam. The symmetry plane of the failure column was restrained, that is, U1 = 

UR2 = UR3 = 0. The end of the beam was set as hinged, i.e., U2 = U3 = 0. The 

grid size of the beam, column, and folded axillary steel plates was approxi-

mately 5 mm. A pushdown load with displacement-controlled was applied 

slowly to the top of the middle column. The loading process was terminated 

until the model specimen was damaged. 

 

4.2. Performance analysis of subassemblies 

 

Fig. 12(a) presents the vertical load versus the displacement of the middle col-

umn of the three specimens. In the initial stage, the stiffnesses of the three specimens 

were essentially the same. As the displacement of the middle column increased, 
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the specimens entered the flexure-catenary mixed phase. The load of the FWA, 

FWFA, and FW specimens successively decreased. Subsequently, the load of 

the specimen FW dropped suddenly owing to the fracture of the beam flange. 

This indicated that φ0 was 0.083 rad. However, the loads of the FWA and FWFA 

specimens continued to develop owing to the load transfer of the axillary plate. 

When compared to the FW specimen, the FWA and FWFA specimens could attain 

improved collapse resistance; the maximum resistance and corresponding defor-

mation of the FWA specimen could be increased by 75.7 % and 53.2 %, respectively. 

The maximum resistance and corresponding deformation of the FWFA specimen 

could be increased by 169.7 % and 129.6 %, respectively. However, compared to the 

FWA specimen, the FWFA specimen demonstrated a greater resistance and defor-

mation via the folded axillary plates. Its maximum resistance and corresponding de-

formation could be increased by 53.5 % and 49.9 %, respectively. 

Figs. 12 (b) and 12(c) show the moments at Sections S0 and S1, respectively, 

versus the displacement of the middle column. For the FW specimen, the develop-

ment trends of the bending moments at Sections S0 and S1 were similar; these were 

halted owing to the crack of the tension beam-end flange. With regard to FWA spec-

imen, the development trends of the bending moments in Sections S0 and S1 were 

different. This was because the upper and lower axillary plates at Section S0 would 

also form a bending moment to resist the load; hence, the bending moment of the 

FWA specimen was smaller than that of the other two model specimens, as shown 

in Fig. 12(b). With regard to FWFA specimen, given that the folded axillary plate 

does not participate in the stress of the substructure in the initial phase, the bending 

moment of the beam end was the same as that of the FW specimen. With the increase 

of the middle column deformation, the folded axillary plate gradually participated in 

the stress of the substructure, which caused the bending moment at the beam end to 

continue to develop, compared with the FW specimen. Finally, the development of 

the bending moments was terminated owing to the fracture of the beam-end flange 

and folded axillary plate. 

Figs. 12(d) and 12(e) show the curves of the axial force in the beam at Sections 

S0 and S1, respectively. Fig. 12(f) shows the curves of the axial force transmitted by 

the upper and lower axillary plates. With regard to FW specimen, the axial force of 

each section in the beam was equal. With regard to FWA substructure, the beam axial 

force at Section S0 was greater than that in Section S1 before the specimen obtained 

the maximum bearing capacity. This indicates that the axial compressive force was 

transmitted in the upper and lower axillary plates. Subsequently, the total axial force 

in the upper and lower axillary plates was transformed from compression to tension. 

Finally, the development of the beam axial force was stopped owing to the fracture 

of the beam-end flange in Section S1. With regard to the FWFA substructure, the 

beam axial force at Section S0 was less than that in Section S1, until the substructure 

lost its main load. This indicates that part of the axial tensile force was transmitted by 

the upper and lower folded axillary plates. Compared to that of the FW and FWA 

specimens, the axial force in the beam of the FWFA specimen could attain the yield 

value, which indicates that the catenary action can be fully played out under the large 

deformations. 

Additionally, according to the design principle of the folded axillary plate shown 

in Section 2, the folded axillary plate does not significantly affect the stress of the 

structure at small deformations and will greatly improve the ultimate defor-

mation and resistance of the structure with FWFA connections at later stages. The 

substructure realized the collapse resistance improved stage by the folded axillary 

plates. Then, the catenary mechanism is fully played out and the beam perfor-

mance is fully utilized.  

Fig. 13 shows final failure states of the three model specimens with different 

connections. For the FW specimen, the first mode involved the tension beam flange 

at the beam root being broken, followed by the beam web gradually fracturing, as 

shown in Fig. 13(a). With regard to the FWA specimen, the plastic hinge at the beam 

root first moved outward, following which the beam flange and web at Section S1 

broke successively, as shown in Fig. 13(b). With regard to the FWFA specimen, the 

folded axillary plate on the tension side was first gradually straightened, following 

which the folded axillary plate on the compression side gradually moved closer to 

the beam flange. Then, the two plastic regions formed at Sections S0 and S1 of the 

tension beam flange. With an increase in the connection deformation, the tension 

beam flange at the beam root breaks, followed by the folded axillary plate, as shown 

in Fig. 13(c), which is consistent with the expected damage mode I in Fig. 5. 
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Fig. 12 Performance analysis results of subassemblies 
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(c) Final failure state of FWFA connection 

Fig. 13 Final failure states of connections 

 

5.  Parameter study 

 

5.1. Thickness of folded axillary plate 

 

To investigate the effect of the thickness of the folded axillary plate on anti-col-

lapse behavior of the beam-column substructure with the FWFA connection, five 

model specimens were selected and analyzed. The thicknesses of the folded axillary 

plates were 6, 10, 14, 18, and 22 mm. Fig. 14(a) depicts the load–displacement curves 

of the specimens. Except for the specimen with a 6 mm thick folded axillary plate, 

all other specimens achieved collapse resistance improvement by the folded axillary 

plate. The maximum resistance and corresponding deformation were close to 1070 

and 574 mm, respectively. For the specimen with a 6 mm thick folded axillary plate, 

when the tension flange at the beam root was broken, the folded axillary plate broke 

immediately due to the thin folded axillary plate, reducing the collapse resistance. 

Therefore, the thickness of the folded axillary plate should not be too small. When 

the folded axillary plate is too thick, the process appears uneconomical; however, 

relatively large initial imperfections may be generated in the process of manual bend-

ing. Therefore, it is suggested to assume 0.75–1.0 tf as the thickness of the folded 

axillary plate. 

 

5.2. Width of the folded axillary plate 

 

Five specimens were selected to study the effect of the width of the folded axil-

lary plate on the anti-collapse behavior of the substructure with the FWFA connec-

tion. The widths of the folded axillary plate were 120, 140, 160, 180, and 200 mm. 

Fig. 14(b) depicts the load–displacement curves of the five model specimens. With 

the increase in the width of the folded axillary plate, the displacement and load of the 

specimens gradually increased. The failure mode first involved the tension beam 

flange being damaged, followed by the broken folded axillary plate. The failure se-

quence of the substructure with folded axillary plates involved the folded axil-

lary plate on the tension side first gradually straightening, followed by the two 

plastic regions forming at the beam flange. Subsequently, either the tension 

beam flange at the beam root and the folded axillary plate broke successively or 

the tension beam flange broke at the location where the plastic hinge moved 

outward. For all specimens, the folded axillary plates improved the collapse re-

sistance. Therefore, when the thickness of the folded axillary plate is determined, its 

width should meet the requirement of Eq. (16). 

 

 

5.3. Ratio of l1/l2 

 

To investigate the influence of the ratio of long to short leg on the collapse re-

sistance of the substructure with the FWFA connection, five specimens were de-

signed according to the design process of the folded axillary plate in Fig. 7. The 

lengths of the short and long leg of the five model specimens were selected, as shown 

in Table 1, which met the requirements of Eqs. (8), (9), (11), and (16). The load–

displacement curves of the five model specimens are shown in Fig. 14(c). The five 

specimens can realize the collapse resistance improvement and their final failure 

states are similar, as shown in Fig. 13(c). However, when the ratio of l1/l2 is larger, 

the specimen will obtain a larger bearing capacity and deformation. 

 

Table 1  

Model specimens on the ratio of l1/l2 

Specimens FWFA-R1 FWFA-R2 FWFA-R3 FWFA-R4 FWFA-R5 

l1 (mm) 179 170 160 150 140 

l2 (mm) 336 345 355 365 375 

l1/l2 0.533 0.493 0.451 0.411 0.374 

 

5.4. Parameter b 

 

To study the effect of parameter b of the folded axillary plate on the anti-collapse 

behavior of the structure with the FWFA connection, five specimens were designed 

according to the content in Section 2.2.3, with parameters b of 300, 350, 400, 450, 

and 500 mm. When parameter b changes, with l1 unchanged, l2 will change accord-

ingly. Fig. 15(a) depicts the load–displacement curves of the five model specimens. 

Compared to the specimen with a FW connection, the five specimens can achieve a 

collapse resistance improvement. With the increase in parameter b, the maximum 

load and deformation will increase initially and then decrease. In particular, when 

parameter b is greater than 1.0 h, the maximum resistance of the model specimen will 

be significantly reduced. Therefore, it is suggested that parameter b is assumed to be 

0.7–1.0 h. Additionally, when the value of parameter b is greater than or equal to 1.0 

h, damage mode I will occur, as shown in Fig. 15(b). however, when parameter b is 

less than 1.0 h, the substructure with the FWFA connection will experience damage 

mode II, as shown in Fig. 15(c). These two damage modes are consistent with the 

expected damage modes in Fig. 5. 
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Fig. 15 Analysis results of parameter b   

 

5.5. Beam depth-to-span ratio 

 

In this section, the model specimen described in the previous section was 

used to discuss the influence of the beam depth-to-span ratio on the anti-collapse 

behavior of the structure with the FWFA connection. In the case of maintaining 

the height of the steel beam section (h = 450 mm) and the other parameters (φ0 

= 0.083 rad, a = 150 mm, b = 450 mm, l1 = 180 mm, l2 = 150 mm, t = 14 mm, 

and w = 189 mm) unchanged, only the length of the beam was changed. Six 

specimens were selected, and the lengths of the beams were 4500, 5400, 6000, 

7500, 9000, 10500, and 11250 mm. The depth-to-span ratios of these model 

specimens met the requirements of the standards for the design of steel struc-

tures in China [31].  

Fig. 16 and Table 2 show the analysis results of the resistance and internal 

forces of the substructures with different beam depth-to-span ratios. In the initial 

stage, the load and internal forces of the substructures were different owing to 

the different flexural rigidities of the beams. With decreasing beam depth-to-

span ratio, the resistance of the specimen decreased. Afterward, with the in-

crease of the displacement of the middle column, all specimens entered the col-

lapse resistance improved stage and obtained the maximum peak loads. At this 

time, with decreasing beam depth-to-span ratio, the maximum resistances and 

corresponding axial forces of the specimens first increased and then decreased. 

The bending moment at Section S1 decreased gradually; the axial force in the 

beams first increased and then remained at the yield value, except for the spec-

imen with the beam depth-to-span ratio of 1/10, as shown in Fig. 16(c). For this 

specimen, the development of the beam axial force was insufficient and was 

interrupted before the yield value was reached, which led to the specimen to 

lose its bearing capacity too early. In addition, with decreasing beam depth-to-

span ratio, the contribution of the flexural mechanism to the total resistance de-

creased gradually, whereas the contribution of the catenary mechanism to the 

total resistance increased gradually. This indicates that the continuous growth 

of the axial force in beam was key to realizing the collapse resistance improved 

stage of the substructure with the FWFA connections. Therefore, when the struc-

ture with the FWFA connections is designed to resist progressive collapse, it is 

suggested that the beam depth-to-span ratio of the steel frame structure is 1/12–

1/20. 
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(a) Load vs. displacement (b) Bending moments at Section S1 (c) Axial force in beam at Section S1 

Fig. 16 Performance analysis results of subassemblies with FWFA connection 

Table 2 

 Results of model specimens at the maximum peak point 

Specimens 

Length of 

beam/mm 

Depth-to-span ratio 

Maximum re-

sistance/kN 

Displacement/mm Rotation/rad 

Bending mo-

ment/kN·m 

Axial force/kN 

FWFA-L1 4500 1/10.0 972.9 390.6 0.173 487.4 3011.3 

FWFA-L2 5400 1/12.0 1060.2 493.6 0.179 191.7 4390.4 

FWFA-L3 6000 1/13.3 1076.8 573.8 0.191 189.1 4384.1 

FWFA-L4 7500 1/16.7 1097.7 772.4 0.206 165.9 4366.7 

FWFA-L5 9000 1/20.0 1076.5 946.1 0.210 164.7 4350.2 

FWFA-L6 10500 1/23.3 1057.1 1112.2 0.212 161.1 4252.3 

 

6.  Conclusions 

In this study, the traditional full-welded connection is improved based on 

the folded axillary plates, which are arranged at the outer side of the beam-end 

flanges. On the basic of the theoretical analysis, the movement mechanisms of 

the tension- and compression-folded axillary plates are revealed. Through the 

validated numerical model, the anti-collapse behavior and key parameters of the 

improved connection (FWFA connection) are discussed, following which the 

design process of the folded axillary plate is given. The specific conclusions are 

as follows: 

(1) Based on the theoretical analysis, the motion equation of the short and 

long legs of the folded axillary plate under the condition of progressive collapse 

is given, as shown in Eq. (8). 

(2) When the design of the folded axillary plate is reasonable, the ultimate 
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bearing capacity and deformation of the beam-column substructure will be sim-

ultaneously increased. Compared to the specimen with the full welded connec-

tion with the axillary plates, the specimen with the FWFA connection could 

obtain greater bearing capacity and deformation by the folded axillary plates. 

Its maximum deformation and corresponding bearing capacity could be in-

creased by 49.9 % and 53.5 %, respectively. 

(3) The failure sequence of the substructure with folded axillary plates in-

volved the folded axillary plate on the tension side first gradually straightening, 

followed by the two plastic regions forming at the beam flange. Subsequently, 

either the tension beam flange at the beam root and the folded axillary plate 

broke successively or the tension beam flange broke at the location where the 

plastic hinge moved outward. 

(4) To improve the collapse resistance of the folded axillary plate, it is sug-

gested through numerical parameter analysis that a is 1/3 h; b can be taken as 

0.7–1.0 h; t can be taken as 0.75–1.0 tf ; and the width of the folded axillary plate 

w is calculated according to Eq. (16). The design process for the folded axillary 

plate is suggested, as shown in Fig. 7. 

(5) When the structure with the FWFA connection is designed to resist pro-

gressive collapse, it is suggested that the beam depth-to-span ratio of the steel 

frame structure should be assumed to be 1/12–1/20. When the ratio of the short 

to long leg of the folded axillary plate of the substructure with the FWFA connection 

is larger, the specimen will obtain a larger bearing capacity and deformation. 
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