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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The characterization of the structural behavior of composite beams is directly affected by the determination of the effective  

slab width. Various codes propose their own definitions of the effective width based on the beam span and the slab width 

parameters. However, the evaluation of the effective width may be influenced by other parameters. The aim of this work is 

to determine the most important factors affecting effective width for continuous composite beams with semi-rigid joints 

using numerical simulations. A three-dimensional finite element model of a composite continuous beam using explicit-

solver available in ABAQUS is developed. The proposed model is validated through comparisons to available experimental 

results. A modified model is proposed based on the so-validated model to study the influence of the composite beam-column 

joint stiffness on the effective width. Then, both numerical models are used to perform an extensive parametric study to 

investigate the influence of various parameters on the estimation of the effective slab width. The influence of slab width, 

the shear connection degree, and composite joint stiffness are particularly analyzed to find out the most important 

parameters influencing the effective width so that simplified equations for the calculation of the effective slab width are 

proposed. 
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1.  Introduction 

 

Composite steel-concrete continuous beams have been widely used in 

bridges and high-rise buildings in recent years because they consist of taking 

advantage of both materials. The effective slab width affects the determination 

of the section properties of composite beams, which is assumed in their 

calculation. The concept of effective slab width allows accounting for the shear-

lag phenomenon developing in the concrete slab, which occurs due to shear 

deformation in the slab plan when the longitudinal strain of a slab portion away 

from the steel beam is smaller than that in the portion close to the steel beam 

[1]. Many design codes [2–4] specify their effective widths for composite beams 

by considering the beam’s span as the most important parameter influencing the 

effective width. However, they ignore the effect of the degree of shear 

connections and the initial stiffness of the beam-to-column composite joints on 

the effective slab width. Amadio et al. [5] conducted numerical analyses on the 

cantilever and simply supported composite beams to study the influence of shear 

connections deformability and loading level on the evaluation of effective 

widths. They presented a simple modification of the Eurocode [2] formula to 

estimate the effective width of composite beams subjected to hogging bending 

moments [6]. Salama et al. found that the beam span and the slab width 

significantly affect the effective width. Two formulas were proposed to 

calculate the effective width at the serviceability and ultimate states for simply 

supported composite beams [7]. Yuan et al. [1] proposed a simplified design 

formula for computing the effective width of the cantilever and simply 

supported beams based on two theoretical models. A parametric study was 

carried out to study the effect of concrete slab thickness, beam span, and slab 

width on evaluating the effective width. Lasheen et al. found that the 

slenderness ratio of the steel beam and the width-to-span ratio affect the 

effective width and loading level [8]. Two equations were provided to calculate 

the effective width at service and ultimate load states for simply supported 

composite beams. Al-Sherrawi et al. [9] performed a three-dimensional linearly 

elastic finite element analysis to study the effect of the interaction degree on the 

concrete slab’s stress distribution in a composite continuous beam under 

concentrated loads. 

Most of the existing studies [1, 5–16] concerning the definition of the ef-

fective width are based on cantilever or simply supported beams.             

However, continuous beams or semi-continuous beams (i.e., beams with semi-

rigid joints at their extremities) are regularly met in buildings; in these beams, 

regions subjected to sagging and hogging bending are identified. Thus, compo-

site joint stiffness and reinforcement ratio in the hogging bending region should 

be taken into account to evaluate the effective slab width. This paper investi-

gates the effect of shear connection degree η, slab width bs, and composite joint 

stiffness Sj,ini on the effective slab width of composite continuous and semi-con-

tinuous beams. In the next section, the definition of the effective width will be 

briefly reminded. Then, in Section 3, the numerical modeling assumptions will 

be presented, and the validation of the numerical model through comparisons 

with experimental results will be demonstrated in Section 4. In Section 5, a par-

ametric study is conducted with the so-validated numerical model. Finally, the 

obtained results are discussed in Section 6, and conclusions are drawn in     

Section 7. 

 

2.  Effective width definition  

 

Due to the shear-lag effect, longitudinal stress along the transverse direction 

of the concrete slab has a non-uniform distribution. The effective width be is 

defined as the equivalent slab width having a constant stress distribution across 

it and sustaining stress equal to the maximum stress applied to the slab 

considering the actual stress distribution, so the Bernoulli assumption applies. 

Accordingly, the magnitude of the constant stress in the effective width is taken 

as equal to the peak longitudinal stress in the slab at the slab-beam junction, as 

shown in Fig. 1. As a result, the mathematical definition of effective width is: 

 

0

max
( )

sb

x

e

x

dz

b




=


 (1) 

 

where: 

e
b is the effective width; 

s
b is the concrete slab width; 

x
 represents the normal stress in the slab at the top surface in the longitudinal 

direction. 

( )x
 max represents the maximum normal stress for 0

s
z b  . 

 

 

Fig. 1 Effective slab width definition for a hogging moment section [10] 
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In the presented study, the effective widths have been predicted using   Eq. 

(1) and solving the integral. These calculations were carried out using 

MATLAB® [17] and an approximate method based on the trapezoidal rule. 

 

3.  Finite element modeling assumptions 

 

The objective is to simulate the behavior of continuous and semi-continu-

ous composite beams using the ABAQUS software [18]. Due to symmetry in 

geometry, loading, and boundary conditions, just one-quarter of the investigated 

beams are modeled, as shown in Fig. 2 and Fig. 3. A linear reduced integration 

quadrilateral shell element (S4R) is used to model the concrete slab and the steel 

beam. This element allows us to obtain a good prediction of the steel beam be-

havior and, in particular, of local buckling effects [19] and have a computation-

ally efficient model involving a limited number of degrees of freedom. Steel 

reinforcing bars are modeled as smeared layers with constant thickness in the 

shell element. The load-slip behavior of shear studs is simulated using a nonlin-

ear connector element “Cartesian + Align,” which connects a beam flange node 

with a slab node at the steel-to-concrete interface where the shear connectors 

are located, as shown in Fig. 3. In the direction perpendicular to the beam axes, 

a rigid connection is assumed (the uplift is neglected), while the slip-load be-

havior in the direction parallel to the beam axis is derived from the nonlinear 

elastic law proposed by Aribert [20], as follows: 

 

0.7 0.56

max
(1 )Q Q e −= −  (2) 

 

where: 
 and Q are the relative slip between the slab and the steel beam and the 

shear force, respectively (see Fig. 4). The maximum shear studs’ resistance

max
Q is calculated according to Eurocode 4 [2]. 

 

3.1. Material models 

 

By specifying the nominal stress-strain relationship, which is calculated 

using Yun et al. [21] proposed bilinear plus nonlinear hardening material model, 

material nonlinearity is included in the finite element model. The obtained true 

stress and strain relationships are tabulated in ABAQUS [18]. A concrete 

damaged plasticity (CDP) method is selected to define the plastic behavior of 

the concrete; hence an elastic-plastic behavior including strain-softening can be 

defined. The CDP model proposed by Carreira et al. [22] is adopted for this 

study. The normalized uniaxial stress-strain relationship for concrete under 

compression and tension is illustrated in Fig. 5. 

 

3.2. Contact and constraint conditions 

 

A general contact procedure is selected with a HARD contact property 

specified in the normal direction to define the  interaction at the interface 

between the steel beam and the concrete slab. The PENALTY approach with a 

friction coefficient of 0.1 is used for the tangential response, which was 

referenced from the study of Al-Jabri et al. [23]. A sensitivity analysis was done 

by Dai et al. [24] revealed that using a wide range of friction coefficient values 

had no impact on the simulation results. A rigid body constraint is used to link 

the loading surface’s nodes to the point where a controlled displacement is 

applied. 

 

3.3. Solution scheme 

 

Because of the numerical instabilities in the nonlinear analysis during 

concrete cracking, convergence is always complicated to achieve when using 

the general static procedure. For this reason, RIKS method is often used to avoid 

such convergence issues. However, this procedure is not relevant when material 

damage is included. An alternative consists of using the EXPLICIT procedure 

to prevent such problems and speed up convergence; this is the selected solution 

in this study. A quasi-static analysis should be established within the explicit 

solver to prevent the dynamic effect during the EXPLICIT analysis. This 

analysis necessitates the application of a smooth loading, which means that the 

acceleration must only change by a small amount from one increment to the 

next to apply the load smoothly. If the acceleration is smooth, the velocity and 

displacement changes would be smooth as well. A reasonable loading rate of 1 

mm/min was selected after checking different loading rates on the model, while 

the initial stable time increment is 10-6 s. 

 

 

 

Table 1 

Geometrical and mechanical characteristics of the investigated specimens 

(based on test results) [25] 

Property  

Yield 

strength 

(N/mm2) 

Ultimate 

strength 

(N/mm2) 

Other properties 

Beam web 362 451  

Steel grade S235 

 

Bottom beam flange 285 380 

Top beam flange 281 385 

Reinforcement 500 / 
14 bars at hogging zone with 2m 

in length and 6 mm in diameter. 

Shear connectors / / 

hsc = 50mm and D= 12.7 mm; 

14 studs with 200mm of spacing 

in two rows at the sagging zone 

and 26 studs with 100 mm of 

spacing in two rows at the 

hogging zone. 

Concrete 37.9 / E = 27800 MPa 

 

Table 2 

Comparison between ultimate loads for FEM and Experiments 

Specimen 

ID [25] 

Failure load 

Qu(kN) 

 

EXP/FE 

Mid-span defl. 

at Q=80 kN 

 

EXP/FE 

FE EXP  FE EXP 

P03 190 176 0.93 1.74 1.31            

 

0.75 

P04 211 179 0.85 1.73 1.35 0.78 

P05 179 189 1.06 1.73 1.25 0.72 

P06 204 232 1.14 1.73 1.43 0.83 

P07 177 175 0.99 1.73 1.44 0.83 

P08 189 210 1.11 1.73 1.48 0.86 

P09 190 187 0.98 1.73 1.36 0.79 

P10 211 231 1.09 1.73 1.25 0.72 

  AV 1.02  AV 0.78 

 

4.  Validation of the finite element model 

 

The proposed FE model’s validity is examined by comparing the so-

obtained numerical results with those determined experimentally by Janss et al. 

[25]. In this test campaign, ten continuous composite beams were tested under 

a static control load to study the effect of reinforcement ratio at the internal 

support section and the effect of concrete strength on the structural behavior. 

Beams P01 and P02 were tested without reinforcing bars; thus, they are 

excluded from this study. The details of the investigated beams are shown in 

Fig. 2 and Table 1. The numerical and experimental results are compared in 

terms of loading capacity and maximum mid-span deflection.  

Table 2 lists the ultimate loads, the mid-span deflections for a specifically 

applied load (Q = 80 kN), and the ratios between experimental tests and 

numerical results. Comparing the load versus deflection curves as reported in 

Fig. 6 demonstrates that finite element results are highly correlated with 

experimental results. To ensure the accuracy of the Explicit solution, the kinetic 

energy (KE) should be less than 10% of the internal energy (IE) [18], which is 

the case here. Thus, the explicit solution can be considered as quasi-static by 

reducing the dynamic effect even at failure load, as shown in Fig. 7. Finally, the 

FE model developed herein is capable of accurately predicting the behavior of 

continuous composite beams. In particular, as reflected in Table 2, the accuracy 

of the FE analysis in predicting the ultimate load ranges from -15% to 15%, 

which is assumed to be reasonable. 

 

5.  Parametric study 

 

In order to evaluate the effect of the various parameters (i.e., concrete slab 

width, shear connection degree, and composite joint stiffness) on the effective 

width, a parametric study is performed as described hereafter. The geometric 

and material properties of the P03 specimen [25] were adopted as a reference 

from which the different investigated parameters are varied. A slab width of bs 

= 2m is adopted to study the effect of the shear connection degree and the com-

posite  
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 Fig. 2 Geometry of the investigated beam specimen (dimensions in mm) 

 

 

Fig. 3 Finite element mesh and boundary conditions of one-quarter of the composite continuous beam 

 

 

Fig. 4 Nonlinear constitutive law used in the finite element model
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(a) Compression 

 
(b) Tension 

Fig. 5 Stress-strain relationship of the concrete (Carreira et al. [21]) 

 

joint stiffness so that the effective width will be evaluated easily along the beam 

span. As mentioned previously, the investigated parameters are: 

- The effect of the shear connection degree η (see Section 5.1); 

- The effect of the concrete slab width bs (see Section 5.2) and; 

- The effect of the initial stiffness Sj, ini of a composite joint located at 

the level of the internal support (see Section 5.3); 

 

The critical sections of the investigated beam are located at the level of the 

internal support (hogging bending zone) and the loading points (sagging 

bending zone). Consequently, the effective widths are evaluated for those 

critical sections for two loading levels: at Q = Qe, i.e., when the structural 

behavior of the composite beam is still in the elastic domain, and at ultimate 

load Qu. 

 

5.1. Effect of shear connection degree 

 

Shear connectors are modeled as explained in Section 3. A full shear con-

nection degree ( = 1) is adopted in the hogging bending region respecting the 

recommendation of Eurocode 4 [2], while four shear connection degrees are 

investigated, as shown in Table 3, for the sagging moment region. Fig. 8 and 

Fig. 9 highlight the influence of the shear connection degree on the effective 

width at internal support and mid-span sections. It is demonstrated that the shear 

connection degree has a limited and negligible influence on the effective width 

for the investigated composite continuous beams; this confirms the results ob-

tained by Chen et al. [26].  

 

5.2. Effect of slab width 

 

Five beams with different slab widths ranging from 0.5m to 2.5m were 

simulated, keeping the same reinforcement ratio (  = 2.6 %) and rebar cross-

section (  = 14mm) as in the tested specimens [24]. Since the shear connection 

degree does not influence the effective width as demonstrated previously. The 

node-to-surface tie constraint option available in ABAQUS [18] is used to 

achieve a full connection degree between the concrete slab and the steel beam.  

 

Fig. 6 Comparison between the predicted and measured Mid-span deflection 

 

Fig. 7 Comparison between the predicted kinetic and internal energy 

 

Table 3 

Details of beams for the shear connections parametric study 

 

Degree of shear connections 𝜂 

Number of shear connectors 

Hogging zone Sagging zone 

1 30 20 

0.76 26 14 

0.60 20 10 

0.44 16 6 

 

Therefore, reduced FE model size and convergence time are ensured.            

Fig. 10 and Fig. 11 compare the predicted effective width and the effective 

width proposed by the code [2] at midspan and internal support under both 

loading levels Qe and Qu. It is clear from Fig. 10 that the code overestimates the 

effective width at mid-span for the smallest slab width (bs/L ≤ 0.3), while it is 

underestimated for the higher bs/L ratios. From Fig. 11, it can be seen that the 

effective width proposed by the code [2] is consistently underestimated at the 

internal support compared to the ones proposed by the code [2] and Amadio et 

al. [5]. Fig. 12 shows a comparison between the predicted effective width and 

the effective width proposed by some previous researchers and codes in the 

elastic domain at the midspan section. The computed effective width for the 

investigated composite continuous beams is smaller than those proposed by 

Salama et al. [7] and Yuang et al. [1]. In contrast, the predicted effective width 

at internal support becomes more prominent than the one proposed by Amadio 

et al. [5] when bs/L ≥ 0.4, as shown in Fig. 11. 

 

5.3. Effect of shear connection degree 

 

In order to simulate the presence of a semi-rigid composite joint at the level 

of the internal support, the beams pan of the previous FE model was reduced by 

76 mm at the internal support to place a rectangular bar at the level of the bottom 

flange, as illustrated in Fig. 13. It is possible to simulate the presence of a joint 

with different stiffness levels by playing on the mechanical properties of this 

bar.  
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Fig. 8 Effect of the shear connection degree on the effective width at elastic  

loading level Qe 

 

 

Fig. 10 Comparison between the predicted be and be proposed by the code [2]  

at mid-span section 

 

 

Fig. 12 Comparison between the predicted be and be calculated using previously proposed 

formulas at mid-span section 

 

Fig. 9 Effect of the shear connection degree on the effective width at ultimate 

 loading level Qu 

 

 

Fig. 11 Comparison between the predicted be and be proposed by the code [2]  

at the internal support section 

 

 

Fig. 13 Details and boundary conditions of the proposed composite joint model 

 

 

The rectangular bar is assumed to have a perfectly elastic behavior to avoid 

any failure at its level. In addition, a hole of 76 × 80 mm is created in the 

concrete slab to simulate the presence of a HEA 160 column passing through 

the slab. With such modeling, the slab is activated in tension, which means that, 

in practice, only the reinforcement is activated, while the rectangular bar 

activates in compression. The rectangular bar and the steel beam’s bottom 

flange were merged to prevent any relative movement between the two surfaces 

(see Fig. 13). 2 m of width is selected for the concrete slab to perfectly capture 

the shear lag phenomena. The composite joint model was checked through 

comparison to the FE model of the continuous beam, assuming a high stiffness 

for the rectangular bar, i.e., assuming a rigid joint at the level of the internal 

support. It can be observed from Fig. 15 that the composite joint model predicts 

almost the same mid-span deflection as the previously adopted FE model, which 

validates the proposed model. As previously mentioned, the bar stiffness EA/L 

is calibrated to simulate different composite joint initial stiffness Sj, ini. The bar’s 

stiffness and the contribution of the reinforcement at the internal support must 

be considered for computing the composite joint’s rotational stiffness. This joint 

stiffness is calculated according to EC3 [27] and EC4 [2], as follows: 

 
a. Lever arm z between the reinforcement and the rectangular bar (see  Fig. 14):
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0.5
a fb c cs

z h t h a= − + −  
200 0.5 8.5 70 25 241mm= −  + − =  

 

where:  

a
h is the nominal height of the steel beam; 

fb
t is the beam flange thickness; 

c
h is the concrete slab thickness; 

sc
a is the longitudinal reinforcement cover. 

 

b. Stiffness coefficient to be considered for the rebar k21 [2]: 

 

21 ,slip s r
k k k=   

where: 

slip
k is the reduction factor to account for possible shear connection slips; 

,s r
k  is the stiffness coefficient for the reinforcement. 

 

In our case, kslip = 1 because a full shear connection degree (  = 1) is 

adopted in the FE model, and ks,r is equal to: 

 

,
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s r
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k
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where:  
 

2(4.3 8.9 7.2)k   = − +  

 
,s r

A  is the cross-sectional area of the longitudinal reinforcement in row r   

within the effective slab width; 

h  is the depth of the column’s steel section; 

  is the transformation parameter. 

 

In our case, we have a double-sided beam-to-column joint with equal beam 

moments on each side (Mb1, Ed = Mb2, Ed). Accordingly, 𝛽 → 𝛽1 is equal to 0 ac-

cording to Eurocode 3 [25]. 

Finally, the initial stiffness of the simulated joint can be estimated using the 

following formula: 

 

,
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1 1 1
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a
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= =

+
 (3) 

 

where:  
bar

k  is the stiffness coefficient of the bar equal to nA/L with n = Ebar / Ea. 

 

 

Fig. 14 Internal efforts distribution in the hogging bending moment for the  

proposed composite joint model 

 

 
Fig. 15 Effect of the bar stiffness Sj, bar on the mid-span deflections and ultimate loads 

 

 
Fig. 16 Mid-span deflection for the proposed composite joint model and the one 

previously validated in Section 4 

 

Table 4 summarises the considered initial stiffness for the composite joint 

Sj, ini for the investigated beams. Fig. 16 shows the effect of the composite joint 

stiffness on ultimate load and maximum mid-span deflection. Globally, it can 

be seen that the beam stiffness decreases as the composite joint stiffness 

decreases, as expected, while the initial joint stiffness has almost no effect on 

the ultimate resistance of the composite beam for Sj, ini ≥ 65 MN.m/rad. The 

predicted deformations and Von Mises stresses distribution for beam CJ07 are 

presented in Fig. 17 and Fig. 18 as an example. It can be observed from Fig. 20 

that at the ultimate loading state, the initial joint stiffness affects the effective 

width slightly at the joint level (hogging moment zone). 

In contrast, in the elastic domain, the effective width increases significantly 

with the initial stiffness. However, its value decreases slightly with the increase 

of the initial stiffness shows at mid-span. The reason for such behavior is that 

the shear lag shrinks with the increase of the initial joint stiffness, and the 

effective width is becoming smaller, as shown in Fig. 20. 

 

Table 4 

Details of beams for the slab width parametric study 

Beam ID 

Failure 

load Qu 

(kN) 

Maximum 

deflection

max
 (mm) 

be at the joint 

region (mm) Ebar 

(GPa) 

Sj,ini 

(MN.m/rad) at Qe at Qu 

CJ01 248 20 350 579 210 41.60 

CJ02 266 19 278 709 840 64.70 

CJ03 268 19 393 732 1680 98.30 

CJ04 268 20 451 706 2100 114.40 

CJ05 270 19 558 690 4200 

 
151.40 

CJ06 270 17 627 720 8400 178.80 

CJ07 270 16 647 711 21000 191.90 
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Fig. 17 Predicted stress distribution and deformation for CJ07 specimen at failure load 

  

 

Fig. 18 Von Mises stress’s distribution in the concrete slab for CJ07 specimen 

 at failure load 

 

 

Fig. 19 Predicted concrete tension failure in the composite joint region for  

at ultimate load 

 

6.  Discussion of the obtained results  

 

From the conducted parametric studies, it can be concluded that the main 

parameters affecting the effective slab width are bs (or, more precisely, the bs/L 

ratio) and Sj, ini. The effects of these two parameters on the effective width are 

discussed hereafter. 

 

6.1. Effect of slab width bs 

 

In Fig. 12, the effective widths proposed by Eurocode [2], AISC [4], and 

GB50017 [3] for the midspan section are compared with the present FE results 

and the formulas proposed by Yuan et al. [1] and Salama et al. [7]. The effective 

width proposed by different codes is not in good agreement with the numerical 

results. Indeed, the value of be is underestimated for bs/L ≥ 0.4 using the 

Eurocode and AISC codes. Using the GB50017 code, be is slightly 

underestimated for bs/L ≥ 0.6, and below those ratios, be is overestimated. 

However, the values of be found using simplified formulas recommended by 

Yuan et al. [1] and Salama et al. [7] are overestimated compared to the present 

FE results. Moreover, the effective width formulas proposed by Amadio et al. 

[6] and in the Eurocode [2] for the internal support section give approximately 

the same values as the FE results for bs/L ≥ 4 (see Fig. 11). However, those 

values of be are underestimated compared to FE results when the ratio bs/L is 

more significant than 0.6 at both loading levels Qe and Qu. As shown in Fig. 19, 

significant cracks are developed in the hogging moment zone at the ultimate 

limit state for the smallest slab widths b s≤ 0.2L. Based on the obtained results 

from the parametric study and the regression method, the following simplified 

formulas has been calibrated to predict the effective width of the continuous 

composite beams in the elastic domain and at failure load, respectively: 

 

- At joint region: 

 

0.36 ln( ) 0.32e s sb b b L=−  +  (4) 

 

0.278 ln( ) 0.42e s sb b b L= −  +  (5) 

 

- At midspan: 

 

0.303 ln( ) 0.43e s sb b b L=−  +  (6) 

 

0.347 ln( ) 0.32e s sb b b L= −  +  (7) 
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6.2. Effect of the joint initial stiffness Sj, ini 

 

From Fig. 21, it can be seen that the effective width increases significantly 

with the increase of the initial stiffness Sj, ini at Q ≤ Qe loading levels, while it 

increases slightly at the mid-span section (see Fig. 21). Therefore, its effect has 

to be taken into account at those levels. Accordingly, new simplified equations 

are developed to evaluate the effective width at mid-span and joint regions in 

the elastic domain and failure load. The coefficients of the following equations 

are determined based on a regression method: 

 

- At joint region: 

 

,0.0012 0.23e s j inib b S=  +  (8) 

 

,0.0002 0.64e s j inib b S=  +  (9) 

 

- At midspan: 

 

,0.0004 0.57e s j inib b S= −  +  (10) 

 

,0.0004 0.33e s j inib b S=  +  (11) 

 

where the unit of the initial stiffness Sj,ini is (MN.m/rad). 

 

 

Fig. 20 Comparison of the proposed formulas Eq. (8) and Eq. (9) against the predicted FE 

results 

 

 
Fig. 21 Comparison of the proposed formulas Eq. (10) and Eq. (11) against the predicted 

FE results 

 
The so-proposed formulas are promising, and the validation of the formulas 

to other composite beam configurations can be seen as a perspective to the 

present work. 

 

7.  Conclusions 

 

A reliable FE model has been developed through the conducted 

investigations for continuous and semi-continuous composite beams. In 

particular, the validity of the continuous composite beam model was verified 

and validated by comparing the numerical results to experimental ones. A 

simplified model was developed to simulate the presence of semi-rigid joints in 

the composite beam, and the component method was used to determine the 

associated initial stiffness of the composite joint. With these numerical models, 

it was possible to accurately predict the load-deflection response of the 

investigated continuous and semi-continuous composite beams and evaluate the 

associated effective slab widths along the beams. An extensive parametric study 

was conducted to identify the influence of some key parameters on the effective 

widths. As a result, it was demonstrated that the slab width and the joint stiffness 

significantly influence the effective width, while the effect of the degree of 

connection is negligible.  

Finally, simplified design formulas were proposed to evaluate the effective 

widths considering the effect of the so-identified key parameters. The effective 

widths calculated with the proposed formulas predict the effective widths 

accurately compared to the numerical results. The formulas provided in this 

paper are based on the experimental findings of a specific set of geometrical and 

mechanical characteristics presented in  Section 4 and Table 1. Further 

experimental studies are required to explore the applicability of the proposed 

formulation to other composite beam configurations and better understand the 

behavior of composite continuous and semi-continuous beams, which 

constitutes a perspective to the presented work. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Connections are considered to be one of the most prominent components of steel moment frames and have received 

studious attention in recent years. The core problem of welded connections is premature brittle fracture of weld in the 

critical beam-to-column connection region. Within the framework of this issue, various approaches have been proposed to 

solve the mentioned problem. Intentional weakening of the beam web or flange is in line with the purpose of leading the 

plastic hinge away from the column face, hence, increasing the ductility. The aim of this research is to investigate the 

behavior of interior connections subjected to monotonic lateral loading in case of presence of openings in beam web or 

flange. To do so, an ordinary fully welded rigid connection, reduced beam section, reduced web section, and drilled flange 

connection models are simulated numerically, utilizing finite element software, ANSYS. The results indicate that 

scrupulous selection of opening sizes are of great importance to fulfill the desired outcome which is avoiding the brittle 

failure of connections. Furthermore, the use of drilled flange, reduced beam section, or reduced web section connections 

satisfy the expected performance and it is proposed to use them according to practicability, architectural and economic 

considerations as well as site conditions. Shear deformation and local buckling is observed in reduced web section 

connections while in drilled flange connections, stress concentration around the opening is critical.  
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1.  Introduction 

 

The premature failure of steel structures due to connection damages, 

induced by various loadings, has received studious attention leading to the 

development of beam-to-column connection design processes and revision of 

different codes in recent years. Consequently, enhancing the structural ductility 

is the issue that still continues to evoke interest among researchers since the 

regulations emphasize the urge to design ductile systems. Intentional 

weakening of beam parts, strengthening the connection or utilizing dissipative 

elements are among commonly discussed approaches of relocating the plastic 

hinge away from the column face, hence, increasing the structural ductility, 

which is consonant with the formation of plastic hinge. 

Prequalified steel moment connections described in ACI 358 [1] for SMF 

and IMF systems are categorized into 10 groups, among which reduced beam 

section (RBS) connection is a type of connection in which intentional 

weakening of a part of the beam flange is employed to obtain the desirable 

performance of beam-to-column connections. Consequently, AISC design 

codes have imposed some regulations on the design principles of RBS 

connections. However, the other types of connections are within the group in 

which strengthening the connection is based on added members including 

end-plates, steel brackets, plates, etc. Many studies have been published on 

utilizing RBS connections in steel moment frames [2-9]. Yet, according to [10], 

one of the major drawbacks to adopting the RBS connections are the limited 

range of beam and column dimensions in tests. Despite the fact that RBS 

connections are among the robust connections to be employed in steel moment 

frames, they experience stiffness degradation as well as loss of moment 

capacity [5,11-15]. Furthermore, stress concentration due to flange cut 

fabrication in site is a disadvantage for the seismic performance of RBS 

connections [16]. Based on some researches, designing RBS connections in 

conformance to AISC code in case of utilizing IPE sections with large 

dimensions appears to be insufficient, hence, stiffeners must be provided [17]. 

In terms of web reduction, limited number of codes including [18-20] have 

deemed attenuating beam web as a means of improving connection behavior, 

and there exist limited guidelines on steel frames with perforations in beam web. 

However, various opening shapes except for rectangular and circular ones are 

not covered in the afore-mentioned codes. In this regard, other opening shapes 

including elliptical-shaped, hexagon-shaped, etc. have been investigated by 

[21-26] and other researches.  

DF (drilled flange) connections are not covered in design codes such as [1, 

10, 27-29]. Accordingly, neither regulations nor design guidance are suggested 

on DF connections, hence, utilizing DF connections instead of RBS ones are in 

their early stages. Despite the fact that fabrication of DF connections is easier 

than RBS ones, they perform slightly weaker [16] or nearly similar to the RBS 

connections [30]. However, there is still considerable uncertainty regarding the 

performance of DF connections. In this regard, some of the researches have 

approved the desired performance of DF connections in which these 

connections are capable of satisfying [29] AISC 341-16 requirements for rigid 

connections [31-34]. Hence, DF connections are deemed a sough-after 

substitute fo r RBS connections. 

Many studies have investigated the behavior of connections [35-39]; also, 

the behavior of prefabricated beam-to-column connections were studied by 

many researchers [40-42] among which [40] utilized short post-tensioned 

prestressed strands to prevent on-site aerial tensions. Furthermore, the 

connection of H-Shaped steel beam to box columns with flange plate 

connection was scrutinized by [43]. The behaviour of the TS semi-rigid 

connections were investigated through utilizing both experiments and 

numerical simulations by [44-45]; etc. The assessment of performance of 

joints between steel beam and LSWL-C columns was performed numerically 

and through experimental tests by [46]; among most recent researches 

conducted on connections, [47] used folded axillary plates, which are located 

at the outer side of the beam-end flanges, to improve the behavior of fully 

welded connection.  

Various approaches have been put forward to lead the plastic hinge away 

from the column face through intentionally attenuating a part of the beam, 

among which, many attempts have been made with the purpose of improving 

the connection behavior through cutting of the beam flange [12, 15-16, 48-57]. 

Plumier [58] was the first to introduce trapezoidal beam flange cuts. Much 

work on the potential cut profiles of RBS connection was carried out by [11, 

59-62], yet the radius cut revealed the appropriate seismic performance in 

comparison with other cut configurations [11,63]. Furthermore, ameliorating 

the behavior of RBS connections are the topic of many studies in terms of 

buckling which leads to an early strength degradation [64-66]. The first 

investigation on double reduced beam section was carried out by [57], in which 

two adjacent radius cuts was implemented in beam flange named as DRBS, and 
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concluded that implementing the second cut leads to maximum equivalent 

plastic strain index reduction as well as delaying the local buckling. 

Investigating the behavior of RBS connections through numerical or 

experimental studies in the recent years are conducted by many researchers 

among which [67-76] can be mentioned. Fanaie et al. [69] pointed to a method 

in which a mathematical approach in conjunction with principles of structural 

analysis is employed in order to acquire the drift as well as changes in stiffness 

of stories in frames with RBS connections. Meng et al. [77] introduced a novel 

RBS connection with V-shaped reinforcing plate which improved the seismic 

performance of RBS connections. Moreover, the use of RBS-free and 

RBS-based systems in moment frames in tall buildings under earthquake 

excitations were scrutinized by [78]. Sensitivity study on the effect of beam 

slope angle as well as different design factors, including material or geometry, 

on the cyclic behavior of RBS connections in terms of initial stiffness, rupture 

index, plasticity index, moment capacity, yield moment, hysteretic energy 

dissipation, and strength degradation rate was performed by [79]. Results 

indicated the significance of the slope angle and beam depth in the response of 

the RBS connections. 

Reduced beam web connections in which an opening is implemented in 

beam web has been widely investigated by many researchers [22, 24-25, 

80-103]. Geol and Itani [104-105] drew the attention of researchers to reducing 

the beam web as a way of achieving desired performance of moment frames. 

The possibility of using the connections with reduced beam web was 

investigated by [88]. In this regard, a more recent evidence reveals that RWS 

connections are a desirable replacement for RBS connections in terms of story 

drifts and strength [106]. Furthermore, issues regarding the energy dissipation 

of RWS connections are addressed by [22, 95]. Detailed examination of 

influential parameters including opening size, location, etc. was undertaken by 

many researchers [81, 85-86], leading to the conclusion that scrupulous 

selection of opening dimension, shape and location is essential in order to 

obtain the favorable frame behavior. Various shapes of openings in RWS 

connections is further explored by [21-26]. Also, the capability of RWS models 

to reach higher story drifts (six percent) was evaluated by [82-83] both in 

experimental and numerical ways. The behavior of RWS connections via 

numerical or experimental studies in the recent years are assessed by many 

researchers among which [107] developed a novel RWS connection with 

vertical slits; [108] investigated the RWS connection with an elliptic opening in 

the web; [109] evaluated the cyclic performance of an eight-story welded 

moment frame with elliptical-shaped RWS and compared it to the conventional 

RBS connections; Yu and Li [110] evaluated the steel frames with RWS 

connections and WFP connections using the  probabilistic seismic demand 

analysis and seismic capability analysis; Lin et al. [111] investigated the 

behavior of RWS in progressive collapse under critical column removal 

scenario, the results demonstrated the capability of the mentioned connections 

in terms of rotational capacity; Erfani et al. [112] studied the lateral load 

carrying behavior of steel moment resisting frames with reduced web beam 

sections and propounded an algorithm to select appropriate opening size; Bi et 

al. [113] scrutinized the castellated beam-to-column connections with four 

regular hexagonal web openings under cyclic loading with and without floor 

slab, the results indicated the importance of the space between web openings, 

and depth-to-thickness ratio of the web. Moreover, due to the limitations 

imposed on beam span-to-depth ratio in different codes which result in the 

impossibility of the use of short beams in some of the prequalified rigid 

connections, Hoseinzadeh Asl and Jahanian [114] investigated using web 

opening located at the mid-span of the deep steel beams in rigid connections in 

order to lead the plastic hinge away from the column face. 

Utilizing drilled flange moment resisting connections is another approach 

to overcome the problem of weld brittle failure in the beam-to-column 

connections which is studied by many researchers and is almost in its early 

stages [17, 31-34, 115-117], among which the optimum algorithm of drilled 

holes in order to achieve desired performance of structure is proposed by [34, 

116-117]; in this regard, initial suggestion of design algorithm for drilled flange 

connections as well their behavior evaluation under seismic load was 

performed by [118]. Evaluation of seismic performance of DF connections was 

reported by [119], leading to the conclusion that DF connections are capable of 

exhibiting desired behavior. In their 2019 study, [30] used IDA analysis method 

in order to investigate the seismic performance of special moment resisting 

frames, the results revealed that DF connections performed similar to RBS 

connections in case of low-rise buildings, while in high-rise buildings, DF 

connections demonstrated a more sought-after behavior with 43% higher 

seismic capacity. Among recent studies, conducted experimentally or 

numerically, on DF connections, the investigation of rigid connection of drilled 

beam to CFT columns with external stiffeners is performed by [120]; Vaidian et 

al. [121] evaluated the effect of different connections on the behavior of steel 

moment frames including RBS, DF, and DFCV connections, based on the 

results, DFCV connections (diamond-shaped holes) performed better than the 

other DF connections; the assessment of the effect of different connections, DF 

connections included, on the behavior of steel moment frames is performed by 

[122]; the results obtained in the research performed by [123] showed that 

clockwise pattern holes drilled in the beam flange are desirable in terms of 

flexibility, reduction of bending stresses, and transferring the plastic hinge 

away from the column face. Moreover, the investigation of the arrangement, 

type, and number of holes in DF connections was assessed by [124] in which it 

was concluded that the mentioned parameters are of great significance in the 

ductility, stress concentration, and preventing the brittle failure of the DF 

connections; [125] investigated different configurations of connections among 

which CDF c onnection (with combined circular hole and notches) performed 

better in terms of damage index, and equivalent plastic strain.  

It is well-documented that pre-Northridge connections failed to resist the 

applied loads despite being in conformance with the existing building codes 

during earthquakes [10]. The afore-mentioned issue piqued interest among 

researches to utilize two main approaches in order to enhance the structure 

safety whether through strengthening the connection [96, 126-128] or 

weakening a part of the beam [48-125]. In terms of reducing a part of the beam, 

cutting the beam flange or web reduction has been widely evaluated in recent 

years [22-24, 56, 67-79, 88, 93-99, 127, 129]. Although comparing the behavior 

of interior connections with voids in beam web or flange has received 

numerous attention, there exists a significant ambiguity regarding the behavior 

of frames with web or flange cuts since cutting a part of the beam alters the 

force transfer from the beam to the column [95, 129] and parameters affecting 

the strength of the frame such as opening area, shape, use of stiffeners, etc., are 

of great significance in the behavior, resistance, energy dissipation capacity, 

and failure mode of the connections[2, 23-25, 114]. Hence, numerous studies 

have been conducted on steel connections including Reduced Beam Section 

(RBS)[64-79], Reduced Web Section (RWS) [80-114], Drilled Flange 

Connection (DFC) [115-125], and many design codes and standards [1, 10, 

18-20, 27-29] employed the introduced connections as an engineered 

connections. Since each connection has advantages and disadvantage, e.g. 

limited range of beam and column dimensions in tests, stiffness degradation, 

loss of moment capacity, and stress concentration are among major downsides 

of RBS connections; limited guidelines and codes, limited shapes of openings, 

and loss of strength are among drawbacks of RWS connections, while absence 

of regulations or design guidelines, and in some cases equal or weaker 

performance of DF connections compared to RBS ones are considered as 

weaknesses of DF connections, the present study aims to evaluate the effect of 

different interior connections on the behavior of steel moment frames. It must 

be noted that connections are classified from different perspectives e.g. from 

the behavioral, dissipated energy capacity, modes of failure point of view. 

However, rotational capacity of the connections is among connection features 

for which there exists no proper way, and accurate estimation of the mentioned 

features play a significant role in the structural design of different frames and 

connections. In the present study, an interior connection is utilized to 

investigate the behavior of the connection in case of presence of openings in 

beam web or flange, in this regard, models with openings solely implemented 

in beam web or flange (RBS, RWS, and DF connections) has been investigated 

under monotonically increasing lateral displacement conditions with varying 

connection parameters like length and width of openings, and a fully welded 

rigid connection is simulated as a reference model. Finally, a comparative 

analysis is made to understand the performance of different connections under 

imposed monotonic loading in terms of initial stiffness, rotational capacity, 

resistance, and stress distribution.  

 

2.  Modeling 

 

In order to investigate the performance of interior connection subjected to 

lateral loading, Finite element models are utilized. The numerical models are 

categorized into four groups, including the interior connections with fully 

welded rigid connection, RBS connections, interior connections with opening 

in beam web, and interior connections with voids in beam flange. The 

beam-to-column connection is deemed as a welded connection due to its 

vulnerability to brittle failure.  

Since the location of plastic hinge formation is an influential parameter in 

avoiding the brittle failure of column, the spacing between the location of 

plastic hinge and the column face is proposed to be at least equal to the half of 

the beam depth [27]. 

Table 1 presents the properties of A992 steel, used in FE simulation, which 

is adopted from the coupon tests done by [130]. The weld material is assumed 

to have the same properties as steel base material. Stress- strain curves of the 

adopted A992 steel is illustrated in Fig. 1. Material nonlinearities were 

accounted for using a multilinear kinematic rate independent hardening rule. 
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This option uses the Besseling model also called the sublayer or overlay 

model (Zienkiewicz) to characterize the material behavior [131]. In order to 

predict the yielding of the material, the Von-Mises yield criterion was used in 

the current paper. 

 

Table 1 

Steel properties 

 

 

Young 

 modulus 

(GPa) 

Yield point Ultimate point 

Material Stress 

(MPa) 

Strain 

 

Stress 

(MPa) 

Strain 

 

A992 Steel 
Flange 203 444 0.0042 577 0.1381 

Web 202 409 0.0148 573 0.1555 

 

 

 

Fig. 1 Stress-strain curves of A992 steel [116] 

 

The software package used to analyze the models was ANSYS; the FE 

models are comprised of a quadrilateral four-node element with six degrees of 

freedom per node (three rotations and three translations) which is known as 

SHELL181 in the ANSYS element library. SHELL181 is suitable for 

analyzing thin to moderately-thick shell structures [131]. Material plasticity, 

large deflection, and large strain nonlinearities are of the characteristics of the 

mentioned element. Furthermore, accurate estimations of displacements and 

stresses can be provided by shell elements, while according to [132-134], the 

utilization of the solid elements results in inaccurate prediction of the dissipated 

energy. Sensitivity mesh analysis was performed in order to optimize the run 

time, and finer mesh with mesh size 1.5 cm was adopted for critical areas such 

as connection region and the vicinity of openings while coarser mesh with mesh 

size 4.5 cm was used for the rest. Geometrical and material nonlinearities were 

taken into account. 
In order to model the interior connection, inflection points are considered 

at the mid-span as well as mid-height of the column. In this regard, pinned 

supports is considered at the lower part of the column, besides, roller support 

condition is applied at the both right and left half-beam ends. The supposed 

boundary conditions for interior connections are a commonplace assumption 

which is utilized by many researchers [135-137]. 

Dimensions of simulated beams and column are deemed constant in all 

models, in which W36X150 and W14X398 sections are used for beams and 

column, respectively. The interior joint consists of a 3.65 m column and two 

beams with half-length of 3.65 m fully welded by fillet-welds to connect the 

beam and the column, as shown in Fig. 2. The modeled interior connection is 

extracted from a MRF system which is designed based on the Iranian steel 

building code and Iranian code "Standard 2800" for seismic resistant design of 

buildings using the structural analysis software, SAP 2000; in addition; in the 

afore-mentioned structure, the loading algorithm (the imposed dead load, live 

load, etc.) is as recommended by design codes (according to Fig. 2). 

Continuity plates are considered to enhance the column strength as well as 

transferring the forces from beam to column. Furthermore, doubler plates with 

thickness of 0.025 m are considered on both sides of panel zone.  

In order to investigate the performance of frame, monotonic lateral 

loading is applied at the tip of the column with steps of 0.002 rad drift ratio. 

On the other words, the displacement is imposed at the top of the column 

increasingly until the connection is failed. The loading system is illustrated in 

Fig. 2. Based on the [29], the capability of the connection to tolerate the 

inter-story drift ratio of 0.04 rad is required in the seismic-force resisting 

systems, where the loss of flexural resistance of the connection is not 

exceeding 0.2 of plastic moment capacity. Consequently, the failure criteria 

include the weld fracture, local buckling of the beam web, strength loss 

exceeding 20% of the capacity and plastic strain reaching the ultimate strain 

of base material. 

A parametric study is performed to study the effect of openings on the 

behavior of interior connections. To do so, an isolated circular opening is 

considered in RWS models in beam web with 2 influential parameters 

including the distance of opening from column face and opening diameter. 

The distance of the opening center from the column face is considered to be 

0.87h, 1.3h, and 1.74h. Furthermore, 3 different diameters are considered for 

opening as well, including 0.5h, 0.65h, and 0.8h in which h is the beam depth. 

It should be noted that the parameters are taken from the research done by 

[94]. Similarly, the influential dimensions of DF connections such as L*/D 

and L/D are considered in accordance with the studies performed by [34, 138], 

respectively. In the afore-mentioned studies, the parameter L*/D was 

suggested to be in the range of 3 to 5 and the desired ratio for L/D parameter 

was taken equal to 2, where L*, L, and D are indicants of the distance between 

the void and column face, length of opening, and opening diameter, 

respectively. Accordingly, the L*/D parameter is considered to be 4 in all DF 

models and L/D is considered to be equal 2 in the HS-40-55-60 model.  

Summary and configuration of the studied models are presented in Table 

2 and Fig. 3, as well. Also, Fig. 4 indicates the finite element models of 

different configurations. 
 

 

Fig. 2 Location and dimension of studied interior connection 

 

3.  Results 

 

Fig. 5 to 7 present the lateral force-story drift curves of studied models. 

Also, the Von Mises plastic strain distribution of models in 0.04 story drift is 

illustrated in Fig. 8. 

The brittle failure of the beam-to-column connection in ordinary fully 

welded rigid connection has occurred at 3.6% story drift. However, 

introduction of appropriate openings in beam web or flange prevents the 

premature failure of the connection and brings about the plastic hinge 

initiation in beam web or flange, away from the critical area. Furthermore, 

according to the results, utilizing the typical RBS connection prevents 

connection failure and leads to the increased ductility, which is a desirable 

behavior. The studied RBS connection, designed in accordance with AISC 

358-16, fails at 4.2% story drift, as illustrated in Fig. 7, due to steel rupture. 

Although RBS connection is capable of fulfilling the expected 

performance through leading the failure toward the beam which is considered 

a ductile behavior, it experiences excessive loss of lateral strength as well as 

initial stiffness. Compared to RBS connections, drilled flange connections are 

considered a more practical method in terms of beam flange cut. Based on the 

results, DF category in which openings are implemented in beam flange, 

models with different width of singular horizontal slot including DF-HS-40, 

DF-HS-55, and DF-HS-60 experience an early failure due to more than 20% 

loss of lateral force at early stages of loading. However, no plastic strain was 

observed in the vicinity of connection. On the other hand, model with 3 

different width of horizontal slots, DF-HS-40-55-60, performs better than the 
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models with similar width of singular horizontal slot, as the story drift of 0.04 

rad is reached without connection failure. Based on the Von Mises plastic 

strain distribution illustrated in Fig. 8, the initiation of plastic hinge has 

occurred at the opening edge, and the model is perfectly capable of leading the 

plastic hinge away from the column face. 

 

 

Top View 

 

Side View 

Fig. 3 Configuration of studied models 

 

 

Fig. 4 FE models of different configurations 

 

The initial stiffness of models with 3 circular openings, drilled in 2 rows 

at beam flange, is higher than the models with singular horizontal opening. 

The highest initial stiffness and lateral force belongs to the DF-40-40-40 

model, in which the connection has experienced weld failure in 0.04 rad story 

drift. Furthermore, based on the Von Mises plastic strain distribution, the 

model has failed to move the developed strain away from the connection 

region. On the other hand, increasing the opening radii leads to the decreased 

Von-Mises Plastic strain at connection area. However, DF-55-55-55 and 

DF-60-60-60 models are incapable of reaching 0.04 rad story drift due to steel 

rupture in opening edges. Use of different opening diameters as indicated in 

Fig. 5 and Fig. 8 results in a sought-after behavior of interior connection, in 

which the openings are capable of transmitting the plastic hinge towards the 

beam length without experiencing beam-to-column connection failure. The 

lateral force-story drift curve of this model is almost similar to the 

DF-55-55-55 model with the difference that the DF-40-55-60 model can 

sustain story drift of 0.044 rad up to its failure. It must be noted that the 

maximum lateral force of DF-40-55-60 is 7% less than the model 

DF-40-40-40 which has the highest maximum lateral force amongst the 

models with opening in beam flange. Yet, DF-40-55-60 has exhibited higher 

story drift, hence, higher ductility. Furthermore, in terms of initial stiffness, 

max lateral force, ductility, and the failure drift, interior connections with 

circular openings consisting of 3 various diameters perform better than the 

interior connections with 3 horizontal slots having different opening width. 

Overall, based on the results, model DF-40-55-60 reveals the desired 

performance amongst the other models, this finding supports previous 

research into this area by [34]. 

Also, according to the results, RWS category with singular large opening 

in beam web is capable of transferring the plastic hinge toward the beam 

mid-span, provided that the opening radii and the distance between the 

opening center and column face is selected appropriately. Comparing the 

developed plastic strain in the beam-to-column critical regions of ORC and 

RWS models, it is evident that the maximum developed plastic strain as well 

as highest lateral force has occurred in the model with no opening (ORC). 

Also, comparing the lateral force-story drift curves of models in terms of the 

mentioned influential parameters, there was a significant correlation between 

the ultimate lateral force and the opening radii, indicating that increasing the 

opening diameter results in the significant decrease of initial stiffness and 

frame lateral force, as shown in Fig. 6. However, shortening the distance 

between opening center and the column face causes degradation in lateral 

force as well as initial stiffness and intensifies the plastic strain in the critical 

area. Nevertheless, by decreasing the distance of the opening center from the 

column face, the amount of the lateral force declines slightly. Based on the 

results, diameters of 0.65h and 0.8h as well as parameter 'a' which is equal to 

1.3h and 1.74h can reduce the plastic strain, developed in beam-to-column 

connection region. Based on the Von Mises plastic strain distribution, 

appropriate selection of opening size and distance leads to the occurrence of 

Vierendeel mechanism, hence, increased ductility. The results are in 

accordance with the [94]. 

 

 

Fig. 5 lateral force-story drift curves of models with opening in beam flange (DF 

category) 
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Fig. 6 Lateral forc-story drift curves of models with opening in beam web 

 

4.  Discussion 

 

Fig. 7 indicates the lateral force-story drift curves of models in which the 

story drift of 0.04 rad is reached. Also, the maximum lateral force of interior 

connections as well as lateral force of frames at 0.04 story drift is presented in 

Fig. 9 and Fig. 10, respectively. The DF and RWS curves are placed between 

ORC (reference) and RBS models. Based on the results, the behavior of 

RWS-1.7-0.5 and RWS-1.3-0.5 models are almost similar to the ORC model, 

with the difference that RWS-1.7-0.5 and RWS-1.3-0.5 models can withstand 

story drift up to 4.6% and 4%, respectively. Besides, the degradation of initial 

stiffness due to introduction of the opening is insignificant in both models and 

can be neglected. As can be seen in Fig. 8, both models are incapable of 

transferring the plastic hinge toward the vicinity of the opening, hence, the 

failure has occurred due to connection fracture. Although initial stiffness of 

the DF-40-40-40 model is similar to the reference model with a slight 

difference, the lateral resistance of the model is 12% less than the reference 

model. This is while, the mentioned model could not satisfy the expected 

behavior and the failure occurred because of connection fracture. The results 

show that in case of using DF connections, DF-40-55-60 and 

DF-HS-40-55-60 models are in accordance with the aim of the connection 

design in which moving the plastic hinge away from the column face is 

considered a sough-after behavior. However, DF-40-55-60 performs better 

than the model with horizontal slots (DF-HS-40-55-60), as the area of the 

openings in flange is lower than the other model. Furthermore, stress 

concentration is observed at the edge of openings in flange. Overall, in terms 

of using DF connections, it is propounded to utilize 2 rows of drilled flange 

with 3 circular openings in which by shortening the distance of the circular 

opening from the column face, the diameter of the openings decreases. RWS 

models including RWS-1.74-0.65, RWS-1.3-0.65, and RWS-0.87-0.65, have 

experienced local buckling at 2.6, 2.6, and 3.4% drift, consequently, the lateral 

force-story drift curves of models is projected to decline after occurrence of 

local buckling. Although shear deformation and Vierendeel mechanism is 

evident in the mentioned models, according to the Fig. 8, the models are 

capable of transferring the failure toward the beam, hence, exhibiting desired 

performance. Furthermore, according to Fig. 9, it is conspicuous that 

increasing the area of the opening results in decreased lateral load resistance 

as well as decreased initial stiffness.  

As illustrated in Fig. 9, the maximum lateral force of interior connection 

in RWS-1.74-0.65 is higher than both DF-40-55-60 and DF-HS-40-55-60 

models while the maximum area of opening belongs to the mentioned model. 

In this regard, the lateral force of RWS-1.74-0.65 model at 0.04 story drift is 

12% and 0.3% lower than the lateral force of DF-40-55-60 and 

DF-HS-40-55-60 models at 0.04 story drift. This is because the RWS model 

has experienced early loss of lateral force which stems from the initiation of 

local buckling. Accordingly, wise selection of opening sizes in RBS, RWS, 

and DF connections are of great importance and use of them is dependent on 

the site condition and implementation considerations as well as design 

principles. 

It must be noted that connections in special moment frames (SMRFs), 

intermediate moment frames (IMFs), and ordinary moment frames (OMFs) 

are expected to withstand total rotations of 0.04, 0.03, and 0.02 radian while 

maintaining 0.03, 0.02, and 0.01 radian plastic rotations, respectively (AISC). 

The results drawn from the current study is indicant of the fact that RBS, 

DF-40-55-60, DF-HS-40-55-60, DF-40-40-40, RWS-1.30-0.50, 

RWS-1.30-0.65, RWS-1.74-0.50, RWS-1.74-0.65, and RWS-0.87-0.65 

connections are capable of retaining their strength till story drift angle of 0.04 

rad and higher, and are capable of being utilized in the SMRF connections, 

while ordinary fully welded rigid connections, DF-HS connections, and rest of 

the studied connections experience early failure due to lateral resistance 

degradation, steel rupture, or brittle failure at early stages, moreover, from the 

perspective of initial stiffness, the initial stiffness of DF-HS connections are 

less than the other studied DF connections, the maximum initial stiffness is for 

the DF-40-40-40 model, which has the least opening are in flange. Among 

RWS connections, the highest initial stiffness belongs to the model with 

minimum opening area. 

 

 

Fig. 7 Comparison of lateral force-story drift curves of DF, RWS, and RBS category with 

the ORC (reference) model 

 

From the ease of construction point of view, DF connections are 

considered more practical than RBS ones. the utilization of RWS connections 

are recommended where there is a need to provide pipelines, or ducts, etc., 

functionally. However, in case of wise selection of the opening sizes 

implemented in beam web or flange, DF and RWS connections can be 

sough-after substitutes for connections in SMRF systems.   

Overall, the afore-mentioned connections correspond well with the 

expected rotational capacity of the SMRFs, OMFs, and IMFs. Nevertheless, 

few connections are available that have significantly larger rotation capacity 

as well as capability of leading the plastic hinge away from the column face 

and are suggested to be used in special moment frames among which 

DF-40-55-60 connections (DF connection with different opening diameters in 

flange), RWS connections with diameters of 0.65h and 0.8h, and a parameter 

of 1.3h, and 1.74 h are suggested to be used in SMRF systems 

 

5.  Conclusions 

 

There is a considerable amount of literature on intentionally attenuating a 

part of the beam whether in beam flange or web to relocate the plastic hinge 

away from the column face. Thus, this paper questions the behavior of interior 

connections with openings in beam web or flange subjected to monotonic 

loading through numerical simulation. The studied models are comprised of 

an ordinary fully welded rigid connection as a reference model, a model with 

prevalent RBS cut according to AISC 358-16, models with different 

configurations of flange cut (DF) as well as the models with singular opening 

in beam web (RWS). The obtained results are as follows: 

The premature failure of the beam-to-column connection in ordinary fully 

welded rigid connections has led to intentional wakening of the beam as an 

approach to overcome the mentioned issue. Based on the numerical results, 

ordinary rigid connection experiences connection failure at 3.6% story drift 

while the prevalent RBS connection is capable of transferring the plastic hinge 

toward the beam length, hence, increasing the ductility, which is a sough-after 

performance. It should be noted that the failure drift of RBS connection due to 

steel rupture has occurred in 4.2% story drift. In other words, utilizing RBS 

connections in moment steel frames lead to an increase of 0.6% in story drift, 

in addition, the location of initiation of plastic hinge instead of column face 

(in ORC model) is led toward the beam length (reduced are) in RBS 

connections. 
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Although RBS connection is capable of fulfilling the expected 

performance through leading the failure toward the beam which is a ductile 

behavior, it experiences excessive loss of lateral strength as well as initial 

stiffness which is calculated to be approximately 27% and 8%, respectively, 

compared to the ORC model. Compared to RBS connections, drilled flange 

connections are easier to construct, hence, a more practical method in terms of 

beam flange cut. Based on the results, utilizing singular horizontal slot with 

different opening width in beam flange in 2 rows does not lead to the expected 

outcome and models experience an early failure due to loss of strength and the 

failure drift is less than 2% story drift due to excessive loss of lateral force 

which is considered to be 20%. However, model with 3 horizontal slots, 

having different opening width, results in the desired performance in which 

the failure from beam-to-column connection region has been transferred 

towards the beam length, in other words, the model is fully capable of 

transferring the plastic hinge away from the column face, the failure drift is 4% 

story drift due to steel rupture around the opening edges.  

The initial stiffness and maximum lateral force of circular openings in 

beam flange is higher than the models with elongated circular opening since 

the opening area is smaller, e.g. 5% and 32% degradation is observed in 

stiffness and maximum lateral force of model with elongated circular opening 

in which the opening diameter is 60 mm compared to the model with circular 

holes of 60 mm diameter. The same conclusion can be drawn for models with 

different diameters of openings, since increasing the diameter of drilled holes 

leads to the decease of both initial stiffness and lateral force in a way that the 

loss of stiffness and lateral force in the model with opening diameter of 60 

mm compared to the model with opening diameter of 40 mm is estimated to 

be 3% and 6%, approximately. Nevertheless, models with circular openings 

experience increased Von Mises plastic strain distribution in beam-to-column 

regions.  

However, the use of openings with different diameters brings about an 

increase in frame ductility as well as transferring the plastic hinge away from 

the critical region, hence, sough-after substitute for identical opening 

diameters. In the afore-mentioned model, the failure drift is 4.4% which is the 

highest experienced drift among models with drilled flange. In addition, the 

stiffness and lateral force degradation, which is respectively 1.5% and 7%, is 

negligible compared to the model with 3 drilled holes of 40 mm, yet, the 

failure in model with 3 different opening diameters is due to steel rupture, 

while connection fracture is the cause of failure in model with 3 opening 

having the same diameters. 

RWS connections, which consist of circular opening in beam web, fulfill 

the condition of moving the plastic hinge away from the column face in case 

of proper selection of opening size and location. Although increasing the 

opening radii leads to the reduced plastic strain in beam-to-column connection 

region, it significantly reduces the lateral force and stiffness of the frame. 

Furthermore, moving the opening away from the column face results in 

desired performance of the frame in terms of maximum lateral force and 

initial stiffness, accordingly, it is concluded that the model with opening 

diameter of 0.8 beam height in which the distance between the column face 

and opening center is considered to be 0.87 beam height has the lowest values 

in terms of initial stiffness and lateral force whereas the highest amounts of 

initial stiffness and lateral force belongs to the model with opening diameter 

0.5 times the beam height in which the opening center distance  from the 

column face is considered to be 1.74 times the opening height, the difference 

of the amount of initial stiffness and lateral force between the mentioned 

models is respectively considered to be 17% and approximately 50%. Despite 

the fact that the model with minimum opening radii in conjunction with the 

maximum opening distance from the column face is expected to have the 

desired performance in terms of initial stiffness and lateral resistance, the 

model might be incapable of transferring the plastic hinge away from the 

column face due to insufficient weakening of beam web. It is concluded that 

shear deformation and local buckling is observed in RWS connections while 

in DF connections, stress concentration around the opening is critical.

 

   

   

   

Fig. 8 Von Mises plastic strain distribution of FE models at 0.04 story drift 
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Table 2 

specification of studied models 

 

 

Fig. 9 Comparison of maximum lateral forces of studied models 

 

Fig. 10 Comparison of lateral forces of studied models at 0.04 rad story drift 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Flexible barriers are one of the most effective protective structures, which have been widely used for the mitigation of 

rockfalls. As the only compression members in a flexible barrier system, steel posts maintain the integrity of the 

interception structure to keep the function of the system. Due to the random trajectories of rockfalls, steel posts may be 

impacted by boulders directly. The impact scenario may result in the failure of the post and even the collapse of the 

system. In this paper, firstly, steel baffles were proposed to be an additional structural countermeasure to avo id the direct 

impact of posts. Secondly, numerical method was adopted to study the structural behaviour of steel baffles under direct 

boulder impact. Then, an available published experimental test of H-shaped steel beams under drop weight impact loading 

by others was back analyzed to calibrate the finite element model. Finally, numerical simulations were carried out to 

investigate the energy dissipating modes and energy dissipating efficiency of the H-shaped steel baffles. The simulation 

results show that there are three typical energy dissipating modes of H-shaped baffles subjected to boulder impact, namely 

flexural, local compression buckling and shear buckling. Local compression buckling is the most efficient energy 

dissipating mode. The thickness of the web of an H-shaped baffle is suggested to be 4 mm and 6 mm for the rated 

dissipating energy of 50 kJ and 100 kJ, respectively. 
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1.  Introduction 

 

The function of flexible barriers is similar to that of spider orb webs (Fig. 

1a), which is to absorb the kinetic energy of the impact while minimizing 

structural damage. Benefiting from the weight of material, cost, ease and 

speed of construction, aesthetics and favourable environmental effect, flexible 

barriers are the most effective protective structures and have been extensively 

used for the mitigation of rockfalls [1-6] in hilly regions. In addition to 

footings, a typical flexible barrier (Fig. 1b) is mainly composed of three parts: 

1) an interception structure; 2) a support structure; 3) connection components 

[7]. The interception structure is usually made up of cable nets or ring nets 

and bears the direct impact of the rockfall, transmitting the stresses to the 

connection components. A support structure usually consists of steel posts and 

maintains the interception structure erected through the connection 

components. The connection components include support ropes, anchor ropes 

and shackles, etc. They transmit the impact loads to the footing structure and 

then to the ground. They also help to maintain the integrity of the interception 

structure. Energy dissipating device is the most critical component in the 

system, dissipating around 60%-80% of the total impact energy [8] through 

friction between components, plastic deformation or their combination [9]. As 

energy dissipating devices are attached to steel ropes and allowed for a 

controlled displacement after activation, they are usually classified as a 

connection component. 

 

  

(a) Spider orb web                  (b) Flexible rockfall barrier 

Fig. 1 Typical flexible barrier 

 

As the support structure in a flexible barrier, steel posts ensure the 

position of the interception structure and the function of the system. From the 

view of stress characteristics, steel posts are the only compression members in 

the system, and all the other components are in tension during interception. 

The stress characteristic of flexible barriers is similar to tensegrity structures, 

figuratively described as “small islands of compression in a sea of tension” 

[10]. Due to the random trajectories of rockfalls [11], steel posts may be 

impacted by boulders directly which may result in the failure of the post and 

even the collapse of the system [1,12,13]. Field investigations (Fig. 2) also 

show that the failure of steel posts due to the direct impact of boulders 

happened occasionally. To solve this problem, it is necessary to improve the 

impact resistance of steel posts of flexible barrier or reduce the impact energy 

of the boulder or even avoid the scenario that boulders directly impact on steel 

posts.  

 

   

Fig. 2 Steel post directly impacted by boulders [14] 

 

In this paper, firstly, steel baffles, as a straining structure, were proposed 

to be an additional structural countermeasure installed in front of the steel 

posts of flexible barriers to protect the steel posts from boulder impact in 

Section 2, and the principle of the baffles was also discussed in the section. 

Then, an available published experimental test of H-shaped steel beams under 

drop weight impact loading by others was back analyzed in Section 3. The test 

results of contact force and lateral deflection were used to calibrate the finite 

element model. Finally, numerical simulations were carried out to investigate 

the energy dissipating modes and energy dissipating efficiency of the H-

shaped steel baffles in Section 4.  

 

2.  Principle of the baffle 

 

The impact resistance of the steel post can be improved by increasing the 

section size. However, this measure will significantly increase the weight of 

the steel post and bring difficulties in field construction. Besides, the 

enhanced steel post is still the first and only line of defense against the direct 

Impact mark

Boulder
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impact of a boulder which is not conducive to improving the reliability of 

flexible barrier systems.  

The concept of multiple lines of defense has been widely accepted and 

adopted in structural seismic design [15]. Based on this concept, a baffle is 

proposed to be installed in front of the post to be the first line of defense. 

Instead of the protected post, the baffle will bear the first direct impact of 

boulders which could have impacted the post directly. After impacting the 

baffle, the kinetic energy of the boulder will be reduced significantly, owing 

to the plastic deformation of the baffle, damping or additional energy 

dissipating device. By trapping boulders upstream, the impact load can be 

reduced for the post of a flexible barrier in the downstream. In addition, the 

trajectory of the boulder will be changed, the boulder will impact the 

interception structure of the flexible barrier rather than the downstream post. 

In summary, the principle of the baffle mainly lies in the following two 

aspects: a) dissipate the impact energy of the boulder; b) change the trajectory 

of the boulder.  

In essence, the baffle is a cantilever post subjected to impact load. Shaped 

steel is suggested to be used, such as H-shaped steel, circular tube and square 

tube. Concrete-filled steel tube (CFST) is also a good choice. Therefore, the 

baffles are light-weight and can be easily transported and constructed on a 

relatively steep terrain with poor access. The site of the baffle is certainly in 

front of the post to be protected. The height and the capacity of a baffle 

mainly depend on the bounce height and the kinetic energy of the boulder, 

respectively, which can be predicted by the movement analysis of rockfalls. In 

general, the height of the baffle is smaller than the protected post. 

 

  

  

(a)Without baffle                                                      (b) With baffle 

Fig. 3 Principle of the baffle 

 

3.  Validation of the numerical model 

 

A considerable amount of literature has been published on studies of the 

dynamic behaviour and failure modes of steel members under the transverse 

impact. In particular, the behaviour of axially restrained beams and axially 

compressed steel columns has been studied extensively and intensively [16-

20]. This is understandable since axially restrained beams and axially 

compressed steel columns are frequently used as members in buildings and 

bridges, etc. Obviously, the behaviour of cantilever posts under transverse 

impact will be different, and the related studies are few. Consequently, there is 

insufficient data to understand the dynamic behaviour of the baffle subjected 

to boulder impact. 

As there is no available test data of baffles or cantilever steel posts under 

transverse impact, in this section, a published experimental test of a series of 

H-shaped steel beams under drop weight impact loading by others will be 

back analyzed to calibrate the LS-DYNA model. 

 

3.1. Description of the test 

 

The experimental test for calibration was conducted by Zhao et al. [19]. 

The specimens were with fixed-pinned (FP) end condition. Two square end 

plates with a thickness of 16mm were welded to each specimen. The length of 

each specimen was 1.5 m, and the section was h×b×tw×tf=100×100×6×8 mm. 

The beam was impacted at the midpoint by a hammer. The hammer is made of 

GCr 15 steel with 64 HRC hardness and a 30mm×80mm rigid bottom surface. 

The experimental setup is shown in Fig. 4 as well as the details of steel beams 

and the LS-DYNA back-analysis model. In the test, the impact forces were 

monitored and recorded by a dynamic load cell. The details of the H-shaped 

steel specimens are illustrated in Table 1.  

 

Table 1 

Details of H-shaped specimens [19] 

Case Specimen label m0 (kg) H0 (m) v0 (m/s) E0 (kJ) 

1 H-0.9-FP 89 1.04 4.5 0.9 

2 H-2.5-FP 150 1.67 5.7 2.5 

3 H-2.9-FP 150 2 6.2 2.9 

4 H-3.7-FP 150 2.5 7.0 3.7 

Note: m0 is the weight of the hammer, H0 is the hammer release height; E0 is the impact 

energy before collision; v0 is the initial impact velocity of the hammer. 

 

 
(a) Drop-hammer machine 

 

 
(b) Experimental setup 

 
 (c) Details of the steel beam 

 
(d) LS-DYNA model 

Fig. 4 Experimental setup of Zhao et al. [19] 

 

3.2. Description of LS-DYNA model  

 

Considering the thickness of the H-section is much smaller than the other 

two dimensions, the default shell element named Belytschko-Lin-Tsay 

element, which is computationally efficient and stable for explicit calculations, 

was selected for modelling the beams. A five-stage elastic-plastic model 

developed by Han et al. [21] was employed to simulate the steel material. The 

model includes the elastic, elastic-plastic, plastic, hardening and secondary 

plastic flow stages, as presented in Fig. 5. Referring to the tests conducted by 

Zhao et al. [19], the following parameters were used: the density was 

7850kg/m3, the modulus of elasticity was 211 GPa, Poisson’s ratio was 0.3, 

yield stress was 291.3 MPa, the tangent modulus was 1.476 GPa and the 

failure strain was 0.284. Additionally, the Cowper-Symonds model [22] was 

adopted to scale the yield stress by a strain rate dependent factor, as shown in 

Eq. (1): 

 

1

yd ys 1
P

C


 

  
= +   

  

&
 (1) 

 

where σyd and σys are the dynamic yield stress of steel under the stress rate and 

the static yield stress, respectively; C and P are the strain rate parameters with 

values 40.4s-1 and 5 according to the summary of Jones [23], respectively.  

 

 

Fig. 5 Five-stage elastic-plastic model  
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The hammer and the roller were modelled by the default constant stress 

solid element. As the deformations of the hammer and the roller were very 

small during the impact process, they were defined as rigid bodies to reduce 

the computational requirement. The neglect of the deformations only has little 

influence on the impact results. 

The mesh size will affect the computational cost and accuracy. A 

reasonable mesh size means that the computational accuracy is satisfactory 

and the computational cost is acceptable. When the mesh is too fine, the 

computational cost will increase significantly, but the computational accuracy 

will not be improved noticeably. When the mesh is too rough, the 

computational cost will decrease, but the accuracy will also be decreased. By 

trial and error, the mesh size was selected to be 5mm at the impact zone and 

10mm at other zones.  

An automatic surface-to-surface contact algorithm (Contact_Automatic_ 

Surface_To_Surface in LS-DYNA) [24] was adopted to simulate the contact 

behaviour between the hammer and the steel beam, as well as the beam and 

the roller. In the test, the hammer dropped freely from a specified height, but 

it was positioned above the top flange of the beam with an equivalent initial 

velocity to reduce the computer time in the model. 

 

3.3. Calibration of LS-DYNA model 

 

Fig. 6 compares the local deformations at the midspan zone. It can be 

seen that the simulated deformed shapes agree well with the test. The local 

deformations are mainly concentrated on the midspan and minor buckling in 

the web occurs. Fig. 7 compares the experimental and numerical impact force-

time relationships. The test results and the simulation results, including the 

peak impact forces (Fpeak), the plateau impact forces (Fplateau), and the durations 

of impact force (T) are presented in Table 2. For Cases 1 to 4, the maximum 

error of experimental and numerical results is 19.2%, which occurs at the peak 

impact force in Case 1. It can be seen that both the impact force and the 

durations all agree very well.  

As a conclusion, it may be accepted that the present LS-DYNA model 

with the associated material behaviour is capable of simulating the behaviour 

of steel members subjected to impact loading. 

  

(a) Experimental result (b) Numerical result  

Fig. 6 Comparison of the local deformation shape 
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(a) Case 1 (b) Case 2 
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(c) Case 3 (d) Case 4 

Fig. 7 Comparison of the impact force

 

Table 2 

Comparison of the results 

Case Specimen label 
Fpeak (kN) Error 

(%) 

Fplateau (kN) Error 

(%) 

T(ms) Error 

(%) Tested FE Tested FE Tested FE 

1 H-0.9-FP 239.9 193.7 19.2 122.8 133.5 8.7 10.1 8.26 18.2 

2 H-2.5-FP 324.0 318.5 1.7 141.1 125.2 11.3 13.8 11.7 15.2 

3 H-2.9-FP 422.5 348.9 17.4 143.4 126.3 11.9 14 12.3 12.1 

4 H-3.7-FP 399.2 382.4 4.2 158.9 129.7 18.4 14.3 13.2 7.7 

 

4.  Dynamic response 

 

4.1. Modelling properties 

 

H-shaped baffles with a height of 2.0 m were used to reveal the energy 

dissipating modes of an H-shaped steel baffles subjected to boulder impact. 

The same LS-DYNA simulation method calibrated in the previous section was 

used. It should be mentioned that the steel grade was assumed to be Q235 [25] 

and the yield strength was assumed to be a standard value of 235 MPa. The 

full-frontal impact was applied to the flanges (Point P in Fig. 8) to cause 

bending about the major axis (x-x axis) of the baffle, which represents the 

most typical case for design purposes. The impact point was assumed to be 

0.8 m away from the top of the baffle. The bottom of the baffle was fixed end 

condition. A side-view schematic of the model is shown in Fig. 8.  

 

 

Fig. 8 Side view schematic of the model 

 

4.2. Simulation case 

 

According to the elastic mechanic, the critical stress of a steel plate can be 

uniformly expressed as Eq. (2): 

 
22

cr 212(1 )

E t
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where χ is the constraint coefficient, k is the buckling coefficient, E and v are 

the modulus of elasticity and Poisson’s ratio of steel, t and b are the thickness 

and width of the plate, respectively.  

From Eq. (2), it can be seen that either the flange or the web of an H-

shaped baffle, the critical stress of which mainly depends on the ratio of 

thickness and width of the plate. In other words, the energy dissipating mode 

of a baffle subjected to the impact of a boulder may mainly depend on the 

flange width-thickness ratio and the web depth-thickness ratio, denoted by γf 

and γw, respectively. From this point of view, three typical cases as shown in 

Table 3 were conducted. In these cases, the depth and width of these cross-

sections both were fixed to 300 mm. The thickness of the flange and web were 

carefully chosen to obtain different combinations of γf and γw. In these cases, 

the boulder was 1.2 m in diameter and about 2000 kg in mass. The boulder 

impacts at point P as shown in Fig. 8 with the initial velocity of 10 m/s. So, 

the impact energies (E0) of these cases all were 100 kJ.  
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Table 3 

Typical cases of energy dissipating mode 

Case 
Cross-section properties Impact properties 

Size γf γw m (kg) v0 (m/s) E0 (kJ) 

Case-1 H300×300×12×12 12.5  23.0  2000 10.0 100 

Case-2 H300×300×6×12 12.5  46.0  2000 10.0 100 

Case-3 H300×300×6×25 6.0  41.7  2000 10.0 100 

 

4.3. Simulation results 

 

4.3.1. Impact force 

The velocity-time histories of these boulders (Fig. 9) show that the 

boulders rebound with 1.2 m/s, 1.3 m/s and 1.4 m/s in velocity for Case 1 to 

Case 3 after the impact, which means that all the baffles withstood the frontal 

impact of the boulder with 100 kJ in kinetic energy successfully. The impacts 

last about 55 ms, 99 ms and 65 ms for Case 1 to Case 3, respectively.  

 

 

Fig. 9 Velocity-time history of boulder 

 

The impact force-time histories (Fig. 10) of these cases are similar. All of 

them show the same characteristic of three stages, named peak stage (S1), 

stable stage (S2) and unload stage (S3), respectively. In the peak stage, the 

interaction between the boulder and impact area of the baffle increases rapidly 

due to the transient action of the impact and the big local stiffness of the 

impact area, resulting in the maximum peak impact force at the first impact. 

As the mass of the boulder is much bigger than that of the baffle, the velocity 

of the baffle increases rapidly, but the velocity of the boulder decreases. The 

interaction between boulder and baffle becomes weaker, resulting in a rapid 

decrease of the impact force. Then, the velocity of the baffle decreases due to 

the boundary condition. The interaction increases again, resulting in another 

peak impact force. After repeated impact and separation several times, the 

velocities of the boulder and the impacted part of the baffle tend to be 

consistent gradually. This explains why the impact force fluctuates drastically 

in this stage. Subsequently, in the stable stage, the impacted part of the baffle 

and the boulder move at almost the same velocity. The plastic deformation of 

the baffle develops steadily, and the impact force is relatively stable. In this 

stage, the impact energy of the boulder is gradually transformed into the 

plastic strain energy of the baffle. The impact energy is mainly dissipated in 

this stage. Then, with the decreasing velocity of the boulder and baffle, the 

impact force starts to decrease until the velocity is close to zero and the unload 

stage starts. The impact ends when the boulder rebounds and separates from 

the baffle. The impact force decreases to zero at the moment.  

 

 

Fig. 10 Impact force-time history 

 

For Case 1 and Case 3, there are several peaks during the first stage. For 

Case 1, the maximum peak force is 1350 kN at 3.0 ms. The stable stage lasts 

21 ms and the stable impact force is about 400 kN. When T=55 ms, the impact 

force decreases to zero. For Case 2, there is only one significant peak force 

(Fpeak) 832 kN when T=2.0 ms during the peak stage. The stable stage lasts 

about 60 ms, from T=10 ms to T=70 ms. The stable impact force (Fstable) is 

about 250 kN. When T=99 ms, the impact force decreases to zero. For Case 3, 

the maximum peak force is 1110 kN at 2.0 ms. The stable stage lasts about 25 

ms and the stable impact force is about 350 kN. When T=65 ms, the impact 

force decreases to zero. The maximum impact forces and impact durations of 

the three cases show that the impact stiffness of Case 2 is the lowest, and that 

of Case 1 is the highest.  

 

4.3.2. Energy dissipating mode 

As shown in Fig. 11, for Case 1, the permanent displacements of the 

impact point and the monitor point are 181 mm and 290 mm, respectively. 

The displacement of the monitor point located at the top of the baffle is much 

larger than that of the impact point. From the development of deformation as 

shown in Fig.12 (a), the buckling of the compression flange at the bottom 

occurs firstly when T=11 ms. Then, the buckling of the web in compression at 

the bottom occurs when T=30 ms. As the impact continues, the plastic 

deformation of the flange and the web at the bottom gradually increases until 

the boulder rebounds. The deformation of the baffle impacted by the boulder 

is mainly concentrated on the compression flange and web at the bottom of 

the baffle.  

For Case 2, the permanent displacements of the impact point and the 

monitor point (Fig. 7) are 292 mm and 218 mm, respectively. The permanent 

displacement of the impact point is much larger than that of the monitor point 

located at the top of the baffle, which means the deformation of the baffle is 

local. From the development of deformation as shown in Fig. 12(b), the 

buckling of the web at the impact area occurs soon after the impact happens 

when T=9.0 ms. As the impact continues, the plastic deformation of the web 

gradually increases until the boulder rebounds. The deformation of the baffle 

impacted by the boulder is mainly concentrated on the impact area, derived 

from the buckling of the web subjected to local compression.  

For Case 3, the permanent displacements of the impact point and the 

monitor point are 204 mm and 206 mm, respectively. The displacements of 

the two points are practically the same, which means the deformation of the 

baffle above the impact point is almost the overall translation. From the 

development of deformation as shown in Fig. 12(c), the web below the impact 

point demonstrates obvious shear buckling characteristic when T=14.5 ms. As 

the impact continues, the plastic deformation of the web below the impact 

point gradually increases until the boulder rebounds. The deformation of the 

baffle impacted by the boulder is mainly concentrated on the area below the 

impact point, derived from the shear buckling of the web below the impact 

point. 

From what has been discussed above, the energy dissipating modes can 

be classified into three major types according to the typical deformation 

characteristics, namely: a) flexural, b) local compression buckling and c) shear 

buckling.  
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Fig. 11 Displacement-time history 

 

4.3.3. Energy-dissipating characteristic 

The internal energies of the flange and the web of each case after the 

boulder rebounded and separated from the baffle were extracted from the 

simulations and shown in Fig. 13. The internal energy of the flange and web 

are denoted as Ef and Ew, respectively. The summation of Ef and Ew is the 

energy dissipated by the baffle denoted as Eb. For Case 1, Ef, Ew and Eb are 

61.8 kJ, 34.1 kJ and 95.9 kJ, respectively. For Case 2, Ef, Ew and Eb are 17.9 kJ, 

79.6 kJ and 97.5 kJ, respectively. For Case 3, Ef, Ew and Eb are 17.1 kJ, 80 kJ 

and 97.1 kJ, respectively. It can be seen that the energies dissipated by the 

baffles all are slightly less than the impact energy 100 kJ. The main reason 

lies in the energy dissipated by friction and the kinetic energy of the rebound-

ed boulder. For Case 2 and Case 3, the web of the baffle dissipated almost 80% 

of the impact energy, which means the web is the major energy dissipation 

component. For Case 1, the major energy dissipation component is the flange, 

which dissipated about 60% of the impact energy. The energy-dissipating 

characteristics are also consistent with the deformation characteristics as 

shown in Fig. 12. It also shows that both the flange and the web can be the 

major energy dissipation component of an H-shaped baffle. 
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t=3.0 ms t=6.5 ms t=8.5 ms t=11 ms t=13.5 ms t=16.0 ms t=20.0 ms t=30.0 ms t=40.0 ms t=50.0 ms t=55.0 ms legend 

(a) Case-1 

           

 

t=2.5 ms t=9.0 ms t=20.0 ms t=30.0 ms t=40.0 ms t=50.0 ms t=60.0 ms t=70.0 ms t=80.0 ms t=90.0 ms t=99.0 ms legend 

(b) Case-2 

           

 

t=2.0 ms t=5.5 ms t=9.0 ms t=11.5 ms t=14.5 ms t=20.0 ms t=30.0 ms t=40.0ms t=50.0 ms t=60.0 ms t=65.0 ms legend 

(c) Case-3 

Fig. 12 Deformation development of baffles 

 

 

Fig. 13 Energy-dissipating characteristic 

 

4.3.4. Energy dissipating efficiency 

The energy dissipated per unit area denoted as λ (J/mm2) is defined to 

evaluate the energy dissipating efficiency of a baffle, and λ is calculated by Eq. 

(3): 

 

b

b

E

s
 =  (3) 

 

where sb is the cross-section area of the baffle (mm2). λ can also be used to 

evaluate the energy dissipating efficiency of the flange or the web of an H-

shaped baffle when Eb is substituted by Ef or Ew and sb is substituted by the 

cross-section area of the flange or the web. 

Table 4 shows the energy dissipating efficiency of these baffles, as well 

as that of the flange and web. It can be seen that, as far as the baffle is 

concerned, the highest energy dissipating efficiency is Case 2, which is 11. 

The lowest energy dissipating efficiency is Case 3, which is only 5.9. The 

former is about twice as much as the latter. It indicates that the energy-

dissipating mode represented by Case 2, which is local compression buckling 

as discussed in Section 4.3.2, is the most efficient. The energy dissipating 

efficiencies of the flange of these cases all are below 10, and the lowest is 

only 1.1 in Case 3. But the energy dissipating efficiency of the web is much 

higher than that of the flange. In Case 2 and Case 3, the energy dissipating 

efficiencies of the web both are about 50. Even the lowest dissipating 

efficiency of the web in the three cases is also larger than 10. It indicates that 

the web and flange of an H-shaped baffle are the effective and ineffective 

components for energy dissipation, respectively. The web of an H-shaped 

baffle is recommended to be designed as the major energy dissipation 

component of an H-shaped baffle. 
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Table 4 

Energy dissipating efficiency 

 Eb (J) Ef (J) Ew (J) sb (mm2) sf (mm2) sw (mm2) λb (J/mm2) λf (J/mm2) λw (J/mm2) 

case-1 9.59×104 6.18×104 3.41×104 1.05×104 7.20×103 3.31×103 9.1 8.6 10.3 

case-2 9.75×104 1.79×104 7.96×104 8.86×103 7.20×103 1.66×103 11.0 2.5 48.1 

case-3 9.71×104 1.71×104 8.01×104 1.65×104 1.50×104 1.50×103 5.9 1.1 53.3 

 5.  Design recommendation 

 

As discussed above, the energy dissipating modes of an H-shaped baffle 

subjected to the impact of a boulder can be divided into three types, and local 

compression buckling is the most efficient. Considering the fact that the mode 

of energy dissipation is mainly determined by γf and γw, a total of 34 impact 

cases divided into 4 groups with different cross-sectional properties (Table 5) 

were simulated to find out the boundary value in this section. In these cases, 

the depth and width of the cross-section were both fixed to 300 mm. From 

Group 1 to Group 4, the thicknesses of the webs were fixed to 4mm, 6mm, 

8mm and 10mm, respectively. In each group, the thicknesses of the flanges 

ranged from 6 mm to 25 mm. The mass of the boulder was fixed to 2000 kg. 

In order to ensure that the boulders were all stopped by these baffles and the 

baffles deformed significantly, the initial velocities of the boulders were 

different in these cases. For these cases named G-1-1 ~ G-1-10 and G-2-1, the 

impact velocity of the boulder was 7.07 m/s, which means the impact energy 

was 50 kJ. For these cases in Group 2 and Group 3 except for G-2-1, the 

impact velocity of the boulder was 10.0 m/s and the impact energy was 100 kJ. 

For these cases in Group 4, the impact velocity of the boulder was 14.1 m/s 

and the impact energy was 200 kJ. 

The simulated results show that with the increasing of γw/γf, the energy 

dissipating mode is transformed from flexural (Type 1) to shear buckling 

(Type 3) gradually as a whole. But for the baffle with different thicknesses of 

the webs, the difference of the boundary values of the three energy dissipating 

modes is significant.  

For Group 1, the thickness of the web of these cases was 4 mm, and the 

energy dissipating modes were all local compression buckling (Type 2) when 

the γw/γf ranged from 2.9 to 10.4. Only when the thickness of the flange was 

increased to 25 mm and the γw/γf was 10.4, the energy dissipating mode was 

transformed to Type 3; Type 1 did not appear even when γw/γf = 2.9. 

Therefore, for this group, it can be summarized that there are only two energy 

dissipating modes, Type 2 and Type 3, and the boundary value is 9.4. 

For Group 2, the thickness of the web of these cases was 6 mm, and all 

the three types of energy dissipating modes appeared when γw/γf ranged from 

2.5 to 6.9. The boundary values of γw/γf between Type 1 and Type 2, Type 2 

and Type 3 were 3.7 and 4.2, respectively. 

For Group 3, the thickness of the web of these cases was 8 mm, and Type 

2 did not occur. The energy dissipating mode was transformed from Type 1 

when γw/γf = 3.6 to Type 3 when γw/γf = 4.0. Therefore, for this group, the 

boundary value of these types is between 3.6 and 4.0.  

For Group 4, the thickness of the web of these cases was 10 mm, and 

Type 2 did not occur either. The energy dissipating mode was transformed 

from Type 1 when γw/γf = 3.5 to Type 3 when γw/γf = 3.8. Therefore, for this 

group, the boundary value of these types is between 3.5 and 3.8.  

Therefore, considering the energy dissipating efficiency of a baffle, the 

thickness of the web, denoted as tw, is suggested to be 4 mm or 6 mm. For 

tw=4 mm, when γw/γf ≤ 9.4, it can ensure that the energy dissipating mode is 

Type 2. For tw=6 mm, when 3.7 ≤γw/γf ≤ 4.2, it can also ensure that the energy 

dissipating mode is Type 2. 

 

 

Table 5 

Parametric study 

Case 
Cross-section properties Impact properties 

Energy dissipating mode 
Size γf γw γw/γf m (kg) v0 (m/s) E0 (kJ) 

Group 1 

G-1-1 H300×300×4×6 25.0 72.0 2.9 2000 7.07 50 Type 2 

G-1-2 H300×300×4×8 18.8 71.0 3.8 2000 7.07 50 Type 2 

G-1-3 H300×300×4×10 15.0 70.0 4.7 2000 7.07 50 Type 2 

G-1-4 H300×300×4×12 12.5 69.0 5.5 2000 7.07 50 Type 2 

G-1-5 H300×300×4×14 10.7 68.0 6.3 2000 7.07 50 Type 2 

G-1-6 H300×300×4×16 9.4 67.0 7.1 2000 7.07 50 Type 2 

G-1-7 H300×300×4×18 8.3 66.0 7.9 2000 7.07 50 Type 2 

G-1-8 H300×300×4×20 7.5 65.0 8.7 2000 7.07 50 Type 2 

G-1-9 H300×300×4×22 6.8 64.0 9.4 2000 7.07 50 Type 2 

G-1-10 H300×300×4×25 6.0 62.5 10.4 2000 7.07 50 Type 3 

Group 2 

G-2-1 H300×300×6×8 18.8 47.3 2.5 2000 7.07 50 Type 1 

G-2-2 H300×300×6×10 15.0 46.7 3.1 2000 10.0 100 Type 1 

G-2-3 H300×300×6×12 12.5 46.0 3.7 2000 10.0 100 Type 2 

G-2-4 H300×300×6×14 10.7 45.3 4.2 2000 10.0 100 Type 2 

G-2-5 H300×300×6×16 9.4 44.7 4.8 2000 10.0 100 Type 3 

G-2-6 H300×300×6×18 8.3 44.0 5.3 2000 10.0 100 Type 3 

G-2-7 H300×300×6×20 7.5 43.3 5.8 2000 10.0 100 Type 3 

G-2-8 H300×300×6×22 6.8 42.7 6.3 2000 10.0 100 Type 3 

G-2-9 H300×300×6×25 6.0 41.7 6.9 2000 10.0 100 Type 3 

Group 3 

G-3-1 H300×300×8×10 15.0 35.0 2.3 2000 10.0 100 Type 1 

G-3-2 H300×300×8×12 12.5 34.5 2.8 2000 10.0 100 Type 1 

G-3-3 H300×300×8×14 10.7 34.0 3.2 2000 10.0 100 Type 1 

G-3-4 H300×300×8×16 9.4 33.5 3.6 2000 10.0 100 Type 1 

G-3-5 H300×300×8×18 8.3 33.0 4.0 2000 10.0 100 Type 3 

G-3-6 H300×300×8×20 7.5 32.5 4.3 2000 10.0 100 Type 3 
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G-3-7 H300×300×8×22 6.8 32.0 4.7 2000 10.0 100 Type 3 

G-3-8 H300×300×8×25 6.0 31.3 5.2 2000 10.0 100 Type 3 

Group 4 

G-4-1 H300×300×10×12 12.5 27.6 2.2 2000 14.1 200 Type 1 

G-4-2 H300×300×10×14 10.7 27.2 2.5 2000 14.1 200 Type 1 

G-4-3 H300×300×10×16 9.4 26.8 2.9 2000 14.1 200 Type 1 

G-4-4 H300×300×10×18 8.3 26.4 3.2 2000 14.1 200 Type 1 

G-4-5 H300×300×10×20 7.5 26.0 3.5 2000 14.1 200 Type 1 

G-4-6 H300×300×10×22 6.8 25.6 3.8 2000 14.1 200 Type 3 

G-4-7 H300×300×10×25 6.0 25.0 4.2 2000 14.1 200 Type 3 

Note: Type 1 - flexural type, Type 2 - local compression buckling type, Type 3 - shear buckling type. 

 

6.  Conclusions 

 

Flexible barriers have been extensively adopted for the mitigation of 

rockfalls. Steel posts are the important compression members to ensure the 

integrity of interception structure and the function of the system. Due to the 

random trajectories of rockfalls, steel posts may be impacted by boulders 

directly and the impact scenario may result in the failure of the post and even 

the collapse of the system. In this paper, steel baffles were proposed to install 

in front of steel posts of flexible barrier systems to protect the posts. 

Numerical simulations were carried out to investigate the energy-dissipating 

modes and control method of H-shaped steel baffles subjected to boulder 

impact. The key findings from this study are summarized as follows: 

1. Steel baffles are proposed to be an additional structural countermeasure 

installed in front of the posts of flexible barriers to protect the posts from 

boulder impact. The principle of the baffle mainly lies in the following two 

aspects: a) dissipate the impact energy of the boulder; b) change the trajectory 

of the boulder. 

2. Three typical energy-dissipating modes, i.e., a) flexural, b) local 

compression buckling and c) shear buckling, are observed based on the 

numerical simulation results.  

3. Energy dissipating efficiency is defined as the energy dissipated per 

unit area to evaluate the efficiency of a baffle. The local compression buckling 

mode is the most efficient.   

4. With the increasing of ratio γw/γf, the energy dissipating mode is 

transformed from Type 1 to Type 3 gradually. However, for the baffle with 

different thicknesses of the webs, the boundary values of the three energy 

dissipating modes differ widely. The thickness of the web of an H-shaped 

baffle is suggested to be 4 mm and 6 mm for the rated dissipating energy of 50 

kJ and 100kJ, respectively. For tw=4 mm or tw=6 mm, when γw/γf ≤ 9.4 or 3.7 

≤γw/γf ≤ 4.2, respectively, the energy dissipating modes of the baffles is 

ensured to be the local compression buckling (Type 2).  

Besides, it should be clarified that the findings from this paper are based 

on a specific height, width and depth of H-shaped baffles subjected to a 

specific impact scenario. Further studies on more factors affecting the 

dynamic response of a baffle are recommended. 
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Appendix A 

 

A.1 Notations 

m0 Mass  E Elasticity modulus 

H0 Release height v Poisson ratio  

E0 Impact energy  t Thickness  

v0 Initial impact velocity   b Width  

σyd Dynamic yield stress  γf Flange width-thickness ratio 

σys Static yield stress γw Web height-thickness ratio 

C Dynamic strain rate parameter Fstable Stable impact force  

P Dynamic strain rate parameter Ef Internal energy of flange 

Fpeak Peak impact force Ew Internal energy of web 

Fplateau Plateau impact force Eb Dissipated energy 

T Duration of impact force λ Energy dissipated per unit area 

χ Constraint coefficient sb Cross-section area   

k Buckling coefficient   
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The response of exposed column base connections for L-shaped column is investigated through finite element analysis 

(FEA) in this paper which is affected by complex interactions among different components. Three finite element models 

are constructed to simulate the response of these connections under axial and cyclic horizontal loading, which interrogat e a 

range of variables including anchor rod strength, base plate size and thickness. The results of the simulations provide insig hts 

into internal stress distributions which have not been measured directly through experiments. The key findings indicate tha t 

thicker base plates tend to shift the stresses to the toe of the base plate, while thinner plates concentrate the stresses un der 

the column flange. Base on the analytical results, a hysteretic model is proposed to describe the cyclic moment -rotation 

response of exposed column base connections. The core parameters used to define the backbone curve of the hysteretic 

model are calibrated through configurational details. The comparison between the simulation and the calculated values 

indicates that the hysteretic model is suitable to characterize the key aspects of the physical response, including pinching, 

recentering and flag-shaped hysteresis phenomenon. Limitations of the model are outlined.  
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1.  Introduction 

 

Column bases are one of the most important components in a real building. 

Their rotational stiffness and moment resistance affect storey drifts, force distri-

butions and collapse resistance of the whole structure. It is of great importance 

to design the column bases with sufficient strength, stiffness, as well as energy 

dissipation capacity. It has been summarized that generally there are three types 

of column bases in engineering practices, including exposed column bases, em-

bedded column bases and concrete-encased column bases. The exposed type, 

advancing in fast and easy construction, consists of column, base plate, anchor 

rods and concrete foundation which bears loads through interactions among var-

ious components. The concrete-encased connection can be regarded as an en-

hanced version of the exposed one, as it is encased by an outer reinforced con-

crete part on the basis of the base-plate joints. It is not suitable for the large-scale 

columns with an additional part which could waste much available area. Alt-

hough the embedded column base inserted into the foundation could achieve 

higher strength and stiffness compared with the former two, it would increase 

construction difficulties once the size of the column becomes extremely large 

that requires very deep embedment. 

In recent studies, the concrete-filled special-shaped steel tubular columns 

(SCFT) have been widely used for its mechanical benefits, such as high strength, 

superior ductility and high energy-absorption capacity [1]. The width of mono-

column is always smaller than the thickness of the wall, allowing SCFST col-

umns to be embedded into the wall, which provides greater flexibility for archi-

tectural design. Three types of SCFST columns have been proposed. Chen et al. 

[2] proposed a kind of composite special-shaped column, including three cross 

sections: L-shaped, T-shaped and crisscross-shaped, which are fabricated with 

mono-rectangular columns and shear connectors. The connectors have devel-

oped from the early welded lacing bars [2] to single steel plates [3], and then 

double steel plates [4]. The second type is the multiple-cell special-shaped con-

crete-filled steel tubular columns, formed by the connection of multiple rectan-

gular steel tubes through vertical welds. The third one is concrete-filled special-

shaped steel tubular column. Compared with the other two types, the composite 

concrete filled steel tube mono-columns improve the confinement effect of the 

core concrete. In general, an L-shaped column (L-CFST) composed of three 

small-sized mono-columns and double steel plate connectors can meet universal 

demands for structures. It has been studied under axial, biaxial and cyclic loads 

in past 10 years through experiments and finite element model (FEM) analysis 

[2–8]. The seismic performance of such structural system constructed with 

SCFT columns and different lateral resistance members has also been investi-

gated [9-10]. Nevertheless, the number of theoretical works and experimental 

programs specifically devoted to investigating the seismic behaviors of the 

SCFT column base connections is limited and the knowledge of them is still far 

from a complete understanding. As mentioned earlier, the encased connection 

which could achieve the required strength and stiffness in most situations would 

meet construction difficulties caused by the large-scale section of the L-CFST 

column. The exposed connection, relatively simple for construction, which has 

excellent ductility and large deformation capacity shows good potential for ap-

plications in such case. Previous studies [11-22] mainly investigate the major 

axis bending conditions of the H-section or box section steel column bases, 

while none examines the response of L-CFST column bases. The strength char-

acterization methods presented in prior researches [17-18] are not applicable to 

such connections because of the inner anchor bolt layouts and special-shaped 

base plate. These different configurations alter internal stress distributions and 

affect the deformation form of the connection that could not be measured di-

rectly through experiments. Considering the fact that the seismic performance 

of exposed L-CFST column bases is influenced by many variables, such as the 

value of axial load, different loading history, embedment depth and layouts of 

anchor rods, base plate size and thickness, and experimental tests could consume 

much accurately interrogating all these parameters, finite element simulations 

are ideal methods for investigating the connection response. Motivated by these 

issues, this paper established three finite element (FE) models to observe the 

response of the L-CFST column base connections. The FE models are highly 

sophisticated, considering large deformation, complicated contact relations and 

multi-axial constitutive response of materials. Next section provides a brief 

overview of the exposed column base studies. Previous study [24] is used as the 

validation bed of the simulation. Based on the analytical results, a simplified 

method is proposed to calculate the flexural bearing capacity of the base joints. 

And then a hysteretic model describing the seismic response of the L-CFST ex-

posed connection is developed. Conclusions and limitations are outlined at last. 

 

2.  Background 

 

Numerous experimental and analytical works have been conducted on ex-

posed base connections to describe their strength, stiffness and failure modes. 

Unfortunately, the technical literatures devoted to investigating their cyclic re-

sponse are not as broad as for the beam-to-column joints. It can be explained 

that the complicated interactions increase the difficulties in establishing an ac-

curate and universal method to characterize the base connection response. Pre-

vious experimental studies [11-12] have sought to evaluate the influence of dif-

ferent parameters on their mechanical properties. These findings contributed to 

the development of the calculation methods in strength and stiffness. Subsequent 
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works [13-15] led to a refinement of these methods, but they were not conven-

ient to apply owing to the complicated iterative procedures. Then, new design 

methods, relying on simplified assumptions, were used in design. These methods 

assumed that the stress distribution under the base plate contained two catego-

ries, namely strain compatibility and strength independence. The calculation re-

sults based on these methods showed overall agreement with experimental data. 

However, such design methods are limited to be generalized considering the in-

determinacy of internal forces. To address these issues, Kanvinde et al. [18] ex-

amined the physical response and stress distributions of the exposed connections 

through finite element analysis. Based on the simulation results, the author pro-

vided modifications with regard to the plate thickness in strength calculation. 

And then, a hysteretic model characterizing the connection performance under 

seismic loading conditions in [21] was proposed. 

Looking in literature, prevalent researches [17-21] have devoted to extend-

ing the component method mainly applicable for H-section steel column bases. 

Thus, the derivations are not suitable for L-CFST column base design. Consid-

ering the difficulties in measuring them directly through experiments, the finite 

element simulation method discussed in the following sections is more appro-

priate to exam the internal force distributions and investigate the connection re-

sponse. 

 

3.  Finite element analysis (FEA) model 

 

As mentioned above, there are complicated interactions at the base plate 

joints. The model contains highly complex contact relations (between base 

plates and foundations; between base plates and washers; between nuts and 

washers; between anchor rods and various hole walls), adding the difficulties in 

simulating these surface properties. Three FEA models were established to study 

the seismic behaviors of the exposed L-CFST column bases, shown in Fig. 1. 

Detailed information of the models is listed in Table1. 

 

3.1. Elements, interactions, and boundary conditions 

 

The models are primarily formed by hexahedral(C3D8R) elements, except 

for the reinforcements using space truss elements. As the deformation mainly 

concentrates at the base plate joints, anchor bolts are modeled by solid elements 

to better observe their deformation capacities. 

 
Table 1  

Details of models 

Specimen 

Column Anchor bolt Base plate 

𝐵 × 𝐵 × 𝑡 

(𝑚𝑚 × 𝑚𝑚 × 𝑚𝑚) 

Diameter 

(mm) 

𝐵 × 𝐵 × 𝑡 

(𝑚𝑚 × 𝑚𝑚 × 𝑚𝑚) 

ZJ1 150 × 150 × 10 20 650 × 650 × 20 

ZJ2 150 × 150 × 10 20 850 × 850 × 40 

ZJ3 150 × 150 × 10 36 850 × 850 × 40 

 
The welded connections are simulated as “tie”, with the assumption that the 

welds are detailed enough to resist fracture. The anchor rods and nuts are mod-

eled as monolithic as well to reduce calculation burden, as indicated in [18]. For 

the interface between the base plate and foundation, contact is defined as sur-

face-to-surface property. The normal behavior is set as “hard contact” and the 

tangential behavior is simulated through the “Coulomb friction” model accord-

ing to CECS-230-2008 [23]. The anchor rods are embedded into the foundation 

considering their embedment depth is enough to resist adhesive damage. The 

bond relation between steel and concrete in L-CFST column is simulated using 

the contact element, as stated in [24].The bottom surface of the foundation is 

fixed. The column base is subjected to axial and cyclic lateral loads controlled 

by the drift ratio θ, defined as θ = Δ/H, where Δ is the horizontal displacement 

and H is the height from the loading point to the foundation surface. The drift 

ratio θ is taken as ± 0.003 rad, ± 0.006rad, ± 0.012 rad, ± 0.018 rad, ± 0.024 rad, 

and ± 0.03 rad, increasing gradually with two cycles until the drift ratio is more 

than 0.1 rad. 

 

 
Fig. 1 Overview view of the FEA m 

 

 
           (a) failure mode in [24]    (b) failure mode in this study 

Fig. 2 Failure mode of the L-CFST column in [24] and in this study respectively. 

 

3.2. Constitutive models for concrete and steel 

 

As stated in Reference [24], the constitutive model of the concrete is de-

scribed using the incremental theoretical elastic-plastic constitutive model. The 

steel components are modelled with trilinear curves, while the anchor bolts use 

the ideal elastoplastic model. 

 
3.3. Validation of the finite element models 

 

The experiments conducted previously in [24] are used as a validation test-

bed. Table 2 shows the key parameters used in these tests. Referring to Table 2, 

the experiments provide a rich matrix of column sizes enabling the validation 

against a comprehensive data set. The failure modes are similar, as shown in Fig. 

2, concentrated at the column feet. 

 
Table 2  

Details of specimens 

Specimen L(mm) B × B 

(mm × mm) 

D 

(mm) 

n 𝑡1 

(mm) 

𝑡2 

(mm) 

SJ1 1500 100 × 100 150 0.4 4 4 

SJ3 1500 150 × 150 150 0.4 4 4 

SJ4 1500 100 × 100 100 0.4 4 4 

 

L represents the length of the column. B is the width of the steel tube. D is the 

width of the steel plate. n is the axial compression ratio. 𝑡1 and 𝑡2 is the thick-

ness of the steel tube and steel plate respectively. 

The comparisons between the skeleton curves of the FEM analysis and the 

experiments are shown in Fig. 3. Small differences between the results of tests 

and simulations are observed. The errors possibly can be caused by some factors: 

1) the gap between the concrete and steel tubes in actual working conditions, 2) 

the damage of concrete is underestimated, 3) the heterogeneity of the materials 

and initial defects in specimens. Nevertheless, as the predictions generally match 

with the experiments well, it could be concluded that the FEA models are suita-

ble for further analysis.   
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      (a) Skeleton curves of SJ-1.                                           (b) Skeleton curves of SJ-3. 

 
(c) Skeleton curves of SJ-4. 

Fig. 3 Comparison between the skeleton curves of the FEM and test. 

 
4.  Analytical investigation 

 

Three FE models were constructed and analyzed. Referring to Table 1, var-

iables mainly include the base plate size and thickness, diameter of the anchor 

rods to investigate the influence of different parameters on seismic performance 

of the exposed base connections. 

 

4.1. Internal stress distributions 

 

The FE models provide an opportunity to examine internal stress distribu-

tions in the base connection. Fig. 4 illustrates the concrete stress distributions in 

the plane of the moment, assuming that stress within the width of the plate is 

invariant. It can be seen that the stress mainly concentrates on the flange of the 

column for ZJ1, while that shifts to the edge of the ribs for ZJ2 and ZJ3, caused 

by the differences in the plate thickness, as summarized in [18]. 

 

 

Fig. 4 Stress distribution under the base plate. 
 

 

     Fig. 5 Definition of the bottom section and loading directions. 

 
4.2. Failure modes and strength 

 

Previous experimental and analytical studies [11-22] have indicated that the 

exposed connections are prone to fail at the base plate joints, such as plastic 

elongation of anchor rods, yield of the base plate and spalling of concrete. Table 

3 shows the drift ratio θ for each failure mode. The definition of the bottom 

section is shown in Fig. 5, marking out the positive and negative loading direc-

tions. The damage began with the anchor bolts for all three models, indicating 

that the anchor bolts were weaker than the base plate, such that simply increas-

ing the size of the base plate did not significantly delay the initial yield phenom-

enon. The anchor bolts of ZJ2 and those of ZJ1 began to yield at the same degree 

of bending effect, while those of ZJ3 failed later owing to its larger diameter. 

Then the second-yield event occurred on the base plate. Table 3 shows that the 

thicker base plate has higher strength and provides more resistance after the 

anchor bolts yield. 
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Table 3  

Drift ratio of each fracture mode 

Specimen Anchor rods yield (rad) Base plate yield (rad) 

Positive 

direction 

Negative 

direction 

Positive 

direction 

Negative 

direction 

ZJ1 0.003 0.003 0.012 0.012 

ZJ2 0.003 0.003 0.018 0.018 

ZJ3 0.006 0.006 0.024 0.024 

 
As the deformation increased, concrete under the compression side crushed. 

It could not be observed directly through the simulation but was associated with 

the negative slope of the curve, indicating the reduction in stiffness and strength. 

The maximum lateral resistances shown in Fig. 6 were not equal in two direc-

tions because of the asymmetric bottom section. One was attributed to that the 

loading started from the positive direction and the anchor bolts had accumulated 

plastic deformation when the lateral load reversed. Another reason was caused 

by the differences of bearing capacities of the L-CFST column in two directions. 

 

 

Fig. 6  𝑃 − ∆ envelop relation of three models. 

 

 

        Fig. 7 M-θ envelop relation of three models. 

 

As mentioned above, the degradation in strength and stiffness is caused by 

two key events. The moments corresponding to these two events are denoted as 

My and Mmax which are shown in Fig. 7. Despite the limited ranges of param-

eters investigated in this simulation, it is stated that the base connections have 

higher strength with enhanced settings. 

 

4.3. Strength calculation 

 

The response of the L-CFST column base connections is the result of non-

linear interactions. Thus, previous approaches [15,18-19] relying on assumed 

stress distributions under the base plate cannot be applied for this type of con-

nection. The eight-rod configuration and special-shaped base plate increase the 

degree of static indeterminacy within the connection. The method presented in 

this section does not characterize the nonlinear interactions in an explicit way 

but rather devotes to providing a simplified method that can be applied in a 

practical setting conveniently. During the loading process, the bottom section 

was subjected to bidirectional bending effect caused by the eccentricity between 

the centroid of the column section and that of the base plate. The moment of the 

bottom section can be decided by Eq. (1), and Eq. (2): 

 

Mx=P×H+N×(y-y
0
)                                            (1) 

 

My=N×(x-x0)                                                 (2) 

 

Where P is the horizontal load along y-axis; N is the axial load at the top of 

the column; x, y are the displacement of the loading point along x-axis and y-

axis respectively; x0,y
0
 are the coordinates of the centroid of bottom section 

respectively. 

The calculated flexural strength of the column bases, as well as the simu-

lated results are shown in Fig. 8. The agreement between two values demon-

strates that the method provides sufficient accuracy, especially in the early load-

ing phase, and the maximum error is less than 10%. According to the regulations 

in [23] the anchor rods in compression side are not involved in the strength cal-

culation. As shown in Fig. 9, the strain compatibility method proposed in [28] 

is utilized.  

 

 

Fig. 8 Comparison between simulations and calculations 

 

 

     Fig. 9 Strength model for the bottom section. 

 

Following assumptions are used to predict the flexural strength. (1) Linear 

stain distribution for the bottom section, (2) The extreme strain of concrete in 

compression side attains 3000 με, (3) The extreme strain of anchor bolts in ten-

sion side is equal to 10000 με, (3) The tensile strength of concrete is neglected, 

(4) The constitutive model of anchor bolts follows the ideal elastic–plastic 

model, (5) The concrete compression stress-strain relation is defined referring 

to [27], as outlined in the following equations: 

 

σc= {
f
c

[
2ε

ε0
- (

ε

ε0
)

n

]  ,     ε<ε0

             f
c
          ,   ε0≤ε≤εcu

                                          (3) 

 

n=2-
1

60
(f

cu,k
-50)                                               (4) 

 

ε0=0.002+0.5(f
cu,k

-50)×10-5                 (5) 

 

εcu=0.003-0.5(f
cu,k

-50)×10-5                 (6) 

 
n≤2, if the calculation value is greater than 2, then n=2. 

Where σc is the compressive stress of concrete, f
c
 is the axial compres-

sive strength of concrete, ε0 is the compressive strain of concrete correspond-

ing to the compressive strength f
c
,  εcu is the extreme strain of concrete, f

cu,k
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is the concrete cubic compressive strength, n is a coefficient. 

Specific calculation procedures are shown in Fig. 10, as indicated in fol-

lowing steps: 

(1) Divide the bottom area into several small rectangular units in which the 

base plate is located. The coordinates of each small concrete unit and anchor 

bolts are defined as (xci,yci
) , (xsi,ysi

) respectively. 

(2) A neutral axis is preliminarily assumed, such that the strain of anchor 

bolts and each small rectangular unit can be decided according to Eq. (7): 

 
εi=εcu

di

dm
                                                      (7) 

 

Where di is the distance from the centroid of each unit to the neutral axis, 

dm is distance from the edge of the concrete unit in compression side to the 

neutral axis. 

(3) The stress can be obtained using previous stress-strain relation and fol-

lowing equilibrium equations are established: 

 

N≤ ∑ Aciσci
nc

i=1 + ∑ Asjσsj    
ns

j=1                                       (8) 

 

Mx≤ ∑ Aciσci(yci-y0
)

nc

i=1 + ∑ Asjσsj (y
sj
-y

0
)   

ns

j=1                           (9) 

 

My≤ ∑ Aciσci(xci-x0)
nc

i=1 + ∑ Asjσsj(xsj-x0)       
ns

j=1                         (10) 

 
Where Mx,My  are the moment in two directions respectively; nc  is the 

number of concrete units in compression side; ns is the number of anchor bolts 

in tension side; σci,Aci are the stress and area of the ith concrete unit respec-

tively; σsj,Asj are the stress and area of the ith anchor bolt respectively, (x0,y
0
) 

are the coordinates of the centroid of bottom surface. 

The calculated values are collected in Table 4. It indicates that, on average, 

the strength calculation method predicts the strength with accuracy, such that 

the average simulated-to-calculated ratio is 1.02. 

 

Table 4  

Comparison between simulations and calculations. 

Specimen 
𝑀𝐹𝐸𝐴(kN﹒m) 𝑀𝐶𝐴𝐿(kN﹒m) 𝑀𝐹𝐸𝐴/𝑀𝐶𝐴𝐿 

positive negative positive negative positive negative 

ZJ1 385 379 391 359 0.98 1.05 

ZJ2 656 613 712 564 0.92 1.08 

ZJ3 764 815 746 764 1.02 1.06 

Mean      1.02 

 
4.4. Hysteretic Model for Exposed Column Base Connections 

 

4.4.1. Physical response of the connection 

The connection response under cyclic loads is shown in Fig. 11. Each in-

cremental deformation process corresponds to a sudden change in the load-de-

formation curve. These insets describe half of a cycle and subsequent half-cycle 

is repeated along similar path. In initial loading stage in Fig. 11(a), the resistance 

mainly consists of stress in compression side under the plate and axial force at 

the top of the column, in which the anchor rods do not effect. As the deformation 

increases, the anchor bolts begin to bear loads. The plate is subjected to bending 

effect caused by the combination of the stress block under the base plate and 

tension in anchor rods. The end of this stage is signed by the yield of anchor 

bolts. After that, multiple components gradually yield, creating sudden changes 

in the load-deformation curves. The end of the second stage in Fig. 11(b) repre-

sents the yield of inner bolts and the failure of base plate is shown in Fig. 11(c) 

in the third end. With more and more components losing bearing capacities, a 

strength plateau appears at the end of the fourth stage in Fig. 11(d), illustrating 

the ultimate strength. The top of the base plate maintains contact with the bot-

tom of nuts in initial unloading stage, as illustrated in Fig. 11(e), while that 

gradually separates from the nuts because of the plastic deformation of anchor 

rods, accompanied by a nearly constant moment in Fig. 11(f). Then, the base 

plate continues to move freely until it contacts the concrete again in Fig. 11(g). 

 

 

Fig. 10 Flowchart illustrating the proposed method. 

 

 

            
(a)                              (b)                                 (c)                                    (d) 
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（e）                                 （f）                                 (g) 

Fig. 11 Connection response and associated  

load deformation curves. 

 

4.4.2. Parameters Defining the Backbone Curve 

The method presented in this section does not characterize the nonlinear 

interactions explicitly but rather provides a straightforward method that may be 

applied conveniently in a practical setting. Referring to Fig. 11, the applied mo-

ment may be resisted through the bearing stress block under the plate and ten-

sion forces in anchor rods. The failure started from the outer anchor rods to the 

inner rows. Each yield event corresponds to a change in the corresponding mo-

ment-rotation curves that are divided into several linear segments.  

For example, the backbone curves of ZJ1 in the positive loading direction 

consist of five branches. Referring to Fig. 12, the initial elastic Phase I is defined 

by two parameters including the resistance moment M1 and associated rotation 

θ1. The second branch describes the second-yield event appearing in the end of 

Phase Ⅱ. Two additional parameters define this branch, namely θ2 and M2. The 

end of the third branch decided by M3 and θ3 means that the yield of the third 

inner bolt. The strain of concrete in compression side attains 3000 με before the 

fourth anchor bolt yields at the end of Phase Ⅵ. In Phase Ⅴ, the backbone curve 

is described by a horizontal line representing ultimate strength plateau. The 

manner describing the backbone curve in the negative loading direction resem-

bles similar laws. Each yield event corresponds to a turning point in the curves 

defined by Mi and θi. 

 

 

Fig. 12 Parameters defining the backbone curve. 

 

Fig. 13 illustrates the vertical displacement of the base plate under cyclic 

loading. It can be seen that the part between the anchor bolts approximately 

satisfy the linear strain assumption. As the deformations of the rods are con-

strained by the base plate, the linear strain assumption can be extrapolated to 

the bottom section. Detailed process includes following steps: 

(1) Moment of the bottom section. 

First it could assume the outermost anchor bolt reached yield and its strain 

could be obtained using Eq. (11). The strain of other units is decided through 

the strain compatibility method shown in Fig. 10. In each step, one selected bolt 

is viewed to be yielding and the strain of concrete units should be proportional 

to that of the selected yield bolt. Equilibrium equations of the bottom section 

are outlined in Eq. (8), Eq. (9) and Eq. (10). The key parameter Mi of the back-

bone curve is equal to Mx in Eq. (8). 

 

εsy=
σy

Es
                                                      (11) 

 

 εsi=εsy

dsi

dy
                                                    (12) 

 

 εci=εsy

dci

dy
                                                    (13) 

 

Where εsy  , σy  are the yield strain and stress of the anchor bolt respec-

tively, Es is the elastic modulus of steel, εsi is the strain of the bolts in tension 

side except for the selected yield bolt, εci is the strain of each concrete unit in 

compression side, dsi is the distance from the centroid line of each anchor rod 

to the neutral axis,  dy is the distance from the centroid line of the selected yield 

bolt to the neutral axis, dci is the distance from the centroid of each concrete 

unit to the neutral axis.  

(2) Calculation of the rotation. 

The top drift consists of two parts, including the deformation of the L-CFST 

column and the base plate. The defined parameter θi is decided by following 

equations: 

 

∆bolt=
σylb

Es
                                                    (14) 

 

θbase=
∆bolt

(dt+dc)
                                                  (15) 

 

θcolumn=
MiH

3EIeff
                                                 (16) 

 

θi=θbase+θ
column

                                               (17) 

 
Where lb is the length of the anchor bolt, ∆bolt is the elongation of the 

anchor bolt, θbase is the rotation of the bottom section,  dt is the distance from 

the centroid line of the selected yield anchor bolt to the neutral axis, dc is the 

distance from the center line of the anchor rod in compression side to the neutral 

axis within the region that satisfies the linear strain assumption, θcolumn is the 

rotation caused by the deformation of the L-CFST column, EIeff is the flexural 

stiffness of the composite section according to [26]. 

The peak point of the backbone curve is defined by Mmax and θu based 

on the proposed strength model and Eq. (18): 

 
θu=μθy                                                      (18) 

 

Where μ is the ductility ratio obtained from simulations; θy is the yield 

rotation of the exposed connection.
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(a) under the positive loading condition                             (b) under the negative loading condition 

Fig. 13 Vertical displacement of the base plate along the edge. 

 

 

    

(a) M<My     (b) My<M<Mu (initial unloading process) 

    

(c) My<M<Mu                                                          (d) M>Mu 

Fig. 14 Proposed hysteretic model. 

 



Jing Su et al.  363 

 

4.4.3. Rules and Parameters Defining Hysteretic Response 

Fig. 14 illustrates the rules defining the hysteretic response of the exposed 

connections. Fig. 14(a) shows the initial phase before the yield point. Marker 1 

represents the end of Phase I in which the outermost anchor bolt begins to yield. 

Marker 2 reflects the second-yield event of the inner anchor bolt at the end of 

phase Ⅱ. The yield moment of the connection under the positive loading condi-

tions is defined as Marker 3 at the end of Phase Ⅲ. Unlike the traditional ex-

posed type, connections in this study have inner bolts, such that single yield 

event cannot represent the yield of the whole. After the former three stages, there 

is a significant decline in stiffness of the connection. Thus, it is reasonable to 

regard Marker 3 as the yield point in the positive loading direction. In the same 

way, Marker 10 in the negative loading condition is defined as the yield point 

when the fourth anchor bolt begins to yield. 

Observing the curves in Fig. 14, the unloading process can be divided into 

four stages. Stage 1 is the initial elastic unloading process. Stiffness of the first 

stage, namely Ke , is equal to the average of phases that the yield point has not 

occurred. The rotation θe
'
  in this stage is decided by following equations: 

 

KI=
M1

θ1
                                                      (19) 

 

KⅡ=
M2-M1

θ2-θ1
                                                    (20) 

 

KⅢ=
M3-M2

θ3-θ2
                                                   (21) 

 

Ke=1/3((KI+KⅡ+KⅢ)                                          (22) 

 

θplateau=
Mplateau

KI
                                                (23) 

 

θe
'
=θ1-θplateau                                                 (24) 

 

Where 𝐾𝐼 is the initial stiffness of Phase I; KⅡ is the secant stiffness of 

Phase Ⅱ; KⅢ is the secant stiffness of Phase Ⅲ, Ke is the elastic unloading 

stiffness of Stage 1; θplateau is the rotation corresponds to the intermediate plat-

eau; Mplateau is the moment discussed earlier when the anchor bolt has not de-

veloped tension force; θe
'
  is the recoverable rotation in the first unloading 

stage. 

Marker 4 is the end point of this stage decided by Ke and θe
'
. Referring to 

previous discussions, the pinching phenomenon is caused by cumulated plastic 

deformation in anchor rods, reflected in Stage 2. The unloading path terminates 

at Marker 5 containing two parameters Mplateau and Kp: 

 

Mplateau=N×e                                                 (25) 

 

Kp=
(Mi-Mplateau)

(θi-θplateau)
                                                (26) 

 

Where e is the distance from the axial force to the resultant stress line in 

compression side; Kp is the unloading stiffness of the second unloading stage. 

From the simulations with regard to stress distributions under the base 

plate, the definition of e in Eq. (25) is shown in Fig. 15. Owing to the special 

shape of the base plate, the stress profiles in two directions are different, which 

are closer to rectangular in the positive direction and triangular in the negative 

direction. The width of the stress block is equal to the distance from the outer-

most anchor bolt to the edge of the base plate in the positive loading direction, 

while that of the negative direction is equal to the distance from the edge of the 

L-CFST column to the edge of the base plate. 

After Maker 5, the moment maintains a constant value called Mplateau 

which corresponds to the free motion of the base plate caused by the separation 

between the base plate and nuts. The moment in this stage is resisted by the 

combined effects of the stress block under the base plate and the applied axial 

load. Marker 6 is the end of this stage. In the fourth unloading stage, the path 

retraces previous loading path. Further loading and unloading path in the nega-

tive direction follows the similar laws described previously from Marker 7 to 

Marker 13. 

Fig. 14(b) shows one full scale of loading and unloading process when the 

moment first reaches the yield point. Subsequent reloading process in the posi-

tive direction follows previous unloading path from Marker 6 to Marker 3 and 

continues along the backbone curve as illustrated in Fig. 14(c). With reference 

to Fig. 14(d), the model maintains the maximum moment after the connection 

reaches the limit state with the assumption of no deterioration phenomenon 

existing within the loading and unloading process. 

 

    

        (a) in the positive loading condition                     (b) in the negative loading condition 

Fig. 15 Illustration of stress distributions used for calculation as Eq. (25). 
 

4.4.4. Discussion of the results 

Fig. 16 shows the comparison between simulations and calculations using 

the proposed hysteretic model. It can be seen that the overall response of the 

connection is well simulated, such that the model may be suitable to characterize 

the base connection response for which experimental data is not available. The 

core parameters are determined independently according to configurational de-

tails, such that the model is convenient to be generalized into different connec-

tion details.  

However, there are several inaccurate aspects in the proposed model. First, 

the simplified hysteretic model does not consider the deterioration from cycle 

to cycle, such as the strength decline, stiffness degradation and the intermediate 

plateau decrease, which may be caused by concrete spalling, base plate yield or 

other damage phenomenon. Second, the unloading path cannot agree well with 

the simulated results accurately, mainly associated with the methods that are 

used to determine the parameters of the hysteretic model. Third, the ultimate 

strength is underestimated, which may be explained by the underestimation of 

the compressive strength of concrete.
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(a) comparison of Model 1                                 (b) comparison of Model 2 

 
(c) comparison of Model 3 

Fig. 16 Comparison between simulations and calculations. 
 

5.  Summary and Conclusions 

 

The exposed column base connections, investigated in this paper is differ-

ent from the traditional one owing to its special-shaped base plate and the eight-

rod anchor bolt layouts, improving the difficulties in describing the mechanic 

properties of this connection. Current design methods in [23] are mainly appli-

cable to steel column bases. Thus, they are limited to be used in the calculation 

of L-CFST column base connections. Moreover, these methods are verified only 

on the basis of overall agreement with test data, while stress distributions and 

behavioral modes affected by many parameters have not been examined. In ad-

ditional, there is no explicit design method for such connections in practical 

settings. To address these issues, the paper established three FE models to sim-

ulate the seismic behaviors of the exposed L-CFST column base connections 

which were verified against previous study [24]. The paper aims to use the sim-

ulated results of these connections to investigate the force distributions within 

the connection and develop an appropriate model for describing their seismic 

performance. The key finding is that the stress distribution is related to the thick-

ness of the base plate, not simply using the rectangular block in previous as-

sumptions, which can be attributed to the differences in their stiffness. Regard-

less of the limited parameters investigated in this study, it can be found that the 

flexural resistance for these connections is improved with enhanced settings.  

In this paper, the column base, subjected to cyclic lateral loads, moves in 

both directions during loading process which leads to a biaxial bending effect 

on the base plate. Based on the analytical results, a strength calculation method 

was proposed. The model assumed that the strain distribution under the plate 

was linear combining features of the “plastic stress distribution method” utilized 

in [28]. Compared with the simulations, the method could provide reasonable 

predictions for flexural strength of the connection. And then, the method was 

extrapolated to define the backbone curve of the hysteretic model, formed by 

several linear segments. The core parameters that have the most dominant effect 

on the hysteretic response can be obtained directly from configurational details, 

even if no experiment data is available for calibration.  

Although the paper has proposed some specific suggestions for the connec-

tion design and its inelastic response, it is important to realize the limitations of 

this study. First, the FE simulation is still fairly limited in terms of the number 

of parameters studied. Thus, the derivations may not be reliable to connections 

that are significantly dissimilar to the models in this study. Second, the flexural 

evaluating method developed in this paper has several limitations that must be 

considered in its application. For example, the strain distribution assumed to be 

linear under the base plate is a lack of experimental validation. The current hys-

teretic model has several limitations, such as its inaccuracy to capture the un-

loading branch; its inability to incorporate the degradation phenomenon and its 

ignorance of the discontinuity of the intermediate plateau. Third, the column 

base models are subjected to a non-proportional loading history, such that the 

lateral force increases with constant axial load. It cannot represent the seismic 

loading scenarios. Current hysteretic model represents an appropriate balance 

between simplicity and accuracy that can be modified by incorporating more 

parameters. However, it would increase the complexity of the model and limit 

its generalization. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper proposes a new design method for concrete-filled tubular buckling-restrained braces (CFT-BRBs) by i

ncorporating the confinement effect on pre-buckling rigidity. A series of experiments are performed to investigate

 the effects of concrete strength and sectional dimension on the initial stiffness, ultimate strength, and energy di

ssipation behaviors. Experimental results indicate that the confined concrete plays an important role in the energ

y dissipating capacity of CFT-BRBs. On the other hand, the sectional dimensions of the steel tube and core are 

influential factors governing the ultimate failure modes of CFT-BRBs. The findings in study provide technical su

pports to optimize the design methods for ductile seismic performance of CFT-BRBs in low-rise and high-rise st

eel buildings. 
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1.  Introduction 

 

Buckling Restrained Braces (BRBs) as structural control dampers with 

stable performance and good energy dissipation effect, have been widely used 

in building engineering practice across the world. The earliest idea on BRBs can 

be traced back to the 1960s in the case of steel braces enclosed by the reinforced 

concrete shear wall [1, 2, 3]. Afterwards, the prototypical BRBs were developed 

by the Tokyo Tech and Nippon Steel in 1988 [4-9]. The initial design for a BRB 

typically includes a core steel element and an external restraining system. The 

core steel element, which is the energy-dissipating element, generally consists 

of a thin-plate section, cross-section, or H-section. The external restraining 

component such as hollow or concrete-filled steel tubes, restrains the inner core 

from losing its overall stability to ensure its strength capacity. Between the core 

steel member and the external restraining system, an un-bonded material is set 

so that the core steel and external restraining system can be fully isolated and 

maintain a certain gap. This treatment not only provides deformation space for 

the expansion of the core section caused by the Poisson effect, also eliminates 

the adverse effects caused by friction. 

In recent years, several scholars around the world have carried out in-depth 

and comprehensive research on buckling restrained braces from the aspects of 

structure configurations, material properties, engineering applications, and 

mechanical properties. In terms of structural configuration, Zhu et al. [10] 

developed a core-separated BRB, called corrugated-web connected buckling-

restrained brace (CWC-BRB), which has much larger flexural stiffness and 

load-carrying capacity compared to ordinary single-cored steel BRBs [10, 11]. 

Wang et al. [12] proposed a brace with partial buckling restraint, called the 

partially buckling-restrained brace (PBRB), which is designed for quick damage 

evaluation of BRBs after earthquake without disassembling the restraining 

members. Xie et al. [13] proposed a sandwiched BRB that eliminated the use of 

unbonded materials, where the core plate could be replaced independently of 

the restraining members after a large earthquake. Tsai et al. [14] proposed 

double-tube BRBs that adopt double tee to gusset plate connections, which can 

reduce the length of the connection. From the point of view of material 

properties, Hu et al. [15] reviewed the SMA-alloy buckling-restrained braces 

due to the advantages of aluminum and its alloys that include being lightweight, 

corrosion resistance and economic and environmental benefits. Wang et al. [16] 

studied the effects of different un-bonded materials on the mechanical properties 

of buckling restrained braces. The application and seismic response of BRBs in 

structures or frames are also investigated using experimental examinations or 

numerical simulations by many researchers [17, 18, 19].  

From the mechanical properties of braces, suitable buckling restrained 

braces must satisfy the following conditions [20]:  
• They should have a good hysteretic curve to ensure that braces do not 

suffer from overall instability under tension and compression cyclic loads, and 

the restrained element must have sufficient flexural stiffness and strength. Many 

researchers have conducted in-depth studies about the overall instability of 

BRBs and proposed many formulas for design purposes [21, 22, 23].  

• The steel core element should not suffer from local instability under the 

designed axial force and deformation. [20, 24-32].  

• The connection joints should have sufficient stiffness to ensure that the 

braces do not suffer from overall instability under the designed axial force and 

deformation [33].  

However, in the previous studies on the mechanical properties of braces, 

restraining effects of filled concrete on core steel are neglected or given an 

approximate reduction factor, without considering the influence of the strength 

and stiffness of concrete on the overall stability. Compared to the all-steel 

buckling restrained braces, the concrete pairs in the filled buckling restrained 

braces are different from those in the all-steel buckling restrained braces. The 

energy dissipation capacity plays an important role in the hysteretic behavior of 

buckling restrained braces. The question of how to reasonably consider the 

effect of concrete on the mechanical properties of buckling restrained braces to 

reduce the size of restrained members with economical and reasonable filled 

buckling restrained braces provides invaluable theoretical and engineering 

values. For those purposes, several groups of specimens are designed to study 

the influence of concrete strength and section dimensions on the mechanical 

performance of BRB.  
  
2.  Evaluation of failure criteria of concrete-filled tubular BRBs 

 

2.1. Overall buckling of CFT-BRBs 

 
  The mechanism of BRB's overall stability is shown in Fig. 1. The core plate 

generally loses its overall stability before yielding when the restraint member 

cannot provide sufficient stiffness. It is assumed that the tangential friction 

between the core plate and concrete is zero, the tube and concrete are 

tangentially non-slippery, the length of the core material and restraint tube is 

equal, and the restraint tube has no initial defects. The initial defect of core steel 

thus is: 

 

0 2 sin
x

v g
l

 
=    

 
                                (1) 

 

where v0 is the initial imperfection, g is the lateral gap between the steel core 

and outer tube, l is the buckling length of the outer tube, and x is the distance 

from the specified brace cross-section to the end, respectively. In Eq. (1), the 

shape of the first-order buckling mode is adopted for the imperfection 

mailto:bai.yongtao@cqu.edu.cn


Yan-Chao Yue et al.  367 

 

deformation, which is correlated with the numerical results of the finite element 

analysis. It is usually reasonable to define the gap width as twice that of the 

imperfection amplitude so that the moment and deformation of “one point 

contact” between the steel core material and concrete infill can be regarded as 

the initial imperfection.   

According to the static equilibrium method, as shown in Fig. 2, the bending 

moment equilibrium based on the position of the neutral axis of the core section 

is given in Eq. (2). The inertia moment of the core plate to the neutral axis is 

extremely small, and the tangent modulus of the steel after yielding is generally 

only 1% to 2% of the elastic modulus. Therefore, to simplify the model, the 

bending stiffness of the core plate is ignored. 

 
2

02
( ) 0max

d v
EI v v P

dx
+ + =                            (2) 

 

b b c cEI E I E I= +                                   (3) 
 
where Pmax is the ultimate axial force of core plate；v is the transverse deflection 

deformation of steel tubes; E is the elasticity modulus；I is the inertial moment；
Eb、Ib are the elasticity modulus and inertial moment of steel tubes, respectively；

Ec、Ic—elasticity modulus and inertial moment of filled concrete and α is 

stiffness reduction factor of concrete. For simplicity, by assigning k2 =Pmax/EI 

Eq. (2) can be written as： 
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0''v k v k v+ = −                                 (4) 

 
The general solution of Eq. (4) can be stated as:   

 

1 2v C sinkx C coskx= +                               (5) 

 
Assuming the special solution is:  
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=                                   (6) 

   

Substitute Eq. (1) into Eq. (4), we get: 
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Substitute the formula (
2

2E

EI
P

l


= ) into Eq. (7), then we can get Eq. (8): 
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From the above equation, we can obtain 𝐶3 =

2𝑔
𝑃𝐸

𝑃𝑚𝑎𝑥
−1

, so the general solution of 

Eq. (2) is:  
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Considering the boundary conditions:  (0) =0,  (l)=0, we can get 

C1sinkx=0,C2=0. Since Pmax<PE，so sinkl≠0, C1=0. Eq. (9) can be written as: 
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The mid-span bending moment of the BRB is: 
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where Mc is the mid-span bending moment of BRB components. The maximum 

stress at the edge of the mid-span section of the steel tube is： 
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where H is the height of steel tube.  

Since the first-order Euler force is 𝑃𝐸 =
𝐸𝐼𝜋2

𝑙2
 , Eq. (12) can be written as: 
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where fy is the yield strength of steel tube; Pyp is the yield axial force of core 

plate； is the strain hardening coefficient； 

 

 

Fig. 1 Schematic diagram of overall stability mechanism of buckling restrained braces 

 

 

Fig. 2 Schematic diagram of the static equilibrium method 

 

2.2. Local buckling of CFT-BRBs 

 
By satisfying the formula about the constraint ratio limit of tube stiffness, 

the overall instability of CFT-BRBs can be avoided theoretically. However, this 

cannot prevent the local buckling of the steel core.  

Takeuchi et al. [20, 24, 34] concluded that when the restraint tube can 

provide sufficient stiffness, the steel core change from first-order buckling to 

higher-order buckling until the core plate yields. At this moment, the 

wavenumber does not change and the wavelength decreases. Based on these 

assumptions, the formula of half-wavelength buckling and the magnitude of 

local extrusion force is given, and then the local bearing capacity of the 

restrained member is checked.  

Assuming that the wavenumber of the core plate remains unchanged after 

yielding, with the increase of axial deformation following phenomenon occurs:  

• The axial load will be further strengthened due to strain strengthening 

• The wavelength of buckling will be further shortened, and  

• The local extrusion force will be further increased.  

Therefore, for the energy dissipation of the BRB, the ultimate load should be 

considered as the most disadvantageous condition to check the local bearing 

capacity. 

In Fig. 3 (a), when the core yields, the wavenumber does not increase 

anymore.  Based on the theoretical hypothesis of Takeuchi et al. [20, 24, 34], 

the inner core segment between adjacent contact points, as shown in Fig. 3 (b), 

can be regarded as a stress formula conforming to the eigenvalue buckling. Here, 

the length of the inner core segment between adjacent contact points is defined 

as the buckling half-wavelength. According to the static equilibrium relation of 

Fig. 3 (b), the thrust is solved by combining Eqs. (15) and (16): 
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b
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=                            (15) 

 

where vp , tp and max are the plastic Poisson’s ratio vp =0.5, the thickness of the 

core plate, and the maximum tensile strain of the core plate, respectively. Lw is 

the total wavelength which can be predicted as follows (28, 29, 33): 
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E
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f
=                                (16) 

 

where Etp is the tangent modulus of the core plate, and fyp is yield stress of the 

core plate. 

Eq. (15) gives the local bearing demand of restrained members under the 

ultimate load. To solve the local resistance of constrained members, a simplified 

model of local resistance of constrained members should be established first as 

seen in Fig. 4, the plastic hinge design theory is adopted here.  

When the thrust of the steel core plate to sleeve exceeds a certain value, the 

concrete will be fractured along the oblique section and lose its shear resistance. 

The load will spread to the inner surface of the steel tube. When the local bearing 

capacity of the steel tube is insufficient, plastic hinges will appear at the 

boundary of uniform load and the support seat, which is the four-hinged yield 

mechanism (as shown in Fig. 4 (a)). On the other hand, as for large width of the 

steel core plate, the steel tube is subjected to uniformly distributed loads creating 

plastic hinges in the middle of span and support hence forming a three-hinged 

yield mechanism (Fig. 4(b)). Kishiki [35] and Junxian Zhao et. al [36, 37] 

pointed out that the failure criterion of resistance should be the edge yield of 

restrained members. However, the failure criterion of local resistance of 

buckling restrained braces is different from the edge yield criterion of global 

instability.  

CFT-BRBs can continue to work until irreversible plastic deformation 

occurs on the sleeve surface. Therefore, the failure criterion of the sleeve plastic 

hinge forming mechanism is proposed in this paper.  

In Fig. 4(a), according to the plastic hinge theory, the ultimate lateral 

resistance of the steel tube can be given as follows: 
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where FR’ is the lateral force resistance of tube; tc is the concrete thickness 

between core and tube; a is the transfer coefficient of the oblique section, here 

a=1; where: Mp is lateral ultimate moment of steel tube; B is the width of steel 

tube; q is the uniformly distributed load, and t is the thickness of steel tube.  

From Eqs. (17), (18), and (19), FR’ can be solved as: 
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When B ≤ Bc+2tc, the failure mode of steel tubes becomes the yield mechanism 

with three hinges, as in Fig. 4 (b), then: 
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Combining Eqs. (21), (22), and (23), FR’ can be obtained as follows: 

 
2' 3R yF t f                                  (24) 

 

Once FR’<Pb, the out-of-plane local buckling failure will arise. For a zigzag 

steel core plate, buckling is more likely to occur in the direction of the weak 

axis. Note that buckling in the direction of the strong axis is not covered the 

scope of this section.

 

 

 
(a)   (b) 

Fig. 3 Schematic diagram of buckling deformation and stress mechanism of core plate 

 

  

(a) (b) 

Fig. 4 The local buckling mechanism of BRB (a)with four hinges (b)with three hinges 
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Fig. 5 Cross-section of specimens 

 

 

Fig. 6 The side view and top view of specimens 

 

3.  Test program 

 

3.1. Test specimen 

 
Eleven specimens with different dimensions and concrete strengths were 

designed for the test. All the core steel used is of an I-shape steel plate and 

wrapped with non-bonding material. It is composed of a yielding segment and 

steel core projections with ribs. The sleeve is made of a rectangular steel tube. 

The concrete material is filled between the core steel and the sleeve. The cross-

section of the specimens is shown in Fig. 5. The side view and top view are 

shown in Fig. 6. 

In this test, two core sections are examined. These core sections are 80 mm 

x 16 mm and 50 mm x 16 mm, respectively with two strength grades of Q235B 

and Q345B. The length of the core is 1400 mm. A section steel pipe is used for 

the tube to eliminate the effect of welding on sleeve performance. The length, 

width, height of the tube are 1500 mm, 120 mm, and 60 mm,  respectively, and 

the strength grade is Q235, with the only difference in its thickness. The 

concrete grades filled between the steel core and tube are H20, H40, and H60, 

respectively. The thickness of the un-bonded material is 1.5 mm. The eleven 

specimens are named as 80×16-2.75-H40-235, where 80×16 is the cross-section 

of the steel core, 2.75 is the thickness of steel tube, H40 denotes the concrete 

strength grade and 235 represents the strength grade of the steel core.  

The material properties of the steel used in the test are shown in table 1. 

Similarly, table 2 shows the material parameters of concrete. All material 

parameters in table 1 and table2 are the arithmetic mean of measured values of 

several test pieces. 

 
Table 1  

The material properties of the steel tube 

Material  
Thickness 

t(mm) 

Yield  

strength    

(MPa) 

Ultimate 

strength 

(MPa) 

elasticity 

modulus 

(MPa) 

Ductility 

ratio 

(%) 

Yielding 

strain 

(%) 

Q345B 16 396.06 524.89 191386.30 36.28 0.1988 

Q235B 16 260.91 417.04 230811.40 24.44 0.1356 

 
Table 2  

The material properties of filled concrete 
Filled concrete Flexural strength（Mpa） Compressive strength

（Mpa） 

H20 6.85 32.34 

H40 12.74 57.70 

H60 14.80 71.00 

 

 

(a) Schematic diagram of BRB installation (b) Front view and side view of connectors 

Fig. 7 Installation of BRB specimen 

 
3.2. Loading program and measurements 

 

According to the seismic provisions about the quasi-static test in Chinese 

code (JGJ/T 101-2015), horizontal low cyclical loading was applied to the top 

side of specimens after a constant vertical load was applied. The level of the 

vertical load was determined as specified in GB 50011 (2010).  
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The data recorded in the experiment is the axial displacements of the 

specimens and the output forces of the actuator. The type of strain gauge used 

is the BX120-5AA metal strain gauge, and the type of displacement meter used 

is YHD100 displacement meter. The data of strain gauge and displacement 

meter are collected by a dynamic and static testing system. 

To accurately obtain the axial displacement of the specimen, two pull-line 

displacement meters are arranged symmetrically at the connection plates and 

the energy dissipation section of the specimen to eliminate the influence of the 

bending deformation. The final displacement is averaged by the data of the 

symmetrical displacement gauges. Since the displacement gauge arranged at the 

connection plate is fixed at the specimen, it can be considered that the measured 

displacement does not contain the errors of bolt slip, rigid displacement, and 

elastic deformation of the fixed support. The positions of six displacement 

gauges are shown in Fig. 8.  

The specimens were vertically mounted on the Material Test System (MTS) 

in the Civil Structure Laboratory of Shanghai Normal University. A hydraulic 

actuator, with a loading capacity of 1500kN and a displacement capacity of 100 

mm, was used for the displacement-controlled cyclic loading. Loading is 

divided into two steps, the first step is preloading which is used to check the 

reliability of all the test devices, and the second step is formal loading with a 

loading speed of 0.1 mm/s.  

The appendix of Recommended Provisions for Buckling-Restrained 

Braced Frames compiled by SEAOC (Structural Engineers Association Of 

California) and AISC(American Institute of Steel Construction) in the United 

States gives a detailed description of the repeated loading requirements in 

support tests.  

American seismic code AISC (2010) gives a detailed description of the 

performance test method of BRBs. Based on the test methods in AISC [38] and 

Zhao [33]. The loading pattern in this experiment is as follows:  

All the specimens are loaded with the same quasi-static loading pattern 

which was divided into three stages as shown in Fig. 9.  

• The nominal strain amplitude ε is the axial deformation of the specimen 

divided by the whole length of the specimen which is 1580 mm.  

• The first stage of loading pattern was a series of variable strain amplitude 

(VSA) loadings with stepwise strain amplitudes Δε (1/1000, 1/500, 1/300, 1/200, 

every strain amplitude was loaded by three cycles).  

• In the second stage, the constant strain amplitude (CSA) loading with a 

strain amplitude of 1/150 was applied by 30 cycles. 

• If the specimens were not damaged after the second stage, in the last stage, 

a series of VSA loading with strain amplitudes Δε (1/100, 1/75, l/60, 1/50, 1/40, 

1/35, 1/30, 1/25, every strain amplitude was loaded by three cycles) until the 

failure of the specimens. 

The loading procedures terminated when one of the following conditions 

occurs:  

• The specimen is fractured  

• The out-of-plane displacement of the specimen is too large (displacement 

recorded by displacement meters D2 and D3 is greater than 50 mm)  

• The bearing capacity of the specimen decreases to 85% of the maximum 

bearing capacity during the third cyclic loading of the last stage deformation. 

 

 

Fig. 8 Arrangement of displacement gages 

 

 

Fig. 9 The loading protocols of the test 

 

4.  Test results 

 

4.1. Hysteretic curves 

 

Hysteresis curves of the eleven specimens, which can be divided into two 

groups，are shown in Fig. 10. Figs. 10 (a), (b), (c), (h), and (i) show that 

hysteresis curves are full during the early loading, and then the slope of the 

curves abruptly change and the bearing capacity suddenly decreases, indicating 

that overall buckling has occurred. The hysteresis curves of the other specimens 

show that the specimens have local buckling during loading, and the bearing 

capacity and energy consumption capacity of the specimens have decreased. 

Among them, Figs. 10 (j) and (k) can not accurately describe the hysteretic 

performance of the specimens but can reflect the local buckling of the 

specimens during the loading process. 

 

4.2. Skeleton curves 

 
Skeleton curve refers to the envelope formed by the connection of the peak 

points of force and displacement in each cycle. That is, the line connecting the 

corresponding points of the maximum tension and compression displacement 

of each cycle on the hysteresis curve. The skeleton curves of the specimens are 

shown in Fig. 11. 

Fig. 11 (a1) shows the skeleton curves of CFT-BRBs with different tube 

thicknesses. It can be seen that the change of tube thickness has no significant 

effect on the initial stiffness of BRB when other parameters remain unchanged. 

When the loading displacement continues to increase, the differences become 

larger. It is shown in Fig. 11 (a1) that when the displacement is 10 mm, both 

specimens reach the ultimate load, but the specimen with thicker tube exits later. 

This indicates that the bearing capacity of the two specimens has not reached 

the maximum, and is limited by the early failure of the restrained members. The 

stiffness of the curves in Fig. 11 (a2) changes suddenly at about 200 KN because 

the local buckling of the restrained members occurs at this point.  

The limit values of specimens with thinner tubes in Figs. 11 (a2), 11 (a3) 

and (a4) are slightly smaller than those with thicker tubes. This is because the 

thinner tube leads to the weak restraint capacity of the restrained members and 

failures in advance. It shows that the tubular thickness does not change the initial 

stiffness of the specimen, but affects the post-yield stiffness and load-carrying 

capacity of the specimen. The stiffness degradation rates and load-carrying 

capacity degradation rates of specimens with thinner tubes will be faster. 

Fig. 11(b) shows the skeleton curves of BRB with different widths of steel 

cores. It can be seen from Fig.11(b) that under the same restraint conditions, 

specimens with large core section buckle and fail earlier than the specimen with 

a smaller core section. The specimen with smaller core sections are more likely 

to suffer local buckling failure and have a larger stiffness degradation rate.  

Fig. 11(c) shows the skeleton curves of CFT-BRBs with different strength 

of steel core. It can be seen from Fig.1(c) that the stiffness and ultimate load of 

specimens with smaller core strength are smaller than those with larger core 

strength. Fig. 11 (d) presents the effect of concrete strength on the hysteretic 

behavior of BRB. The slopes of the two skeleton curves are basically the same, 

but the ultimate bearing capacity of 80×16-2.2-H60-235 is greater. Further 

combining with the test phenomenon, it is shown that the strength of the 

concrete affects the ultimate bearing capacity of the BRB, but does not affect its 

stiffness and failure mode. 
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(i) (j) 

 
(k) 

Fig. 10 Hysteretic curves of specimens 

 

a1 a2  

a3 a4  

(a) Skeleton evenlop curves with various tubular thicknesses 
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(b) Skeleton curves with various sectional dimensions 

 

(c) Influences of steel core        (d) Influences of concrete infill 

Fig. 11 Comparisons on skeleton curves with various parameters 

 

 

4.3. Failure modes  

 
Based on experimental results, failure modes of the BRB specimens could 

be divided into three categories, A1, A2, and B. The three failure modes are 

shown in Fig. 12. The failure mode Type A can be identified as the overall 

buckling of the specimen. The overall buckling failure type can be divided into 

two cases: A1 and A2. The first case A1 is the overall buckling without the 

appearance of local buckling. During the test, the specimen yield first and then 

the overall buckling happens when the compressive strains were continuously 

applied. The failure of specimens 80×16-2.75-H40-235, 80×16-2.2-H40-235, 

and 80×16-2.2-H60-235 can be classified as type A1.  

The other case A2 is the overall buckling initiated by local buckling. During 

the test, the specimen yield first and then the local buckling happens when the 

compressive strains were continuously applied, finally the compression force 

dropped significantly and the overall buckling occurs. The failure of specimens 

80×16-4.5-H40-345, 80×16-7.5-H40-345 can be classified as type A2.  

In contrast, Type B can be identified as the local buckling of the specimen 

when the tube is spalling and ruptured and concrete is crushed, without the 

occurrence of overall buckling during the test. The failure of specimens 50×16-

2.75-H60-235, 50×16-2.75-H40-235, 50×16-2.2-H40-235, 50×16-2.2-H60-235, 

50×16-2.2-H20-235, 50×16-2.75-H40-345, and 50×16-4.5-H40-345 can be 

classified as type B. Table 3 shows the yield deformation of the core plates and 

the displacement of the specimens when buckling occurred.

 

a  b  c  d  e  f  

Fig. 12 (a) failure type A2 (80×16-4.5-H40-345, overall buckling initiated by local buckling) 

(b) failure type A1 (80×16-2.75-H40-235, overall buckling) 

(c) failure type B (50×16-2.75-H40-345, local buckling in mid-span) 

(d) Concrete crushing. (specimen 80×16-2.75-H40-235, overall buckling) 

(e) Concrete crushing. (specimen 50×16-2.75-H40-345, local buckling) 

(f) high mode buckling of steel core. (specimen 50×16-2.75-H60-235, local buckling) 
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Table 3  

Testing results 

Specimen name Behavior during the test Failure mode 

80×16-2.75-H40-235 The specimen yielded when the displacement was 21.07mm, and overall buckling happened at a displacement of 31.6mm. A1 

80×16-2.2-H40-235 The specimen yielded when the displacement was 21.07mm, and overall buckling happened when the displacement was 31.6mm. A1 

80×16-2.2-H60-235 The specimen yielded when the displacement was 21.07mm, and overall buckling happened when the displacement was 39.5mm. A1 

50×16-2.75-H60-235 
There were some noises heard when the displacement was 10.53mm, and the specimen broke at the weld of the joint when the 

displacement was 15.8mm. 
B 

50×16-2.2-H40-235 
There were some noises when the displacement was 10.53mm, and local buckling happened at the weld of the joint when the 

displacement was 15.8mm. 
B 

50×16-2.2-H60-235 
The specimen yielded when the displacement was 21.07mm, and local buckling happened in the mid-span when the displacement was 

26.33mm. Overall buckling happened when the displacement was 39.5mm 
B 

50×16-2.2-H20-235 
The specimen yielded when the displacement was 21.07mm, and local buckling happened in the upper part when the displacement 

was 26.33mm. The tube was spalling and ruptured in the upper part at a displacement of 39.5mm. 
B 

50×16-2.75-H40-345 
The specimen yielded when the displacement was 21.07mm, and local buckling happened in the lower part when the displacement 

was 26.33mm. The compressive force suddenly reduced to 221.5kN. The concrete in the lower part was crushed and fractured. 
B  

80×16-4.5-H40-345 
The specimen yielded when the displacement was 15.8mm, and local buckling happened in the lower part when the displacement was 

21.07mm. The tube was spalling and ruptured in the upper part when the displacement was 31.6mm. 
A2 

50×16-4.5-H40-345 

The specimen yielded when the displacement was 21.06mm, and local buckling occurred mid-span in the 24th cycle. The 

compressive force started to reduce when the displacement was 26.33mm. The steel core fractured when the displacement was 

39.5mm. 

B 

80×16-7.5-H40-345 
The specimen yielded when the displacement was 21.06mm, and local buckling happened when the displacement was 21.07mm at the 

first cycle, and overall buckling happened during the second cycle. 
A2 

 

Table 4  

Parameters for evaluating the performance of specimens 

Specimen max /fy F’R /Pb 
Lw 

(mm) 
Axial strain Ductility factor CPD 

Failure 

mode 

80×16-2.75-H40-235 1.05  0.20  169 1.54% 13.6 226 A1 

80×16-2.2-H40-235 2.42  0.14  175 0.94% 8.3 110 A1 

80×16-2.2-H60-235 3.63  0.11  174 1.86% 16.4 235 A1 

50×16-2.75-H60-235 0.61  0.16  172 2.58% 22.8 548 B 

50×16-2.2-H40-235 0.60  0.16  172 1.73% 15.3 204 B 

50×16-2.2-H60-235 0.58  0.17  181 1.66% 14.7 299 B 

50×16-2.2-H20-235 0.42  0.19  172 1.63% 14.4 354 B 

50×16-2.75-H40-345 0.68  0.15  128 2.13% 10.3 170 B 

80×16-4.5-H40-345 0.84  0.28  128 1.80% 8.7 94 A2 

50×16-4.5-H40-345 0.39  0.34  127 2.47% 11.9 245 B 

80×16-7.5-H40-345 0.75  0.54  126 3.05% 14.7 448 A2 

* max, F’R, Pb, Lw, CPD are maximum stress at the edge of the mid-span section of the steel tube, lateral force resistance of tube, local bearing capacity of restrained members under ultimate 

load, wavelength, and cumulative plastic deformation respectively. 

 

6.  Conclusions 

 

This paper experimentally investigates the cyclic behavior of concrete-

filled BRB components subjected to uni-axial loading history. The effects of 

concrete strength and sectional dimension on the initial stiffness, ultimate 

strength, failure modes and energy dissipation behaviors are evaluated by quasi-

static test results of eleven concrete-filled BRB component specimens. The 

following conclusions can be drawn: 

• The grade of concrete strength has a positive contribution to the energy 

dissipation behavior of CFT-BRBs. It has a positive influence on the ultimate 

load of BRB. The BRB filled with H60 concrete had a much higher CPD value 

than the BRB filled with H40 concrete.  

• The grade of concrete strength cannot affect the final failure mode of 

CFT-BRBs. After the cyclic load, the concrete is crushed before the buckling of 

the BRB, so the contribution of concrete to the rigidity of the buckling 

restraining mechanism is suggested to be ignored from the conservative point 

of view. 

• The cross-section dimensions of the core plate and concrete, which are 

important factors affecting the local buckling mechanism of steel tube, have a 

great influence on the failure mode of BRB. Compared with the three-hinged 

yield model, the four-hinged yield model is more likely to have local buckling. 

• The failure mode of BRB is related to its overall stability and local 

stability. If the overall stability is insufficient (max > fy), the overall buckling 

failure will occur without local buckling failure. If the overall stability is 

satisfied (max≤ fy), the failure mode should be determined according to the 

level of its overall and local stability.  
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Double steel plate composite walls (DSCWs) with several unique types of connectors have been implemented to protect 

offshore oil exploration platforms from concentric forces caused by ice in the Arctic region. This paper investigates the 

compressive performance of DSCWs with interlocked J-hooks and overlapped headed studs at low temperatures ranging 

from 20 ℃ to -80 ℃ with nonlinear finite element models (FEMs). The intricate geometric size of the concrete, multiple 

interactions of the concrete with the connectors, and material nonlinearities of the concrete have been thoroughly simu-

lated. The reasonable consistency between the results of the monotonic tests and finite element analysis (FEA) on nine 

DSCWs with interlocked J-hooks and seven DSCWs with overlapped headed studs indicates that the FEMs can effec-

tively predict the compressive performance of the DSCWs at low temperatures. On the basis of the validated FEMs, the 

effects of the horizontal and vertical spacing of the connectors on the compressive perfo rmance of the DSCWs are stud-

ied. Finally, theoretical models of the load-displacement curves are developed to reveal the compressive response of 

DSCWs at low temperatures with different types of connectors, taking into account the restraining effect of ste el plates 

on the inner concrete and the local buckling of steel plates. Compared with previous tests and FEA, the developed theo-

retical models have reasonable consistency for the load-displacement curves of DSCWs at low temperatures. 
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1.  Introduction 

 

Recently, the Arctic region has attracted strong interest from researchers 

because of its potential oil and gas resources [1]. The lowest temperature is 

approximately -70 °C in the Arctic, introducing great challenges to 

infrastructure. Meanwhile, due to global warming, the rapid melting of ice is a 

matter of serious concern, increasing the concentration of floating ice in the 

Arctic. These ice sheets continuously impact oil and gas platforms. Under such 

fatigue impacts, the service life of such platforms is greatly reduced. Thus, it is 

necessary to propose a novel protective structure that can be applied to oil and 

gas platforms. Marshall et al. [2] and Yan et al. [3] developed a DSCW as a 

protective structure for Arctic offshore platforms, as demonstrated in Fig. 1. A 

DSCW consists of a sandwiched concrete core with two outer steel plates, which 

are integrally connected with mechanical shear connectors at the steel-concrete 

interface. Different types of connectors have been developed and employed in 

steel-concrete composite walls, e.g., J-hooks and headed studs. The DSCW 

exhibits superior properties compared to those of conventional reinforced 

concrete structures, e.g., reduced formwork, increased construction efficiency 

and high performance under static, seismic, blast and impact loads [4-6]. 

 

 

Fig. 1 Application of the DSCW in Arctic offshore platforms [9] 

 

The compressive performance of DSCWs at low temperatures has been 

experimentally studied in Refs. [7-9]. However, these experimental studies 

proved to be costly and time consuming, and these tests have limitations in that 

the influences of the vertical and horizontal spacing of the connectors on the 

compressive performance of DSCWs at low temperatures have not been 

thoroughly researched. To overcome these limitations, finite element analysis 

(FEA) is an alternative way to study the compressive performance of DSCWs. 

Several scholars have investigated the push-out behaviour of headed studs 

by FEM with only a few studs to obtain their shear strength [10–13]. However, 

for DSCWs with many studies, those models will experience nonconvergence 

problems [13-14]. Shanmugam et al. [15] proposed a simplified FEM of an SCS 

sandwich panel, in which the shear-slip behaviour of a head stud at the steel-

concrete interface was simulated by a nonlinear spring. Yan et al. [16-17] 

simplified the interlocked J-hook and overlapped headed stud in the FEM of 

double steel plate composite structures to two cylindrical studs connected by a 

nonlinear spring element at its geometric centre. The reliability of the FEM was 

validated through the test results. Yan et al. [18] developed FEM that simplified 

the circle headed stud into square to predict the load-transferring mechanism 

and failure modes of the SCS sandwich plate. Qi et al. [19] investigated the 

tensile force and bending moment demands on headed studs in the design of 

DSCWs by FE method. The compressive local buckling behaviour of the steel 

plate in DSCWs was simulated by Li and Hu [20]. However, the concrete 

constitutive equation was simplified into a linear elasticity model and could not 

simulate the ultimate compressive bearing capacity of DSCWs. Fan et al. [21] 

established FEA modes on large-scale double steel plate composite structures, 

considering the details of connectors and local buckling of the steel plate. 

Vecchio and McQuade [22] treated the concrete and steel plate as one material, 

incorporated into the established 2D FE models of DSCWs. Although the peak 

loads predicted by the FEA were close to those of the test results, the FE models 

overestimated the lateral stiffness of the DSCW and failed to observe the local 

buckling of the steel plate. 

Choi and Han [23] proposed calculation models for the initial stiffness and 

ductility coefficient of DSCWs. Based on Euler's formula, Zhang and Yang et 

al. [24-25] derived the calculation model of the compressive bearing capacity 

of steel plates considering the local buckling of the steel plate. Liang and Uy 

[26] developed two effective width formulas to calculate the maximum 

compressive capacity of short concrete-filled steel box columns, in which the 

length coefficient K was considered to be 0.7 by assuming that the boundary 

condition of the steel faceplate was a semi-fixed support. Yan et al. [27] 

recommended theoretical models to obtain the ultimate compressive bearing 

capacity of sandwiched concrete in DSCWs, which took into account the 

constraints of the steel plate working with overlapped headed studs on the 

sandwiched concrete. Yan et al. [28-29] proposed novel EC connectors 

incorporated into the DSCSWs and developed theoretical models to predict the 

ultimate compressive bearing capacity. 

Based on recent studies, previous FE models and theoretical analysis have 

mainly focused on the compressive behaviours of DSCWs at ambient 

temperatures, and the theoretical model of the load-displacement curve of 

DSCWs at low temperatures has not been thoroughly studied. Thus, it is 

necessary to develop FE models and theoretical models to predict the 

Steel plate

Concrete

Headed

stud
Ice sheet
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compressive performance of DSCWs at low temperatures. 

This paper develops FE models to study the compressive performance of 

DSCWs with J-hooks and headed studs at low temperatures. In these models, 

the connectors working in pairs are simulated by two cylindrical studs 

connected through a nonlinear spring element. The reasonable agreement of the 

ultimate compressive bearing capacity, load-displacement curves and failure 

modes between the results of the proposed FE analysis and several experimental 

investigations proves the accuracy of the FEM. With the affirmed FEM, 

parametric studies are accomplished to study the influence of the vertical and 

horizontal spacing of the connectors on the compressive performance of the 

DSCWs. Finally, on the basis of compressive tests and the FEA, theoretical 

models of load-displacement curves at low temperatures have been proposed to 

reveal the loading process. 

 

2.  Axial compression tests on double steel plate composite walls [7-9] 

 

2.1. Description of the specimens and materials 

 

The geometry of the DSCWs involved in the test program is shown in Fig. 

2, and they are composed of nine DSCWs with J-hooks and seven with headed 

studs. All specimens are composed of two external steel plates, studs (J-hooks 

or headed studs), sandwiched concrete, loading/end plates, and stiffeners. 

Grade Q235 steel plates were used for all of the specimens, and the strength 

grade of the sandwiched concrete was C30, C40 and C50. J-hook connectors 

fabricated by grade HPB300 reinforcements were used for WJ1-WJ9. 

Meanwhile, headed studs with a diameter of 10 mm were used for WH1-WH7. 

More details of each specimen and the material properties are given in Table 1. 

 

2.2. Experimental setup 

 

A 1500-ton universal testing machine, as illustrated in Fig. 3, was used for 

the compression tests of DSCWs at low temperatures. Monotonic axial loading 

applied to the DSCWs was controlled by the displacement at a rate of 0.05 

mm/min during the tests. 

 

 

(a) Details of the DSCWs with J-hooks (WJ1-WJ9) 

 

(b) Details of the DSCWs with headed studs (WH1-WH7) 

Fig. 2 Details of the DSCWs (unit: mm) [7] 

 

Table 1  

Details of the double steel plate composite walls 

Item 
T 

(℃) 

ts 

(mm) 

fyT 

(MPa) 

EsT 

(GPa) 

S 

(mm) 

S/ts σuT 

(MPa) 

EshT 

(GPa) 

fcT 

(MPa) 

EcT 

(GPa)  

 (1) (2) (3) (4) (5) (5)/(2) (7) (4) (8) (9) 

WJ1 20 2.8 334 201 75 26.8 330 199 43.9 28.4 

WJ2 -30 2.8 361 210 75 26.8 347 200 61.7 32.2 

WJ3 -60 2.8 378 216 75 26.8 353 204 75.6 33.1 

WJ4 -60 4.6 396 224 75 16.2 353 204 75.6 33.1 

WJ5 -60 5.9 401 226 75 12.6 353 204 75.6 33.1 

WJ6 -60 2.8 378 216 150 53.6 353 204 75.6 33.1 

WJ7 -60 2.8 378 216 75 26.8 353 204 48.2 32.8 

WJ8 -60 2.8 378 216 75 26.8 353 204 79.3 33.6 

WJ9 -80 2.8 391 222 75 26.8 360 206 87.0 34.6 

WH1 20 2.8 334 201 75 26.8 494 198 43.9 28.4 

WH2 -30 2.8 361 210 75 26.8 522 198 61.7 32.2 

WH3 -60 2.8 378 216 75 26.8 555 205 75.6 33.1 

WH4 -60 4.6 396 224 75 16.2 555 205 75.6 33.1 

WH5 -60 5.9 401 226 75 12.6 555 205 75.6 33.1 

WH6 -60 2.8 378 216 150 53.6 555 205 75.6 33.1 

WH7 -80 2.8 391 222 75 26.8 593 204 87.0 34.6 

T denotes the temperature; ts denotes the thickness of the steel plate; fyT and EsT denote the yield strength and elastic modulus of the steel plate at low temperatures, respectively; S denotes 

the spacing of the connectors; σuT and EshT denote the ultimate strength and elastic modulus of the connectors at low temperatures, respectively; and fcT and EcT denote the compressive strength 

and modulus of elasticity of the concrete at low temperatures, respectively. 

 

 

Fig. 3 Test setup of the DSCW 

 

The compressive bearing capacity Pe, vertical displacement ΔT and strain of 

the steel plate εsT must be measured during the test process. The compressive 

bearing capacity was measured directly by the load cell in the testing machine. 

Eight linear voltage displacement transducers (LVDTs) were arranged at the 

corners of the loading/end plates to measure the vertical displacement of the 

DSCWs. Linear strain gauges were attached to the steel plates between two rows 

of studs to measure the buckling strain. 

 

3.  Numerical analysis of the DSCWs 

 

3.1. General 

 

The compressive performance of the DSCWs is simulated by the general 

finite element package ABAQUS [30], and the implicit solver is used for the 

analysis solutions. To improve the accuracy of the FEM, the different 

components of the DSCW reported in [7,8,9], e.g., sandwiched concrete, steel 
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plate, loading/end plates and stiffeners, were modelled in detail. The geometric 

dimensions, mesh, material model, modelling of the connectors, steel-concrete 

interactions, loading and boundary conditions of the FEM are described in the 

following sections. It is worth noting that similar FEMs, established according 

to test parameters reported by Choi and Han [23], are also applied to FEA. More 

details of the FEMs can be found in Ref. [23,27]. 

 

3.2. Geometric dimensions and mesh of the FEM 

 

Fig. 2 and Table 1 present the detailed geometric dimensions of the DSCWs 

reported in [7,8,9], and the variables of the geometric dimensions include the 

steel plate thickness and connector space. 

The FE model of the DSCW under compression is shown in Fig. 4. All of 

the components of the DSCW, including the concrete, steel plate, connectors, 

stiffeners and loading/end plates, are simulated by three-dimensional eight-node 

solid elements with a reduced integration point (C3D8R). Notably, the mesh 

size is critical to the accuracy of the FE analysis. A reasonable mesh size not 

only improves the accuracy of the FEA but also saves computing time. Due to 

the complex geometry of the FEM, each part is meshed and cut into regularly 

small pieces until all of the small pieces turn green. Considering the large stress 

level at the connectors, the mesh sizes of the concrete and steel plate around the 

connectors are encrypted within a reasonable range to improve the calculation 

accuracy of those areas. Taking specimen WJ1 as an example, there are 43,520 

and 13,312 elements in the sandwiched concrete and steel plate with connectors, 

respectively. 

 

 

(a) Simulation of the stud connectors by the spring element 

 

(b) Finite element model 
Fig. 4 Finite element model of the DSCWs 

 

3.3. Materials model 

 

3.3.1. Material model for concrete 

The concrete damage plasticity (CDP) model was applied to simulate the 

compressive performance of the sandwiched concrete in the DSCW at low 

temperatures, which could present two failure modes, namely, compressive 

crushing and tensile cracking, that may occur in sandwiched concrete during the 

loading process. To increase the reliability of the FEM, the compressive 

behaviour and tensile behaviour in the CDP model should be entered precisely. 

The compressive constitutive equation of concrete recommended by Xie et 

al. [31] is used to express the elastic-plastic properties of concrete at low 

temperatures as given below: 
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where σcT and εcT denote the concrete stress and strain under compression 

at temperature T, respectively, fcT denotes the concrete strength under 

compression at temperature T, and ε0T denotes the concrete strain under 

compression corresponding to fcT. The values of constants A and B are shown in 

Table 2. 

Table 2 

Coefficients A and B for concrete at different low temperatures 

Coefficient 20℃ 0℃ -40℃ -80℃ 

A 2.7 2.7 2.2 1.8 

B 0.7 1.3 1.7 2.0 

 

The tensile behaviour of concrete is represented in this FEM by the fracture 

energy model, in which the parameter can be obtained as follows [33]: 
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f f
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G G
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(2) 

 

where Gf denotes the fracture energy of concrete, Nmm/mm2, and fck 

denotes the concrete cylinder strength under compression, MPa. According to 

the results of the material tests, Gf= 0.090 Nmm/mm2 was adopted in this FEM 

to describe the tensile behaviour. 

Other plasticity parameters in the CDP model referring to the ABAQUS 

user manual [32], such as the dilation angle, eccentricity, fb0/fc0, K and viscosity 

parameter, are 26°, 0.1, 1.16, 0.667 and 0.0001, respectively. 

 

3.3.2. Material model for the steel plate and connectors 

Fig. 5 shows the elastic-plastic isotropic model employed to predict the 

material properties of the steel plate and connectors in the DSCW at low 

temperatures. There are two parts in this bi-linear material model, namely, the 

elastic part and plastic part. The elastic part is linear up to the yield strength for 

the steel plate and connectors, in which Young’s modulus EsT and Poisson’s 

ratio υ need to be entered. Meanwhile, the plastic part is also linear up to the 

ultimate strength, in which the yield strength fyT, ultimate strength fsuT and the 

corresponding strain εsuT should be precisely defined. The parameters mentioned 

above are all obtained through tests, as given in Table 1. 

 

 

Fig. 5 Stress-strain curve of the steel used in the FEM 

 

 
(a) Comparisons between the FE predictions and test results 

 
(b) Scatter of the FE-to-test ratios for PuT 

Fig. 6 Comparisons of the FE predictions of the ultimate bearing capacity 

with the test values 
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3.4. Modelling of the connectors 

 

The interlocked J-hooks and overlapped headed studs in the DSCW must 

be simulated reasonably because the connectors, effectively maintaining the 

composite action of the steel plate and concrete, not only transfer the shear force 

at the contact between the steel plate and concrete but also prevent the premature 

local buckling of the steel plate. However, it is difficult to simulate the full 

geometry of the connectors due to the intricate geometry of the connectors 

themselves and the connector holes reserved in concrete, introducing great 

challenges to partitioning and producing the mesh while also causing 

nonconvergence of the FEM with the increasing number of elements. To solve 

the problems mentioned above, the geometry of the connectors is simplified into 

two cylinders with the same diameter as the connectors in the tests. One side of 

the cylinder merges with the steel plate into one part, and the other side of the 

two cylinders is connected by a three-dimensional spring element with 

nonlinear properties [16], as demonstrated in Fig. 4(a). The spring stiffness of 

24,000 N/mm obtained from pull-out tests [16,34] needs to be properly defined. 

This simplified method for interlocked J-hooks or overlapped headed studs in 

steel-concrete composite structures is proven to be reasonable. 

 

3.5. Steel-concrete interactions, loading and boundary conditions 

 

This FEM adopted general contacts at all the surface pairs to simplify the 

model and save computing time. The contact properties of the tangential 

behaviour with a friction coefficient of 0.4 [35] and normal behaviour with a 

“hard” contact have been defined. Tie constraints were used among the steel 

plates, stiffeners and loading/end plates. A displacement load was applied 

axially at a reference point coupled to the loading plate, as shown in Fig. 4(b), 

and the end plate was restrained to move against all degrees of freedom. 

 

Table 3  

Comparisons of the ultimate compressive bearing capacity of the DSCWs 

Item 
Pe 

(kN) 

Pf 

(kN) 

Pt 

(kN) 

Pf/Pe Pt/Pe 

  

 (1) (2) (3) (2)/(1) (3)/(1) 

 Tests by Authors    

WJ1 3062 3311 3510  1.08  1.15  

WJ2 3532 3638 3782  1.03  1.07  

WJ3 4968 4908 5338  0.99  1.07  

WJ4 6442 5874 6403  0.91  0.99  

WJ5 6897 6424 7074  0.93  1.03  

WJ6 3783 3847 4456  1.02  1.18  

WJ7 3654 3950 3831  1.08  1.05  

WJ8 5046 5325 5540  1.06  1.10  

WJ9 6508 5984 5999  0.92  0.92  

WH1 3001 3310 3510  1.10  1.17  

WH2 3991 4428 4540  1.11  1.14  

WH3 5360 4908 5338  0.92  1.00  

WH4 6658 5873 6403  0.88  0.96  

WH5 6890 6424 7074  0.93  1.03  

WH6 4062 3883 4456  0.96  1.10  

WH7 6891 5976 5999  0.87  0.87  

 Tests in Ref. [23]    

SS400-S 6282 6175 6417 0.98  1.02  

SM490-S 6562 6749 7074 1.03  1.08  

SS400-M 7051 6934 7707 0.98  1.09  

SM490-M 8069 7946 7707 0.98  0.96  

SS400-L 8956 9032 9990 1.01  1.12  

SM490-L 8850 9156 9990 1.03  1.13  

Mean    0.99 1.05  

Cov    0.07 0.08  

Pe and Pt denote the experimental and theoretical ultimate compressive bearing capacity, 

respectively; Pf is the predicted ultimate compressive bearing capacity by the FEM. 

3.6. Validations and discussions 

 

The previous 16 compression tests on DSCWs reported in [7,8,9] and 6 

tests reported in [23,27] were used to validate the ultimate compressive bearing 

capacity, load-displacement curves and failure modes of the developed FEM. 

 

3.6.1. Ultimate compressive bearing capacity 

Table 3 and Fig. 6 compare the predicted ultimate compressive bearing 

capacity by the FEA with the experimental values of the 16 DSCWs reported 

by the authors and 6 specimens reported by Choi and Han. It can be shown that 

the FE results achieve close agreement with the test results in terms of the 

ultimate compressive bearing capacity of the DSCW. The errors of the FE 

predicted values are within ±15%, and the average ratio of Pf/Pe is 0.99 with a 

coefficient of variation (COV) of 0.07. 

 

3.6.2. Load-displacement curves 

Fig. 7 compares the numerical load-displacement curves with the 

experimental curves obtained by the authors. These figures show that the 

numerical load-displacement curves divided into three stages, namely, the 

elastic stage, non-elastic stage, and recession stage, reasonably agree with the 

experimental curves except for the initial stiffness. The reasons for this 

difference may be as follows: (1) initial imperfections inside the specimens 

caused by welding the steel plates and connectors, pouring the concrete, and 

transporting the specimens; (2) non-axial compression due to the non-flatness 

of the loading/end plates; and (3) errors of the displacement measurement due 

to the complicated test process under low temperatures. 

 

  

(a) WJ3 (b) WJ7 

  

(c) WH5 (d) WH6 

Fig. 7 Validations of the load-displacement curves of the DSCWs by authors 

 

Fig. 8 shows the comparisons of the load-displacement curves between the 

FE predictions and the experimental curves obtained from the tests in Ref. [23]. 

If the tests can eliminate the disadvantages mentioned above, the load-

displacement curves will be perfectly predicted by the FEA, including the initial 

stiffness. 
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(c) SS400-M (d) SM490-M 

  
(e) SS400-L (f) SM490-L 

Fig. 8 Validations of the load-displacement curves in Ref. [23] 

 

3.6.3. Failure modes 

Crushing and splitting of the concrete and local buckling of the steel plate 

occurred in the DSCWs under compression. Fig. 9 presents the failure mode 

comparisons between those observed from the tests and those predicted from 

the FEA, in which reasonable agreement was achieved. 

 

  
(a) WJ2 (b) WJ8 

  
(c) WH3 (d) WH6 

Fig. 9 Validations of the failure modes of the FE modes with those of the 

experimental results 

 

Through the above validations of the ultimate compressive bearing capacity, 

load-displacement curves, and failure modes, it can be proven that the FEM 

established in this study can properly simulate the compression performance of 

DSCWs. 

 

3.7. Parametric study 

 

Earlier experimental investigations have demonstrated the effects of the 

steel plate thickness, concrete strength, temperature, connector spacing and 

connector type on the compression performance of DSCWs. However, the 

influence of the vertical spacing (SV) and horizontal spacing (SH) of the 

connectors on the compression performance of DSCWs has not been fully 

investigated due to time and economic limitations. Thus, the FEM proposed in 

this paper can be used to conduct a parametric study, and only half of the DSCW 

is built to improve the efficiency of the FEA. The material properties of the 

models used for parametric analysis are the same as those of WJ3. 

 

 
(a) SH=75 mm 

 
(b) SH=200 mm 

Fig. 10 Influence of the vertical spacing of connectors on the PWT-ΔT curve 

 

3.7.1. Influence of the vertical spacing of the connectors 

Fig. 10 demonstrates the impact of the vertical spacing of the connectors 

on the compressive performance of the DSCWs when the horizontal spacing is 

75 mm and 200 mm. The steel plate and concrete are co-deformed at the initial 

loading stage with few interactions, causing the initial stiffness of the DSCWs, 

which is provided by the steel plate and concrete, to have a marginal influence 

with the increasing SV value. 

Fig. 11 presents the influence of the vertical spacing of the connectors on 

the area of local buckling of the steel plate when the DSCW reaches PuT. The 

area of local buckling of the steel plate, mainly observed between the horizontal 

rows of the connectors, rises with increasing values of SV. The larger the vertical 

spacing of the connectors is, the less the vertical constraint of the steel plate, 

which ultimately increases the area of local buckling of the steel plate. 

 

  

(a) SV=75 mm, SH=200 mm (b) SV=200 mm, SH=200 mm 

Fig. 11 Influence of the vertical spacing of connectors on the area of local 

buckling of the steel plate 

 

Fig. 12 illustrates the effect of the vertical spacing of the connectors on PuT 

and DI. With increasing SV values from 50 to 75, 100 and 200 mm, the PuT (or 

DI) of the DSCW decreased by 2% (or 10%), 17% (or 12%) and 23% (or 19%), 

respectively, when the horizontal spacing of the connectors SH was 75 mm, as 

shown in Fig. 12(a). Meanwhile, the PuT (or DI) of the DSCW with a SH of 200 

mm declined by 9% (or 13%), 17% (or 15%) and 27% (or 16%), respectively, 

as shown in Fig. 12(b). As the SV value increases, the slenderness ratio (SV/ts) of 

the steel plate increases from 16.7 to 25, 33.3 and 66.7. The higher slenderness 

ratio substantially decreased the buckling resistance of the steel plate under 

compression and accelerated the premature local buckling of the steel plate, 

adversely affecting the ductility of the DSCW. 
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(a) SH=75 mm 

 
(b) SH=200 mm 

Fig. 12 Influence of the vertical spacing of connectors on PuT and DI 

 

3.7.2. Influence of the horizontal spacing of the connectors 

Fig. 13 indicates the effect of the horizontal spacing of the connectors on 

the compressive performance of the DSCWs. The value of SH has little effect on 

the initial stiffness of the DSCW because of the co-deformation of the steel plate 

and concrete at the initial load with few interactions. 

 

 

(a) SV=75 mm 

 
(b) SV=200 mm 

Fig. 13 Influence of the horizontal spacing of connectors on the PWT-ΔT curve 

 

Fig. 14 depicts the effect of the horizontal spacing of the connectors on the 

area of local buckling of the steel plate when the DSCW reaches PuT. As the 

value of SH changes from 75 mm to 200 mm, the area of local buckling increases 

slightly. Since the local buckling of the steel plate mainly appears between the 

horizontal rows of the connectors, the changes in SH rarely affect the area of 

local buckling of the steel plate. However, the insufficient horizontal constraint 

caused by the increased value of SH causes the local buckling of the steel plate 

to expand towards the adjacent row of connectors, which results in a slight 

increase in the area of local buckling of the steel plate. 

  
(a) SV=200 mm, SH=75 mm (b) SV=200 mm, SH=200 mm 

Fig. 14 Influence of the horizontal spacing of connectors on the area of local 

buckling of the steel plate 

 

Fig. 15 demonstrates the influence of SH on PuT and DI. Increasing the value 

of SH from 50 to 75, 100 and 200 mm decreases PuT (or DI) by 1% (or 13%), 2% 

(or 21%) and 13% (or 24%), respectively, when SV is 75 mm, as shown in Fig. 

15(a). Meanwhile, the value of PuT (or DI) of the DSCW with a SV of 200 mm 

decreases by 1% (or 4%), 3% (or 5%) and 11% (or 6%), respectively, as shown 

in Fig. 15(b). The increased SH value with insufficient horizontal constraint on 

the steel plate and concrete accelerates the failure of the DSCW, which directly 

leads to the decreases in the PuT and DI. However, it is worth noting that when 

the SH value is less than 100 mm, SH has a greater influence on DI than on PuT. 

In contrast, when SH is greater than 100 mm, SH has a greater influence on PuT 

than on DI. Thus, there must be a critical value for SH, which is worthy of further 

research in the future. 

 

4.  Theoretical analysis of the compressive performance of the DSCW 

 

4.1. Theoretical model 

 

The load-displacement curves obtained by the experimental studies indicate 

that the DSCW undergoes a total of three stages from loading to destruction. 

However, the previous theoretical models only predict the ultimate compressive 

bearing capacity of the DSCW without describing the loading process, which 

cannot reveal the failure mechanism of the composite structures. Thus, this 

study aims to incorporate the loading process in the theoretical model, namely, 

proposing a theoretical model for the load-displacement curve of the DSCW. 

 

 

(a) SV=75 mm 

 
(b) SV=200 mm 

Fig. 15 Influence of the horizontal spacing of connectors on the PuT and DI 

 

The theoretical model presented in this study takes into account the 

following assumptions: 

(1) The compressive bearing capacity of the DSCW, PWT, is composed of 

the compressive bearing capacity of the sandwiched concrete, PcT, and the 

compressive bearing capacity of the steel plates, PsT: 
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w c sT T TP P P= +  (3) 

 

(2) The sandwiched concrete and steel plates in the DSCW are co-deformed 

under compression, and the strains of the steel plate and concrete can be 

expressed as follows: 

 

c s
T

T T H
 


= =  (4) 

 

where εcT and εsT denote the strain of the concrete and steel plate; ΔT denotes 

the vertical displacement of the DSCW; and H denotes the height of the DSCW. 

 

4.1.1. Theoretical model of the sandwiched concrete 

The sandwiched concrete is compressed biaxially under the constraint of 

the steel plate, which substantially improves the compressive bearing capacity 

of the concrete. Therefore, a strength improvement coefficient, α, is introduced 

into the theoretical model of concrete as follows: 

 

c c cT TP A = g  (5) 

 

where σcT denotes the concrete stress under compression, which can adopt 

the constitutive equation proposed by Xie et al. [31], as shown in Eq. (1); Ac 

denotes the concrete cross-sectional area, Ac=W*tc; and W and tc are the width 

and thickness of the concrete, respectively. The strength improvement 

coefficient, α, can be expressed as follows: 

 

cc

c

T

Tf


 =  

(6) 

 

where σccT denotes the compressive strength of concrete under biaxial 

compression and fcT denotes the concrete strength under uniaxial compression. 

 

  

(a) S/ts≤η (b) S/ts>η 

Fig. 16 The constitutive equation of the steel plate 

 

The formulas recommended by Yan et al. [27] are used to calculate σccT as 

given below: 
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(10) 

 

where αs denotes the coefficient of shear yielding and is herein adopted as 

0.19; σh represents the constrained stress contributed by the steel plate; TH 

represents the resistance of the connectors under tensile forces; Asd represents 

the cross-sectional area of the connectors; σuT represents the ultimate tensile 

strength of the connectors; Abrg represents the tensile area of the connectors; d 

represents the diameter of the connectors; eh is the anchoring length of the J-

hook; AN represents the projection area of the concrete cone; ts represents the 

thickness of the steel plate; and γM2, γc and γM0 are partial factors and are herein 

equal to 1.0 for prediction purposes. 

 

4.1.2. Theoretical model of the steel plate 

The compressive bearing capacity of the steel plate can be obtained by the 

following: 

 

s s s=2T TP A  (11) 

 

where σsT denotes the steel plate stress under compression; As denotes the 

steel plate cross-sectional area, As=W*ts; and W and ts are the width and 

thickness of the steel plate, respectively. Two failure modes of the steel plate 

determined by the spacing-to-thickness ratio (SV/ts) are observed in the DSCW 

[7], namely, buckling failure and yield failure. When SV/ts is less than the critical 

value, η, the steel plate undergoes yield failure where the steel plate yields and 

then buckles with the constitutive equation given in Fig. 16(a). In contrast, when 

SV/ts is greater than the critical value, η, the steel plate undergoes buckling 

failure where the steel plate buckles and then yields with the constitutive 

equation shown in Fig. 16(b). Therefore, the steel plate compressive stress can 

be determined as follows: 
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(12) 

 

where σsT and εsT denote the compressive stress and strain of the steel plate; 

σcrT and εcrT denote the buckling stress and strain of the steel plate; EsT is the steel 

plate elastic modulus; fyT and εyT represent the steel plate yield stress and strain; 

ε0T is the peak strain of the concrete under compression; and η denotes the 

critical value of SV/ts. 

The local buckling of the steel plate between the horizontal rows of 

connectors is observed according to the test results. Thus, the steel plate is 

simplified as a slender rod with the support points contributed by the connectors, 

as given in Fig. 17. Combined with the Euler formula [4,20], σcrT can be 

expressed as follows: 
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(15) 

 

where K denotes the effective length coefficient for local buckling and is 

herein equal to 0.825 according to the regression analysis by Yan [7].  

 

Fig. 17 Analysis model of local buckling 
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4.2. Validations 

 

Twenty-two compression tests on DSCWs [7,8,9,23] have been analysed to 

validate the theoretical model proposed in this study. The validations comprise 

the ultimate compressive bearing capacity and load-displacement curves. 

The experimental ultimate compressive bearing capacity of the DSCWs is 

compared with the predicted values by theoretical analysis, as shown in Table 

3 and Fig. 18. The errors of the theoretical model predicted values are within 

±15%. The average ratio of Pt/Pe is 1.05, and the coefficient of variation (COV) 

is 0.08. 

Fig. 7 compares the experimental load-displacement curves reported by the 

authors with those obtained from the numerical and theoretical studies. The 

results indicate that the degree of agreement of the load-displacement curves 

between the theoretical model and FEM is better than that between the 

theoretical model and tests. Meanwhile, the elastic stiffness of the load-

displacement curves predicted by the theoretical model is greater than that in 

the experimental load-displacement curves. This discrepancy may be attributed 

to the initial imperfections, welding quality, residual stress, accidental 

eccentricities, and non-uniform axial loading. Fig. 8 shows the validations of 

the load-displacement curves reported by Choi and Han [23]. The load-

displacement curves predicted by the theoretical analysis are in good agreement 

with the results from the tests and FEA. 

All of the validations prove that the developed theoretical model can be 

used to predict the loading process of the DSCWs under compression. However, 

according to the Chinese code GB5011-2010 [35], the concrete grade in shear 

wall cannot exceed C60 to prevent brittle failure. Meanwhile, to improve 

utilization of steel plate, the steel plate should yield before the concrete crushed, 

namely εyT=fyT/EsT≤εoT. The peak strain (εoT) of normal weight concrete 

(C20~C60) is about 0.002 and the elastic modulus (EsT) of steel plate is about 

200 GPa. Thus, the yield strength (fyT) of steel plate should not exceed 400 MPa. 

In addition, these formulae were only developed based on limited data, and only 

applicable to DSCWs with an aspect ratio of 1 within temperature interval of 

[20℃, -80℃]. 

 

 

(a) Comparisons between the TM prediction and test results 

 

(b) Scatter of the TM to test ratios for PuT 

Fig. 18 Comparisons of the TM predictions of the ultimate bearing capacity 

with the test values 

 

4.3. Steps for predicting the load-displacement curves of the DSCWs 

 

Step Ⅰ: Use Eqs. (6)-(10) to determine the strength improvement coefficient 

of the sandwiched concrete provided by the steel plates and connectors; 

Step Ⅱ: Using Eqs. (1) and (5) to determine the load-strain curve of 

sandwiched concrete; 

Step Ⅲ: Use Eqs. (12)-(15) to determine the stress-strain curve of the steel 

plate which consider local buckling. Use Eq. (11) to determine the load-strain 

curve of the steel plate; 

Step Ⅳ: Use Eqs. (3)-(4) to determine the load-displacement curve of the 

DSCW from loading to destruction. 

 

5.  Conclusions 

 

This paper develops an FEM and a theoretical model to predict the 

compression performance of DSCWs with interlocked J-hooks and overlapped 

headed studs at low temperatures. 

The validation results for the ultimate compressive bearing capacity, load-

displacement curves, and failure modes of the DSCWs obtained from the 

experimental investigation and FEA prove that the FEM established in this 

study can reasonably predict the compression performance of DSCWs at low 

temperatures. On the basis of the validated FEM, the influence of the vertical 

and horizontal spacing of the connectors on the compressive performance of the 

DSCWs is studied. Both the vertical and horizontal spacing of the connectors 

have a minimal effect on the initial stiffness of the DSCWs. However, 

increasing vertical and horizontal spacing substantially decreases the ultimate 

compressive bearing capacity and ductility of the DSCWs. 

Based on the experimental and numerical investigation, the theoretical 

model of the load-displacement curve is developed, considering the constraint 

of the steel plates on the sandwiched concrete and the local buckling of the steel 

plate. By comparing the load-displacement curves predicted by the theoretical 

model with the curves obtained from the tests, it can be shown that the predicted 

curves are also divided into three stages, namely, the elastic stage, non-elastic 

stage and recession stage, which indicates that the proposed theoretical model 

can reasonably predict the loading process of the DSCWs at low temperatures. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

As a promising composite structure, gangue concrete filled steel tubular (GCFST) column exhibites favarable characteristics 

including high strength and economic efficiency. This paper conducted numerical investiagations on structural behavior of 

a ring-beam connection to GCFST column with concrete beam under cyclic loading. Furthermore, finite element models of 

column-beam connections were developed using ABAQUS and validated against full-scale experimental tests to identify 

accuracy of selected modeling approaches. Using these validated models, stress distribution of each component was 

examined to study the force-transferring mechanism among the components and failure modes of the ring-beam connection. 

Research study indicated that the ring-beam connection showed a reasonable force-transferring mechanism under cyclic 

loading and the remarkable earthquake-resistant performance with high capacity and acceptable ductility. Finally, 

parametric studies were performed to assess the influences of beam-to-column stiffness ratio,steel ratio, axial load level, 

and concrete compressive strength on connection cyclic behaviors. Parametric studies provided some suggestions and 

references for the application of the ring-beam connection in various engineering projects. 
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1.  Introduction 

 

Concrete-filled steel tubular (CFST) structure has been widely utilized as 

structural elements in the large-span bridges and high-rise building due to its 

high strength and stiffness [1]. A new gangue concrete filled steel tubular 

(GCFST) members is developed by replacing regular concrete with gangue 

concrete filled in steel tube [2]. Research studies indicate that the GCFST 

column with a ductile behavior provides high performance under various 

loading conditions. Compared to normal CFST column, the GCFST column 

demonstrates several merits [3, 4]: (i) The low density of the gangue concrete 

results in the reduction of weight (at least 20%)  for reinforced concrete (RC) 

building compared to the normal concrete [5]; (ii) The gangue concrete has 

better lateral deformation characteristic than the regular concrete to effectively 

increase tube confinement effect and improve the load bearing capacity of 

GCFST member [6]; (iii) The use of gangue concrete in the engineering projects 

is a beneficial method that reduces the environmental pollution and achieves the 

favorable economic and social benefits [7]. 

During an earthquake event, the column-beam connection is a critical 

component that provides a large strength to the entire building and ensures 

building serviceability. The column-beam connection is designed to have a large 

strength that allows the forces to transfer into the column with the formation of 

a plastic hinge in the RC frame beam. In this manner, beams could fail prior to 

column, which avoids the occurrence of progressive collapse in the building due 

to cascade effect initiated the failure of low-level columns. Consequently, the 

stability and safety of a RC building depend on the behavior of column-beam 

connection under an earthquake event. Experimental and numerical research 

studies have been completed to investigate the behavior of column-beam 

connection to the CFST column. Han and Li [8] experimentally examined 

dynamic behavior of connection between circular CFST column and steel 

beams under reversed cyclic loading. Pucinotti et al. [9] developed a welded 

column-beam connection for the CFST column and experimentally investigated 

its seismic performance. Results demonstrated the acceptable performance for 

the seismic design requirements. Chen et al. [10] conducted experimental and 

numerical studies on dynamic response of a through-beam connection between 

CFST column and RC beam when subjected to cyclic loads. Parametric studies 

were performed to evaluate effects of reinforcement ratio between the ring beam 

and frame beam and axial load at the column top on the connection performance. 

Li et al. [3] developed a rebar-penetrated connection to GCFST column and 

conducted experimental test and finite element analysis to examine the 

connection seismic performance. Ding et al. [11] performed experimental and 

numerical investigations on earthquake-resistance behavior of a non-through-

core connection between RC beams and CFST column in terms of strain, 

ductility, and stiffness degradation. Limited studies have been published that 

investigated the cyclic-loaded response of the connection to GCFST column. 

Research studies on the connection to the GCFST column would provide useful 

design information for its potential application in engineering projects. 

This paper conducted numerical investigations that evaluated the 

performance of a ring-beam connection between GCFST column and RC beam 

under cyclic loading. This ring-beam connection consisted of four primary 

components including the GCFST column, frame beams, ring beam and shear 

ring welded in steel tube. Fig. 1 shows diagram of typical ring-beam connection 

to the GCFST column. Detailed finite element models of the ring-beam 

connections were developed using ABAQUS. Numerical results were validated 

against tested results to evalute the accuracy of the developed model. The 

connection response to cyclic load was then examined to analyze the stress 

distribution and failure mode in each component of the ring-beam connection. 

Finally, extensive parametric studies were conducted to assess effects of critical 

parameters on cyclic loaded connection behavior. These studied parameters 

included the axial load level, steel ratio, concrete compressive strength, ring 

beam width, column slenderness ratio, and column-beam stiffness ratio. 

 

 

Fig. 1 Ring-beam connection to GCFST column  

 

2.  Finite element modeling 

 

2.1. Material model 

 

To reasonably represent concrete stiffness deterioration, ABAQUS’s 

concrete plastic damage model was utilzed to simulate the dynamic response of 
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the concrete [12]. Given the steel tube confinement effect, the constitutive 

model for the light-aggregate concrete filled in tube developed by Fu et al. [13] 

was used to represent the behavior of core concrete in the compression zone. 

The light-aggregate concrete constitutive developed by Zhang et al. [14] was 

utilized to simulate the concrete response under dynamic loading for the 

unconfined gangue concrete in the compression zone, as shown in Fig. 2. These 

concrete constitutive models demonstrated their abilities to reasonably represent 

the experimental results and ensure computation convergency. The gangue 

concrete in the tension zone was modeled using the energy fracture criterion 

considering the concrete softening characteristics [15]. The concrete fracture 

energy (Gf) is formulated in the Eq. (1). 
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where a = 1.25dmax+10 (unit: mm); dmax is the maximum size of the concrete 

aggregate; and fc
’ is the compressive strength of the concrete. The concrete 

accumulative damage was modeled using a damage variable (dc) with a fracture 

energy-crack displacement curve as shown in Eq. (2). 
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where σc is compressive stress; σcu is ultimate compressive strain; Ec is concrete 

elastic stiffness; εc is compressive strain; and nc is a constant coefficient under 

compression and is larger than 0. According to previous research studies [8] and 

computation trials, nc was taken to1 for unconfined gangue concrete in the RC 

beam and 2 for the steel tube confined gangue concrete under compression. The 

default of compressive stiffness recovery factor (wc=1) was defined in 

numerical simulation. 

 

 

Fig. 2 Constitutive model of confined gangue concrete 

 

A steel hysteretic constitutive model was employed to simualte the cyclic-

loading response of steel tube [16]. ABAQUS’s kinematic hardening model 

which involves a von Mises yield surface and consideres an associate plastic 

flow rule for the steel properties [17] was also utilized for the steel to consider 

the Bauschinger effects on the connection cyclic behaviors [18]. Based on 

research studies and computation trails, the reinforcement response to cyclic 

load was modeled using a double-linear constitutive model that considers 

bearing capacity deterioration (USTEEL02) developed by Tsinghua University 

[19]. This model (USTEEL02) has demonstrated its ability to reasonably 

replicate the experimental results for RC structures and accurately simulated the 

slip bond between reinforcing bar and its surrounding concrete. 

 

2.2. Mesh and Element 

 

The concrete and rigid plate were modeled using 8-node, reduced-

integration, solid element and the mapping self-customized mesh technique in 

ABAQUS. The steel tube was simulated using 4-node, reduced-integration, 

shell element and considering Simpson’s rule through the cross-section of shell 

element. Reinforcement embedded in the gangue concrete was modeled using 

two-node truss element. The embedded region model in ABAQUS was used to 

couple the reinforcement into its surrounding concrete. Fig. 3 shows the 

developed numerical model of the ring-beam connection. The accuracy and 

efficiency of developed numerical model always depends on the mesh density 

for each component. In order to achieve a balance between the accurate result 

and computation speed, the mesh size in the central portions of the connection 

was refined, with the increased mesh size for the remaining portions. The mesh 

sizes in the steel tube and core gangue concrete was identical to improve 

computation convergency.  

 

2.3. Contact and boundary conditions 

 

For GCFST column, the interaction between steel tube and confined gangue 

concrete consists of interfacial contact and slip bond. The interfacial contact in 

the normal direction was modeled using a hard contact model to fully transfer 

the tube-concrete contact stress. For the slip bond in the tangential direction, the 

penalty-based friction contact model was selected using a Mohr-Coulomb 

friction formulation [20], with a friction coefficient of 0.6 [15]. In order to 

transfer uniformly the normal force at the column top and reduce effects of 

boundary conditions, both plates at the column top and bottom were simulated 

as the elastic plates with large stiffness. The end plate elastic modulus was 

1×1012 MPa , and the Poisson’s ratio was 0.0001. The contact between steel tube 

and end plates was modeled using a solid-to-shell coupling model, and a hard 

contact was used to represent the core concrete - end plate contact. In the 

experimental test, the hinged boundary condition was assumed at the top and 

the bottom of the GCFST column. In the numerical model, the column bottom 

was constrained using UR1=UR3=0 and U1=U2=U3=0, with a hinged 

boundary condition at the top. The cyclic load in a form of a displacement was 

placed at both ends of frame beams, as shown in Fig. 4, in which Py is the 

estimated bearing capacity at yielding of the ring-beam connection. During 

numerical simulation, a constant axial load (N0) was applied at the column top. 

 

 

(a) Connection model (ube and concrete) 

 

(b) Reinforcement details 

Fig. 3 Ring-beam connection numerical model 

 

 

Fig. 4 Cyclic loading 
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2.4. Validation studies 

 

Table 1 

Dimensions of tested and modeled specimens 

Specimen 
L 

(m) 

D×t 

(mm) 

b0  

(m) 
α λ 

l 

(m) 
k 

f’c,b 

(MPa) 

f’c,c 

(MPa) 
n 

JH-E-B 1.5 325×6 0.12 0.078 36 1 0.853 30 30 0.6 

JH-E-Z 1.5 325×6 0.12 0.078 36 2 0.853 30 30 0.6 

JH-A-B 1.5 325×6 0.12 0.078 36 1 0.853 30 30 0.6 

JH-A-Z 1.5 325×6 0.12 0.078 36 2 0.853 30 30 0.6 

 

Experimental studies were completed on two specimens with an interior 

connection having two frame beams (JH-E-Z) and an exterior connection 

having one frame beam (JH-E-B) subjected to a constant axial load at the 

column top and cyclic loads at the beam ends. Numerical models corresponding 

to these specimens were developed and validated by the comprisons between 

simulated and tested results. In the test, the column was designed as a circular 

gangue concrete filled steel tubular column with a diameter of 325 mm. All 

beams having the cross-sectional dimensions of 180×250 mm were reinforced 

by 2ϕ20 longitudinal bars and ϕ10 hoops spaced at 100 mm. The vertical height 

of the column was 1500 mm. The ring beam had a cross-sectional dimension of 

120×250 mm and 2ϕ12 longitudinal bars, with ϕ6 hoops spaced at 100 mm. The 

axial load ratio of 0.6 was designed at the column top during testing. Two 

numerical models that corresponded to the tested specimens were developed 

using ABAQUS, with interior connection referred to as JH-A-Z and exterior 

connection as JH-A-B. 

Table 1 lists geomitries and properties of tested and modeled specimens. In 

the table, L is the column height; D is the column diameter; t is the tube 

thickness; b0 is the width of ring beam; l is the beam length; α is the steel ratio 

(ASC/ACC, where ASC and ACC are the cross-sectional areas of GCFST column and 

core concrete, respectively); λ is the slenderness ratio of column, defined as 

4lc/D, where lc is the calculated column height; k is the beam-to-column bending 

stiffness ratio, which is calculated as the ratio of beam stiffness to column 

stiffness; f’c,b is the unconfined concrete compressive strength for the frame 

beam; f’c,c is the confined concrete compressive strength for the GCFST column; 

n is the axial load ratio, defined as N0/Nu, where N0 is the axial load applied at 

the column top, and Nu is the plastic axial capacity of the GCFST column 

calculated by CECS28-2012 [21]. 

 

 

(a) Experimental test 

 

(b) Numerical simulation 

Fig. 5 Comparison of simulated and experimental failure mode 

 

2.4.1. Failure modes 

Fig. 5 shows a comparison of simulated and tested failure mode. The failure 

mode of the ring-beam connection obtained in numerical simulation matched 

well with those in experimental tests, with concrete cracking formed at the ends 

of frame beam near the region of the ring beam. The ring-beam connection to 

the GCFST column failed due to the significant cracks in the region between 

ring beam and frame beam for both modeled and tested results. The lantern-

shaped cracks were shown in the side of ring beam for numerical model, which 

agreed well with the experimental observations. For the ring-beam connection, 

the GCFST column remained intact in both numerical simulation and 

experimental test. These observations indicated the adequate strength and 

stiffness of the ring-beam connection to resist seismic loads, which satisfies the 

design philosophy in the seismic code for buildings that “strong column and 

week beam, strong connection and week members” [22]. 

 

2.4.2. Load-displacement curve and skeleton curve 

Fig. 6 illustrates a comparison of simulated and experimental load (P) - 

displacement (Δ) curves for exterior and interior connections, where P 

represents the load imposed at frame beam ends, and Δ represents vertical 

displacement at the frame beam ends. As shown in Fig. 6, the simulated curves 

matched acceptably with the experimental curves, with the similar strength 

degradation and stiffness reduction during the process of loading. However, the 

simulated curves were fuller than the experimental curves, with the pinching 

observations formed in the experimental curves. The difference in curve shape 

would be caused by the deficiency of selected concrete constitutive model in 

modeling the significant reinforcement-concrete bond slip behavior. Few 

research studies have been conducted to develop and evaluate the gangue 

concrete constitutive model under different loading condictions. As a result, a 

perfect concrete model was not located in the open literature.  

Fig. 7 compares simulated and experimental skeleton curves for the interior 

and exterior ring-beam connections. Table 1 summarizes tested and simulated 

characteristic loads for each connection. As shown in Fig. 7 and Table 2, the 

simulated skeleton curves achieved an acceptable agreement with the 

experimental results with a slightly lower peak. The difference of the peak value 

between the numerical simulation and experimental tests was approximately 

10%. As indicated in relevant research studies [11, 23, 24], the difference 

between simulated and tested results up to 20% was acceptable for a complex 

FE model. This difference was attributed to the deficiency of concrete 

constitutive model and the Tie model selected to represent welding for each 

steel component. Overall, the developed model reasonably represented the 

failure mode of ring-beam connection under seismic loading and acceptably 

predicted the strength and stiffness degradation. 

 

Table 2 

Comparison of character loads and displacements 

Model 
P0 

(kN) 

Δy 

(mm) 

Py 

(kN) 

Δmax 

(mm) 

Pmax  

(kN) 

Pu 

(mm) 

JH-E-B 11 1.9 21 6.23 39 32.7 

JH-A-B 12.10 1.83 19.02 5.93 44.15 37.52 

JH-E-Z 13 2.1 24 6.37 49 42.6 

JH-A-Z 12.45 2.02 23.38 5.95 47.72 40.56 
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(a) Interior connection 

 

(b) Exterior connection 

Fig. 6 Comparison of tested and simulated load-displacement curves 

 

 

(a) Interior connection 

 

(b) Exterior connection 

Fig. 7 Tested and simulated load-displacement skeleton curves 

 

3.  Predicted behavior of ring-beam connection 

 

Fig. 8 shows the load-dipslacement curves of the ring-beam connection to 

CFST column when subjected to cyclic load. In this figure, four representative 

points were defined to analyze the connection behavior at different phases. Point 

A indicates the appearance of first crack in the frame beam, with the bearing 

capacity defined as P0. Point B represents the yielding of ring beam connection, 

and the corresponding connection bearing capacity was defined as Py. As the 

load reaches the peak value, the ultimate bearing capacity of the ring-beam 

connection (Pmax) is obtained in the curve, referenced as to Point C. Point D 

represents the load at connection failure (Pu) when the load reduced to 85% of 

Pmax. The behavior of each component in the ring beam connection was analyzed 

in the following sections. 

 

 

Fig. 8 Typical P-Δ curve for a connection to GCFST column 

 

3.1. GCFST column 

 

The GCFST column was subjected to bending moments created from the 

cyclic load at the ends of frame beams and an axial load at the column top. Fig. 

9 depicts the stress of confined gangue concrete (S33, in MPa) in the GCFST 

column at each point, in which the stress is the concrete compressive stress 

along the normal direction. The compression region developed along the 

column height and the compressive stress increased with the increased cyclic 

load at the ends of frame beams, as shown in Fig. 9. Furthermore, the lateral 

deformation of the core concrete increased as the axial load was applied at the 

top, resulting in the increase of the steel tube confinement on the core gangue 

concrete. At point C, the concrete compressive stress reached 24.1 MPa which 

approximates to 1.18fc’. This finding indicated that the steel tube confinement 

is beneficial to the increased strength of the concrete due to triaxial stress state. 

The accumulation of damage in the core gangue concrete resuted in the decrease 

in the concrete compressive stress after the point C,.  

 

 

Fig. 9 Compressive stress of core gangue concrete 

  

 

Fig. 10 Compressive stress in the connection zone  

 

Fig. 10 plots cross-sectional stress distribution for the confined concrete in 

GCFST column at each point. It was observed that the neutral axis of the 
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confined concrete shifted from the tensile region to the compressive region with 

the increase in the load. A diagonal compressive strut was developed for the 

center region of the ring beam connection, identifying that the confined concrete 

carried the shear stress and moment. The compressive strut extended as the 

average stress increased with the increased load. The maximum average stress 

of the compressive strut was obtained at the point C. Then, the compressive strut 

continued expanding with the decreased average compressive stress due to the 

accumulated concrete damage after the point C. 

 

 

Fig. 11 Shear stress for steel tube  

 

The steel tube shear stress (S12) in the GCFST column at each point is 

shown in Fig. 11, in which shear stress is used to examine the load-transferring 

mechanism for the composite connection. Fig. 12 plots the stress of shear ring 

along the perimeter at the point C. The average stress of the tube increased and 

the stress zone in the connection region developed with the increase in the cyclic 

load. A diagonal stress zone was observed in the connection region at the point 

C, and shear ring stress was lower than the steel yield strength in the elastic state. 

It can be observed that the shear ring was functioned to transfer the shear stress 

to the column which was the primary component to sustain the shear stress 

under cyclic loading.  

 

 

Fig. 12 Shear ring stress along perimeter at point C 

 
3.2. RGC beam 

 

Fig. 13 shows stress distribution (S11, in MPa) in RGC beam at the 

characteristic points along with the equivalent plastic strain shown in Fig. 14. 

In Fig. 14, the equivalent plastic strain represents the formation of concrete 

cracks in the beam. The compressive and tensile stresses were observed at the 

top and bottom sides of RGC beam close to GCFST column due to bending 

moment and compression load along the beam length at the point A. The initial 

crack was formed in the region between the ring beam and the frame beam at 

this point. As the cyclic load increased, the compression region developed along 

the beam length, and concrete cracks was shown to propagate along the beam 

depth. At the point C, the lantern-shape cracks were formed in the side of ring 

beam with significant concrete cracks observed through the frame beam. At 

point D, concrete cracks were extended to the ring beam, and this connection 

failed due to significant concrete cracks in the frame beam. 

 

 

 

Fig. 13 Stress distribution (S11) in RGC beam 

 

 

Fig. 14 Equivalent plastic strain distribution in RGC beam 

 

Fig. 15 shows reinforcement stress in the RGC beam at the characteristic 

points. As shown in Fig. 15, the compressive and tensile stress in reinforcements 

was formed at the top and bottom sides of the frame RGC beams in the initial 

phase of loading. The increased cyclic load resulted in the increased stress in 

the reinforcements. As the cyclic load increased at the point B, the longitudinal 

reinforcements embedded in the frame beam were yielded with the yielding of 

circular reinforcements in the ring beam. This observation indicated the yielding 

of ring-beam connection. At point C, the stress in the longitudinal and circular 

reinforcements further increased, while was still less than the reinforcement 

ultimate strength. The hoops in the region between the ring beam and frame 

beam were yielded during the loading.  

 

 

Fig. 15 Stress distribution of reinforcements in RGC beam 

 

Based on the behaviors of structural components in this composite 

connection, the load transferring mechanism of the ring-beam connection was 

summarized as: The bending moment was produced on the ring beam and could 

be simplified as the compression and tension forces at the top and bottom side 

of the ring beam when the cyclic loads were applied at the ends of the frame 

beams. The compression force was transferred through the ring beam and 

sustained by the GCFST column, while the tension force was resisted by the 

circular reinforcement and hoop in the ring beam. In addition, shear forces 

formed in the frame beams were transferred to the GCFST column through three 

primary components, (i) shear ring welded in the tube was used to transfer shear 

forces through interaction forces between shear ring and steel tube; (ii) adhesive 

force between ring beam and steel tube also played an essential role in the shear 

transferring mechanism; and (iii) a diagonal strut was developed around the 

connection region to produce the significant friction force due to the extrusion 

of ring beam on the GCFST column. 

 

4.  Parametric studies 

 

Parametric studies were performed that examined the influences of several 



Chen Fang et al.  390 

 

design parameters on dynamic response of the ring beam connection when 

subjected to cyclic loads. The studied parameters include: (1) Material 

parameters: concrete compressive strength and steel yield strength; (2) 

Geometric parameters: steel ratio, GCFST column slenderness ratio, beam-to-

column stiffness ratio, and width of ring beam; (3) Load parameters: axial load 

magnitude at the column top. 

Effects of the studied parameters were evaluated by examining bending 

moment (M) to rotation (θ) relationship of the beam and the initial stiffness of 

the connection. In this section, the skeleton curves for the bending moment to 

rotation relation were used to clearly examine the initial stiffness and the 

ultimate bearing capacity of the ring-beam connection. The initial stiffness of 

the ring-beam connection is determined as the secant stiffness corresponding to 

the 0.2Muj according to the research studies [25] for CFST member as shown in 

Eq. (3). 

 

0.2

0.2
uj

i

M
K


=  (3) 

 

where Ki is the ring-beam connection initial stiffness; Muj represents the ultimate 

beading moment; and θ0.2 is the rotation that corresponds to 0.2Muj. Fig. 16 

illustrates the M - θ curves and resulting skeleton curves in the parametric 

studies for ring beam connection. 

 

  

(a) JH-A-Z     (b) n = 0.2 

  

(c) n = 0.8     (d) α = 0.056 

 

(e) α = 0.106     (f) b0 = 100 mm 

  

(g) b0 = 140 mm    (h) f’c,c = 20 MPa 

  

(i) f’c,c = 40 MPa    (j) f’c,b = 20 MPa 

  

(k) f’c,b = 40 MPa    (l) λ = 25 

  

(m) λ = 49     (n) k = 0.711 

 

(p) k = 1.066 

Fig. 16 M-θ curves in parametric studies for ring beam connection 

 

4.1. Axial load ratio (n) 

 

In this section, three axial load ratios, including 0.2, 0.6, and 0.8, were 

considered to apply the axial load at the column top. Fig. 17 illustrates 

influences of axial load ratio on the M-θ curves, with Fig. 18 on the connection 

initial stiffness. The axial load ratio affected the ring-beam connection flexural 

capacity, as shown in Fig.s 17 and 18. The increased axial load magnitude at the 

column top resulted in the increased flexural bearing capacity of the ring beam 

connection. The moment increased linearly with the rotation at the initial phase 

of loading. As the the axial load ratio increased, the ring-beam connection initial 

stiffness increased in an approximately linear relation. The connection stiffness 

at the hardening phase increased with the increased axial load ratio, and the 

connection would be failed earlier at a higher axial load. The increased axial 

load magnitude at the column top beneficially improved the column bending 

moment capacity and enhanced the ring-beam connection flexural capacity. 

 

 

Fig. 17 Effects of n on M-θ curve 
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Fig. 18 Effects of n on initial stiffness 

 
4.2. GCFST column steel ratio (α) 

 

The steel ratio was varied by the change of steel tube thickness in this study. 

Three tube thicknesses were selected as 5 mm, 6 mm, and 7 mm. Fig. 19 

illustrates effects of steel ratio on the M-θ relation, with Fig. 20 shown effects 

of steel ratio on the connection initial stiffness. The stiffness and flexural 

capacity of the ring-beam connection increased with the increased steel ratio of 

the GCFST column. The maximum flexural capacity was improved by 20% 

when the steel ratio increased from 0.056 to 0.078, while the flexural capacity 

increased by 5% with the increase in the steel ratio from 0.078 to 0.106. 

Similarly, the initial stiffness of the connection increased by approximately 25% 

as the steel ratio increased from 0.056 to 0.106. After the ultimate flexural 

capacity, the decrease of the flexural bearing capacity is aggravated with the 

increase of steel ratio. The increase in the connection flexural capacity was not 

as prominent as that observed from 0.056 to 0.078 in terms of ultimate flexural 

capacity and initial stiffness when the steel ratio increased from 0.106 to 0.078,. 

A limit to the connection capacity improvement exists as the column steel ratio 

increaes. Overall, the steel ratio of GCFST column significantly influenced the 

bearing capacity of the ring beam connection. 

 

 

Fig. 19 Effects of α on M-θ curve 

 

 

Fig. 20 Effects of α on initial stiffness 

 
4.3. Ring beam width (b0) 

 

The ring beam width is expected to influence the ability of the ring beam 

to transfer shear force and bending moment to the GCFST column. Three widths 

(140 mm, 120 mm, and 100 mm) were used to investigate its effect on 

connection behavior. Fig. 21 illustrates effects of ring beam width on the M-θ 

relation, with Fig. 22 shown effects of ring beam width on the connection initial 

stiffness. As shown in Fig. 21, the ring-beam connection flexural capacity was 

enhanced with an increase in ring beam width. The ultimate flexural bearing 

capacity for b0 = 140 mm was 18% and 5% higher than those for the connection 

with b0 = 100 mm and 120 mm, respectively. It was observed from Fig. 22 that, 

the influence of ring beam width on the initial stiffness of the connection was 

insignificant with a similar value of 10000 kN∙m∙rad-1 obtained for three 

connections. Increasing ring beam width was beneficial to the connection 

capacity to sustain and transfer the bending moments produced from the cyclic 

load at the frame beams. 

 

 

Fig. 21 Effects of b0 on M-θ curve 

 

 

Fig. 22 Effects of b0 on initial stiffness 

 
4.4. Confined concrete compressive strength (f’c,c) 

 

Three compressive strengths of cofined concrete, involving 20 MPa, 30 

MPa, and 40 MPa, were selected to analyze its effects on the connection 

behavior. Fig. 23 illustrates effects of concrete compressive strength in GCFST 

column on the M-θ relation, with Fig. 24 shown on the connection initial 

stiffness. As shown in Figs. 23 and 24, the confined concrete compressive 

strength in GCFST column had an insignificant influence on the initial stiffness 

and flexural capacity of the ring-beam connection. This finding was attributed 

to the design principle used for the ring-beam connection in this study that 

“strong column and weak beam” and the intact column during the loading. 

 

 

Fig. 23 Effects of f’c,c on M-θ curve 
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Fig. 24 Effects of f’c,c on initial stiffness 

 

4.5. Concrete compressive strength in frame beam (f’c,b) 

 

Similarly, effects of concrete compressive strength in the frame beam  

were examined in this section. The concrete strength included 20 MPa, 30 MPa, 

and 40 MPa. Fig. 25 illustrates effects of concrete compressive strength in frame 

beam on the M-θ relation, with Fig. 26 shown on the connection initial stiffness. 

It was observed that, the increased concrete compressive strength in the frame 

beam resulted in the increased the ring-beam connection flexural capacity. The 

maximum flexural capacity of the ring-beam connection for f’c,b = 40 MPa was 

1.1 and 1.4 times larger than those for the connection for f’c,b = 30 MPa and 20 

MPa, respectively. At the initial loading phase, the concrete compressive 

strength in frame beam had an insignificant effect on the behavior of the ring-

beam connection with similar initial stiffness of 10000 kN∙m∙rad-1 obtained for 

three studied connections due to the elastic behavior exhibited in the 

connections. Therefore, an increase in the concrete compressive strength in the 

frame beam was advantageous to the ring-beam connection flexural capacity to 

resist rotation, which improves connection behavior after the occurrence of 

cracks. 

 

 

Fig. 25 Effects of f’c,b on M-θ curve 

 

 

Fig. 26 Effect of f’c,b on initial stiffness 

 
4.6. GCFST column slenderness ratio (λ) 

 

GCFST column slenderness ratio is expected to change the deformation 

pattern of the connection. In this study, the GCFST column slenderness ratio 

was varied with the change of column height. The studied column height 

included 1000 mm, 1500 mm, and 2000 mm, which produced the column 

slenderness ratios of 25, 36, and 49. Fig. 27 illustrates effects of GCFST column 

slenderness ratio on the M-θ relation, with Fig. 28 shown on the connection 

initial stiffness. The effect of the GCFST column slenderness ratio on the 

flexural capacity and initial stiffness of the ring-beam connection was 

insignificant with almost identical ultimate flexural capacity and initial stiffness, 

as shown in Figs. 27 and 28. In the design principle for the connection, the 

strength of the GCFST column should be higher than the frame beam strength, 

and the column failure was avoided in this study. Therefore, the slenderness of 

the GCFST column insignificantly influenced the behavior of the ring beam 

connection. 

 

 

Fig. 27 Effects of λ on M-θ curve 

 

 

Fig. 28 Effects of λ on initial stiffness 

 

4.7. Beam-to-column stiffness ratio (k) 

 

The beam-to-column stiffness ratio is expected to affect the development 

and location of plastic hinge in the RGC frame beam. The beam-to-column 

stiffness ratio was changed by varying the length of frame beam in this study,. 

Three beam lengths of 800 mm, 1000 mm, and 1200 mm were selected. Fig. 29 

illustrates effects of column-beam stiffness ratio on the M-θ relation, with Fig. 

30 shown on the connection initial stiffness. As shown in Fig. 29 and Fig. 30, 

the flexural capacity of the ring beam connection was enhanced as the beam-to-

column stiffness ratio increased. The ultimate flexural capacity increased by 

about 33% with the increase of the beam-to-column stiffness ratio from 0.711 

to 0.853, while the connection capacity increased by approximately 5% as k 

increased from 0.853 to 1.066. The ring-beam connection stiffness was 

significantly improved with the increased beam-to-column stiffness ratio. 

Connection initial stiffness for k = 1.066 was 38% higher than that for the 

connection with k = 0.711. This finding was also attributed to the design 

principle for the ring-beam connection in this study that “strong column and 

weak beam”. 

 

 

Fig. 29 Effects of k on M-θ curve 



Chen Fang et al.  393 

 

 

Fig. 30 Effects of k on initial stiffness 

 

5.  Conclusions 

 

This paper numerically examined cyclic loaded dynamic response of a ring-

beam connection between GCFST column and RGC beams. Detailed 3D, 

nonlinear, numerical models were developed using ABAQUS. Two specimens 

including an exterior connection and an interior connection were used to 

validate the feasibility of developed connection model with the experimental 

results. The behavior of the ring beam connection was examined to identify the 

force transferring mechanism and failure modes when subjected to the cyclic 

loads at frame beam ends. Extensive parametric studies were performed to 

assess the effects of critical design parameters on the connection behavior. The 

following conclusions were drawn in this paper: 

(1) Finite element models were acceptably validated against the full-scale 

tests. Validation study demonstrated the ability of the developed model to 

reasonably predict failure modes and cyclic-loaded behaviors of the ring-beam 

connection. 

(2) Failure of the ring-beam connection was due to significant concrete 

cracking in the frame beam connected to the ring beam with no obvious damage 

occurred in the GCFST column. This observation satisfied the seismic design 

principle selected for the ring beam connection, and the design principle 

requires “strong column and weak beam” in the design code. 

(3) Stress distribution analysis indicated that, when cyclic loads were 

imposed in the frame beam ends, bending moment was transferred by the ring 

beam and sustained by the GCFST column, while shear forces was transferred 

through the shear ring and resisted by the GCFST column and adhesive force 

between ring beam and tube. The cyclic load resulted in the development of a 

diagonal compressive strut in the region of ring-beam connection. 

(4) Parametric studies indicated that GCFST column steel ratio, axial load 

ratio, beam-to-column stiffness ratio, and concrete compressive strength of the 

frame beam significantly influenced the initial stiffness and flexural capacity of 

the ring-beam connection under cyclic loading. Due to seismic design principle, 

the confined concrete compressive strength and GCFST column slenderness 

ratio had insignificant effects on the performance and dynamic response of the 

ring-beam connection. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Shear connectors are devices that provide shear connection at the interface of steel girders and reinforced concrete slabs in  

composite structures to accomplish composite action in a flexure. The seismic response of composite structures can be 

controlled using properly designed shear connectors. This state-of-the-art review article presents considerable information 

about the distinct types of shear connectors employed in composite structures. Various types of shear connectors, their 

uniqueness and characteristics, testing methods and findings obtained during the last decade are reviewed. The literature, 

efficacy, and applicability of the different categories of shear connectors, for example, headed studs, perfobond ribs, fibre  

reinforced polymer perfobonds, channels, pipes, Hilti X-HVB, composite dowels, demountable bolted shear connectors, 

and shear connectors in composite column are thoroughly studied. The conclusions made provide a response to the flow of 

the use of shear connectors for their behaviours, strength, and stiffness to achieve composite action. 
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1.  Introduction 

 

Composite structural systems have been used for decades and widely 

applied to bridges and building structures with a minimum utilisation of 

materials. The benefits of composite construction such as a rapid construction 

process, a reduction in vertical floor spaces, an overall decrease in self-weight, 

and low structure costs may help provide affordable services to a community. 

A steel beam–concrete slab with shear connectors is a well-known integrated 

structural element of composite structures (Fig. 1), which present economic 

feasibility and excellent structural performance. Shear connectors are used to 

combine two structural elements together at an interfacial stratum to avert the 

upright parting of a slab from a steel girder and provide a smooth transmission 

of longitudinal shear forces (Ahn et al.[1]). During an earthquake, horizontal 

inertial loads in a slab are distributed to a lateral load resisting frame with the 

provision of shear connectors at the connection face of the concrete deck and 

steel beam. The accoutrements of shear connectors could eradicate the slip of 

individual elements caused by horizontal inertia forces and thus the single T-

beam mechanism achieved through composite action. Hence, the stiffness and 

strength of a composite element increase. The Indian standard code (BIS 

(Bureau of Indian Standards) IS 3935 1966[2]) specified Equation (1) for the 

shear force (Sh) at an interface plane, and these shear forces must be smoothly 

transferred through the shear connector in a composite structure.  

 

𝑆ℎ =  
𝑉 𝑚𝑠

𝐼
                             (1) 

 

where V is the vertical load, ms represents the static moment, and I denotes 

the composite cross-section moment of inertia. Therefore, for the smooth 

transmission of the shear force among the concrete deck and steel girder, shear 

connectors should have adequate strength and stiffness. 

 

 

Fig. 1 Typical arrangement of a composite structure employing shear connectors 

 

In this state-of-the-art-review paper, various configuration of shear 

connectors employed in composite structures in the last one decade and their 

uniqueness, characteristic, testing methods, and reported findings are reviewed. 

The efficacy and applicability of different shear connectors such as headed studs, 

perfobond, channels, pipes, Hilti X-HVB, fibre reinforced polymers (FRPs) 

connectors, composite dowels, demountable (bolted) connectors, and shear 

connectors in composite column are thoroughly studied. The use of shear 

connectors in rapports of their behaviours, stiffness, and strength to achieve 

composite action is discussed in detail.  

 

2.  Various shear connectors in composite structures 

 

2.1. Headed stud shear connectors 

 

Headed studs are the shear connectors commonly adopted in industries (Fig. 

2); headed studs provide steel shank resisting longitudinal shear forces and have 

an anchorage head to prevent the vertical movement of slabs in composite 

structures (Ollgaard et al.[3]). Generally, to install a headed stud in the 

prefabricated steel girder beam, special welding equipment are essential. The 

weld strength should be higher than the stud strength. However, these welds 

generally face fatigue problems under repeated loadings (Lee et al.[4], Deng et 

al.[5], Liu et al.[6]). From the last seven decades, many studies have been 

performed on stud connectors after the invention of headed stud shear connector 

by Viest[7]. 

 

 

Fig. 2 Headed stud shear connector 

 

Pallarés and Hajjar[8-9] proposed four formulas for the nominal shear 

strength of headed anchors in the solid slab when a composite beam imperilled 

the shear force responsible for concrete failure when it was subjected to static 

and cyclic loadings. Spremic et al.[10] experimentally investigated five 

different groups of four headed studs through push-out testing specified by 

Eurocode 4[11] to categorize the stiffness and shear strength performance 

between the group and standard arrangements. They aimed to minimise the 
space requirement of the stud in precast concrete slabs to lower than the 
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Eurocode 4[11] specified requirement of 5 times the stud diameter. Xu and 

Liu[12] established an analytical model to appraise the shear stiffness of 

rubber’s sleeved headed studs per varying sleeve heights. Xu et al.[13] 

experimentally tested nine rubber’s sleeved headed studs per varying sleeve 

heights to investigate fatigue performance and observed that with an increase in 

the rubber’s sleeve height, the fatigue strength of the stud decreased. Ding et al. 

[14] experimentallu investigated the steel stud incased in foamed plastic block 

of Ethylene-Vinyl Acetate for the slip-released behavior under push out test. 

Further, the finite element (FE) simulation was performed on shear connector 

providing Polyvinyl Chloride protective shell layer for improvement in slip 

behavior of connector. Sjaarda et al.[15] presented a model to envisage the 

performance of composite beams by using the elastic properties and nonlinear 

load-slip curves of materials for a shear connector. 

Sun et al.[16] explored the performance of the headed stud welded to 

composite deck accompanied by different steel profile decking receiving cyclic 

as well as monotonic loadings. The influence of the type, presence, and 

orientation of decking on the shear capacity of the welded headed stud was 

acquired experimentally. Mirza and Uy[17] observed the outcomes of headed 

stud connectors in composite structure with the effect of different strain regimes 

on concrete profiled steel sheeting and solid slabs using FE analysis, and 

concluded the significant influence of the strain regimes on strength prediction 

and load-slip behavior of shear connector in composite structure. Using the FE 

analysis, Qureshi et al.[18-19] considered the shear influence of central, 

favourable, and unfavourable positioning of single and double studs in a trough 

of profiled steel sheeting for experimental investigation. The efficacy of the 

thickness of profile sheets on the ductility, failure modes, and strength of the 

headed shear connectors employed in composite beams were determined 

throught numerical-experimental investigation. Qureshi et al.[18] explored the 

performance of shear connectors in composite beams under various spacings, 

stud layouts, and concrete strengths.  

Table 1 presents the shear capacity equations of the headed stud connector 

in solid and profile steel sheeting concrete slabs conforming to international 

standards (ACI 2008[20], AISC 2005[21], EN 1994-1-1 2004[10], GB50017-

2003[22], BSI (Bureau of Indian Standards) IS 3935-1966[2]); the equation 

developed in earlier historical studies, which led to the development of shear 

capacity equations for international standards (Viest[7], Slutter and Driscoll[23], 

Ollgaard et al.[3]); and latest studies (Pallarés and Hajjar[8], Qureshi et al.[19]). 

 

Table 1  

Shear-capacity equations of headed stud shear connector 

Sr. 

No. 

Reference Heade

d stud 

in 

Shear-capacity equations Equatio

n no. 

1 EN 1994-1-1 

2004[10] 

Solid 

slab 

 𝑃 =0.29α𝑑2√𝐸𝑐𝑓𝑐
′  ≤ 0.8𝐴𝑠𝐹𝑢 

Here,  

α = 0.2 (
ℎ

𝑑
+ 1)   𝑓𝑜𝑟 3 ≤  ℎ 𝑑⁄ ≤ 4 

α = 1  𝑓𝑜𝑟  ℎ 𝑑⁄ > 4 

2 

2 EN 1994-1-1 

2004[10] 

Profile 

deck 

𝑃 =0.29𝑘𝑙α𝑑2√𝐸𝑐𝑓𝑐
′  for parallel 

deck orientation 

 𝑘𝑙 =0.6
𝑏𝑜

ℎℎ
(

ℎ

ℎℎ
− 1) ≤ 1 

𝑃 =0.29𝑘𝑡α𝑑2√𝐸𝑐𝑓𝑐
′  for transverse 

deck orientation 

𝑘𝑡 =
0.7

√𝑛𝑟

𝑏𝑜

ℎℎ
(

ℎ

ℎℎ
− 1) ≤ 𝑘𝑡,𝑚𝑎𝑥 

3 

 

 

4 

3 GB50017-

2003[22] 

Solid 

slab 

𝑃 =0.43𝐴𝑠√𝐸𝑐𝑓𝑐 ≤ 0.7𝐴𝑠𝐹𝑢 5 

4 GB50017-

2003[22] 

Profile 

deck 

𝑃 =0.43𝑘𝑙𝐴𝑠√𝐸𝑐𝑓𝑐   for parallel deck 

orientation 

 𝑘𝑙 =0.6
𝑏𝑜

ℎℎ
(

ℎ

ℎℎ
− 1) ≤ 1 

𝑃 =0.43𝑘𝑡𝐴𝑠√𝐸𝑐𝑓𝑐  for transverse 

deck orientation 

6 

 

 

7 

𝑘𝑡 =
0.85

√𝑛𝑟

𝑏𝑜

ℎℎ
(

ℎ

ℎℎ
− 1) ≤ 1 

5 AISC 

2005[21] 

Solid 

slab 

𝑃 =0.5𝐴𝑠√𝐸𝑐𝑓𝑐
′ ≤ 𝐴𝑠𝐹𝑢 8 

6 AISC 

2005[21] 

Profile 

deck 

𝑃 =0.5𝐴𝑠√𝐸𝑐𝑓𝑐
′ ≤ 𝑅𝑔𝑅𝑝𝐴𝑠𝐹𝑢  9 

7 ACI 

2008[20] 

Solid 

slab 

𝑃𝑅𝑑,𝑆 =0.65𝐴𝑠𝐹𝑢 

𝑃𝑅𝑑,𝐶 =𝑘𝑐𝑝𝑘√𝑓𝑐
′(ℎ)1.5 

10 

11 

8 IS 3935-

1966[2] 

Solid 

slab 

𝑃 (𝑘𝑔) =4.8 h d√𝑓𝑐 𝐹𝑜𝑟, ℎ 𝑑⁄ < 4.2 

𝑃 (𝑘𝑔) =19.6 𝑑2√𝑓𝑐  𝐹𝑜𝑟, ℎ 𝑑⁄ ≥ 4.2 

12 

13 

9 Viest[7] Solid 

slab 

𝑃= 5.25𝑑2𝑓𝑐
′√

4000

𝑓𝑐
′  𝑤ℎ𝑒𝑛, 𝑑 < 1 inch 

𝑃= 5.25𝑑𝑓𝑐
′√

4000

𝑓𝑐
′  𝑤ℎ𝑒𝑛, 𝑑 > 1 inch 

14 

 

15 

10 Slutter and 

Driscoll[23] 

Solid 

slab 
𝑃= 

932𝑑2√𝑓𝑐
′

𝐴𝑠
 𝑓𝑜𝑟 𝐿𝑜𝑛𝑔 𝑆𝑡𝑢𝑑𝑠, ℎ 𝑑⁄

> 4.2 

𝑃= 

222ℎ𝑑√𝑓𝑐
′

𝐴𝑠
 𝑓𝑜𝑟 𝑆ℎ𝑜𝑟𝑡 𝑆𝑡𝑢𝑑𝑠, ℎ 𝑑⁄

< 4.2 

 

16 

 

17 

11 Ollgaard et 

al.[3] 

Solid 

slab 

𝑃= 0.5𝐴𝑠√𝐸𝑐𝑓𝑐
′ < 𝐴𝑠𝐹𝑢 18 

12 Pallarés and 

Hajjar[8] 

- 𝑃vc= 17𝐴𝑠𝑓𝑐
′0.45

𝐸𝑐
0.04 

𝑃vc = 6.2𝐴𝑠𝑓𝑐
′0.2

𝐸𝑐
0.2 

𝑃vc = 18𝐴𝑠𝑓𝑐
′0.5

ℎ0.2 

𝑃vc = 9λ𝑓𝑐
′0.5

𝑑1.4ℎ0.6 

19 

20 

21 

22 

13 Qureshi et 

al.[19] 

Profile 

deck 

𝑃𝑈 𝑆&𝐷 = α × 𝑃𝐹(0.9𝑡𝑑) × (0.38𝑡𝑑

+ 0.66) 

𝑃𝐶𝑆 = β × 𝑃𝐹(0.9𝑡𝑑) × (0.25𝑡𝑑 + 0.78) 

𝑃𝐶𝐷 = β × 𝑃𝐹(0.9𝑡𝑑) × (0.16𝑡𝑑 + 0.87) 

23 

24 

25 

 

2.2. Perfobond ribs shear connectors 

 

Due to higher fatigue strength and easier installation than those of 

conventional headed studs, perfobond-ribbed (PBL) shear connectors were 

christened for composite structures (Leonhardt et al.[24], Oguejiofor and 

Hosain[25-27]). PBL connectors necessitate the use of perforated rectangular 

steel plates with circular holes that are more prominent than the diameter of 

transverse reinforcement and perforating rebars. PBL plates are conventionally 

welded at the top flange of steel girders. 

Vellasco et al.[28] proposed T-rib perfobond shear connectors (Fig. 3a) that 

were useful in hogging moment areas, corner, and edge column flanges for 

composite portal frames to transfer forces from rebars. Vianna et al.[29] 

incorporated one or two rows of two (Fig. 3b) or four holes (Fig. 3c) in the web 

plate of T-rib perfobond shear connectors. Ahn et al.[1] presented a PBL shear 

connector suitable for the mixed girder arrangement comprising prestressed 

reinforced cement concrete (RCC) and steel girders. Shear capacity equations 

were proposed for single and twin PBL ribs, which accounted for the role of 

concrete end-bearing effects, the influence of concrete-dowel, and transverse 

reinforcements in rib holes. Vianna et al.[30] tested T-rib connectors with many 

variables such as high-grade concrete, connector holes with steel reinforcement, 

and slab thickness to evaluate the slip capacity, shear resistance, and failure 

mode. Costa-Neves et al.[31] emphasised the shear connector geometry and 

introduced double T-perfobond (Fig. 3d) and I-perfobond (Fig. 3e) connectors 

for composite girders. Their push-out test results revealed that the resistance 
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enhancement of approximately 150%–300% is achievable due to the flange 

arrangement of connectors with and without transverse reinforcement in rib 

holes. Rodrigues and Laím[32] experimentally probed the performance of T-

PBL, T shear connectors, and T-block in fire to find the shear resistance capacity, 

collapse mode, and ductility at ambient and different raised up temperatures.  

 

 

Fig. 3 Perfobond rib shear connectors: (a) T-ribs (Vellasco et al.[28]), (b) two holes in T-

rib (Vianna et al.[29]), (c) four holes in two rows T-rib (Vianna et al.[29]), (d) 2T-

Perfobond T-rib (Costa-Neves et al.[31]), and (e) I-Perfobond T-rib (Costa-Neves et 

al.[31]) 

 

Kim et al.[33] invented a “Y” shaped PBL shear connector (Fig. 4) and 

proved its superiority in fatigue and shear resistance through progressive 

experimental and analytical investigation under the static loading (Kim et 

al.[33-36]) and cyclic loading (Kim et al.[37-39]). Ramasamy and Govindan[40] 

studied the effects of triangular holes as perforation on PBL connectors to assess 

strength capacity through push-out testing. Two types of facing of triangular 

holes, facing flange TR1 (Fig. 5a) and facing opposite to flange TR2 (Fig. 5b), 

perfobond plates were discussed to discover the feasibility of resisting the shear 

capacity and slip. Zheng et al.[41] highlighted the importance of hole 

geometries in PBL shear connectors for shear capacity evaluation and 

investigated the performance of circular and long-hole PBL ribs through push-

out testing. Fan and Zhou[42] proposed a new PBL connector, perfobond hoop 

(PBH), comprising PBL with stirrups embedded in the hole for steel–concrete 

composite arch elements, particularly for bridges. The experimental results 

showed the better mechanical property and higher shearing capacity of 

perfobond hoop than PBL connectors. The results of the theoretical and 

experimental studies of Zhang et al.[43-44] on PBL connectors in groups for the 

internal force transfer mechanism revealed the uneven distribution of forces in 

the elastic stage and even plastic deformation. Yu et al.[45] assessed the act of 

PBL connectors encased in recycled aggregate concrete slabs for strength 

appraisal of connection. 

 

 

Fig. 4 Y-shaped perfobond rib shear connectors (Kim et al.[33]) 

 

 

 

Fig. 5 (a) Triangular-apex fronting the flange and (b) triangular-apex conflicting to flange 

(Ramasamy and Govindan[40]) 

 

Su et al.[46] presented a new push-out testing system while assessing the 

behaviour of perfobond rib connectors to isolate the effect of friction and 

specimen size on structural performance by using PBL. Su et al.[47] 

investigated PBL in a composite girder bridge inlay with transverse rebar and 

concrete to evaluate the shear resistance capacity. Zhan et al.[48] experimented 

specific push-out tests (Fig. 6) on PBL and headed stud shear connectors in 

composite structures to see the stimulus of external pressure on the behaviour 

of shear connectors. The strength and stiffness of headed studs substantially 

improved due to the application of external pressure when the friction effect 

was employed. 

 

 

Fig. 6 External pressure on a test block for the push-out test (Zhan et al.[48]) 

 

2.3. FRP PBL shear connectors 

 

FRP materials are utilised as shear connector support to enhance the 

flexural stiffness, obtain excellent corrosion resistance, and increase the 

capacity of structural strength. Zou et al.[49] used perforated FRP ribs as shear 

connectors to promote the mutual linking between a pultruded FRP I-girder and 

concrete slabs. Gwon et al.[50] performed the push-out test on the composite 

concrete-FRP module with FRP PBL connectors in the one-piece arrangement 

and introduced an equation to formulate the strength of FRP connectors in shear. 

Cho et al.[51] reported the importance of the number and diameter of rib holes 

for FRP PBL connector performance. 

Table 2 presents the shear capacity equations developed by various 

researchers. Parameters responsible for strength predictions are highlighted 

with mark ‘✓’. Factors accountable for the PBL strength are: (a) concrete dowel 

action, (b) perforated rebars, (c) concrete slab end-bearing effects, (d) splitting 

resistance of concrete slabs, (e) transverse reinforcements, (f) chemical bonds, 

(g) empirical constants, and (h) other specific factors. 

 

 

Table 2  

Shear-capacity equations of PBL shear connector 

Sr. 

no. 

References Shear-capacity equations Shear capacity contribution factors Equation no. 

a b c d e f g h 

1 Oguejiofor and 

Hosain[26] 

Q = 0.590𝐴𝑐𝑐√𝑓𝑐
′ + 1.233𝐴𝑡𝑟𝑓𝑦 + 2.871𝑛𝑑ℎ

2√𝑓𝑐
′ ✓   ✓ ✓    26 

2 Oguejiofor and 

Hosain[27] 

Q = 4.5ℎ𝑝𝑡𝑝𝑓𝑐
′ + 0.91𝐴𝑡𝑟𝑓𝑦 + 3.31𝑛𝑑ℎ

2√𝑓𝑐
′ ✓  ✓  ✓    27 
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3 Yoshitaka et al.[52] 

Q = 3.38 𝑑ℎ
2

√𝑡𝑝 𝑑ℎ⁄  𝑓𝑐 − 39.0 

with 22.0< 𝑑ℎ
2

√𝑡𝑝 𝑑ℎ⁄  𝑓𝑐< 194.0 

Q = 1.45 [(𝑑ℎ
2 − 𝑑𝑟ℎ

2 ) 𝑓𝑐 + 𝑑𝑟ℎ
2 𝑓𝑦] − 26.1 

with 51.0< (𝑑ℎ
2 − 𝑑𝑟ℎ

2 ) 𝑓𝑐 + 𝑑𝑟ℎ
2 𝑓𝑦< 488.0 

✓ 

 

✓ 

 

 

✓ 

 

 

 

 

 

   ✓ 

 

✓ 

 28 

 

29 

4 Al-Darzi et al.[53] 𝑄𝑢 =255.31+7.62 × 10−4ℎ𝑝𝑡𝑝𝑓𝑐
′ − 7.59 × 10−10𝐴𝑡𝑟𝑓𝑦

+ 2.53 × 10−3𝐴𝑐𝑑√𝑓𝑐
′ 

✓  ✓  ✓  ✓  30 

5 Ahn et al.[54] Q = 3.14 ℎ𝑝 𝑡𝑝 𝑓𝑐 + 1.21𝐴𝑡𝑟𝑓𝑦 + 2.98𝑛𝑑ℎ
2

√𝑓𝑐  – Single Rib 

PBL 

Q = 2.76 ℎ𝑝 𝑡𝑝 𝑓𝑐 + 1.06𝐴𝑡𝑟𝑓𝑦 + 2.61𝑛𝑑ℎ
2

√𝑓𝑐  – Twin Rib 

PBL 

✓ 

 

 

✓ 

 ✓ 

 

 

✓ 

 ✓ 

 

 

✓ 

   31 

 

 

32 

6 Zhao and Liu[55] and 

Deng et al.[56] 

Q = 1.38 (𝑑ℎ
2
-𝑑𝑟ℎ

2 ) 𝑓𝑐 + 1.24 𝑑𝑟ℎ
2  𝑓𝑦 ✓ ✓       33 

7 Verissimo[57] 𝑄𝑢 =4.04
ℎ𝑠𝑐

𝑏
ℎ𝑠𝑐𝑡𝑠𝑐𝑓𝑐

′ + 2.37𝑛𝐷2√𝑓𝑐
′ + 0.16𝐴𝑐𝑐√𝑓𝑐

′

+ 31.85 × 106
𝐴𝑡𝑟

𝐴𝑐𝑐
 

 

✓  ✓ ✓ ✓    34 

9 Medberry and 

Shahrooz[58] 

𝑄𝑢 =0.747bℎ𝑒𝑐𝑠√𝑓𝑐
′ + 0.413𝑏𝑓𝐶𝐿 + 0.9𝐴𝑡𝑟𝑓𝑦

+ 1.66𝑛𝜋 (
𝑑ℎ

2
)

2

√𝑓𝑐
′ 

✓   ✓ ✓ ✓   35 

10 Deng et al.[56] Q =0.5𝐴𝑠√𝐸𝑐𝑓𝑐
′ + 1.38 (𝑑ℎ

2 − 𝑑𝑟ℎ
2 ) 𝑓𝑐 + 1.24𝑑𝑟ℎ

2 𝑓𝑦  ✓ ✓      ✓ 36 

11 Gwon et al.[50] 

𝑄𝐹𝑅𝑃 =1.84𝑏𝑓𝐶𝐿 + 7.346𝑛𝜋√𝑓𝑐
′ (

𝑑ℎ

2
)

2

+ 0.95𝐴𝜈𝑓𝑓𝑟 

✓   ✓ ✓    37 

12 Su et al.[47] 𝑄𝑢 =𝐴𝑐𝑑𝜏𝑐𝑢 + 𝐴𝑡𝑟𝜏𝑠𝑦 

If,  

𝐴𝑡𝑟(𝛽′𝐴𝑡𝑟𝜏𝑠𝑢 − 𝜏𝑠𝑦) ≤ 𝐴𝑐𝑑𝜏𝑐𝑢 

𝑄𝑢 =𝛽′𝐴𝑡𝑟𝜏𝑠𝑢 

If,  

𝐴𝑡𝑟(𝛽′𝐴𝑡𝑟𝜏𝑠𝑢 − 𝜏𝑠𝑦) > 𝐴𝑐𝑑𝜏𝑐𝑢 

Here, 𝜏𝑐𝑢 =  𝛼𝑐𝑘𝑠√𝑓𝑐𝑓𝑡 

✓    ✓ 

 

 

 

✓ 

 

   38 

 

 

 

39 

13 Zheng et al.[41] For circular hole PBL, 

 𝑄𝑢 =1.85[(𝐴 − 𝐴𝑡𝑟)𝑓𝑐 + 𝐴𝑡𝑟𝑓𝑢] − 26.1 × 103 

For long-hole PBL, 

𝑄𝑢 = 1.76 (𝐴 − 𝐴𝑡𝑟)𝑓𝑐 + 1.58𝐴𝑡𝑟𝑓𝑦 

✓ 

 

 

✓ 

✓ 

 

 

✓ 

      40 

 

 

41 

14 Zou et al.[49] Shear failure in FRP plate, 𝑄𝑢 =1.1𝐴𝑠ℎ𝑒𝑎𝑟𝑆𝑥𝑦 

Here, 𝐴𝑠ℎ𝑒𝑎𝑟 =  (𝐿 − 0.7𝑑ℎ𝑛)𝑡𝑝 

Failure in a concrete wedge, 𝑄𝑢 =4.5ℎ𝑝𝑡𝑝𝑓𝑐
′ +

3.31𝑛𝑑ℎ
2√𝑓𝑐

′ + 0.91𝐴𝑡𝑟𝑓𝑦 

 

 

 

✓ 

 

 

 

✓ 

   

 

 

✓ 

   

✓ 

 

 

42 

 

43 

2.4. Composite dowels as shear connectors 

 

Kopp et al.[59] presented the contextual data of puzzle shaped (PZ) and 

clothoidal (CL) composite dowels (Fig. 7) for their application as shear 

connectors in composite beam. The information have been utilised to derive 

technical rules to prepare the instructions for structural design principles, 

ultimate limit states, production, and construction. The bidirectional and even 

distribution of the shear force in composite structure could occur with the 

symmetric geometry of CL and PZ composite dowels (Seidl et al.[60]). The 

radius connections of these dowels provide favourable fatigue resistance and 

relevant strength to fatigue cracks. Hechler et al.[61] reported a fatigue design 

concept of PZ continuous shear connectors in prefabricated composite beam 

construction. Dudziński et al.[62] studied the fatigue cracks and fatigue 

durability of composite dowels through the beam test and FE analysis of the 

modified CL-shaped composite dowels. Lorenc et al.[63] revealed the 

behaviour of PZ (PZ 300/100) shear connectors for load-carrying capacity 

through shear resistance in full-scale push-out tests under static loadings. The 

influencing parameters such as the dowel size, web thickness, and grade of steel 

were studied during testing.  
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Fig. 7 (a) Clothoidal and (b) puzzle shape composite dowels used as shear connectors 

(Kopp et al.[59]) 

 

2.5. C-shaped angle and channel shear connectors 

 

In general, the low strength of headed studs and complications regarding 

the provision of transverse rebar in PBL holes lead to the possibility of the 

development of C-type shear connectors. The two times higher shear strength 

of channel connectors than that of the headed stud and their better working 

environment for reinforcement than the working environment of PBL 

connectors were ascribed to their developed constructability advantages 

(Shariati et al.[64]). C-shaped connectors are available in two forms: angle and 

channel profile. Table 3 presents the standard equation used to predict the shear 

strength of channel connectors and some selective studies contributing in 

equation development are referenced. 

 

Table 3  

Shear-capacity equations of channel connector 

Sr. 

no. 

Reference Shear-capacity equations Equation 

no. 

1 AISC 2005[21] 𝑃𝑐 =0.3(𝑡𝑓 + 0.5𝑡𝑐)𝐿𝑐√𝑓𝑐
′𝐸𝑐 44 

2 NBC (National 

Research Council) 

2005[65] 

𝑃𝑐  =36.5(𝑡𝑓 + 0.5𝑡𝑐)𝐿𝑐√𝑓𝑐
′ 45 

3 GB 50017-2003[22] 𝑃𝑐  =0.26(𝑡𝑓 + 0.5𝑡𝑐)𝐿𝑐√𝑓𝑐
′𝐸𝑐 46 

4 BIS (Bureau of 

Indian Standards) IS 

3935-1966[2] 

𝑃𝑐  (𝑘𝑔) =10.7 (ℎ + 0.5𝑡𝑐)𝐿𝑐√𝑓𝑐  47 

5 Soty and Shima[66] 𝑃𝑐 =kh𝐿𝑐√𝑓𝑐
′ 

Here,  𝑘 =63 𝑡𝑐 ℎ⁄  + 1.60 

48 

6 Pashan and 

Hosain[67] 

𝑃𝑐  =(336𝑡𝑐
2 + 5.24𝐿𝑐𝐻)√𝑓𝑐

′  49 

7 Pashan and 

Hosain[67] 

𝑃𝑐𝑚 =(1.7𝐿𝑐𝐻
𝑤𝑑

ℎ𝑑
+ 275.4𝑡𝑐

2)√𝑓𝑐
′  50 

8 Baran and 

Topkaya[68] 

𝑃𝑐  =
2×𝐿𝑐×𝑡c 

2

𝐻
× 𝐹𝑢 + (𝑓𝑐

′ × 0.25 × 𝐹1 ×

𝐹2 × 𝐻)  

51 

9 Tahmasbi et al.[69] 𝑃𝑐  = 0.213 𝐿𝑐√𝑡√𝑓𝑐
′ 52 

 

Shariati et al.[70] experimentally studied the channel and angle shear (Fig. 

8a and 8b) connectors entrenched in high strength concrete (HSC) to compare 

the performance of shear strength and ductility under static and cyclic push-out 

loadings. Channel connectors exhibit 6.8%–30.1% and 18.5% higher shear 

strength when exposed to static and full-reversed fatigue loadings, respectively, 

than angle connectors do in HSC. The performance of angel connectors was 

7.5%–36.4% and 23.6%–49.2% lower for shear strength than that of channel 

connectors when employed in reinforced normal concrete subjected to 

monotonic and full-reversed cyclic loadings, respectively (Shariati et al.[71]). 

By taking the advantages of the properties of ultra-high performance concrete 

(UHPC) thin plates such as high tensile strength, satisfactory durability, and 

ultra-high compressive strength, Zhao et al.[72] proposed short steel channel 

connectors with thin UHPC plates for composite decks. Balasubramanian and 

Rajaram[73] reported the experimental findings of push-out static loading tests 

performed on composite structures with angle shear connectors. Deng et al.[5] 

proposed a unique channel connector type and compared its behaviour with T-

rib and angle shear connectors in the experimental push-out test. The test results 

revealed that the maximum bearing capacity of the channel connector was 

approximately 92.1% and 47.5% superior than that of T-PBL connectors and 

angle connectors, respectively, with an adequate energy dissipation capacity. 

Titoum et al.[74] proposed an I-shaped connector and compared its behavior 

with the channel connector and confirms the similarity of their behaviors. So, 

the equation predicting the ultimate strength of channel connector as per 

Canadian code could significantly be adoptable for I-shape connector. Baran 

and Topkaya[68] found that the equation presented in Canadian and American 

specifications for predicting the strength of channel shear connectors was highly 

conservative as it considers limited parameters. Therefore, considering various 

lengths, the height of channel connectors, and the outcomes of 15 push-out tests, 

they invented a equation for determining the shear capacity of channel 

connectors. Pashan and Hosain[67] developed new equations to estimate the 

maximum shear capacity of channel connectors employing channel connectors 

on a composite beam interface with solid and wide-ribbed (ribs parallel to the 

beam) metal deck concrete slabs. Khorramian et al.[75] experimentally 

investigated the 112.5° and 135° tilted positions of angle shear connectors with 

the steel beam and various angle sizes and lengths for strength improvement. 

Shariati et al.[76] introduced soft computing artificial intelligence techniques 

and an adaptive neuro-fuzzy inference approach to forecast the behaviour of C-

shaped tilt-angle connectors. Their findings open that the slip is a predominant 

factor and the inclination angle has secondary importance in the shear strength 

of tilted connectors. Soty and Shima[66] established an experimental beam-type 

test procedure and concluded that the effect of the shear force direction on shear 

connectors predominantly influences the strength of angle shear connectors. 

Shariati et al.[64] introduced V-shaped angle connectors (Fig. 8c) and 

investigated different parameters such as the height, length, and inclination 

angle of connectors with a flange of the I-steel beam for uplift resistance, high 

shear transfer, and ductility under monotonic and cyclic loadings. These results 

were compared with the C-types angle (Fig. 8b)  and channel (Fig. 8a) 

connectors obtained in the investigation of Shariati et al.[70]. 

 

 

Fig. 8 (a) Channel shear connector, (b) angle shear connector, and (c) inclined V-shaped 

angle shear connector (Shariati et al. [64], [70]) 

 

Hicks et al.[77] evaluated the shear connectors in brides of the Canterbury 

and West Coast regions, and the Gisborne and Hawke’s Bay regions for the 

New Zealand Heavy Engineering Research Association (HERA). They reported 

that 72% and 63% of bridges employed welded channels while 18% and 30% 

of bridges used V-angles as a shear connector in the Canterbury and West Coast 

regions (see Fig. 9), and the Gisborne and Hawke’s Bay regions (see Fig. 10), 

respectively. In comparison, shear stud and other connectors have been used in 

3% and 7% of bridges, respectively. The worked example of the Waipoua river 

composite bridge in New Zealand has also been specified for new design 

guidelines. 

 

 
Fig. 9 Different forms of shear connector employed for the Canterbury and West Coast 

region composite bridges (Hicks et al.[77]) 

Welded Channels

72%

Welded V Angles

18%

Stud and other

10%
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Fig. 10 Different forms of shear connector employed for the Gisborne and Hawke’s Bay 

region composite bridges (Hicks et al.[77]) 

 

2.6. Demountable bolted shear connectors 

 

To form steel-concrete composite structures, demountable and bolted 

connections should be substituted with the frequently employed welded-headed 

studs. To potentially reuse structural elements including steel beams from 

composite structures after any destruction, demountable shear connectors are a 

suitable means for dismantling the structural beam element from the concrete 

slab. Various novel demountable bolted connectors and corresponding studies 

are presented here. 

Pavlović et al.[78] studied the behaviour of four identical specimens of 

M16 grade 8.8 high strength single embedded nut bolt shear connectors in the 

solid slab and headed shear stud connectors by conducting the standard push-

out test according to the Eurocode 4[10] specifications. G8.8 high strength 

single embedded nut-bolt shear connectors achieved 95% higher strength in 

shear resistance and 50% higher stiffness than the welded headed stud shear 

connectors did. Dai et al.[79] conducted several experimental static shear tests 

on solid slabs with demountable shear connectors having different collar sizes 

manufactured using standard headed stud shear connectors. Demountable 

connectors were be more ductile than welded connectors with high initial 

stiffness, but both exhibited a similar ultimate capacity (Dai et al.[80]). Yang et 

al.[81] proposed a new demountable connector comprising a long bolt, a short 

bolt, and a coupler and discovered its shear failure performance in composite 

action from the results of push-out tests. Rehman et al.[82] embarked 

demountable connectors having the similar shear strength as welded shear studs 

have on a concrete slab with profiled metal decking. Moreover, they satisfied 

the Eurocode 4 standard ductility criteria of 6 mm. Using the FE analysis, Patel 

et al.[83] evaluated the significance of shear connectors in a steel beam with 

profiled decks slab, and hollow core concrete slab composite structures.  

Kozma et al.[84] developed and analysed different bolted demountable 

shear connection systems for repeated use in solid composite slabs with and 

without profile steel sheeting. The systems included cylindrical, coupled, and 

coupled epoxy bolted connections with L-profile (Fig. 11). The failure mode 

was shear failure but it occurred in a brittle critical manner. Kwon et al.[85] 

suggested the use of three different post-installed shear connectors as a high-

tension friction-grip bolt, a double-nut bolt, and an adhesive anchor to enhance 

the strength of existing non-composite bridge girders. Sjaarda et al.[86] 

explored the behaviour of embedded bolt shear connectors by testing large-scale 

composite beam specimens. Suwaed and Karavasilis[87] proposed an assembly 

of novel high-strength bolted demountable shear connectors (Fig. 12), called 

locking nut shear connectors (LNSCs) that comprised special locking nuts to 

prevent slipping in holes for precast composite bridges.  

 

Fig. 11 Bolted demountable shear connections: (a) cylindrical system, (b) coupler system 

with pretensioned bolt, and (c) coupler system with injection bolts (Kozma et al.[84]) 

 

Fig. 12 Cut section of locking nut shear connector (Suwaed and Karavasilis[87]) 

 

2.7. Blind bolt shear connectors 

 

To develop highly advantageous and workable demountable shear 

connection systems that are easy to install, Mirza et al.[88] adopted two 

removable blind bolts, BB1 and BB2, as a shear connector in a composite 

structure for slip performance assessment. Pathirana et al.[89] and Henderson 

et al.[90-91] utilised the same blind bolts to evaluate flexural behaviour and to 

determine the dynamic behaviour of composite beams by conducting a full-

scaled beam test, respectively. Ban et al.[92] reported a long-term effect of static 

loadings (as a time-dependent behaviour) on composite steel–concrete beams 

utilising demountable blind bolting shear connections through experimental and 

FE analyses. Almost all researchers have concluded that the performance of 

blind bolt shear connectors for strength and stiffness is highly tantamount to that 

of the welded headed studs; however, the blind bolts presented brittle failure 

nature.  

 

2.8. Pipe shear connectors 

 

Nasrollahi et al.[93] used pipes as shear connectors having vertical and 

horizontal positioning in composite steel beams and revealed the economical 

use of pipes as shear connectors in the moderate shear strength requirement 

range of 150–350 kN. 

 

2.9. Hilti X-HVB shear connectors 

 

The Hilti X-HVB shear connector is an innovative shear connector that has 

L-shape and can be fastened with two nails to a beam (Fig. 13). Powder-actuated 

tools are required to fasten X-HVB to steel beams through two nails. X-HVB 

shear connectors prevent vertical uplift forces by using the X-HVB head and 

nails and are designed to resist desired shear forces with suitable ductility (Hilti 

X-HVB System[94]). Gluhović et al.[95] tested the prefabricated composite 

deck by conducting push-out tests pursuant to Eurocode 4[10] to assess the 

shear capacity of X-HVB connectors with powder-actuated fastener X-ENP-21 

HVB nails. Their results showed that 26% higher slip to failure and 16% higher 

ultimate shear resistance to forward orientated shear connectors.  

 

 

Fig. 13 Hilti X-HVB shear connector (Hilti X-HVB System [94]) 
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2.10. Combination of different shear connectors 

 

The advantages of headed stud shear and PBL connectors together have 

enabled researchers to improve the shear behaviour of composite structures. 

Deng et al.[56] developed and tested a combination of headed shear connectors 

with a single perfobond rib (Fig. 14) by using ten push-out test specimens for 

evaluating the fracture mode, shear capacity, load-slip behaviour, and ductility. 

Gu et al.[96] established a combination-type perfobond rib shear connector 

having a pre-embedded tube, pre-embedded sleeves, and shear pockets in 

concrete for shear performance assessment.  

 

 

Fig. 14 Combination of headed shear connectors with a single perfobond rib (Deng et 

al.[56]) 

 

2.11. Shear connectors in composite Column 

 

Composite columns are the structural member of composite structure 

utilizing the properties of structural steel element and concrete together for 

enriching the structural behavior in compression. The application of shear 

connectors in a composite column enhances the performance of column and/or 

beam-column connection in shear resistance, axial strength, and ductility. 

Eghbali and Mirghaderi[97] utilized a vertical plate called through plate with 

rigid shear connectors (Fig. 15) in beam-column connection for the composite 

framed structure to constraint sliding among the steel beam and reinforced 

concrete column. The ¾ scaled experimental evaluation characterized the 

composite connection utilizing a through plate with rigid shear connectors as a 

fully restrained strong panel elastic nature. Whereas, Aguiar et al.[98] utilized 

Crestbond shear connectors (steel plate with regular cuttings similar to puzzle 

shape composite dowels used as shear connector shown in Fig. 7 (b)) in concrete 

filled-steel tube columns at the beam-column interface for shear load transfer. 

 

 

Fig. 15 Through plate with rigid shear connectors (Eghbali and Mirghaderi[97]) 

 

Odenbreit et al.[99] developed longitudinal, angled V-shaped and 

transversal flat shear connector for a steel-concrete composite column to 

overcome the difficulty of placing and handling the reinforcement associated 

with utilization of typical headed studs in the composite column. These three 

connectors were fabricated from conventional reinforcing bars and welded to 

the steel plates of a composite column under profiled positioning. Quio et 

al.[100] recommended using the steel plates as a shear connector welded to the 

square concrete-filled steel tube column. Alenezi et al.[101] used shear 

connectors for enhancement of compressive strength of cold-formed steel ferro-

cement jacketed composite column. Three connectors, namely self-drilling 

screw, bar angle bolts, and normal bolt shear connectors in composite column-

lipped C-channel, were evaluated for load-slip analysis through eight push-out 

test experiments. Younes et al.[102] employed high strength bolts as a shear 

connector in concrete-filled thin-walled steel tube short column (Fig. 16) for 

axial strength improvement. Ductility, buckling, and axial capacity of the 

composite column due to shear connectors performance were investigated 

through ten experimentally tested specimens. Whereas, from load-displacement 

analysis of experimental push-out test, Neto and Sarmanho[103] marked the 

judgement that bolts application in the composite column as a shear connector 

exhibits ductile and flexible nature. Tian et al.[104] proposed a shear connector 

utilizing advantages of engineering cementitious concrete together with 

perforated steel plate connectors and perforated steel reinforcement for 

composite column. Eight short columns were tested experimentally under push-

out test, and results demonstrated the attribute of ductile failure. 

 

 

Fig. 16 High strength bolts as a shear connector in concrete-filled thin-walled steel tube 

short column (Younes et al.[102]) 

 

3.  Conclusions 

 

Shear connectors are used to join steel girders/beams and RCC decks/slabs 

together in composite structures for bridges and building. The commonly 

adopted connectors in industries are welded headed studs, PBL connectors, 

angle and channel connectors, and demountable bolted connectors. The push-

out test is the most commonly adopted typical testing method used to assess the 

performance of connectors for shear capacity and is performed according to the 

Eurocode 4 specifications. However, the push-out test omits the information 

valuable for accounting the interfacial friction, bending, and distribution of 

forces among connectors. Therefore, researchers have adopted another method 

called beam test with or without the push-out test for exploring the overall 

significance of shear connectors in composite structures. The beam test revealed 

higher yielded values because it accounted for the friction and redistribution of 

forces among connectors (Ollgaard et al.[3]). In this conclusion section, the 

adaptability, efficacy, and uniqueness of various shear connectors are discussed. 

 

3.1. Headed stud shear connectors 

 

The welded headed stud shear connectors are surfeited in studies and 

widely adopted in composite solid concrete slab construction. However, its 

utilisation in precast composite concrete slabs remains a topic that requires 

further investigation. The utilisation of rubber sleeves in studs presents potential 

to overcome the problem associated with fatigue resistance and requires further 

investigation. Moreover, the application of the headed studs welded through 

steel profile decks, in which weld flaws could be harmful for ductility and 

strength and thus lead to additional welding requirements, is a study area. The 

dominance of the sheet obese and proper positioning of studs in the trough of 

profile sheeting is a factor contributing to composite shear action. 

 

3.2. PBL shear connectors 

 

PBL connectors are popular in the scientific community due to their 

superior performance to the performance of headed studs for fatigue and 

strength contribution in composite structures. Researchers have reported T-rib 

PBL with various geometrical shapes and hole arrangements and have 

discovered the shear capacity contribution of concrete dowel performance and 

the significance of transverse rebar in rib holes. 

 

3.3. FRP PBL shear connectors 

 

FRP-rib connectors are reported to exhibit excellent strength and stiffness 

in composite action; however, their studies are restricted to a precast one-piece 

arrangement and in situ situations remain to be performed. 

 

3.4. Composite dowels as shear connectors 

 

CL and PZ dowels are robust shear connectors in composite structures, 

specifically in pre-fabricated composite bridges. Composite dowels have higher 

shear strength and functional deformation capacity than headed studs even in 

high-grade concrete. However, missing standards for the application of 

composite dowels as shear connectors has led to misunderstanding in structural 

design principles and production. 
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3.5. C-shaped angle and channel shear connectors 

 

The shear performance of angel connectors was lower than that of channel 

connectors when employed in reinforced normal concrete under monotonic and 

cyclic loadings (Shariati et al.[71]). The function of channel connectors for 

bearing capacity was supreme than that of T-rib connectors. Due to the better 

uplift counteraction and ductility fulfilment of V-shaped angle connectors than 

that of conventional channels and angle connectors, they are recommended to 

be used for future industrial applications. 

 

3.6. Demountable bolted shear connectors 

 

The drawbacks of using the welded studs in composite construction are 

overcome by using demountable bolted shear connectors for fatigue 

performance, dismantling parent elements in rapid non-destructive 

deconstruction, and employing in precast construction. Providing innovative 

LNSC facilitates rapid work and minimises construction tolerance problems 

such as disassembly or replacement and repair of steel and precast elements in 

bridge structures. 

 

3.7. Different shear connectors 

 

The behaviour of blind-bolted shear connectors for strength as well as 

stiffness is considerably alike to that of the welded headed stud; however, the 

blind bolts exhibit a brittle failure nature. Vertical pipes are suitable to be used 

as shear connectors under moderate shear strength requirements. Hilti X-HVB 

does not require welding or electric power for installation; thus, it does not 

infringe spot warm works as welded headed studs, that is, fire watch, and 

regulations, do.  

 

3.8. Shear connectors in composite column 

 

The utilization of through plate with rigid shear connectors in beam-column 

connection characterized the performance as a fully restrained strong panel 

elastic nature. Crestbond shear connectors significantly transfer the shear load 

at a connection in the concrete-filled steel tube columns. Shear connectors 

fabricated from conventional reinforcing bars and welded to the steel plates of 

a composite column under profiled positioning are advantages to overcome the 

difficulty of placing and handling reinforcement associated with the utilization 

of typical head studs in composite columns. The high strength bolts as a shear 

connector enhance the axial strength performance and exhibit ductile and 

flexible nature in the concrete-filled thin-walled steel tube short column. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 
 

Ultralow cycle fatigue (ULCF) failure was first observed on steel bridge piers in the Kobe earthquake, and the ultimate 

strength and ductility evaluation formulas of thin-walled steel bridge piers were established. In this study, parametric 

analysis of steel piers was carried out to study the influence of the structural parameters on the ULCF damage evolution. 

The evolution of the ULCF damage of the base metal, the deposited metal, and the heat-affected zones was studied based 

on two types of steel piers with hollow box and pipe sections. Then, practical formulas to predict the ULCF damage level 

of steel piers under cyclic loading were proposed. Finally, the proposed formulas were validated by comparisons with the 

experimental results. The results show that the heat-affected zone is more vulnerable to ULCF failure than the base metal 

and the deposited metal. Moreover, the practical formulas to predict the ULCF damage index of the steel piers under cyclic 

loading were proposed, and the formulas effectively predicted the ULCF crack of the steel piers.  
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1.  Introduction 

 

For steel structures, the prevention of fracture is always a main concern for 

engineering design. At present, a great number of steel piers with hollow boxes 

or pipe sections are still widely used as substructures in highway bridges. 

During the 1995 Kobe earthquake, in addition to the traditional buckling failure 

mode, ultralow cycle fatigue (ULCF) failure occurred on steel bridge piers [1-

5]. Then, the failure modes and the corresponding thresholds for this type of 

structure were studied by many researchers. The ultimate strength evaluation 

formulas of thin-walled steel plates and steel bridge piers, which are usually 

controlled by their buckling behavior, have been established. Meanwhile, 

ULCF failure of steel materials and joints can be predicted numerically based 

on the micromechanics, for example, the cyclic void growth model (CVGM). 

To date, the applicability of the ultimate strength evaluation formulas and the 

CVGM has been verified by some experiments. However, without the 

prediction formulas of ULCF damage, it is not clear in the design stage when 

the ULCF failure will determine the structural seismic safety. 

After the 1995 Kobe earthquake, much research has been conducted on the 

seismic resistance and ultimate ductility of steel bridge piers. Zheng et al. [4] 

studied the ductility capacity of thin-walled steel box columns with and without 

longitudinal stiffeners. A failure strain was employed to define the ductility of 

steel columns, and the corresponding empirical formulas were developed based 

on the parametric analysis results. Kono et al. [5] investigated the ultimate 

deformation formula for steel box columns. The empirical formulas proposed 

in their study have a rather wide scope of application. Ge et al. [6] and Usami 

et al. [7] proposed empirical formulas of the ultimate strength for steel bridge 

piers with rectangular sections, which can consider the influence of the 

stiffener’s slenderness. Based on the elastic-plastic finite deformation analysis, 

Ge et al. [8] proposed empirical formulas of strength and ductility for steel 

bridge piers with hollow pipe sections. With the efforts of these researchers, the 

ultimate strength and ductility, which are controlled by the buckling of steel 

piers under seismic loading, have been established. Some relevant guidelines 

can be found in bridge seismic design specifications. For example, Japanese 

specifications have stipulated the ductility capacity of thin-walled steel bridge 

piers [9]. Additionally, the limited slenderness ratio, width-to-thickness ratio 

and radius-thickness ratio for axial compressive or flexural dominant steel 

members have been provided by the AASHTO specifications [10]. 

The traditional empirical technique used to predict ULCF failure of 

structural steels is the Coffin-Manson formula [11-13]. However, the triaxial 

stress state in the crack initiation site is not considered in the formula, making 

it more applicable for uniaxial stress conditions. Therefore, the method based 

on microscopic damage mechanisms has attracted increased attention. In 1969, 

Rice et al. [14] studied the ductile growth rate of a single spherical void in an 

infinite ideal elastic-plastic continuum, and the void growth model was first 

proposed in their study. Through a series of tests and studies, Kanvinde et al. 

[15-18] proposed the cyclic void growth model to predict crack initiation for 

structural steels under cyclic loading. In the CVGM, the loading cycles are 

divided into tensile and compressive types based on the sign of the stress 

triaxiality for a certain material point. To facilitate the application of the 

micromechanical model, Liao et al. [19-20] and Yin et al. [21] calibrated the 

parameters in the CVGM by material tests and scanning electron microscope 

tests. Li et al. [22] proposed a new CVGM parameter calibration method to 

extend the scope of its application to a relatively lower-stress triaxiality 

condition. Moreover, the effect of the damage degradation parameter on the 

prediction of ULCF failure in steel bridge piers was discussed by them. Zhou 

et al. [23-24] and Wang et al. [25] conducted ULCF tests of steel joints under 

cyclic loads. Through the comparison of the prediction and the test results, they 

reported that the CVGM is a promising approach to predict the ULCF failure 

of steel structures. Xie et al. [26] studied the seismic damage characteristics of 

a thin-walled steel arch bridge considering both the strength and the ULCF 

failure modes. They found that the steel bridge experienced ULCF failure in its 

arch springing without apparent buckling failure. 

During a strong earthquake, no matter which kind of failure mode is 

encountered for a steel bridge pier, it is fatal for the entire structure [1, 26-27]. 

The ultimate strength/ductility evaluation formulas of thin-walled steel bridge 

piers have been established. However, the ULCF damage prediction formulas 

are not yet available. Thus, the sequential occurrence of different failure modes 

for a steel bridge pier cannot be easily estimated. The use of the CVGM is a 

combination of complex FE modeling and void growth calculation. At present, 

it is not widely used because of the high computational cost and the substantial 

effort required for FE modeling. Therefore, the ULCF damage prediction 

formulas are much in need, especially in the design stage. 

To establish the ULCF damage prediction formulas of single-column type 

bridge piers, parametric analysis was carried out in this study. A user subroutine 

UVARM coded by Fortran was utilized to track the evolution of the ULCF 

damage during the analysis. Two types of steel piers with hollow boxes or pipe 

sections were considered. The evolution of the ULCF damage of the base metal, 

the deposited metal, and the heat-affected zones was studied. The influence of 

the design parameters, including the diameter-to-thickness ratio, width-to-

thickness ratio, slenderness ratio and axial compression ratio, on the evolution 

of ULCF damage was obtained. Then, practical formulas to predict the extent 

of ULCF damage of the steel piers under cyclic loading were proposed. Finally, 

the proposed formulas were validated by comparisons with the experimental 

results. 

 

2.  CVGM for ULCF failure prediction 
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The crack initiation of ULCF is ductile, and the fracture process depends 

on microvoid nucleation, dilation, contraction, and coalescence. Based on the 

void growth theory of Rice et al. [14], Kanvinde et al. [15-18] proposed the 

CVGM for predicting the ULCF of structural steels. Zhou et al. [23-24] applied 

the CVGM to investigate the ULCF performance of beam-column joints, 

thereby validating the effectiveness of the model at the structural level. 

Considering the different effects of compression and tension, the CVGM index 

VGIcyclic is defined as: 

 

( ) ( )
2 2

1 1
cyclic eq eq

tensile-cycles compressive-cycles

exp 1.5 d exp 1.5 dVGI T T
 

 
 = −     (1) 

 

where dεeq denotes the increment of equivalent plastic strain, ε1 and ε2 are the 

upper and lower plastic strain in the integral, respectively, and T is the stress 

triaxiality (ratio of the mean stress to the von Mises effective stress). 

The critical void growth index of the ULCF fracture is related to that of 

the monotonic tensile fracture. Based on test data and finite-element analysis, 

an exponential decay function is selected to express the critical void growth 

parameter for cyclic loading. 

 

( )critical

cyclic CVGM eqexpVGI   = −                         (2) 

 
where η is the toughness parameter related to the material property, and it is 

actually the monotonic counterpart of 
critical

cyclicVGI  , and λCVGM is a material-

dependent damageability coefficient. The cumulative equivalent plastic strain 

εeq in the equation is calculated at the beginning of each tensile excursion. 

ULCF fracture is thought to occur when cyclicVGI   exceeds its critical 

value 
critical

cyclicVGI : 

 
critical

cyclic cyclicVGI VGI=                            (3) 

 
A new damage index D0 is defined in this study as shown in Eq. (4) to 

illustrate the ULCF fracture damage evolution process. Thus, D0=0 indicates 

no damage, and ductile crack initiation is predicted when D0 reaches 1.0. 

 

( )cyclic max
0 critical

cyclic

VGI
D

VGI
=                               (4) 

 
3.  Structural design and numerical models 

 

3.1. Design parameters 

 
The stability and ductility of thin-walled piers with hollow sections are 

considered to be influenced by some key parameters [9, 28], such as the 

slenderness ratio λ, the diameter-to-thickness ratio Rt for a circular pier and the 

width-to-thickness ratio RR of the subpanel for a rectangular pier. 
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In the above equations, h is the height of the column, r is the radius of gyration 

in the bending direction for the section, σy is the yield strength of the steel, E is 

the Young’s modulus, μ is the Poisson's ratio, R is the radius of the circular pier, 

t is the thickness of the steel plate, B is the flange width of the rectangular pier, 

and n denotes the number of subpanels into which the plate is divided by the 

longitudinal stiffeners. 

 
3.2. Loading method and numerical model 

 

Fig. 1 shows a schematic view of single-column type bridge piers with 

hollow boxes or pipe sections. The cantilever piers are fixed to the ground in 

their bottom and subjected to a constant axial force N and a cyclic horizontal 

force H. The variable a is the distance between each diaphragm, D is the depth 

of the rectangular section, and a' is the transverse spacing between each 

longitudinal stiffener. 

To study the influence of the design parameters on the structural failure 

mode, 22 circular piers and 24 rectangular piers are designed with different 

structural parameters for the parametric analysis. For the circular piers, the 

parameters are set within the following ranges: the radius-to-thickness ratio 

0.024≤Rt≤0.095, the slenderness ratio 0.197≤λ≤0.459, the axial compression 

ratio 0.0≤N/Ny≤0.3 (N donates the applied axial load and Ny denotes the yield 

strength of the entire section) and the diaphragm spacing ratio 0.0≤α(=a/R)≤3.0. 

For the rectangular piers, the parameters are set within the following ranges: 

the width-to-thickness ratio 0.270≤RR≤0.524, the slenderness ratio 

0.215≤λ≤0.573, the axial compression ratio 0.0≤N/Ny≤0.3 and the diaphragm 

spacing ratio 0.556≤α(=a/B) ≤1.222. Thus, all the parameters herein have 

ranges wide enough to satisfy the pier design demands [9, 28]. 

The horizontal cyclic load H applied at the top end of the piers can be 

equivalent to a forced displacement δ. That is, apart from a constant axial force 

induced by the weight of the superstructure, the pier is subjected to a horizontal 

cyclic displacement with increasing amplitudes for every 3 loops, as shown in 

Fig. 2. The variable δy is the horizontal yield displacement corresponding to the 

yield thrust Hy of the pier. 

 

 

(a) Circular piers 

 

 

(b) Rectangular piers 

Fig. 1 Structural design and loading method of steel piers 

 

 

Fig. 2 Cyclic loading method 

 

Numerical models of the steel piers with different structural parameters 

were constructed using the commercial software ABAQUS. For each steel pier, 

two individual models were created. To take into account the local deformations 

of the plate near the base and the local strain in the weld region, a hybrid model 

with two different types of elements was adopted. Fig. 3 shows the models and 

the element discretization. The shell elements were used to model the steel 

plates within a distance of twice the length of the transverse diaphragm spacing 

Ld near the base. Parts with slight or no seismic damage above the second 

diaphragm from the base were modeled by the fiber beam elements. Thus, both 

the computational accuracy and the cost can be considered. The MPC-beam 

interaction was used as the linkage between the beam and the shell elements. 
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The deformation history during loading around the edges of the most dangerous 

region near the base, which contains the heat-affected zone, the deposited metal, 

and the base metal, can be obtained. Then, a solid element model of the critical 

region was constructed with the deformation history applied on its edges. The 

dimensions of the shell and solid elements are less than 0.25 mm, thereby 

satisfying the characteristic-length requirement of the CVGM. For the hybrid 

element model, approximately 25,000 elements were used, and the transverse 

section of the beam element was divided into 145 fibers. For the solid element 

model, approximately 48,000 elements were used. 

Chaboche's combined hardening constitutive model, which can account for 

the kinematic and isotropic hardening effect of the material, was adopted since 

the CVGM parameter calibration was conducted with this kind of constitutive 

law [19-22]. The mechanical properties of the heat-affected zone, the deposited 

metal, and the base metal are different from each other. Table 1 shows the 

mechanical parameters of Q345, Chinese steel with a nominal yield strength of 

345 MPa, in Chaboche's combined hardening model [22, 29]. The plastic 

modulus is continuously transformed during the loading, thereby ensuring the 

smooth transition of the stress-strain curve. The isotropic hardening effect is 

reflected by changing the yield surface radius σ0, which is defined as a nonlinear 

function of the equivalent plastic strain εp, as follows. 

 

( )p

0 0
1

b
Q e


 

−

= + −                          (6) 

 

where σ|0 is the initial yielding strength, Q∞ is the maximum hardening value 

of the yield surface, and b is the ratio of the change in yield strength to the 

development of plastic strain. 

The movement of the yield surface center α is treated as the kinematic 

hardening effect, where α is determined by a group of back stress αk. 
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where Ck is the initial modulus of the kinematic hardening, and γk is the ratio 

of the kinematic hardening modulus change to the plastic strain. 

During the calculation, both the material and the geometric nonlinearities 

were considered. A user subroutine UVARM was integrated into the FE 

analysis to track the evolution of the ULCF damage index during the loading. 

Thus, the damage indices of the entire structure can be seen directly in the 

visualization module of the software. 

 

 
 

(a) Circular piers 

 

 
 

(b) Rectangular piers 

Fig. 3 Numerical models and element discretization

 

Table 1  

Material parameters of Q345 steel 

Material 
σ|0 

(MPa) 

Q∞ 

(MPa) 
b 

C1 

(MPa) 
γ1 

C2 

(MPa) 
γ2 

C3 

(MPa) 
γ3 η λCVGM 

Base metal 354.10 13.2 0.6 44373.7 523.8 9346.6 120.2 946.1 18.7 2.55 0.20 

Heat-affected zone 312.57 9.8 0.7 32242.4 199.2 3858.5 43.1 329.2 0.3 2.53 0.33 

Deposit metal 428.45 17.4 0.4 12752.3 160.0 1111.2 160.0 630.5 26.0 2.63 0.25 

 

4.  ULCF damage evolution under cyclic loading 

 

The horizontal load-displacement curves and the corresponding envelope 

curves at the top of the steel piers were obtained during the loading. For a thin-

walled structure, the ultimate strength and ductility are usually controlled by 

the buckling behavior. Consequently, some critical states based on the envelope 

curves were adopted to check the value of the ULCF damage index. Three 

critical states were selected: the peak point on the envelope curve [9], the point 

when the horizontal strength on the envelope curve has exceeded the peak value 

and decreased to 95% of the ultimate strength [4, 7], and the point when the 

horizontal strength on the envelope curve has exceeded its peak value and 

decreased to 90% of the ultimate strength [30]. 

Fig. 4 shows the ULCF damage indices of the circular pier with different 

design parameters under the three critical buckling states. Similarly, Fig. 5 

shows the ULCF damage indices of the rectangular pier. In these figures, Hm is 

the peak strength on the envelope curve. Thus, 1.00Hm, 0.95Hm, and 0.90Hm 

denote the three critical states previously defined, and DB, DD, and DH denote 

the ULCF damage indices corresponding to the base metal, the deposited metal, 

and the heat-affected zone at the bottom of the pier, respectively. The ULCF 

damage indices gradually increase as the horizontal resistance of the piers 

reaches the peak value and then decreases. If one of the parameters of the axial 

compression ratio, the radius-to-thickness ratio, and the width-to-thickness 

ratio is large enough (e.g., N/Ny>0.3, Rt>0.05, or RR>0.5), the ULCF damage 

indices are rather small (D<1.0). This indicates that the buckling failure mode 

plays a dominant role in these circumstances. The heat-affected zone is more 

vulnerable to ULCF failure than the base metal and the deposited metal since 

the damage index DH is usually larger than indices DB and DD.
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Fig. 4 ULCF damage indices of the circular piers under the critical states 

 

 

 

    

   

Fig. 5 ULCF damage indices of the rectangular piers under the critical states 
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(a) DD of the circular piers                                             (b) DH of the circular piers 

 

     

(c) DB of the circular piers                                               (d) DD of the rectangular piers 

 

     

(e) DH of the rectangular piers                                        (f) DB of the rectangular piers 

Fig. 6 ULCF damage indices of the pier bottoms under the critical states 
 

Fig. 6 shows the fitting relationship between the ULCF damage indices and 

the designed structural parameters of the steel bridge piers. Eqs. (8)-(10) are 

the ULCF damage indices fitting formulas for the circular piers, while Eqs. 

(11)-(13) are the fitting formulas for the rectangular piers. For most cases, the 

satisfactory accuracy of regression analysis can be achieved since the 

determination coefficients, R2, of the estimations are all above 0.8. Moreover, 

for the piers with circular sections, if the radius-to-thickness ratio is rather small 

(e.g., Rt<0.03), the ULCF failure may occur at the heat-affected zone near the 

base when the horizontal strength on the envelope curve just exceeds its peak 

value. For the piers with rectangular sections, the order of the failure modes is 

more complicated. When the width-to-thickness ratio of the flange plate, the 

slenderness ratio, and the diaphragm spacing ratio are all small enough (e.g., 

RR<0.3, λ<0.3 and α<0.8), ULCF failure occurs at the heat-affected zone before 

the horizontal ultimate strength state.
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5.  Comparison of the predicted index and the test results 

 

The results of the experimental tests carried out on the thin-walled steel 

piers were selected from the studies performed by Ge et al. [31-32]. Therefore, 

in this section, three steel piers with hollow rectangular sections are 

numerically analyzed. Then, the crack location and initiation time are compared 

with the experimental results. 

Cross-sectional details of the specimens with rectangular sections are 

shown in Fig. 7. Table 2 presents the geometric dimensions and design 

parameters of the specimens. One end of the steel specimen is bolted directly 

to the fixed-base plate, and the other end is attached to a moving device. A 

constant vertical load (N/Ny=0.1), together with a similar cyclic horizontal 

loading as shown in Fig. 2, was applied to the top end. Crack initiation is 

defined at the time when the crack length extends 1∼2 mm according to 

observations. 

The same technique described in Section 3 is adopted here. In particular, 

shell elements were used to model the steel plates within a distance of 3 times 

the length of the transverse diaphragm spacing near the base. Parts with slight 

or no seismic damage above the third diaphragm from the base were modeled 

by fiber beam elements. The dimensions of shell and solid elements in the areas 

of concern are less than 0.25 mm. For the hybrid element model, approximately 

30,000 elements were used. For the solid element model, approximately 23,000 

elements were used. 

The comparisons of the lateral load-displacement hysteretic curves 

obtained by the test and the numerical analysis are shown in Fig. 8, in which 

the solid and dotted lines donate the hysteretic curves obtained by the test and 

the numerical analysis, respectively. The ULCF crack points are indicated in 

these figures. The load-displacement curves are identical in most cycles of load, 

while differences are observed in the last several cycles of the load. After the 

initiation, the crack propagated. Therefore, the hysteretic curves of specimens 

UB25-35 and UB35-35 obtained from the tests show a significant decrease. 

Because the strength deterioration caused by the ULCF crack is not considered 

in the numerical analysis, the difference can be observed between the hysteretic 

curves obtained by the test and the numerical analysis, especially in the last 
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load cycle. In addition, the cracks in the test and the numerical analysis initiated 

at the heat-affected zones. It can be concluded that the numerical results fit very 

well with the test results. 

 

Table 2  

Parameters and dimensions of test specimens 

Specimen No. B (mm) D (mm) t (mm) h (mm) RR λ 

UB25-35C3P1 

UB35-35C3P1 

112 

152 

103 

143 

9.02 

9.02 

568 

769 

0.26 

0.37 

0.37 

0.37 UB35-45C3P1 152 143 9.02 998 0.37 0.47 

 

 

Fig. 7 Flowchart of the simplified seismic design procedure 

 

 
(a) Elevation view 

 

 
   (b) Transverse section 

Fig. 8 Test specimen (Unit: mm) 
 

Fig. 9 shows the evolution of the ULCF damage indices along with the 

load cycles obtained from the numerical analysis. Both the crack initiation point 

and the ultimate strength state point are indicated in the figure. Fig. 10 shows 

the envelope curves of the load-displacement hysteretic loops obtained from 

the numerical analysis, in which the peak value of the strength and the ULCF 

crack points are indicated. The results show that the ULCF damage index of the 

heat-affected zone grew faster than those of the base metal and the deposited 

metal; therefore, the crack initiated in this region. In addition to specimen 

UB25-35, the bottoms of specimens U35-35 and UB35-45 cracked before the 

ultimate strength state, which means they first experienced ULCF failure rather 

than buckling failure. For specimen UB25-35, the crack initiated when the 

strength of the member exceeded its peak value and decreased to 98% of the 

ultimate strength. At the crack initiation moment, apparent buckling of the steel 

plates was not observed for the piers, as shown in Fig. 11. 

 

 

(a) UB25-35 

 

(b) UB35-35 

 

(c) UB35-45 

Fig. 9 Comparison of the lateral load-displacement hysteretic curves 

 

Table 3 compares the crack initiation points during loading. The 

differences between the numerical and experimental results are less than 2 

cycles, and the errors between them are 8.1%~14.2%. This means that the 

ULCF damage index is effective in predicting ULCF crack initiation. 

 

Table 3  

Comparison of the crack initiation points 

Specimen 
Crack initiation 

Test results Numerical results (D0=1.0) Error 

UB25-35C3P1 —26.0 half-cycles —22.3 half-cycles 14.2% 

UB35-35C3P1 —22.0 half-cycles —20.2 half-cycles 8.1% 

UB35-45C3P1 —18.0 half-cycles —20.4 half-cycles 13.3% 

 

To verify the applicability of the prediction formulas proposed in this study, 
the ULCF damage indices, which are obtained by the prediction formulas and 

the numerical analysis, at the ultimate strength state are compared as shown in 

Fig. 12. The prediction formulas, the numerical results and the test results all 
show that the most vulnerable region for the ULCF crack is the heat-affected 

zone near the base. The prediction formulas are reliable for predicting the 

ULCF damage index of thin-walled steel bridge piers. 
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(a) UB25-35 

  

(b) UB35-35 

  

(c) UB35-45 

Fig. 10 Evolution of the ULCF damage indices during cyclic loading 

 

 

Fig. 11 ULCF failure points and the ultimate strength points of the piers 

 

 

(a) UB25-35 

 

(b) UB35-35 

 

(c) UB35-45 

Fig. 12 Local deformation of the steel plate at the ULCF failure point 

 

 

Fig. 13 Comparison between the calculated results and the numerical analysis 

 

 

6.  Conclusions 

 

Parametric analysis of steel bridge piers with hollow boxes or pipe sections 

was carried out in this study. The influence of the design parameters on the 

ULCF damage evolution of steel piers was studied. Practical formulas to 

predict the ULCF damage index were proposed. Some main conclusions can be 

drawn as follows. 

(1) The ULCF damage indices gradually increase as the horizontal 

resistance of the piers reaches the peak value and then decreases. The heat-

affected zone is more vulnerable to ULCF failure than the base metal and the 

deposited metal. 

(2) If one of the structural parameters of the axial compression ratio, the 

radius-to-thickness ratio and the width-to-thickness ratio is large enough (e.g., 

N/Ny>0.3, Rt>0.05, or RR>0.5), the buckling failure mode will play a dominant 

role in steel bridge piers under cyclic loading. 

(3) For piers with circular sections, if the radius-to-thickness ratio is rather 

small (e.g., Rt<0.03), the ULCF failure may occur at the heat-affected zone near 

the base when the horizontal strength on the envelope curve just exceeds its 

peak value. For piers with rectangular sections, when the width-to-thickness 

ratio of the flange plate, the slenderness ratio, and the diaphragm spacing ratio 
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are all small enough (e.g., RR<0.3, λ<0.3 and α<0.8), ULCF failure will occur 

before the ultimate strength state. 

(4) Practical formulas to predict the ULCF damage index of steel piers 

under cyclic loading are proposed in this study. The satisfactory accuracy of 

regression analysis can be achieved since the determination coefficients of the 

estimations are all above 0.8. Comparisons between the predicted results and 

the tests show that the proposed formulas are effective in predicting the ULCF 

crack of the steel piers. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Prefabricated modular steel (PFMS) construction is a more efficient and safe method of constructing a high-quality building with less waste 

material and labour dependency than traditional steel construction. It is indeed critical to have a precise and valuable intermodular joining 

system that allows for efficient load transfer, safe handling, and optimal use of modular units' strength. Thus, the purpose of this study was 

to develop joints using tension bolts and solid tenons welded into the gusset plate (GP). These joints ensured rigid and secure connectivity in 

both horizontal and vertical directions for the modular units. Using the three-dimensional (3D) finite element (FE) analysis software 

ABAQUS, the study investigated the nonlinear lateral structural performance of the joint and two-storey modular steel building (MSB). The 

solid element FE models of joints were then simplified by introducing connectors and beam elements to enhance computational efficiency. 

Numerous parameters indicated that column tenons were important in determining the joint's structural performance. Moreover, with a 

standard deviation (SD) of 0.025, the developed connectors and beam element models accurately predicted the structural behaviour of the 

joints. As a result of their simplification, these joints demonstrated effective load distribution, seismic performance, and ductility while 

reducing computational time, effort, and complexity. The validity of the FE analysis was then determined by comparing the results to the 

thirteen joint bending tests performed in the reference. 
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1.  Introduction 

 

The construction of prefabricated modular steel (PFMS) structures makes 

use of modular blocks that are manufactured in the factory as corner-supported 

or load-bearing modules, transported to the site, and then installed into an 

MSB [1,2]. Offsite construction decreases construction period, waste 

generation, onsite noise and dust while increasing productivity, quality, and 

onsite worker safety [3,4]. The PFMS construction has become more important 

for new urban development than traditional onsite construction [5,6]. The 

connection mechanism, construction, and design are unique to PFMS, while 

the lower energy consumption, deadweight, and increased bearing capacity 

distinguish PFMS from conventional construction [7–9]. Because of its 

development and performance, the use of MSB in a repeated type of building 

has attracted construction companies' attention [10,11]. Based on the load 

transmission path, the MSB is primarily divided into two types. The first is 

load-bearing, which uses C-section walls to transmit gravity loads. In the 

second type, gravity and lateral loads are transferred to the base via corner posts 

[12,13]. Proper connections between interconnected modular units and lateral 

stabilising members, such as concrete core and corrugated plates, are 

necessary to withstand lateral forces [14,15]. Due to the increased number of 

connections in MSB, the resistance to collapse is exceptional; this results in 

increased structural integrity and alterative load transfer routes; if members 

sustain accidental damage [14,16]. Several previous studies reported 

intermodular connection techniques and evaluated their performance under 

lateral loadings. For instance, one study proposed a vertical intermodular 

connection via onsite welding of columns, while a horizontal connection via 

onsite clip bolting [8]. Then, a seismic design for a multistorey braced frame 

was proposed using these welded joints. However, complete welding of the 

joint is impossible, resulting in the upper and lower modules rotating 

differently. Additionally, braced frames greatly reduce lateral sway, which 

overestimates joint performance and results in an unrealistic load transfer 

mechanism. The seismic response of blind bolted beam-column joints was 

investigated through experiments, accompanied by their simplistic theoretical 

analysis in MSB. The study, however, did not address the lack of space for 

screwing bolts into interior modular units [17]. The seismic performance of a 

joint composed of a hollow steel box and a pre-tensioned threaded rod was 

determined through eight cyclic loading tests [18]. However, the study was 

limited to corner module joints and did not look into the impact of parametric 

variations on interior modular joints. Furthermore, static and cyclic load tests 

were performed to determine the structural performance of an MSB's 

cross-shaped cover plate joint. However, aside from column weakening caused 

by access holes, the difficulty of screwing the cover plate in the interior 

module was not addressed [19]. Several studies adapted the FE method to 

investigate newly formed MSB joints in addition to the experimental studies 

mentioned above [20,21]. For example, the axial compression and lateral 

performance of the VectorBloc joints were evaluated [22,23]. However, the 

study's findings were limited to corner modules in an elastic regime. It was 

also unable to discuss elastoplastic mode and the influence of adjacent 

modules by looking into interior modules. The self-locking interaction system 

was created to withstand shear forces in MSBs, and the robustness of the 

system was confirmed through dynamic analysis [5]. However, the joining 

system was unable to withstand tensile or bending forces. The fully-bolted 

joints using long beam bolts and column bolts were developed for low-storey 

MSB [24]. Their seismic performance was investigated using FE analysis, 

followed by the simplification to conduct dynamic analysis on multistorey 

buildings [25,26]. Similarly, in addition to joint studies, researchers used finite 

element models to analyse the rigidity of individual and combined modular 

units with corrugated walls subjected to lateral loads and contribute to making 

design recommendations [27]. However, because the study focused on 

corrugated shear walls as the primary lateral stabilising members, the study 

prioritised their performance, and seismic behaviour of joints was avoided by 

simplifying them. It is evident that the majority of previous studies identified 

joints for cold-formed or C-sections or joints that required access holes in 

columns or beams to operate bolt screwing, resulting in a weakened 

cross-section or joints unable to connect interior modules. Similarly, most 

studies concentrated primarily on the lateral performance of corner frames and 

the development of simplified models for them, ignoring the actual 

performance of middle and interior joints, as well as the rotational stiffness of 

intermodular joints [28–30]. Furthermore, the majority of simplified models 

were capable of simulating joint elastic behaviour without accounting for 

elastic-plastic performance. Simultaneously, few studies have investigated the 

lateral performance of complex forms of modular frames or modular blocks; 

however, the influence of adjacent bare frames and intermodular joints was 

not considered. Thus, the current study intended to examine the behaviour of 

various types of joints, such as corner, middle, and interior joints, and to 

develop simplified models of these joints for use in future practical 

engineering applications. Following this, extensive parametric analysis was 

performed, as well as the application of the developed simplified models in 

modular units to determine their computational efficiency and accuracy in 

MSB. 

As a result, a new type of joint for connecting hot-rolled structural hollow 

sections (SHS) with superior torsional resistance is being developed in this 

study. These joints can avoid compromising the bearing capacity of the 

structural members by creating access holes or using weaker structural 
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C-sections. At the same time, they can also maintain an aesthetically pleasing 

appearance by avoiding diagonal stiffening plates on columns and beams to 

prevent brittle weld failure between them. The lateral structural performance 

of these joints and their detailed simplifications with the connector and 

beam-element model has been researched using FE software ABAQUS. The 

developed simplified models can simulate the elastoplastic behaviour of corner, 

middle and interior joints in MSB. The accuracy of FE analysis results is 

validated by comparing them to similar experimental studies [31–33]. These 

analyses lead to a more profound indulgence of the joint's behaviour and their 

contribution to an MSB. 

 
2.  Detailing and force transfer mechanism of joint 

 

Fig. 1(a) describes an MSB with various connection systems, while Fig. 

1(b) depicts the assembly of SHS members with established joints (b). 

Modules are produced by welding columns and beams to the upper and lower 

parts of joints. In contrast, the middle part (tenons with welded GP) and 

tension bolts are used for the horizontal and vertical combination of adjacent 

modular units to form an MSB. The dimensions of the joint components are 

illustrated in Fig. 2(a). Because the depth of the floor beam is slightly more 

than the ceiling beam; therefore, the length of the middle tenon is more above 

than below the GP.   

The vertical and lateral loads applied to an unbraced multistorey MSB 

with a clear storey height of h are depicted in Fig. 2(b). The intermodular 

space is preserved to facilitate module assembly and allow for the passage of 

MEP systems through the MSB during its life cycle. When vertical and lateral 

loads are applied, the deflected shape of the unbraced multistorey frame with 

its inflection point is highlighted. The lengths of the columns and beams are 

then determined in the MSB using these contra flexure points. The centreline 

distances of the subassembly are determined using the column's mid-height 

(h/2) and the beam's mid-length (L/2). Furthermore, these unbraced frames' 

displacements and sidesway directions are denoted as positive (+Δ) and 

negative displacement (-Δ). Since the moment distribution capacity of a 

vertical intermodular connection is dependent on their moment capacity (M0) 

in these semi-structured unbraced frames, this capacity has to be deducted in 

this study. Whereas beam-column welded intramodular connections are 

fabricated using the fillet welding process, so they are considered rigid. 

The upper column is assumed to be free to facilitate sidesway of the 

unbraced frame. The bottom column was pinned, allowing the base rotation 

while preventing its translational; however, the upper column's sidesway was 

maintained. Beams were supported by sliding roller boundary conditions, 

allowing for lateral displacements and in-plane rotation in the event of a 

sidesway. 

The load transfer mechanism of the joint in its practical application in 

unbraced MSB against combined lateral loads, such as wind, earthquake, and 

gravity, is illustrated in Fig. 2(c). The detailed FE analysis determined that 

when the lateral load (V) and the vertical load (P) is applied at the middle top 

of the modular columns, the lateral displacement can be measured as a 

sidesway, such as Δc in columns and Δb in beams. At the same time, columns 

and beams bend against joint tenons, resulting in the columns and beams 

resisting shear stresses (i.e., Vc and Vb) while resisting bending moments (i.e., 

Mc and Mb). Additionally, joints resist bending moments in proportion to their 

moment capacity (M0) in the upper and lower modules. The connection bolts 

are primarily subjected to slight tension forces, which result in a gap formed 

between the upper and lower components.

 

 

(a) Details of joints in MSB 

 

 

(b) Assembly of the newly developed joint 

Fig. 1 A developed joint connecting mechanism in an MSB 

A

B

C

A- Corner  joint B- Middle  joint C- Interior  joint

4 bolts to resist 

tension 

Columns & beams 

welded to the 

connector

Shear keys resist 

shear forces

GP connects 

adjacent modules



Kashan Khan et al.  414 

 

 
3.  Experimental studies on joints in MSB 

 

Previously conducted research examined the seismic behaviour of corner 

and middle joints under static and cyclic loading conditions. The structural 

behaviour of the joints was compared when diagonal stiffeners were used 

versus when they were omitted. The joints were created by hollow plugins and 

screwing long beam bolts to support the upper and lower modules [31,32]. 

Additionally, the rotational stiffness of the rotary joint was examined [33]. The 

current study validated the FE analysis and conducted additional nonlinear 

finite element analyses on a joint developed in this study using the 

experimental findings from the studies mentioned above. 

 

3.1. Test details 

 

The joint design in the studies mentioned above was compatible with the 

main author's five-storey MSB project in Tianjin, China. The experiments' 

primary objective was to evaluate the joints' nonlinear structural performance, 

load-bearing capacity, seismic response, and rotational rigidity. All tests were 

conducted at Tianjin University's Structural Engineering laboratory. The static 

and quasi-static loadings, the effect of diagonal stiffening plates, the beam 

cross-section, and axial force ratios (AFR) were taken into account. Under 

static load, the ultimate capacities and failure mechanism of two corner and 

middle frames with and without stiffeners were investigated. Four additional 

specimens of the corner and middle frames were subjected to cyclic loading to 

assess joints' energy consumption and seismic behaviour. The four specimens 

that were not stiffened were considered standard, whereas the remaining eight 

specimens that were stiffened were considered parametric. The column end 

loading technique was adapted to apply the 100t force to the upper free 

column, with the floor beam (FB), ceiling beam (CB), and lower column 

supposed to act as the rotational hinge. The experiments used the Chinese 

standard (JGJ101-96) for cyclic loading [31,32]. Similarly, the rotary joint was 

used in another MSB project (Ziya Shanglinyuan) in Tianjin, China; thus, the 

mechanical properties of the joint were similar to those of the actual project. 

However, the study treated the rotary fitting as a regular bolt [33]. 

 

3.2. Material properties 

 

Mild steel Q345B was used for columns, floor beams, ceiling beams, cover 

plates, diagonal stiffening plates, and beam bolts. On the other hand, joint 

components were made of cast steel, including ZG35, G20Mn5QT, and 

ZG310-570. The columns and beams were welded using groove welds, while 

the stiffeners were welded using fillet welding. Table 1 contains a list of 

material properties for structural components (i.e., symbols S/SC/QS denote 

joints with the plugin, while TS denotes rotary joint) that were evaluated 

compared to the materials used in actual MSB projects. 

 
Table 1  

Test specimens’ material properties  

 

Type of 

sp. 

Structural 

Component 

Thickness 

(mm) 

Yield 

strength 

𝑓y(MPa) 

Ultimate 

strength 

𝑓u(MPa) 

Elongation 

in % age 

S/SC/QS Column, beam plate 8 425 575 30 

- Stiffeners 16 350 510 26 

- Cast plugin device - 330 350 22.5 

TS Column 18    410 575 26 

- Corner fitting 16 355 515 32.5 

- Connecting plate - 390  560 35 

- Rotating part - 340  590 18 

 
4.  Numerical modelling technique 

 

4.1. General 

 

ABAQUS/CAE was used to develop FE models, while 

ABAQUS/Standard type solver was used for nonlinear analysis of detailed 

solid element and simplified beam element models [34]. The samples used to 

examine the lateral response of the joints developed in the study are listed in 

Table 4. The FE models included columns, beams, tension bolts, and joint 

components. 

 

4.2. Materials model of steel  

 

A nonlinear isotropic/kinematic hardening model is used for all structural 

members. The model is an elastic-plastic isotropic model that uses the von 

Mises yielding criteria to define isotropic yielding. For the columns, beam 

members, and mid-part of the joint, the FE simulation uses Q345B mild steel 

material properties obtained from the previously mentioned test studies. The 

upper and lower joint parts, on the other hand, are made of ZG35 cast steel. 

Tensile stress-strain behavioural patterns of structural steel use a three-linear 

stress-strain behaviour that takes strain hardening into account, as shown in Fig. 

2(c). [35]. Elastic material properties such as Poison’s ratio “𝜈” and modulus of 

elasticity “𝐸𝑠”, whereas plastic material properties such as yield strength “𝑓𝑦", 

ultimate strength “𝑓𝑢”, and strain values "𝜀" for SHS members and joints are 

listed in Table 1. Engineering stress and strain are described in Table 1, 

whereas true stress and strain are inputted in ABAQUS. Consequently, Eqns. 

(1) and (2) are introduced to convert engineering stress and strain to true stress 

and strain. 

 

𝜎𝑇 = 𝜎𝐸(1 + 𝜀𝐸)                               (1) 

 

𝜀𝑇 = ln(1 + 𝜀𝐸) −
𝜎𝑇

𝐸𝑠
                             (2) 

 
where, 𝜎𝑇  and 𝜎𝐸  denote true and engineering stress, while 𝜀𝑇  and 𝜀𝐸 

indicate true and engineering strain. 

 
4.3. Formation of the FE model  

 

To resolve convergence issues, reduce contact surfaces, and improve 

computational efficiency, numerous simplifications are made to the FE 

modelling, including circular modelling of bolt heads and nuts, ignoring threads 

on bolts and nuts, and overlooking spaces between bolts and bolt holes. The 

welded cover plates, stiffening plates, and beam-column frame skeleton is 

modelled as a single part for validation purposes, resulting in improved 

accuracy and fewer complications. 

 

4.3.1. Mesh technique 

High-order contact analysis on three-dimensional deformable solid parts 

such as SHS members and joint components was performed using hexagonally 

structured mesh controls with an eight-node linear brick, reduced integration, 

and Hourglass Control Element Type (C3D8R). Corners and areas with 

geometrical changes, joint regions, bolts, bolt holes, and other high-stress 

areas and components were finely meshed. The most reliable validation of FE 

with test results was achieved using four different mesh densities: very fine, 

fine, coarse, and very coarse. Then the most precise mesh density was used. 

To simplify FE models, columns and beams had been substituted with 

three-dimensional beam elements with cross-sections similar to those of 

detailed solid elements. The beam element sections were meshed using a 

two-node linear beam element (B31) and the same mesh size as the detailed 

models. 

 

4.3.2. Contacts and interactions properties 

The contact between the column and the tenon, the beam and the tenon, and 

the joints and bolts were simulated as surface-to-surface contact (standard), 

with "hard contact" as the normal behaviour and "finite sliding" as the 

tangential behaviour through the use of the "penalty friction formulation." The 

hard contact formulation allows two contacting surfaces to share pressure while 

they are in contact, but no pressure transfer occurs after the contact surfaces are 

separated. Alternatively, the penalty friction formulation uses a friction 

coefficient to account for the relative motion of the contact surfaces and 

calculate the frictional force. After validating the FE results with experimental 

data, an accurate friction coefficient was chosen. The interaction between 

columns, beams, and neighbouring joint faces was modelled as hard contact in 

middle and interior frame samples to maintain consistent force transfer between 

neighbouring modules. Because columns and beams were welded to their 

respective joint components, the "Tie constraint" was used to model the 

interactions between a column and joint and a beam and joint. A tie constraint is 

a connection between the two distinct surfaces that prevents them from moving 

relative to one another. The fusion of two regions is achievable with this 

constraint, even if the meshes created on their surfaces are different. 

 

4.3.3. Boundary conditions and loading mechanism 

The study used the test arrangement outlined in the previous studies and the 

sway frame criteria described in Fig. 2(b) to analyse the nonlinear lateral 

performance of joints. Therefore, the movement of the lower column at the 

bottom was restricted in all directions. In contrast, the upper column only 

restrained out-of-plane movement, and beams were restricted in the vertical and 
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out-of-plane directions. Besides, the out-of-plane rotation of beams was 

restricted, allowing them to exhibit only in-plane rotation. The upper column 

was subjected to lateral displacement-controlled loading as a predicted 

sidesway and vertical axial loading as a percentage of the column's designed 

bearing capacity, as calculated from Eqn. (1) to observe the elastoplastic 

behaviour and simulate the actual force transmission of members in unbraced 

MSB [36]. Additionally, floor beams were subjected to a factored dead load as 

the structure's self-weight and a live load calculated according to ASCE 7-10 

to investigate the nonlinear lateral bearing capacity of a multistorey modular 

block with developed joint [14,37]. Furthermore, the modular block's base was 

assumed to be fixed, while displacement-controlled loading was applied to the 

middle of the ceiling beam along the modular block's longer direction [38]. 

During the validation of FE simulation, the following Eqn. (4) was used to 

predict the pretension force of beam bolts. 

 
𝑁 = (𝐴𝐹𝑅)𝑓𝑦𝑐𝐴𝑠                               (3) 

 
𝑃 =

(0.9)3

1.2
𝐴𝑒𝑓𝑡𝑣                                (4) 

 
where, 𝑁 denotes the axial load, 𝐴𝐹𝑅 denotes the axial force ratio, 𝐴𝑠 

denotes the area of the column, 𝑃  denotes the bolt’s pretension force, 𝐴𝑒 

denotes the bolt’s effective area, and 𝑓𝑡𝑣 denotes the bolt’s tensile strength, 

which is taken as180 MPa.  

 

4.3.4. Failure criteria in FE modelling 

The ABAQUS library included stress criteria and total equivalent plastic 

strain (PEEQ) criteria for analysing the yielding or fracture condition of ductile 

material and the distribution of plastic or permanent strain [39]. The equivalent 

stress and plastic strain were specified as follows: 

 

𝜎𝐸𝑄 = √
(𝜎1−𝜎2)2+(𝜎2−𝜎3)2+(𝜎3−𝜎1)2

2
                      (5) 

 

PEEQ = ∫ √
2

3
𝜀�̇�𝑗

𝑝
𝜀�̇�𝑗

𝑝
𝑑𝑡

𝑡

0
                            (6) 

 

where, 𝜎𝐸𝑄  stands for von Mises stress or equivalent stress; 𝜎1 , 𝜎2  and 𝜎3 

stand for principal stresses; PEEQ stands for permanent strain, and 𝜀�̇�𝑗
𝑝

 stands 

for rate of plastic strain. 

 

4.3.5. A convergence of FE simulation 

The experimental results were used to determine the exact solution for FE 

analysis convergence to obtain the value with the smallest error tolerance. The 

convergence study took into account strain hardening, bolt friction, mesh sizes, 

and friction coefficients. As shown in Table 2, specimen S1 was chosen for 

strain hardening, QS4 for bolt friction, and SC1 for four different mesh sizes 

and friction coefficients. 

The load-carrying capacities of FE models with varying convergence 

criteria were compared in Fig. 3. Fig. 3(a) illustrates the initial stiffness, 

yielding, and load-carrying path for models with and without strain hardening. 

The figure illustrates that strain hardening increased the model's bearing 

capacity. However, the increase in ultimate bearing capacity observed was only 

1%. Similarly, using the same loading criteria, two models were used to analyse 

the bolt friction. As shown in Fig. 3, a pretty small change in load-carrying 

capacity of 0.006% was observed when bolt friction was included in the FE 

model. Additionally, four models with very fine, fine, coarse, and very coarse 

mesh densities were analysed against lateral loading using sizes of 25, 30, 40, 

and 50 mm. It was found that as the mesh expanded from very fine to coarse, the 

ultimate strength increased too. Nevertheless, the very coarse mesh 

demonstrated a slight reduction in capacity compared to the coarse mesh model, 

as illustrated in Fig. 3(c). However, no recognisable discrepancy in capacity 

was observed between coarse and very coarse mesh density models. In contrast, 

a model with a very fine mesh was incapable of sustaining a load greater than 73 

mm, resulting in non-convergence. A fourth convergence study was conducted 

on friction coefficients. Finite element models with four different values, 0.3, 

0.4, 0.5, and 0.6, were analysed, and Fig. 3(d) demonstrated that models with a 

higher friction coefficient had a greater bearing capacity. Moreover, the 

capacity increase between modelling techniques with friction coefficients of 0.3 

and 0.6 was only 1.5%. 

Based on a detailed analysis of the different convergence criteria and the 

test results, strain hardening was taken into account, but bolts were modelled as 

frictionless. The structural components have meshed with a 30 mm size, the 

joint region with a 10 mm size, and the hole area with an 8 mm size. Moreover, 

the friction coefficient was set to be 0.3.
 

 

(a) Dimensions of the developed joint (unit: mm)  

 
(b) Forces transfer mechanism & frame classification in MSB 

Unbraced/Sway-type MSB 

under vertical & lateral loads

Unbraced/Sway-type MSB deflection 

under lateral loads

Unbraced semi-structural frame of 

MSB in an idealised structure

V actual

PP

Δb

P=Load

V=Displacement
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(C) Forces transfer mechanism of the developed joint unbraced MSB (deflection scaled 5times)           (d) The true bi-linear elastic-plastic material model used in FE analysis [35] 

Fig. 2 Forces transfer & material model details for joints in a FE study  

 

 
Fig. 3. Comparison of load-displacement curves obtained from convergence studies 

 

Table 2  

Detailing of test specimens  

Sp. No 
Type of joint CB 

(mm) 

FB 

(mm) 

Column 

(mm) 

Stiffener size 

(mm) 

Bolt 

(mm) 
AFR Load application 

S1 Exterior 150x150x8 150x250x8 150x150x8 None 24 0.2 Static 

SC1 Interior 150x150x8 150x250x8 150x150x8 None 24 0.2 Static 

S2 Exterior 150x150x8 150x250x8 150x150x8 10 24 0.2 Static 

SC2 Interior 150x150x8 150x250x8 150x150x8 10 24 0.2 Static 

QS1 Exterior 150x150x8 150x250x8 150x150x8 None 24 0.2 Cyclic 

QSC1 Interior 150x150x8 150x250x8 150x150x8 None 24 0.2 Cyclic 

QS2 Exterior 150x150x8 150x150x8 150x150x8 10 24 0.2 Cyclic 

QSC2 Interior 150x150x8 150x150x8 150x150x8 10 24 0.2 Cyclic 

QS3 Exterior 150x150x8 150x250x8 150x150x8 10 24 0.2 Cyclic 

QSC3 Interior 150x150x8 150x250x8 150x150x8 10 24 0.2 Cyclic 

QS4 Exterior 150x150x8 150x250x8 150x150x8 10 24 0.1 Cyclic 

QSC4 Interior 150x150x8 150x250x8 150x150x8 10 24 0.1 Cyclic 

TS Corner - - 200x200x18 - - - Bending 

P=Load

V=Displacement 

loading

Mc1

Mc2

Mb1
Mb2

Δb

Δb

Δc

Δc

Bending behaviour of a joint

Vc1

Vc2

Vb1

Vb2

M0

M0

Tensile behaviour of a joint

Bolts resist 

tension forces

A slight gap generation at the 

gusset plate

Tenon as a shear 

key resists V

(a) Strain hardening (b) Bolts friction

(c) Mesh density (d) Friction coefficient
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4.4. Validations of FE simulation 

 

The results of FE static analysis were compared to the P-Δ relationships 

and failure events of test specimens (such as S/SC/QS/QSC) of plugin joints 

against static (four models) and cyclic (eight models) loadings. As shown in 

Table 3, the lateral load resistance of a rotary corner joint specimen (TS) was 

also validated. 

 

4.4.1. Validations of bending test results with FE analysis 

 

Finite element analysis results were compared to the lateral P-Δ curves of 

twelve test specimens of plugin joint and moment-rotation curves of a rotary 

joint, as shown in Fig. 4. The results of cyclic loading tests on plugin joint 

envelope curves were compared to the results of static FE analysis. It was 

discovered that FE models accurately simulated test specimens' ultimate 

capacity, stiffness, and ductility. There have been some discrepancy and 

inconsistency on a minor scale in stiffness or strengths between test and FE. 

This could be because of differences in material models, sectional 

imperfections during production, soft supports, or simplifications to the FE 

model. 

Experiment failure modes were compared to von Mises stress 

distributions in FE models, as illustrated in Fig. 5. Gap development and 

enlargement, slicing of column or beam welds, stiffener breakdown, local 

column buckling, and beam tearing were the primary failure events in plugin 

joint test specimens. The stress localisations observed in FE models, including 

corner and middle joints, exhibited outward and inward buckling, high stress 

welded areas and gap generation that was entirely consistent with test results. 

Similarly, the test results were accompanied by accurate simulations of gap 

generation of 25 mm between corner fittings and their outward buckling, such 

as the gap generation of 27 mm demonstrated by FE models for rotary joints. 

The comparison of the capacities of the tests specimens and FE models 

are shown in Table 3. It demonstrates that the average test-to-FE ratio (mean) 

and coefficient of variation (Cov) are 1.02 and 0.12, respectively. Table 1 

summarises the ultimate compressive strengths predicted by the Test-to-FE 

prediction ratios, indicating that when the ratios exceed 1.0, the FE was 

marginally underestimated, implying that structural behaviour predictions are 

secure. Conversely, ratios less than 1.0 indicate that actual behaviour is 

overestimated, implying that structural behaviour estimations are unsafe. 

Hence, these comparisons of P-Δ curves and predicted Pu values demonstrate 

that FE analysis can accurately simulate lateral structural performance for 

newly developed joints and modular blocks when both axial compression and 

lateral loading are applied. As a result of the FE simulation's accuracy and 

efficiency, it is recommended to conduct additional parametric studies on 

joints and a modular block. 

 
Table 3  

Comparison of test specimens and FE models' ultimate capacities 

Sp. No 

Type of 

joint Load 

application 

Ultimate load 

(Test)/𝑃𝑇𝑒𝑠𝑡(k

N) 

Ultimate 

load 

(FE)/𝑃𝐹𝐸(

kN) 

𝑃𝑇𝑒𝑠𝑡/𝑃𝐹𝐸 

 

S1 Corner Static 112.0 118 0.95 

SC1 Middle Static 248.0 262 0.95 

S2 Corner Static 183.0 162 1.13 

SC2 Middle Static 396.0 392 1.01 

QS1 Corner Cyclic +ve 81.0 79 1.02 

  Cyclic -ve -102.0 -118 0.86 

QSC1 Middle Cyclic +ve 205.0 261 0.79 

  Cyclic -ve 231.0 263 1.13 

QS2 Corner Cyclic +ve 118.0 121 0.97 

  Cyclic -ve -137.0 -127 1.07 

QSC2 Middle Cyclic +ve 255.0 261 0.98 

  Cyclic -ve -305.0 -260 1.17 

QS3 Corner Cyclic +ve 161.0 122 1.32 

  Cyclic -ve -183.0 -162 1.13 

QSC3 Middle Cyclic +ve 329.0 391 0.84 

  Cyclic -ve -364.0 -389 0.94 

QS4 Corner Cyclic +ve 141.0 129 1.09 

  Cyclic -ve -168.0 -169 0.99 

QSC4 Middle Cyclic +ve 377.0 387 0.97 

  Cyclic -ve -411.0 -388 1.05 

TS Corner Bending 33.74.0 33.80 0.99 

Mean     1.02 

Cov     0.12 

 

(a) Specimen S1 (b) Specimen S2 (c) Specimen SC1

(d) Specimen SC2 (e) Specimen QS1 (f) Specimen QS2

(g) Specimen QS3 (h) Specimen QS4 (i) Specimen QSC1
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Fig. 4 Validation curves of FE models and test specimens  

 

 

Fig. 5 Validation of failure modes of FE models and test specimens 

(j) Specimen QSC2 (k) Specimen QSC3 (l) Specimen QSC4 (m) TS

(b) QS1 (c) QS2(a) S1

Crack at column
Specimen QS2 

(d) QS3 (e) QS4 (f) SC1

(g) SC2 (h) QSC1 (i) QSC2

(j) QSC3 (k) QSC4 (l) TS
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Table 4  

Details of FE models for lateral behaviour of the developed joint 

Sp. No 
CB 

(mm) 

FB 

(mm) 

Column 

(mm) 

Bolts 

(mm) 
AFR (%) Loading method 

S1 150x150x8x1900 150x250x8x1900 150x150x8x1000 24 0.2 Static 

S2 150x150x8x1900 150x250x8x1900 150x150x8x1000 24 0.1 Static 

S3 150x150x8x2900 150x250x8x2900 150x150x8x1000 24 0.2 Static 

S4 150x150x8x1000 150x250x8x1000 150x150x8x1000 24 0.2 Static 

S5 150x250x8x1900 150x250x8x1900 150x150x8x1000 24 0.2 Static 

S6 150x150x8x1900 150x150x8x1900 150x150x8x1000 24 0.2 Static 

Block-S 150x150x8x1000 150x250x8x1000 150x150x8x1000 24 - Static 

Block-L 150x150x8x3000 150x250x8x3000 150x150x8x1000 - - - 

 
5.  FE studies on the joints in MSB 

 

5.1. Geometry and detailing  

 

The joint assembly and dimensions of each component used in 

performance evaluation are depicted in Figs. 1(b) and 2(a). The structural 

performance of MSB with the established joint is evaluated using a small-scale 

two-storey modular block scaled to the recommended size. The specimens and 

structural components are described in detail in Table 4. 

 
5.2. Bending behaviour of the joints 

 

5.2.1. Corner joint 

Six FE models of the corner joint supporting an upper and lower modular 

unit were analysed with varying AFR, beam lengths, and beam cross-sections. 

Fig. 6 shows that S6 exhibited the lowest bending moment capacity and initial 

stiffness, whereas S2 showed the largest bending capacity, and S4 exhibited 

the highest initial stiffness. It was found that an increase in the cross-sections 

of the beams increases bending capacity and vice versa, whereas the decrease 

in beam lengths increases the stiffness of the joint. Comparing the permanent 

plastic strain of models in Fig. 7(a) declares that all other models showed 

permanent allocation of strain in the upper column except specimen S6 

(demonstrated strong column-weak beams). All models demonstrated different 

plastic strain distribution in FB, but S6 showed the failure of both beams, 

whereas S5 lacked beams yielding due to stiffer and stronger beams.  

    

5.2.2. Middle joint 

For studying the detailed bending performance of the middle joint, six 

models were analysed supporting four modules, such as two uppers and two 

lowers. Axial compression and lateral displacement loads were applied to the 

centre of the upper columns. In comparing the moment-rotation curves of 

models, the middle joint models behaved similarly to that of the corner joint, 

both in bending moment capability and initial stiffness, as shown in Fig. 6. 

The capacity and stiffness were increased by increasing the cross-section 

(model S5) and reducing the lengths of beams (model S4), which can be 

considered an upper bound. Meanwhile, reducing the cross-section (model S6) 

and lengthening of beams (model S3) reduced capacity and stiffness and can 

be regarded as a lower bound. Whether failure occurred in beams or columns, 

the effective distribution of stresses to adjacent members on the opposite side 

was evident, implying that the joint between adjacent modules performed 

effectively. 

 

5.2.3. Interior joint 

The bending capacity of six interior joint models supporting eight 

modular units was analysed. The upper four columns' centre was subjected to 

axial and lateral loads. The interior joint specimens all exhibited the same 

patterns of bending capacities and stiffness as the corner and middle joints. 

However, the capacities and stiffnesses of models S1 and S2 were slightly 

different from those of other models. Model S2 demonstrated a greater 

bending capacity than S1 but a lower stiffness than S1. The relationship 

between stiffness and capacity was more pronounced in interior joints than in 

corner and middle joints. Models S4 and S5 demonstrated the highest bending 

capacities and stiffnesses, while S3 and S6 demonstrated the lowest. As 

illustrated in Fig. 7, model S3 encountered stresses in the beams, preventing 

the load-taking operation from continuing. Except for S4 and S5 (which 

demonstrated high capacity and rigidity), all specimens indicated beam failure; 

however, equivalent stress propagation was observed in other structural 

components.

 

 
Fig. 6 Moment versus rotation curves and scatters of FE models of joints  

 

(a) Specimen S1 (b) Specimen S2 (c) Specimen S3 (d) Specimen S4

(e) Specimen S5 (f) Specimen S6 (g) Mu & Ke
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(a) Corner joint 

 
(b) Middle joint 

 
(c) Interior joint 

Fig. 7 Plastic strain distribution of joints against lateral loads 

 
5.3. Seismic performance of joints 

 

The seismic performance of each joint model was evaluated using the 

special moment frame (SMF) parameters, which were found to be consistent 

with the 0.04 rad rotational deformation capacity with a strength of 0.8MP 

[28,40]. All corner joint models met the drift angle accumulation criteria of 

0.04 rad and the required bending moment capacity (except S3 with a 0.92 

ratio). While model S3 met the specified requirements for rotation angle 

accumulation of at least 0.04 rad, the corresponding value of the bending 

capacity ratio did not meet the SMF criteria. Similarly, models S6 (1.25, 1.88), 

S2 (1.75, 1.19), and S5 (1.25, 1.18) demonstrated a greater tendency to resist 

seismic loads. Thus, beam lengths significantly affected the joint seismic 

performance compared to the other five specimens that were substantially 

safer. As shown in Table 5, all middle joint specimens met the criteria for the 

ultimate angle of rotation greater than 0.04 rad and the moment ratio greater 

than 1.30. Additionally, all interior joint models met the seismic performance 

criteria for SMF by having a minimum ultimate rotation angle (θu) of 0.05 rad 

and MO (obtained moment) and 0.8MP ratios greater than 1.0. 

Model S6 demonstrated superior seismic performance for all joints with a 

maximum moments ratio of 2.0 and beams with no permanent strain 

distribution to columns (i.e., strong column-weak beam criteria).

 

Table 5  

Seismic performance of joints by SMF criteria 

Sp. No 
Type of 

joint 

 𝜃𝑢 

(rad) 

 𝜃0.04 

(rad) 

𝑀𝑂 

(kNm) 

0.8𝑀𝑃 

(kNm) 

𝜃𝑢/𝜃0.04 
𝑀𝑂/0.8𝑀𝑃 

S1 Corner 0.05 0.04 164 142 1.25 1.15 

S2 Corner 0.07 0.04 169 142 1.75 1.19 

S3 Corner 0.06 0.04 130 142 1.50 0.92 

S4 Corner 0.05 0.04 163 142 1.25 1.15 

S5 Corner 0.05 0.04 167 142 1.25 1.18 

S6 Corner 0.05 0.04 130 69 1.25 1.88 

S1 Middle 0.05 0.04 438 284 1.25 1.54 

S2 Middle 0.05 0.04 450 284 1.25 1.58 

S3 Middle 0.05 0.04 385 284 1.25 1.36 

S4 Middle 0.04 0.04 480 284 1.00 1.69 

S5 Middle  0.06 0.04 485 284 1.50 1.71 

S6 Middle 0.05 0.04 299 139 1.25 2.15 

S1 Interior 0.05 0.04 877 568 1.25 1.54 

S2 Interior 0.05 0.04 896 568 1.25 1.58 

S4 Interior 0.05 0.04 825 568 1.25 1.45 

S5 Interior 0.06 0.04 992 568 1.50 1.75 

S6 Interior 0.05 0.04 556 278 1.25 2.00 

Mean      1.30 1.52 

 

5.4. Bending behaviour of MSB 

 

5.4.1. Two-storey small-scale modular block 

The displacement-controlled loading was applied to the top ceiling beam 

of the two-storey small-scale modular block fixed at the base to analyse the 

lateral bending efficiency of the joint. Tenons at the top and the bottom of the 

modular block were not passed through the lower and upper connection 

components. The modular block demonstrated a high bearing capacity, decent 

force transmission behaviour and initial stiffness of over 17 kN/mm, as 

illustrated in Fig.9(g). As illustrated in Fig. 10(d), the developed joint exhibits 

a superior force distribution tendency between the structural components of 

the same modular unit and the adjacent modular units. All the columns on the 

bottom and beams on the two welded ends showed maximum stress 

concentration with a load restriction. On the other hand, the bottom-storey 

beams exhibited no stress concentration due to their fixed boundary conditions 

in both longitudinal and transverse directions. It was noted that ceiling beams 

along the longer directions of a modular block posed the most significant risk 

of failure. 

 

5.5. Parametric study on the bending behaviour of joint  

 

5.5.1. Length of column tenon 

Five corner joint models with column tenon lengths of 0, 100, 200, 300, and 

400 mm were chosen to investigate the effect of column tenon on the joint's 

bending behaviour. As illustrated in Figs. 8(a) and (f), increasing the length of 

the column tenon increased both bending capacities and stiffnesses. Although 

capacity and stiffness were raised, the rise was decreased by 25, 16, 11, and 

10%, and 38, 21, 12, and 9%. With a strong column-weak beam pattern, 

increasing the length of the column tenon increased the moment capacity and 

stiffness. Additionally, models with tenon lengths of 0 and 100 mm 

demonstrated unsatisfactory seismic performance, whereas models with tenon 

S1 S2 S3
S4 S5 S6

S1 S2 S3 S4 S5 S6

S1 S2 S3 S4 S5 S6
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lengths of 200, 300, and 400 mm demonstrated satisfactory seismic 

performance.  

 

5.5.2. Length of beam tenon 

Four corner joint models with beam tenon lengths of 0, 100, 200, and 300 

mm revealed a slight increase (<5% ) in bending capacity and stiffness as beam 

tenon length increased, as shown in Fig. 8(b) and (g).    

 

5.5.3. Thickness of gusset plate (GP) 

Four different GP thicknesses were chosen, such as 20, 30, 40, and 50 mm, 

to investigate GP thickness effect on the joint’s structural performance. There 

was no distinguishable increase in capacity, stiffness, or seismic performance 

was observed as the thickness of GP was increased, as shown in Fig. 8© and (h).  

 

5.5.4. Thickness of beams 

On average, beams (FB and CB) of three different thicknesses (i.e., 6, 8, 

and 10 mm) increased the capacity and stiffness of the joint by 5%, as shown in 

Fig. 8(d) and (i). Additionally, the model with the most significant beam 

thickness exhibited plastic deformation only in the column (model S1), whereas 

the model with the most negligible beam thickness also exhibited an 

accumulation of plastic strain in the beams.    

 

5.5.5. Inter-modular gap 

The bending moment of four models of middle joint with an inter-modular 

gap of 20, 40, 60, and 80 mm were compared to determine the effect of the 

constructional gap on the lateral performance of joints. A nonapparent rise in a 

moment carrying capacity and stiffness (<5%) was illustrated in Figs. 8(e) and 

(j), whereas permanent strain accumulation was only limited to beams. 

 

 
Fig. 8 Parametric studies on the lateral behaviour of joints 

 
5.6. Simplification of joint 

 

To save considerable computational time and accurately simulate the 

elastoplastic behaviour of a solid model of the joints, a beam model based on 

nonlinear spring connectors and beam elements was developed. The 

deformable solid elements of structural members, such as beams and columns, 

were replaced with three-dimensional beam elements, and the detailed joint 

model was replaced with nonlinear spring connectors. The connector's 

rotational stiffness was determined using the momentum versus rotation 

curves generated by the detailed FE model. Boundary conditions, material 

properties, cross-section characteristics, and loading conditions were 

maintained in the same way as the detailed FE analysis. Fig. 9 illustrates the 

comparison of the eighteen detailed and developed simplified joint models of 

the corner, middle, and interior joints and a two-storey modular block. It is 

worth noting that the curves obtained from simplified models accurately 

predicted the elastic stiffness, ultimate capacity, and plastic behaviour of 

detailed models, except for model S3, which failed to converge when detailed 

solid element modelling was used. Table 6 compares the ultimate moments of 

detailed and simplified FE models and evaluates mean and Cov, which 

indicates that the mean and Cov are 0.99 and 0.025, respectively. Additionally, 

the table summarises the moment capacities of detailed-to-simplified models 

using moment ratios (
𝑀𝐷𝑒𝑡

𝑀𝑆𝑖𝑚
). It indicated that when the ratios exceed 1.0, the 

simplified model was slightly underestimated, implying that structural 

behaviour predictions are safe. In comparison, ratios less than 1.0 indicate that 

actual behaviour is overestimated by simplified models, implying that 

structural behaviour estimations are slightly unsafe. These comparisons of 

moment-rotation curves and predicted moment ratios demonstrate that a 

simplified beam and connector model can accurately simulate the lateral 

behaviour of developed joints in MSB when both axial compression and lateral 

loading are applied. Additionally, Fig. 10 compares the stresses contours of the 

corresponding models. It was demonstrated that the simplified model accurately 

predicted the developed joints' structural behaviour and failure initiation. As a 

result of their accuracy, prediction of nonlinear structural behaviour, and 

increased computational efficiency, these simplified models are recommended 

for practical applications.

 

 
Fig. 9 Comparison of moment-rotation curves of detailed (D) and simplified (S) FE models  

(d) Thickness of beams(a) Length of column tenon (b) Length of beams tenon (c) Depth of gusset plate (e) Inter-modular gap

(f) Length of column tenon (g) Length of beams tenon (h) Depth of gusset plate (i) Thickness of beams (j) Inter-modular gap

(a) Specimen S1 (b) Specimen S2 (c) Specimen S3 (d) Specimen S4

(e) Specimen S5 (f) Specimen S6 (g) Modular block
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(a) FE models of corner joint 

 
(b) FE models of middle joint 

 
(c) FE models of interior joint 

 
(d) FE models of two-storey modular block 

Fig. 10 Comparison of stress distribution of detailed (D) and simplified (S) FE models  

Table 6  

Comparison of ultimate capacities of detailed and simplified FE models 

Sp. No 
Type of 

joint 
Ultimate moment 

𝑀𝐷𝑒𝑡𝑎𝑖𝑙𝑒𝑑(kNm) 

Ultimate moment 

𝑀𝑆𝑖𝑚𝑝𝑙𝑖𝑓𝑖𝑒𝑑(kNm) 
𝑀𝐷𝑒𝑡/𝑀𝑆𝑖𝑚 

 

S1 Corner 165 168 0.98 

S2 Corner 172 171 1.00 

S3 Corner 159 155 1.02 

S4 Corner 164 163 1.00 

S5 Corner 167 170 0.98 

S6 Corner 174 179 0.97 

S1 Middle 450 448 1.00 

S2 Middle 460 459 1.00 

S3 Middle 393 398 0.98 

S4 Middle 479 476 1.00 

S5 Middle  497 491 1.01 

S6 Middle 301 306 0.98 

S1 Interior 918 919 0.99 

S2 Interior 927 931 0.99 

S4 Interior 1009 1006 1.00 

S5 Interior 1018 1009 1.00 

S6 Interior 573 630 0.90 

Block Block 1389 1428 0.97 

Mean    0.99 

Cov    0.025 
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6.  Discussions  

 

Previous research has emphasised the critical role of joints as a lateral 

force-resistant system in ensuring the integral and reliable nature of MSBs 

during catastrophic events. [14–16]. As reported in the literature, the present 

study proposed a joint for SHS, as illustrated in Fig. 1, to avoid the use of 

weaker sections, drilling holes in sections, sacrificing aesthetics, and stiffening 

joints. Fig. 6 shows the lateral bending capacity of joints. The procedure for 

determining the bending capacity of each joint was identical to that reported 

previously [17,28,31,32]. The developed joints were found to have a 

significantly higher lateral load-carrying capacity and seismic response than 

previously proposed joints [41,42]. According to previous research, semi-rigid 

frames with a drift ratio greater than 0.032 rad were found appropriate for use in 

earthquake-prone zones [43]. In comparison, the American Steel Construction 

Institute's (AISC) seismic provisions require that the lowest possible drift ratio 

by joints in special moment frames (SMF) be larger than 0.04 rad for capacities 

greater than 0.8Mp [40]. As shown in Table 5, the developed joints fulfilled high 

seismic performance requirements with θu/θ0.04 ≥ 1 and MO/0.8MP ≥ 1 and can be 

used as a lateral force resistant system in MSB. Increased column tenon length 

resulted in superior seismic performance of the joint (with θu/θ0.04 ≥ 1 and 

Mo/0.8MP ≥ 1). At the corresponding rotational angle, the corner joint with a 

tenon length of 0 or 100 mm did not meet current requirements, but the models 

with a length of 200, 300, or 400 mm met AISC criteria for use in SMF.  

The strength, i.e., 0.25MP ≤ Mj ≤ MP and stiffness classification criteria, i.e., 

0.5EIb/Lb ≤ Sji ≤ 25EIb/Lb for the unbraced semi-rigid frames used in the study, 

have been widely adopted previously [44,45]. According to the criteria, the 

corner joint with a single FB exhibited semi-rigid behaviour with 

strength >0.5MP and a rotational stiffness >0.5EIb/Lb. The middle and interior 

joints with two and four FBs behaved as rigid joints in the strength classification 

with strength >MP and semi-rigid with rotational stiffness >0.5EIb/Lb, except for 

S6. Such variations in joint behaviour due to beam length and the effect of 

adjacent modular units on strength and stiffness had received less attention; 

therefore, a detailed study was conducted in this context. Previously published 

research has demonstrated the contribution of shear walls, different loading 

scenarios, and the impact of wall openings on the response and rigidity of 

modular units [46–48]. On the other hand, the participation of joints in the 

overall lateral effectiveness of modular units received relatively less attention. 

The results of the specific bending analysis indicated that when the members' 

strengths were adequately utilised, the joint in a double-storey module acquired 

a greater tendency for bearing lateral loads [38]. Previous studies examined 

simplified models of multistorey modular frames, but there was no stepwise 

simplified representation and affirmation of the models' appropriateness [8,30]. 

Likewise, the developed simplified models of joints could simulate only elastic 

responses with a wide range of plastic regime variation. As illustrated in Fig. 9 

and 10, the current study validated the step-by-step comparative efficacy of 

simplified models and their effectiveness in stimulating the complex detailed 

models. 

  
7.  Conclusions 

 

This study aimed to develop new joints in MSB for SHS members, 

addressing issues with previously established joints. A detailed 3D FE analysis 

was performed to simulate the bending performance of the developed joints. 

Then, in-depth parametric analyses were performed to determine the effect of 

various parameters on the joints' overall structural performance. 

Simultaneously, the response of the developed joint in the two-storey 

small-scale modular block was investigated to mimic its contribution in 

multistorey MSB. Following that, joints were simplified using connector and 

beam elements to predict the elastoplastic response of complex joints. Finally, 

the FE modelling accuracy was confirmed by comparing it to thirteen tests on 

MSB joints. These studies on joints and a modular block justify the following 

conclusions:   

1) Comparing FE results to thirteen joint bending tests revealed that the 

developed FE models accurately captured initial stiffness, ultimate 

bearing capacity, and failure behaviour. 

2) The stiffness, lateral capacity, seismic performance, and ductility of 

the corner, middle, and inner joints were adequate. Beam tenons, GP 

thickness, and the intermodular gap had no noticeable impact on 

capacity and stiffness, whereas column tenon length had a significant 

influence. Beam failure was observed in models with longer and 

smaller cross-section beams. Columns from middle and inner joints 

and models of corner joints with weaker beams demonstrated 

strong-column and weak-beam responses, making them consistent 

with successful seismic behaviour. 

3) The modular block showed a stable lateral load-carrying capacity, 

rotational stiffness, load distribution, and ductility. The ceiling beams 

of the upper storey were permanently deformed, but the columns 

remained safe, meeting strong-column and weak-beam criteria for 

adequate seismic behaviour. 

4) By accurately simulating the elastoplastic behaviour and ultimate 

bearing capacity of detailed models with a Cov of 0.025, the 

development of simplified joints with nonlinear spring connector and 

beam element reduced modelling effort and increased computational 

efficiency. 
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Nomenclature 

 

𝜎𝑇= True stress 

𝜎𝐸= Engineering stress 

𝜀𝐸= True strain 

𝜀𝑇=Engineering strain 

𝐸𝑠= Steel's modulus of elasticity 

𝑁= Axial force 

𝐴𝑠= Cross-section are 

𝐴𝑒= Bolts effective area  

𝑓𝑡𝑣= Bolts tensile strength  

𝜎𝐸𝑄= Equivalent stress 

𝜎1, 𝜎2 and 𝜎3= Principal stresses 

𝜀�̇�𝑗
𝑝

= Rate of plastic strain 

𝑀𝑂= Obtained moment 

𝑀𝑃= Plastic moment 

𝐾𝑒= Initial/elastic stiffness 

𝑑𝑏= Diameter of bolt 
𝑀𝐷𝑒𝑡

𝑀𝑆𝑖𝑚
= Moment capacities ratios of detailed and simplified models 

𝑃= Pretension of a bolt 

∆= Lateral displacement 

𝜃= Rotation angle (rad) 

𝜇= Coefficient of friction 

𝑃𝑇𝑒𝑠𝑡= Ultimate strength of test specimens 

𝑃𝐹𝐸= Ultimate strengths of FE models 

𝜈= Poisson’s ratio 

𝑓𝑦= Yield strength 

𝑓𝑢= Ultimate strength
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