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ABSTRACT: Based on the previous study of the lightweight aggregate concrete filled steel tube (LACFST) slender 
columns, LACFST specimens with larger slenderness ratio from 64 to 96 were tested. According to the test results, 
the stability behavior was studied and its influence factors were analyzed. The bound slenderness ratio value was 
judged and the calculation method was studied. The test results demonstrated that LACFST slender columns under 
axial compression were damaged instability, and the value of bearing capacity and stability factor decrease as the 
slenderness ratio increases. Based on the test results analysis, the bound slenderness ratio of LACFST is 80 in this 
test. A method based on the Euler formula to calculate bound slenderness ratio is provided, and the calculation results 
are consistent with test ones. By comparison, it is found that the bound slenderness ratio of LACFST is smaller than 
that of normal CFST. The calculation results using Euler formula indicates that the bearing capacity can be calculated 
using Euler formula when the LACFST slender columns slenderness ratio is larger than the bound value. 

Keywords: Lightweight aggregate concrete filled steel tube, Axial compression, Stable, Bound slenderness ratio, 
Euler formula 

 
 

1.  INTRODUCTION 
 

Concrete filled steel tube (CFST) has the excellence of high bearing capacity, good seismic 
performance, small cross-sectional area and convenient construction. It has been widely studied and 
used in projects [1,2,3,4,5]. Lightweight aggregate concrete (LAC) can be produced from solid 
waste, and is about 20% to 30% lighter than normal concrete. Therefore, LAC is an environmental 
material which can be used in engineering to reduce the self weight [6,7,8]. If LAC is filled into 
steel tube, it forms lightweight aggregate concrete filled steel tube (LACFST). Similar to normal 
CFST, the buckling of steel pipe is delayed by LAC, and the LAC compressive strength is 
increased by the confinement of steel pipe. At the same time, the lower elastic modulus and higher 
brittleness of LAC are also improved. Because of the lightweight characteristic and good 
performance, LACFST has good application prospect. Especially in the long span bridge and 
high-rise building structures, the crossover ability will be increased and the foundation cost will be 
reduced.  
 
Compared to normal CFST and LAC, the studies and applications about LACFST are less 
according to the literature number. In recent years, more and more scholars start to study the 
behavior of LACFST. The test by Assi and Qudeimat showed that LAC can enlarge the bearing 
capacity of steel pipe [9]. The study by Ghannam and Jawad indicated that LAC can replace normal 
concrete to fill in the steel tube in composite structural [10]. From the test result, Mouli found that 
LAC offered higher bond strength than normal concrete and contribution of LAC to the squash load 
were shown to be considerable [11]. Japan had used LACFST in "Shinkansen" project (high-speed 
railway bridge) [12]. In China, Li tested a lot of self stress lightweight concrete and gangue 
concrete filled steel tubular specimens [13, 14]. Ding and Yu analyzed the Nonlinear Properties of 
LACFST [15]. He tested 16 square thin-walled stub LACFST columns and proposed mechanical 
model [16]. Gao and Li studied the seismic behavior of LACFST frame in experimental way [17].  
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In spite of that, the study about the performance of LACFST is still in a primary stage. The author 
has studied the behavior of LACFST stub columns and slender columns whose slenderness ratio is 
from 12 to 56 [18, 19]. The influence of different parameters was surveyed, including steel and 
LAC strength, steel ratio, slenderness ratio, and so on. It was found that slenderness ratio impacts 
on the behavior more and more obvious as the LACFST column length increases. As a further 
study on the behavior of slender column, the stability of LACFST with the larger slenderness ratio 
from 64 to 96 was studied in this paper. 
 
 
2.   EXPERIMENTAL INVESTIGATIONS 
 
2.1  Materials  
 
The coarse aggregate of lightweight aggregate concrete is shale ceramic. The physical and 
mechanical properties are as following: lightweight aggregate bulk density is 814 kg/m3, cylindrical 
compression strength is 8.5MPa, the ratio of water absorption ratio is 6% per hour. Ordinary 
Portland cement is used in this test. Materials are mixed by concrete mixer. According to the 
relevant Chinese standards, compression tests were carried out on a number of Standard cubes 
([150×150×150] mm) to determine the concrete grade, and prisms ([150×150×300] mm) in 
order to determine the 28-days compressive strength (fck) and elastic modulus (Ec) of the 
unconfined concrete. The cubes and prisms were conditioned at room temperature. The concrete 
mixture is shown in Table 1 and the material properties are shown in Table 2. 
 

Table 1. Mixture Mass for per Cubic Meter LAC Concrete 

Cement (kg) Haydite (kg) Sand (kg) Water (kg) 

460 670 650 170 
 

Table 2. Properties of LAC Concrete 
Cubic strength 

 fcu (MPa) 
Prism strength 

 fck (MPa) 
Elastic Modulus 

Ec (GPa) 
Bulk density 

(kg/m3) 
44.7 35.2 26.2 1810 

 
Straight welded steel tube Q235 was used in the test. A group of three standard specimens which 
were cut from each thickness of steel tube were tested to determine the tensile strength of the steel.  
Test method followed the regulations of Chinese standard "Metallic materials at ambient 
temperature tensile test method" (GB/T228, 2002). The data was collected by TS3890 
pseudo-dynamic strain instrument in the whole process. Two kinds of steel tubes with thicknesses 
of 2.9mm and 3.5mm respectively were tested. Because the tested results are very close, Yield 
strength 274.7MPa was used for convenience. The stress and strain relationship of specimen is 
shown in Figure 1. 
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Figure 1. Stress Versus Strain Curve of Steel 
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2.2  Specimens  
 
Steel tubes were processed according to the required length, and the two ends were polished flat. 
Each column was welded with a 10 mm thick circular endplate on one end before pouring concrete. 
The LAC was filled into steel tube with 500mm thickness for each layer. A 50mm diameter 
vibrating rod was used to vibrate concrete to ensure its density after pouring work finished. The 
specimens were maintained in natural conditions. After 10 days conservation, another end was 
smoothed with cement mortar, and welded with a 10mm thick circular endplate. The parameters of 
LACFST specimens are given in Tables 3 together with the results which will be discussed later. 
 

Table 3. Detail of the Test Specimens 
Pipe size (mm) Specimens 

D t L 
λ α（%） Nu(kN) uN （kN） φ=Nu  / No 

A-3-a 114 2.9 342 12 11.00 814.76  1.002 
A-3- b 114 2.9 342 12 11.00 850.87 813.02 1.046 
A-3- c 114 2.9 342 12 11.00 773.44  0.951 
A-16-a 114 2.9 1824 64 11.00 739.50  0.910 
A-16-b 114 2.9 1824 64 11.00 780.56 743.95 0.960 
A-16-c 114 2.9 1824 64 11.00 711.81  0.876 
A-20-a 114 2.9 2280 80 11.00 648.00  0.797 
A-20-b 114 2.9 2280 80 11.00 728.00 692.00 0.895 
A-20-c 114 2.9 2280 80 11.00 700.00  0.861 
A-24-a 114 2.9 2736 96 11.00 548.50  0.675 
A-24-b 114 2.9 2736 96 11.00 448.00 501.17 0.551 
A-24-c 114 2.9 2736 96 11.00 507.00  0.624 
B-3-a 114 3.5 342 12 13.51 865.28  0.980 
B-3-b 114 3.5 342 12 13.51 863.72 883.16 0.979 
B-3-c 114 3.5 342 12 13.51 920.50  1.042 
B-16-a 114 3.5 1824 64 13.51 773.00  0.875 
B-16-b 114 3.5 1824 64 13.51 747.05 753.38 0.846 
B-16-c 114 3.5 1824 64 13.51 740.10  0.838 
B-20-a 114 3.5 2280 80 13.51 —  — 
B-20-b 114 3.5 2280 80 13.51 701.01 703.00 0.794 
B-20-c 114 3.5 2280 80 13.51 705.00  0.798 
B-24-a 114 3.5 2736 96 13.51 615.03  0.696 
B-24-b 114 3.5 2736 96 13.51 558.01 592.50 0.632 
B-24-c 114 3.5 2736 96 13.51 604.46  0.684 

 
Note: 1. D is the external diameter, t is the thickness, L is the length of specimen, 

2. fy is the yield strength of steel, λ is the slenderness ratio, λ=4L/D; 
3.  is steel ratio, =As/Ac , here As is the area of steel, Ac is the area of concrete;  
4. Nu is test ultimate load, uN is the average value of test ultimate load for each group; 

5. φ is stability factor, φ=Nu/No , here No is test ultimate load of short column(L/D=3). 
 

2.3  Test Instruments and Procedure 
 
Figure 2 shows the details of the test instruments. The experiment was performed in the structural 
engineering laboratory of Hohai University. Hydraulic jack was implemented to apply load on the 
specimen, and pressure sensor was used to measure load value. At the two ends of the specimen, 
column, support plate were utilized to simulate the hinged boundary condition. 
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In order to reduce the adverse effect of initial imperfection, several methods were adopted. They 
were as follows: ① Steel pipe surface were examined carefully; ② two ends of the steel pipe 
were polished flat; ③ the end was smoothed with cement mortar before the second endplate 
wedded; ④ a bolt was inserted in the holes which were set on the center of the endplate and 
support plate (Figure 2); ⑤ a plumb line was used as reference at the side of the specimen when 
loading (Figure 2). In these ways, it can ensure the specimen was vertical and the load was added 
axially as much as possible.  
 

pressure
sensor

longitudinal
displacement
metre

N

N

lateral
displacement
metre

strain gauge

iron
block

plumb
line

bolt
support plate

endplate

 
      

(a)A-16     (b) B-20     (c) A-24 
Figure 2. Loading and Measurement System Figure 3. Failure specimens 

 
For the accuracy of the specimen's deformation measurement, strain gauges were set at the 
mid-length of the column to record longitudinal strain and transverse strain. On the reaction frame, 
three lateral displacement meters were set to measure the deflection at quadrant point along the 
length of the column. And two longitudinal displacement meters were set to measure the 
longitudinal deformation. All data was recorded by computer data acquisition system in the whole 
test phase. The specimen was loaded at rate of 1/10 of the predicted ultimate load in the elastic 
phase and at loading rate of 1/15 of the predicted ultimate load in the column yielding phase. Each 
load was maintained for 2-3 minutes to enable the full deformation development. When 
approaching the predicted ultimate capacity, the load was added slowly. 
 
 
3.   DISCUSSIONS OF TEST RESULTS 
 
3.1  Test Phenomenon  
 
Figure 3 shows some typical failure specimens. No local buckling phenomenon was observed. All 
slender columns specimens failed because of excessive lateral deformation, and damaged instability 
under axial compression. When jack was loaded off after the experiment, majority bending 
deformation of slender columns could be resumed, which meant the majority of the deflection was 
elastic deformation when the specimen was damaged under loading.  
 
Deflection distribution along the length under different load is shown in figure 4. For most 
specimens, as the load increased, deflection increased gradually with the largest value at middle 
point and symmetrical growth at two sides (Figure 4a). The curves shape is similar with the sine 
half-wave. However, due to initial defects containing material discontinuity and load eccentricity 
and so on, the deflection developed asymmetry for some specimens as shown in Figure 4(b). 
However, the deflection was rectified as the load increasing. The deflection distribution tended to 
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symmetry. The largest deflection value appeared at the middle point when the specimen was 
destroyed finally. 
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(a) A-20-a (b) B-24-b 

Figure 4. Deflection Distribution Along the Length as the Load Increasing 
 
3.2  Failure Process  
 
Figure 5 is load N – midpoint deflection f curves. Because of initial defects, the deflection of some 
specimens developed at the beginning of test. At the loading initial stage, the deflection increased 
slowly. When the load was about 60% to 70% of ultimate load, lateral deflection and vertical 
displacement increased rapidly. When reaching the ultimate load, deflection increased more 
quickly, and the load became coming down. The larger slenderness ratio led to the more quickly 
deflection increased. This is because larger slenderness ratio has smaller bending stiffness, and will 
produce larger additional bending moment.  
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(a) (b) 
Figure 5. Load (N) – Midpoint Displacement ( f ) Curves  

 
3.3  Strain analysis 
 
Figure 6 is the load (N)- strain (ε)curves at middle partial. It reflects the development of 
longitudinal and hoop stain of the steel which were obtained by strain gauge set on the steel pipe. 
Point a and b represent the specimen on two sides divided by roll shaft. Point a is the middle side of 
flexural specimen, and point b is the lateral side of flexural specimen.  
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(b)A-16-a (c)A-20-a (d)A-24-a 
Figure 6. Load (N)- Strain (ε) Curves at Middle Partial 

 
From the figures, it can be seen that, at the beginning of load application, the whole cross-section of 
specimen was under pressure. The differences of longitudinal strain at two sides were not obvious. 
Achieved about 70% of the ultimate load, longitudinal strain at a-side became growing slower than 
b-side. After reaching the ultimate load, longitudinal strain in a-side reduced and became to be 
tensile strain finally. At the same time, the opposite situation occurred for hoop strain at a-side. This 
is because the deflection produced additional bending moment, and this made the specimen under 
the situation that one side was bearing tension and another side was bearing compression.  
 
The lateral deformation coefficientμis defined similar as Poisson’s ratio in order to reflect whether 
the material has yielded or not. In general, Poisson’s ratio of steel is 0.25~0.3. If the lateral 
deformation coefficient is less than 0.3, the steel is in elastic stage. The lateral deformation 
coefficient can be calculated by equation (1). In the equation, εsh is the hoop strain and εsl is the 
longitudinal strain of the steel at middle point. They were measured by the strain gauges on the 
steel tube. 
 

slsh                                                      (1) 

 
Figure 7 is the lateral deformation coefficient variation curves of specimen. Positive and negative 
values are used to distinguish the two side. One group of same section specimens is selected to 
prove that the curves of specimens with same parameter are similar. Therefore, one of them can 
represent a group. Based on this, one of each group specimens with different slenderness ratio is 
selected to compare with each other.  
 
It can be found that the lateral deformation coefficient of specimen is close to Poisson's ratio of 
steel in the initial loading state. It indicates that the steel are at the elastic stage, and there is no 
obvious constraining stress between concrete and steel. At the beginning, variation trend of stub 
column and slender column is the same. When it reached to 70% of ultimate load for stub column 
(L/D=3), the lateral deformation coefficient became increscent and exceeded Poisson's ratio of steel. 
This produced constraining stress between concrete and steel. It made the strength of materials used 
fully. While for the slender column, the lateral deformation coefficient became increscent when it 
reached to the ultimate load. At this moment, the specimen had already been damaged. This 
indicates that strength of the material is not fully used when the slender column is damaged.  
 

ab ab ab
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Figure 7. Lateral Deformation Coefficient Variation Curves of Specimens 

 
3.4  Influence of Slenderness Ratio  
 
The behavior of LACFST slender column had been studied by 11 group specimen tests in author’s 
previous study [19]. And group SC2 in previous test has the same section parameter with group B 
in this test. The stub column bearing capacity of group SC2-3 is 887.5kN and group B-3 is 883.2kN. 
They are very close to each other. Therefore, these two groups can be compared together. 
 
Figure 8 shows the deflection development as load increasing with the L/D from 7 to 24. From the 
figure, deflection of specimen with larger slenderness ratio increased more quickly as the loading 
increases. After ultimate load, the specimen curve which has larger slenderness ratio develops more 
gently. This is because the initial defects impact more obviously when the specimen has a larger 
slenderness ratio.  
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Figure 8. N-f curves of Different L/D 

 
Figures 9 and 10 show the development of bearing capacity (Nu) and stability factor (φ) as the L/D 
increases. The average value is used in the figures. It indicates that the bearing capacity and 
stability factor decrease as the slenderness ratio increases. This is the same conclusion with the 
result studied before which L/D is from 3 to 14.  
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4.   BOUND SLENDERNESS RATIO ANALYSIS 
 
4.1  Bound Slenderness Ratio Judgment  
 
The longitudinal strainεc of specimen can be obtained from expression (2). In the expression, Δis 
the longitudinal compression displacement measured by displacement meters, L is the length of the 
specimen. 
 

Lc /                                                       (2) 

 
As stated above, group SC2 studied before and group B studied in this test can be compared 
together. Figure 11 shows the longitudinal strain development with the load increases. From the 
figure, the specimen with smaller slenderness ratio has larger bearing capacity and longitudinal 
strain. The smaller the slenderness ratio, the more significant plastic deformation and the material 
strength played more fully. When λ ≥ 80 (group B-20 and B-24 specimens), curves change from 
upward trend to downward trend directly without transition process. The specimen is in the elastic 
state when it reaches ultimate load. 
 
Lateral deformation coefficient μ corresponding with ultimate load is analyzed to study whether the 
material has yielded or not. The lateral deformation coefficient was defined in equation (1) above. 
Its development as the slenderness ratio increases is shown in Figure 12.  
 
The larger the slenderness ratio is, the smaller the lateral deformation coefficient is. When it 
reaches ultimate load, specimen bend to lateral side (b-side). It causes the longitudinal strain to 
change from compression to tension. Therefore, μ corresponding with ultimate load is larger at 
medial side (a-side) than that at lateral side (b-side). Compared to Poisson's ratio of steel, 
considering experimental error, it can be deemed that steel is in the elastic stage when μ≤0.3. From 
figure 12, with slenderness ratio λ≥80, lateral deformation coefficient μ≤0.3 when it is ultimate load. 
Therefore, from the test results it can be concluded that specimen is elastic failure when it reaches 
to ultimate load with λ≥80 in the parameter range of this test.  
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Figure 11. N-εc Curves Figure 12. μ - λ Curves when Ultimate Load 

 
4.2  Bound Slenderness Ratio Calculation 
 
For the slender column, if its slenderness ratio is large enough, the column is damaged abruptly 
because of excessive deflection with the material also in elastic stage. This is elastic failure. If the 
material is in elastic-plastic stage when column damaged, it is elastic-plastic failure. The bound 
slenderness ratio λp is the boundary between the two failure modes. When slenderness ratio of 
columns is less than λp, it will be elastic-plastic failure. Otherwise, it will be elastic failure. 
According to stability theory, Euler formula can be used to calculate the bearing capacity of slender 
column when it is elastic failure. And the critical stress σcr can be got from equation (3). Esc is the 
elastic modulus of LACFST specimen.  
 

22 /  sccr E                                                  (3) 
 
If the column is elastic failure, its limit of proportionality p

scf  will larger than or equal to critical 

stress σcr. In order to know the bound slenderness ratio λp , the value of σcr can be taken as p
scf . 

Equation (4) can be used to calculate λp. Based on the study of LACFST stub column, p
scf  takes 

the sectional stress which corresponds to 85% bearing capacity of stub column [18].  
 

p
scscp fE /2                                                  (4) 

 
According to the study of LACFST stub column, the LACFST elastic modulus Esc can be got as 
equation (5). Esc, Es, Ec is elastic modulus of LACFST, steel, LAC; Asc, As, Ac is sectional area of 
LACFST, steel, LAC. 
 

ccssscsc AEAEAE                                                 (5) 

 
Equation (4) is used to calculate the bound slenderness ratio of specimens in this test. The results 
are listed in Table 4.  
 

ab
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Table 4. Calculation Results of Bound Slendemess Ratio 

Calculation results of λp Specimen 
group 

Esc 

(MPa) 

Nu 

(kN) 

fsc
p 

(MPa) 

Equation (4) Equation (6) Equation (7) 

SC1 30.63×103 927.30 36.88 90.49 101 95.2 
SC2 50.60×103 887.60 73.95 82.13 98 89.2 
SC3 41.70×103 742.54 61.87 81.52 98 93.6 
A 44.21×103 813.02 67.74 80.22 105 96.4 
B 47.78×103 883.16 73.58 80.01 105 96.8 

 
Two formulas of normal CFST are also used to calculate λp, the results of which are also listed in 
Table 4. The calculation formulas are described with following equations. Equation (6) is a simple 
empirical formula [20]. Equation (7) is deduced through modifying the formulas by tangent 
modulus method [15].  
 

sp f/1743                                                   (6) 

)/( ssp fE                                                  (7) 

 
Coefficient η, γ, θ can be got by equations (8) to (10). In the equations, fs and fc is the strength of 
steel and concrete. 
 

1
31/

7.1/73.0






cs

cs

ff

ff                                            (8) 

1
1

212









n

n
                                               (9) 

1)/(105.5

)(1
)(

6.23 


 
cs ff

f
f

                                                (10) 

62.119.348.0)(  f , scs AA / , cs EEn /                                     (11) 

 
From Table 4, the bound slenderness ratio of specimen in this test is about 80. It is the same 
conclusion as the judgment from the strain analysis of test results. Therefore, the following 
conclusion can be got that bound slenderness ratio of specimens is 80 in this test. And the method 
provided in this paper is reasonable for calculating bound slenderness ratio of LACFST. With the 
comparison among three equations, the results of equation (4) are smaller than the other two. It 
indicates that the bound slenderness ratio of LACFST is less than the one of normal CFST. The 
calculation method for normal CFST can not be used directly to LACFST.  
 
4.3  Failure Mode Judgment 
 
According to stability theory, the bearing capacity of slender columns can be calculated using Euler 
formula. The value of Elastic modulus takes into Euler formula, the ultimate bearing capacity Pcr 

can be got. Figure 13 is the comparison between Euler formula and test result. When the specimens 
are elastic failure (λ≥80), test result has the same development trend with Euler formula calculation 
line. The largest deviation between the two is less than 15%. Therefore, it can be taken that the 
Euler formula result is tally with the test result well.  
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Figure 13. Comparison between Euler Formula and Test 

 
The test and Euler formula calculation values of bearing capacity are listed in Table 5. Because 
Euler formula applies for the columns with λ≥λp, the calculation value using Euler formula will 
obviously larger than the actual value when λ≤λp. As the same mean, it is elastic-plastic failure 
when the calculation value using Euler formula is obviously larger than the actual value. Otherwise, 
it is elastic failure. From Table 5, it has an obvious deviationt between the two bearing capacity of 
specimen with λ=64. While the two bearing capacity values of specimen with λ=80 and λ=96 are 
close to each other. This indicates that it is elastic-plastic failure when λ=64, and it is elastic failure 
λ=80 and λ=96. This proves that the bound slenderness ratio of LACFST specimen in this test is 80 
which was obtained above.  
 

Table 5. Test and Calculated Bearing Capacity Results Comparison 

Group name A-16 A-20 A-24 B-16 B-20 B-24 
Specimen  

λ=4L/D 64 80 96 64 80 96 

Calculation Pcr(kN) 1075.93 688.59 478.19 1161.15 743.14 516.07 
Test P(kN) 743.95 692.00 501.17 753.38 703.00 592.50 

Pcr/ P 1.4462 0.9951 0.9541 1.5413 1.0571 0.8710 
 
 
5.   CONCLUSIONS 
 
With larger slenderness ratio, the LACFST column under axial compression is easer to be failed by 
instability. And the bearing capacity and stability factor decrease as the slenderness ratio increases  
 
Based on the test result analysis, the bound slenderness ratio of LACFST is 80 in the parameter 
range of this test. When the slenderness ratio is larger than 80, the failure mode of specimen is 
elastic failure. Otherwise, it is elastic-plastic failure.  
 
According to stability theory, a method based on the Euler formula to calculate bound slenderness 
ratio is provided，and the calculated outcome is consistent well with test result. The bound 
slenderness ratio of LACFST is smaller than the value calculated using experimental formula of 
normal CFST. 
 
For the LACFST column with larger slenderness ratio than the bound one, the bearing capacity can 
be calculated using Euler formula approximately.  
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ABSTRACT: This paper presents an experimental study of square high strength steel fiber reinforced concrete 
(SFRC) filled steel tube columns under axial load. A series of tests are performed to investigate the effects of D/t 
ratio, the bond strength between concrete and the steel tube on behavior and axial load capacity of the high strength 
SFRC filled steel tube columns. The specimens are separated as greased and non-greased to investigate the bond 
effect on the axial load capacity. A total of 13 specimens are tested and compared to Eurocode 4, ACI, AS and AISC 
Codes. The results show that the difference of the axial load capacity between the greased and the non-greased square 
high strength SFRC filled tube columns is notable. The all design codes overestimate the axial load capacity for the 
specimens with thinner (D/t ratio is 33.3) steel tube thickness. 

Keywords: Axial load capacity, Steel fiber reinforced concrete, Design codes, Bond effect, D/t ratio 

 
 

1.  INTRODUCTION 
 

In high-rise buildings, the use of the high-strength concrete at structural members is quite 
widespread today. The structural members have to resist axial load and bending moment because of 
vertical and lateral loads. Therefore, the structural members such as columns have to be designed to 
sustain all kinds of effects which stem from those forces. The main aim of the concrete filled steel 
tube columns is to withstand against those forces by combining steel and concrete. 
  

There have been many studies about the normal and the high strength concrete filled steel tube 
columns. Furlong [1] investigates 13 specimens with D/t ratios from 29 to 98. The results show that 
there is no increase in the load carrying capacity if the steel tube and the concrete resist the load 
individually. Schneider [2] performs a comprehensive study about axially loaded concrete filled 
steel tubes. The total 14 specimens are tested under the axial load, and experimental results are 
compared to numerical solutions. As conclusions states, the circular concrete filled steel tube 
columns show more ductility and strength compared to square and rectangular ones. 
 

One of the most important parameters in this study is the bond effect. Due to the mechanical 
properties of the high strength concrete such as Poisson ratio and the amount of shrinkage differ 
from  the low or medium strength concrete, the bond strength between the steel tube and the 
concrete core is critical on the axial load capacity for high strength concrete filled steel tube 
columns. There have been many studies to investigate the bond effect for the concrete filled tube 
columns by various researchers. Roeder et.al [3] studies the composite action in concrete filled 
tubes and emphasizes the importance of the bond stress between the concrete core and the steel 
tube. The results show that the bond capacity becomes smaller as the diameter and D/t ratios of 
tubes increase. They develop a formulation that estimates the bond stress capacity. Giakoumelis and 
Lam [4] investigate 15 circular columns with 30, 60 and 85 MPa concrete strength, and D/t ratio 
between 22.9 and 30.5. The specimens are separated as greased and non-greased specimens to 
investigate the bond effect. The results show that the difference of the axial load capacity of 
greased and non-greased specimens is very small for 30 and 50 MPa concrete. The bonding of the 
steel and the concrete seem to be effective for 85 MPa concrete while the percentage of difference 
between greased and non-greased specimens of axial load capacity is 14%. The bond capacity 
between the steel tube and the concrete core is investigated by Morishita and Tomii [5], Virdi and 
Dowling [6]. 
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With the development of concrete technology, there has been a remarkable advancement in 
developing higher performance concrete possessing high strength, toughness, energy absorption, 
fracture of energy, durability, etc. Steel fiber reinforced concrete (SFRC) may be defined as a 
composite material made with Portland cement, aggregate and incorporating discrete discontinuous 
fibers. 1. Swamy RN. High-strength concrete-material properties and structural behaviors. ACI 
SP-87, Detroit: American Concrete Institute; 1987. p. 110–146 Thus, a concrete mix possessing the 
higher axial ductility, bending or tensile strength as well as the high compressive strength can be 
obtained. 
 
Although there have been many studies on CFT columns with low, normal and high strength 
concrete, there has been relatively little research on steel fiber reinforced concrete (SFRC) filled 
concrete filled tube columns. 
 
Campiogne et al. [7] conduct a series of tests on the circular SFRC filled steel tube columns under 
axial load. The column lengths are 400 mm, 1500 mm and 2000 mm. The steel fiber volume ratio is 
1%. They compare SFRC filled steel tube columns to plain concrete filled tube columns having 
compressive strength of 24 MPa. The aim of the study is to investigate the ductile post-peak 
behavior of these two types of concrete filled steel tube columns and to compare the axial load 
capacity of the test results with the design codes.   The results show that the SFRC filled steel 
tube columns show more ductile behavior than the plain concrete filled steel tube columns. Tests of 
concrete-filled steel tube columns to investigate these effects are conducted by Uy [8]; Han [9]; Hu 
[10]; Young and Ellobody [11]; Teng et al. [12]; Zhong [13]; Liang [14]; Zhao et.al. [15] and many 
other researchers. 
 
This paper reports an experimental study that is performed to analyze the behavior of square high 
strength SFRC filled steel tube columns under axial load. The first aim of this study is to report a 
series of new tests on square high strength SFRC filled steel tube columns under axial load. Second, 
the difference of the axial load capacity due to the bond effect is examined for high strength square 
SFRC filled steel tube columns depending on the different D/t ratio of the specimens. Third, some 
important parameters such as ductility index (DI) and the strength enhancement index (SI) are 
investigated for the high strength SFRC filled steel tube columns.  Fourth, the axial load capacity 
of the high strength SFRC filled steel tube columns are compared to the predicted ultimate 
strengths using the present design codes such as Eurocode 4, ACI and AS, AISC-LRFD 1999.  
 
 
2.  EXPERIMENTAL PROGRAM 
 
A total of 13 square specimens are tested under axial load.  The inside of the some steel tubes are 
greased to provide a weak interaction between the steel tube and the concrete core and to 
investigate the bond effect on the axial load capacity of high strength SFRC filled steel tube 
columns.  
 
The wall thickness of the steel tubes is 3, 4 and 5 mm. The dimension of the square section is 100 
mm x 100 mm. The D/t ratio varies from 20 and 33.3. All specimens are 400 mm in length to 
prevent the slenderness effect and to ensure that the specimens behave as stub columns. The square 
column specimens before and after concrete is poured are shown in Figure 1. All the tests are 
performed at the Istanbul Technical University, Civil Engineering Department in Structural 
Laboratory. Testing of the high strength concrete filled steel tube columns are performed using a 
5000 kN capacity INSTRON testing machine. 
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Figure 1. The Square Column Specimens before and after Concrete Filled 
     

2.1  Concrete Properties 
 
Steel fiber reinforced concrete (SFRC) is produced to enhance the mechanical properties of 
concrete such as the compressive strength and ductility. The high strength SFRC for the composite 
columns is mixed in one batch. Dramix ZP 305 steel fibers are used in the mix at two percent (2%) 
by volume. The fibers in the mix have a diameter of 0.55 mm, a length 30 mm, tensile strength of 
1100 MPa. The type of cement CEM I PÇ 42.5R is used as cement material in the mix. A super 
plasticizer is used for mix, the amount being varied to maintain approximately the same workability. 
The mixture proportions of the matrix are as follows; cement: silica fume: water: siliceous sand 
(0.5-2 mm): siliceous powder (0-0.5 mm): super plasticizer = 1: 0.250: 0.12: 0.325: 0.5: 0.13. 
Water-binder ratio is kept constant at 0.13. The typical mix composition of the high strength SFRC 
used in this study is shown in Table 1. 
 

Table 1. Steel Fiber Reinforced Concrete Mix Design 
 Mix proportions kg  

(for 1 m3 concrete) 
Cement  1000 
Siliceous sand  (0.5-2 mm) 325 
Siliceous powder (0-0.5 mm) 500 
Silica fume 250 
Super plasticizer 130 
Water 165 
ZP 305 Dramix steel fiber 160 
Total  2530 

 
The target concrete compressive cylinder strength (fcyl,150) at 28 days approximately is 100 MPa. 
Standard cylinder (150 mm x 300 mm) tests are carried out in accordance to Turkish Standard TS 
EN 206 to determine the compressive strength. The concrete cylinder specimens are tested at a 
loading rate of 300 and 250 kN / min. Cylinders size are 150 mm diameter and 300 mm length. The 
average compressive strength (f ck) at the time of test is 115 MPa. Each layer of concrete is 
compacted using a poker vibrator. The modulus of elasticity of concrete is the tangent modulus at 
one-third the ultimate strength and measured in accordance with Turkish standards (TS EN 206-1). 
The average modulus of elasticity value is 42579 MPa.  
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2.2  Steel Properties 
 
The tubes are all manufactured from mild steel by the steel company. In order to determine the 
actual material properties, three coupons are cut from each steel tube having different steel tube 
according to Turkish Standard TS 138 EN 10002. The average yield stress, tensile strength, and 
modulus of elasticity are 304 MPa, 400 MPa, and 200000 MPa, respectively.  
Figure 2 shows the typical stress-strain relation for the each steel coupon measured in the tension 
tests according to Turkish standard TS 138 EN 10002. 
 

 
Figure 2. The Average Stress-strain Relation for Steel Coupons 

 
2.3   Test Set-up 
 
The specimens are loaded at 30 kN intervals at the beginning of the test and at a loading rate of 10 
kN intervals after the column begin to yield. All the tests are performed on a 5000 kN capacity 
testing machine. Two linear variable differential transducers (LVDTs) are placed in diametrically 
opposite positions equally placed at each side of the column to measure the axial deformation. Four 
strain gauges are used for each specimen to measure strains at the middle height, two strain gauges 
at the top and two strain gauges at the bottom. The test setup is shown in Figure 3. 
 

 
Figure 3. a) The Test Set Up     b) Location of Strain Gauges 

 
The specimens are labeled according to their shape of the steel tube, greased or non-greased, the 
thickness of steel tube and the number of that group. For example, S3G-1, it is denoted  ‘S’ square, 
‘3’ the thickness of the steel tube, ‘G’ greased and ‘1’ the number of that specimen. S5NG-2, it is 
denoted ‘S’ square, ‘5’ the thickness of the steel tube, ‘NG’ non-greased, ‘2’ the number of that 
specimen. The geometrical and material properties of the specimens are shown in the Table 2.  
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Table 2. Geometric and Material Properties of Specimens 

   L fc  fy  As Ac 
No 

D x B x t 
(mm) (mm) 

D/t 
(Mpa) (Mpa) (mm2) (mm2) 

S3G-1 100x100x3 400 33,3 115 304 1164 8836 

S3G-2 100x100x3 400 33,3 115 304 1164 8836 

S3G-3 100x100x3 400 33,3 115 304 1164 8836 

S3NG-1 100x100x3 400 33,3 115 304 1164 8836 

S3NG-2 100x100x3 400 33,3 115 304 1164 8836 

S4G-1 100x100x4 400 25 115 304 1536 8464 

S4G-2 100x100x4 400 25 115 304 1536 8464 

S4NG-1 100x100x4 400 25 115 304 1536 8464 

S4NG-2 100x100x4 400 25 115 304 1536 8464 

S5G-1 100x100x5 400 20 115 304 1900 8100 

S5G-2 100x100x5 400 20 115 304 1900 8100 

S5NG-1 100x100x5 400 20 115 304 1900 8100 

S5NG-2 100x100x5 400 20 115 304 1900 8100 

 
 

3.   EXPERIMENTAL RESULTS 
 
3.1  Load Versus Displacement 
 
Load – displacement relations for all specimens are shown in Figures 4, 5 and 6. Test results have 
been separated by the steel tube thickness and bond effects.  

 
Figure 4. Load-displacement Relation for 3mm Steel Tube Thickness 
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Figure 5. Load-displacement Relation for 4mm Steel Tube Thickness 

 

 
Figure 6. Load-displacement Relation for 5mm Steel Tube Thickness 

 
The load- displacement curves show the axial load capacity and ductility of the SFRC filled steel 
tube columns. In comparing the load-axial deformation curves for greased and non-greased SFRC 
filled steel tube columns, the specimens with thicker steel tube wall (smaller D/t ratio) show more 
axial load capacity and ductility. Figures 4, 5 and 6 show the post-yield behavior of each specimen 
with different steel tube thickness or D/t ratio. All specimens exhibit strain-softening characteristic 
after the specimen reached elastic axial capacity. The difference of the average axial load capacity 
with respect to steel tube thickness of the greased and non-greased specimens is shown in Table 3. 
 

Table 3. The difference of the average axial load capacity for  
the greased and non-greased specimens 

 The greased 
specimens 

The non-greased 
specimens 

The difference of 
the average axial 

load capacity 

3 mm steel tube thickness 893 kN 1033 kN 14% 
4 mm steel tube thickness 985 kN 1130 kN 13% 
5 mm steel tube thickness 1477 kN 1639 kN 10% 

 
The local buckling of the steel tubes generally happens on every face of the steel tube. The typical 
specimen failure modes of the columns are shown in Figure 7. 
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Figure 7. Typical Specimen Failure Modes 

 
3.2  Ductility Index and Strength Enhancement Index  
 
Han et al. [9] define some parameters to explain better the strength enhancement and the ductility 
of the column specimens. These are the strength enhancement index, the ductility index and the 

constraining factor. The  is the constraining factor defined by Eq. 1, the DI is the ductility index 

defined by Eq. 2 and the SI is the strength enhancement index given by Eq. 3.  
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Here, Nu,filled is the ultimate load reached in the tests, u is the axial shortening at the ultimate load, 
85% is the axial shortening when the load falls to 85% of the ultimate load, As is the steel 
cross-sectional area, Ac is the concrete cross-sectional area, fy and fck are the yielding stress of the 
steel tube and the compressive strength of the concrete, respectively. The strength enhancement 
index (SI) and the ductility index (DI) is shown against the tube diameter to the steel tube wall 
thickness ratio (D/t) for the square specimens in Table 4. As seen in Table 4, the relationship 
between the strength enhancement index (SI) and the constraining factor (ξ) or the ductility index 
(DI) and the constraining factor (ξ) is linear. This proves that the specimens with thicker steel tube 
wall exhibit greater ductility and the strength enhancement due to stronger confinement. 
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Table 4. The Parameters for the Greased and the Non-greased Specimens 
 ξ DI SI 
S3G-1 0.35 1.28 0.62 

S3G-2 0.35 1.32 0.67 

S3G-3 0.35 1.3 0.66 

S3NG-1 0.35 1.41 0.77 

S3NG-2 0.35 1.38 0.74 

S4G-1 0.48 1.51 0.69 

S4G-2 0.48 1.49 0.68 

S4NG-1 0.48 1.61 0.8 

S4NG-2 0.48 1.58 0.76 

S5G-1 0.62 1.71 0.98 

S5G-2 0.62 1.69 0.97 

S5NG-1 0.62 1.74 1.09 

S5NG-2 0.62 1.78 1.08 

 
4.   COMPARISON OF THE TEST RESULTS WITH DESIGN CODES 
 
4.1  Eurocode 4 
 
Eurocode 4 (EC4) [16] for square concrete filled steel tubes , the design loads are  calculated as 
the summation of the individual ultimate axial capacities of the steel tube and concrete as given by 
Eq. 4. 
 
Nu=As fy + Ac fck                    (4) 
 
Where, the fck is the average cylinder compressive strength of concrete, fy is the yield strength of 
steel tube, As is the cross-sectional area of steel tube and, As is the cross-sectional area of core 
concrete, respectively. 
 
When we compare the ultimate axial loads of test result with the EC4 it can be seen that EC4 is safe 
for the specimens with 5 mm steel tube thickness. The largest difference between test and EC4 for 
the greased and the non-greased specimens is 2% and 8%. The average Ntest/NEC4 for the greased 
columns is 0.98 and for non-greased columns is 1.09. The EC4 overestimate the axial load capacity 
for the specimens with 4 mm and 3 mm steel tube thickness. The largest difference between test 
and EC4 for the greased and non-greased specimens with 4 mm and 3 mm steel tube thickness is 
32%, 24% and 38% and 26%, respectively. The average Ntest/NEC4 of the greased and non-greased 
specimens with 4 mm steel tube thickness is 0.69 and 0.79, respectively. The average Ntest/NEC4 of 
the greased and non-greased specimens with 3mm steel tube thickness is 0.66 and 0.76, 
respectively.  

 
4.2  ACI and Australian Standard 
 
The American Concrete Institute (ACI) [17] and Australian Standard (AS) [18, 19] use the same 
formula for calculating the ultimate axial load capacity of square concrete filled tube stub columns. 
The axial load capacity of the square concrete filled tube columns according to ACI and AS is 
given in the Eq. 5.  
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Nc,ACI,AS=0.85 Ac fck + As fy                 (5) 
 
The ACI and Australian Standards provide a good prediction of the specimens with thicker (smaller 
D/t ratio) steel tube wall. The average Ntest / NACI,AS  of the greased and non-greased  specimens 
with 5 mm steel tube wall is 1.08 and 1.2, respectively. The largest difference between test and ACI 
or Australian Standard for the greased and non-greased specimens is 8% and 17%, respectively. 
 
For the greased and non-greased specimens with 3mm and 4mm steel tube thickness, the largest 
difference between test and ACI or Australian Standard is 30%, 17% and 24% and 15%, 
respectively. For the specimens with 3 mm steel tube thickness the average Ntest/NACI,AS of the 
greased and the non-greased columns is 0.74 and 0.85, respectively. The average Ntest/NACI,AS of the 
greased and non-greased specimens with 4 mm steel tube thickness is 0.77 and 0.88, respectively.  
 
4.3  AISC-LRFD 1999  
 
American Institute of Steel Construction (AISC) [20] specifications is limited to columns with 
concrete cylinder strength and steel yield stress not more than 55 and 380 MPa, respectively. The 
axial load capacity of the concrete filled steel tube columns according to AISC is shown in Eqs. 6 
to 9. 
 
 
 Nc = Asfcr                           (6) 
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Here, Ec, modulus of elasticity of concrete; Es, modulus of elasticity of steel tube; L, length of 
column and rs is radius of gyration of steel tube.  
 
AISC provides a good prediction the specimens with thinner steel tube wall compared to thinner 
ones. For the greased specimens with 3 mm, 4 mm and 5 mm steel tube thickness, the largest 
difference between test and AISC is 18%, 12% and 20%, respectively. For the non-greased 
specimens with 3 mm, 4 mm and 5 mm steel tube thickness is 3%, 4% and 28%, respectively. The 
average Ntest/NAISC of the greased and non-greased specimens with 3 mm, 4 mm and 5 mm steel 
tube thickness is 0.86 and 0.89, 1.25 and 0.99, 1.02 and 1.38, respectively. The experimental results 
compared to the design codes are shown in Table 5.  
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Table 5. Comparisons of failure loads between test results and design codes 
EC4 ACI,AS AISC No  

Nue 

(kN) 
Nc 

(kN ) 
Nue/Nc 

(kN) 
Nc 

(kN) 
Nue/Nc 

(kN) 
Nc 

(kN) 
Nue/Nc 

(kN) 

S3G-1 856 1370 0.62 1218 0.70 1047 0.82 

S3G-2 920 1370 0.67 1218 0.76 1047 0.88 

S3G-3 902 1370 0.66 1218 0.74 1047 0.86 

S3NG-1 1049 1370 0.77 1218 0.86 1047 1.00 

S3NG-2 1017 1370 0.74 1218 0.83 1047 0.97 

S4G-1 990 1440 0.69 1294 0.77 1114 0.89 

S4G-2 980 1440 0.68 1294 0.76 1114 0.88 
S4NG-1 1160 1440 0.81 1294 0.90 1114 1.04 
S4NG-2 1100 1440 0.76 1294 0.85 1114 0.99 
S5G-1 1481 1509 0.98 1369 1.08 1187 1.25 
S5G-2 1474 1509 0.98 1369 1.08 1187 1.24 
S5NG-1 1642 1509 1.09 1369 1.20 1187 1.38 
S5NG-2 1636 1509 1.08 1369 1.20 1187 1.38 
St. Dev.   0.16  0.17  0.19 

 
 

5.   CONCLUSIONS 
 
The main conclusion that we observed from current study as highlighted below.  
 
The Poisson ratio is slightly less and the amount of shrinkage is much higher of the high strength 
concrete than the medium or low strength concrete. Because of these reasons, the confining effect 
of the steel tube to the concrete core is not seen much for high strength concrete compared to the 
low or medium strength concrete. 
 
Therefore, the reduction on the axial load capacity of the column due to the loss of bonding is not 
negligible for the high strength concrete such as SFRC. In comparing the load-displacement curves 
for the greased and the non-greased specimens with same steel tube thickness (Figures 4, 5, 6), it is 
shown that there is a difference on the axial load capacity. However, the bond stress capacity is 
much higher in the columns with thinner steel tube wall than the thicker (smaller D/t ratio) ones. 
The difference of the axial load capacity between greased and non-greased specimens with steel 
tube thickness 3 mm, 4 mm and 5 mm is 14%, 13% and 10%, respectively. 
 
The increase in the axial load capacity due to the confining effect by the steel tube for the high 
strength concrete filled tube columns is much less than the medium or low strength concrete ones. 
Therefore, there is no significant increase in the axial load capacity for the greased and non-greased 
specimens. In addition to this, the increase in the axial load capacity for the specimens with thinner 
steel tube thickness is much less than the thicker ones as  confining effect is not seen much due to 
the a great number of local buckling of the thinner steel tube ones. 
 
 The SFRC filled steel tube columns with thicker steel tube wall has lower slope of descending 
branch and show more post-ductile behavior  than that of thinner ones. The ductility index (DI) 
and the strength enhancement index (SI) become higher as the thickness of the steel tube wall 
increases. 
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All design codes overestimate the axial load capacity for the greased and the non-greased 
specimens with thinner steel tube thickness (D/t is 33.3) due to there is little confinement arising 
from the local buckling of the steel tube. These design codes should use a reduction coefficient in 
calculating the axial load capacity for the SFRC filled steel tube columns with thinner steel tube 
thickness to take into account the weak confinement effects. 
 
The specimens with thicker steel tube thickness (D/t is 20) show more axial load capacity due to 
the effective confinement by the steel tube to the concrete core. These all design codes are 
conservative in calculating the axial load capacity of the SFRC filled steel tube columns. It can be 
used a strength enhancement coefficient by these design codes to take into account the confinement 
effect.  
 
The largest difference between test results and design codes is 38%, 30% and 28% for the EC4, 
ACI and AS and AISC, respectively. 
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ABSTRACT: The seismic behaviour of sheathed cold-formed steel (SCFS) structures is characterized by the lateral 
response of shear walls. Basically, if cold-formed steel (CFS) structures are designed according to the 
“sheathing-design” methodology, then the seismic behavior of shear walls is strongly influenced by the 
sheathing-to-frame connections response, characterized by a remarkable nonlinear response and a strong pinching of 
hysteresis loops. In this paper the results of an extensive parametric non linear dynamic analysis, carried out on one 
story buildings by means of incremental dynamic analysis (IDA), using an ad hoc model of the hysteresis response of 
SCFS shear walls, are presented. An extended number of wall configurations has been considered investigating 
several parameters such as sheathing panel typology, wall geometry, external screw spacing, seismic weight and soil 
type. Based on IDA results, three behavior factors have been defined, which take into account overstrength, ductility 
and both overstrength and ductility, respectively. 

Keywords: Behavior factor, Cold formed steel, Parametric study, Seismic design, Sheathing-Braced structures, 
Seismic dynamic analysis, Seismic force modification factor 

 
 

1.  INTRODUCTION 
 
The seismic behaviour of cold-formed steel (CFS) structures sheathed with panels is influenced by 
the response of shear walls, which are characterized by a highly non-linear structural response. In 
order to assess the seismic performance of sheathed cold-formed steel (SCFS) structures, some 
experimental and/or numerical research programs have been carried out on different wall 
configurations. On the basis of results provided by tests and analysis, different seismic design 
parameters, such as behaviour factor (q, using the European terminology) or seismic force 
modification factor (R, according to the USA terminology) (Fülöp and Dubina [1-2], Boudreault et 
al. [3]) and interstory drift limits (Kawai et al. [4], Boudreault et al. [3], Dubina [5]) have been 
identified, and interesting seismic design methods have been proposed (Kawai et al. [4]). In 
addition, other studies, focused on the dynamic characteristics of this type of structures (Kawai et al. 
[4], Gad et al. [6], Dubina [5]), have identified typical values of vibration period and damping ratio. 
 
According to current standards, the seismic design is widely performed by means of force-based 
linear approaches, in which the structural inelastic response and overstrength are taken into account 
by reducing the actions produced by earthquakes through seismic force reduction factors, called 
behavior factor hereafter. In the case of SCFS structural systems, specific studies on the evaluation 
of behavior factor are needed to taking into account the peculiarity of their dynamic response, 
characterized by low natural period (generally from 0.1 to 0.3 s) and highly non-linear pinched 
force-displacement response. An literature overview on proposed behavior factor is given in 
Section 2. Nowadays, two main approaches devoted to seismic force reduction factor assessment 
are available: experimental and numerical. Due to the limited sample of shear wall configurations 
on which a experimental campaign can be carried out, the evaluation of behavior factor in this 
research has been mainly performed by a very extensive parametric non-linear time-history 
dynamic analyses, which are described in Sections 3 and 4. The parametric analysis has been 
developed through the incremental non-linear dynamic analysis (IDA), in which for the definition 
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of the two main parameters related to the structural performance and earthquake record magnitude, 
the inter-story drift and the adimensionalized elastic spectral acceleration corresponding to the first 
mode period of the structure have been assumed, respectively. In particular, the IDA has been 
performed on one-story buildings with and without attic, representative of a large range of solutions 
of stick-built constructions and considering seismic inputs selected in such a way that they could 
cover all the soil typologies classified by Eurocode 8 (CEN [8]), for a total number of 529200 
single non-linear dynamic analysis. On the basis of IDA results, an evaluation of behavior factors 
has been carried out (Section 5) by following two different approaches called “classical” and 
“multi-performance”. In particular, for the “classic” approach the evaluation of the behavior factor 
follows the common assumptions made in the current seismic codes, i.e. it is based on seismic 
demands required by records representative of 10%/50 earthquakes, by relating this hazard level to 
the life safety structural performance. In the “multi-performance” approach, instead, different 
behavior factors are defined by relating they to different seismic performance levels, in such a way 
to obtain a “multi-performance” seismic design and to give the possibility to achieve an “enhanced 
objective” (FEMA [8]). 
 
 
2.  OVERVIEW ON SEISMIC FORCE REDUCTION FACTORS 
 
As far as the definition of behaviour factor is concerned, monotonic and cyclic tests on walls 
sheathed with trapezoidal steel sheets or oriented strand board (OSB) panels with or without 
openings were carried out by Fülöp & Dubina [1]. On the basis of this experimental results they 
developed a numerical model and performed incremental dynamic analysis. Therefore, the Authors 
define three different behaviour factors (Fülöp and Dubina [2]): q1, corresponding to the 
overstrength, q2 corresponding to the ductility, and q3 = q1 q2, which takes into account both effects. 
The behaviour factor q1 ranges from 2.2 to 2.6, q2 ranges from 1.4 to 1.6 and q3 is in the range 3.6 
through 3.7. In particular, in the case of walls sheathed with OSB panels and without openings the 
Authors found the following average behaviour factors: q1 = 2.7, q2 = 1.4 and q3 = 3.7. Boudreault 
et al. [3] evaluated the seismic force modification factors (R) due to the ductility (Rd) and 
overstrength (Ro) as defined by the National Building Code of Canada NBCC [9]. The proposed 
values Rd = 2.5, Ro = 1.7, and R = Ro Rd = 4.3 were obtained by analyzing the results of monotonic 
and cyclic tests on different configurations of walls sheathed with plywood and OSB panels 
(Branston et al. [10]; Blais [11]; Rokas [12]). The values obtained on experimental basis were 
verified through the results of non-linear dynamic analysis (time-history) carried out on two 
representative buildings (Boudreault et al. [3]). Values of seismic force reduction factor (R-factor) 
for CFS buildings are also provided in a number of Codes, as the ASCE / SEI 7-10 [13], and the 
FEMA P750 [8]. In particular, for shear walls sheathed with wood panels or steel sheets, values of 
R-factor equal to 7 and 6.5 are provided by ASCE/SEI 7-10 and Fema P750, respectively. In the 
case of other sheathing typologies, the provided values are 2.5 and 2 for ASCE/SEI 7-10 and 
FEMA P750, respectively. All the values defined by Authors and codes are summarized in Table 1. 
 

Table 1. Behaviour Factors 
Author Type of sheathing q1 q2 q3 

Fülöp & Dubina OSB (without openings) 2.7 1.4 3.7 
Boudreault et al. Plywood or OSB 1.7 2.5 4.3 

ASCE Wood or steel - - 2.5 
FEMA P 750 Wood or steel - - 6.5 
FEMA P 750 Other materials - - 2 
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3.  MONOTONIC RESPONSE EVALUATION 
 
3.1  Model for Monotonic Response Prediction 
 
In this paper the analytical-numerical model proposed by the authors (Landolfo et al [14]), that 
allows the evaluation of the monotonic lateral response of a SCFS shear wall, has been used. The 
method is based on the most common assumptions made for other available approaches, such as full 
anchorage between frame and foundation or other stories and sheathing-to-frame interaction 
characterized by a “rigid body” behaviour. The model allows the evaluation of each wall deflection 
contribution, from which the total wall deflection can be obtained by adding the deformation due to 
bending (dF,), sheathing fasteners (dF-S), sheathing panels (dS), and anchorages (dF-F): d = dF + dF-S + 
dS + dF-F. 
 

 

bending deformation overturning deformation

db da 

sheathing fasteners 
deformation 

sheathing panels shear 
deformation 

df ds 

 

 
Figure 1. Wall Components and Deformation Contributions 

 
The model has been calibrated on the basis of monotonic tests on full scale specimens (Landolfo et 
al. [15]) carried out on CFS shear walls sheathed with OSB and gypsum board (GWB) and tests 
performed on sheathing connections (Iuorio, [16]) that are nominally identical to that used for the 
walls. Further details about hypothesis and applicability of the model can be found in Fiorino et al. 
[17]. 
 
3.2  Parametric Study 
 
In order to study the behaviour of different wall configurations, the model has been applied to 
simulate the monotonic response of 72 different wall configurations. All the walls are made of 
100×50×10 mm (outside-to-outside web depth × outside-to-outside flange size × outside-to-outside 
lip size) lipped channel studs, spaced at 600 mm and sheathed with GWB panels on both sides 
(G+G) or GWB on one side and OSB panels on the other side (G+O). The thicknesses of GWB and 
OSB panels are 12.5 mm and 9.0 mm, respectively. For connecting sheathing panels and frame 
4.2×25 mm (diameter × length) flat head self drilling screws have been considered for OSB and 
3.5×25 mm bugle head for GWB. The fasteners have spacing equal to 300 mm in the field, while 
different external screw spacing have been investigated. Hold down devices type Simpson 
Strong-Tie [18] and chemical anchorage (type HIT-RE 500 with HIS-N 8.8 by Hilti [19]) have been 
considered at each end of the wall, while mechanical shear anchors (type HST M8 by Hilti) have 
been hypothesized. Sheathing panel typology, wall geometry (height h and length l) and external 
screw spacing (s) have been varied as summarized in Table 2. For each wall configuration obtained 
by combining the parameters given in Table 1, the stud thickness (tF) and hold-down device 
typology have been selected in such a way to promote the sheathing fasteners collapse, as shown in 
Table 2. The monotonic response of the walls has been obtained by considering a shear modulus (G) 
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of 1400 MPa for OSB panels and 750 MPa for GWB panels. In addition, a Young modulus (E) for 
the steel equal to 200000 MPa has been adopted, while the assumed values of hold down device 
axial stiffness (Ka) are given in Table 3.  
 

Table 2. Variables Assumed in the Parametric Study 
Sheathing panel typology GWB + GWB (G+G), GWB + OSB (G+O) 
Wall height (h) [mm] 2400, 2700, 3000 
Wall length (l) [mm] 1200, 2400, 9600 
External screw spacing (s) [mm] 50, 75, 100, 150 

 
Table 3. Selected Stud Thicknesses and Hold Down Devices 

Wall typology 
[s and h in mm] 

Hold down stud (tF) 
[mm] 

Ka 

[kN/mm] 
G+G; s = 75, 100, 150 
G+O; s = 150 

S/HD 8B 1.0 28 

G+O; s = 75; h =2400, 2700 
G+O; s = 100; h =2400 

S/HD 8B 1.5 28 

G+G; s = 50 
G+O; s = 100; h =2700, 3000 

S/HD 10B 1.0 27 

G+O; s = 50; h =2400 S/HD 10B 1.5 27 
G+O; s = 50; h =2700, 3000 S/HD 15B 1.5 31 
G+O; s = 75; h =3000 S/HD 8S 1.5 29 

 
 
4.  EVALUATION OF CYCLIC RESPONSE 
 
4.1  Cyclic Response Modelling 
 
In this study an upgraded version of the cyclic model proposed in Della Corte et al [20], which 
takes into account the strength degradation, has been used. According to this approach, in order to 
model the cycle lateral response of shear walls in terms of horizontal force (H) vs. lateral deflection 
(d), the definition of three limit curves, together with the definition of transition and strength 
degradation laws are needed (Figure 2). The first curve (monotonic curve) represents the monotonic 
response, while the other curves represent the upper bound cyclic (UBC) curve and the lower 
bound cyclic (LBC) curve to all possible H-d values obtained in the cyclic response. For each curve 
a 6 independent parameters Richard–Abbott type law is assumed, with the following parameters for 
the monotonic curve: K0 is the initial stiffness; H0 is the intersection between the hardening line and 
the d=0 axis; Kh is the slope of the hardening line; n is the shape parameter regulating the sharpness 
of transition from the elastic to the plastic behaviour; dp is the peak deflection; Kd is the post-peak 
stiffness; du is the conventional ultimate deflection corresponding to a load equal to 0.80 time the 
peak horizontal force (Hp) on the post-peak branch of response curve (dependent parameter). The 
same parameters are needed for the definition of UBC curve (K0U, H0U, KhU, nU, dpU, KdU, duU) and 
LBC curve (K0L, H0L, KhL, nL, dpL, KdL, duL). 
 
The model assumes that the UBC and LBC curves can be derived from the monotonic response 
curve on the basis of these assumptions: 
 

XUX XU                     (1) 

 
XLX XL                      (2) 
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where X, XU, and XL represent the generic independent parameters defining the monotonic, UBC 
and LBC curve, respectively (i.e. X = K0, XU = K0U and XL = K0L); UX and LX are the relevant 
constant (i.e. UX = UK0 and LX = LK0, thus K0U = UK0 K0 and K0L = LK0 K0). 
 
Other assumption of the proposed methodology is that the generic point of a cyclic loading branch 
belongs to a Richard–Abbott type curve (transition curve), whose the relevant independent 
parameters K0t, H0t, Kht, npt, dpt, Kdt are given by the linear convex combination of analogous 
parameters of the LBC and UBC curves: 
 

  tXXXX LULt                    (3) 

 
where Xt represents the generic independent parameter defining the transition curve (i.e. Xt = K0t, 
thus K0t = K0L + (K0U - K0L) t), and t defines the transition law from the LBC to the UBC curve: 
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 with 0 ≤ t ≤ 1             (4) 

 
in which d0 is the deflection corresponding to the initial point of the current excursion and dmax is the 
maximum deflection value reached in all previous loading history in the direction to be described. 
Therefore, t can be defined by assigning t1, t2 and λ. 
 
The strength degradation is taken into account following the methodology proposed by Park and 
Ang (Park [21]): 
 

 Fred DHH  10,0            (5) 

 
where H0,red is the reduced value of H0 in the current cycle excursion and DF represent the 
parameter accounting for the strength reduction. 
 
As results, the proposed model depends on 22 independent parameters (K0, H0, Kh, n, dp, Kd, UK0, 
UH0, UKh, Un, Udp, UKd, LK0, LH0, LKh, Ln, Ldp, LKd, t1, t2, λ, DF). 
 
The calibration of the parameters describing the whole cyclic response has been carried out on the 
basis of available results of experimental monotonic and cyclic full scale tests (Landolfo et al. [15]). 
The values of the monotonic curve parameters (K0, H0, Kh, n, dp, Kd) have been obtained in such a 
way that this curve matches the experimental monotonic response curve, while the UBC curve 
parameters (UK0, UH0, UKh, Un, Udp, UKd) have been defined in order to match the envelope of the 
experimental cyclic response curve. Finally, the values of the LBC curve (LK0, LH0, LKh, Ln, Ldp, LKd), 
transition (t1, t2, and λ) and strength degradation (DF) parameters have been defined in such a way 
that the numerical cyclic response would be as much as possible similar to the experimental cyclic 
response in terms of H-d curve and dissipated energy. The parameters values obtained as result of 
calibration are given in Table 4, while the comparison in terms of response is shown in Figure 2. 
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Figure 2. Model of the Cycle Lateral Response of SCFS Shear Walls 

   
Table 4. Parameters Defining the Cyclic Response, as Result of Calibration  

Monotonic curve parameters  K0=6.05 kN/mm/m,  H0=24 kN/m,  Kh=0.03,  n=0.78,  dp=24 mm,  Kd=-0.15 
UBC curve parameters   UK0 = 0.67, UH0 = 0.88,  UKh = 0.0,  Un = 1.0,  Udp = 1.5,  UKd = 7.0 
LBC curve parameters   LK0 = 0.67,  LH0 = 0.01,  LKh = 0.0,  Ln = 1.0,  Ldp = 1.5,  LKd = 1.0 
Transition parameters   t1 = 12,  t2 = 0.8,  λ = 0.9 
Strength degradation parameter DF = 0.10 
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Figure 3. Calibration Results in Terms of Force vs. Displacement Response 

 
4.2  Building Case Study 
 
One-story buildings have been considered as case studies. They refer to stick built constructions in 
which both floors and walls are realized with CFS framing sheathed with structural panels. In 
particular, in order to obtain a large range of solutions, a schematic plan has been considered with 
wall length (L) variable between 3 and 7 m (Figure 4) and lengths of full height (resisting) wall 
segment (l) in the range l=0.4L through l=0.7 L.  
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Figure 4. Case Study: The Schematic Stick Built Construction 

 
4.3  Actions 
 
Unit weights ranging from 0.4 to 1.5 kN/m2 and from 0.3 to 1.2 kN/m2 have been considered for 
floors and walls, respectively (Table 5). Moreover, the building has been considered without and 
with attic. In the first case, a variable live load of 2.0 kN/m2  has been considered and, in the latter 
case, a snow variable load ranging from 0.60 to 1.20 kN/m2 has been added. The seismic weights 
have been defined according to the following relationship: 
 

)3,0( KjjKi QG             (6) 

 
where Gki are the characteristic value of permanent actions and Qki are the variable loads. With this 
conditions, a seismic weight for unit wall length ranging between 2 and 38 kN/m has been obtained. 
Therefore, 7 seismic weights per unit wall length have been considered (10, 15, 20, 25, 30, 35 and 40 
kN/m) and have been applied to the 72 wall configurations defined previously in the parametric study 
in such a way to obtain a total number of 7×72 = 504 cases. 
 

Table 5. Unit Weights 
 

Floor and roof  
Steel members 0.08 ÷ 0.25 kN/m2 
OSB panels 0.10 ÷ 0.15 kN/m2 
GWB panels 0.00 ÷ 0.10 kN/m2 
Insulation 0.02 ÷ 0.30 kN/m2 
Floor finishing 0.10 ÷ 0.40 kN/m2 
False ceiling 0.10 ÷ 0.30 kN/m2 
Total 0.40 ÷ 1.50 kN/m2  

Wall   
Steel members 0.03 ÷ 0.08 kN/m2 
External board – OSB 0.05 ÷ 0.20 kN/m2 
Internal board – GWB 0.10 ÷ 0.20 kN/m2 
Insulation 0.02 ÷ 0.30 kN/m2 
Internal finishing 0.00 ÷ 0.20 kN/m2 
External finishing 0.10 ÷ 0.30 kN/m2 
Total 0.30 ÷ 1.20 kN/m2  

 
4.4  Ground Motion 
 
In order to develop a non-linear dynamic seismic analysis, the seismic inputs have been selected in 
such a way that they could cover all the soil typologies classified by Eurocode 8 (CEN, [7]). In 
particular, Eurocode 8 provides five different soil types A, B, C, D, and E, but in this study only three 
spectra are adopted grouping the soil types B, C and E under one spectrum type. Therefore, 21 
earthquake records have been selected from the ESD (European Strong-motion Database, 
www.isesd.cv.ic.ac.uk). For each soil type 7 accelerograms have been considered so that the shape of 
the average elastic response spectrum is close as much as possible to the shape of the corresponding 
Eurocode 8 elastic acceleration spectrum (Iervolino et al. [22]). As results, a total number of 504×21 
= 10584 cases have been obtained. The selected earthquakes include records from different European 
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and Mediterranean regions. For these earthquakes the Richter magnitude range from 5.8 to 7.6. In 
order to match the design spectra the natural accelerograms have been scaled by the peak ground 
acceleration (PGA). 
 
4.5  Wall Response Modelling 
 
Each wall defined previously in the parametric study has been schematized as single degree of 
freedom structure, in which the hysteretic behaviour under horizontal loads is described by the 
model presented in Section 3.1. In particular, for the generic wall configuration the parameters 
defining the cyclic response have been set in such a way that the monotonic curve parameters give 
a function matching the relevant monotonic curve obtained in the parametric study, while the other 
parameters (UBC curve, LBC curve transition and strength degradation parameters) have been set 
equal to the value given in Table 4. This assumption implicates that in all the wall configurations 
examined in the parametric study the cyclic load produces the same effects observed in the tests 
carried out by Landolfo et al. [15].  
 
In order to account the second order effects, a vertical load equal to the 100 % of the mass has been 
considered. The viscous damping ratio has been set equal to 5 %, according to the experimental 
results obtained by Kawai et al. [4], Gad et al. [6] and Dubina [5]. The adopted procedure is the 
incremental dynamic analysis (IDA). Outputs of the analysis are the IDA curves, that are presented 
as adimentionalized elastic spectral acceleration (Sa,e / g, intensity measure of the seismic record) 
vs. maximum required interstory drift angle (d / h, performance parameter). In particular, for 
obtaining a single IDA curve, which represents the response for a specific wall condition (wall 
geometry and materials, seismic weight and soil type), each accelerogram has been scaled in the 
range from 0.05 to 1.95 by considering 50 values. Therefore, a total number of 10584×50 = 529200 
single non-linear dynamic analysis has been performed. Figure 5 shows typical IDA curves 
obtained in the present study by changing the accelerograms for a 2400 mm high and 1200 mm 
long wall, sheathed with GWB panels on both sides, having external screw spacing of 50 mm and a 
seismic weight of 15 kN/m. 
 

de/h dp/h du/hdy/h

0,0

0,5

1,0

1,5

2,0

2,5

3,0

3,5

4,0

4,5

5,0

0,
00

0
0,

00
1

0,
00

2
0,

00
3

0,
00

4
0,

00
5

0,
00

6
0,

00
7

0,
00

8
0,

00
9

0,
01

0
0,

01
1

0,
01

2
0,

01
3

0,
01

4
0,

01
5

0,
01

6
0,

01
7

0,
01

8
0,

01
9

0,
02

0
0,

02
1

0,
02

2
0,

02
3

0,
02

4
0 ,

02
5

Sa/g

d/h

  
 

Figure 5. Typical IDA Curves 
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5.  BEHAVIOUR FACTOR EVALUATION 
 
5.1  General Assumptions 
 
Based on the results of performed dynamic analyses, the non-linear capacity of SCFS shear walls, 
in terms of behaviour factor, has been assessed. The numerical results have been interpreted by 
considering three different limit displacements on the generic response curve (Figure 6): the peak 
(dp) and ultimate (du) displacements, as defined in Section 3.1, and the yielding displacement of the 
idealized bilinear curve (dy) created according to an equivalent energy elastic-plastic approach 
(Park [21]), following the recommendations given by Branston et al. [10]. 
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Figure 6. Monotonic Response Curve of a SCFS Shear Wall:  

Definition of the Idealized Bilinear Curve 
 
For each IDA curve the seismic intensity measures Sa,y, Sa,p and Sa,u corresponding to the limit 
displacements dy, dp and du, respectively, have been evaluated and these spectral accelerations have 
been used to define three different behaviour factors, as follows (Figure 7): 
 

q1 = Sa,p / Sa,y ,       q2 = Sa,u / Sa,p ,       q3 = Sa,u / Sa,y
  (7) 

 
in which q1 takes into account the overstrength, q2 takes into account the ductility and q3 = q1 q2 
takes into account both overstrength and ductility. 
 
In order to obtain an assessment of the behaviour factors q1, q2 and q3 on the basis of significant 
IDA results, only the IDA curves representing realistic design conditions have been selected. The 
selection has been performed by comparing the displacement demand (dD) obtained for a given 
earthquake hazard level and different seismic intensity zones (i.e. peak ground acceleration on soil 
type A (ag) for a 10% probability of exceedance in 50 years equal to 0.15, 0.25 and 0.35 g for low, 
medium and high seismic intensity zone, respectively) with the relevant displacement capacity (dC) 
(i.e. conventional ultimate displacement, dC = du). As result of this comparison, a performance 
coefficient (p = dD / dC) has been defined and only the IDA curves for which p satisfies specified 
target conditions (i.e. 0.5 ≤ p ≤ 1.0) have been chosen. In particular, the selection of IDA curves has 
been performed by adopting two different approaches: “classical” and “multi-performance”, in 
which the difference consists on the required performance objectives, as discussed in following 
Sections. 
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Figure 7. Definition of Behaviour Factors 

 
5.2  “Classic” Approach 
 
Nowadays, generally the seismic design according to current standards is performed by means of 
force-based approaches, in which in the case of the ultimate limit state the structural inelastic 
response and overstrength are taken into account by reducing the seismic force, that usually 
corresponds to an hazard seismic level equal to 10% probability of exceedance in 50 years 
(10%/50). Therefore, the evaluation of behaviour factors should be carried out on the basis of 
seismic demands required by records representative of 10%/50 earthquakes, typically by relating 
this hazard level to the life safety structural performance. As result, these approaches allow 
significant structural damage under 10%/50 earthquakes, by neglecting the seismic performance 
evaluation in the case of seismic events having lower probability of exceedance. 
 
Following this approach, one required performance objective only has been selected, in which the 
displacement demand (dD) has been obtained under 10%/50 earthquakes, with ag equal to 0.15g, 
0.25 g, and 0.35 g for low (LO), medium (ME) and high (HI) seismic intensity zone, respectively, 
and by adopting a displacement capacity corresponding to the ultimate displacement (dC = du). For 
each IDA curve for which the performance coefficient p = dD / dC is in the range from 0.5 to 1.0 
(Figure 8), the behaviour factors q1, q2 and q3 have been evaluated. 
 
The obtained average, standard deviation and coefficient of variation values of behaviour factors 
for G+G, G+O and all walls (G+G and G+O together) are shown in Table 7. The results show that 
q1 is about 2.4 for all types of wall configurations, q2 is about 1.3, even if in case of walls sheathed 
with G+O the value decreases to about 1.2, and q3 is about 3.0 for all walls, while for G+G and 
G+O configurations is about 3.2 and 2.9, respectively. As for as the dispersion of the data is 
concerned, the coefficient of variation ranges from 0.10 to 0.32, which corresponds to moderately 
scattered results. 
 
On the basis of results shown in Table 7 a behaviour factor q = q3 = 3.0 is proposed for the 
“classic” seismic design under 10%/50 earthquakes. 
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Table 6. Performance Objective Matrix : “Classic” vs. “Multi-performance” Approach 
Performance levels 

 
IO LS CP 

50%50    
10%50    

Earthquake 
hazard level 

2%50    
 goal achieved by “classic” approach 

 goal achieved by “multi-performance” approach 
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Figure 8. Selection of IDA Curves for the “Classic” Approach 

 
 

Table 7. Behaviour Factors for the “Classic” Approach 
Wall configuration  q1 q2 q3 
G+G Average 2.37 1.32 3.16 
 St. Dev. 0.53 0.20 1.02 
 C.o.V. 0.22 0.15 0.32 
G+O Average 2.40 1.20 2.87 
 St. Dev. 0.41 0.12 0.58 
 C.o.V. 0.17 0.10 0.20 

Average 2.38 1.27 3.04 
St. Dev. 0.49 0.19 0.88 

All types 
(G+G and G+O) 

C.o.V. 0.20 0.15 0.29 
 
5.3  “Multi-performance” Approach 
 
As attempt to overcome the limitations of as called “classic” approach, in this paper is proposed a 
methodology in which the different behaviour factors defined in Section 4.1 are related to different 
seismic performance levels, in such a way to obtain a “multi-performance” seismic design. The 
peculiarity of the proposed approach is to give the possibility to achieve an “enhanced objective” 
(FEMA 2010), consisting of the following goals (Table 5): (1) immediate occupancy (IO) 
performance level for earthquakes having 50% probability of exceedance in 50 years (50%/50), that 
is ground motions with mean return period of about 75 years or so called “frequent” earthquakes; 
(2) life safety (LS) performance level for earthquakes having 10% probability of exceedance in 50 
years (10%/50), that is ground motions with mean return period of about 500 years or so called 
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“rare” earthquakes; (3) collapse prevention (CP) performance level for earthquake with 2% 
probability of exceedance in 50 years (2%/50), that is ground motions with mean return period of 
about 2500 years or so called “very rare” earthquakes. Therefore, if the displacement capacities of 
the generic SCFS shear wall associated to the different performance levels are assumed as follows: 
yield displacement  for IO (dC,IO = dy), peak displacement for LS (dC,LS = dp) and ultimate 
displacement for CP (dC,CP = du); then a seismic design which allows an adequate damage control 
for all selected earthquake hazard levels should be reached. In fact, for IO performance level the 
assumed displacement capacities correspond to the interstory drift limits (d/h) ranging from 0.13% 
to 0.97%, which are less than those (1.5%) given by Dubina (2008). For LS and CP performance 
levels the assumed limits of d/h range from 0.61% to 1.87% and from 0.73% to 2.44%, 
respectively, which are generally more conservative values respect to those suggested by different 
Authors: 2.5% for Dubina [5], 2.0% for Kawai et al. [4], and from 1.91 to 2.23 for Blais [11]. 
 
The possibility of damage containment based on the assumed interstory drift limits is also 
supported by available experimental experiences, which confirm a damage of sheathing 
connections negligible for d/h less than 1.0% (Figure 9a), which became tolerable for d/h in the 
range 1.0% through 2.5% (Figure 9b,c). 
 

 
 

(a) d/h ≈ 0.6% 

 
 

(b) d/h ≈ 1.4% 

 
 

(c) d/h ≈ 2.0% 

   

(a) Tilting in initial 
phase 

(b) Tilting in 
advanced phase and 
pull-trough in initial 

phase 

(c) Tilting and 
pull-trough in 

advanced phase 

 
Figure 9. Experimental Observation of the Sheathing Fastener Damage during a Monotonic Test 

 
According to this approach, for each selected seismic hazard level, three different seismic 
intensities have been assumed: ag equal to 0.06, 0.10, and 0.14 g for “frequent” earthquakes; 0.15, 
0.25, and 0.35 g for “rare” earthquakes; and 0.23, 0.38, and 0.53 g for “very rare” earthquakes. 
Hence, in order to choose realistic cases, only IDA curves satisfying the following criterion (Figure 
10) have been considered: 
 
( pIO = dD,IO / dC,IO ≤ 1) ∩ ( 0.5 ≤ pLS = dD,LS / dC,LS ≤ 1.0 ) ∩ ( pCP = dD,CP / dC,CP ≤ 1 )   (8) 
 
The obtained average, standard deviation and coefficient of variation values of the behaviour 
factors q1, q2 and q3 are shown in Table 7. From the obtained results, it can be observed that q1 is 
about 2.2, 2.4 and 2.3 for walls sheathed with G+G, G+O and all walls, respectively; q2 is about 1.3 
considering all types of wall configurations, while it is about 1.4 and 1.2 for G+G and G+O 
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configurations, respectively; q3 is about 3.1, 2.9 and 3.0 for walls sheathed with G+G, G+O and all 
wall typologies. The results in terms of dispersion are very similar to those observed in case of the 
“classic” approach, with a coefficient of variation in the range from 0.10 to 0.27. 
 
According to the proposed multi-performance approach and by considering the obtained results, a 
behaviour factor q = q1 = 2.0 is proposed in the case of “rare” (10%/50) earthquakes, while its value 
should be assumed equal to q = q3 = 3.0 for “very rare” (2%/50) earthquakes. 
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Figure 10. Selection of IDA Curves for the “Multi-performance” Approach 

 
Table 8. Behaviour Factors for the “Multi-performance” Approach 

Wall 
configuration 

 q1 q2 q3 

G+G Average 2.23 1.35 3.05 
 St. Dev. 0.44 0.17 0.83 
 C.o.V. 0.20 0.13 0.27 
G+O Average 2.35 1.23 2.88 
 St. Dev. 0.40 0.12 0.57 
 C.o.V. 0.17 0.10 0.20 

Average 2.29 1.29 2.96 
St. Dev. 0.43 0.16 0.71 

All types 
(G+G and G+O) 

C.o.V. 0.19 0.12 0.24 
 
5.4  Comparison with Literature Results and Code Prescriptions 
 
Considering the behaviour factors defined on the basis of non-linear dynamic analysis results using 
“classic” and “multi-performance” approaches, they range between 2.2 and 2.4 for q1 
(overstrength) between 1.2 and 1.4 for q2  (ductility) and from 2.9 to 3.2 for q3 (both overstrength 
and ductility). 
 
The values of overstrength related factor (q1) achieved in this study are very similar to those 
(q1=2.2÷2.6) proposed by Fülöp and Dubina [1], while they are larger than the corresponding result 
(Ro = 1.7) given by Boudreault et al. [3]. For the values of the ductility related factor (q2), they are 
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slightly smaller than the results (q2=1.4÷1.6) obtained by Fülöp and Dubina [2] and quite smaller 
than the factor (Rd = 2.5) proposed by Boudreault et al. [3]. As consequence, the results obtained in 
terms of global behaviour (q3), which represents the product of q1 and q2 are smaller than those 
achieved by Fülöp & Dubina [2] (q3=3.6÷3.7) and Boudreault et al. [3] (Ro  Rd = 4.3). Finally, 
considering the global behaviour factor (q3), the comparison with the prescriptions of applicable 
Codes shows that the value proposed in this paper is in the very large range (q3= R = 2÷6.5) of 
those given by ASCE/SEI 7-10 [13] and FEMA P-750 [8]. 
 
 
6.  CONCLUSIONS 
 
In the last years a large number of research teams have been involved in the evaluation of seismic 
capacity of SCFS structures and seismic design parameters as behaviour factors and interstory drift 
limits so as dynamic characteristics as vibration periods and damping ratios have been evaluated. In 
this paper the results of extensive parametric dynamic analyses on sheathed cold-formed steel 
(SCFS) shear walls, performed by a presented cyclic model able to predict the non linear force 
deflection response, have been presented. Based on the results of the analyses the seismic 
performance of SCFS shear walls, in terms of behaviour factors has been assessed. In particular, 
three behaviour factors related to overstrength (q1 = 2), ductility (q2 = 1.5) and both overstrength 
and ductility (q3 = 3) have been defined. 
 
In addition, two different seismic design approaches have been proposed. For the first approach, 
named “classic”, in which 10%/50 hazard level is related to the life safety structural performance, a 
behaviour factor q=q3=3 is proposed to be used. For the second approach, named 
“multi-performance”, different behaviour factors are related to different seismic performance 
levels, in such a way to achieve an “enhanced objective” by allowing an effective damage control. 
Under this assumption, a behaviour factor equal to q = q2 = 2 is proposed for 10%/50 hazard level, 
which is related to live safety structural performance; while a behaviour factor of q = q3 = 3 should 
be used for 2%/50 hazard level, which correspond to collapse prevention structural performance. 
 
 
REFERENCES 
 
[1] Fülöp, L.A. and Dubina, D., “Performance of Wall-stud Cold-formed Shear Panels under 

Monotonic and Cyclic Loading Part I: Experimental Research”, Thin Walled Structures, 
Elsevier, 2004, Vol. 42, No. 2, pp. 321-338. 

[2] Fülöp, L.A. and Dubina, D., “Performance of Wall-stud Cold-formed Shear Panels under 
Monotonic and Cyclic Loading Part II: Numerical Modelling and Performance Analysis”, 
Thin Walled Structures, Elsevier, 2004, Vol. 42, No. 2, pp. 339-349. 

[3] Boudreault, F.A., Blais, C. and Rogers, C.A., “Seismic Force Modification Factors for 
Light-gauge Steel-frame – Wood Structural Panel Shear Walls”, Canadian Journal of Civil 
Engineering. 2007, Vol. 3, No. 1. pp. 56-65. 

[4] Kawai, Y., Kanno, R., Uno, N. and Sakumoto, Y., “Seismic Resistance and Design of Steel 
Framed-houses, Nippon Steel Technical Report, No. 79, 1999. 

[5] Dubina, D., “Behaviour and Performance of Cold-formed Steel-framed Houses under 
Seismic Action”, Journal of Constructional Steel Research, 2008, Vol. 64, pp. 896–913. 

[6] Gad, E.F., Duffield, C.F., Hutchinson, G.L., Mansell, D.S. and Stark, G., “Lateral 
Performance of Cold-formed Steel-framed Domestic Structures”, Engineering Structures, 
Elsevier, 1999, Vol. 21, pp. 83–95. 



                          Behaviour Factor Evaluation of Sheathed Cold-Formed Steel Structures                           40  

 

[7] CEN. EN 1998-1 - Eurocode 8: Design of Structures for Earthquake Resistance - Part 1: 
General Rules, Seismic Actions and Rules for Buildings, European Committee for 
Standardization, Bruxelles, 2004. 

[8] FEMA P-750, NEHRP Recommended Provision for Seismic Provisions for New Buildings 
and Other Structures, Federal Emergency Management Agency, Washington, D.C., 2010. 

[9] NRCC. National Building Code of Canada (NBCC), National Research Council Canada, 
Ottawa, Ontario, 2005. 

[10] Branston, A.E., Chen, C.Y., Boudreault, F.A. and Rogers, C.A., “Testing of Light-gauge 
Steel-frame - Wood Structural Panel Shear Walls”, Canadian Journal of Civil Engineering, 
2006, Vol. 33, No. 5, pp. 561-572. 

[11] Blais, C., “Testing and Analysis of Light Gauge Steel Frame / 9mm OSB Wood Panel Shear 
Walls, Master's Thesis, Dept. of Civil Engineering and Applied Mechanics, McGill 
University, Montreal, Canada, 2006. 

[12] Rokas, D., “Testing and Evaluation of Light Gauge Steel Frame / 9.5 mm CSP Wood Panel 
Shear Walls, Master's Thesis, Dept. of Civil Engineering and Applied Mechanics, McGill 
University, Montreal, Canada, 2006. 

[13] ASCE/SEI 7-10, “Minimum Design Loads for Buildings and Other Structures”, American 
Society of Civil Engineers, Reston, 2010. 

[14] Landolfo, R., Fiorino, L. and Iuorio, O., “A Specific Procedure for Seismic Design of 
Cold-Formed Steel Housing”, Advanced Steel Construction, 2010, Vol. 6, No.1, pp. 
603-618. 

[15] Landolfo, R., Fiorino, L. and Della Corte, G., “Seismic Behaviour of Sheathed Cold-formed 
Structures: Physical Tests”, Journal of Structural Engineering, 2006, Vol. 132, No. 4, pp. 
570-581. 

[16] Iuorio, O., “Design Procedures for Cold Formed Steel Housing in Seismic Area”, PhD 
Thesis, University of G. D’Annunzio, Chieti, Pescara, Italy, 2009. 

[17] Fiorino, L., Iuorio, O. and Landolfo, R., “Sheathed Cold-formed Steel Housing : A Seismic 
Design Procedure”, Thin- Walled Structures, 2009, Vol. 47, No. 8-9, pp. 919-930. 

[18] Simpson Strong-Tie Company, 2007, www.strongtie.com. 
[19] Hilti. North America Product Technical Guide, 2005. 
[20] Della Corte, G., Landolfo, R., and Fiorino, L., “Seismic Behaviour of Sheathed Cold Formed 

Structures : Numerical Study”, Journal of Structural Engineering, ASCE, 2006, Vol.132, No. 
4, pp. 558–69. 

[21] Park, R., “Evaluation of Ductility of Structures and Structural Assemblages from 
Laboratory Testing”, Bulletin of the New Zealand National Society for Earthquake 
Engineering, 1989, Vol. 22, No. 3, pp. 155-166. 

[22] Iervolino, I., Maddaloni, G. and Cosenza, E., “Unscaled Real Record Sets Compliant with 
Eurocode 8, First European Conference on Earthquake Engineering and Seismology, 
Geneva, Switzerland, 2006. 

 
 



                                Advanced Steel Construction Vol. 9, No. 1, pp. 41-58 (2013)                              41 

INVESTIGATION ON TEMPERATURE DISTRIBUTION AND 
THERMAL BEHAVIOR OF LARGE SPAN STEEL STRUCTURES 

CONSIDERING SOLAR RADIATION 
 

Hongbo Liu 1 , Zhihua Chen 1,2,* and Ting Zhou 1 

 
1 Department of Civil Engineering, Tianjin University, Tianjin, 300072, China 

2 Tianjin Key Laboratory of Civil Engineering Structure & New Materials, Tianjin University, 
Tianjin, 300072, China 

*(Corresponding author: E-mail: zhchen@tju.edu.cn) 
 

Received: 23 November 2011; Revised: 10 December 2011; Accepted: 7 February 2012 
 
ABSTRACT: The temperature change is very large for steel structures under solar radiation, and this temperature 
change can induce remarkable nodal displacement and member stress. In order to obtain the temperature distribution 
and thermal behavior of large span steel structures under solar radiation, a numerical simulation method was 
presented in this paper based on the ASHRAE model. In order to provide insights into temperature distribution and 
provide data to verify the presented numerical simulation method, ten steel plate specimens with different aspect 
ratios and orientations were investigated by measuring their temperatures under solar radiation. The parameter values 
in the numerical simulation model were modified by the tests results. Using the temperature numerical simulation 
method, the temperature distribution and thermal behavior of a typical steel structure, the lattice shell structures, were 
studied. The study showed that: 1) the solar radiation had a significant effect on the temperature distribution of steel 
structures. Considering the solar radiation, the temperature of steel structures is about 20oC higher than the 
corresponding ambient air temperature; 2) the temperature change is similar to sine curve from sunrise to sunset; 4) 
the solar radiation has a remarkable effect on the member stress, nodal displacement and reaction force. 
 
Keywords: large span steel structures, steel plate, temperature, solar radiation, experimental research, numerical 
method 

 
 
1.  INTRODUCTION 
 
Steel structures have been popular in recent years. They have many engineering advantages, such as 
light weight, fast assembly, large span capability and ease to form various attractive geometrical 
surfaces. Therefore, steel structures are applied particularly in sport stadiums and gymnasiums, 
exhibition centers, airport, factory buildings.  
 
In the past decades, most researches were devoted to design approaches and investigation on the 
structural behavior of steel structures. In the design process of steel structures, the structural 
behavior under the gravity load, dead load, live load, wind load, thermal load, snow load and 
earthquake action are analyzed. For large span steel structures, the thermal load has a significant 
effect on its structural behavior. The thermal load includes two types. The first thermal load is that 
induced by ambient. The second thermal load is that induced by fire. Some investigations were 
carried out in the past years to understand the structural behavior of steel structures under both 
thermal load types [1-4]. 
 
The first thermal load for all steel structures was considered uniformly in the past years. However, 
the thermal load of some special steel structures induced by ambient is more no-uniform and higher 
than the corresponding ambient air temperature due to the solar radiation. The special steel 
structures include three types. The first type is the steel structures exposed to solar radiation, such 
as the steel arches shown in Figure 1. The second type is the steel structures which use glass or 
ETFE as its roof materials, such as the steel arches shown in Figure 2. The third type is the steel 
structures which use light steel as its roof materials, such as the steel structure shown in Figure 3. 
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For the first and the second type steel structures, the solar radiation can irradiate on the steel surface 
directly. For the third type, the temperature of the steel roof above steel structures is very high 
because the solar radiation can irradiate on its surface directly, and the distance between the steel 
structure member and the steel roof is very small. Therefore, the temperature of steel structures was 
similar to the above light steel roof. Therefore, the solar radiation can induce higher and more 
no-uniform thermal load for the above three types steel structures.  
 

 
Figure 1. The Steel Arches Exposed to Solar Radiation 

 

 
Figure 2. The Steel Arches which use Glass as its Roof 

 

 
Figure 3. The Steel Structures which use Light Steel as its Roof 

 
For large-span steel spatial structures, thermal load caused by solar radiation may lead some 
members to ultimate state [5-10]. However, a precise numerical simulation method for the 
temperature distribution under solar radiation is scarcely mentioned in the published papers. 
Therefore, the thermal load is difficult to determine in the design process of steel structures. This 
limitation motivates this study on the numerical simulation method of temperature distribution of 
steel structures under solar radiation. 
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2.   NUMERICAL SIMULATIONS METHOD 
 
In 1950s, many researchers had already begun to evaluate the temperature distribution of 
pavements [11-12], bridges [13-15] and dams [16] considering the solar radiation. In these studies, 
the one-dimensional or two-dimensional heat conductivity model was adopted in the numerical 
simulation. However, the temperature distribution of the spatial steel structures cannot be predicted 
using these numerical methods under solar radiation because of its three-dimension spatial property. 
In this paper, a three-dimensional transient thermal FE model was developed for the analysis on the 
temperature distribution of large span steel structures under solar radiation based ASHRAE model 
in ANSYS software. 
 
2.1  Boundary Condition 
 
For any steel members exposed to solar radiation, the heat flow acting on its surface includes 
convection heat, solar radiation and long wave radiation among ground, sky and steel surface. 
Therefore, the temperature boundary condition for the steel members exposed to solar radiation is 
defined as: 
 

 ( ) ( ) ( )a S L

T
h T t T q t q t

n





   


                            (1) 

 
Where h  is heat convection coefficient ( 2 0w m C ); aT is ambient air temperature; sq  is solar 

radiation ( 2w m ); lq  is long wave radiation ( 2w m );  is thermal conductivity ( 2 0w m C ).The 
thermal properties of steels were acquired from the corresponding codes as listed in Table 1. 
 

Table 1. Thermal Properties of Steel 

properties 
density 

3kg m  

Heat conduction coefficient

 0J m s C   

Specific heat 

 0J kg C  

value 7850 56 480 

 

 

The heat convection coefficient can calculated using following equation presented by Yazdanian 
and Klems [17]: 
 

2 21 3
0( ) b

th C T aV                                         (2) 

 
Where tC is the turbulent natural convection constant; T  is the temperature difference between 

the exterior surface and the ambient air; a, b is the constants; 0V is the wind speed at standard 
conditions. 
 
2.2  Solar Radiation 
 
The ASHRAE clear-sky model was adopted in this study to calculate the solar radiation striking the 
surface of steel members. In this model, the total global solar radiation is assumed to be the sum of 
direct radiation, diffuse radiation, and the solar radiation reflected from the surrounding surface.  
At the earth’s surface on a clear day, the value of solar radiation is defined as [16] 
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exp( sin )ND N

A
G C

B 
                                         (3) 

 
Where NDG = normal direct radiation, 2W m ; A = apparent solar radiation at air mass equal to 

zero, 2W m ; B = atmospheric extinction coefficient;  = solar altitude as it shown in Figure 4; 

NC = clearness number. 

 
Figure 4. The Solar Altitude Angle   and Azimuth Angle   

 
On a surface of arbitrary orientation, the direct radiation, corrected for clearness, is [16]: 
 

max(cos ,0)D NDG G                                        (4) 

 
Where is the angle of incidence between the sun’s rays and the normal to the surface as shown in 
Figure 4. Note that ifθis less than zero, there is no direct radiation incident on the surface—it is in 
the shade. The angle   can be calculated by following equations[16]: 
 

cos cos cos sin sin cos          for a tilt surface

cos cos cos            for a vertical surface                    

cos sin       for a horizontal surface                             

     
  
 

 
 
 

                (5) 

 
                                                        (6) 

 
Where   is surface solar azimuth as it shown in Figure 5;  is tilt angle as it shown in Figure 5; 
 is solar azimuth as it shown in Figure 5;  is surface azimuth as it shown in Figure 5.  

 
Figure 5. Surface Solar Azimuth , Surface Azimuth   and  

Angle of Tilt  for an Arbitrary Tilted Surface 
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The diffuse radiation [16] on a non-horizontal surface is given as follows 
 

d ND wsG CG F                     (7) 

Where C  is the ratio of diffuse irradiation on a surface to direct normal radiation; wsF  the angle 

factor between the surface and the sky, and it can be evaluated by (1 cos ) 2wsF   . 
 
Then, for vertical surface, the diffuse sky radiation [16] is given by: 
 

dV
d ND

dH

G
G CG

G                       (8) 

 
20.55 0.437cos 0.313cos          0.2

0.45                                                   otherwise
dV

dH

G

G

      
 


           (9) 

 
In determining the total rate at which radiation strikes a non-horizontal surface at any time, one 
must also consider the energy reflected from the ground or surroundings onto the surface. 
Assuming the ground and surroundings diffusely reflect, the reflected radiation[16] incident on the 
surface is: 
 

 R D d g wgG G G F                         (10) 

 
Where: RG = rate at which energy is reflected onto the surface, 2W m ; g = reflectance of 

ground or horizontal surface; wgF = configuration or angle factor from surface wall to ground, 

defined as the fraction of the radiation leaving the surface of interest that strikes the horizontal 
surface or ground directly. For a surface at a tile angle to the horizontal:  1 cos 2wgF   . 

To summarize, the total solar radiation incident on a non-vertical surface would be found by adding 
the individual components: direct component, sky diffuse and reflected component: 
 

  max(cos ,0) (sin )s D d R ws g wg NDq G G G CF F C G                      (11) 

 
Similarly, the total solar radiation incident on a vertical surface would be found by adding the 
individual components: direct component, sky diffuse and reflected component: 
 

  max(cos ,0) (sin )s D d R g wg ND
dH

GdV
q G G G C F C G

G
    

 
       

 
          (12) 

 
Where   is the solar absorption coefficient. The solar radiation absorption is affected by its color 
and smoothness of steel plates. 0.6 was adopted in this study based on the test data. 
 
The parameters A, B, and C in the above equations should be determined based on the 
characteristics of solar radiation at the experiment site. Unfortunately, this information is not yet 
available. To overcome this problem, the following expressions of parameters A, B, and C for 
Beijing were adopted [18]. The parameters A, B, and C are given as 1326.54 2W m , 0.404, and 
0.181 on 22th July, 2010. 
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Based on the environmental conditions of the experiment site, the parameter for the ASHRAE clear 
sky model was chosen as Nc =1.0. 
 
The ground radiation reflectance is affected by its color and smoothness. The value of ground 
radiation reflectance of bituminous surface is 0.15 based on test data. 
 
2.3  Long Wave Radiation 
 
The long wave radiation on the surface of steel plates can be expressed by Stefan-Boltzmann 
equation [6]: 
 

4 4 4 4( ( ) ( ))l f wg g ws skyq F T T F T T                                 (13) 

 
Where f  is the ratio of the radiation emitted by a surface;  is Stefan-Boltzmann 

constant=  8 2 45.67 10 W m K  ; skyT  is the effective temperature of sky, usually calculated 

by 6aT  ; gT  is the ground temperature. 
 
The ambient temperature is a critical parameter affecting the steel temperature, because the 
convection heat transfer between steel surface and air is determined by the ambient temperature and 
the long wave radiation irradiating on steel surface. In this paper, the air temperature data for the 
experiment site were used as shown in Figure 6 and Figure 7.  
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Figure 6. Air Temperature on 22th July on Test Site 
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Figure 7. Ground Temperatures on 22th July on Test Site 
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If the temperature data is not available in some case, the following equation can be used to define 
the temperature daily variation: 
 

 0( ) sin
12a av am

t t
T t T T


                                         (17) 

 
Where avT  is the daily mean temperature, defined as  max min 2av a aT T T  ; amT  is the amplitude, 

defined as  max min 2am a aT T T  ; maxaT and minaT are the maximal temperature and minimal 

temperature. 0t  is the time when the maximal temperature occurs. 

 
Compared with the temperature data measured on the experimental site, the temperature defined by 
Eq. 17 is consistent with the temperature data. Therefore, the Eq. 17 can be used to determine the 
temperature daily variation in the case that the temperature cannot be available. 
 
2.4  Detailed Steps 
 
Except for steel tubes, the members of steel structures can be divided into some steel plates, for 
example, the box-sectional steel member is comprised of four rectangular steel plates or eight 
triangle steel plates. Therefore, here a arbitrary triangle steel plate was used to describe the detailed 
steps of the three-dimensional transient thermal FE in ANSYS: 
 
Step 1: Build FE model using Shell57 element, and the triangular option was adopted. 
Step 2: Calculate the geometric parameters of Shell57 referred by the solar radiation and long wave 
radiation. 
Step 3: Calculate the solar radiation using calculation formulae presented in Section 2.2.  
Step 4: Calculate the long wave radiation using calculation formulae presented in Section 2.3.  
Step 5: Carry out transient thermal analysis at initial time t  
Step 6: Calculate the long wave radiation at t t  using calculation formulae presented in Section 
2.3. 
Step 7: Re-carry out transient thermal analysis; Step 6 through Step 7 are repeated until the time is 
up to the end time. 
 
 
3.   TEST VERIFICATION 
 
3.1  Experimental Program 
 
Ten steel plate specimens were tested to provide insights into temperature distribution of steel 
structures under solar radiation in summer, and provide data to verify the above numerical 
simulation method. In order to study the effect of cross-section dimensions and orientation on the 
temperature distribution, these specimens had different cross-section dimensions and orientations 
from each other. The cross-section dimension and orientation of each specimen is listed in Table 2 
as well as shown in Figure 8. 
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Figure 8. Steel Plate Specimens on Experiment Site 

 
Table 2. The Cross-section Dimension and Orientation of Each Specimens 

NUM PT1 PT2 PT3 PT4 PT5 

cross-section dimension 500×200×8 

surface azimuth   0 90 270 180 0 

Tilt   0 45 45 45 45 

NUM PT6 PT7 PT8 PT9 PT10 

cross-section dimension 500×200×14 

surface azimuth   0 90 270 180 0 

Tilt    0 45 45 45 45 

 
In order to obtain the temperature distribution of steel plates, four measured point were designed 
for ten specimens. An additional measured point was designed for Specimen PT1 and PT6, which 
was located on the back of measured Point 1. In this test, infra-red temperature meter was used to 
obtain the temperature of each measured point.  
 
For all the steel plate specimens, the temperature measure points are arranged as Figure 9 shows. 
The data were obtained at 6:00 am, 8:00 am, 10:00 am, 12:00 am, 13:00 pm, 14:00 pm, 15:00 pm, 
16:00 pm, 17:00 pm, 18:00 pm and 19:00 pm on 22th and 23rd July, 2010.  

 
 

Figure 9. Arrangement of Measure Points 
 

3.2  Results Analysis 
 
The temperature-time curves at the maximal temperature and the minimal temperature for each 
specimen are represented in Figure 10. The temperature-time curves for measure Point 4 and 5 of 
Specimen PT1 and PT6 are given in Figure 11. The temperature obtained from the transient 
analysis of each specimen is also shown in Figure 10 and Table 3.  
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      (a) Specimen PT1                     (b) Specimen PT2 
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      (c) Specimen PT3                     (d) Specimen PT4 
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      (e) Specimen PT5                    (f) Specimen PT6 
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      (g) Specimen PT7                   (h) Specimen PT8 
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Figure 10. Time-temperature Curve of Steel Plate Specimens on 22th July 
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Figure 11. Time-temperature Curve of Point 1 and Point 5 
 

Table 3. Temperature of 10 Specimens 

NUM PT1 PT2 PT3 PT4 PT5 

Temperature from test on 22th July 54.2 51.9 50.3 53.1 49 

Temperature from test on 23th July 52.9 51.7 50.2 52.5 49.5 

Temperature from FEM analysis  60.77 56.39 59.7 59.02 53.29 

Error1 0.1212  0.0865  0.1869  0.1115  0.0876  

Error2 0.1488  0.0907  0.1892  0.1242  0.0766  

NUM PT6 PT7 PT8 PT9 PT10 

Temperature from test on 22th July 53.9 50.8 49.2 52 47.5 

Temperature from test on 23th July 53.2 49.7 49.6 51 48.8 

Temperature from FEM analysis  60.64 56.31 59.35 58.87 53.38 

Error1 0.1250  0.1085  0.2063  0.1321  0.1238  

Error2 0.1398  0.1330  0.1966  0.1543  0.0939  

 
It is clear that TFEL (results obtained from the transient analysis) was generally more than TT (results 
obtained from the tests) with a ratio of 1.0 to 1.2. Therefore, it is clear that the strength TFEL was 
generally consistent with the test results, with a maximum difference of 20.63%. 
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Reasons attributing to the discrepancies might be due to variance in the solar radiation model, 
variance in solar radiation absorption and ground reflectance, precision of infra-red temperature 
meter, etc. In the test process, the clouds may shelter against solar radiation, which resulted in a 
decrease of the steel plate specimen’s temperature. In order to study the effect of solar radiation 
decrease on steel plate specimens, the temperature variation of specimen PT7 was obtained by the 
transient FE analysis under the condition that only solar radiation acted on it with strength of 
200 2w m , 400 2w m , 600 2w m  and 800 2w m . From Figure 12, it is clear that the temperature 

increment per min is 0.37 0C 、0.74 0C 、1.11 0C 、1.49 0C  under 200 2w m , 400 2w m , 600 2w m  

and 800 2w m , respectively. 
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Figure 12. Effect of Solar Radiation on the Temperature of Steel Plate 

 
To sum up the above arguments, the FE simulation results for the steel plate test specimens were 
generally considered to be precise. Based on the test and numerical results, the following 
conclusions were drawn on the curves of these figures: 
 
1) For the measure points from Point 1 to Point 4, the temperature-time curves of the maximal 
temperature point were identical to those of the minimal temperature points. It indicated that the 
temperature of steel plate was uniformly distributed under solar radiation. 
 
2) The temperature-time curves of all the points were similar to sine curve, and for all the 
specimens, the maximal temperatures usually occurred at 11:00 am~14:00 pm. 
 
3) The maximal temperature obtained in this experiment was 54.2 0C with 20 0C  higher than the 
corresponding ambient air temperature.  
 
4) The temperature-time curves of Measure Point 4 of specimen PT1 and PT6 were identical to 
those of Measure Point 5. It showed that the temperature in thickness direction was also uniformly 
distributed. 
 
5) For all the specimens, the maximal temperature was different from each other, and the maximal 
difference reached 6.7 0C . The temperature distribution of steel plates was affected by their 
orientation. 
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4.   EXAMPLE ANALYSES 
 
4.1  The Studied Model 
 
In order to study the temperature distribution and thermal behavior of steel spatial structures 
considering the solar radiation, a single-layer lattice shell was designed. This single-layer lattice 
shell was with a span of 92 m and a rise of 17 m. steel pipes of  203 mm×6 mm,  219 mm×7 
mm,  245 mm×7 mm,  273 mm×8 mm,  299 mm×8 mm were used as the principal members. 
The single-layer lattice shell was supported by twenty-four concrete columns. In this study, the 
boundary conditions were assumed to be simply supported. The studied model was shown in Figure 
13. 

 

Figure 13. The Studied Model 
 

The light steel roof was used as roof material above the structural members. The temperature of 
steel members in the single-layer lattice shell was assumed to be similar to the temperature of the 
above light steel roof. 
 
4.2  Temperature Distribution of Steel Roof 
 
Using the numerical simulation method presented in this paper, the temperature distribution of the 
studied dome model was analyzed. Because the solar radiation on June 21 is the strongest day, June 
21 was chosen as the analysis time. The values of all parameters in the numerical simulation model 
were similar to those of the tested specimens.  
 
The temperature distributions at typical time were shown in Figure 14 to Figure 16. The 
temperature-time curve of typical node (the center node) is shown in Figure 17. From these figures, 
it is clear that: 
 
1) The temperature distribution is nearly uniform before sunrise or after sunset. 
 
2) The temperature distribution is very no-uniform under solar radiation, especially around noon. 
Moreover, the temperature is very high around noon, up to 66℃ and 31℃ higher than the 
corresponding ambient temperature. 
 
3) The temperature-time curve for the steel roof is similar to sine curve. 
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Figure 14. Temperature Distribution of Steel Roof at 6:00 on June 21 

 

 
Figure 15. Temperature Distribution of Steel Roof at 14:00 on June 21 

 

 
Figure 16. Temperature Distribution of Steel Roof at 19:00 on June 21 
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Figure 17. Temperature-time Curve of Typical Node (The Center Node) 

 
 

4.3  Thermal Behavior 
 
Using the temperature field obtained in the Section 4.1, the thermal behavior of the studied dome 
was analyzed by finite element method. In this paper, ANSYS software was adopted and the 
BEAM188 was used to simulate the members. The healing temperature for this studied model was 
assumed to be 10℃. The maximal nodal displacement D, the maximal member stress S, the 
maximal reaction force Fx (at radial direction), the maximal reaction force Fy (at circumferential 
direction) and the maximal reaction force Fz (at vertical direction) induced by temperature change 
on June 21 were shown in Figure 18 ~ Figure 22. The maximal nodal displacement, the maximal 
member stress, the maximal reaction force Fx, the maximal reaction force Fy and the maximal 
reaction force Fz induced by dead load (1kN/m2) were 9.5mm, 45.1Mpa, 293.8kN, 44.9kN and 
249.1kN, respectively. 
 
From these figures, following conclusions can be obtained: 
 
1) The changing curves of D, S, Fx and Fz during a day is similar to the structural temperature 
changing curve. 
 
2) The variation of D, S, Fx, Fy and Fz induced by temperature change during a day on June 21 
were 37.4mm, 123.3Mpa, 176.2kN, 156.1kN and 59.5kN, respectively. They are 393.5%, 273.4%, 
60.0%, 347.6% and 23.9% of the corresponding value under dead load. Therefore, it is concluded 
that the solar radiation has a significant effect on the structural behavior of steel dome structures. 
 
3) Due to the remarkable variation of member stress, it is necessary to study the fatigue behavior of 
steel dome structure under solar radiation. 
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Figure 18. Maximal Nodal Displacement-time Curve Induced by Temperature Change 
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Figure 19. Maximal Member Stress-time Curve Induced by Temperature Change 

 

 
Figure 20. Maximal Reaction Force Fx-time Curve Induced by Temperature Change 
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Figure 21. Maximal Reaction Force Fy-time Curve Induced by Temperature Change 

 

 
Figure 22. Maximal Reaction Force Fz-time Curve Induced by Temperature Change 

 
 

5.   CONCLUSIONS 
 
1) A numerical model, based on a transient thermal FE analysis, was presented for evaluating the 
thermal performance of steel plates, and its precision is verified by the test data. 
 
2) The daily temperature of ten steel plate specimens with different thickness and orientations were 
measured on 22th July, 2010. From the test results, the following conclusions were obtained: a) the 
temperature of steel plates is uniform under solar radiation; b) the temperature-time curve for all 
point is similar to sine curve; c) The maximal temperature obtained in this experiment is 54.2 0C , 
and for all specimens, the maximal temperatures usually occurred at 11:00~14:00; d) the 
temperature in thickness direction is uniform; e) the temperature distribution of steel plates is 
affected by its orientation.  
 
3) The solar radiation has a remarkable effect on the member stress, nodal displacement and 
reaction force of steel lattice shell. 
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ABSTRACT: This study elucidates the behavior of flange plate connection between a steel beam and a welded box 
column. Four finite element models simulating an exterior connection were prepared and analyzed. On the basis of 
finite element results, two flange plate connection details which are the reinforcing plate length and plate-to-flange 
fillet weld geometry were improved. Then, two full-scale specimens with flange plate connections were tested using 
a standard connection requalification test protocol. The flange plate connections of test specimens achieved the AISC 
seismic provision requirements for special moment frames. 
 
Keywords: Connections, Flange plate, Box columns, Steel beam, Experimental program, Finite element analysis 

 
 
1.  INTRODUCTION 
 
Box columns are frequently employed in areas of high seismic risk because they have an excellent 
capacity to resist biaxial bending. Cold-formed hollow sections are often used for low and medium 
rise buildings and built-up sections made up of four plates welded together are used for high rise 
buildings [1]. Extensive studies have been carried out and several new connection details have been 
proposed for the connection of I-beams to wide flange columns since the 1994 Northridge 
earthquake[2-7], but limited research for the connection of I-beams to box–columns has been 
conducted[8].   
 
Kim et al. [9, 10] tested two full-scale moment connections to US box columns fabricated using 
pre-Northridge connection details. Test results revealed that both specimens failed by brittle 
fracture of complete joint penetration (CJP) welds between the beam flange and the column during 
a story drift angle of less than 1% rad, which resulted in no plastic rotation in the connections. 
 
Chen et al. [8] tested six large scale specimens of steel beam-to-box column connections. One of 
the test specimens was the unreinforced connection using pre-Northridge details, and other test 
specimens were the reinforced connections using rib plates or wing plates. The unreinforced 
connection was failed by fracture in the heat affected zone (HAZ) of the beam bottom flange during 
2.3% story drift angel cycle. 
 
In the present study the behavior of a moment resisting connection, shown in Figure 1, has been 
investigated. This type of connection is mainly fabricated on site similar to a welded flange plate 
(WFP), which is considered as a prequalified connection in accordance with FEMA [11].The 
shapes of the top and bottom flange plates are different due to the field construction of the 
connection at the site. The geometry of these plates is considered in a manner that site welding in a 
horizontal position is possible for connecting flange plates to beam and column. The WFP 
connections using rectangular and trapezoidal shapes of flange plates connecting to the H shape 
columns have already been tested [12, 13].  
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A special welding sequence should be followed to join the continuity plates to the box column plate. 
As shown in Figure 2, after groove welds are performed to join the continuity plates to three plates 
of box column, the fourth plate should cuts into three segments. As shown in Figure 2, first, middle 
segment put into the place and CJP groove welds of continuity plates to this segment will be done. 
Finally, three segments will weld to each other.    
 
This study analytically and experimentally investigates the behavior of the WFP connections. On 
the base of finite element results, an improved WFP connection was proposed. Then, two full-scale 
specimens with flange plate connections were tested using a standard connection prequalification 
test protocol. The results of the specimen’s hysteretic behavior were obtained and compared to the 
AISC seismic provision requirements in order to qualify the improved flange plate connection. 
 
 

2.   NONLINEAR FINITE-ELEMENT ANALYSIS 
 
Finite-element analysis can provide considerable insight into behavior of complex connections 
even though the analysis cannot readily address material imperfections, geometric imperfections, 
residual stresses and strains, and defects.  
 
2.1  Specimens 
 
Four models were prepared to simulate an exterior T-shaped joint subassembly. The general 
configuration of the exterior joint subassembly is shown in Figure 3. All models consisted of a  
H-shaped steel beam with the dimensions of H-380×200×8×12 (mm) connected to a box column 
with the measurements of B-400 × 400 × 20 × 20 (mm). The width-thickness ratios of the beam 
flange and the web are 8.33 and 44.5, respectively, and the beam section categorizes to a compact 
section, which is capable of developing the fully plastic stress distribution.  
 
Summary information on models is presented in Table 1. Model UN represents an unreinforced 
connection. Connection details of model UN is presented in the Figure 4. In the remaining three 
models, the joint from the steel beam to the box column was a WFP moment connection. Figure 5 
shows connection details of model LF30. In the model LF30, flange plates were joined to the beam 
flanges with longitudinal fillet welds only. Model LF30-T was identical to LF30 except for the 
addition of the transverse fillet weld at the nose of the flange plate; the size of the LF30-T fillet 
welds was smaller than that of LF30 to preserve the total volume of fillet weld material. Figure 6 is 
a plan view of the fillet welds of LF30 and LF30-T. Model LF50-T was most similar to model 
LF30-T except that the flange-plate length was arbitrarily increased from 300 to 500 mm. 

 
Figure 1. Field Welded Moment Connection 
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Figure 2. Welding of Continuity Plates to the Box Column Plates 

 
 

 
Figure 3. Configuration of the Exterior Joint Subassembly 

 
 

 
Figure 4. Connection Details of Model UN 
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Figure 5. Connection Details of Model LF30 

 

a)  

 
 b) 

Figure 6. Fillet Weld Geometry: ( a) LF30-T and (b) LF30  
 



                                          M. Gholami, M. Tehranizadeh and A. Deylami                                   63  
 

Table 1. Summary Information on Models 
    
Model 

 
Connection 
type 

 
Flange-plate 

length 

 
Top 

flange-plate 
thickness 

 
Bottom 

flange-plate  
thickness 

 
Longitudinal 
fillet weld 

 
Transverse 
fillet weld 

    
UN 

LF30 
LF30-T 
LF50-T 

 
Unreinforced 
Flange plate 
Flange plate 
Flange plate 

 
------- 
300 
300 
500 

 
------- 

20 
20 
25 

 
------- 

15 
15 
20 

 
------- 

10 
8 
8 

 
------- 
------- 

8 
8 

Note: All dimensions in mm. 
 
2.2  Finite Element Modeling 
 
ABAQUS models of UN, LF30, LF30-T and LF50-T were prepared. As shown in Figure 7, groove 
welds that join flange plates to column flange and fillet welds that join flange plates and shear tabs 
to the beam were modeled. The beam, column, plates, CJP groove welds and fillet welds in the 
models were discretized using three-dimensional solid (brick) elements.  
 
The size of the finite-element mesh varied over the length and height of the specimen as can be 
seen in Figure 7. A fine- mesh was used near the connection of the beam to the column and the 
beam flange to the reinforcing plate. A coarser mesh was used elsewhere. Most of the solid 
elements were right-angle prisms. Hinged boundary conditions were used to support the column top 
and bottom. The load was applied by imposing incremental vertical displacements at the beam tip 
during the analysis. 
 
A bilinear stress–strain relationship was considered for each of materials. Figure 8 shows the 
assumed bilinear stress-strain relationship. Table 2 presents the material properties used for the 
analytical models. Data from test of coupon extracted from the beam of test specimen LF30-T were 
used to establish the stress-strain relationship for the steel material. The weld material was modeled 
using the test data of Kaufmann [14]. The Poisson’s ratio was taken as 0.3 for all materials 
throughout the analyses. To account for material nonlinearities, the von mises yield criterion was 
employed. 
 
2.3  Rupture Index 
 
To compare between the behavior of the different configurations analyzed in this research, a rupture 
index was used and computed for different cases; this same methodology and approach was used by 
others [13, 15–18]. The rupture index (RI) is defined as: 
 

)5.1exp(

 m

PEEQ
RI


                    )1(  

 

Where , m and   are, respectively, the equivalent plastic strain, hydrostatic stress, and von mises 
stress. The rupture index was introduced by Hancock and Mackenzie [19].  Locations in a 
connection with higher values of RI have a greater potential for ductile fracture. 
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2.4  Analytical Results 
 
The rupture index was computed at three locations, the top surface of the beam flange at the 
column face, at the nose of the reinforcing plate and the top surface of the reinforcing plate at the 
face of the column. The maximum values of stress and strain along these lines were not necessarily 
the maximum values in the components, but these lines were chosen to facilitate a comparison of 
results for different specimens. A story drift angle of 4% rad was used to compare the connection 
behaviors under highly strained states because a special moment-resisting frame is assumed to be 
capable of sustaining a story drift angle of at least 4% rad [20]. 

 
 

 
 
 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 7. Finite Element Model 
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Table 2. Material Properties used for the Analytical Models 
 Yield point  

Ultimate point 

 
Material 

Young  
modulus(Mpa)  

Strain hardening 
modulus(Mpa) 

Stress(Mpa) 

 

Strain (%) 

 

Stress(Mpa) 

 

Strain (%) 

 

Steel 200000 6000 300 0.15 4200 18 
Weld 200000 3000 520 0.26 560 12 

 

 
Figure 8. Assumed Bilinear Stress-strain Relationship for ABAQUS Models 

 
2.4.1  Comparison between the Behavior of Unreinforced and Flange Plate Connections 
 
To compare between the behavior of unreinforced and reinforced connections, the finite element 
models of LF30-T and UN were studied. 
 
Figure 9 presents information on the distributions of the RI for models UN and LF30-T at the face 
of the column. The maximum value of the RI of UN is approximately 0.22 and is recorded at the 
edge of the beam flange. The largest value of RI is approximately 0.05 for LF30-T. The maximum 
value of the RI of UN is approximately four times greater than that of LF30-T. This indicates that 
the use of the flange plate connection will reduce the likelihood of ductile fracture of steel 
moment-resisting connections as compared to the unreinforced connection.  

 

 
Figure 9. Distribution of Rupture Index at the Face of  

the Column for Models UN and Model LF30-T  
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2.4.2  Influence of Connection Details on the Response of Connection  
 
- Fillet Weld Profiles 
 
Two fillet weld (two-sided and three-sided) profiles were studied in this research. To compare the 
fillet weld profiles, the responses of two specimens LF30 (L-L fillet weld), LF30-T (L-L-T fillet 
weld), are compared below.  
 
Figure 10 shows the distributions of the RI for LF30 and LF30-T on the beam bottom flange at the 
nose of the bottom reinforcing plate. As can be seen in the Figure 10, the maximum value of the RI 
is recorded at the end of the longitudinal fillet weld of LF30. The maximum value of the RI is 0.45 
for LF30, whereas its value is merely 0.2 for LF30-T. This reveals that addition of the transverse 
fillet weld at the nose of the flange plate substantially reduces the maximum value of the RI . There 
is a possible explanation for this phenomenon: 
 
Consider the 2-sided fillet weld (longitudinal fillet welds only) and the end of the fillet weld at the 
nose of the reinforcing plate. The gap between the beam flange and the reinforcing plate at the 
bottom of the vertical leg of the fillet weld acts as an initial defect. The resulting stress 
concentrations and a state of triaxial tension at the end of the longitudinal fillet weld substantially 
increase the RI values. The addition of a transverse fillet weld eliminates the defect at the base of 
the vertical leg of the longitudinal fillet weld and reduces the stresses and triaxial tension at the end 
of the longitudinal fillet weld. Construction-related issues aside and based on the ABAQUS 
analysis data only, the 3-sided fillet weld (2 longitudinal welds and 1 transverse weld) is superior to 
the 2-sided fillet weld (2 longitudinal welds).  
 

 
Figure 10. Distribution of Rupture Indices on Beam Flange at the Nose of Reinforcing Plate 

 
- Length of the Flange Plate 
 
The effect of flange plate length on the response of reinforced connections was investigated in this 
research. To assess the effect of flange plate length on the behavior of connections, the responses of 
two specimens LF30-T and LF50-T are compared below. 
 
The distributions of the RI for LF30-T and LF50-T on the beam bottom flange at the nose of the 
reinforcing plate are shown in Figure 11. The maximum RI value of LF50-T is approximately 15% 
larger than that of LF30-T. This indicates that a longer flange plate increases values of RI at the 
nose of the reinforcing plate. There is a possible explanation for this phenomenon: 
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Figure 11. Distribution of Rupture Indices on Beam Flange at the Nose of Reinforcing Plate 
 
A longer flange plate results in a higher plastic strain at the nose of reinforcing plate due to an 
increase in the beam plastic rotation. Eq. 1 shows that the higher plastic strain can results in higher 
RI value. 
 
2.4.3  Global Response of Flange Plate Connections 
 
In this section, the global behavior of models LF30 and LF30-T was evaluated before experimental 
studies. A displacement-control loading in the beam tip was induced in compliance with AISC 
seismic provisions loading history, which is shown in Figure 12. Equivalent plastic strain contours 
for models LF30 and LF30-T are presented in Figure 13. The key observations from Figure 13 are 
(1) the maximum plastic strain occurs at the end of the longitudinal fillet weld of model LF30 and 
(2) in models LF30 and LF30-T, plastic hinge forms away from the column flange into the beam 
beyond the nose of flange plates. 
 
The moment at the column face versus story drift angle (θ) relationship for model LF30-T is shown 
in Figure 14. Story drift angle is computed by dividing the total beam tip displacement by the 
distance from the beam tip to the column centerline. The hysteretic curve for model LF30 was 
identical to model LF30-T.  

 

 
 

Figure 12. Cyclic Loading History 
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b) 
Figure 13. Equivalent Plastic Strain Contours for Models a)LF30 and b)LF30-T 

 

 
 

Figure 14. Cyclic Response of Model LF30-T 
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3.   EXPERIMENTAL PROGRAM 
 
Two full scale test specimens with the same dimensions and connection details of models LF30-T 
and LF30 were fabricated and were subjected to cyclic loading. Figure 15 depicts the welding 
details for the test specimen LF30-T. The testing procedure and test results for global and local 
seismic behavior of the test specimens are discussed in the following sections. 

 
Figure 15. Welding Details for the Test Specimen LF30-T 

 
3.1  Test Setup and Instrumentation 
 
According to the shape of the specimen, a test setup was prepared to simulate the boundary 
conditions of the exterior joint subassembly in a laterally loaded moment frame. The column top 
and bottom was supported by real hinges. The beam was laterally braced in the vicinity of the 
plastic hinge and also near the beam end. The general configuration of the test setup and test 
specimen is shown in Figure 16.  
 
The cyclic displacement was applied at the tip of the beam by a hydraulic actuator. The hydraulic 
loading system, mounted between the reaction frame and the beam tip, consisted of a 1000 KN 
hydraulic actuator with 150 mm equal stroke for both forward and backward directions and also a 
load cell placed on the tip of a hydraulic actuator to record the applied loads. The actuator 
displacement is measured via both an internal displacement transducer of the actuator and an 
external LVDT. The specimen was cleaned and strain gauges were pasted at several locations. 
Whitewash was also painted on specimens in order to monitor the inelastic deformation during the 
test. 
 
3.2  Loading History 
 
The specimens were subjected to the loading sequence proposed by AISC seismic provisions for 
testing of beam-to-column moment connections [20]. Cyclic loading history is shown in Figure 12. 
The test was stopped at 5% rad story drift to avoid damage to the hydraulic actuator. 
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Figure 16. Test Setup Configuration 
 

3.3  General Test Observations 
 
3.3.1  Specimen LF30-T 
 
The yielding of the specimen LF30-T was initiated in beam flanges during the first cycle of 1.5% 
story drift and during 3% story drift, yielding extended into the beam web and spread about 300 
mm along the beam flanges. Local buckling of the beam flanges was noticed in the cycles with 4% 
rad story drift angle. In the cycles of 5% rad story drift angle, amplitude of beam local buckling 
was increased. At the end of the test, no signs of fracturing were observed except that minor 
cracking was noticed at the k-line of the beam bottom flange during the second cycle of 5% rad 
story drift angle, as shown Figure 17. Figure 18 shows that the plastic hinge formed away from the 
face of the column in the beam beyond the nose of the reinforcing plate.  
 
3.3.2  Specimen LF30 
 
Just one difference between behavior of specimens LF30 and LF30-T was observed:  
 
In the specimens LF30, the beam flange buckles penetrated beyond the nose of the flange plate 
toward the face of the column and tore the end of the longitudinal fillet weld. Figure 19 shows this 
tearing. But the transverse fillet welds joining the LF30-T flange plates to the beam flanges 
prevented the buckle penetration observed in LF30 and no tearing of the LF30-T fillet welds was 
observed. 
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Figure 17. Minor Cracking at the k-line of the  
Beam Bottom Flange at 5% Rad in Specimen LF30-T 

  
Figure 18. Specimen LF30-T at the End of the Test 

 
 
 
 
 

 

crack 
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Figure 19. Crack in the Beam Flange at the End of the Longitudinal Fillet Weld of Specimen LF30 
 
 

 
 

Figure 20. Moment at the Column Face Versus Story Drift Angel Relationship 
 
3.4  General Evaluation of the Connection Behavior 
 
The moment at the column face versus story drift angle (θ) relationship for the test specimen 
LF30-T is shown in Figure 20. The cyclic response of test specimen LF30 was identical to LF30-T. 
The results showed fair agreement between both experimental (Figure 20) and analytical (Figure 14) 
responses. In order to have a good comparison between analytical and experimental results a 
combined plot is illustrated in Figure 21. 
 

Crack 
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According to the AISC seismic provision [20] Beam-to-column connections used in special 
moment frames shall satisfy the following requirement:The measured flexural resistance of the 
connection, determined at the column face, shall equal at least 0.80Mp of the connected beam at an 
inter story drift angle of 0.04 radians. Figure 20 indicates that Moment resistances of test specimens 
were more than 80% plastic moment of beam at 4% total story drift. Therefore flange plate 
connections of test specimens achieved the AISC seismic provision requirements for special 
moment frames. It should be noted that the strength degradation of the specimens resulted from 
ductile local and global buckles during the cyclic loading and no significant fracture was occurred 
in the specimen. 
 

 
 

Figure 21. Comparison of the Experimental and Analytical Results 
 
 
3.5  Strains in Flange Plate and Beam Flange 
 
Figure 22 presents the relationship between axial strain and the story drift angle in the bottom 
flange plate and beam flange for specimen LF30. The maximum axial strain was recorded at the 
end of the longitudinal fillet weld joining the flange plate to the beam flange: the crack initiation 
site for specimen LF30. The maximum measured axial strain on the top surface of the flange plates 
in LF30, 50 mm from the column face, was approximately 5 times the yield strain. Such inelastic 
strains had no apparent deleterious effect on the response of either specimen. Beyond the 5% story 
drift, the strains in the flange e plates reduced slightly because of local buckling in the beam flange 
s and web and the consequent loss of strength in the beam.  
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Figure 22.The relationship between axial strain and the story drift angle in the bottom  
flange plate and beam flange for specimen LF30 

 
 
4.   CONCLUSIONS 
 
Two full-size specimens with flange plat connections were tested. Each specimen composed of a  
H-shaped steel beam with the dimensions of H-380×200×8×12 (mm) connected to a box column 
with the measurements of B-400 × 400 × 20 × 20 (mm). In the one of specimens, flange plates were 
joined to the beam flanges with longitudinal fillet welds only. The flange plates of other specimen 
were joined to the beam flanges with longitudinal and transverse fillet welds. Flange plate 
connections of test specimens achieved the AISC seismic provision requirements for special 
moment frames. 
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The key conclusions drawn from the analytical studies and the associated experimental results are: 
 
1. In the test specimens, no damage was observed at the groove welds joining flange plates to 
column flange. Because use of flange plate reduces potential for fracture at column face. 
 
2. Analytical analysis indicated that use of transverse fillet weld at the nose of flange plate will 
reduce potential for fracture at the end of longitudinal fillet welds. This result was confirmed by the 
tests conducted for two full-scale specimens. . 
 
3. It is better that the required flange plate length be limited to shortest possible length using weld 
of higher strength and increasing weld thickness to the maximum allowable limit. 
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ABSTRACT: This paper presents the system reliability analysis of a three-dimensional steel frame designed per 
AISC LRFD with respect to the collapse limit state under the dead and live loads.  The system reliability is 
evaluated using the first-order reliability method (FORM)-based adaptive response surface approach.  The 
uncertainties in the material properties, geometric properties of frame members, initial geometric imperfection of the 
structure, dead load and live load as well as the spatial variability of the live load are accounted for in the reliability 
analysis.  The analysis results suggest that the system reliability of the example frame is similar to that of the planar 
steel frames designed per AISC LRFD and evaluated in a previous study.  It is observed that the spatial variability 
of the live load leads to a decreased system reliability.  Results of the sensitivity analysis indicate that the failure 
probability of the example frame increases by almost one order of magnitude if the coefficient of variation of the 
steel yield strength increases from 0.06 to 0.1.  Furthermore, the system reliability decreases drastically if the upper 
bound of the magnitude of initial geometric imperfection is greater than 0.4% of the overall height of the example 
frame. 
 
Keywords: Three-dimensional steel frame, System reliability, Response surface approach, FORM, Advanced 
analysis 

 
 
1.  INTRODUCTION 
 
The limit states design or load and resistance factors design (LRFD) codes for building structures, 
e.g. AISC LRFD [1-2] and CSA S16-09 [3], are generally developed by considering the reliability 
of individual members in a structure.  However, failure of an individual member in a structure 
does not necessarily lead to the failure of the entire structural system due to the structure 
redundancy or the force redistribution after the member failure.  Therefore, the reliability of a 
structural system is typically higher than that of individual members in the structure (Ellingwood 
[4-5]; Zhou and Hong [6]).  With the advances in numerical computation and increased 
acceptance of the performance-based design, knowledge about the reliability levels of structural 
systems becomes more accessible as well as important for both researchers and practitioners 
(Ellingwood [5]; Li and Li [7]). 
 
The system reliability of steel frame structures has been investigated in the past (e.g. Zhou and 
Hong [6]; Buonopane et al. [8-9]).  Zhou and Hong [6] evaluated the member and system 
reliability of four planar steel frames designed per AISC LRFD [1] by considering the uncertainties 
in the dead load, live load and steel yield strength.  The member reliability was evaluated based on 
the load effects obtained from a first-order elastic analysis and equations that indirectly take into 
account the second-order effects; whereas the system reliability of the structure was evaluated 
based on the collapse load factor-based limit state function, in which the collapse load factor was 
calculated by using the refined second-order elastic-plastic hinge method (Chen et al. [10]).  The 
Monte Carlo techniques and first-order reliability method (FORM) were employed to evaluate the 
member and system reliability.  They reported that the probabilities of collapse of the steel frames 
considered are approximately one order of magnitude lower than the failure probabilities of the 
most critical members in the frames. 
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Buonopane et al. [8] evaluated the reliability of two-story two-bay planar steel frames designed 
according to two design methods, namely the AISC LRFD [2] and the so-called advanced analysis 
approach that evaluates the load capacity (i.e. collapse load) of the entire structural system by 
directly accounting for the second-order effects (both P-∆ and P-δ effects), plastic hinging, residual 
stress and geometric imperfection in the analysis.  The uncertainties in the load (both dead load 
and live load) and steel yield strength were considered in the reliability analysis.  The reliability 
was evaluated with respect to the limit states associated with collapse as well as occurrence of the 
first plastic hinge in the structure.  The analysis results revealed that the structures designed per 
AISC LRFD generally have higher system reliability than those designed using the advanced 
analysis approach. 
 
Buonopane et al. [9] investigated the probabilistic characteristics of the collapse load and system 
reliability of two planar steel frames that were designed using the first-order elastic analysis, 
modified by the effective length factors and magnification factors to approximately account for the 
second-order effects.  The uncertainties in the yield strength, Young’s modulus, geometric 
imperfection and peak compressive residual stress were taken into account in their investigation.  
The system reliability of planar steel portal frames with tapered beams and columns has been 
reported in the literature (Li and Li [7]), where a second-order plastic analysis was used to evaluate 
the collapse load of the structure.  Huh et al. [11] studied the reliability of planar steel frames with 
or without shear walls using the nonlinear finite element method and FORM.  Hadianfard and 
Razani [12] evaluated the reliability of semi-rigid planar steel frames.  Note that the 
above-mentioned previous studies on the system reliability of steel frames are all focused on 
two-dimensional frames. 
 
Recently, system reliability assessments of three-dimensional (3D) steel scaffold systems were 
reported in the literature (Zhang et al. [13-15]).  In these investigations, the ultimate load capacity 
of the scaffold system was predicted using the advanced analysis approach by taking into account 
the material and geometry nonlinearity, initial geometric imperfections, joint details, and residual 
stresses.  The model uncertainty was characterized by comparing the experimentally determined 
ultimate load capacities with those predicted using the advanced analysis approach for fifteen 
full-scale scaffold specimens (Zhang et al. [14]).  The probabilistic characteristics of the ultimate 
load capacity were obtained from Monte Carlo simulation considering the model uncertainty as 
well as the uncertainties associated with material properties, initial geometric imperfections, load 
eccentricity and joint stiffness.  Given the statistics of the resistance and applied loads, the system 
reliability was estimated using the FORM.  Note that the steel scaffold systems are relatively 
simple 3D structures compared with 3D building structures.  To the best knowledge of the authors 
of this paper, system reliability analysis of 3D steel building frames has not been reported in the 
literature. 
 
The objective of the study reported in this paper was to carry out system reliability analyses of 3D 
steel frame structures.  To this end, a realistic 3D steel frame example designed per AISC LRFD 
[1] was considered.  The reliability was evaluated with respect to the collapse limit state, with the 
collapse load of the structure evaluated using the advanced analysis implemented in the finite 
element software SAP2000 [16].  The analysis methodologies and results are described in the 
following sections.   
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2.   METHODOLOGY FOR SYSTEM RELIABILITY EVALUATION 
 
2.1  Limit State Function 
 
Without loss of generality, consider a structure subjected to the gravity loads only.  Let R(X) and 
S(Y) denote the random variables representing the collapse load (i.e. resistance) of the structure and 
total external loads applied on the structure, respectively.  The notation R(X) was used to 
emphasize that the resistance, R, is a function of a set of random variables, X, such as the material 
properties (e.g. yield strength and Young’s modulus) of steel, cross-sectional properties (e.g. 
cross-sectional area and moment of inertia) of individual members in the structure, initial geometric 
imperfections and model uncertainty, whereas S(Y) is a function of a vector of random variables, Y, 
such as the dead load, live load, as well as geometric properties of the structure.  Let r(x) and s(y) 
denote the realizations of R(X) and S(Y), respectively.  The limit state function corresponding to 
the collapse of the structure can be written as 
 

)()())(),(( yxyx srsrg   (1) 
 
Therefore, g ≤ 0 indicates that the structure with a resistance of r(x) will collapse under the external 
loads s(y), whereas g > 0 indicates that the structure is safe. 
 
The total external loads s(y) can be easily calculated given the load condition and geometric 
properties of the structure.  In most cases, analytical solutions are however not available to 
evaluate the resistance r(x); therefore, numerical approaches such as the finite element method are 
needed to evaluate r(x).  
 
2.2  Evaluation of the Collapse Load 
 
The advanced analysis as implemented in SAP2000 was used to evaluate the collapse load of the 
3D steel frame in this investigation.  The main assumptions involved in the advanced analysis 
approach in SAP2000 are: 1) the material (steel) is elastic-perfectly plastic; 2) geometric 
nonlinearities including the P-Δ and large displacement effect are considered; 3) all joints are rigid 
and each floor is characterized as a rigid diaphragm; 4) all beams are subjected to zero axial force 
and unidirectional bending about either the strong or weak axis, and all columns are subjected to 
non-zero axial forces and bi-directional bending about both the strong and weak axes; 4) no 
composite action between the steel beam and concrete floor; 5) all beams and columns have 
compact cross sections, i.e. local buckling not considered; 6) no lateral-torsional buckling failure 
for beams or columns; 7) the capacity of a beam-column is represented by the axial force-bending 
moment interaction equations specified in AISC LRFD 2005 with the resistance factors set to unity; 
8) once a plastic hinge has formed, the cross-sectional forces at the plastic hinge move on the axial 
and moment interaction surface as the load further increases, and 9) the external load is applied 
proportionally and incrementally.   
 
The interaction equation for a beam-column subjected to axial force and bi-directional bending 
moments is given by (AISC [2]) 
 

0.1
9

8













py

y

px

x

r M

M

M

M

P

P

, 
2.0

rP

P

 (2a) 

0.1
2













py

y

px

x

r M

M

M

M

P

P

, 
2.0

rP

P

 (2b) 



80                    Sy stem Reliability Assessment of 3D Steel Frames Designed per AISC LRFD Specifications 

 
where P is the applied axial force; Pr is the axial tensile or compressive strengths; Mx and My are 
the applied bending moments with respect to the strong (x) axis and weak (y) axis, respectively, and 
Mpx and Mpy are the flexural strengths with respect to the strong and weak axes.   
 
The flexural strengths can be calculated as Mpx = fyZx and Mpy = fyZy, respectively, where Zx and Zy 
correspond to the plastic section moduli about the x-axis and y-axis, and fy is the steel yield strength.  
The axial tensile strength of a beam-column is calculated assuming gross section yielding, i.e. Pr = 
fyAg, where Ag is the gross cross-sectional area.  The axial compressive strength of the member is 
given by 
 




























yege

ye
F

f

gy
r

fFAF

fFAf
P

e

y

44.0877.0

44.0658.0

 (3) 
 
where Fe is the elastic critical buckling stress determined by Fe=π

2E/(KL/r)2, where K is the 
effective length factor of the column; L is the column length; r is the radius of gyration about the 
axis of buckling, and E is Young’s modulus for steel. 
 
The advanced analysis allows the development of the relationship between the applied load and 
displacement at a given point on the structure (e.g. the horizontal displacement at the top of the 
structure). The collapse load of the structure is then obtained as the total load corresponding to the 
peak point on the load-displacement curve.  Because initial geometric imperfection of columns (an 
out-of-straightness of the span length over 1,500 at midspan) and residual stresses have been 
implicitly accounted for in the AISC interaction equation given by Eq. 2 (Chen et al. [10]), their 
impact on the collapse load is implicitly taken into account in the analysis.   
 
2.3  System Reliability Evaluation 
 
The system failure probability of a 3D steel frame can be expressed as the following 
multidimensional integral over the failure domain g(r(x), s(y)) ≤ 0: 
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where Z = XY (“” indicates the union operation) is a vector of basic random variables on which 
the structural resistance and total load are dependent, and fZ(z) is the joint probability density 
function of Z.  
 
It is usually not feasible to obtain an analytical solution of the failure probability defined by Eq. 4.  
The Monte Carlo simulation is an accurate and robust technique to evaluate this integration; 
however, this method is time-consuming for the cases that have low failure probabilities.  
Approximate approaches such as the first- and second-order reliability methods (FORM and SORM) 
(Rackwitz and Fissler [17]; Low and Tang [18]; Breitung [19]; Der Kiureghian [20]) can be used to 
evaluate the integral in Eq. 4.  However, incorporating the finite element method required to 
evaluate the collapse load into the FORM/SORM may give rise to numerical difficulties in the 
reliability analysis, as reported by Zhou and Hong [6].   
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A reasonable trade-off between efficiency, accuracy and robustness in the reliability analysis can be 
achieved through the response surface approach.  The application of response surface approach in 
the system reliability evaluation has been reported in the literature.  For example, this method was 
used by Huh and Haldar [21] to calculate non-linear seismic reliability of planar frames.  Zhao 
and Ono [22] also used the response surface approach to investigate the system reliability of planar 
framed structures using the collapse load factor-based limit state function. 
 
In this study, a so-called FORM-based adaptive response surface approach was used to evaluate the 
system reliability of 3D steel frames.  The method involves constructing a sequence of response 
surfaces to approximate the collapse load (i.e. resistance) of 3D steel frames.  For each response 
surface, the collapse load, R, is approximated by a second-order polynomial (Bucher and Bourgund 
[23]) as follows: 
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where X=(X1, X2,…, Xn) denotes the vector of random variables on which the resistance is 
dependent; the mean and standard deviation of Xi (i = 1, 2, ..., n) are denoted by mi and σi; a0, bi and 
ci, are the 2n+1 unknown coefficients to be determined, and n is the total number of random 
variables. In order to determine the 2n+1 coefficients in Eq. 5, the collapse load needs to be 
determined using the advanced analysis corresponding to at least 2n+1 sets of sampling points.  
These sampling points are adaptively selected as described in the following calculation steps.   
 
1) Evaluate the resistance R(X) at the mean value point (m1, m2, …, mi, ..., mn) and the 2n points 
each at (m1, m2, ..., mi  hσi, ..., mn) through the advanced analysis; the value of h was selected to 
equal 3 (Bucher and Bourgund [23]); 
 
2) Use the 2n+1 sets of sampling points and corresponding values of R(X) from Step 1) to solve Eq. 
5 for the coefficients a0, bi and ci, which leads to a tentative response surface for the resistance; 
 
3) Carry out the FORM to obtain the reliability index based on the tentative response surface 
obtained in Step 2) and the corresponding design point x*; 
 
4) Construct a new tentative response surface for the resistance based on sampling points 
corresponding to the tentative design point x* and the 2n points each at (x1

*, x2
*, ..., xi

*  hσi, ..., xn
*) 

(i = 1, 2, ..., n); carry out the FORM to obtain a new reliability index and an updated tentative 
design point; 
 
5) Repeat Step 4) until the calculated reliability index has converged, i.e. the absolute difference 
between the reliability indices corresponding to two consecutive tentative response surfaces being 
less than a pre-defined tolerance.  The failure probability, Pf, can then be approximated by 
 

)( fP
 (6) 

 
where Φ() denotes the standard normal cumulative distribution function and β is the converged 
reliability index obtained from the FORM-based adaptive response surface approach.   
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3.   NUMERICAL EXAMPLE 
 
3.1  Example Description  
 
In this study, the system reliability of a 3D unbraced steel framed structure (see Figure 1) designed 
by Ziemian [24]; Ziemian et al. [25] per ASCI LRFD [1] was evaluated using the methodology 
described in Section 2. The plan of the frame is shown in Figure 2, and the two elevations of the 
frame are shown in Figures 3(a) and (b), respectively.  The dashed lines in Figure 2 represent 
simply supported beams (ignored in the numerical analysis) on typical floors.  Therefore, the 
distribution of the gravity loading is approximated by uniformly distributed loads on interior 
girders spanning in the N-S direction and as concentrated loads at the mid-spans of the E-W girders.  
The frame consists of three similar bents spanning in the E-W direction and nine bents spanning in 
the N-S direction.  The bents in the N-S direction are either six column exterior bents or three 
column interior bents as shown in Figure 2.  All beam webs are in the vertical plane and all 
column webs are in the N-S plane.  Furthermore, in the finite element model for the advance 
analysis, all columns are fully fixed at the base and their effective length factors were automatically 
calculated by SAP2000.  To expedite the analysis, each beam or column was represented by one 
beam element, and plastic hinges were assumed to only take place at the two ends of the member.  
 

 
Figure 1. 3D Model of the Example Frame 
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Figure 2. Plan of the Example Frame (Unit: mm) 
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                        (a)                                (b)                    (c) 

Figure 3. (a) N-S Elevation (b) W-E Elevation (c) Initial Geometric Imperfection Distribution 
(Unit: mm) 

GF: Ground Floor   OF: Office Floor   MF: Mechanical Floor 
 

The building has an overall height (H) of 82.906 m (272 feet) and consists of 22 stories, including 
20 office levels (from the 2nd floor to the 21st floor) with the same floor-height of 3.658 m (12 feet), 
one mechanical level occupying the 22nd floor and one ground floor (see Figures 3(a) and 3(b)).  
Both the mechanical and ground floors are 4.877 m (16 feet) high.  All members are designed 
using A36 steel with a specified yield strength of 248 MPa and a nominal Young’s modulus of 
200,000 MPa (Ziemian [24]).  Only the dead and live loads were included in the reliability 
analysis because Ziemian [24] indicated that the combination of the factored dead load (D) and live 
load (L) (1.2D+1.6L) governs the LRFD design of this structure.  The nominal dead load on all 
the floors equals 3.6 kN/m2.  In addition, the nominal dead load of the building facade equals 2.2 
kN/m2 (distributed over the four vertical surfaces of the building).  Three different nominal live 
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loads are assumed for the building, namely 2.4 kN/m2 on the office floor (i.e. 2nd to 21st floors), 12 
kN/m2 on the mechanical floor (i.e. 22nd floor), and 1.2 kN/m2 on the roof.   
 
3.2  Statistic Properties of Random Variables 
 
The random variables considered in the reliability analysis included the steel yield strength, 
Young’s modulus, cross-sectional area and moment of inertia of individual members, initial 
geometric imperfection, dead and live loads.  Due to a lack of information, the model uncertainty 
associated with the collapse load was ignored.  To simplify the analysis, the yield strength, 
Young’s modulus, cross-sectional area and moment of inertia of different members were assumed 
to be fully correlated.  The ratios between the cross-sectional areas (or moments of inertia) of 
different members were assumed to be the same as those between the corresponding nominal 
properties.  The same dead load was assumed to apply on all the floors; that is, the dead loads on 
all the floors are identical and fully correlated.  Furthermore, the floor dead load and facade dead 
load were assumed to be fully correlated, with the ratio between the two loads equal to that between 
the corresponding nominal loads.   
 

Table 1. Statistic Parameters of Random Variables 

Property  Random variables Nominal value Mean/Nominal COV 
Probability 
Distribution 

Source 

Yield strength  248  1.1 0.06 Normal Material 
property 
(MPa) Young’s modulus  200,000 0.993 0.034 Normal 

Bartlett et al. 
[26] 

Cross-sectional area varies 1.0 0.05 Lognormal Geometric 
property Moment of inertia varies 1.0 0.05 Lognormal 

Huh et al. 
[11] 

Initial 
geometric 

imperfection 

Maximum lateral 
sway(Δ) at the top 

N/A H/1,000a 0.577 Uniform 
Buonopane et al. 

[9] 

Dead load 3.6(2.2)b 1.05 0.1 Normal 
Load (kN/m2) 

Live load 2.4(12, 1.2)c 1.0 0.25 Gumbel 

Ellingwood et al. 
[27] 

K1 5 1.057 0.346 Gumbel 
Live load ratiod 

K2 0.5 1.062 0.345 Gumbel 
Fitted distribution 

a H/1,000 is the mean value of the maximum lateral sway at the top of structure. 
b 3.6 kN/m2 is the interior load of the building and 2.2 kN/m2 is the exterior façade load of the building. 
c 2.4 kN/m2, 12 kN/m2 and 1.2 kN/m2 are the nominal uniformly distributed live loads on the office floors, mechanical 
floor and roof, respectively. 
d The nominal values of K1 and K2 were calculated based on the nominal uniform live loads on office floors, 
mechanical floor and roof; their probabilistic characteristics (mean and standard deviation) were calculated using 
simulation and distribution type was determined through fitting methodology. 
 
Two cases were considered regarding the correlation between the live loads on different floors.  
The first case assumes that the live loads on all the floors are fully correlated; that is, the same live 
load is applied on all the office floors (i.e. 2nd to 21st floors), whereas the ratio between the live 
loads on the office floor and mechanical floor (or roof) equals that between the corresponding 
nominal live loads.  The second case assumes that the same live load is applied on all the office 
floors and that the live loads on the roof, mechanical floor and office floor are independent of each 
other.  Let K1 denote the ratio of the live load on the mechanical floor to that on the office floor, 
and let K2 denote the ratio of the live load on the roof to that on the office floor.  It follows that K1 
and K2 are independent random variables in the second case.  Furthermore, the resistance of the 
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steel frame depends on K1 and K2, i.e. the relative magnitudes between the live loads on different 
floors.  Therefore, the response surface for the resistance is a function of K1 and K2, in addition to 
the material and geometric properties in the second case.  The Monte Carlo simulation was carried 
out to derive the probabilistic characteristics of K1 and K2 based on the probabilistic characteristics 
of the live loads on the roof, mechanical floor and office floor.  
 
The initial geometric imperfection of the frame was assumed to be in the form of lateral sway 
linearly distributed along the height of the structure with zero sway at the base and the maximum 
sway (∆) at the top (see Figure 3(c)) (Buonopane et al. [9]).  It is further assumed that the initial 
imperfection exists in the N-S direction only.  The probabilistic characteristics of the random 
variables considered in this study are summarized in Table 1.  All the random variables were 
assumed to be independent of each other in the analysis.   
 
3.3  Analysis Results 
 
The reliability indices calculated from the FORM and the corresponding sensitivity factors 
associated with the random variables involved in the analysis are summarized in Table 2.  The 
table shows that the reliability index, β1, for Case 1 (i.e. the live loads on all the floors are fully 
correlated) equals 3.59 and that the reliability index, β2, for Case 2 (i.e. the live loads on the roof, 
mechanical floor and office floor are independent of each other) equals 3.54.  These reliability 
index values are similar to those of the planar steel frames designed per AISC LRFD [1] and 
evaluated by Zhou and Hong [6].  Note that β1 is slightly higher than β2.  This suggests that the 
spatial variability of the live load reduces the system reliability of the example frame.  The impact 
of the spatial variability is however small for this example, because the live loads on the majority of 
the floors (i.e. office floors) were assumed to be fully correlated in Case 2.   
 
The sensitivity factors for the moment of inertia and cross-sectional areas shown in Table 2 are 
almost zero, which suggests that the system reliability is insensitive to the inaccuracies in these two 
parameters.  The sensitivity factors associated with the material properties indicate that the impact 
of the yield strength on the system reliability is, as expected, much higher than that of Young’s 
modulus.  Furthermore, the system reliability is somewhat sensitive to the inaccuracy in the 
magnitude of initial geometric imperfection.  The live load has the most significant impact on the 
system reliability in that it is associated with the highest sensitivity factor, which equals 
approximately 0.75 for both Cases 1 and 2.  Finally, the results for Case 2 indicate that the system 
reliability index is sensitive to K1, i.e. the ratio between the live load on the mechanical floor and 
that on the office floor. 
 
Sensitivity analyses were carried out to investigate the impact of the variability of the yield strength 
and magnitude of the initial geometric imperfection on the system reliability of the 3D frame 
example.  The live loads on all the floors were assumed to be fully correlated in the sensitivity 
analysis.  To expedite the analysis, the response surface for the resistance, R, was not adaptively 
constructed in the sensitivity analysis, but instead approximated by the response surface 
corresponding to the converged reliability index (i.e. β1) obtained for Case 1 shown in Table 2.  
The sensitivity analysis results are shown in Figures 4 and 5.   
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Table 2 Reliability Index, Failure Probability and the Sensitivity Factors 

Results Case 1 Case 2 

Reliability index 3.59 3.54 

Failure probability 1.65×10-4 2×10-4 

Yield strength -0.5277 -0.4608 

Young’s modulus -0.0251 0.0378 

Cross-sectional area -0.00028 0.00025 

Inertial moment -1.18×10-6 6.97×10-6 

Initial geometric 
imperfection 

0.0955 0.0633 

Dead load 0.3687 0.3462 

Live load 0.7588 0.7438 

K1 − 0.3244 

Sensitivity 
factor 

K2 − -0.0620 

 
Figure 4 depicts the system reliability indices and corresponding failure probabilities versus the 
coefficients of variation (COV) of the yield strength with values ranging from 0.01 to 0.1.  The 
figure shows that the system reliability decreases as the COV of the yield strength increases.  For 
example, the reliability index equals 3.59 and 2.97 corresponding to the COV values of 0.06 and 
0.1 respectively.  In other words, the system failure probability increases by almost one order of 
magnitude as the COV of the yield strength increases from 0.06 to 0.1.  This suggests that good 
quality control in the steel manufacturing process has a significant contribution to the system 
reliability of steel frames.  
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Figure 4. System Reliability Versus COV of Steel Yield Strength 

 
Figure 5 depicts the system reliability as a function of the magnitude of the initial geometric 
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imperfection characterized by the upper bound value of the maximum lateral sway that is assumed 
to be uniformly distributed with a lower bound of zero.  The results indicate that the system 
reliability is relatively insensitive to the upper bound value of the maximum lateral sway as long as 
it is less than or equal to H/300.  For example, the system reliability index equals 3.62 
corresponding to an upper bound of the maximum lateral sway of H/600, and decreases to 3.40 if 
the upper bound increases to H/300.  However, the system reliability decreases drastically if the 
upper bound of the maximum lateral sway is greater than H/250: the reliability index declines from 
3.22 to 2.02 if the upper bound of the maximum lateral sway increases from H/250 to H/150.  It 
can be inferred that the system reliability for the example structure is markedly reduced if the upper 
bound of the maximum lateral sway is greater than twice the maximum allowable erection 
tolerance (H/500) specified by AISC [2] assuming that the maximum lateral sway is uniformly 
distributed with a lower bound of zero.  
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Figure 5. System Reliability Versus the Magnitude of Initial Geometric Imperfection 
 
 
4.   CONCLUSIONS 
 
The system reliability of a 3D steel frame with respect to the collapse limit state under the dead and 
live loads was evaluated using the FORM-based adaptive response surface approach in this study.  
The structure considered is a typical high-rising office building designed by Ziemian [24] per AISC 
LRFD [2].  The advanced analysis approach as implemented in SAP2000 that accounts for the 
P-Δ and large displacement effect as well as the nonlinear material property was employed to 
obtain the resistance, i.e. collapse load, of the structure.  In the reliability analysis, the 
uncertainties in the steel yield strength, Young’s modulus, cross-sectional area and moment of 
inertia of the frame members, initial geometric imperfections of the frame, dead load and live load 
as well as the spatial variability of the live load were taken into account.  To achieve a trade-off 
between computational efficiency and robustness, the resistance of the frame was approximated 
using the response surface approach based on the collapse loads evaluated from the advanced 
analysis at sampling points that are adaptively selected during the reliability analysis. The system 
reliability of the frame was calculated using the FORM based on the adaptively evaluated response 
surfaces for the resistance.  
 
The system reliability of the frame was evaluated for two cases, namely ignoring and considering 
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the spatial variability of the live load.  For the former case, the live loads on all the floors in the 
frame were assumed to be fully correlated.  For the latter case, the live loads on the office floors 
were assumed to be fully correlated; however, the live loads on the office floor, mechanical floor 
and roof were assumed to be independent of each other. The analysis results indicate that the spatial 
variability of the live load reduces the system reliability.  The impact of such spatial variability on 
the reliability of the example frame is small due to the fact that the live loads on the majority of the 
floors were assumed to be fully correlated for Case 2.   
 
The calculated system reliability of the example 3D steel frame is similar to that of the planar steel 
frames designed per AISC LRFD [1] and reported in the literature (Hong and Zhou [6]).  
Sensitivity analyses were carried out to investigate the impact of the variability of the steel yield 
strength and magnitude of the initial geometric imperfection on the system reliability of the 
example frame.  The analysis results indicate that the system failure probability of the frame 
increases by almost one order of magnitude if the COV of the yield strength increases from 0.06 to 
0.1.  This suggests that quality control of the steel manufacturing process has a large impact on the 
system reliability of steel frames.  The sensitivity analysis results also indicate that the system 
reliability of the example frame decreases drastically if the upper bound of the uniformly 
distributed maximum later sway that characterizes the initial geometric imperfection is greater than 
H/250, which is twice the maximum allowable erection tolerance specified by AISC [2].  Finally, 
it should be emphasized that the analysis results obtained in this paper are with respect to the 
particular example considered.  However, the methodology for evaluating the system reliability of 
3D steel frames presented here can be applied to other types of 3D steel frame structures, for 
example, the braced steel frames. 
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