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ABSTRACT: The structural efficiency of tall buildings heavily depends on their stiffness and lateral resistance 
capacity.  Among those structural systems for tall buildings, outriggers system is the most common one for 
buildings with a relatively regular floor plan. Research in outriggers system is relatively limited and usually focuses 
on the optimal locations/levels of outrigger only. However, the locations of the outriggers are usually dictated by the 
functional use of the tall buildings and outriggers are usually located in the less commercial valuable floors such as 
mechanical or refuge floors. Because of this limitation, the topology of outriggers becomes an important element in 
providing an optimum design. Furthermore, most engineers considered that the performance of buildings is a linear 
relationship with the stiffness and the critical load of the outriggers. Nevertheless, this is not always true if the 
ultimate design load condition is being considered. This paper starts with various topologies of outrigger which are 
commonly used in practice; studies their stability behaviour, compares their stiffness and finally their ultimate load 
capacity.  Examples demonstrate that for some outriggers geometry arrangement or topologies which delivered 
maximum stiffness and critical loads do not always yield the highest ultimate load capacity even for same outrigger 
member sizes. 

DOI: 10.18057/IJASC.2016.12.2.1 
 
Keywords : Tall buildings, outrigger systems 
 

 
 
1.  INTRODUCTION 
 
The race to the sky started from the time of Tower of Babel following the invention of bricks. 
Nowadays, engineers use reinforced concrete, steel or composite material of steel and concrete to 
build high-rise buildings. Furthermore, various lateral structural systems such as shear walls, 
core-perimeter frame, tube-in-tube, core-outriggers with or without belt truss and mega frame etc. 
were developed. Ali and Moon [1] had a comprehensive review on the development of structural 
systems for tall buildings. Among the Interior Structures, “outrigger structures” is the category with 
efficient height limit up to 150 storeys. Hong Kong Cheung Kong Center (290m), Hong Kong IFC2 
(380m), Hong Kong ICC (450m), Taipei 101 (509m) are typical well known tall building examples 
with outrigger systems. 
 
The first building with elevators was the Equitable Life Assurance Building in New York 
completed in 1870. This 40m tall building was named as the world first tall building. The structural 
system is just simply framed building. With the height of buildings increasing, stiffness becomes an 
important issue. By simple engineering principle, the lateral resistance increases if the moment arm 
of building can be stretch out from the core to the extreme perimeter. Therefore, engineers started 
considering using stiff beams to connect both the core and the perimeter tube. It is obvious that the 
stiffer the beam, the further increase in lateral stiffness. Once buildings became taller, it was very 
difficult to adopt the “stiff” beam concept as the depth of the “stiff” beam would be as deep as a 
wall. Concrete outrigger systems were therefore developed. Shankar Nair [2] proposed the concept 
of “Virtual Outrigger” but engineers must make sure that the stiffened coupled floors and the 
vertical perimeter structures can provide sufficient stiffness to behave as outriggers. 
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After World War II, the use of steel in tall buildings became popular because of the speed of 
construction and reduction in labour cost etc. With buildings with typical slenderness ratio and 
taller than 40 storeys, the previous “stiff” beam method is replaced by single or double story high 
steel truss. Although the use of outriggers is getting more widespread, research in outrigger systems 
is still very limited. Taranath [3], Stafford Smith [4], Gerasimidis et al [5] and Fawiza et al [6] 
studies focus on the overall efficiency of outriggers in tall buildings in controlling drifts and 
optimum locations of outriggers. Nevertheless, the possible locations for which can allow the 
designers to install the outriggers system are limited by the function of the buildings. In practice, 
outriggers are limited to be installed in mechanical or refugee floors instead of “optimum” locations. 
Ideally outriggers should be as deep as possible and therefore engineers often request double story 
height space for outriggers. In China, refuge floors are required for every 15 floors. Hence, in some 
buildings, the floor spaces which can allow for outriggers to be installed are limited to be single 
story height. Therefore, study on optimum topology of outrigger layout rather than the optimum 
locations of outriggers is needed. To the knowledge of the author, there is no literature on the 
topology of outriggers and its effect to stiffness and strength which is publicly available. 
 
Also, the belief that the performance of tall buildings against drift is a linear function of outrigger 
stiffness leads to a tendency of providing oversize and overstiff outriggers in tall buildings. 
However, wind loading is not the only lateral load for tall buildings; seismic resistance is also an 
important factor for considerations in some area. Therefore, a balance for the stiffness, strength and 
ductility of the outriggers should be an area which engineers should pay special attention. 
 
Outriggers increase the stiffness of buildings by means of converting the lateral forces into push 
(compression) and pull (tension) forces in the perimeter structures. Hence, outriggers are required 
to resist reverse and cyclic loading. From engineering principle, the topology for outrigger system 
should be symmetric to both upward and downward load such that it provides similar performance 
in all load cases. If symmetric topology cannot be used, the designer must be aware of the 
behaviour of outriggers under cyclic load. 
 
 
2.  TOPOLOGY OF OUTRIGGERS 
 
With reference to most of the aforementioned text books, the typical diagrams for outriggers are as 
Figure 1. However, from a practical engineering point of view, these layout are neither possible nor 
efficient. Figure 1a shows an ideal situation for concrete outriggers. In practice, it is not possible to 
have a complete solid concrete wall between core and perimeter frame as doorways must be 
required. With a door access, the stiffness of concrete outriggers will greatly be reduced. Figure 1b 
shows a braced steel core and steel truss as outrigger while 1c shows a concrete core with simple 
cross braces as outriggers.  For presentation purposes, these diagrams are clean and clear. 
However, in reality, the topologies for outriggers are very different and subject to a lot of 
co-ordination between architects, structural and building service engineers. 
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Figure 1. Typical Diagrammatic Drawings for Outrigger Systems 

 
It is not possible to study all the topological options for outriggers. Therefore, the most practical 
and common samples are selected in this studies. Figure 2 indicates a typical example with design 
constraints- Double story space (2x4.2m) between core and perimeter frame (13m span). 

Core

13m

4.2m

4.2m

Double Story High 
Mechanical Floor 
space for Outriggers

 
Figure 2. Design Constraints for Outriggers 

 
Based on same space constraints, four practical topologies of outriggers are presented in Figures 3, 
4 and 5. Figure 3 is a  “>” shaped outriggers as topology A. Figure 4 shows options B which is 
also as simple as topology A with bottom chord to be in the same level of floor. Figure 5a and b 
show topology C and D respectively. Both topology C and D are basically identical except there is 
no vertical member in topology D in comparsion with C. To demonstrate the effect of stiffness, two 
kinds of member sizes are used. They are either fabricated square hollow section (SHS) of 
1000mmx1000mmx50mmx50mm or Universal Beam (UB)UB304x127x42. The latter (UB) 
example is for reference and comparison purpose only as such member sizes are generally too 
small in practice.  However, it provides the idea that the behaviour of outriggers varies with its 
member stiffness even with no topology change. All connections are assumed to be fully rigid 
except the vertical load applied to the tips of outriggers are pure vertical and conservative. All 
connections are assumed to be rigid because in most practical cases, outrigger members are heavy 
so designing a pinned connection would not be justifiable.  

1a 1b 1c 
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Core

13m

4.2m

4.2m

P, Uy

 
 

Figure 3. Topology A  
 

Core

13m

4.2m
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Figure 4. Topology B  
 

Core

13m

4.2m

4.2mP, Uy

6.5m

Core

13m

4.2m

4.2mP, Uy

Figure 5a. Topology C Figure 5b. Topology D 
 
 

3.  GEOMETRIC NONLINEAR ANALYSIS AND ADVANCED ANALYSIS 
 
For all cases, unit downward (-ve) and upward (+ve) load were applied to the tip of outriggers. 
Geometric nonlinear analysis was carried out for all options to gain a better understanding on the 
impact of topology to the behaviour of outriggers. Considering the robustness in obtaining solution 
for the critical load of outriggers and the convenient in obtaining the stiffness of outrigger, 
Displacement Control method is used.  For all geometric nonlinear analysis, the vertical 
displacement at the tip of outrigger (Uy) is selected as the numerical constraints parameter and all 
with constants displacement load steps up to 5m. The displacement up to 5m is larger than 
necessary but does provide results to confirm whether or not hardening effect is present. The initial 
stiffness of outrigger, 0KT is denoted as  
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0KT= 0F/0Uy 
 
where 0F represents the load reaction at the first displacement control load step 0Uy. Because 
displacement control method is used, 0Uy can be the same for all options and studies. Hence, the 0F 
obtained from the analysis is the stiffness of the outriggers. For each topology, with the 
consideration of geometric nonlinear effects, there are two values for the stiffness, one for 
download and one for upward load. For comparison purposes, all loads and displacements are taken 
as positive so the curves can be compared directly. For the cases where the critical point is not clear 
enough to be determined, reference will be made to the first and second derivatives of the 
load-deflection curve. 
 
Generally speaking, the magnitude of critical load of a structure is considered to reflect the ultimate 
load capacity. From typical member capacity check, engineers will first determine the critical loads; 
calculate the effective length and then the member capacity. Therefore, before engineers calculate 
the member sizes, they will consider the 2nd Order load-deflection curve as an indicator to the load 
capacity and the initial slope for the stiffness. Hence most engineers will consider that the higher 
the critical load, the higher the member capacity. To validate this concept, advanced analysis 
technique is also applied to determine the capacity for members. Member section capacity ratio will 
also be listed so that we could have a whole picture on the behaviour of each outrigger topology. In 
advanced analysis, NIDA version 9.0.1.0 (Build 10) [7] is used with S275 steel, initial imperfection 
of all members to be L/1000 and the design to Hong Kong Code [8]. 
 
Topology A 
 
Because Topology A is symmetrical to both upward and download load at tip, option A will 
therefore generate only one single response curve for both load cases. The 2nd order analysis 
indicates that there is minor hardening (member under tension) effect for the SHS section. For UB 
section, there is a minor drop in load resistance after critical load before hardening starts. A 
summary of analysis results for topology A for both SHS and UB sections is listed in Table 1. 
 

Table 1. Results for Topology A 
A-SHS A-UB 

Stiffness, K0=551160kN/m Stiffness, K0=15022kN/m 
Design Load Capacity, PN =531MN Design Load Capacity, PN=1528kN 
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0.9799

1.0250

1.0250

0.9799

P = + 22040kN

P = - 22040kN
0.8374

-1.0260

P = + 359.85kN

P = - 359.85kN

-1.0260

0.8374

 
The design load capacity, PN for SHS and UB cases are 531MN and 1528 kN respectively. The 
numbers next to members indicate the corresponding section capacity ratio for that member under 
“+ve” or “-ve” load P. The results show that for topology A, the section capacities for both sections 
are 2% difference in SHS case and 16% in UB case. The differences in section capacities reflect the 
efficiency of the topology. Topology A with SHS section is relatively optimal as the section 
capacities for both members are close to each other in both cases. For Topology A with UB sections, 
the 16% difference in section capacities indicated that the geometric effect which affecting the 
stiffness in UB case is more significant than SHS cases. If the geometric effect is not taken into 
account, in elastic case, the stiffness for topology A will have only one value for both upward and 
downward cases. Therefore, the section capacity ratios for both SHS and UB cases will be 
identical. 
 
Topology B 
 
Although Topology B has two members and same as Topology A, it consists of one inclined 
member only while the other is horizontal. This topology is also common in practice as the 
horizontal member could also be used as floor beam. The critical load is 351MN for upward load 
and 628MN for downward load. The results are listed in the table 2. 
 

Table 2. Results for Topology B 
B-SHS B-UB 

Stiffness, K0=476910kN/m : (479130kN/m)  Stiffness, K0=12918kN/m : (13006kN/m) 

Design Load Capacity, PN =351MN : (628MN) 
Design Load Capacity, PN=1070kN  : 

(1870kN) 
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1.0130

-0.9257

-0.9235

1.018

P = + 20502

P = - 22592

0.6141

-1.0130

-1.0230

1.026

P = + 257.73

P = - 376.59

 
For the case of upward load, the inclined member is subject to compression while the horizontal 
member is under tension and vice versa. However, it is quite clear that the in the contribution of the 
horizontal member in case of download load could contribute more than the case of upward load.  
Therefore, in the case of UB sections, the section capacity ratio for the horizontal members under 
upward load is much lower than the downward load case. The difference in SHS section is 
relatively small because the stiffness in SHS model is comparatively high and again, the geometric 
effect is less significant. 
 
Topology C 
 
Through the finding of Topology A and B, engineers may conclude that outriggers should be as stiff 
as possible to minimize the geometric effect. Besides that, by providing very stiff members, the 
structures should also deliver high capacity. This concept is questionable if we consider 2nd order 
effect. Therefore, Topology C and D are introduced in this study. For Topology C, there isn’t a 
sharp critical point for the upward load case in the 2nd order analysis. Therefore, the critical loads 
for both cases are based on the first and second derivatives of the load-deflection curves. The 
load-deflection curve also indicates hardening effect for the downward load cases is significant.  
 

Table 3 : Results for Topology C 
C-SHS C-UB 

Stiffness, K0=723870kN/m : (723640kN/m)  Stiffness, K0=191531kN/m : (191530kN/m) 
Design Load Capacity, PN =1020MN : 

(1630MN)  
Design Load Capacity, PN=3030kN  : 

(4600kN) 

0

500000

1000000

1500000

2000000

2500000

0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5

L
oa

d
, P

 (k
N

)

Displacement, Uy (m)

-ve P

+ve P

-ve Py

+ve Py

0

2000

4000

6000

8000

10000

12000

0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5

L
oa

d
 , 

P
 (k

N
)

Displacement, Uy (m)

-ve P

+ve P

-ve Py

+ve Py



90                                          Outriggers Topology and Behaviours 

 

P = + 18817.9 

P = - 18811.5
0.6852

-0.6916

0.4372

-0.4502

-1.028

1.009

0.5515

-0.5417
0.2677

-0.2772

-0.5935

0.5892

P = + 497.695

P = - 570.150

0.7062

-0.6129

0.3473

-0.4266

-1.020

1.022

0.6629

-0.7873
0.3212

-0.4071

-0.9401

0.693

 
The stiffness for topology C models is in the order of 30%+ and 27%+ higher than Topology A for 
the case of SHS and UB models respectively. The critical loads for Topology C are also 3 times 
higher than Topology A. If we are going to check the final capacity, engineers will consider that 
Topology will provide much higher section capacity than Topology A. However, the ultimate load 
obtained by Topology C is lower than Topology A and B. By checking the capacity ratios, the most 
critical member is the top chord which controls the design in both upward and downward load 
cases. The vertical member is as low as 0.27 (+P) and 0.28 (-P). This indicates that the structures 
are not efficient and there are many dummy members. Although it delivers higher stiffness, the 
distribution of internal forces and stress are not even which causes a much lower ultimate load 
capacity than Topology A and B. 
 
Topology D 
 
From the finding of Topology C, Topology D is proposed but with the vertical member removed. 
The results are listed in Table 4. 
 

Table 4. Results for Topology D 
D-SHS D-UB 

Stiffness, K0=476910kN/m : (479130kN/m)  Stiffness, K0=12918kN/m : (13006kN/m) 
Design Load Capacity, PN =1010MN : 

(1360MN)  
Design Load Capacity, PN=2840kN  : 

(4100kN) 
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P =  + 19152.1
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0.5638

-0.5934

0.4125

-0.4664

-1.025

1.035

0.5633

-0.6.054

-0.6517

0.6.338

P = + 478.911

P = - 544.032

0.4715

-0.5572

0.3347

-0.4503

-0.9096

1.001

0.6054

-0.8830

-1.000

0.7498
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The stiffness and ultimate load capacity of Topology D is slightly less than C but of a similar order. 
This further proves the finding from Topology C as the section capacity ratios in Topology D at 
ultimate load are more evenly distribute than Topology C. It is interesting to find out that for the 
case of upward load, no hardening effect is found and the structure is degrading after yield for both 
SHS and UB cases. 
 
4.   SUMMARY AND CONCLUSION 
 
For ease of comparison, the SHS and UB cases are grouped in Figure X and Y respectively. 
Through the figures, readers can compare the stiffness, load-deflection relationship etc. for either 
SHS or UB sections.  
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Figure 6. Load-Deflection Plot for SHS section 

*For the cases of downward force, the curve will be named with a bracket (). 
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Figure 7. Load-Deflection Plot for UB section 

*For the cases of downward force, the curve will be named with a bracket (). 
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The results are also summarized in Table 5 and 6. The ratio of Pcr and PN in percentage were tabled 
where Pcr is the critical load obtained from 2nd Order analysis and PN is the ultimate load capacity 
obtained from advanced analysis. 
 

Table 5. Summary of Results for Outrigger Topologies with SHS Section 
Load Direction A-SHS B-SHS C-SHS D-SHS 

+Pcr 531MN 
351MN 1020MN 1010MN 

-Pcr -628MN -1630MN -1360MN 

+PN 
22040kN 
(4.15%) 

20502kN 
(5.84%) 

18818kN 
(1.84%) 

19152KN 
(1.90%) 

-PN 
-22592kN 
(3.60%) 

-18812kN 
(1.15%) 

-19800kN 
(1.46%) 

 
Table 6. Summary of Results for Outrigger Topologies with UB Section 

Load Direction A-UB B-UB C-UB D-UB 
+Pcr 

1582 kN 
1070kN 3030 kN 2840 kN 

-Pcr -1870 kN -4600 kN -4100 kN 

+PN 
359.85 kN 
(22.72%) 

257.73 kN 
(24.09%) 

497.77 kN 
(16.43%) 

478.91 kN 
(16.86%) 

-PN 
-376.59 kN 
(20.14%) 

-550.15 kN 
(11.96%) 

-544.03 kN 
(13.26%) 

 
A total of four practical outrigger geometries or topologies were studied. Through the finding from 
this study, the following conclusions are listed: 
 
1. Unlike elastic analysis, there is more than one stiffness value for a unsymmetrical outrigger if 

geometric effect is taken into account as stiffness under compression is less than under 
tension; 

2. For the same topology of outrigger, the outrigger behaviour varies according to its member 
stiffness. In other words, the outrigger behaviour changes if the section size changes. This 
means that if engineer reduces the member sizes, the design capacity is not linear proportion 
because the behaviour for stiff and soft members will be quite different. Similarly, enlarged 
sections in an outrigger structure do not always means the structure will perform better. 
Engineers should have a clear understanding on how the structure behaves and also the 
member contribution to the overall structural behaviour. 

 
In general, the higher the structure stiffness, the less geometric effect and hence higher buckling or 
critical load. However, the 2nd order critical load of a structure and stiffness is not directly 
proportional to the ultimate load capacity of an outrigger. Therefore, higher stiffness does not 
always yield high ultimate load capacity. This is very important concept especially when the 
structure is under cyclic load (e.g. seismic cases). The above finding and conclusion do not just 
apply to outrigger structures but also all slender structures. From the study of four topologies of 
outrigger system which considered the 2nd order geometric effect, material nonlinearity and also 
design load capacity, the topology of outriggers should be as simple and symmetrical as possible. If 
stiffness must be increased, it is suggested to enlarge the member size instead of changing the 
topology. However, engineers must be aware that the internal forces within a structure change 
according to its stiffness. The actions may cause a member, which is previously controlled by axial 
force, to become moment controlled etc. A good understanding in outriggers behaviours is always 
needed. Among all four topologies, Topology A is possibly the best option and B be the second 
choice. 
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ABSTRACT: The bearing capacity equation of reinforced concrete filled steel tube (RCFST) members under axial 
loads is derived by using the combined unified and limit equilibrium theories. The concrete strength increase due to 
the constraint effect of the steel tube is taken into account through the use of unified theory; whereas the concrete 
strength increase due to the constraint effect of the stirrups is considered through the use of the limit equilibrium 
theory. Three-dimensional nonlinear finite element analysis and experimental tests were carried out and the 
corresponding results are reported in this paper. The comparisons of the numerical, experimental and theoretical 
results show that there are in good agreement between these three different methods. However, the present theoretical 
analysis model is not only simple and convenient to use but also consistent with existing Chinese design codes for 
CFST columns. 
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1.  INTRODUCTION 
 
Because of many advantages, concrete filled steel tubes (CFST) are very popular in high rise 
buildings, bridges and offshore structures. Extensive studies have been conducted on the static and 
dynamic analyses, and the fire performance of CFST members [1-10]. For example, Han et al. [1], 
Yu et al. [2], Dundu et al. [3], Dai et al. [4] studied the compressive strength of CFST members. 
Han et al. [1], Yu et al. [5], Prabhu et al. [6] investigated the axial compression performance of 
CFST members encased by various different materials, such as concrete, FRP and CFRP. Wang et 
al. [7] studied the behavior of fire-exposed CFST columns. More recently, Ma et al. [8] studied 
their seismic behavior of CFST columns. Based on these studies, Chinese Codes [11] for design of 
concrete filled steel tubular members has been developed in 2014.  
 
A RCFST member is formed by filling a steel tube with reinforcement concrete. Because of the 
large size of the section the RCFST members may have smaller thickness of steel tube than CFST 
members, which can cause trouble in machining, construction and welding. Reinforced concrete 
filled steel tubes (RCFST) have been used in multi-story buildings, particularly, high-level 
buildings. Figure 1 shows a typical section of a steel tube column and the corresponding column 
layout of Shenzhen Jingji financial center, which is ranked as the tenth highest building in the 
world.  
 
Some studies have been conducted on the static performance of RCFST columns [12-20]. Lie [14] 
gave the resistance of circular steel columns filled with bar-reinforced concrete. Chang et al. [15] 
and Zhu et al. [16] conducted experimental studies on the performance of steel-reinforced 
concrete-filled-steel tubular members. Wang et al. [18] studied on experimental performance 
twin-column RCFT pier. Endo et al. [19] and Xiamuxi et al. [20] obtained the evaluation for axial 
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compressive strength of RCFST columns and the results were validated using experimental data. 
But most studies on the mechanical properties at room temperature didn’t consider the constraints 
of the stirrup on core concrete. And they just simply considered the superposition of steel tube, 
concrete and longitudinal reinforcement on the basis of a coefficient, not considering the synergy of 
steel tube and concrete. 
 

 
In this paper the behavior of RCFST members under axial compression bearing capacity is studied 
through the theoretical analysis, finite element simulation and experimental tests. A theoretical 
analysis model is developed by using the combined unified and limit equilibrium theories. The 
present theoretical analysis model is not only simple and convenient to use but also consistent with 
existing Chinese design codes [11] for CFST columns. 
 
 
 
 
 
 

Notations 

K  Lateral constant determined by tests, 
4K   usually 

corA  Area of concrete confined by stirrups, 

2= 4cor sA d  

ckf   Axial compressive strength of concrete 

confined by concrete stirrup 

f , cf  Design strength of steel and concrete, 
respectively  

rf  Lateral pressure on concrete surrounded by 

stirrups

*  Equivalent confining factor of multilayer 
stirrups

1ssA
 Area of single-layer stirrup   Steel ratio 

yvf  Tensile strength of stirrup   Hollow ratio, /( )h c hA A A    

sd  Ddiameter of concrete column surrounded 

by stirrups 
yf , ckf  Characteristic strength of steel and 

concrete, respectively 
s  Spacing of stirrups B , C Parameters according to section types 

ssoA  Equivalent reinforcement area of stirrup, 

1s ss
sso

d A
A

s


  

h  Standard value of confining factor, 

0 /(1.1 )h y ckf f   

cA , hA  Area of concrete and hollow part in 
HCFST, respectively 

 , 1  Confining factor of steel tube in CFST 

and RCFST respectively, and 

,S y

c ck

A f

A f
 

 
1 *

S y

c ck

A f

A f
   cA , sA  Area of concrete and steel tube 

v  Stirrup ratio 

fsc,, fsc
’ Combined strength of CFST and RCFST, 

respectively 
scA  Total area of RCFST, Asc=As+Ac 

bA  Total area of reinforcement in RCFST bf  Yield strength of reinforcement in 
RCFST 
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Figure 1. Typical Section of Steel Tube Column and Building Elevation of  
King Key Financial Center 

 
 
2.  THEORETICAL DERIVATION OF RCFST MEMBERS 
 
In general, the concrete in RCFST is restrained by both the outside steel tube and inside stirrups as 
shown in Figure 2. The constraints will enhance the concrete compressive strength, which will be 
discussed separately in the following analyses. 

Stirrup
Stirrup

ReinforcementReinforcement

Outside steel tube

 
a) Single-layer reinforcement section   b) Multilayer reinforcement section 

Figure 2. Cross Section Diagram of RCFST 
 
2.1  The Equivalent Strength of Core Concrete from Stirrups 
 
According to the configuration of the reinforcement, the core concrete of a RCFST member can be 
treated as a single layer material or a multilayer material, as shown in Figure 3. Both cases will be 
discussed in this paper. The equivalent strengths of the core concrete in both cases are to be 
developed. 



97                 Study on Axial Compression Bearing Capacity of Reinforced Concrete Filled Steel Tube Members 
 

The first layer stirrup
The first layer stirrup

The second layer stirrup

 
a) Single-layer reinforcement section   b) Multilayer reinforcement section 

Figure 3. Core Concrete Confined by Stirrups diagram of RCFST 
 

2.1.1  The compressive strength of concrete confined by stirrups  
 
(1) Axial compressive strength of concrete confined by single-layer stirrups 
 
According to limit equilibrium theory from the theory of reinforcement concrete, if the spacing of 

spiral stirrups or welded stirrups is not larger than 80 mm and / 5sd  (where sd  is the diameter of 
the concrete column surrounded by stirrups), the strength improvement of core concrete due to the 
effect of stirrups should be considered (Slater et al. [21]), as shown in Figure 4. 

f ck'

pp

pp

Stirrup

f ck'
 

Figure 4. Concrete under Three-way Pressure 
 
In this case, the longitudinal compressive strength of concrete confined by stirrups can be 
determined as follows: 
 

ck ck rf f Kf                                                                    (1) 
 

12 ss yv
r

s

A f
f

d s
                                                                   (2) 

 
According to Eqs. 1, 2 and in general the lateral constraint coefficient is taken as K=4, it yields 
 

02
(1 )yvss

ck
cor

ck
ck

fA

A
f f

f
                                                           (3) 
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Assuming v  is the stirrup reinforcement ratio, the confining factor of steel tube   can be 
defined as follows 
 

yv
v

ck

f

f
                                                                      (4) 

 
So the axial compressive strength of the confined single-layer concrete stirrup can be expressed as: 
 

 1 2ck ckf f                                                                   (5) 

 
(2) Axial compressive strength of concrete confined by multilayer stirrups 
 
Concrete in a RCFST column of multilayer stirrups can be divided into i+1 parts, as the shadow 
part shown in Figure 3 (b). As far as the whole member is concerned, the effects of individual layer 
stirrups on the concrete can be calculated using a superposition method. Hence, the ferrule effect 
increases gradually from outside to inside.  
 
Assuming that ciA  is the area divided  by the i th and (i+1)-th layer stirrups, i  is the ferrule 

coefficient of the  i th layer stirrups, ssoiA  is the equivalent reinforcement area of the i th layer 

stirrups, v  is the stirrup ratio, and ckif  is the concrete strength restrained by the i th layer 
stirrup, Eq. 4 can be expressed as follows 
 

yv yvssoi
i v

ck ci ck

f fA

f A f
                                                               (6) 

when 1i  ，
1(1 2 )cki ckf f                                                       (7) 

when 1i  ，
1

(1 2 )
i

cki ck k
k

f f 


  
                                                 

(8) 

According to the above formulas, the compressive strength of concrete confined by the multilayer 
stirrups is equal to the ordinary concrete strength multiplied a stirrup enhancement coefficient. 
 
2.1.2  Equivalent strength of core concrete within the outside steel tube 
 
The total bearing capacity of concrete within the steel tube including plain concrete with no stirrups 
and the concrete confined by stirrups can be given by Eq. 9 , including the shadow and blank parts 
shown in Figure 3. 

 

 1
1 1

2
n n

c c ck ci cki cki c ck ci ck i
i i

N A f A f f A f A f 
 

                                         (9) 

Substituting Eq. (6) into (9), it yields 

 *

1 1

2 2 1 2
n n

yvssoi
c c ck ci ck c ck yv ssoi c ck

i ici ck

fA
N A f A f A f f A A f

A f


 

                            (10) 

Since  
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* 1

n

yv ssoi
i

c ck

f A

A f
 


                   (11) 

Eq. 10 is simplified as follows 

 

 * *1 2c
ck ck

c

N
f f

A
                     (12) 

 
2.2  Axial Compression Bearing Capacity of RCFST by steel tube 

 

2.2.1  Combined strength by steel tube 
 
According to the CFST “unified theory” [13], the compressive strength of the CFST column can be 
expressed as follows: 
 

 21.212sc ckB C ff                                                       
(13) 

 
The strength of concrete in Eq. 12 replacing 13, we have the formula of the combined strength of 
RCFST columns: 
 

     2 * 2 *
1 1 1 1 1 1 1 11.212 1.212 1 2sc ck ckf B C f B C f           

                       
(14) 

 

where, 1 *

s y

c ck

A f

A f
  , 1 0.1759 0.974

235
yf

B B   , 0.1038 0.0309
20.1

ckf
C     and 

*

1 0.1038 0.0309
20.1

ckf
C    .  

 
2.2.2  Axial compression bearing capacity 

Outside steel tube
Outside steel tube

Reinforcement
Reinforcement

 
Figure 5. Cross Section Diagram of RCFST without Stirrup 

 
According to superposition principle, the axial compression bearing capacity of RCFST members is 
obtained by the sum of the axial compression bearing capacity of longitudinal bar and CFST 
members confined by stirrups, as shown in Figure 5.  
 

   2 *
1 1 1 11.212 1 2scb sc sc b b sc ck b bA f B C f A fN A f A                           (15) 
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The above description demonstrates that the axial compression bearing capacity of RCFST 
members is related to the ferrule coefficient of stirrups and steel tube, reinforcement ratio and 
strength of longitudinal reinforcement. If the ferrule coefficient or the reinforcement ratio becomes 
higher, the overall load-bearing capacity becomes stronger. 
 
2.2.3  Compared with the formula of national code when it is CFST 
 
When the reinforcement ratio is zero, the RCFST reduces to the CFST. Because 0bA   and 

* 0  , Eq. 15 is simplified into Eq. 16. 
 

 
 

2
1 1 1 1

2

1.212

1.212

scb sc sc b b

sc ck

sc ck

sc sc

A f

B C f

B C f

A f

N A f

A

A

 

 



  

  





                                                    (16) 

 
By comparing Eqs. 13 and 16, it can be seen that the formula of RCFST is in a good agreement 
with the formula recommended in Chinese design code for CFST members. Furthermore Eq. 15 
can be regarded as an extension of the Chinese national design code for RCFST members.  
 
 
3.   FINITE ELEMENT SIMULATION OF RCFST MEMBERS 
 
3.1  The material constitutive relation 
 
Core concrete of RCFST is simulated by using the plastic-damage constitutive model (Ludovic et 
al. [22]). The uniaxial compressive stress-strain model of concrete is utilized as suggested by 
Hognestad (Jeffrey et al. [23]), which is simplified as the elastic-perfectly plastic model, as shown 
in Figure 6. Tensile in elastic part is similar with compressive parts, and the ultimate tensile 
strength is taken as one-tenth of the compressive strength. The steel model uses the bilinear model. 
Poisson's ratio is taken as 0.25 for concrete and 0.3 for steel. 
 

Figure 6. The Constitutive Relation of Concrete and Steel 
 

3.2  The Finite Element Model 
 
The three-dimensional solid element (C3D8R) is used to simulate the core concrete and steel tube 
of CFST members (Lu and Zhao [24]). The truss element (T3D2) is adopted to simulate the 
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unidirectional reinforced bars. For the convenience of applying boundary conditions, two rigid 
circular plates are used in the finite element analysis (FEA) model to simulate the upper and lower 
cover plates of the CFST member. All boundary conditions and loads are directly loaded on the 
rigid plates. Reinforced skeleton frame and concrete are contacted by using the Embedded region 
defined in ABAQUS. Element meshes of core concrete and reinforcement are shown in Figure7.  
 

 

Figure 7. Model Meshes of Core Concrete  
and Reinforcement 

Figure 8. Deformation Model 

 
Fixed displacement constraints are imposed to the bottom rigid plate. On the top rigid plate all 
other degrees of freedom except for the axial displacement are fixed. The axial loading is added on 
the center of the top plate. The problem is solved by using the displacement loading method. 
 
3.3  Finite Element Results 
 
Before the parametric analysis of the finite element analysis, finite element model is verified in this 
section. From the comparison between finite element simulation and its theoretical value under 
different parameters, it is found finite element value is slightly higher than the theoretical value, but 
the error is very small. Figure 8 plots a typical deformed shape of the RCFST column. 
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Figure 9. The Influence of Stirrup Spacing for Load-displacement Curve 
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Figure 9 shows the influence of the number of stirrups on the ultimate bearing capacity of the 
RCFST column (Wang [25]). It can be seen from the figure that the ultimate load increases with the 
decrease of the spacing of the stirrups. Table 1 gives a comparison of the finite element results with 
the theoretical values. Through the parameter analysis, it is found that the influence of the steel tube 
ferrule coefficient and slenderness ratio on the load-displacement curve of RCFST members are 
similar to CFST members.  
 
According to the results of finite element simulation, reinforcement ratio, the strength of 
longitudinal reinforcement and the stirrup spacing are the key parameters, which should be 
considered in the experimental tests. 
 

Table 1. Partial Value of Finite Element Simulation Compared with the Theoretical Value 

Steel 
ratio 
  

Steel pipe 
intensity 

yf (MPa)
 

Concrete 
strength

 
ckf (MPa) 

Reinforcement 
ratio 

b  

Longitudinal 
reinforceme
nt intensity 

bf (MPa) 

Stirrup 
spacing

 

s (mm) 

Theoretical 
value

 
cN (kN)

 

Simulation 
value

 
0N (kN)

 

0 cN N  

0.080 235 33.5 0.027 335 80 9455 9757 1.032 
0.080 235 40.2 0.027 335 80 10489 10732 1.023 
0.080 235 46.9 0.027 335 80 11526 11657 1.011 
0.080 345 20.1 0.027 335 80 8825 9039 1.024 
0.080 390 20.1 0.027 335 80 9443 9581 1.015 
0.080 420 20.1 0.027 335 80 9865 9942 1.008 
0.019 235 20.1 0.027 335 80 5631 5598 0.994 
0.039 235 20.1 0.027 335 80 6248 6367 1.019 
0.059 235 20.1 0.027 335 80 6837 7066 1.034 

   Mean value  1.028

 
 
4.  AXIAL COMPRESSION TEST RESEARCH 
 
4.1  General Situation of Test 
 
4.1.1  Material 
 
Tensile tests of reinforcement and steel tube were carried out by using hydraulic universal material 
testing machine. The sample size was determined according to the tensile test of metallic materials. 
The length of reinforcement specimens is 500 mm. Figure 10 shows some of the specimens tested 
for the steel tube and reinforcement. The specimens tested for concrete is shown in Figure 11 
(Wang [25]), which is the standard cubic specimen of 150*150*150 mm. 
 

 

        a) Steel tube specimens b) Reinforcement material specimens 
 

Figure 10. Steel Specimens 
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Figure 11. Concrete Standard Cube Specimens 
 
The yield and ultimate strengths for the steel were obtained in the steel tensile tests, which show 
that both the steel tube and reinforcement have very good ductility. The concrete cubic compressive 

strength ckf  is used to calculate the compressive strength of the prism by using :
150

2 ,ck cu kf k f  

(where 2k  is the conversion factor，for ordinary strength concrete, 2 0.67k  ). 

 
4.1.2  Specimens 
 
The axial compressive tests included CFST specimens and RCFST specimens, and all steel tubes 
were of the same size. RCFST specimens were divided into three groups according to the strength 
of internal longitudinal reinforcement, and there were three kinds of longitudinal reinforcement 
ratios and two stirrup spacings in each group specimens. The section size of the cover plates was 
500mm × 500mm, with an identical thickness of 16 mm. All parameters of specimens are listed in 
Table 2. 
 
The experiment was carried out in architecture lab of South China University of Technology. The 
specimens were made by the procedure: (1) fabrication of steel reinforcement cage, (2) welding 
reinforcement to the bottom plate, (3) welding steel tube to the bottom plate, (4) pouring concrete 
into the steel tube. During the casting of concrete, a 50 mm plug-in vibrator was used to vibrate the 
concrete. After the concrete is casted, the specimen was cured for 12 hours in an environment with 
fixed temperature and humidity conditions. After the concrete was cured, the top steel plate was 
welded to the specimen (Jamaluddin et al. [26]). 
 

Table 2. Parameters of the Specimens under Axial Compression 

Sample number D (mm) t (mm) L (mm) yf (MPa) 
cuf  (MPa) bf  

(MPa) 
yvf (MPa) 

b  s (mm) 

A-1 426 8 1300 297 28.24 - - 0 - 
A1-6-1 426 8 1300 297 28.24 414 314 1.73% 100 

A1-10-1 426 8 1300 297 28.24 414 314 2.88% 100 
A1-10-2 426 8 1300 297 28.24 414 314 2.88% 50 
A1-12-1 426 8 1300 297 28.24 414 314 3.45% 100 
A2-6-1 426 8 1300 297 28.24 485 314 1.73% 100 

A2-10-1 426 8 1300 297 28.24 485 314 2.88% 100 
A2-10-2 426 8 1300 297 28.24 485 314 2.88% 50 
A2-12-1 426 8 1300 297 28.24 485 314 3.45% 100 
A3-6-1 426 8 1300 297 28.24 532 314 1.73% 100 

A3-10-1 426 8 1300 297 28.24 532 314 2.88% 100 
A3-10-2 426 8 1300 297 28.24 532 314 2.88% 50 
A3-12-1 426 8 1300 297 28.24 532 314 3.45% 100 
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Note: In the table, D is the cross-section diameter of the specimen, t is thickness the steel tube L is 
the length of members, 

yf is the yield strength of steel, cuf is the cube crushing strength of 

concrete, bf  is yield strength of the longitudinal reinforcement, 
yvf is the yield strength of stirrup, 

b is the ratio of longitudinal reinforcement, s is the stirrup spacing. 

 
4.1.3  Test procedure 
 
(1) The test instrument and equipment  Axial compression tests were performed in the 1500T 

hydraulic pressure testing machine, as shown in Figure 12. Collecting device of strains and 
displacements was DH3816 static strain gauge. 

(2)  

 
Figure 12. 1500T Hydraulic Pressure Testing Machine 

 
(2) Loading and data acquisition    In the axial compression test, the parameters needed to 
determine were the longitudinal stress-strain relationship of reinforcement, the stress-strain 
relationship of the steel tube in both the longitudinal and hoop directions. In order to obtain the 
required parameters, four groups of strain gauges were placed on the middle of the external surface 
of the steel tube, which were purposed to measure the longitudinal and hoop strains (see Figure 13).  

 
Figure 13. Strain Gauge Arrangement of Steel Tube and Reinforcement 

 
In addition, four internal longitudinal strain gauges were used to measure the axial tension and 
compression strain of longitudinal reinforcement (Nie et al. [27]). To determine the axial and lateral 
displacements of the specimens, two axial displacement meters and two lateral displacement meters 
were placed in the middle of the column (Hou et al. [28]). 
 
4.2  Experimental Results 
 
In the axial compression test process, short columns generally do not fall, so when the axial 
displacement component reaches a certain extent or when the axial deformation is large, the test is 
stopped or unloaded. 
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Figure 14. Slip Line and Failure State 

 
The experimental phenomenon (Figure 14) shows that the damage form of RCFST specimens is 
neither bending failure nor shear failure, but the local buckling. The examination of the internal 
concrete shows that there is no evidence of debonding from the steel tube although concrete 
crushing in some places. 
 
A detailed comparison of the theoretical, finite element analysis and experimental results of the 
short column is given in Table 3. It can be seen from Figure 15 that the ductility of the RCFST 
members is better than that of CFST members. For such good ductile structural members it is 
general to take the compressive load at the strain value of 0.0035 as the bearing load of the member 
(Degtyarev [29]). 
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a )The first set of specimens             b) The second set of specimens 
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c) The third set of specimens 

Figure 15. Loading-displacement Curve of RCFST Short Columns 
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Table 3. Axial Compression Bearing Capacity of Short Columns 

Specimen 
number 

Theoretical 
value cN (kN) 

Finite element 
value 0N (kN) 

Trial 
value eN (kN) 0cN N  c eN N  

A1-1 6760  6791  6826 0.996  0.990  
A1-6-1 8042  8045  8302 1.000  0.969  
A1-10-1 8637  8676  8797 0.995  0.982  
A1-10-2 9056  9077  9946 0.998  0.911  
A1-12-1 8934  8999  9215 0.993  0.970  
A2-6-1 8204  8205  8896 1.000  0.922  
A2-10-1 8907  8943  9375 0.996  0.950 
A2-10-2 9326  9344 9847 0.998  0.947 
A2-12-1 9258  9320  9400 0.993  0.985  
A3-6-1 8311  8311  8748 1.000  0.950  
A3-10-1 9085  9118  9594 0.996  0.947  
A3-10-2 9505  9521  9388 0.998  1.012  
A3-12-1 9473  9532  9488 0.994  0.998  

Mean value 0.997  0.964  
 
 
5.   CONCLUSIONS 
 
This paper has presented the theoretical, numerical and experimental investigations on the ultimate 
bearing load capacity of RCFST columns. The theoretical study is performed by using the 
combined unified and limit equilibrium theories. The numerical study is done by using the finite 
element method. The theoretical and FEA results are validated by the experimental data. From the 
results obtained the following conclusions can be drawn: 
 
1) Addition of longitudinal reinforcement in RCFST short columns can significantly increase the 
bearing capacity of the columns, in which both longitudinal reinforcement and stirrups play 
important role in this strength increase. 
 
2) Short columns are neither in bending failure nor in shear failure, but in the local buckling failure 
of the steel tube. 
 
3) The proposed theoretical formula for calculating the compressive strength of RCFST columns is 
consistent with existing design code for CFST columns. That is, it reduces to the design formula of 
CFST when the reinforcement ratio is 0. 
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ABSTRACT: This paper describes the determination of stress intensity factors (SIFs) of a 3D surface crack in a 
circular hollow section (CHS) T/Y-joint subjected to three basic loading. In order to achieve the main objective, an 
automatic finite element (FE) mesh generator is designed whereby the mesh density and element type of the Crack 
Tube zone can be controlled by the users. Extensive tests are carried out to check the accuracy and to test the 
convergence of the mesh models. It is found that the generated mesh models are both accurate and robust. 
Subsequently, a total of 246 cracked CHS T/Y-joints subjected to axial loading; in-plane bending and out-of-plane 
bending are analysed, and the influencing parameters β, γ, τ, θ, a/t0 and c/a on the SIFs of a 3D surface crack are 
investigated in this study. The SIFs at the deepest point of a 3D surface crack are also determined using an indirect 
method incorporated in BS7910. It is found that the later underestimates the SIFs by as much as -36.9% under axial 
load for crack located at the crown and -32.9% under out-of-plane bending for crack located at the saddle, 
respectively. Hence, the indirect method is found to be unsafe in estimating the SIFs of a 3D surface crack in CHS 
T/Y-joints under certain loading conditions and crack location. 
 
Keywords: Finite element analysis, Mesh generation, 3D Surface crack, Stress intensity factor, Tubular T/Y-joint 
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1.  INTRODUCTION 
 
Stress intensity factor (SIF) is an important fracture parameter frequently used to estimate the 
fatigue life and to predict the fracture behaviour of a cracked component. As there are no analytical 
solutions available in the literature to determine the SIFs along the crack front of a 3D surface 
crack in a circular hollow section (CHS) joint, many researchers have to depend on the finite 
element (FE) method. The accuracy and convergence of the computed SIFs are influenced very 
much on the mesh quality of the generated FE mesh models particularly along the crack front and 
near the crack ends. It has a significant impact on the accuracy of the SIFs. For crack tips further 
away from the crack ends where the crack front intersects with the weld toe, SIFs can be 
determined accurately using J-integral and displacement extrapolation methods under the square 
root singularity assumption (Shivakumar and Raju [1], Madia et al. [2]). However, this is not the 
case for SIFs at the crack ends due to boundary layer effect. More evidence indicates that square 
root singularity assumption is not valid at the crack ends of a surface crack (Hutař and Náhlík [3], 
Heyder et al. [4]). Hence, both J-integral and displacement extrapolation methods cannot produce 
accurate SIFs exactly at the crack ends of a surface crack. The singularity at the crack ends of a 
surface crack is still being investigated by researchers (Madia et al. [2], Hutař and Náhlík [3], 
Heyder et al. [4]). Therefore, this study focus only on the calculation of SIFs at the crack tips 
farther away from the crack ends. 
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For the past decades, many researchers had developed their special purpose automatic FE mesh 
generators (Huang and Hancock [5], Rhee [6], Bowness and Lee [7, 8], Cao et al. [9], Lie et al. [10], 
Chiew et al. [11]) as it is a daunting task to manually create the mesh models of the 3D surface 
crack in any CHS joint. Among of these researchers, Bowness and Lee [7, 8], Lie et al. [10] and 
Chiew et al. [11] had carried out extensive analyses on the SIFs of CHS T/Y-joints taking 
advantage of their own mesh generators. However, due to the limitations of their mesh generators, 
all the works done so far focus only on cracked CHS T-joints subjected to axial loading, and there 
are no published reports on SIFs of cracked CHS T/Y-joints subjected to in-plane bending and 
out-of-plane bending.  
 
In addition to FE analyses, some researchers had carried out experimental tests on full-scale 
specimens to determine the SIFs of cracked CHS T-joints. Peter [12] carried out fatigue tests on 
high strength steel CHS T-joints under different axial loading. The crack propagation was 
monitored by the alternating current potential drop (ACPD) technique, and the SIFs at the deepest 
point were derived in conjunction with the Paris’ crack propagation law. Shao and Lie [13] carried 
out similar fatigue tests on two full-scale CHS K-joints subjected to balanced axial loading and 
derived the SIFs using the same approach. In practice, it is very costly and time-consuming to carry 
out such large scale fatigue tests. Hence, it is not feasible to carry out extensive experimental tests 
to study the SIFs of cracked CHS T/Y-joints subjected to different loading cases. 
 
Apart from numerical method and experimental test, there is an alternative method called the 
indirect method which can be used to calculate SIFs in a CHS joint. This indirect method has been 
incorporated in BS7910 [14], and it is based on a central cracked flat plate model subjected to 
tension and bending loading. The SIFs of a surface crack are calculated first by using the 
well-established Newman-Raju [15, 16] equation. Then, by incorporating the effects of the weld 
profile, local hot spot stress and local degree of bending (Lee and Bowness [17]), the flat plate 
model can be used to estimate the SIFs of any cracked CHS T/Y-joint containing a surface crack. 
Lie et al. [18] had applied it to CHS K-joints subjected to balanced axial loads, and found that it 
overestimates the SIFs by as much as 190.4% at the crack deepest point. This indirect method has 
not been tested extensively on CHS T/Y-joints subjected to in-plane bending and out-of-plane 
bending. 
 
Hence, in this study, FE analysis is used to study the SIFs of cracked CHS T/Y-joints subjected 
under different loading conditions. A new FE mesh generator is developed to create the mesh 
models. Firstly, element types, mesh design of the surface crack front and mesh refinement schemes 
are presented. Secondly, the boundary conditions and loading types applied are introduced. Finally, 
mesh convergence test and verification of the FE mesh models are carried out. Subsequently, the 
SIFs of 246 cracked CHS T/Y-joints subjected to three basic loading are calculated. The influencing 
parameters β, γ, τ, θ, a/t0 and c/a on the shape factors (dimensionless stress intensity factor) are 
investigated. Finally, the accuracy of the shape factors estimated using the indirect method 
incorporated in BS7910 [14] is examined and compared with the SIFs calculated using the present 
FE mesh models.  
 
 
2.   GEOMETRY OF T/Y-JOINT 
 
Figure 1 shows the dimensionless parameters α, β, γ, τ, and θ of a CHS T/Y-joint subjected to three 
basic loading. If the angle θ is not equal to 90o, then the joint is considered as a Y-joint. It is 
common to group and denote such a T-joint and Y-joint as a T/Y-joint in practice. The range of 
geometries and crack shapes of the analyzed cracked CHS T/Y-joints are listed in Table 1. The 
chord thickness of all the cracked CHS T/Y-joints is 10 mm, and all the other parameters used to 
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define the joint can be derived from Figure 1. The surface crack is located at the weld toe on the 
chord side of the hot spot stress location, and its value is obtained using the SCF equations 
recommended in API-RP-2A [19]. The Young’s modulus and Poisson’s ratio are 210 GPa and 0.3, 
respectively 

 
Figure 1. Geometry and Notations of a CHS T/Y-joint Subjected to Three Basic Loading 

 
Table 1. Crack Shapes and Geometries of CHS T/Y-joints 

Group 1 2 3 
α 14 24 14 
β 0.3~0.8 0.8 0.3~0.8 
γ 8~26 8 8~ 26 
τ 0.4~1.0 0.6 0.4~1.0 
θ 300 ~900 300~900 300~ 900 

a/t0 0.2~0.8 0.2~0.8 0.2~0.8 
c/a 3~10 3 ~10 3~10 

Loading type Axial, OPB Axial IPB 
Crack location Saddle Crown Crown 

 
 
3.  FINITE ELEMENT MESH GENERATION 
 
In this section, FE mesh generation of cracked CHS T/Y-joints is introduced. Several important key 
points of the mesh generation are highlighted, including element types, mesh design of the surface 
crack front, and mesh refinement schemes. In addition, the double mapping approach used to 
generate FE mesh models of cracked CHS T/Y-joints is also briefly introduced in this section.  
 
3.1  Element Selection  
 
There are two types of solid elements, i.e. 20-nodes hexahedron and 15-nodes collapsed prism 
elements are used and shown in Figure 2. For the 15-nodes collapsed prism element, the middle 
nodes at element edges intersecting with the crack front are moved to the quarter position to 
produce the square root singularity. The collapsed prism elements are only used along the surface 
crack front.   
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Figure 2. Solid Elements Used in FE Mesh Models 
 
3.2  Mesh Generation 
 
The surface crack block containing the crack front is generated by double mapping a 2D plain 
surface crack as shown in Figure 3. It can be seen that the zone is divided into three parts, including 
Part A, Part B and Crack Tube where the crack front is located. 
 

 
 

Figure 3. Mesh Design of the 2D Surface Crack Block in a Central Cracked Plain Plate 
 
Figure 4 shows the internal mesh design by cutting a cross-section through the Crack Tube at the 
crack tip. It can be seen that 16 elements surrounding the crack tips are used, and they share a node 
at the crack tip. For this case, the number of element rings enclosing the crack tips is 4. In the new 
mesh generator, the number of element rings is set as a variable so that it is easy to refine the mesh 
along the crack front and check the path independence of the J-integral. Figure 4 indicates the 
dimensions of the cutting cross-section of the Crack Tube. 
 

20-nodes hexahedron element 

Crack front 

15-nodes collapsed prism element 

Crack Tube 

Part A 

Part B 
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Figure 4. Mesh Design of Cutting Cross-section of Crack Tube at Crack Tip 

 
The mesh model of the Crack Tube is created using a sweep technique. Firstly, the Crack Tube is 
cut into sufficient segments along the crack front and the cutting cross-sections are set 
perpendicular to the tangent along the crack front at the cutting points. Then, nodes are inserted on 
the cutting cross-sections, creating elements of the Crack Tube simultaneously.  By sweeping the 
cutting cross-section shown in Figure 4 along the surface crack front, 3D-coordinates of nodes are 
determined. Finally, dimensions of certain cutting cross-sections are reduced to form transition 
elements (Figures 5 and 6). The mesh generation of Part A and Part B are quite straightforward and 
will not be discussed herein.  
 
After the surface crack block shown in Figure 3 is generated, FE mesh model of a cracked T-butt 
joint can be produced by adding a vertical attachment and the fillet weld on a central cracked plain 
plate. Subsequently, the chord-brace intersection zone can be created using the double mapping 
approach shown in Figure 7. After all the mesh models of the other sub-zones are completed, they 
are merged with the chord-brace intersection zone to form the completed FE mesh model of a 
cracked CHS T/Y-joint. The detailed derivation of coordinate transformation can be found in Ref. 
[20]. Figure 8 shows a typical completed mesh model of such a cracked CHS T/Y-joint for θ=60 o. 
 

 
 
 

Figure 5. Mesh Design of Crack Tube Created Using a Sweep Process 
 
 

Wcra

Hcra 

Basic cutting cross-section 

Reduced cutting cross-section 
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Figure 6. Transition Elements of Crack Tube Through Thickness Direction 
 

 

 
 

Figure 7. Double Mapping a T-butt to Form Chord-brace Intersection Zone 
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Figure 8. Completed Mesh Model of a Cracked CHS T/Y-joint (θ=60o) 

 
3.3  Mesh Refinement Schemes 
 
In order to improve the accuracy of the SIF results, two types of mesh refinement schemes are 
adopted in the new mesh generator. The first type is used to refine the local mesh of the Crack Tube. 
Element rings enclosing the crack front and the number of divisions (number of cutting 
cross-sections) along the crack front are set as two variables so that it is easy to refine the mesh of 
the Crack Tube. The second type is used to refine the global mesh of the entire chord. Number of 
divisions along the chord-brace intersecting curve is set as a variable. It has been validated that a 
minimum of 40 divisions along the chord-brace intersecting curve is sufficient to capture the stress 
distribution at the chord-brace intersection zone of a typical CHS joint (Chiew et al. [11], Shao and 
Lie [13]). In practice, the crack depth and length of a surface crack can vary widely. If the crack 
depth is relatively shallow such as a/t0 = 0.2, the dimensions of the Crack Tube, Wcra and Hcra 
indicated in Figure 4 must be sufficiently small so as to avoid affecting the mesh of Part B of the 
surface crack block. For shallower surface crack, the mesh transition between the Crack Tube and 
Part A is critical as element size of Part A is significantly larger than elements of the Crack Tube. 
This may bring uncertain effect on the accuracy of the SIF results. In order to smooth the mesh 
transition between the Crack Tube and Part A, a novel mesh refinement scheme is designed to 
increase the element layers at Part A. Figure 9 shows one application of such mesh refinement 
scheme with 4 element layers at Part A. Simultaneously, number of element layers of the entire 
chord along its thickness direction is increased to 4 so that the global mesh of the chord is refined. 
The number of element layers at Part A is also set as a variable in the new mesh generator. 
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Figure 9. Mesh Refinement Scheme at Part A 

 
 
4.   BOUNDARY CONDITION AND LOADING 
 
In this section, the boundary conditions of a cracked CHS T/Y-joint and the three types of loading 
applied are introduced and their magnitudes are defined accordingly. 
 
4.1  Boundary Conditions 
 
By examining previous research works (Huang and Hancock [5], Rhee [6], Bowness and Lee [7, 8], 
Cao et al. [9], Lie et al. [10], Chiew et al. [11]), it is found that all nodes at two ends of the chord 
are generally fixed in FE analysis. This type of boundary condition is reasonable as both ends of the 
chord are connected with adjacent members in practice. Therefore, in this study, fixed boundary 
conditions are used throughout in the FE analyses as shown in Figure 10.  

Figure 10. Boundary Conditions of Cracked CHS T/Y-joints 
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4.2  Applied Loading 
 
The general form of the SIF of a cracked CHS joint can be expressed as 
 

n( ) K Y g a         (1) 

 
where Y(g) is the shape factor depending on the geometry of the CHS joint and the crack shape, σn 
is the nominal stress and a is the crack depth. For CHS joints subjected to axial loading, the 
nominal stress is defined as 
 

  n 22
1 1 1
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2

P
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                (2) 

 
For CHS joints subjected to in-plane bending, the nominal stress is defined as 
 

  
1 i

n 44
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32
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                (3) 

 
For CHS joints subjected to out-of-plane bending, the nominal stress is defined as 
 

  
1 o

n 44
1 1 1

32

2

d M

d d t
 

    

                (4) 

 
In this study, the nominal stress is fixed as 1 MPa for all the cracked CHS T/Y-joints. The 
magnitudes of the axial loading, P, in-plane bending, Mi and out-of-plane bending, Mo can be 
derived using Eqs. 2-4, respectively.   
 
 
5.   CALIBRATION OF FE MESH MODELS 
 
The accuracy and convergence of the generated FE mesh models are verified in this section. Firstly, 
the SIFs of four cracked nozzles are compared with results from mesh models generated using a 
well-known commercial software called FEACrack™ [21]. After that, mesh convergence test is 
carried out. Finally, SIFs of five cracked CHS T-joints are compared with the experimental and 
numerical results reported by other researchers.  
 
5.1  Comparison with FEACrack™ Mesh Model 
 
There are very few published SIF data of cracked CHS T/Y-joints available in the literature. Most 
of them were published many years ago, and they were based on coarse mesh models at that time. 
In this sub-section, SIFs of 4 cracked nozzles generated by the new mesh generator are compared 
with results from FE mesh models produced by FEACrack™ [21] software. The dimensions of 4 
cracked nozzles are listed in Table 2. The geometry of the nozzle is very close to the CHS T/Y-joint 
where the inner part of the chord at the chord-brace zone is removed. Figures 11(a), (b) and (c) 
compare the details of the FE mesh models generated by the new mesh generator and FEACrack™ 
[21] software. It can be seen that the mesh at the crack tip is three times more refined for mesh 
model generated by FEACrack™ [21] software, and 8 element rings are used at the crack front. For 
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mesh models generated by FEACrack™ [21] software, there are a total of 64160 elements and 
332150 nodes; whereas for the mesh models generated by the new mesh generator, there are only 
26102 elements and 119452 nodes. 
 

Table 2. Dimensions and Surface Crack Sizes of Cracked Nozzles 

Dimensions 
d0 (mm) d1 (mm) t0 (mm) t1 (mm) l0 (mm) l1 (mm) 

360 108 10 10 2520 800 
Surface crack 1st 2nd 3rd 4th — — 

a (mm) 2 4 6 8 — — 
2c (mm) 32 64 128 256 — — 

 
 

 
 

(a) A Half Mesh Model of a Cracked Nozzle Generated by FEACrack™ [21] 
 

 
 

(b) Mesh Details at Crack Tips of mesh Models Generated by FEACrack™ [21] 
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(c) Mesh Details at the Crack Tips of Mesh Models Generated by New Mesh Generator 
 

Figure 11. Comparison of FE Mesh Models of a Cracked Nozzle Generated by  
FEACrack™ [21] Software and New Mesh Generator 

 
Figures 12 compares the shape factors at the deepest point and crack ends of the four cracked 
nozzles subjected to axial loading and out-of-plane bending. In Figure 12, D and E denote the shape 
factors at the deepest point and crack ends, respectively. It can be seen that shape factors obtained 
from FE mesh models generated by the new mesh generator agree well with results obtained from 
those created by FEACrack™ [21] software. However, it is important to recognize that it does not 
guarantee the accuracy of the SIFs for shallower surface crack as the effect of element layers at Part 
A has not been investigated. 
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Figure 12. Comparison of Shape Factors Y(g) of Cracked Nozzles 
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5.2  Mesh Convergence Test 
 
In this sub-section, mesh convergence test of the FE mesh models is carried out on two aspects, 
which are the effect of element layers of Part A in the surface crack block and element rings 
enclosing the crack front. Figures 13(a) and (b) show the effect of element layers of Part A on the 
distribution of shape factors along the entire crack front. It is found that for cracked CHS T/Y-joints 
with a/t0 ≤ 0.5, at least 2 element layers must be designed for Part A. For cracked CHS T/Y-joints 
with 0.5 < a/t0 ≤ 0.8, 1 element layer designed for Part A is sufficient to produce accurate SIFs. The 
definition of ϕ is illustrated in Figure 14. In this study, 3 element layers for Part A are adopted as an 
optimum choice for cracked CHS T/Y-joints with a/t0 ≤ 0.5.  
 
Figure 15 show the effect of element rings enclosing the crack front on the distribution of the shape 
factors along the entire crack front. It can be seen that 3 element rings are sufficient to produce 
accurate shape factors at the crack tips further away from the crack ends. However, as mentioned in 
Refs. [21, 22], SIFs produced from the first element ring are generally not accurate and should be 
discarded. All SIF values are derived from the J-integral in ABAQUS [22] software. In order to 
check the path independence of the J-integral, 4 element rings enclosing the crack front are adopted 
in this study.  
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(a) α=14, β=0.5, γ=18, τ=0.6, θ=60o, a/t0=0.2, c/a=8, Axial Loading 
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(b) α=14, β=0.5, γ=18, τ=0.6, θ=60o, a/t0=0.5, c/a=8, Axial Loading 

Figure 13. Effect of Element Layers at Part A of Surface Crack Block 
 
 
 

 
Figure 14. Definition of Crack Front Angle ϕ 
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Figure 15. Effect of Element Rings Enclosing Crack Front on Y(g) 
(α=14, β=0.5, γ=18, τ=0.6, θ=60o, a/t0=0.5, c/a=8, Axial Loading) 

 
5.3  SIFs Derived from Experimental Results 
 
The SIFs data reported by Ritchie and Hujskens [23] is widely used by researchers to validate their 
own FE models of cracked CHS T/Y-joints. Ritchie and Hujskens [23] carried out fatigue test on a 
CHS T-joint subjected to axial loading and estimated the SIFs at the deepest point located at the 
saddle. Table 3 lists the dimensions of the cracked CHS T-joints and the crack shapes used for 
calibration purposes. Figure 16 shows the comparison of the shape factors obtained in this study 
and results reported by other researchers (Bowness and Lee [7, 8], Ritchie and Huijskens [23], Shen 
and Choo [24]). It can be seen that the differences among these curves remain rather large. The 
difference may be caused by two facts. Firstly, the SIFs estimated from experimental test shown in 
Figure 16 are the average value of 5 curves reported in Ref. [23]. In fact, Ritchie and Hujskens [23] 
only estimated the range of the SIFs at the deepest points of 5 cracked CHS T-joints rather than 
provided actual SIF results. Therefore, the difference between the SIFs obtained in this study and 
the average SIFs shown in Figure 16 is quite acceptable as the average SIF curve does not represent 
the accurate one. Secondly, the FE mesh models generated by Bowness and Lee [7-8] are very 
coarse at that time. Therefore, their mesh models may not be dense enough to produce accurate SIF 
values. It can be seen that shape factors obtained by Shen and Choo [24] agree quiet well with the 
results obtained in this study. This is expected because FE mesh models generated by Shen and 
Choo [24] are created based on the cracked nozzle of FEACrackTM [19] software where the mesh 
quality of their mesh models is very high. 
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Table 3. Dimensions and Surface Crack Sizes of Cracked CHS T/Y-joints 

Dimensions 
d0 (mm) d1 (mm) t0 (mm) t1 (mm) l0 (mm) l1 (mm) 

914 457 32 16 3900 1250 
Surface crack 1st 2nd 3rd 4th 5th — 

a (mm) 6.5 11.2 14.3 18.0 24.2 — 
2c (mm) 30.2 60.9 91.0 123.3 202.2 — 
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Figure 16. Comparison of the Shape Factors at Deepest Point  

 
 
6.   STRESS INTENSITY FACTORS OF CHS T/Y-JOINTS 
 
A total of 246 cracked CHS T/Y-joints subjected to axial loading, in-plane bending and out-of-plane 
bending are analyzed, and the corresponding SIFs are calculated along the crack front. The 
objective of carrying such analyses is to investigate the effects of β, γ, τ, θ, a/t0 and c/a parameters 
on the SIFs. Although the surface crack present in CHS T/Y-joints is a mixed mode one, KI is still 
the dominant one as values of KII and KIII are much smaller as compared to KI [6-8]. Therefore, only 
KI values are converted to shape factor Y(g) and presented in this section. 
 
6.1  Effect of Geometrical Parameters 
 
Figures 17(a) and (b) show the effect of β on Y(g). It can be seen that Y(g) increases as β increases 
from 0.3 to 0.5. Thereafter, Y(g) decreases when β is further increased to 0.8. This indicates a 
non-linear relationship between β and Y(g). Figures 18(a) and (b) show the effect of γ on Y(g) 
values. It can be seen that the relationship between Y(g) and γ is directly proportional. Figures 19(a) 
and (b) show the effect of τ on Y(g) values. The relationship between Y(g) and τ is also almost 
linear. Figure 20 shows the effect of θ on Y(g) values of cracked CHS T/Y-joints subjected to axial 
loading. As the angle θ increases from 30° to 90°, Y(g) increases gradually, and the maximum value 
Y(g) occurs in the CHS T-joint rather than at Y-joint under the same loading condition. For a 
particular parameter, only one type of loading case is presented. However, similar trend is also 
observed for the other two loading cases. 
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It is found that the geometrical parameters β, γ, τ, θ have the same effect on the hot spot stress of 
CHS T/Y-joints. For instance, the hot spot stress of CHS T/Y-joints subjected to axial loading 
increases as β increases from 0.3 to 0.5. Thereafter, the hot spot stress decreases when β is further 
increased to 0.8. It shows that SIFs of cracked CHS T/Y-joints are significantly influenced by the 
severity of the stress concentration at the chord-brace intersection region. 
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(a) α=14, γ=18, τ=0.6, θ=60o, a/t0=0.2, c/a=8, Axial Loading 

0.0 0.2 0.4 0.6 0.8 1.0
0

2

4

6

8

10
 =0.3  =0.4  =0.5 
 =0.6  =0.7  =0.8

/

Y(
g)

 
(b) α=14, γ=18, τ=0.6, θ=60o, a/t0=0.6, c/a=6, Axial Loading 

 
Figure 17. Effect of β on KI of Cracked CHS T/Y-joints 
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(a) α=14, β=0.5, τ=0.6, θ=60o, a/t0=0.2, c/a=8, In-plane Bending 
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(b) α=14, β=0.5, τ=0.6, θ=60o, a/t0=0.6, c/a=6, In-plane Bending 

 
Figure 18. Effect of γ on KI of Cracked CHS T/Y-joints  
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(a) α=14, β=0.5, γ=18, θ=60o, a/t0=0.2, c/a=10, Out-of-plane Bending 
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(b) α=14, β=0.5, γ=18, θ=60o, a/t0=0.6, c/a=6, Out-of-plane Bending 

 
Figure 19. Effect of τ on KI of Cracked CHS T/Y-joints 
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Figure 20.  Effect of θ on KI of Cracked CHS T/Y-joints subjected to Axial Loading 
(α=14, β=0.5, γ=18, τ=0.6, a/t0=0.6, c/a=10) 

 
6.2  Effect of Crack Shapes 
 
Figures 21(a) and (b) show the effect of crack depth a/t0 on Y(g) values for CHS T/Y-joints 
subjected to axial loading. It can be seen that the distributions of Y(g) values are completely 
different for a crack located at the saddle or at the crown. When the crack is located at the saddle, 
Y(g) at the deepest point increases gradually as the crack depth increases, and after the maximum 
value is reached, it decreases even if the crack depth increases further. For a cracked CHS T/Y-joint 
with a crack located at the crown, the distributions of Y(g) values increase as the crack depth 
increases at the deepest point. A similar finding is observed for cracked CHS T/Y-joints subjected 
to in-plane bending and out-of-plane bending cases. 
 
Figure 22 shows the effect of the crack length c/a on Y(g) values for CHS T/Y-joints subjected to 
axial loading. It can be seen that the distributions of Y(g) values are the same for a crack located at 
the saddle or at the crown. The peak value of Y(g) along the surface crack front tends to shift from 
the crack ends to the deepest point as the crack length increases. This is particularly true for a CHS 
T/Y-joint containing a surface crack located at the saddle. Moreover, there exists a non-linear 
relationship between Y(g) and c/a. A similar finding is observed for cracked CHS T/Y-joints 
subjected to in-plane bending and out-of-plane bending cases. 
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(a) α=14, β=0.5, γ=18, τ=0.6, θ=60o, c/a=8, Crack at the Saddle 
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(b) α=14, β=0.5, γ=8, τ=0.6, θ=60o, c/a=8, Crack at the Crown 

 
Figure 21. Effect of a/t0 on KI of Cracked CHS T/Y-joints Subjected to Axial Loading 
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Figure 22. Effect of c/a on KI of Cracked CHS T/Y-joints Subjected to Axial Loading 

(α=14, β=0.5, γ=18, τ=0.6, θ=60o, a/t0=0.4) 
 
 
7.   ESTIMATION OF SIFS USING BS7910 (2005) INDIRECT METHOD 
 
The indirect method used to estimate the SIF of a cracked CHS T/Y-join is expressed as 
 

km m kb b n( SCF  (1 DOB) SCF DOB) K M M M M a            (5) 

 
where a is the crack depth, Mkm and Mkb are the weld toe magnification factors, and Mm and Mb are 
the plain plate shape factors. The subscripts m and b denote membrane and bending load 
respectively. SCF is the stress concentration factor and DOB is the degree of bending at the 
would-be location of the crack. σn is the nominal stress in the reference brace of the joint. As DOB, 
SCF and σn are all obtained from uncracked CHS joints, and Mkj, Mj (j=m, b) can be calculated 
from parametric equations, it is clear that Eq. 5 is a very convenient approach for estimating the 
SIFs of any cracked CHS joint because it avoids the complexity of generating the mesh models of 
the surface crack.  
 
In this section, the degree of bending (DOB) [25] recommended in BS7910 [14] is adopted, 
whereas SCF equations for CHS T/Y-joints subjected to three basic loading incorporated in 
API-RP-2A [19] are used. Equations of Mkj and Mj (j=m, b) can be found in BS7910 [14]. Figures 
23 to 25 show the differences of shape factors at the deepest point for all the loading cases. The 
percentage differences are found ranging from -36.9% to 77.6% for axial loading; 13.1% to 68.9% 
for in-plane bending; and -32.9% to 37.9% for out-of-plane bending cases. It can be seen that the 
indirect method underestimates the SIFs of a crack located at the crown and at the saddle for the 
axial loading and out-of-plane bending, respectively. Hence, Eq. 5 should be used with caution.  
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Figure 23. Comparison of Shape Factors of Cracked CHS T/Y-joints Subjected to Axial Loading 
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Figure 24. Comparison of Shape Factors of Cracked CHS T/Y-joints Subjected to In-plane Bending 
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Figure 25. Comparison of Shape Factors of Cracked CHS T/Y-joints  

Subjected to Out-of-plane Bending 
 
 
8.   CONCLUSIONS 
 
In this study, a new mesh generator is developed to produce high quality FE mesh models of 
cracked CHS T/Y-joints containing a surface crack. Extensive tests are carried out to calibrate the 
accuracy and convergence of the designed FE mesh models. It is found that number of element 
rings enclosing the crack front has a minor impact on the SIFs at crack tips further away from two 
crack ends. In order to check the path independence of J-integral, 4 element rings enclosing the 
crack front is found to be an optimum choice. For cracked CHS T/Y-joints containing shallow 
surface crack, element size in the remaining part ahead of the Crack Tube has a significant effect on 
SIFs and it should be sufficiently fine. A novel mesh refinement scheme is developed to increase 
element layers in the region ahead of the Crack Tube so as to optimize the transition mesh in this 
region. It is found that 3 element layers in the remaining part ahead of the Crack Tube are sufficient 
to produce accurate SIFs for the cracked CHS T/Y-joints.  
 
The new mesh generator is then used to calculate the SIFs of 246 cracked CHS T/Y-joints subjected 
to axial loading, in-plane bending and out-of-plane bending. The SIFs at the deepest points are also 
estimated using the indirect method incorporated in BS7910 [14]. It is found that it does not always 
produce conservative results. For the axial loading, the percentage difference of the SIFs ranges 
from 1.3% to 77.6% for crack located at the saddle; and -27.5% to -36.9% for crack located at the 
crown. Therefore, the indirect method has consistently underestimated the SIFs when the crack is 
located at the crown location. This may due to the fact that parameters used in the indirect method 
such as the SCF and the DOB obtained are based on FE models where the hot spot stress is always 
located at the saddle position. For the in-plane bending and out-of-plane bending cases, the 
percentage difference of the SIFs ranges from 13.1% to 68.9% and -32.9% to 37.9% respectively. 
Hence, the indirect method should be used with caution as it is not always conservative for every 
case. 
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NOMENCLATURES 
 
a      crack depth 
c   half crack length 
DOB degree of bending 
d0 chord diameter 
d1 brace diameter 
Hcra height of cutting cross-section of the Crack Tube 
K general form of stress intensity factor 
KI Mode-I stress intensity factor 
KII Mode-II stress intensity factor 
KIII Mode-III stress intensity factor 
l0 chord length 
l1 brace length 
Mkm, Mkb weld toe magnification factors due to membrane and bending stresses 
Mm, Mb plain plate shape factor for tension and bending 
SCF stress concentration factor 
t0 thickness of the chord of nozzle and CHS T/Y-joint 
t1 thickness of the brace of nozzle and CHS T/Y-joint 
Wcra width of cutting cross-section of the Crack Tube 
YEQ shape factor calculated from Eq. 5 
YFE shape factor determined from FE analysis 
Y(g) general form of shape factor 
α a ratio of 2l0/d0 
β a ratio of d1/d0 
γ a ratio of d0/2t0 
θ intersecting angle between brace and chord 
σn nominal stress  
τ a ratio of t1/t0 
 crack front angle 
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ABSTRACT: The responses of composite buildings under wind loads clearly become more critical as the building 
becomes taller, less stiff and more lightweight.  When the composite building increases in height, the stiffness of the 
structure becomes more important factor and introduction to belt truss and outrigger system is often used to provide 
sufficient lateral stiffness to the structure. Most of the research works to date is limited to reinforced concrete 
building with outrigger system of concrete structure, simple building plan layout, single height of a building, one 
direction wind and single level of outrigger arrangement.  There is a scarcity in research works about the effective 
position of outrigger level on composite buildings under lateral wind loadings when the building plan layout, height 
and outrigger arrangement are varied.  The aim of this paper is to determine the optimum location of steel belt and 
outrigger systems by using different arrangement of single and double level outrigger for different size, shape and 
height of composite building. In this study a comprehensive finite element modelling of composite building 
prototypes is carried out, with three different layouts (Rectangular, Octagonal and L shaped) and for three different 
storey (28, 42 and 57-storey). Models are analysed for dynamic cyclonic wind loads with various combination of 
steel belt and outrigger bracings. It is concluded that the effectiveness of the single and double level steel belt and 
outrigger bracing are varied based on their positions for different size, shape and height of composite building. 
 
Keywords: Steel structure, Lateral deflection, Outriggers, Composite building, Multi-storey, Wind load 
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1. INTRODUCTION 
 
Tall composite building constructions have been rapidly increasing worldwide because of their 
lightweight and speed of construction. The design of tall structure is usually governed by the lateral 
loads imposed on the structure. As building gets taller, the structural engineers have been 
increasingly challenged to achieve structural safety under lateral wind load. The belt and outrigger 
bracings are commonly used for wind dominated area as one of the structural systems to determine 
structural safety due to lateral wind load. 
 
Outriggers have been used for approximately four decades although their existence as a structural 
member has a much longer history. Academic research has limited amount of material on overall 
performance of composite buildings with steel bracings, however; appreciable amount of literature 
is present on reinforced concrete, steel structures and very limited on composite structures such as; 
Nanduri et al [1] used 30 story reinforced concrete building to study the behavior of outrigger, 
outrigger location optimization and the efficiency of each outrigger when three outriggers are used in 
the structure. For 30-storey model, the optimum location of the outrigger system is proven to be at the 
middle height of the structure from the base. 
 
Chung 2010 [2] used reinforced concrete construction with two outrigger-braced core-to-columns 
building model with height of 300m and 36m x 36m horizontal floor dimensions. His work 
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principally provided a preliminary guide to assess the performance of outrigger braced system by 
estimating the restraining moments at the outrigger locations, core base bending moment, the total 
building deflection, along-wind and crosswind acceleration of a tall building. His study shows that 
the best location of the outriggers is somewhere at equal distance of the height of the structure from 
the base. 
 
Kian and Siahaan [3] extrapolated the efficiency of belt-truss and outriggers in concrete high-rise 
buildings subjected to wind and earthquake loadings. Authors used two dimensional 40- storey 
model for wind and three dimensional 60-storey model for seismic load analysis. They came up with 
the optimum location of belt-truss and outriggers with 65% and 18% lateral deflection reduction for 
wind and earthquake loadings respectively.  
 
Hoenderkamp and Bakker [4] presented a graphical method of analysis for tall building frame 
braced with outriggers and subjected to uniform lateral loadings. Authors have used steel structures 
for their two dimensional model. They have concluded that behaviour of steel braced frame with 
outriggers was similar to concrete wall with outriggers beams and  further suggested that 
horizontal deflection and bending moments were influenced by stiffness and therefore; it should be 
included in the preliminary design of tall structures. 
 
Hoenderkamp [5] derived an analytical method for preliminary design of outrigger braced high-rise 
shear walls subjected to horizontal loading. He used a two dimensional analytical model of shear 
wall with outriggers at two levels, one outrigger has a fixed location up the height of the structure, 
while the second was placed at various location along the model height. He has provided 
comparison of deflection reduction for a 29-storey model with few combination of two outriggers 
floors and concluded that the optimum location of the second outrigger was at 0·577 of the height 
of the building when the first one was placed at the top of the building. 
 
Lee et al [6] focused on deriving the equations for wall-frame structures with outriggers under 
lateral loads in which the whole structure was idealized as a shear-flexural cantilever and effects of 
shear deformation of the shear wall and flexural deformation of the frame were considered. Authors 
have verified the equation by considering the concrete wall-frame building structure under uniform 
wind loading. Conclusions highlighted that consideration of shear deformations of walls and 
flexural deformations of frame in analytical formula gave sufficiently accurate results. 
 
Lee et al [7] used wall frame tall building for octagonal plan building in their study. Authors 
developed simplified model to calculate average stiffness and determined the global behaviour of 
the buildings. 
 
Taranath [8, 9] documented different composite systems, different varieties of composite building 
and different varieties of lateral reistance system available in the world for composite building. 
 
Rahgozar and Sharifi [10] presented mathematical model for calculation of stresses in columns of 
combined framed tube, shear core and belt-truss system. He applied his mathematical models to 30, 
40 and 50 storey buildings and compared the results with SAP 2000 software for its applicability. 
He concluded with the best outrigger location at 1/4th and 1/6th of the model height. His study was 
based on pure numerical models and he did not use the actual properties of materials.  
 
In today’s tall building engineering, it is a rare event indeed, to come across a building that is 
regular in plan [8]. Structural engineers are more interested for varieties of plan layout for tall 
composite building. Moreover it is not difficult to adopt an analytical model based on literature [4, 
5 and 6] to obtain the drift and the natural frequencies of the buildings with less efforts for 98 m 
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height but it is not wise to use available analytical model when building height gets bigger. All of 
the above researches do not consider a comprehensive study of composite building of dissimilar 
plan layouts of varied heights with different combinations of belt-truss and outriggers under wind 
dominated area. Different combination of lateral load resisting system i.e. single floor or double 
floor bracings, with varied plan layouts and assorted heights would results differently.  
 
Therefore; the aim of this paper is to study the behaviour of multi-storey composite buildings when 
subjected to cyclonic wind loads, calculated in Australian standards domain. Conclusion will be 
determined by using frequency and deflection results. The assumption of this study is frequency level 
considered below 1 Hz. As the study is purely based under wind load authors ignored the effects from 
vibration and damping.  P-D effect which should be unimportant in serviceability limit state also 
ignored in this study. 
 
A detailed parametric study has been carried out by varying heights (98m, 147m and 199.5m), plans 
(Rectangular, Octagonal and L-shaped) and number and placement of lateral bracings for 
commonly used composite building structures in Australia. 
 
 
2. PARAMETERS OF STUDY 
 
The choice of parameters integrated many factors based on aim and objectives of this paper. These 
include using of locally available construction material, commonly occurring building types and 
consideration of local general practices. Hence following parameters are selected for this study; 
 Model heights; 
 Model plan layout;  
 Belt-truss and outriggers variations. 
 
2.1 Models Heights Selection  
 
The following building heights are selected based on the below considerations: 
 The maximum allowable height for the applicability of Australian Standards AS1170.2 [11] 

is 200 m. Therefore; 57-storey (199.5 m with 3.5 m floor to floor height) is  chosen to study 
the effects of wind and seismic loads on maximum given building elevation. 

 42-storey (147.0 m) is most common type of multi-storey rise within the Australian urban 
environment. Many office and residential buildings are constructed around this height; hence 
this is an appropriate comparison with the 199.5 m tall model. 

 28-storey is nearly half the height of the 57 storey model, i.e. 98 m and is selected to establish 
a comparison and to find out the benefits (if any) of belt-truss and outriggers on such a low 
elevation.  

 
2.2 Layout Selection for Models 
 
The main object in layout selection is to allow maximum variation and maintain distinction. In all 
models, Z-axis represents the vertical axis, whereas; X-axis and Y-axis are planner axes. The plan        
layouts selected are; 
 
2.2.1  Rectangular shaped 
 
Rectangular model with plan dimensions of 30 m and 80 m (Figure 1 & Figure 2) is a common shape 
in Australia because land demarcation is usually rectangular in most of the local municipalities; 
therefore developers tend to go for this shape of structure. The layout has higher rigidity in one axis 
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and less in the other; hence it is relevant to study the lateral load effects and frequency modes of this 
plan layout.  
 

 
Figure 1. Direction of Wind Rectangular Plan 

 
 

 
Figure 2. Rectangular Model Elevation (Shear Wall and Full Model) 

 
2.2.2  Octagonal shape  
 
This has equal plane dimensions of 60 m in each direction (Figure 3 and Figure 4) and hence can 
represent circular and square buildings. However; in square shapes swirling effects can be produced 
by re-entrant corners. Australian standard AS1170.2 [11] takes account of these effects unless 
building exceeds the prescribed height and width. This layout is also popular for office building. 
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Figure 3. Direction of Wind on Octagonal Layout 

 

 
Figure 4. Octagonal Model Elevation (Shear Wall and Full Model) 

 
2.2.3  L-shaped model 
 
L-shaped model with plan dimensions of 60 m and 80 m is selected to study an extended layout with 
double core walls in both of its arms (Figure 5 & Figure 6). The effects of lateral loads on this model 
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are studied and compared with the other two less rigid models. The corner wall around the stair well 
and side walls are needed to stabilise the model and to achieve the desired frequency mode shapes. 
 

 
Figure 5. Direction of Wind on L-Shaped Layout 

 
Figure 6. L-Shaped Model Elevation (Shear Wall and Full Model) 
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2.3  Outriggers Provision in Models 
 
Belt-truss and outriggers are used as secondary bracings for lateral load resistance in conjunction 
with primary bracings of RCC shear walls. The main focus of this paper is to study the effects of 
various combinations of belt-truss and outriggers in composite building prototypes. 
 
Many shapes of truss system are available in the market; however, the crucial objective of this study 
is not the shape of the truss but its location along building height. Therefore, a commonly used 
system of cross-bracing is adopted. The position of outrigger used in this study are finalised through 
various model analysis and listed in Table 1.  These arrangements are kept same in Rectangular, 
Octagonal and L-shaped models.   
 

Table 1. Model Arrangements 

 Model Title Model arrangements 

R
ec

ta
n

gu
la

r,
 L

 s
ha

pe
d 

an
d 

O
ct

ag
on

al
 m

od
el

 

28- Storey  

28-1 Without outrigger 

28-2 Outriggers at top 

28-3 Outrigger at mid height 

42-storey 

42-1 Without outrigger 

42-2 Outrigger at top 

42-3 Outrigger at mid-height 

42-4 Outrigger at top and mid-height 

42-5 Double outrigger at top 

42-6 Double outrigger at mid-height 

57-storey 

57-1 Without outrigger 

57-2 Outrigger at top 

57-3 Outrigger at 2/3 height (level 38) 

57-4 Outrigger at mid-height (level 29) 

57-5 Outrigger at top and mid-height 

57-6 Outrigger at top, mid-height and 2/3rd height 
57-7 Double outrigger at top  

57-8 Double outrigger at mid-height 

57-9 Double outrigger at 2/3rd height 

57-10 Double outrigger at top and mid-height 

 
 
3.  FRAMING LAYOUT OF MODELS 
 
Models are framed within the applicability of Australian standards AS1170.2 [11] for the maximum 
height and horizontal dimensions to satisfy requirement of clause 1.1.  
Framing components of models consist of: 
 
a. Composite slab is 120 mm thick (overall) including 0.75 mm of corrugated steel sheeting 

[12]. The transformed properties of composite slab are calculated using Eq. 1 & 2. 
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Transformed Elastic Modulus of composite Section is given by Eq. 1 : 
 

(1)

 
Transformed Density of Composite Section is given by Eq. 2 : 
 

 (2)

 
b. Secondary beams are at 2.5 m c/c spacing and structural steel I-sections, selected from design 

capacity tables of Australian Steel Institute [13]. 
c. Primary beams are at 10.0 m c/c spacing and structural steel I-sections, selected from design 

capacity tables of Australian Steel Institute [13]. 
d. Composite columns are square shaped and placed at 10.0 m spacing, made up of RCC 

embedded with structural steel I-section selected from design capacity tables of Australian 
Steel Institute [13]. Columns are divided into two categories i.e. internal column with load 
catchment area of 100 m2 / floor and edge columns with load catchment area of 50 m2 / floor. 
Transformed properties of column are calculated using Eq. 1 & 2. 

e. Shear walls and core walls are provided as RCC walls and serve as primary bracings. 
Minimum thicknesses and locations of RCC walls are given to satisfy requirements of 
building code. Shear walls are the main contributor of models optimisation process. The 
thicknesses and locations of RCC walls are adjusted for each “run” and “re-run” of model to 
accomplish desired frequencies and vibrational mode shapes of prototypes. 

f. Belt-truss and outriggers are structural steel I-sections selected from design capacity tables of 
Australian Steel Institute [13] and provided as secondary bracings for lateral loads transfer to 
RCC shear walls. The varied location of belt-truss and outriggers (Table 1) in different 
models is the basis of this study.  

g. Construction type is “Simple Construction”, adopted from Australian standard AS 4100[14]. 
Moment releases are provided at “beam-to-beam” and “beam-to-column” connections 
(Figure 7). 

h. Fixed support is given to columns and RCC walls at the base of model (Figure 8). 
 

 
Figure 7. Beam End Releases (Partial Model) 
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Figure 8. Support at Base (Partial Model) 

 
 
4.  MODELLING VALIDATION 
 
The models are analysed by Strand7 R2.4.4 [15] finite element software. Robustness and accuracy of 
models are verified by comparing values of interior and exterior column reactions with the manually 
calculated loads. Further; the results of base shear along wind and cross wind are also compared with 
those evaluated manually to satisfy the reliability and accuracy of models. The validation summary is 
given for typical models in Table 2a, 2b and 2c which showed the difference of values calculated 
manually and through strand7 is within the general acceptable limits of 5% to 10%. 
 

Table 2. Model Validation 
 

Table 2 a: Summary of modelling validation for 57- Storey rectangular model (199.50 m) 
Items Manual 

Cals 
Strand7 Difference 

Exterior column load (kN) 11609 11816 1.866% 

Interior column load (kN) 24259 24379 0.544% 

Base shear – along-wind response (kN) 4398990 4282334 2.65% 

Base Shear - crosswind (kN) 3751029 3756480 0.15% 

 
Table 2b: Summary of modelling validation for 42- Storey L- Shaped model (147.0 m) 

Items Manual Cals Strand7 Difference 

Exterior column load (kN) 8315 8363 0.57% 

Interior column load (kN) 16929 16631 1.792% 

Base shear – along-wind response (kN) 2068261 2177840 5.30% 

Base Shear - crosswind (kN) 1983308 1824130 8.03% 
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Table 2c: Summary of modelling validation for 28- storey octagonal model (98.0 m) 
Items Manual Cals Strand7 Difference 

Exterior column load (kN) 5392 5192 3.7% 

Interior column load (kN) 9770 10008 2.44% 

Base shear – along-wind response (kN) 798422 733977 8.07% 

Base Shear - crosswind (kN) 634895 711264 10.73% 

 
 
5.  WIND ACTION FOR MODELS 
 
Wind actions on any structure or structural component can be “static” or “dynamic” as classified by 
Australian standard AS1170.2 [11].  The decision of type of actions to be applied on any structure or 
structural component depends on variables such as frequency, dimensions and site location [16, 17].  
 
Australian Standard AS1170.2 [11] recommended that any structure or structural component with 
frequency less than 1.0 Hz must be analysed and designed for dynamic wind loads. Models used in 
this study have frequencies below 1 Hz, therefore; dynamic wind loads are applied in FEM analysis. 
 
 
6.  APPLICATION OF WIND LOADS ON MODELS 
 
Wind action is considered as global phenomenon i.e. acting on overall structure because target is to 
examine the overall structural serviceability performance. Therefore; these forces are applied as 
“Global Pressure” in kN/m by selecting horizontal beam members on each level in Y-dir. and X-dir. 
for along-wind and crosswind pressure respectively (Figure 9, Figure 10 & Figure 11). 
 
 

 
Figure 9. Along-Wind Linear Force on Rectangular Model (Partial Model) 
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Figure 10. Along-Wind Linear Force on Octagonal Model (Partial Model) 

 
 

 
Figure 11. Along-Wind Linear Force on L-Shaped Model (Partial Model) 

 
 
7.  LOAD COMBINATION 
 
The load combination used is as per the guidelines of Australian Standard AS1170.1 [18] and is 
given in Eq. 3 : 

(3)

 
In the above equation G stands for gravitational loads whereas, Wy and Wx are wind in along wind 
and crosswind direction respectively.   
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8.  RESULTS AND COMPARISON 
 
Table 3, Table 4 and Table 5 are representing the values of frequency and deflections which are 
extracted from model analysis results. Along wind and cross wind acceleration calculation was not 
the scope of this research therefore neglected. But future researcher can assess the performance of 
the location of outrigger braced system by estimating acceleration of multistorey building.  
 

Table 3. Results for Rectangular Models 

Rectangular plan models 

Model 
title 

Frequency 
Deflection at top 

Mode 1 
(Y-dir) 

Mode 2 
(X-dir) X Y 

Hz Hz mm mm 

28-1 0.4253 0.4532 91 136 

28-2 0.4466 0.4702 81 122 

28-3 0.4492 0.4857 78 125 

42-1 0.2160 0.2466 316 480 

42-2 0.2314 0.2590 278 411 

42-3 0.2322 0.2677 269 419 

42-4 0.2456 0.2788 241 368 

42-5 0.2428 0.2687 252 369 

42-6 0.2475 0.2861 237 372 

57-1 0.1682 0.2071 344 624 

57-2 0.1745 0.2140 326 592 

57-3 0.1761 0.2184 318 591 

57-4 0.1751 0.2176 322 601 

57-5 0.1806 0.2240 299 556 

57-6 0.1863 0.2334 275 522 

57-7 0.1797 0.2206 303 554 

57-8 0.1812 0.2273 297 563 

57-9 0.1830 0.2287 290 547 

57-10 0.1905 0.2392 261 496 

 
 

Table 4. Results for Octagonal Model 
Octagonal plan  model 

Model 
title 

Frequency Deflection at top 
Mode 1 
(Y-dir) 

Mode 2 
(X-dir) X Y 

Hz Hz mm mm 

28-1 0.415875 0.486169 81 110 

28-2 0.415875 0.486169 81 110 

28-3 0.415875 0.486169 81 110 

42-1 0.199592 0.268083 309 496 

42-2 0.236321 0.278908 264 328 

42-3 0.254542 0.297667 260 305 

42-4 0.284011 0.307887 231 227 
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Octagonal plan  model 

Model 
title 

Frequency Deflection at top 
Mode 1 
(Y-dir) 

Mode 2 
(X-dir) X Y 

Hz Hz mm mm 

42-5 0.251109 0.284212 241 278 

42-6 0.285162 0.313097 233 243 

57-1 0.16054 0.25698 320 632 

57-2 0.17992 0.26406 290 481 

57-3 0.19174 0.26836 284 437 

57-4 0.1867 0.26629 293 475 

57-5 0.20284 0.27226 268 381 

57-6 0.22038 0.28032 248 316 

57-7 0.18935 0.2697 270 419 

57-8 0.20499 0.20499 272 393 

57-9 0.21042 0.27729 261 356 

57-10 0.22654 0.28414 237 295 

 
 

Table 5. Results for L-Shaped Model 
L-shaped plan model  

Model 
title 

Frequency Deflection at top 
Mode 1 
(Y-dir) 

Mode 2 
(X-dir) X Y 

Hz Hz mm mm 

28-1 0.52037 0.562095 37 82 

28-2 0.541861 0.585756 33 75 

28-3 0.549083 0.592318 33 76 

42-1 0.272314 0.293305 140 317 

42-2 0.288653 0.310919 120 284 

42-3 0.293108 0.316163 120 285 

42-4 0.306936 0.331709 106 260 

42-5 0.300782 0.324645 106 260 

42-6 0.314111 0.340426 104 256 

57-1 0.194008 0.208954 247 594 

57-2 0.204443 0.218722 218 538 

57-3 0.20871 0.222793 215 529 

57-4 0.205941 0.220009 222 544 

57-5 0.215409 0.229007 199 499 

57-6 0.226422 0.239875 180 462 

57-7 0.212267 0.226722 197 501 

57-8 0.216236 0.229961 204 506 

57-9 0.220845 0.23482 192 483 

57-10 0.231927 0.246057 168 441 
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8.1  Graphical Representation of Output  
 
8.1.1  28-storeys 
 
Deflections and frequencies of 28-storeys models are compared in Figure 12 and Figure 13. 

Fundamental Frequency of 28- Storeys Models 

 
 respectively. The straight line of octagonal model shows that insertions of outriggers have no effect 
on deflections. In octagonal model deflection in X-dir. is 80mm while in Y-dir. is 110 mm because of 
core wall layout contribution of rigidity is higher in X-dir. than in Y-dir.  
 
Graph is similar in L-shaped model for frequency and deflection with higher values in Y-dir. The 
deflection values are almost unchanged in 28-2 and 28-3 in X-dir. and Y-dir. frequency is also 
slightly varied in X-axis and Y-axis. 
 
Y-dir. in Rectangular model showed trivial reverse curve in deflection. This stipulates that outriggers 
at top provide better deflection control. 
 

 
Figure 12. Deflection Comparison of 28- Storeys Models 

 
 

 



           Optimum Position of Steel Outrigger System for High Rise Composite Buildings Subjected to Wind Loads           148 

 

Figure 13. Fundamental Frequency of 28- Storeys Models 
 
 
8.1.2  42-storey 
 
Six variations of 42-storey models with various arrangements of belt-truss and outriggers are 
compared in Figure 14 and Figure 15. In octagonal 42-4 model, curve reversed and moved toward 
right. Although; 42-2 and 42-5 have two outriggers levels but their arrangement effects on deflection. 
 
Rectangular model has reversed curvature between 42-2 and 42-3 which showed that outrigger at top 
is more effective than in middle. The values of deflection in X-dir. are very similar in Octagonal and 
Rectangular model whereas; L-shaped model has markedly less deflection. The planar X-dimension 
of Rectangular and L-shaped models is 80 m. But the shear wall contribution in L-shaped model is 
higher than in rectangular model. 
 
The frequency variation in octagonal model showed the outrigger affectivity. The 2nd mode 
frequency in all three plan options have reverse curve at 42-5. 42-4, 42-5 and 42-6 all have double 
outriggers with different arrangement. The least effective is double outrigger at top i.e. 42-5. 
Provision of mid-height outrigger has better effects due to the reversal of curvature at mid-height.  

 
 

Figure 14. Deflection Comparison of 42- Storeys Models. 
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Figure 15. Fundamental Frequency of 42- Storeys Models 

 
8.1.3  57-storeys 
Error! Reference source not found. shows deflection curve for 10 models of 57-storeys. Generally; 
a sharp decline in deflection is observed as one outrigger level is inserted at top floor. This trend 
continued up to 57-3 which has outriggers at 2/3rd height, however; graph reversed at 57-4 as the 
outrigger position has changed to mid-height of the model. Addition of outrigger at two positions i.e. 
at top and mid-height (57-5), again lead to decay of frequency.  
 
The options 57-5, 57-7, 57-8 and 57-9 all have two outrigger levels but minimum deflection is 
achieved in both axes of 57-9 which is double outrigger at 2/3rd height. The sharpest curve is for 
octagonal model as seen in Error! Reference source not found. and milder curve is of rectangular 
plan model. The strident increase of frequency by inserting three outrigger levels (i.e. 57-6) and then 
an abrupt descent in values by providing double outrigger at top (57-7) indicates that frequency is 
affected by placement of bracings. 

 
Figure 16. Deflection Comparison of 57- Storeys Models 
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Figure 17. Frequency Comparison of 57- Storeys Models 
 
8.2  Percentage Reductions in Deflection 
 
The relationship of percentage deflection decline in various models in comparison of model “without 
belt-truss and outriggers” is given by Eq. 4.  The values of lateral displacement decrement are 
provided in Table 6.  

 
(4) 

28-storey octagonal model is not affected by any of the outrigger arrangements. Rectangular model 
has least value in 28-2 while L-shaped has lowest value in 28-3. Rectangular and octagonal models 
have maximum reduction in deflection in 42-6 for X-axis and 42-4 for Y-axis. L-shaped model has 
maximum deflection reduction in 42-6 in both axes. In all 57-storeys maximum reduction of 
deflection is obtained in 57-10. 
 

Table 6. Percentage Reduction in Deflection 
% Reduction in deflection 

Model title 
Rectangular Octagonal L-shaped 

X Y X Y X Y 

28-1 0% 0% 0% 0% 0% 0% 

28-2 11.50% 10.20% 0% 0% 11.30% 8.70% 

28-3 15.10% 8.10% 0% 0% 10.60% 7.20% 

42-1 0% 0% 0% 0% 0% 0% 

42-2 12.10% 14.60% 14.80% 34.00% 14.20% 10.30% 

42-3 14.90% 12.80% 16.10% 38.60% 14.00% 10.10% 

42-4 23.90% 23.40% 25.30% 54.30% 24.50% 17.80% 

42-5 20.20% 23.20% 22.30% 43.90% 24.50% 17.80% 

42-6 25.20% 22.70% 24.80% 51.10% 25.70% 19.20% 

57-1 0% 0% 0% 0% 0% 0% 

57-2 5.50% 5.20% 9.20% 23.90% 11.70% 9.50% 

57-3 7.80% 5.40% 11.10% 30.80% 13.00% 10.90% 

57-4 6.50% 3.80% 8.40% 24.70% 9.80% 8.40% 

57-5 13.10% 11.00% 16.10% 39.70% 19.30% 16.00% 

57-6 20.10% 16.50% 22.40% 50.00% 27.10% 22.20% 

57-7 12.10% 11.40% 15.60% 33.70% 20.20% 15.70% 

57-8 13.80% 9.90% 15.00% 37.80% 17.30% 14.80% 

57-9 15.80% 12.40% 18.50% 43.70% 22.20% 18.60% 

57-10 24.30% 20.60% 25.80% 53.30% 31.90% 25.70% 

 
8.3  Percentage Frequency Increments  
 
The frequencies in Table 7 shows very similar trend for all three model heights and the highest 
frequency value is achieved with maximum number of belt-truss and outriggers floors. These are 
calculated according to Eq. 5. 

(5) 
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The frequency is a characteristic of stiffness, more stiffness higher frequency however; frequency 
also get affected by belt-truss and outriggers placement. For instance; 57-5, 57-7 57-8 and 57-9 have 
two outrigger floors at various levels. Theoretically the overall stiffness is same in these three 
options, however; maximum percentage increment is attained in 57-9, which is double outrigger 
level at 2/3rd height of building. The placement of belt-truss and outriggers change the centre of 
gravity of model and impact on vertical curvature which in turn affect the frequency of model. 
 
In 42-storeys, comparison of 42-4, 42-5 and 42-6 showed that the maximum frequency increment is 
obtained in 42-6. Although; three of these have the same mass but different truss placement changes 
the centre of gravity of model and results in changed frequency. 
 

Table 7. Percentage Increment in Frequency 
% Increase in frequency values 

Model 
title 

Rectangular Octagonal L-shaped 

%f1st %f2nd %f1st %f2nd %f1st %f2nd 

28-1 0.00% 0.00% 0% 0% 0.00% 0.00% 

28-2 5.00% 3.76% 0% 0% 4.13% 4.21% 

28-3 5.62% 7.17% 0% 0% 5.52% 5.38% 

42-1 0% 0% 0% 0% 0% 0% 

42-2 7.16% 5.00% 18.40% 4.04% 6.00% 6.01% 

42-3 7.51% 8.53% 27.53% 11.04% 7.64% 7.79% 

42-4 13.72% 13.05% 42.30% 14.85% 12.71% 13.09% 

42-5 12.45% 8.95% 25.81% 6.02% 10.45% 10.69% 

42-6 14.60% 15.99% 42.87% 16.79% 15.35% 16.07% 

57-1 0.00% 0.00% 0.00% 0.00% 0.00% 0.00% 

57-2 3.77% 3.34% 12.07% 2.76% 5.38% 4.67% 

57-3 4.69% 5.46% 19.44% 4.43% 7.58% 6.62% 

57-4 4.08% 5.06% 16.30% 3.62% 6.15% 5.29% 

57-5 7.36% 8.15% 26.35% 5.95% 11.03% 9.60% 

57-6 10.74% 12.68% 37.28% 9.08% 16.71% 14.80% 

57-7 6.84% 6.51% 17.95% 4.95% 9.41% 8.50% 

57-8 7.71% 9.75% 27.69% 6.73% 11.46% 10.05% 

57-9 8.78% 10.41% 31.07% 7.90% 13.83% 12.38% 

57-10 13.25% 15.50% 41.11% 10.57% 19.55% 17.76% 

 
 
9.  CONCLUSIONS 
 
This study investigated the behaviour of multi-storey composite buildings when subjected to 
cyclonic wind loads with different combination of steel belt-truss and outriggers for different plan 
layouts and for different heights of the building. The results demonstrate that wind action is 
responsive to the number and placement of belt-truss and outriggers as well as to the different plan 
layout and height of the building. The findings of the investigation can be summarizes as: 
 28-storey provided best result with the addition of bracings at top level of model in three plan 

layout. 
 Provision of single outrigger level in 42-storey has varied outcome in three different plans for 

single outrigger option. However; provision of single level outrigger at mid-height of model 
is more desired option. 
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 In double outrigger option, provision of double level of outrigger at mid-height in 42-storey 
provide maximum reduction of lateral deflection. 

 In 57-storey it is found out that if one floor of outrigger is required to be placed in building 
than provision of one level outrigger at 2/3rd height (measured from ground level) is the best 
option. 

 In case of double belt-truss and outriggers levels in 57-storey model, the provision of 
secondary outrigger at 2/3rd height (measured from ground level) is the most suitable 
alternative. 

 Three single level outrigger at top of model, 2/3rd height from base and mid-height of building 
is more appropriate than providing two double outrigger levels. 

 
 
NOTATION 
  
Ac = Area of concrete 
Ag = Gross area of section 
AST  = Area of steel 
Ec  = Elastic modulus of concrete 
Es  = Elastic Modulus of steel 
ET = Elastic modulus of transformed section 
FEM = Finite Element Modelling 
RCC = Reinforced Concrete Cement 
c  =Density of concrete 
s  = Density of steel 
T  = density of transformed section 
G = gravitational loads 
Wx = wind in X-direction 
Wy = wind in Y-direction 
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ABSTRACT: This paper describes an investigation on the seismic behaviour of a new lateral resistance system 
which combines semi-rigid steel frames (SRSFs) with steel plate shear walls (SPSWs). A laboratory test, including 
two 1/3-scale one-bay, two-storey SRSFs with SPSWs, was conducted to study the influence of the stiffeners on 
SPSWs and the stiffness of beam-column connections. The results indicate that the new system inherits the merits 
both of SRSFs and SPSWs. It exhibits excellent seismic performance in terms of load carrying capacity, ductility, 
stiffness and energy dissipation. The stiffeners on SPSWs not only effectively reduce the forces taken by beams and 
columns but also improve the overall cyclic performance of structural systems. Moreover, they increase the initial 
stiffness and buckling load capacity of SPSWs especially. Further, the finite element analysis method was adopted 
for parametric study of the influence of connection stiffness and stiffener rigidity on the behaviour of SRSF-SPSW. It 
demonstrates that the SPSW in the proposed structural system undertakes 70%-80% of overall lateral load. The 
influence of connection stiffness on the load carrying capacity depends on the stiffness of columns and thickness of 
infill plates. This influence is enlarged with increasing stiffness of columns and reducing thickness of infill plates. 
The load carrying capacity of a structural system is increased by 42.2% when connections are changed from pin to rigid. 
Generally, this research provides a basis for engineering application and theoretical analysis of the SRSF-SPSW 
structural system. 
 
Keywords: Steel frame, Semi-rigid connection, Steel plate shear wall, Seismic behavior, Beam-column connection 
stiffness, Nonlinear finite element analysis 
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1. INTRODUCTION 
 
Steel plate shear walls (SPSWs) have many advantages, including high initial lateral stiffness, 
stable hysteresis behaviour and good energy dissipation as evidenced by a series of analytical and 
experimental studies at the University of Alberta [1]. Many experimental studies on single or 
multi-storey SPSWs were performed to assess the influence of design parameters [2]-[12]. Parts of 
the experimental investigations are summarized in Table 1. Tsai and Li [7], Alinia and Dastfan [13], 
Alavi and Nateghi [14] and Nie et al. [15] further investigated SPSWs with various types of 
stiffener, including longitudinal stiffener, transverse stiffener, cross stiffener, diagonal stiffener, 
vertical and horizontal ribbed stiffener, etc. 
 
In the traditional analysis and design of steel frames, beam-column connections are often assumed 
to be rigid or pinned. However, beam-column connections in a structure normally lie in between the 
above-mentioned two conditions. It is reasonable to consider them as semi-rigid connections in the 
design of steel frames. The seismic behaviour of steel frames with semi-rigid beam-column 
connections has been widely studied in the past [16]-[20]. Azizinamini and Radziminski [16], 
Elnashai and Elghazouli [17] and Kishi et al. [18] verified that semi-rigid frames possess excellent 
ductility and stable hysteretic behaviour. Bernuzzi et al. [19] demonstrated that semi-rigid 
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connections have adequate energy dissipation capacity. Nevertheless, low stiffness and a nonlinear 
response of semi-rigid connection restrain the application of this structural system. For instance, 
semi-rigid connections weaken overall stability of structures, especially at large drift ratio [20]. 
Therefore, it is beneficial to enhance the lateral stiffness of semi-rigid steel frames (SRSFs). 
 
A new structural system taking advantage of SRSFs and SPSWs is proposed in this study. 
Incorporation of SPSWs in a SRSF can alleviate its ductility requirements in beam-column 
connections as well as improve the mechanical behaviour of connections, increase stiffness and 
energy dissipation of the structural system, and realize multi-failure criteria [21]. Beam-column 
connections are normally designed as rigid ones in most tests and analysis of the SPSW system. 
SPSW systems with hinged connections or with consideration of connection stiffness are analyzed 
only in a few studies. Caccese et al. [22] tested six unstiffened thin SPSW specimens with 
moment-resisting connections or shear connections. The test results indicated that initial stiffness of 
beam-column connections had little influence on the overall behaviour of the SPSW system. 
However, Kulak et al. [23] pointed out that the overall behaviour of the SPSW system is affected 
by lots of factors, such as material properties, welding cracks and geometric defect. In addition, 
Xue [24] and Alinia and Dastfan [25] also concluded that beam-column connections had no 
obvious influence on the overall behaviour of SPSWs based on finite element studies. Nowadays, 
the influence of beam-column connections on the behaviour of SPSWs is still debatable. More 
investigation of SPSW with different beam-column connections is needed. 
 

Table 1. Summary of tests on SPSWs 
Reference Specimen  Scale Depth-width ratio Height-thickness ratio Column flexibility factor

Lubell and Prion [2] SPSW2 1:4 1.00 549 3.35 

Chen and Guo [3] 
- 1:3 1.00 273 2.52 
- 1:3 1.00 170 2.28 

Wang [4] 
H1, H2 1:3 1.28 363 2.79 
F1, F2 1:3 1.28 363 2.12 

Lin and Tsai [5] S 1:2 0.50 511 1.01 

Park et al [6] 
SC2T 1:3 0.68 500 1.24 
SC4T 1:3 0.68 250 1.44 
SC5T 1:3 0.68 167 1.58 

Tsai and Li [7] 
SPSW N 1:1 1.52 1144 2.50 
SPSW S 1:1 1.52 1143 3.01 

Qu and Bruneau [8] - 1:1 1.00 1123 1.95 

 
This paper systematically studies the influences of connection stiffness on the behaviour of SPSWs 
and examines the seismic behaviour of the SRSF-SPSW structural system. In addition, explanations 
for insignificant influence of beam-column connection on the overall behaviour of the SPSW 
system are addressed. This is mainly attributed to the fact that large column flexibility of specimens 
dominates the overall behaviour of the SPSW system. In this paper, the seismic behaviour of the 
SRSF-SPSW structural system is investigated through experimental and numerical studies. Two 
one-bay, two-storey SRSF-SPSWs were tested under constant axial loading and lateral cyclic 
loading. Steel plates with and without stiffeners and stiffness of beam-column connections were 
compared in the test. In addition to experimental study, a nonlinear finite element analysis was 
performed for parametric study. It estimated the influence of connection stiffness and stiffener 
rigidity of SPSWs on the seismic behaviour of the structural system. 
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2.   EXPERIMENTAL PROGRAMME 
 
2.1  Specimens 
 
A one-bay, two-storey frame was designed to represent the bottom two floors of a frame-shear wall 
structure. Two specimens namely HAC and HPP were differentiated by beam-column connection 
and stiffeners on SPSWs. Details of the specimens are shown in Figure 1. The span of the specimen 
was 1350 mm and the height was 2750 mm. The cross-sections of the bottom beam, intermediate 
beam and top beam were H410×350×12×25, H200×100×5.5×8 and H300×150×6.5×9, respectively. 
Both columns had cross-sections of H150×150×7×10. L140×90×8 was adopted for the top and seat 
angle while L70×8 was used for the web angle in the semi-rigid connection. The thickness of the 
infill steel plate was 4 mm. Steel plates with 40 mm depth and 4 mm thick were used for stiffeners. 
The infill plates were welded to the columns and the beams by fish plates. Semi-rigid beam-column 
connections were adopted in both specimens. Top and intermediate beam-column connections were 
identified as HAC-T and HAC-M in specimen HAC (or HPP-T and HPP-M in specimen HPP), 
respectively. The details of beam-column connections are shown in Figure 2.  
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Figure 1. Details of the Specimens 
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Figure 2. Details of the Semi-rigid Connections 
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The model scale was about 1/3. The specimens were built using Q235 steel which has a 
characteristic yield strength of 235N/mm2. A material property test was conducted according to 
Chinese national standards “Metallic materials-Tensile testing at ambient temperature 
(GB/T228-2002)” [27] and “Steel and steel products-Location and preparation of test pieces for 
mechanic testing (GB/T 2975-1998)” [26]. The material properties of each component are shown in 
Table 2. 
 

Table 2. Material Properties 

Member 
Yield stress 
fy (N/mm2) 

Ultimate stress 
fu (N/mm2) 

Elongation 
(%) 

Elastic modulus 
E (105N/mm2) 

H300×150×6.5×9 275.67 445.33 27.70 2.16 
H200×100×5.5×8 314.77 455.47 24.66 2.21 
H150×150×7×10 269.33 428.23 21.16 2.00 
4.0mm steel plate 356.50 515.53 22.59 2.15 

L70×8 353.31 461.62 19.06 2.10 
L140×90×8 284.60 424.20 22.20 2.10 

 
2.2  Test Setup, Loading Sequence and Instrumentation 
 
The test setup for the specimen is shown in Figure 3. The tests were conducted in the Structural 
Engineering Research Laboratory at Xi’an University of Architecture and Technology. The 
specimens were fixed on the strong floor through high strength steel rods. A reaction beam was 
established for applying axial load. A lateral support system was established for restraining 
out-of-plane movement of the specimen. Vertical constant axial loading was applied by two 2000 
kN jacks while lateral loading was applied by a two-direction 1000 kN MTS hydraulic actuator. To 
study the overall connection performance of the structure, the arrangement of displacement 
transducers was as shown in Figure 4. 
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Figure 3. Test Setup Figure 4. Displacement Transducers Configuration 
 
The loading sequence for testing the specimen was determined according to provisions in 
“Specification of Testing Methods for Earthquake Resistant Building (JGJ 101-96)” [28]. In order 
to study the behaviour of SPSWs with pre-compressed frame columns, vertical constant axial 
loading was first applied on the top of the columns at 200 kN. In the second stage of loading, lateral 
cyclic loading was applied along the centre line of the top beam. It was noted that only one 
concentrated load was considered due to the limitation of the test setup. Lateral loading was applied 
in two steps: loading control in the elastic stage and displacement control after yield. Yield 
displacement was determined based on the load-displacement response to check strains of steel at 
critical sections (e.g. the top and bottom of column). Subsequently, lateral displacement was 
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applied at 1, 1.5, 2, 2.5, … 0.5n times of yield displacement and was repeated three times at each 
specific displacement. The test was stopped when the lateral displacement reached the maximum 
deformation at H/50, where H is the height of the specimen. 
 
 
3.   EXPERIMENTAL RESULTS 
 
3.1  General Behaviour 
 
3.1.1  Specimen HPP 
 
The typical behaviour of specimen HPP during the test is shown in Figure 5. At the initial stage of 
loading, the infill plate in the first storey tended to buckle along the diagonal direction when lateral 
load reached 300 kN while that remained elastic in the second storey. As a result, residual 
deformation of the infill plate in the first storey was observed. The specimen HPP yielded at a 
lateral load of 450 kN. Under this load, yielding displacement δy was measured as 12 mm. 
Subsequently, specimen HPP was tested under displacement control. At a lateral displacement of 
1.5δy, tension straps were found in the infill plate in the first storey while buckling in the flange of 
the first storey east corner column was found as shown in Figure 5(a). As lateral displacement 
increased, crossed out-of-plane residual deformation of the infill plate in the first storey was found 
at a displacement of 2δy. Afterwards, the specimen reached the peak lateral load in the push 
direction at the first cycle of 2.5δy displacement. The east column in the first storey exhibited 
out-of-plane bending as shown in Figure 5(b). As displacement reversed, the infill plate in the first 
storey fractured at the west upper corner as shown in Figure 5(c). Meanwhile, the infill plate in the 
second storey remained elastic. The specimen reached peak lateral load in the pull direction at the 
first cycle of 3δy displacement. The infill plate in the first storey cracked from the fish plate in the 
east upper direction. The east column exhibited out-of-plane bending while the west column had 
obvious concavities. At a displacement of 3.5δy, the column flange distorted in the west upper 
corner of the first storey and the infill plate in the first storey formed the first penetrating crack as 
shown in Figure 5(d). Beam-column connections rotated and the beam separated from the flange of 
columns with 1-3 mm as shown in Figure 5(e). At an advanced stage of loading, a tension field was 
formed in the infill plate in the second storey while diagonal “X”-shaped cracks occurred in the 
infill plate of the first storey. The test was stopped at a displacement of 4.5δy when lateral loading 
decreased to approximately 80% of the peak lateral load. Cracks formed of about 4 mm wide 
between outside flanges of the columns and foots as shown in Figure 5(f), i.e., the specimen failed 
with plastic hinges in the columns. No deformation of the top beam-column connection was 
recorded throughout the test. 
 

 
(a) Buckling of column flange 

(b) Out-of-plane buckling 
of column 

(c) Plate weld tearing 
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(d) Tearing of infill plate in the first story (e) Connection rotating (f) Tearing at the column foot 

 
Figure 5. Typical Behavior of Specimen HPP during the Test 

 
3.1.2  Specimen HAC 
 
The typical behaviour of specimen HAC during the test is shown in Figure 6. With the reinforce of 
stiffeners, buckling of the infill plate in the specimen HAC occurred at higher lateral loading 
compared with HPP. The infill plate in the first storey bulged slightly in the upper right region in 
the first cycle of 500 kN lateral loading. Top and seat angles in the west top connection were 
opened and closed during the cyclic loading. The yield displacement for specimen HAC was 11.9 
mm and the corresponding lateral load was 450.9 kN. The infill plate in the first storey buckled at 
the upper region in the first cycle of 1.5δy displacement. Tension straps in both infill plates 
developed gradually while top and seat angles at the connections deformed with residual 
displacement. Buckling of the vertical stiffener occurred in the infill plate of the first storey at a 
displacement of 2.0δy. Local buckling at the west column induced fracture of the angle plate 
connecting the beam to the column as shown in Figure 6(a). As the purpose of the test was to 
investigate the effect of SPSWs on seismic performance of composite frames, the angle plate was 
replaced before continuing the test. At a displacement of 2.5δy, out-of-plane deformation of the 
infill plate was significant. Buckling of the infill plate reversed with a loud noise during the test. 
The column buckled at the inner flange below the intermediate beam while the welding of the west 
column to foot cracked. Meanwhile, welding of stiffeners in the top connection of the west column 
fractured. Subsequently, both columns buckled below the middle connections in the second cycle of 
3.0δy displacement as shown in Figure 6(b). Buckling of stiffeners in the first storey infill plate 
occurred at the third cycle of 3.0δy displacement as shown in Figure 6(c). At an advanced stage of 
loading, the residual out-of-plane deformation of the first storey infill plate was about 8 mm. The 
lateral load decreased significantly as welding of the west column cracked as shown in Figure 6(d). 
The test was stopped at 3.5δy displacement when serious out-of-plane flexural and torsional 
buckling occurred for the specimen as shown in Figure 6(e). 
 

(a) Fracture of Angle Plate (b) Buckling of Column Flange 



                                                  J.G. Yu and J.P. Hao                                           160 

 
(c) Multi-buckling of stiffeners (d) Welds tearing at column foot (e) Out-of-plane buckling of column 

 
Figure 6. Typical Behavior of Specimen HAC during the Test 

 

3.2  Failure Modes 
 
The failure modes of the specimens are shown in Figure 7. Specimen HPP exhibited obvious 
tension straps in infill plates and local tearing at the intersection of tension straps. Plastic hinges 
formed at column-foot connections and under intermediate beam-column connections accompanied 
by buckling of the column and angle plate above the connections. Residual deformation of the 
upper infill plate was smaller than that of the bottom infill plate. For specimen HAC, 
multi-buckling of stiffeners occurred in both infill plates. However, stiffeners are effective to 
restrain out-of-plane deformation of the infill plate and to reduce the concavity of the columns. 
Similar to specimen HPP, plastic hinges formed at column-foot connections and under intermediate 
beam-column connections. The out-of-plane residual deformation was as much as 10 mm in the 
bottom infill plate. Bending and torsion out-of-plane deformation of the frame columns was 
significant. Three types of buckling in the stiffened SPSW were identified, including overall 
buckling, local buckling in the cell grids and relative buckling. 
 

 
(a) Specimen HPP (b) Specimen HAC 

 
Figure 7. Failure mode of test specimen 

 

3.3  Hysteresis Behaviour and Energy Dissipation 
 
The hysteresis behaviour in the lateral load-displacement relationships of specimens HPP and HAP 
are plotted in Figure 8. The pinching effect is more obvious in specimen HAC than that in 
specimen HPP. It demonstrates that incorporation of stiffeners on the infill plate is effective in 
enhancing the seismic performance of SPSWs.  
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The energy dissipation of the specimens was computed from the area hysteretic loops at each cycle. 
The decomposition of energy dissipation at the first and second floors is given in Table 3. Energy 
dissipation of specimen HAC is higher than that in specimen HPP. This is attributed to the failure of 
specimen HPP being concentrated in the first floor. As a result, the second storey of the structural 
system seldom contributes to the dissipation of energy. The addition of stiffeners, which divided the 
thin steel plates, reduced the height-thickness ratio of the infill plates. This is of benefit for resisting 
lateral loads as well as delaying the buckling of infill plates. It means that the lateral stiffness is 
enhanced for the specimens and the capability of the two infill plates can be fully used. 
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Figure 8. Load-displacement Hysteresis Curves 
 

Table 3. Energy Dissipation of Specimens 
Loading 
levels 

Specimen HPP Specimen HAC 
Entirety First story Second story Entirety First story Second story 

100kN 50 21 29 49 26 24 
400kN 736 368 367 2130 1486 643 

1δy 1127 492 545 2416 1680 736 
2δy 723 4526 2714 10263 5611 4652 
3δy 17915 11969 5909 23711 12885 10826 

3.5δy 23376 13767 7745 30437 16417 14021 
4δy 29588 19250 10314 Unit: kN·mm 
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3.4  Skeleton Curve 
 
A skeleton curve is a hysteresis curve which is the peak point of the first cycle connected at each 
loading level. The skeleton curves of specimens HPP and HAC are shown in Figure 9. A summary 
of test results is given in Table 4. Here, Py and Pmax are the yield load and peak load respectively; δy 
is the yield displacement and δmax is defined as the displacement at peak load; δu is defined as the 
displacement when lateral loading decreased to 85% of the peak load; h represents the storey height. 
Ductility is defined as the ratio of ultimate displacement to yielding displacement, i.e. µ=δu/δy, 
according to “Specification of Testing Methods for Earthquake Resistant Building (JGJ 101-96)” 
[28]. As depicted in Figure 10, the yield point (δy, Py) is determined through the concept of equal 
plastic energy. The area under the idealized elastic-plastic curve was equal to that of the actual 
pushover curve. The initial stiffness of the two specimens was almost the same. As seen in Table 4, 
the specimens did not exhibit symmetrical behaviour in the push and pull directions. Stiffness in the 
push direction was smaller than that in the pull direction. This may be attributed to other influential 
factors, such as the initial defects and strong column constraints in the loading side. 
 
Installation of the stiffeners increased the stiffness and load carrying capacity of the specimen. 
Lateral stiffness, yield load, and peak load of the stiffened SPSW were approximately 1.06, 1.05, 
and 1.18 times that of the non-stiffened SPSW, respectively. The ductility coefficient of the 
non-stiffened SPSW was about 1.07 times that of the stiffened SPSW. It was illustrated that 
stiffened SPSWs have a higher lateral load carrying capacity but lower ductility as compared to 
non-stiffened SPSWs. It is worth noting that the SRSF-SPSW system possessed ductility of above 
4.0, which demonstrated a good plastic deformation capacity. 
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Figure 9. Load-displacement Envelope Figure 10. Definition of a Yield Point 
 

Table 4. Summary of Test Results 

Specimen 
Lateral 
stiffness 

Yielding load Peaking load 
Ultimate 

displacement 
Ductility 

coefficient 

HAC 

Direction Py/δy 
(kN/mm) 

Py 

(kN) 

δy 
(mm)

δy/h 
Pm 

(kN) 
δmax 
(mm)

δmax 

/h
δu 

(mm)
δu/h μ 

Push(+) 36.00 450.0 12.50 1/220 684.6 29.20 1/93 44.92 1/61 3.60 
Pull(-) 40.08 451.7 11.27 1/244 690.0 35.35 1/77 46.49 1/59 4.12 

Average 37.89 450.9 11.90 1/232 687.3 32.29 1/85 45.71 1/60 3.86 

HPP 
Push(+) 33.67 428.9 12.74 1/216 574.43 23.15 1/118 51.33 1/54 4.03 
Pull(-) 37.79 434.2 11.49 1/239 596.04 36.37 1/75 52.82 1/52 4.60 

Average 35.61 431.6 12.12 1/227 585.23 29.76 1/92 52.13 1/53 4.32 
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3.5  Mechanical Analysis of the Semi-rigid Connections 
 
Dial gauges were installed (e.g. BW4, BW5, BW9, BW10, TW2 and TW3) at the end of the beams 
(as shown in Figure 4) to measure the load-rotation relationship of the beam-column connections. It 
aimed to investigate the interaction between semi-rigid connections and the SPSW. Based on the 
Pythagorean theorem, rotation α could be calculated with Equation (1). 
 

2 2

2

2 250 (250 2 )
arccos

2 250 2

disp 
   

   
            (1) 

 
where, disp is the data tested by the dial gauges. 
 
Load-rotation relationships at the ends of intermediate beams in both specimens are shown in 
Figure 11. In the elastic stage, data measured by two gauges could properly reflect the real 
condition of the connections. At the level of 1.0δy, the specimen was partly in plastic and 
out-of-plane deformation; the gauges at the connection were out of order. However, there was no 
obvious degradation tendency for the connection stiffness during the test. Development of plastic 
strain in the infill plates had limited impact on the performance of the connections. Comparing the 
stiffness degradation of the connections in both specimens, it could be illustrated that stiffness of 
the specimen HAC was approximately three times that of specimen HPP. Therefore, stiffened 
SPSWs could reduce the ductility requirement of the connections. 
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(c) HPP Up east (BW5) (d) HPP Up west (BW10) 

 
Figure 11. Rotation Versus Load of Intermediate Beam
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4.   FINITE ELEMENT ANALYSIS 
 
4.1  FE Model 
 
The nonlinear finite element models for tested specimens were built in the ANSYS package. The 
steel frames, infill plates and stiffeners were modelled using the Shell181 element. As 
beam-column connections were complex, a rigid plate combined with Combin39 element was 
adopted. The finite element model of the specimen is illustrated in Figure 12. The model had 
identical geometry, boundary conditions, material properties and loading sequence as the specimens 
in the experimental investigation. 
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Figure 12. FE Model Figure 13. Moment-rotation Relationship 
 
An M-θ relationship is needed for defining parameters of the Combin39 element. In this paper, 
Kishi-Chen’s three-parameter power function model was used to define the nonlinear 
moment-rotation relationship. This model is a semi-empirical connection model consisting of three 
parameters: initial stiffness Rki, ultimate moment Mu and shape parameter n. Equation (2) shows 
Kishi-Chen’s model.  
 

1/
0[1 ( / ) ]

ki r
n n

r

R
M


 




                                                            (2) 

 
where θ0 is the plastic rotation corresponding to the ultimate moment Mu; θr is the rotation of the 
specimen. The moment-rotation relationships of each connection in the specimens are shown in 
Figure 13. 
 
4.2  Model Validation 
 
Figure 14 shows the simulated hysteretic behaviour of specimen HPP using the FE model. The 
pinching behaviour of the hysteresis curve in the FE model is smaller than that of the experimental 
results. Specifically, fluctuation of lateral loading at zero displacement is higher in the FE model as 
compared with the experimental result. At the elastic-plastic stage, the differences of hysteresis 
curves between the experiments and Finite Element Analysis became larger. The FE model 
exhibited a gradual decrease in lateral loading in the inelastic stage of loading. Generally, peak 
loads achieved in the FE model (i.e. 686.4 kN in push and 696.2 kN in pull) were consistent with 
those obtained from the experiments (i.e. 684.6 kN in push and 690.0 kN in pull). Figure 15 shows 
the von Mises stress of specimen HPP at -42 mm displacement. Compared to the failure mode in 
Figure 7(b), the FE model captures the typical characteristics of the specimen.  
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The stiffness degradation of the specimens is determined by peaking secant stiffness as specified in 
section 5.5.3 of the Specifications of Testing Methods for Earthquake Resistant Building (JGJ 
101-96). Figure 16 shows the comparison of stiffness degradation obtained from the FE model and 
experiments. Stiffness in the FE model was higher than that of the experiment at the initial stage of 
loading (the maximum error was 28%). However, stiffness degradation tended to be the same at the 
final stage of loading (the error was about 5%). This was mainly attributed to initial defects in the 
test. It can be explained as follows. (1) The defect distribution of specimens in the test is different 
from that in the FE model. The FE model only considers the defects of the infill plate, but without 
the defects of beams, columns and stiffeners. As the FE model is nearly perfect at the initial stage 
of loading, it has higher load carrying capacity and stiffness. (2) There is an inevitable initial 
eccentricity for the applied load in the test. As a result, additional bending and torsion caused by 
initial eccentricity would reduce the load carrying capacity and stiffness of the SPSW. For the FE 
model, the column exhibits some degrees of out-of-plane deformation at an advanced stage of 
loading, which reduced the difference between the test results and FE analysis. (3) Constraints in 
the FE model are greatly idealized compared with the test specimen. It also can enhance the load 
carrying capacity and stiffness of specimens. In general, the FE model provides reasonable 
prediction for the tested specimen. 
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Figure 16. Degeneration of Rigidity 
 
4.3  Parametric Study 
 
A parametric study was performed to assess the influence of connection stiffness and stiffeners 
stiffness on the performance of the new structural system through FE analysis. The tested specimen 
was set as the basic model (HAC-B). Seven models were divided into two groups, including 
HAC-SW series and HAC-PR series. The former investigated the effect of stiffener-panel stiffness 
ratio while the latter aimed to reveal the effect of connection stiffness. FE analysis was conducted 
for the specimens under monotonic loading. The axial load ratio was the same as that in the 
experiment. 
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4.3.1  Stiffener-panel stiffness ratio (HAC-SW series) 
 
In this series, the stiffener-panel stiffness ratio is defined as the ratio of stiffener with unit width to 
panel. It aimed to compare the effect of the stiffener-panel stiffness ratio on load carrying capacity, 
ductility and horizontal shear force distribution. Stiffener-panel stiffness ratios considered for the 
specimens are given in Table 5. 
 

Table 5. HAC-SW Design Parameter 
Specimen HAC-SW1 HAC-B HAC-SW2 HAC-SW3 

Stiffener-panel stiffness ratio 0 12 40 80 

 
Figure 17 illustrates the load-displacement curves of the specimens in the HAC-SW series. It is 
obvious that the addition of stiffeners in SPSWs can significantly increase peak load and ductility 
of SRSFs by comparing HAC-SW1 with the other three specimens. For instance, the peak load of 
specimen HAC-B increased by 14% compared with that of specimen HAC-SW1. For SPSW with 
stiffeners, increasing stiffener-panel stiffness ratio led to a slight enhancement of peak load. The 
peak load of specimen HAC-SW3 was enhanced by about 3% when compared with specimen 
HAC-B. This is attributed to the fact that the stiffeners could restrain out-of-plane deformation of 
the infill plates efficiently with a certain degree of stiffness. Therefore, continuous increasing of 
stiffness of the stiffeners could only produce a limited increase to the constraints of SPSW. 
Considering economic requirements, a stiffener-panel stiffness ratio of 40 is recommended in this 
paper. 

0 15 30 45 60
0

200

400

600

800

 HAC-SW1
 HAC-B
 HAC-SW2
 HAC-SW3

B
as

e 
sh

ea
r 

(k
N

)

Lateral displacement (mm) 0 10 20 30 40 50 60
0

20

40

60

80

100

120
 HAC-SW1
 HAC-B
 HAC-SW2
 HAC-SW3

L
at

er
al

 r
ig

id
it

y 
(k

N
/m

m
)

Lateral displacement (mm)
Figure 17. Load-displacement Envelopes of 

Specimens in HAC-SW 
Figure 18. Stiffness Degradation of Specimens 

in HAC-SW 

0 15 30 45 60
0

200

400

600

800

 PR1
 PR2
 PR3

B
as

e 
sh

ea
r 

(k
N

)

Lateral displacement (mm)

Figure 19. HAC-SW Force Distribution 
Comparison 

Figure 20. HAC-PR Load-displacement 
Envelope 

 



167                            Behaviour of Semi-Rigid Steel Frames With Steel Plate Shear Walls 

 

Figure 18 shows the stiffness degradation of the specimens in the HAC-SW series. Force 
distribution curves of specimens in the HAC-SW series are illustrated in Figure 19. It can be seen 
that all specimens have similar stiffness degradation through the numerical simulation. At the initial 
stage of loading, the infill plates made a primary contribution to the lateral shear force plates and 
this effect was basically identical for the four specimens. It demonstrates that the infill plates are 
efficient in resisting lateral force at the initial stage of loading. At that time, the infill plates did not 
buckle and the role of the stiffeners was unobvious. However, the stiffness and the distributed shear 
force of the non-stiffened SPSW were lower than those of the stiffened SPSW after buckling of the 
infill plates as lateral displacement increased. Lateral loads were mainly resisted by two portions 
including the steel frame and connections between the fish plates and the infill plates. Load taken 
by the frame was limited due to the semi-rigid connections weakening the overall stiffness of the 
structure. After buckling of the infill plates, stiffeners reduced the load taken by the frame which is 
beneficial for the requirement of double-protection measures. It has demonstrated that SPSW in the 
proposed structural system undertakes 70%-80% of overall lateral load. 
 
4.3.2  Connection stiffness (PR series) 
 
FE analysis of the PR series aimed to investigate the effect of connection rotational stiffness on the 
behaviour of SRSF-SPSW. It was achieved through adjusting the bending capacity of the 
connections. The parameters of the connections are summarized in Table 6. 
 

Table 6. HAC-PR Design Parameter 
Specimen number Connections PR1 PR2 PR3 

Bending capacity of connections
HAC-T 0.20Mp 0.40Mp infinite 
HAC-M 0.20Mp 0.56Mp infinite 

 
Figure 20 shows the load-displacement curves of specimens in the HAC-PR series. All specimens 
with different connection stiffness had similar responses in terms of peak lateral load and stiffness. 
In the plastic stage, increasing connection stiffness enhanced the peak lateral load of the specimens. 
However, the magnitude of the increase ratio was not significant. The peak load of specimen 
HAC-PR2 increased by 5% as compared with that of specimen HAC-PR1. Therefore, the influence 
of beam-column connections on lateral load capacity is limited. This is mainly attributed to the 
large flexibility factor of the column. For a definition of flexibility factor ωt of a column one can 
refer to Qu and Bruneau [8]. It also specifies that the ωt is no larger than 2.5. In this study, the 
flexibility factor of specimens HAC and HPP were equal to 2.69 which is larger than 2.5. As shown 
in Figure 7(a), W-column and E-column show obvious curved concave deformation. 
 
In order to further study the influence of the beam-column connection characteristics on the 
behaviour of the SRSF-SPSW system, the first storey of specimen HAC was modelled as shown in 
Figure 21(a). It can be equivalent to the model shown in Figure 21(b). The size of SPSW was L×H 
(L is the height of model, H is the width of model and the base size is 1200 mm×1200 mm). The 
bottom of the column was hinged to the foundation. A beam is considered as a rigid beam by using 
the method of DOF coupling, thereby removing the influence of the flexible boundary beam. In 
order to improve the efficiency of analysis, the Beam188 element was used to simulate the 
boundary members while the Shell181 element was adopted to simulate the infill plate. Using the 
ideal elastic-plastic model as stress-strain curve, setting the yield strength of steel as 235 N/mm2, 
the modulus of elasticity as 2.1×105 N/mm2 and 0.1% of the out-of-plane buckling deformation as 
the initial imperfection of model specimen, the finite element specimen is shown in Figure 21(c).  
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Figure 21. Establishment of Finite Element Model 

 
The relationship between the stress uniformity ratio γ= Saverage/Smax and the flexibility factor (i.e., 
ωt) is shown in Figure 22. Where Saverage is average of the infill plates tension force components 
parallel with the beam; Smax is maximum of the web tension force components parallel with the 
beam. As shown on that curve, for smaller values ofωt (e.g., in the range 0≤ωt≤1), for which the 
SPSW have relatively stiff columns, the stress uniformity ratio approximately equals 1 (which 
physically means that the maximum stress is close to the average stress), indicating development of 
a uniform infill plates tension field. However, with increases in the flexibility factor, the stress 
uniformity ratio decreases, indicating formation of a less uniform infill plates tension field in SPSW 
having more flexible columns.  
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Figure 22. Relationship between Saverage/Smax and ωt 
 
The main influencing factors on the load carrying capacity of the tested specimen are column 
flexibility and ratio of SPSW height to thickness. This study set the ratio of height to thickness at 
100, 200, and 400, and the column flexibility ωt as 1.0, 2.1, 2.5, and 3.1, which respectively 
correspond to 1.00, 0.90, 0.83, and 0.70, setting four levels of stress uniformity coefficient γ as 
shown in Figure 22. The orthogonal test table is summarized in Table 7. 
 

Table 7. The Orthogonal Test Table 
Factors  Specimen number 

Column flexibility  

C1 1.0 C1-W1 C1-W2 C1-W3 
C2 2.1 C2-W1 C2-W2 C2-W3 
C3 2.5 C3-W1 C3-W2 C3-W3 
C4 3.1 C4-W1 C4-W2 C4-W3 

Ratio of height to thickness （H/tw） 
100 200 400 
W1 W2 W3 

 

 

ωt≤1.0 
γ=1.0

ωt≤2.5γ≥0.83

ωt≤2.1 
γ≥0.9

ωt≤3.1γ≥0.70
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Peak lateral loads of specimens could be obtained by calculating the conditions of different column 
flexibility and SPSW height to thickness ratio as shown in Table 8. Theoretical shear strength of the 
infill plates (the infill plates under complete shear mechanism) can be computed by Vpu=fvtwL. 
Based on these, this paper compares the enhancement effect, of different connection types, i.e., 
super action of frame, which could greatly influence the column flexibility, in the following 
paragraphs. 
 
Table 8 compares the load carrying capacities of specimens with different connection stiffness. 
Generally, the load carrying capacity of a specimen increases as the stiffness of connections 
increases. Also, the influence of connection stiffness on load carrying capacity is related to the 
stiffness of column and thickness of the infill plate. This influence is enlarged when increasing the 
stiffness of the column and reducing the thickness of the infill plate. As a result, the load carrying 
capacity of a specimen with a strong column-weak plate is highly affected by connection stiffness. 
Among all the specimens, specimen C1-W3 exhibited the maximum response to connection 
stiffness. Specifically, the load carrying capacity of specimen C1-W3 increased by 42.2% when the 
connection was changed from pin to rigid. The load carrying capacity of specimen C1-W3 with 
rigid connection was 13.8% higher than that of specimens with semi-rigid connections. For the 
specimens with a flexibility coefficient of column of 2.5 (e.g. for series C3), the load carrying 
capacity was enhanced by about 10% when changing pinned connections to rigid connections. The 
load carrying capacity of specimens with semi-rigid connections was 3.0% higher than that of 
specimens with rigid connections. When replacing pinned connections with rigid connections for 
the specimens with the columns which flexibility coefficient is 2.1 (e.g. in series C2), the load 
carrying capacity increased by 23.5%. The load carrying capacity of specimens with semi-rigid 
connections was similar to that of specimens with rigid connections. Due to the super action of 
frames in SRSF-SPSW, the load carrying capacity of specimens with semi-rigid connections was 
higher than the shear strength of the infill plate. Thus, SRSF-SPSW can be designed according to 
the shear strength of the infill plate while super action is considered as a safety factor. Specimens in 
series C-RP were stiffened by specimen HAC-SW2. Table 8 only shows the results of specimens in 
series W3. Due to the stiffening effect of the infill plate, the influence of connection stiffness on 
load carrying capacity decreased for the specimens in series C-PR. The load carrying capacity of 
specimens with rigid connections was about 30% higher than that with pinned connections and 
about 8% higher than those with semi-rigid connections. This indicates that stiffeners prevent the 
buckling of infill plates, which weakens the adverse influence of flexible connection on the frame 
load carrying capacity. 
 
Table 9 compares the relationship between the shear distributions of the infill plate with different 
types of connections. For the specimens with ratio of height to thickness of 400 (e.g. series W3), 
shear forces taken by infill walls were almost the same regardless of the flexibility of column and 
connection stiffness. With the increase of beam-column connection rotational stiffness, the load 
carrying capacity of the steel frame is slightly increased. For the unstiffened thin SPSW (e.g. for 
series P-PR), shear force taken by infill plates is seldom affected by connection stiffness when the 
flexibility of columns is no larger than 2.5. When the column is relatively flexible, connection 
stiffness has a certain influence on the shear force taken by infill plates. For the stiffened thin 
SPSW (e.g. for series C-PR), shear forces taken by infill plates are almost the same, around 460 kN. 
However, shear forces taken by the whole system increase as connection stiffness increases. It 
indicates that forces taken by columns is proportional to the connection stiffness increases. 
Meanwhile, setting the stiffener could improve the tension field for shear resistance. Shear force 
taken by infill plates in the C-PR series specimens was close to the shear resistant capacity Vpu of 
the infill plates under complete shear as shown in Table 8. There is a significant “lining” effect in 
the corner of the stiffened steel plates and thick plates, which strengthens the beam-column 
connections. Thus, even if a simple beam-column connection is used in a steel frame, it could 
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contribute to resist bending. Because the effect improvement is limited, it could be considered as a 
factor of safety. 

Table 8. ANSYS Load Carrying Capacity Calculation (unit: kN) 

Category Specimen PR 1 PR 2 PR 3 
PR3 
/PR1 

PR2 
/PR1 

PR3 
/PR2 

Vpu 
PR1 

/ Vpu 
PR2 

/ Vpu 
PR3 

/ Vpu 

P-PR 

C1-W1 1975.5 2002.7 2117.8 1.072 1.014 1.057 1952.5 1.012 1.026 1.085 

C1-W2 930.64 1027.1 1078.9 1.159 1.104 1.050 976.28 0.953 1.052 1.105 

C1-W3 464.89 581.00  660.94 1.422 1.250 1.138 488.14 0.952 1.190 1.354 

C2-W1 1972.6 1998.0 2097.53 1.063 1.013 1.050 1952.5 1.010 1.023 1.074 

C2-W2 906.94 1010.6 1024.73 1.130 1.114 1.014 976.28 0.929 1.035 1.050 

C2-W3 462.80 558.74 571.50 1.235 1.207 1.023 488.14 0.948 1.145 1.171 

C3-W1 1967.22 1992.4 2052.2 1.043 1.013 1.030 1952.5 1.008 1.020 1.051 

C3-W2 882.38 955.76  970.44  1.100 1.083 1.015 976.28 0.904 0.979 0.994 

C3-W3 454.46 489.67  490.07  1.078 1.077 1.001 488.14 0.931 1.003 1.004 

C4-W1 1959.87 1973.97 1988.96 1.015 1.007 1.008 1952.5 1.004 1.011 1.019 

C4-W2 812.97 846.35  857.43  1.055 1.041 1.013 976.28 0.833 0.867 0.878 

C4-W3 405.91 421.74  420.69  1.036 1.039 0.998 488.14 0.832 0.864 0.862 

C-PR 

C1-W3 499.25 615.81 665.05 1.332 1.233 1.080 488.14 1.023 1.262 1.362 

C2-W3 496.91 599.65 618.87 1.245 1.207 1.032 488.14 1.018 1.228 1.268 

C3-W3 495.04 547.59 550.70 1.112 1.106 1.006 488.14 1.014 1.122 1.128 

C4-W3 486.55 499.56 500.43 1.029 1.027 1.002 488.14 0.997  1.023  1.025 

  Note: P and C halves are SPSW with and without stiffeners, respectively. 
 

Table 9 The shear distribution of infill plate (unit: kN) 

Category Specimen 
PR1 PR2 PR3 

Vp V Vp/V Vp V Vp/V Vp V Vp/V 

P-PR 

C1-W3 437.01 464.89 0.940 437.06 581.00 0.752 436.87 660.94 0.661 

C2-W1 1861.10 1972.63 0.948 1867.60 1998.05 0.935 1870.60 2097.53 0.887 

C2-W2 865.94 906.94 0.962 872.81 1010.69 0.865 874.34 1024.73 0.845 

C2-W3 429.22 462.80 0.937 432.70 558.74 0.774 433.85 571.50 0.751 

C3-W3 422.21 454.46 0.932 423.08 489.67 0.864 423.50 490.07 0.862 

C4-W3 395.91 405.91 0.975 405.38 421.74 0.961 405.44 420.69 0.963 

C-PR 

C1-W3 463.32 499.25 0.928 463.36 615.81 0.752 463.40 665.05 0.696 

C2-W3 462.34 496.91 0.930 462.42 599.65 0.771 462.88 618.87 0.748 

C3-W3 461.54 495.04 0.932 461.52 547.59 0.843 461.90 550.70 0.839 

C4-W3 461.25 486.55 0.948 461.3 499.56 0.923 461.6 500.43 0.920 

 
For specimens with the same columns and infill plates but with limited flexibility factor (e.g. series 
C1, C2 and C3), the load carrying capacity of the structural system increases as connection stiffness 
increases under various flexibility factors. It indicates that enhancement of the load carrying 
capacity of the structural system results from increasing connection characteristics. Thus, 
connection characteristics could significantly influence the shear force taken by the frame. This 
means that the improvement of the structural load carrying capacity results from the contribution of 
the frame, which forms the second defence line for earthquake-resistant building.  
 
 
5.   CONCLUSIONS 
 
This paper introduces a new type of structural system consisting of SRSF-SPSW. The seismic 
behaviour of this new structural system was estimated through experimental study and finite 
element analysis. Based on experimental results and parametric study, the following conclusions 
can be drawn. 
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(1) Setting of crossed stiffeners in SPSW with a stiffener-panel stiffness ratio of 12 increases 
stiffness, ductility, and peak lateral load of SRSF-SPSW by 6%, 17%, and 18%, respectively. It is 
attributed to the stiffeners reducing the height-thickness ratio of the plates, which improves the 
loading condition of the infill plates as well as delaying the buckling of steel panels. 
(2) Incorporating stiffeners in SPSW increases the buckling load of thin steel plates due to its 
restraining effect in out-of-plane deformation. The stiffeners also reduce the concavity of columns, 
which leads to uniform distribution of forces between two floors. 
(3) The use of thick SPSWs can be avoided through proper stiffener setting. Increasing the stiffness 
of the stiffeners can enhance the initial stiffness and peak lateral load of SRSF-SPSW and improve 
the overall behaviour of the specimen. The stiffener-panel stiffness ratio is recommended to be 
around 40. 
(4) The influence of connection stiffness on the load carrying capacity of the structural system is 
related to the stiffness of columns and thickness of infill plates. This influence is enlarged with 
increasing stiffness of columns and reducing thickness of infill plates. The load carrying capacity of 
a structural system with strong column-weak plate is significantly affected by connection stiffness 
and is increased by 42.2% when the connection is changed from pinned to rigid. For structural 
systems with weak columns (e.g. flexibility coefficient of columns is smaller than 2.5), the load 
carrying capacity is enhanced by less than 10% when changing pinned connections to rigid 
connections. 
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ABSTRACT: Structural fire design is exceedingly adopting the performance based approach. There are evident 
advantages of this approach compared to the prescriptive methods from codes. An analytical procedure, based on the 
real performance, must accurately predict the beam behaviour in fire. The study presented here proposes one such 
simplified analytical procedure aim to predict the real behaviour of a restrained steel beam. The proposed analytical 
procedure is validated through FE Analysis using FE models validated through test results. The study also attempts to 
establish the importance of using semi-rigid connection strength with respect to accurately predicting the behaviour 
of the restrained beam at catenary stage. 
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1. INTRODUCTION 
 
The prescriptive design approach in fire from design codes requires each structural component to 
fulfil their design requirement in isolation. This approach overlooks the interaction between 
different structural components in fire situations that might be unfavourable in some and favourable 
in other cases. Advanced numerical modelling tools have enabled the application of the 
performance base approach for design of structures in fire. Based on sound engineering principles 
and calculations, complex structural systems such as composite structures can be analysed with 
such tools. Contrary to the prescriptive approach, performance based design is more complex and 
its application is relatively case specific. 
 
The World Trade Centre (WTC) towers collapses have shown how damaging the interaction 
between different structural members can be in fire [1]. Other examples such as the full scale 
building tests conducted by the Building Research Establishment (BRE) at Cardington have led to 
useful data regarding redundant structural systems in fire [2]. 
 
The focus of this study is the analysis of the behaviour of a restrained steel beam in fire. The 
restrained behaviour of a steel beam in fire has also been previously studied by other researchers. 
Liu et al tested a sub-frame in fire using two different types of connections: flush end plate and 
web-cleat connections [3]. Yin and Wang investigated the effect of axial and rotational stiffness on 
a restrained steel beam in a sub-frame exposed to fire [4]. They further developed an analytical 
procedure to describe the behaviour of a restrained steel beam in fire. The procedure was validated 
using FE modelling [5], [6]. Li and Guo [7] also included the cooling phase in their study to assess 
the tensile forces produced as a result. Santiago et al [8] focused on the role of end restraints on a 
steel beam in a sub-frame exposed to natural fire conditions (heating and cooling phases). Gillie 
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used a benchmark study to demonstrate the complexity of the behaviour of a restrained steel beam 
at elevated temperatures compared to the assumption of an isolated member in standard fire tests 
[9]. 
 
2.  ANALYTICAL PROCEDURE 
 
2.1  Introduction 
 
Figure 1 shows the axial force-vs-temperature curve of the beam. Under fire exposure the beam is 
initially compressed due restrained expansion. Later as the beam is heated further, the material 
strength and stiffness is considerable reduced causing the beam to deflect and release the initial 
compression and transition into the tensile phase. The beam at this stage behaves like a catenary 
resisting part of the applied load. An analytical procedure should enable the designer to predict the 
level of the axial force and deflection of the beam during fire exposure. 

 

Figure 1. General Variation of the Axial Force in a Restrained Steel Beam in Fire 

 
The procedure presented here is based on a concept presented by Wang et al. [10]. The original 
method proposes calculating three transition points on the axial force-vs-temperature curve. These 
points are the maximum compressive force (1), zero axial force (2) and maximum tensile force (4) 
(Figure 1). These points are joined together by straight lines to get the approximate axial 
force-vs-temperature curve. 
 
2.2  Proposed Novel Approach 
 
To obtain a better approximation of the curve, the proposed procedure has four transition points 
instead, which are calculated and then joined together forming the broken line in Figure 1. This 
approach provides a comparatively better approximation of the axial force vs temperature 
relationship of the beam due to its extra transition point 3 and consideration of the residual bending 
moment resistance from point 2 to point 3. The details of the procedure are described as follows. 
 
2.2.1 Maximum compressive force 
 
The first transition point (1) on the axial force vs. temperature curve of a restrained steel beam is 
the maximum compressive force developed due to the beams’ restrained thermal expansion. The 
maximum compressive force is determined by considering its interaction to the bending moment 
produced by the imposed loading on the beam. The interaction equation from Eurocode 3 part 1-2 
has been considered in the analytical procedure presented here [11]. Increasing temperature will 
reduce the modulus of elasticity and yield strength of steel, which implies that an iterative 
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procedure will be adopted to calculate the maximum compressive force and the temperature at 
which it will be achieved. Figure 2 shows a schematic diagram of the procedure used for this 
purpose. 

 

Figure 2. Schematic Diagram of the Calculation of Maximum Compressive Force 

 
The assumptions considered in the calculation shown in Figure 2 are as follows: 
 Axial force in the beam is calculated from the equation taken from Usmani et al. [12]: 

1fi,Ed

E A
N E A T

KL
     


                   (2.1) 

 The stiffness ‘K’ in Eq. 2.1 above is the stiffness of the supporting. 
 The deflection of the beam is assumed to be elastic during this initial phase.  
 The beam is assumed to be restrained from lateral torsional buckling.  
 
2.2.2 Zero axial force 
 
The first phase of the axial force-temperature curve concludes at point (1). As the temperature 
increases, further the compressive force in the beam reduces until it becomes zero, i.e. point (2) on 
the curve shown in Figure 1. From equilibrium, the imposed load is resisted only through flexural 
bending resistance up to point (2). At this point, the bending moment resistance of the beam is 
exactly equal to the bending moment from the imposed loading. 
 
The temperature at point (2) is determined from the yield strength of the steel using condition of 
equality between the moment resistance and the imposed loads as shown in Figure 3. 
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Figure 3. Limiting Temperature for the Bending Moment Resistance of the Beam 

 
The calculation shown in Figure 3 is based on following assumptions: 
 The bending moment resistance of the beam is directly proportional to the yield strength of the 

steel material, disregarding lateral torsional instability. 
 The beam is assumed to be simply supported. 
 
The temperature at point (2) corresponds to the conventional limiting temperature of a steel beam 
according to Eurocode 3 part 1-2. 
 
If a semi-rigid connection is considered, then its strength and stiffness must be used. These will 
vary with increasing temperature, which must be taken into account. The Initial stiffness and 
strength of the connection are directly proportional to the modulus reduction factor kE,θ and the 
yield strength reduction factor ky,θ, respectively, according to EN 1993-1-2 [11]. 
 
A modified procedure is thus used to calculate point (2), described in Figure 5. This procedure 
would also introduce the connection temperature into the calculation. Generally, the beam 
temperature at midspan is higher than the connection temperature due to the concentration of mass 
at the connection. An equation from Annex D of EN 1993-1-2 has been used here to determine the 
connection temperature shown below as Eq. 2.2 [11]. 
 

 0 88 1 0 3conn beam. . h / D                      (2.2) 

 
The temperature of an unprotected steel beam subjected to a standard fire (ISO 834) is determined 
using Eq. 2.3 below, from EN 1993-1-2 [11]. 
 

m
beam sh net

a a

A V
k h t

c



                     (2.3) 

 
The steel beam with an IPE 300 profile and the connection temperature with increasing time, when 
uniformly exposed to a standard ISO 834 fire, is shown in Figure 4. 
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Figure 4. Temperature-vs-time Curves 

 
As a first approximation, the reduction factor ky,conn is calculated using the beam temperature at 
point (2) according to Figure 3. This value of ky,conn is the starting value in the loop shown in Figure 
5. Once the loop gives repeating values of ky,conn, it is terminated and the last value of beam 
temperature in the loop is taken as point (2) on the curve.  
 

 

Figure 5. Calculation of the Reduction Factor for the Connection 

 
The midspan deflection of the beam at this point is calculated using the deflection profile proposed 
by Dwaikat and Kodur, described in Figure 6 [13]. 

 

Figure 6. Deflection Profile of the Beam during Catenary Phase 
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2.2.3 Maximum tensile force 
 
As the temperature increases beyond point (2) calculated above, it is evident that the bending 
moment resistance of the beam is insufficient to resist the imposed loading. A simply supported 
beam would undergo runaway deflection at this point. However, a restrained beam would develop 
an additional resistance through the tensile axial force in the beam resisted at the supports through a 
catenary action. The bending moment resistance of the beam will progressively decrease with 
corresponding increase in catenary action as the temperature increases. The limit to the catenary 
action in the beam is imposed by the beams tensile capacity. 
 
The midspan deflection of the beam in the catenary phase is also calculated using Eq. 2.4 based on 
profile in Figure 6.  
 

2 2

2 2

L TL L            
                 (2.4) 

 
The catenary phase can be divided into two distinct phases, i.e. without interaction between 
catenary force and residual bending moment and with interaction between them. 
 
The boundary between these two phases is at point (3) in Figure 1, determined by calculating the 
axial force and bending moment resistance for each temperature increment beyond point (2) on the 
curve. The criteria for no interaction between the axial force and bending moment is checked at 
each increment and continued if satisfied. The last increment that satisfies this condition is the point 
from which onwards the catenary force will interact with the bending moment resistance. This 
calculation procedure can be easily understood through the schematic diagram of Figure 7. 
 

 

Figure 7: Schematic Diagram of the Calculation of Temperature during the Catenary Phase up to 
which there is no Interaction between the Axial Force and the Bending Moment Resistance 
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Last point (4) on the curve is determined by assuming that the bending moment resistance is zero 
and catenary action is solely responsible for resisting the imposed load. The catenary force is equal 
to the tensile capacity of the beam at this point; beyond this point the beam undergoes runaway 
deflection.  
 
 
3.  FINITE ELEMENT MODEL 
 
The hand calculation procedure has been validated using FE Analysis, in Abaqus [14]. The FE 
models were validated against test results on sub-frames at elevated temperatures discussed below. 
 
3.1  Sub-frame Tests 
 
The sub-frame tests were performed at the University of Coimbra. This was done within a 
European project COMPFIRE [15]. Under the COMPFIRE project, a novel connection consisting 
of a reverse channel between steel beam and Concrete Filled Tubular (CFT) columns was studied at 
elevated temperatures. The aim of this project was to demonstrate the large rotational capacity of 
this connection type at elevated temperatures compared to other types of connections [15]. 
 
Full scale tests were carried out on sub-frames consisting of an IPE 300 profile beam supported at 
each end by a CFT column through reverse channel connections. The columns are 3525 mm tall 
and the beam has a 5000 mm long span shown in  Figure 8 [16]. Other details of test specimens 
are given in Table 1 below. 
 

Table 1. List of Sub-frame Models at Elevated Temperature 

Test 
n° 

Temperature curve Column section Reverse channel 

1. Heating1 + cooling SHS 250x10 U 200x90x10 
2. Heating2 + cooling SHS 250x10 U 200x90x10 
3. Heating1 + cooling SHS 250x10 U 200x90x8 
4. Heating1 + cooling SHS 250x10 U 200x90x12 

 
In each case, the beam has a utilization factor of 0.2, i.e. 47 kN constant load. The connections, 
webs and the bottom flanges are heated using flexible ceramic heating pads. The top flange was not 
directly heated in order to simulate the heat sink effect of the concrete slab. The column was also 
not heated directly [16]. 
 
The measurements made during the tests include the midspan deflection, reaction forces at the 
column ends and temperatures along the beam span and connections. 
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F = increasing applied load

Elevated temperature tests:
F = 20 kN

 

Figure 8. Experimental Setup of the Sub-frame Tests [16] 

 
The lateral torsional instability is prevented by restraining lateral translation along the span of the 
beam.  
 
All steel components are made of Steel S355 except the end-plates, which are of S275. The 
concrete in CFT column is grade C30\37. The bolts in connection are M24 grade 10.9 [16]. 
 
3.2  Connection Strength 
 
The reverse channel connection is expected to behave as a semi-rigid connection. There are 
presently no rules in Eurocode 3 for calculation of the strength and initial stiffness of reverse 
channel connections, therefore numerical procedures have been used for their calculation using FE 
Models of the connections shown in Figure 9. 
 

 
Mises Stress distribution Principal plastic strain distribution 

Figure 9. Deformed Shape of a Reverse Channel Connection 

 
The moment-vs-rotation diagram is plotted for the connection by measuring the rotation of the 
beam near the connection. These plots are shown below in Figure 10. 
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(c) 

Figure 10. Moment-vs-rotation Diagram of Reverse Channel Connection  

(a) 12 mm thickness, (b) 8mm thickness, (c) 10 mm thickness 

 
The stiffness and strength of the three different reverse channel connections are summarised below 
in Table 2. 

Table 2. Initial Stiffness and Strength of the Reverse Channel Connections 

Reverse channel thickness 
(mm) 

Initial Stiffness (Sj,ini,20°C) 
kNm/rad 

Connection strength 
(MRd,20°C) 

kNm 
12 4585 40 
10 3256 30 
8 2938 25 

 
3.3  Material model 
 
The material models used in the FE-models were based on the coupon tests conducted on 
specimens from the different structural components, also done at the University of Coimbra. 
Specimens from all components were tested at room temperature only, except the ones from 
channel component, which was also tested at elevated temperatures. The results from these coupon 
tests are summarized in Table 3 [15]. 
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Table 3. Mechanical Properties of Steel from Coupon tests [15] 

Structural 
component 

Temperature 
(°C) 

Nominal yield 
strength (MPa) 

Test result 
Yield strength 

(MPa) 
Ultimate 

strength (MPa) 
End-plate 

(S275) 
20 275 236.7 424.7 

I-Beam (S355) 20 355 446 562 
SHS (S355) 20 355 554.7 621.3 

Reverse 
channel, SHS 

(S355) 

20 355 513.3 558.7 
200 355 489.3 515.7 
400 355 447.3 473 
600 166.9 249.7 252.3 
800 39.1 119.7 124 

Mean (20°C)   437.7 541.7 
Standard 
Deviation 

(20°C) 

  122.3 71.9 

 
The tri-linear stress-strain curve for carbon steel at elevated temperatures from EN 1993-1-2, 
shown in Figure 11, was used in the FE Models [11]. This stress-strain model does not consider 
strain hardening; therefore only yield strength values are taken from the coupon tests. 
 

 

Figure 11. Stress-strain Relationship for Carbon Steel at Elevated Temperatures [12] 

 
The stress-strain curves for the channel component at different temperatures, according to Table 3, 
are shown in Figure 12. For the other components the reduction factors from EN 1993-1-2 were 
used for the curves at elevated temperatures. Eq. 3.1 and Eq. 3.2 are used to calculate the true 
values of the stresses and strains from their nominal values [14]. 
 

 true nomln 1                      (3.1) 

 
 true nom nom1                       (3.2) 
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Figure 12. Stress-strain Curve at Elevated Temperatures from Coupon Tests 

 
Nominal material properties of bolt grade 10.9 from EN 1993-1-1 were used [17]. The stress-strain 
model for the bolts was based on the analytical model proposed in the European project COSSFIRE 
[18]. Figure 13 shows this model at different temperatures for the bolt grade 10.9.  
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Figure 13. Stress-strain Curve at Elevated Temperatures for Bolt Material 

 
3.4  Element Type 
 
The sub-frame has been modelled using 3D solid reduced integration elements C3D8R. The use of 
first order reduced integration elements can reduce computation time but the drawback for such 
elements can be ‘hourglassing’. However, in Abaqus, first order reduced integration elements 
possess hourglass controls, which in combination with a fine mesh can solve the problem of 
‘hourglassing’. 
 
3.5  Analyses Procedure 
 
The analysis of the sub-frame model is performed in a series of four ‘Static general’ steps described 
below: 
 
Bolt pretensioning: As the first step in the simulation, the bolts are pretensioned in order to 
initialize the contact interactions and prevent any rigid body motions later in the analysis. 
 
Fixing the bolt length: The second step, is to fix the bolts at their current lengths using Abaqus 
bolt load option ‘fix-current-length’. Bolts are passive entities and not actively force driven; 
therefore this step ensures this by keeping the bolts at a particular compression distance. 
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Load application: A pressure load is applied on the top flange of the beam on an area and at 
positions corresponding to the tests.  
 
Temperature incrementation: In the last step, thermal loading is applied as increasing temperature 
in the model as a predefined field according to the temperature-time measurements made in the 
tests. 
 
 
4.  VALIDATION OF FE MODEL 
 
The axial force and midspan deflection obtained from the analysis of the FE models have been 
compared to the corresponding results from the tests. Figure 14 and Figure 15 show these results 
for the beam axial force and the midspan deflection respectively. 
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Figure 14. Axial force-vs-temperature from Tests and Finite Element Modelling 

 
Figure 14 shows that the variation of axial force in the FE models is very close to the test results. 
However, Figure 15 shows relatively sharp difference between the FE models and test results. Two 
reasons could be attributed to this difference; firstly FE models are generally expected to give stiff 
response. Second could be the uncertainty of the material strength at elevated temperature 
compared to Eurocode. Nevertheless, the results are close enough to warrant the reliability of the 
FE models for this study. 
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Figure 15. Midspan deflection-vs-temperature from Tests and Finite Element Modelling 

 
 
5.  VALIDATION AND DISCUSSION OF ANALYTICAL METHOD 
 
The validated FE models have been further used here to verify the proposed analytical procedure. 
Two different load levels (fraction of the ambient temperature design resistance) for each of the 
three channel thicknesses of the connection are used for comparison between FE model and 
analytical procedure. Table 4 presents a list of the models used here. 

Table 4. FE-models used for the Verification of the Analytical Procedure 

No. Beam profile Reverse channel thickness (mm) Load level 

1. IPE 300 8 0.4 
2. IPE 300 8 0.6 
3. IPE 300 10 0.4 
4. IPE 300 10 0.6 
5. IPE 300 12 0.4 
6. IPE 300 12 0.6 

 
Figure 16 and Figure 17 show these comparisons for axial force and midspan deflection, 
respectively two support conditions, i.e. simply supported and semi-rigid (reverse channel).  
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Figure 16. Variation of Axial Force in Steel Beam with Increasing Temperature 
 
Comparison between the FE models and the tests and later the analytical procedure gives some 
important insights. Figure 14 shows similar response between FE models and tests of compression 
in the initial phase and tensile catenary action in the later phase of heating. Test 2 is an exception 
where the beam has not been heated until the catenary phase and was cooled off earlier. All tests 
show the beam to be in tension during the cooling phase. Test 1 shows the highest tensile force in 
the catenary phase due to being heated the most. 
 
Test 1 and Test 2 shows the biggest difference from the FE model in terms of the tensile force after 
cooling. Difference in the column stiffness could be the reason for this as the column was not 
heated in the FE model. The difference in deflection between the FE models and tests could be due 
to the difference in real material properties at elevated temperatures and the ones proposed by 
Eurocode as used in FE models. 
 
The comparison between the FE models and the analytical procedure, according to Figure 16, 
shows the significance of using the connection moment in the calculation procedure. Table 5 gives 
a summary of the results from the comparison. 
 



       Naveed Iqbal, Tim Heistermann, Milan Veljkovic, Fernanda Lopes, Aldina Santiago and Luis Simões da Silva            188 

 

-500

-400

-300

-200

-100

0
0 200 400 600 800 1000

D
ef

le
ct

io
n

 [
m

m
]

Temperature [°C]

FEM HCM_Connection HCM_simple  
Model 1 

-500

-400

-300

-200

-100

0
0 200 400 600 800 1000

D
ef

le
ct

io
n

 [
m

m
]

Temperature [°C]

FEM HCM_Connection HCM_simple  
Model 2 

-500

-400

-300

-200

-100

0
0 200 400 600 800 1000

D
ef

le
ct

io
n

 [
m

m
]

Temperature [°C]

FEM HCM_Connection HCM_simple  
Model 3 

-500

-400

-300

-200

-100

0
0 200 400 600 800 1000

D
ef

le
ct

io
n

 [
m

m
]

Temperature [°C]

FEM HCM_Connection HCM_simple  
Model 4 

-500

-400

-300

-200

-100

0
0 200 400 600 800 1000

D
ef

le
ct

io
n

 [
m

m
]

Temperature [°C]

FEM HCM_Connection HCM_simple  
Model 5 

-500

-400

-300

-200

-100

0
0 200 400 600 800 1000

D
ef

le
ct

io
n

 [
m

m
]

Temperature [°C]

FEM HCM_Connection HCM_simple  
Model 6 

Figure 17. Variation of Midspan Deflection in Steel Beam with Increasing Temperature 

 

Table 5. Results from FE-models and Hand Calculation Procedures 

No. Maximum compressive 
force (kN) 

Temperature (zero axial force) [°C] Maximum tensile force(kN) 

FEM HCM Diff. % FEM HCM 
(simple 

supports) 

Diff. % HCM 
(Connection 

moment) 

Diff. % FEM HCM 
(simple 

supports) 

Diff. % HCM 
(Connection 

moment) 

Diff. % 

Model-1 318 338 6.29 697 629 9.7 721 3.43 135 260 93.4 152 13.2 
Model-2 274 294 7.23 616 558 9.35 639 3.83 194 408 110 267 39 
Model-3 346 338 2.33 763 629 17.6 742 2.8 129 260 102 137 6.38 
Model-4 332 294 11.46 684 558 18.5 657 4.0 159 408 156 247 55 
Model-5 355 338 4.65 764 629 17.7 695 9.0 129 260 101 112 13.2 
Model-6 331 294 11.33 700 558 20.3 686 2.0 178 408 129 203 14.4 

 
From the results in Table 5, it can be seen that consideration of the connection reduces the 
difference between the results from FE models and the analytical. The simply supported beam 
assumption in the analytical procedure gives conservative results for point (2) and point (4). 
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Similarly the midspan deflection from the analytical procedure with connection moment included 
(Figure 17) shows convergence towards the numerical results, whereas the model based on simple 
support assumption is diverging with increasing temperature. A detailed design example is provided 
in the ANNEX for a given beam and column dimensions. 
 
 
5.  DISCUSSION AND CONCLUSIONS 
 
The method presented in this study is based on the assumption that the temperature is uniform 
across the beam cross section depth. However, in reality the temperature of the top flange can be 
lower than the web and bottom flange due to its proximity to the concrete slab. This would cause 
the beam to have a higher resistance at elevated temperature than shown here and could be 
incorporated into future extension of this approach. The restrained thermal expansion of the beam 
will induce second order bending moment in the compressive phase of the beam, which has not 
been taken into account here based on small deflection assumption; however, this can also be 
introduced as a further extension to this proposed approach in future work. 
 
Main conclusions derived from the study presented here are as follows: 
 In the absence of a component method procedure for the connection type considered in this 

study, a numerical approach was adopted which gave a satisfactory estimation of the connection 
strength. This is born out of the fact that the analytical procedure has been significantly accurate 
with these estimated connection strength used as inputs.  

 At elevated temperatures material properties such as it strength and stiffness degrade; this 
degradation has certain uncertainty associated with them, but despite this fact the FE models 
have been able to simulate the behaviour of the tests satisfactorily. .  

 The connection moment resistance at elevated temperatures, though not very significantly high, 
can contribute towards significantly increasing the conventional limiting temperature (defined 
by the point of zero axial force in the beam). This increase in temperature can range from 60 °C 
to 120 °C, from its value without it. 

 The semi-rigid connection contributes towards reducing the difference between the maximum 
catenary force from the analytical procedure and the FE model results. The difference is 24% 
for the procedure with semi-rigid connection whereas 115% for the procedure without 
semi-rigid connections. 

 The deflection profile obtained from the analytical procedure is also much closer to the FE 
model results when considering the contribution of the semi-rigid connection. This indicates 
that the connection strength is significant despite the fact that the connection type considered 
here in this study is not a moment type connection. 
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ANNEX 
 
Design Example: 
 
Determine the maximum axial compressive force and the maximum axial tensile force generated in 
a 6 m unprotected steel beam exposed to a standard fire (ISO 834). The cross sectional profile of 
the beam is an IPE 330 made of steel grade S355 and it is connected at its ends to supporting HD 
360x134 profile columns through semi-rigid reverse channel connections. The floor height is 3.5 
meters. The utilization factor of the beam is 0.4. 
 
Step 1: Cross section classification 
 

For fire design situation:   θ yε 0.85 235 f 0.85 235 355 0.692 

[EN 1993-1-2] 
Top flange [outstand compression element] 
Width to thickness ratio:   
 

 θ f f θ9ε < c t =5.06<10ε class 1 [EN 1993-1-1: table 5.2] 

 
Web [internal compression element] 
Width to thickness ratio: 
 

 θ w w42ε > c t =36.13 class 4 [EN 1993-1-1: table 5.2] 

 
Step 2: Effective cross-section properties: 
 
Stress distribution ratio (web):  ψ = 1 
Plate buckling factor (web):   σk  = 4.0  

Plate slenderness (web):    p w w σλ  = [c t ][28.4 ε k ] 0.782 

[EN 1993-1-5: section 4.4] 
Reduction factor:   2

p pρ = [λ -0.055(3+ψ] λ =0.919  

[EN 1993-1-5: section 4.4] 
Effective web width:  w,eff wh  = ρ×h = 249.07 mm  

Area of effective cross section: 2
effA  = 6096 mm  

Moment of inertia (strong axis): 4
effI  = 117693414 mm  

 
Step 3: Axial support stiffness (columns): 
 
Length of column: cL 2 floor height = 7 m    

Axial support stiffness: 3
c c cK = 192EI L = 48.8 kN mm   
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Step 4: Maximum compressive force (Point-1): 
At temperature θ: 
 
Axial force in the beam due to restrained thermal expansion: 
 Ed c bN = EAαθ[1+ EA(0.5K L )]  

Axial force capacity of the beam: b,fi,Rd fi y,θ y effN  = χ k f A   

Bending moment resistance at 20°C: c,Rd el,eff y MfiM  =  W f γ  =253 kNm   

Applied bending moment in fire: fi,ed c,RdM  = 0.4M  = 101 kNm   

Bending moment resistance in fire: fi,Rd el,eff y,θ y MfiM  = W k f γ   

Design resistance for combined bending and compression: 
 Ed b,fi,Rd y fi,Ed fi,RdN N + k M M 1   

Where,  y y Ed b,fi,Rdk  = 1- μ N N 3   

And  y M,y θ M,yμ =(1.2β -3)λ +0.44β -0.29 0.8   

[EN 1993-1-2] 
Incrementally increasing the temperature until the design resistance for combined bending and 
compression is reached: 

1θ  = 391 C , 1N  = 605 kN  [maximum compressive force] 
 
Step 5: Zero Axial force (Point-2) 
 
Bending moment capacity of connection 20°C: connM  = 40kNm   

 
As a first iteration: 
 
Assuming simple supports: y,θ fi,Ed el,efff  =  M W  = 142MPa   

Reduction factor:  y,θ y,θ y,θ yf  = 142MPa k  = f f  = 0.4   

Beam temperature:  y,θk  = 0.4 θ = 629 C    

Connection temperature:   
  connθ =0.88θ(1-0.3 h D)=470 C for  h D=0.5   

[EN 1993-1-2] 
Reduction factor (connection): conn y,connθ = 470°C k  = 0.845  

Connection resistance: conn,fi y,conn connM = k M  = 33.8kNm   

Considering connection resistance to calculate fy,θ 

 y,θ fi,Ed conn,fi el,efff  = [M -2M ] W   

Using fy,θ to perform the next iteration and so on until the reduction factor ky,conn becomes repetitive: 

y,conn conn,fi y,θ fi,Ed conn,fi el,effk =0.52 M =20.8kNm f =(M -2M ) W =83.7MPa    

y,θ y,θ y,θ yf = 83.7MPa k =  f f  = 0.236   

y,θ 2k = 0.236 θ  = 698°C  

 
Step 6: Tensile force (bending-tension interaction) (Point-3) 
 
In the catenary phase, initially the bending moment resistance is significant, thus interaction with 
the tensile force is taken into account.  

For an incrementally increasing temperature θ > θ2: 
Residual Moment: fi,Ed fi,Rd conn,fiΔM = M - M - 2M   
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Beam deflection: 2 2δ= [(L+αθL)2)-(L 2)   

Axial force: tN = ΔM δ   

Stop the incrementation when: t t,Rd t w y,θN N  OR N 0.5ht f    

The values obtained are: 3θ  = 778°C , 3N  = 70kN   

 
Step 7: Maximum tensile force (Point-4) 
 
For an incrementally increasing temperature θ > θ3: 
Beam tensile resistance: t,fi,Rd y,θ MfiN = Af γ   

Beam deflection: 2 2δ= [(L+αθL)2)-(L 2)  

Residual Moment: fi,Ed conn,fiΔM = M - 2M   

Stop the incrementation when: t,fi,RdN ×δ = ΔM   

The values obtained are: 4θ  = 869°C , 4N  = 168.7kN   
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ABSTRACT: Existing deep reinforced concrete (RC) coupling beams with low shear span ratios and conventionally 
reinforced shear stirrups tend to fail in a brittle manner with limited ductility and deformability under reversed cyclic 
loading. Previous studies have developed a new retrofitting method with an unstiffened laterally restrained steel plate 
(LRSP) for existing deep RC coupling beams. By utilizing the post-buckling loading capacity of steel plate, the 
deformability and energy dissipation of the retrofitted coupling beams were enhanced while maintaining flexural 
stiffness during an earthquake. However, the occurrence of early plate buckling usually results in reduced strength, 
stiffness and energy dissipation capacity accompanied by significant pinching. In this study, half-scale deep RC 
coupling beams rehabilitated by LRSP with stiffeners were tested. The results demonstrate that the type of bolt 
connection greatly influences the performance of retrofitted coupling beams. The additional stiffeners can prevent 
plate buckling and ensure that the steel plate has a wider yield area and hence higher energy dissipation. 
 
Keywords: Deep coupling beams, seismic retrofitting, laterally restrained steel plate, stiffener, bolt connection 
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1. INTRODUCTION 
 
The need to retrofit in earthquake prone regions may arise directly from the problems of aging 
infrastructure, recognition of the vulnerability of existing infrastructure, updates in seismic code 
requirements, or changes in building performance objectives. Coupled shear walls are very 
frequently incorporated into high rise buildings as a primary lateral resisting system. Coupled 
beams in coupled shear walls are very important structural components that provide the necessary 
lateral strength, stiffness and deformability for the whole building to resist extreme wind and 
earthquake loads. In past decades, the design of many concrete buildings such as in Hong Kong 
have not taken into account earthquake actions. Following the introduction of the new design codes, 
many existing coupling beams are found to be deficient in shear capacity. Paulay [1] has pointed 
out that deep reinforced concrete (RC) coupling beams are prone to brittle failure in the form of 
diagonal or sliding failure when insufficient shear reinforcement is used. Past earthquake records [2, 
3] also reveal that many deep RC coupling beams have been seriously damaged in a typical shear 
failure mode during major earthquakes. Under strong earthquake loads, brittle failures of these 
coupling beams could significantly affect their energy dissipation ability and the structural safety of 
the entire building. To improve the seismic resistance of existing buildings, many coupling beams 
deficient in shear or lacking in deformability need to be retrofitted. 
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Only a few studies in the literature are related to the seismic retrofitting of existing RC coupling 
beams. Harries et al. [4] studied a shear strengthening method for existing coupling beams with a 
span-to-depth ratio of 3.0. In their study, the retrofitting involved a number of different attachment 
methods to fix the steel plate to one side of the coupling beams. They found that the hybrid method 
of bolting and epoxy bonding to attach the steel plates both in the span and at the ends performed 
the best. Su and Zhu [5] studied a shear strengthening method for RC coupling beams with a 
span-to-depth ratio of 2.5. To strengthen the coupling beams, they bolted the steel plate to both ends 
of the wall panels without adhesive bonding. Their experimental studies showed that this 
retrofitting method could greatly increase the shear capacity of medium length coupling beams, 
while fastening the retrofit plate to the span of a concrete beam could prevent local buckling of the 
steel plates, but this led to serious concrete damage at the failure stage. In all experiments of Su and 
Zhu, minor buckling of the steel plate was observed and the effects of local buckling on the 
behavior of strengthened coupling beams were not investigated. The widths of door and window 
openings usually range from 1.0 to 1.5 m, while height ranges from 1.5 to 2.5 m; thus, many 
coupling beams above the openings are rather short and deep. Su and Cheng [6, 7] experimentally 
studied the use of a laterally restrained steel plate (LRSP) without stiffeners to retrofit deep 
concrete coupling beams with a span-to-depth ratio of 1.1. In the test, thin mild steel plates were 
utilized. The steel plate started to develop a diagonal tension field after the onset of global buckling 
at the early stages of loading and exhibited nonlinear behavior at relatively small inter-story drift 
ratios. Due to the post-buckling loading capacity and tension field action in the steel plate, LRSP 
retrofitted coupling beams failed in a ductile manner. Cheng and Su [8] conducted a numerical 
parametric study to investigate the influence of plate buckling on the LRSP retrofitted coupling 
beams. However, shear buckling of steel plate in the early stages usually results in reduced strength, 
stiffness and energy dissipation capacity accompanied by significant pinching. Lu and Li [9] 
proposed slim buckling-restrained steel plate shear walls to seismically strengthen the lateral load 
resistance of buildings. The stable hysteresis curve, good deformability, and high energy dissipating 
ability of the proposed buckling-restrained steel plate shear wall were demonstrated experimentally. 
In this study, we attempt to add steel stiffeners to the steel plate to defer the shear buckling and to 
increase the energy dissipation capacity of the retrofitted beams. A series of LRSPs with stiffeners 
have been tested to investigate the effectiveness of the proposed method in the prevention of 
pinching of the hysteresis curves and increasing the energy dissipation capacity of the retrofitted 
coupling beams.  
 
 
2   LRSP RETROFITTING METHOD  
 
The main characteristic of the LRSP retrofitting method is the use of a plate buckling control device, 
which is composed of steel angles (Figure 1). Cheng and Su [7] applied the plate buckling control 
device to effectively suppress laterally out-of-plane plate buckling. To avoid adding extra flexural 
strength and stiffness to the retrofitted coupling beam, the lateral stiffeners are connected to a steel 
plate by bolt connections with slotted holes, which allow the two lateral stiffeners to freely rotate 
and move in the longitudinal direction. The advantage of using a plate buckling restraining device 
instead of adding stiffeners to the steel plates to control plate buckling is that the stiffness of the 
coupling beams would not be increased. This is important because the increase in the beam’s 
stiffness would stiffen the lateral load resisting system and cause the structure to attract more 
seismic loads, which might lead to early failure of the coupled shear walls under strong seismic 
loads. Experimental studies have demonstrated that, for the specimens with the buckling control 
device, plate buckling at the beam-wall joints is suppressed. A continuous shear transfer medium 
across the joints, provided by the steel plate, can continue to take a larger share of the load in the 
post peak region and alleviate concrete crushing in the compression region. As a result, LRSP 
retrofitted coupling beams failed in a more ductile fashion. 
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Figure 1. LRSP Retrofitting Method 

 
 
3.   EXPERIMENTAL PROCEDURE 
 
3.1  Description of Test Specimens 
 
Five specimens with the same dimensions and reinforcement specifications (see Figure 2a), but 
different retrofitting schemes, were fabricated and tested. Each beam was connected to two RC 
panels, simulating a section of the coupled shear walls, to properly model the beam-wall 
interactions. Two base beams were attached to the top and bottom ends of each specimen and 
rotated 90o to fix the specimen onto the loading frame via anchor-bolt connections. 
 
The sizes of the coupling beams were 450 mm deep by 120 mm wide, with a clear span of 500 mm 
and a span-to-depth ratio of 1.11. The top and bottom longitudinal reinforcements of the coupling 
beams consisted of four 12 mm diameter high-yield reinforcement bars with a steel ratio of 0.8%, 
and the side bars included four 8 mm diameter mild steel round bars. The shear reinforcements in 
the coupling beams consisted of four 8 mm diameter hoops with a 125 mm pitch. This shear 
reinforcement arrangement was selected to represent the shear-deficient coupling beams in old 
existing buildings. 
 
Given the limited load capacity of a 500 kN hydraulic jack, the original coupling beam DCB8 was 
designed to achieve a loading of less than 50% of the jack capacity, according to the provisions 
given in the old British Standard CP114 [10], meaning that the jack was able to cause the retrofitted 
coupling beams to fail. For the specimens with a bolted steel plate, the capacity of the steel plates 
should not be higher than 250 kN. The shear capacity of steel plates was designed according to the 
British Standard BS5950 [11] with a full plastic assumption, which ignored the effects of steel plate 
buckling and bolt group slippage. The material properties of concrete, steel and rebar are shown in 
Table 1. Through the design calculation, thin steel plates of 4.5 mm were selected. 
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(a) 

 
(b) 

Figure 2. Details of test specimens: (a) RC details and (b) bolt-plate configurations  
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Table 1. Material Properties 
 Concrete      Steel plate 

Specimen fcu (MPa) fyp (MPa) E 
(MPa) 

DCB8 59.6   
DCB9 61.4 362 203,420 
DCB10 60.3 367 203,536 
DCB11 60.1 345 200,386 
DCB12 62.6 353 200,652 

 
Reinforcement bars 

Type fy(MPa) E (MPa) 
T12 545 199,300 
T16 556 187,865 
T20 484 195,643 
R8 473 189,500 

 
The retrofitting schemes of all the specimens are shown in Table 2 and Figure 2b. The first 
specimen DCB8 with a plain RC arrangement was used for control purposes. The LRSP method 
and stiffeners were all applied to Specimens DCB9 to DCB12, as shown in Figure 2b. Stiffeners are 
structural elements connected to the steel sheet by continuous fillet welds. Rigid stiffeners are used 
to ensure that the plate can reach its full plastic strength and avoid overall buckling. Through 
numerical studies of the local buckling effects of steel plate, Cheng and Su [8] numerically found 
that, for steel plate with span-to-depth ratio 1.1, the height to thickness (h/t) ratio of steel plate 
should be lower than 62.5. Therefore, one horizontal or two horizontal and diagonal stiffeners are 
adopted. Rectangular steel plates with width of 20mm and thickness of 9mm are selected as 
horizontal stiffeners and steel rebars with diameter of 10mm are selected as diagonal stiffeners The 
stiffeners are placed symmetrically along the span of the steel plate, as shown in Figure 3. 
 

Table 2. Coupling Beam Details 
Specime

n 
Stiffeners Plate 

thickness  
at span 

Plate 
thickness  
at ends 

LRSP 
method 

 Bolt 
property 

Type of bolt 
connection 

       
DCB8 N/A N/A N/A N/A N/A N/A 
DCB9 Two 

diagonal  
4.5mm 9mm Added High-tensile 

steel 
General  

DCB10 Two 
diagonal 

4.5mm 9mm Added High-tensile 
steel 

Dynamic set 

DCB11 Two 
horizontal 

4.5mm 9mm Added High-tensile 
steel 

Dynamic set 

DCB12 One 
horizontal 

4.5mm 9mm Added High-tensile 
steel 

Dynamic set 

 
The anchors at the ends of the steel plates were designed to be strong enough to transfer all loading 
from the steel plates to the wall regions using the linear bolt group theory. To avoid plate buckling 
in the anchor regions, thicker steel plates of 9 mm (which is twice the thickness of the plate in the 
span) were used in the anchor regions. To allow for construction tolerances, clearance 
through-holes were provided in the steel plates and concrete walls.  
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Since the steel plates were attached to coupling beams solely by bolt connections, the strength, 
stiffness and fixing details of the bolts would significantly influence the behavior of the entire 
retrofitting system. In this study, 20 mm diameter high strength bolts were used to fix the external 
steel plate, while slightly larger clearance through 22 mm diameter holes was provided in the steel 
plates and concrete walls to allow for fabrication tolerances. Two types of bolt connection are 
adopted in the specimens. One is the general bolt connection which screws the bolts by tightening 
torque to about 0.3 kNm (according to China Standard Q/STB 12.521.5-2000). The other is the 
dynamic set bolt connection which minimizes any possible slippage between various components at 
the connections by injecting adhesive to fill the gaps between the bolt shank and surrounding 
concrete (see Figure 2b).  
 
3.2  Test Setup, Loading Procedure and Instrumentation 
 
The load frame shown in Figure 4, designed by Kwan and Zhao [12], was used in the tests. To 
facilitate loading, the specimens were rotated 90o from their actual positions. The bottom end of 
each specimen was attached to a horizontal steel beam that was fixed to the floor, while the top end 
was attached to a structural steel beam that could move horizontally during the loading process. 
Reversed cyclic loading was applied by a 500 kN servo-controlled hydraulic actuator through a 
rigid arm at the top end of the specimen where the line of action of the applied shear force passed 
through the center of the beam. In this way, the coupling beam was loaded with a constant shear 
force along the span and a linearly varying bending moment with the point of inflection located at 
the mid-span, which simulated the real situation.  
 
The specimens were tested under reversed cyclic loading to simulate an earthquake or wind forces. 
The loading process was divided into two phases: the first phase was load-controlled and the 
second phase was displacement-controlled. Reversed cyclical loading was applied to each specimen 
up to 75% of the estimated ultimate shear capacity ( *

uV ). The subsequent cycles were 

displacement-controlled, in which the specimen was displaced to a nominal ductility factor ( n = 1) 

         
 
 
 
 
 
              DCB9                                 DCB10 
 
 
 
 
 
 
 
 
 
             DCB11                                 DCB12 

Figure 3. Stiffeners on Steel Plate 
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for one cycle and then to each successive nominal ductility factor for two cycles, as illustrated in 
Figure 5. The beam rotations ( ), defined as the differential displacement between the two beam 
ends (  ) in the loading direction divided by the clear span ( l ), were calculated using the 
displacements measured by the linear variable displacement transducers (LVDTs) L3 and L4, as 
illustrated in Figure 5. The nominal yield rotation ( yn ) at n = 1 originated from Park [13] and is 

obtained by extrapolating the average of the   values corresponding to the positive and negative 
loads at *75.0 uV in the first cycle by a factor 4/3. The actual yield rotation ( y ) was obtained in the 

same manner from the maximum measured shear ( Vu). The test was terminated when the peak load 
reached in the first cycle of a nominal ductility level fell below the lesser of 0.8 *

uV  and 0.8 Vu and 

the test specimen failed.  
 

 
Figure 4. Test Setup 

 
A number of instruments, including Linear Variable Displacement Transducers (LVDTs) and strain 
gauges, were installed to capture the deflection, curvature profiles and slippage of the bolt group in 
the anchor region. Strain gauges were attached along the plates, longitudinal bars and stirrups to 
investigate the deformations and internal load distributions of the steel plates and steel bars. The 
arrangements of the LVDTs and strain gauges are shown in Figures 6(a) and 6(b), respectively. 
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Figure 5. Loading History  
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4.   RESULTS AND DISCUSSION 
 
4.1  Strength, Deformation and Ductility 
 
The performance of the specimens was evaluated through the measured strains and LVDT data. 
Several parameters were defined to interpret the results of the tests. The ultimate rotation θu is 
defined as the chord rotation angle at 0.8 Vu of an envelope curve on the softening branch and the 
yield chord rotation θy is defined as the chord rotation angle at 0.75 Vu of an envelope curve on the 
increasing branch. The maximum ductility µ is equal to the ultimate rotation θu divided by the yield 
chord rotation θy. As the test values for the positive cycles were not the same as those for the 
negative cycles, the values from the positive and negative cycles were averaged. It should be noted 
that Table 3 gives a summary of the experimental results before the rotation of 0.04 rad. This is 
because Qian and Xu [14] studied the deformation decomposition rule of RC shear wall structures 
and established the relationship between the deformation of coupling beams and inter-story drift. 
They pointed out that the rotation of coupling beam is about twice of the inter-story drift. 
Furthermore, Chinese Code (GB50011-2010) gives the inter-story drift ratio limit of 0.01 rad for 
high rise shear wall buildings under major earthquake conditions. Therefore if the rotation demand 
of coupling beams is more than 0.04 rad, the inter-story drift ratio demand of high rise shear wall 
buildings would probably exceed the codified drift limit.  
 
Table 4 summarizes the experimental results of the ultimate strength Vu, the ultimate rotations θu 
and the ductility µ of all the tested beams. By comparing the test results of the retrofitted beams 
with those of the control specimen (DCB8), the increases in strength, rotation and ductility were 
calculated. By comparing the test results of DCB9 with general bolt connections and those of 
DCB10 with dynamic set bolt connections, the effects of bolt connections is revealed. It can be 
seen that the shear strengths Vu and ultimate rotation θu of DCB9 were all decreased when 
compared with those of the controlled specimen while the shear strengths Vu and ultimate rotation 
θu of DCB10 were increased by 67% and 116%, respectively. The results indicate that the type of 
bolt connection has significant effects on the behavior of retrofitted coupling beams. General bolt 
connections with clearance holes on steel plates result in large bolt slippage at the early loading 
stage. As a result, the concrete and steel plate did not work together effectively. Meanwhile, the 
dynamic bolt connections, with injected adhesive to fill the gap between the clearance hole and bolt 
shank, alleviated the slippage and ensured that the plate and concrete moved together effectively. 
 

Table 3. Summary of Experimental Results 

 
By comparing the results of DCB11 with DCB12, the effects of the number of stiffeners can be 
studied. The only difference between these two specimens is the number of stiffeners used, DCB11 

Specimen Failure 
 Mode 

V*
u 

kN 
Vu 

kN 
Vu 

increased
%  

vmax 
MP
a 

θy 
 rad 

θu 

rad 
θu 

increased
% 

µ µ 
increased

% 

Ko 
106kN/m

m 
DCB8 brittle 242 246 N/A 4.6 0.005

5   
0.018

6 
N/A 3.4 N/A 27 

DCB9 brittle 460 244 N/A 5.4 0.003
9 

0.015
2 

-18 3.9 15 38 

DCB10 ductile 460 411 67 7.6 0.009
2 

0.040
3 

116 4.4 29 27 

DCB11 brittle 460 400 63 7.4 0.008
3 

0.028
7 

54 3.5 3 29 

DCB12 ductile 460 366 49 6.8 0.007
6 

0.037
4 

101 4.9 44 29 
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using two horizontal stiffeners and DCB12 using only one horizontal stiffener. The shear strengths 
Vu and ultimate rotation θu of DCB11 were increased by 63% and 54%, respectively, while the 
shear strengths Vu and ultimate rotations θu of DCB12 were increased by 49% and 101%, 
respectively. The results reveal that the number of stiffeners has significant effects on the behavior 
of retrofitted coupling beams. By adding fewer stiffeners, the increase in rotation deformability is 
much higher than the increase in shear strength. This is because using more stiffeners makes the 
plate more rigid and less ductile.  
 
By comparing the results of DCB10 and DCB11, the effects of the stiffener arrangement can be 
investigated. The only difference between these two specimens is the arrangement of stiffeners, two 
diagonal stiffeners for DCB10 and two horizontal stiffeners for DCB11. The shear strength Vu and 
ultimate rotation θu of DCB10 were increased by 67% and 116%, respectively, while the shear 
strength Vu and ultimate rotation θu of DCB11 were increased by 63% and 54%, respectively. These 
results show that the stiffener arrangement can affect the deformability but not the shear capacity of 
the retrofitted beams. Diagonally arranged stiffeners can increase the deformability much more than 
horizontally arranged stiffeners for the retrofitted coupling beams.  
 
The theoretical shear capacity (Vcode

*) of DCB8, determined according to British Standards, is 242 
kN which is very close to the average shear capacity (246 kN) obtained from the experiment. 
However, the theoretical shear capacities (Vcode

*), using the full plastic assumption for steel plate of 
the retrofitted specimens, is 460 kN. Significant errors can occur in the prediction of shear capacity 
as a result of ignoring bolt slippage. For DCB9, with the general bolt connections, large bolt 
slippage can cause significant error (46%) in shear strength prediction. Meanwhile, for DCB10 and 
DCB12 with dynamic bolt connections, this error can be reduced to 10% to 25%.   
 
The initial stiffness K0 was obtained by dividing the load at 75% of the ultimate load by the 
corresponding displacement. As shown in Table 4, the initial stiffnesses K0 of the retrofitted 
coupling beams are almost the same as those of the original specimen DCB8, but not those of 
specimen DCB9. The reason is that, for DCB9, with general bolt connections, at the early loading 
stage, concrete beam solely resists the shear loading, resulting in a lesser yield rotation than that of 
the other specimens. It can be concluded from the test results that this new seismic retrofitting 
method can increase the deformation and ductility of deep RC coupling beams while avoiding any 
substantial increase in their flexural stiffness. Since the total amount of base shear induced in a 
building during an earthquake is primarily dependent on the lateral stiffness of the structure, the 
proposed method would not impose extra forces on the building after seismic retrofitting. 
 
4.2  Crack Patterns and Failure Behaviors 
 
The concrete crack patterns of the test specimens were all very similar. The first cracks in the test 
specimens all occurred at the beam-wall joints and were inclined at about 45o

.  As the applied load 
increased, major diagonal cracks were formed across the beam span. These extensive diagonal 
cracks indicate that the shear capacity of the beams was insufficient. This result agrees with the 
anticipated brittle shear failure mode as a sufficient amount of longitudinal steel has been provided 
to avoid flexural failure prior to shear failure. The wall piers, including the joint regions, only 
experienced slight cracks when the beams failed. 
 
Figure 7 shows the crack patterns of the control specimen DCB8 and the retrofitted specimens 
DCB9 and DCB10 at the same load level of 200 kN. It can be seen that serious diagonal cracks 
appeared in DCB8 and DCB9 at the early loading stage. Meanwhile, for DCB10, with dynamic bolt 
connections, at the same load level, much smaller diagonal cracks were observed. This means that 
the LRSP works well with the concrete beam from the early loading stage. This can help to delay 
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the increase in width of the diagonal cracks in concrete. 
 
From the strain gauge data in the shear stirrups, the applied load corresponding to yielding of the 
stirrups can be identified. For the control specimen DCB8, the shear stirrups started to yield when 
the load increased to 264 kN. Soon after yielding, the shear force could no longer be resisted and 
the specimen reached its peak capacity (also at 264 kN). The results indicate that insufficient shear 
reinforcement is the primary cause of failure for the control specimen. When the shear links yielded, 
the strength could not be increased much further and shear link yielding caused the crack width to 
increase at a faster rate. The presence of high transverse tensile strains in the diagonal compressive 
struts eventually led to concrete cracking and crushing. For DCB9, the shear stirrups also yielded at 
a load of about 260 kN which is very similar to the case of DCB8. This means that, with the 
adoption of the general bolt connections, the additional steel plate did not mobilize initially and the 
shear transfer across the beam-wall joints through the steel plate was not activated. Hence, both 
DCB8 and DCB9 experienced a brittle failure mode. For DCB10 to DCB12, the shear stirrups also 
yielded at their ultimate load (at around 400 kN). The results show that, with the adoption of 
dynamic set bolt connections, the concrete beam can effectively work with the additional steel plate, 
and the steel plate contributes to the shear resistance in the early loading stage. Therefore, the shear 
links yielded at a higher load level and the crack width increased at a slower rate. This can also 
explain why Specimens DCB10 to DCB12 have better deformability. 
 
4.3  Load-rotation Curves 
 
Figure 8 shows the load-chord rotation hysteresis loops for all the specimens. The load-rotation 
curve of the control specimen DCB8 exhibited substantial pinching after reaching the peak load. 
This pinching is associated with a rapid stiffness degradation and reduced energy dissipation in the 
post-peak regime. For DCB9, due to the significant bolt slips, the steel plate did not deform in the 
early rotation level (< 0.04 rad). The load-rotation curve of DCB9 is very similar to that of DCB8, 
while in the later rotation level (> 0.04 rad), the load-rotation curve is similar to that seen with steel 
plate only. For DCB10 to DCB12, it can be seen that the pinching was less serious. Comparing the 
envelopes of the load-rotation curves, the retrofitted specimens (DCB10 to DCB12) with restrained 
plates exhibited more ductile behavior after the peak loads.  
 
Compared with the previous beam test results [7] using LRSP without stiffeners, we have found 
that stiffeners can reduce the pinching effect, resulting in a more stable hysteresis behavior and 
higher energy dissipation. However, using stiffeners cannot completely mitigate the pinching effect. 
 
4.4  Energy Dissipation and Stiffness Degradation 
 
In order to compare the energy dissipation of the specimens, the energy dissipation coefficient (w) 
in each half-cycle was evaluated. The value of w is a ratio of the energy dissipation in each 
half-cycle to the elastic potential energy at the largest amplitude. Figure 9 shows the variations in w 
with a nominal ductility level in the first cycles. During the early ductility levels, the energy 
dissipation coefficients of all the specimens were small. At this stage, only hair cracks were 
observed and specimens remained elastic, which resulted in the small energy dissipation. For DCB8 
and DCB9, the energy dissipation coefficients increased rapidly at the ductility level (µn=±1). This 
is because, at this stage, major diagonal cracks occurred in the specimens and large energy 
dissipation suddenly occurred. With the increase in ductility demands, the energy dissipation 
coefficients of DCB8 and DCB9 decreased rapidly. This is because brittle shear failure occurred. 
For DCB10 to DCB12, the energy dissipation coefficients increased after the ductility level 
(µn=±1); this means that the specimens entered into the inelastic deformation region later than the 
control specimen DCB8 and DCB9 with general bolt connections. With the increase in ductility 
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demand, the energy dissipation coefficients of the specimens remain stable and have an increasing 
trend. This is due to good composite action between the concrete beam and the steel plate, which 
has a stable shear deformation.  
 
Figure 10 shows the variations rk , which is a ratio of the secant stiffness (K) in the first cycle to 
that in the former first cycle at each nominal ductility level. Differences among the specimens were 
generally insignificant. It can be seen that, in the early ductility level (µn=±0.5), the secant stiffness 
of DCB8 was lower than that of the retrofitted coupling beams (DCB10 to DCB12). All specimens 
exhibited a severe loss of stiffness with the increase in deformation due to the occurrence of 
diagonal shear cracking in the concrete. It can be seen that, in DCB8 and DCB9, the stiffness 
decreased more rapidly than in the other specimens. For DCB10 to DCB12, although the additional 
steel plates have different stiffener arrangements, the variations of secant stiffness are very similar 
throughout the whole loading process. 
 

 
 
 
 
 
 
 
 
 
 
 

          DCB8                       DCB9                      DCB10 
Figure 7. Concrete Crack Patterns 
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DCB10                                     DCB11 

        
 
               DCB12                                   envelope 

Figure 8. Load-rotation Curves 
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Figure 10. Variations of Stiffness Degradation, with Ductility Level 
 
4.5  Behaviors of Steel Plates 
 
The shear and axial strains of the steel plates can be obtained from the rosette strain gauges 
attached to the plate surfaces. Figure 11 shows the variations of the shear stress rosette 2 at the 
mid-span of the steel plate. These results reveal that the shear stress in the steel plate has an 
increasing trend as the chord rotation increases, which means that the steel plate can accommodate 
more shear forces. For DCB9 with diagonal stiffeners, it can be found from Figure 11 that when the 
rotation of coupling beam reached to 0.04rad, the shear stress is about 50Mpa. Therefore the steel 
plate remained in an elastic state. The reason is that, with the adoption of general bolt connections 
between the steel plate and concrete, the steel plate did not work together with the concrete beam 
successfully due to the large bolt slippage. Most shear force was resisted by the concrete beam 
during this loading stage. This resulted in more serious concrete crushing at the beam-wall joints 
and enhanced the rate of concrete deterioration. It also explains why DCB9 had poor deformability 
and brittle failure. For DCB10 with diagonal stiffeners and dynamic set connections, the steel plate 
remained in an elastic state. However, the deformability and ductility were much better than for 
DCB9. This is due to the fact that, with dynamic set connections, the steel plate and concrete beam 
worked together effectively. Diagonal stiffeners helped to delay the diagonal crack opening and 
resisted much of the compressive force at the beam-wall joints region, which resulted in the 
alleviation of concrete crushing at the beam-wall joints and the expectation that the concrete beam 
could resist more shear capacity. For DCB11 and DCB12 with horizontal stiffeners, steel yielding 
occurred suddenly at a rotation of about 0.01 rad. At the early loading stage, the concrete beam 
resisted most of the shear force. Major diagonal cracking occurred at about 0.01 rad and the shear 
capacity of the concrete beam reduced suddenly. After that, a significant portion of the shear force 
transferred from the concrete beam to the steel plate, which meant that it yielded and entered into a 
plastic state. With the rotation increased, for DCB11 with two horizontal stiffeners, due to the larger 
stiffness of steel plate, more shear force could be resisted. On the other hand, due to elongation of 
the steel plate with large axial stiffness, more compressive force was applied to the concrete beam 
which resulted in earlier concrete crushing. This can explain why DCB11 has higher strength but 
poorer deformability and ductility. Although DCB12 with one horizontal stiffener has lower 
strength than DCB11, due to the lesser axial stiffness of steel plate, it demonstrates better 
deformability and ductility. 
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Figure 11. Shear Stress at the Point (Rosette 2) of the Steel Plates 
 
 
4.6  Slips of Bolt Groups 
 
The composite action of coupling beams and a bolted steel plate was accomplished by anchor bolts 
which must slip under the interfaces of the shear forces. Using the LVDT arrangement (L6-L8), as 
shown in Figure 6, the average rotational movements at the center of the anchor bolt groups were 
found.  
 
The rotations determined from the LVDT readings in the longitudinal directions were defined as the 
‘longitudinal rotation’. The value of longitudinal rotation is divided the deference between L6 and 
L8 by the distance between them. As shown in Figure 12, the longitudinal rotation of DCB9, which 
had general bolt connections, is much higher than that of other specimens due to the significant 
slippage between the concrete and bolt connection. While for DCB10 to DCB12, which had 
dynamic set bolt connections, the rotation of the bolt group increased almost linearly with the 
increase in chord rotation, the maximum longitudinal rotation was lower than 0.01 rad. This 
demonstrates that the bolt groups were strong enough and able to behave elastically, while the 
concrete beams underwent inelastic deformation. 
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Figure 6. Instrumentation: (a) LVDT Arrangement; (b) Strain Gauge Arrangement 
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Figure 12. Longitudinal Rotation of Bolt Group 

 
 
5.   CONCLUSIONS  
 
Experimental study was conducted on laterally restrained steel plate with stiffeners for the seismic 
retrofitting of concrete coupling beams. The main findings of this study are summarized as follows: 
 
1. The use of laterally restrained steel plate with stiffeners for the seismic retrofitting of concrete 

deep coupling beams has demonstrated effectiveness in increasing deformability and energy 
dissipation while reducing strength and stiffness degradation. Also, the retrofitted beams failed 
in a less brittle manner. 

2. The type of bolt connections used is found to have significant effects on the performances of the 
retrofitted coupling beams. Dynamic set bolt connections with adhesive to fill in the gap 
between the concrete and bolt can alleviate bolt slippage and make the retrofitted coupling 
beams achieve a desirable seismic response. By comparison with the general bolt connections, 
the shear capacity of the LRSP coupling beam can be increased by 67% and the ultimate 
deformation can be increased by 116% by using dynamic set bolt connections. 

3. The stiffener arrangements also have significant effects on the performances of the retrofitted 
coupling beams. Providing stiffeners can prevent pinching of the hysteresis curves, increase the 
shear strength and enhance the energy dissipation capacity. On the other hand, too much 
stiffening would lead to a loss of structural deformability. It is concluded that an optimum 
amount of diagonal stiffeners should be used to simultaneously achieve desirable strength and 
deformability. The steel rebars with diameter of twice of the thickness of steel plate are 
suggested as the diagonal stiffers.  

4. The prediction of the shear capacity of retrofitted coupling beams based on the full plastic 
section assumption without considering the effects of plate buckling and bolt slips would 
overestimate the true capacity by 10 to 25%. 
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