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BENDING BEHAVIOR OF COLD-FORMED STEEL-CONCRETE COMPOSITE FLOORS

Xin-mei Yao!, Xu-hong Zhou® %3, Yu Guan?, Yu Shi* 3 “and Zi-qi He?3

College of Civil Engineering, Chang'an University, Xi'an, China
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ABSTRACT ARTICLE HISTORY
In cold-formed steel framing constructions, cold-formed steel-concrete composite floors built with concrete slabs and Received: 10 October 2018
cold-formed steel joists are a common floor system. To investigate the bending behavior of such a floor system, two floor Revised: 28 April 2019
specimens with alternative slab materials were evaluated. The test results indicated that varying the slab materials had no Accepted: 01 May 2019

significant influence on the ultimate bending capacity; however, the stiffness of the composite floor with a concrete slab

was much higher than that of the floor with a gypsum-based self-leveling underlayment slab. A finite element model was
developed and validated with the test results to simulate the bending behavior of the floors using the ANSYS finite
element software. Parametric investigations were conducted through the verified finite element models. The results
showed that the web depth-to-thickness ratio, span-to-depth ratio of the joist, and steel strength significantly affected the
ultimate bending capacity of the composite floors, whereas the effects of screw spacing and concrete slab thickness were
negligible. Finally, a simplified method was proposed to evaluate the ultimate moment capacity of cold-formed steel—
concrete composite floors. The results obtained from the proposed method were validated by both experimental and
numerical investigations of two full-scale cold-formed steel-concrete composite floors built with concrete slabs and cold-

formed steel joists.

Copyright © 2019 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

It is well known that floor systems of buildings play a key role in bearing
vertical loads and transferring them to wall panels and foundations. Cold-
formed steel (CFS) composite floor systems comprising CFS joists and
concrete composite slabs have been used extensively in CFS framing because
of their high strength-to-weight ratio and non-combustibility. For example,
CFS—concrete composite floors have been employed in the "Poly Canyon
Village" project in California [1]. Although the mechanical performance of
hot-rolled steel and concrete composite beams has been investigated
comprehensively, research on the behavior of CFS—concrete composite floors
due to the thinness of CFS members, which is different from that of hot-rolled
steel, is scarce

Extensive experimental studies have been conducted on the composite
action of CFS and concrete. Based on push-out tests of different shear
connectors and bending tests of full-scale CFS—concrete composite beams,
Hanaor [2] concluded that the ductility and capacity of composite beams with
shear connectors were higher than those of the design assumptions.
Experimental investigations conducted by Lakkavalli et al. [3] and Irwan et al.
[4,5] indicated the advantages of installing shear transfers between CFS and
concrete. It can be concluded that shear transfers employed within composite
beams and floors are crucial for the composite action between the joists and
concrete owing to the resistance slipping between the CFS and concrete slab,
and hence, result in an improved loading moment capacity of the system.
Therefore, a different type of shear transfer was used in the CFS—concrete
composite floors in this study.

In recent years, innovative and practical floor systems have been
investigated for determining the bending behavior of composite floor systems.
A new composite beam system built with back-to-back CFS joists, reinforced
concrete slab on corrugated cold-formed metal, and shear connectors was
developed by Hsu et al. [6]. It exhibited better bending behavior for strength
and ductility compared with non-composite beams. Four-point bending tests
were performed on composite CFS and wood-based flooring systems by
Kyvelou [7], and the benefits of the composite action in CFS flooring systems
were first illustrated through practical exploitation. However, the bending
behavior of a CFS—concrete composite floor comprising a CFS frame and
concrete slab has not been studied, and research on CFS—concrete composite
floors with different types of shear transfer, such as the Z tab shear transfer, is
insufficient. In addition, the influence of slab materials, such as gypsum-based

self-leveling underlayment (GSU) and fine aggregate concrete (FAC), on the
performance of composite floors needs to be explored.

In this study, an experimental method for investigating the bending
behavior of a CFS—concrete composite floor system is presented. Moreover, a
numerical simulation approach is provided to analyze the influence of some
parameters such as the web depth-to-thickness ratio and span-to-depth ratio of
the joist, screw spacing, concrete slab thickness, and steel strength on the
bending performance of such floor system. Furthermore, a simplified method
for the calculation of the ultimate moment capacity of the floor is presented to
provide a practical design reference and a calculation method for engineers
involved in the design of CFS—concrete composite floors. The structure of this
paper is as follows. After the introduction, section 2 presents the details, results,
and analysis of the tests. Section 3 discusses the established finite element (FE)
model and the analysis of the influences of key parameters on the bending
performance of the CFS—concrete floor. In section 4, a simplified method for
calculating the ultimate moment capacity of composite floors is presented.
Finally, section 5 provides the primary conclusions.

2. Bending test program
2.1 Test specimen

The objective of this experimental study is to investigate the bending
behavior of a CFS—concrete composite floor with different slab materials. The
configurations of two composite floor specimens are summarized in Table 1.
As indicated in the table, the slab material of BM-1 is GSU, whereas that of
BM-2 is FAC. The floor configuration of BM-1 is illustrated in Fig. 1, and the
width and length of BM-1 were 0.8 m and 3.6 m, respectively. The floor
specimen comprises two primary parts: the CFS frame and composite slab. Fig.
1 shows that the CFS frame consists of three C-shape joists with dimensions of
254 x40 %13 x<1.5 mm spaced at 400 mm on center, and two U-shape tracks
with dimensions of 254 <40 x 1.5 mm connected to the flange at each end of
the joists through self-tapping screws with a diameter of 4.8 mm (ST4.8
screws). A 50 x 1.0 mm (width x thickness) steel strap was fastened to the
bottom flanges at the midspan of the joists using ST4.8 screws to avoid lateral
torsion of the joists. Moreover, Fig. 1 shows that web stiffeners were fastened
to both ends of the CFS joists through six ST4.8 screws to resist the web
crippling of the joists at the supports.
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The composite slab comprises a 0.75 mm thick YX-14-63-820 shallow
CFS form deck, a 40 mm thick GSU solid slab, and Z tab shear transfers as
shown in Fig. 2. As indicated in Fig. 3, the CFS form deck was connected to
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Table 1
Description of composite floor test specimens

Configuration of

the joists through hexagon-head self-tapping screws with diameters of 5.5 mm Specimen  Material of slab shear transfer Details of steel members (mm)
($T5.5 screws) spaced at 126 mm f'md 252 mm along the perimeter and in the C-shape joist: C254>40x13xL5;
field of the CFS form deck, respectively. Additionally, the Z tab shear transfers BMAL GsU U-shape track: U254x40%1.5;
were fastened to the CFS form deck spaced at 252 mm along the length of the ) Z tab shear Web stiffener:
joists using ST5.5 screws. The GSU was poured on the CFS form-deck, which transfer+ C100>85x12>1.5,
brushed with a | f interfacial tt h the bond R Interfacial agent Steel strapping: 50%1.0;
was brushed with a layer of interfacial agent to enhance the bond capacity BM-2 FAC Z tab shear transfer: 20515x0.5;
between the GSU slab and the CFS form deck. CFS form-deck: YX-14-63-820
ST4.8 screw 1] CFS form-deck+interfacial agent + GSU
50x1.0 steel strapping o
C254>40>43x1.5 N
21| uaswaons ST48 screw 8|2
204 1800 l 1800 s
1 3600
1]
GSU
Z tab shear transfer
Interfacial agent
CFS form-deck
o P T PR B T G YT e Ny N O T N 32
g F
4 C100:385x125.5 ST4.8 screw—
<
& C254>40x13x1.5
1 100 l 3400 [wo
| 400 | 400 | ! 3600 !
1 hl i
1-1 2-2
Fig. 1 Dimensions of specimen BM-1 (all dimensions in mm)
19 ST5.5 screw  Z tab shear transfer CFS form-deck
o
g 3 g
15 2 S
= 288 | | 252 | [252| | [252| | |252 2| | |252| | [252| | [252| | [22| | [252| | |252| | [2g2| | |2Bd
f 3 o
[Te] ! 68 =]
o~ S 1 <
-
1320 120
o 4162 Lzshzehzshzshze\uehzehzehzshzehzehzshze\1zehzshze\nshzshzehzshzehzehzshzehzehzshez*
= t 1t * t T * Tt * T 1T T _—t * 1 1T T 1T T * T 1 T 1 1
3600

Fig. 2 Z tab shear transfer (all dimensions in mm)
2.2 Material properties

Table 2 lists the mechanical properties of CFS materials in the floor
specimens tested following GB/T 228.1 [8], where E; is the elastic modulus of
steel. The average steel thickness of the CFS joists and form-deck were 1.5
mm and 0.75 mm, respectively. For the CFS joists and tracks, the average
yield and tensile strengths were 318.4 MPa and 369.6 MPa, respectively, and
the steel elastic modulus and Poisson’s ratio were 2.09 x 10° MPa and 0.3,
respectively. For the CFS form-deck, the average yield and tensile strengths
were 356.3 MPa and 438.6 MPa, respectively, and the steel elastic modulus

Table 2
Properties of CFS

Fig. 3 Connection between Z tab shear transfer and CFS form-deck (all dimensions in mm)

and Poisson’s ratio were 2.00 x 105 MPa and 0.3, respectively. The properties
of concrete tested according to GB 50081 [9] are presented in Table 3, where
E. is the elastic modulus of concrete. The average compressive strength of 100
%100 %100 mm GSU cubes at 28 days was 33.7 MPa with an elastic modulus
of 2.17 < 10* MPa, while it was 31.17 MPa with an elastic modulus of 3.0
x10* MPa for FAC cubes. The ultimate shear forces were 7.56 kN and 9.30 kN
for the ST4.8 and ST5.5 screws, respectively.

Material Thickness (mm)

Average yield strength (MPa)

Average tensile strength (MPa) Elastic modulus Esx10° (MPa)

15
0.75

CFS joists and tracks
CFS form-deck

3184
356.3

2.09
2.00

369.6
438.6

Table 3
Properties of concrete

Material Cube size (mm) Density (kg/m®) Average cube compressive strength (MPa) Elastic modulus Ecx<10* (MPa)
GSuU 100>100>100 1969 33.70 2.17
FAC 100>100>100 2077 31.17 3.0
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2.3 Test setup

Fig. 4 illustrates the test setup of the investigated composite floor, in
which steel frames bolted to the concrete ground were used to support the floor
specimens. The specimen was simply supported on hinge supports at either
end of the joists. Steel plates were placed under the U-shaped tracks to prevent
excessive concentrated stress. A hydraulic jack was used monotonically on the
floor specimens using spreader beams with four concentrated forces for
simulating a uniform gravity loading, as illustrated in Fig. 4(a). Before the tests,
the expected ultimate load of the floors was calculated in accordance with the
method proposed by Chien [10] to be approximately 120 kN. A load of 2.5%
of the expected ultimate load was applied at 3 KN per step until the ultimate
capacity was reached. Subsequently, a load of 1 kN per step was applied until
failure occurred. Each step lasted for 3 min. The TDS-602 data acquisition
system was used to record the applied load and displacements.

Reaction frame
Hydraulic jack

-

Spreader beam

A B c D (] B A

Hinge support H H
Composite floor Steel plate

{ ~\»Steel frame support l

450 | 450 | 450 | 450 | 450 | 450 | 450 | 450
3600

(a) Loading system

(b) Photograph of test setup
Fig. 4 Test setup of floor specimens

2.4 Experimental results and discussion

The BM-1 and BM-2 specimens were tested to investigate the bending
behavior of the composite floor and explore the influence of the slab material
on the bending performance of the composite floors. The failure characteristics,
ultimate load, corresponding deflection of floors, and load—deflection curves
are presented as follows.

2.4.1 Failure characteristics

Both specimens demonstrated similar failure characteristics in the tests.
Here BM-1 was used as an example to illustrate the failure modes. When the
applied load was approximately 53% of the ultimate load, webs of the
boundary joists displayed shear buckling, as illustrated in Fig. 5(a).
Furthermore, screw tilting was observed as illustrated in Fig. 5(b). When the
load applied was 77% of the ultimate load, cracks were observed on the GSU
slab. At the ultimate load, the specimens demonstrated disengagement of the
CFS form-deck from the concrete slab on both end supports as shown in Fig.
5(c), torsional deformation of the joist webs as shown in Fig. 5(d), distortional
buckling of the joists at the loading point (Fig. 5(¢)), and bending deformation
of the steel strapping as shown in Fig. 5(f).
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(a) Shear buckling of joist web (b) Screw tilting

(c) Disengagement of CFS form-deck  (d) Torsional deformation of joist web
from concrete slab

(e) Distortional buckling of joist
at loading point

(f) Bending deformation of steel strapping
Fig. 5 Failure characteristics of BM—1

In the initial imperfections of the specimens before the tests, full-length
cracks on the Z tab shear transfers along the floor length were observed. These
were caused by the relative thinness of the concrete slab and abreast the
regular arrangement of the Z tab shear transfers, thus weakening the bonding
mechanism between the concrete slab and CFS form-deck, and consequently
reducing the bending capacity of the composite floors. Therefore, a staggered
arrangement of the Z tab shear transfers was suggested. In addition, the shear
force between the concrete slab and CFS form-deck was transferred through
the Z tab shear transfers and the interfacial agent; however, when the load was
small, the lower shear resistance of the interfacial agent resulted in the earliest
bond-slip failure between the concrete slab and CFS form-deck, from the
support edge to the first row of the Z tab shear transfers. Subsequently, the
bond-slip failure reduced at a distance closer to the loading point because of
the large friction between the concrete slab and CFS form-deck resulting from
the large compression at the loading point. With increasing applied load, the
concrete slab failed at the loading point. This is attributable to the bond-slip
failure occurring in the concrete slab, which hindered its operation with the
CFS joists. Furthermore, the failure characteristics of the joists were overall
bending deformation, torsional deformation, and interactive buckling of
compressive CFS plate members.

2.4.2 Ultimate load

Table 4 presents the ultimate load P, and the corresponding midspan
vertical displacement 4,. As shown, BM-2 showed only a 2.8% increase in the
ultimate load over BM-1, whereas the midspan vertical displacements of the
central and boundary joists of BM-2 reduced by 30.6% and 27.4%,
respectively, compared with those of BM-1. The results demonstrated that the
change in slab material had little influence on the ultimate load, but affected
the flexural stiffness of the composite floors significantly.

Table 4
Test results

Specimen Location Py (kKND Au (mm)
Central joist 25.94
BM-1 Boundary joist 113.06 30.37
BM-2 Central joist 116.32 17.98

Boundary joist 22.05
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A comparison of the load—deflection curves of BM-1 and BM-2 is
illustrated in Fig. 6. As shown, the stiffness of BM-2 (with an FAC slab) was
generally higher than that of BM-1(with a GSU slab). Furthermore, the
specimens exhibited ductile failure rather than brittle failure. Fig. 7 illustrates
the difference between the boundary and central joists of the composite floors.
As shown in Fig. 7(a), the initial stiffness of the boundary and central joists of
BM-1 was almost equal. However, when a load of 50 kN was applied, the
stiffness of the boundary joist decreased compared to that of the central joist;
consequently, the deformation of the boundary joist was larger than that of the
central joist with increasing load. Regarding BM-2, as shown in Fig. 7(b), the
stiffness of the central joist was larger at first compared to that of the boundary
joist. When a load of 100 kN was applied, the stiffness degradation of the
boundary joist was more evident than that of the central joist. As indicated in
Table 4, the ultimate vertical deflection of the boundary joist was 5 mm larger
than that of the central joist. This is attributable to the steel strapping that is
transferring symmetric constraints from the two boundary joists to the central
joist, thereby restricting the torsional and vertical deformations of the central
joist.

100

Load(kN)
S 8

N
S

—=BM-1
- BM-2

N
o

o

0 5 10 15 20 25 30 35 40
Deflection(mm)

(a) Boundary joist

100

o o
o o

Load(kN)

IS
o

—=BM-1
—— BM-2

N
=]

o

0 5 10 15 20 25 30 35 40
Deflection(mm)
(b) Central joist
Fig. 6 Comparison of the load—deflection curves of BM-1 and BM-2

120 | BM-1
100+
80
60

Load(kN)

40

—=—Boundary joist

20 27
0 —a— Central joist

O L L L L L L L
0 5 10 15 20 25 30 35 40
Deflection(mm)

(a) BM-1
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Based on the failure characteristics of the concrete slab and the CFS joists
of the specimens, the bending capacity of the composite floors is influenced by
many factors, such as joist size, screw spacing, thickness of concrete slab, and
steel strength. Therefore, the following analysis is based on specimen BM-1,
and the influence of key parameters, including the web depth-to-thickness ratio,
span-to-depth ratio of the joist, screw spacing, and steel strength, on the
bending capacity of the CFS—concrete composite floor system, are investigated
through numerical simulations.

3. Nonlinear FE analysis
3.1 Verification of FE method

The tested floors were simulated by the ANSYS FE software [11]. In the
FE models, element shell181 was selected to simulate the steel members, as
shown in Fig. 8(a). Element solid65 was found to be suitable for simulating the
concrete slab. The self-tapping screws between the CFS joists and CFS form-
deck were simulated by element beam188, as shown in Fig. 8(a). Except for
the screws connecting the CFS joists and CFS form-deck, screw connections
such as those between the joists and tracks, joists and web stiffeners, joists and
steel strapping, and tracks and CFS form-deck, were simulated by coupling the
two nodes at the screw connection and constraining the translation in the three
degrees of freedom in the X, y, and z directions, because these connections
exhibited no obvious failure features, as shown in Fig. 8(a). The overall model
of the specimen is shown in Fig. 8(b). The contact pair (element target170 and
element target174) was constructed by using the surface-to-surface contact
elements for modeling the contact behavior such as for the contact between
concrete slab and corrugated metal deck. Boundary conditions and loads were
applied as shown in Fig. 8(b). The displacements along the x and y directions
at the left support and along the X, y, and z directions at the right support were
constrained. Uniformly distributed line loads were applied at the locations
where the distribution beams were arranged, as illustrated in Fig. 8(b). The
constitutive relation of the CFS used in the FE model was determined based on
the test results.

—Scre\\' connection|
\\ /
Screw connection) < CFS form-deck
A\ \ y //

‘

(a) Screw connection

U=U=U0

U=U,=0
(b) Boundary conditions and loads of the specimen

Fig. 8 Finite element model of composite floor

Table 5 presents the comparison of the test results and FE analysis results
on the ultimate bearing capacities and the corresponding deformations. In
Table 5, P", is the ultimate load obtained in FE analysis and 4%, is the mid-
span vertical displacement corresponding to the ultimate load obtained FE
analysis. The ultimate capacities of BM-1 and BM-2 predicted by the FE
models were only 2% and 3% higher than those obtained from tests,
respectively. Generally, the FE results agree strongly with the experimental
results, and further parametric investigations can be conducted using the
validated FE models.
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Table 5
Comparisons of finite element analysis and test results of specimens

Ultimate bending capacity (kN) Deflection (mm)

Specimen
Py Py P*u /Py Au Ay A"y
BM-1 113.06 115.79 1.02 25.96 24.93 0.96
BM-2 116.36 119.84 1.03 22.05 21.87 0.99

3.2. FE parametric analyses

3.2.1 Influence of web depth-to-thickness ratio and span-to-depth ratio of joist

It is widely known that the bending capacities of CFS members are
affected by the web depth-to-thickness ratio and span-to-depth ratio of the
joists [12, 13]. Consequently, the ultimate load is also influenced by these two
factors. In this study, three alternative spans, namely 3,048, 4,064, and 5,080
mm, and five different web thicknesses, i.e., 2.55, 1.7, 1.27, 1.02, and 0.85 mm,
were investigated. The details of the modeled specimens and results are
presented in Table 6, where | is the span of the joist, and t is the thickness of
josits. The comparisons are illustrated in Fig. 9, where C254-12-100 implies
that the web depth of the joist h is 254 mm, span-to-depth ratio of the joist I/h
is 12, and web depth-to-thickness ratio of the joist h/t is 100. As shown in Fig.
9, the variation in the web depth-to-thickness ratio substantially affected the
ultimate load. The ultimate bending capacity reduced significantly as the web
depth-to-thickness ratio increased. For specimens with a span-to-depth ratio of
12, when the web depth-to-thickness ratio increased from 100 to 150, 150 to
200, 200 to 250, and 250 to 300, the corresponding reductions in the ultimate
capacity of the composite floor were 34.40, 37.46, 36.20, and 31.41%,
respectively. Therefore, the ultimate capacity of the composite floor was
influenced most significantly by the web depth-to-thickness ratio. Moreover,
with increasing web depth-to-thickness ratio, the effect of the span-to-depth
ratio was small and negligible. For example, when the web depth-to-thickness
ratio was 100, the ultimate capacity of the specimen with a span-to-depth ratio
of 12 was 31.7% higher than that of the specimen with a span-to-depth ratio of
16. However, when the web depth-to-thickness ratio was 300, the ultimate
capacity only increased by 14.9%. This is because when the web depth-to-
thickness ratio was 300, the web thickness of the joist was only 0.85 mm;
therefore, failure of the floors occurred due to the lower buckling load of the
CFS members. Thus, the span-to-depth ratio had little influence on the failure
mechanism.

Table 6
Influence of web depth-to-thickness ratio and span-to-depth ratio of joist on the capacity
of composite floor

Specimen 1 (mm) t (mm) P"y (kN)
C254-12-100 3048 2.55 244.276
C254-12-150 3048 1.7 160.247
C254-12-200 3048 1.27 100.225
C254-12-250 3048 1.02 63.939
C254-12-300 3048 0.85 43.853
C254-16-100 4064 2.55 185.525
C254-16-150 4064 1.7 126.963
C254-16-200 4064 1.27 89.441
C254-16-250 4064 1.02 59.870
C254-16-300 4064 0.85 38.167
C254-20-100 5080 2.55 174.142
C254-20-150 5080 1.7 117.796
C254-20-200 5080 1.27 81.629
C254-20-250 5080 1.02 58.718
C254-20-300 5080 0.85 37.293
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Fig. 9 Effect of web depth-to-thickness ratio on floors with different span-to-depth ratios

Fig. 10 illustrates the load—deflection curves for different span-to-depth
ratios and web depth-to-thickness ratios. The ultimate deflection and initial
slope of the load—deflection curves in Fig. 10(a) demonstrate that the bending
stiffness and ductility of floors also reduced with increasing web depth-to-
thickness ratio when the span-to-depth ratio was 12. This is attributable to the
increase in the CFS joist thickness; a constant web depth of the joists can
increase the section modulus and consequently increase the bending stiffness
of the composite floor. However, as depicted in Fig. 9 and Fig. 10(b), the
ultimate load and bending stiffness were not improved when the span-to-depth
ratio was reduced from 20 to 16.
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Fig. 10 Comparison of load—deflection curves for floors with different span-to-depth
ratios and web depth-to-thickness ratios

3.2.2 Influence of screw spacing

As the test results indicated that the screw connections between the CFS
joist and CFS form-deck were extremely important for the composite action of
the floors, a parametric research was performed to obtain the influence of
screw spacing on both the ultimate load and bending stiffness of CFS—concrete
floors. Three values for spacing along the perimeter, i.e., 252, 126, and 63 mm,
were considered when the spacing in the field was 252 mm. On the other hand,
when the spacing along the perimeter was 126 mm, three values of spacing in
the field, i.e., 315, 252, and 126 mm, were evaluated.

From the results presented in Table 7 and the load—deflection curves in
Fig. 11, where C254-s63/252 indicates a joist height of 254 mm, screw spacing
along the perimeter of 63 mm, and screw spacing in the field of 252 mm, it can
be concluded that decreasing the screw spacing along the perimeter from 252
mm to 126 mm and subsequently from 126 mm to 63 mm resulted in a gradual
increase in ultimate load, with enhancements in capacity of up to 3.0% and
4.3%, respectively. However, the initial bending stiffness exhibited no
difference when only the screw spacing along the perimeter was varied. As
shown in Fig. 11(b), reducing the screw spacing in the field from 315 mm to
252 mm and subsequently from 252 mm to 126 mm increased the ultimate
load by up to 8.4% and 3.9%, respectively. When the screw spacing in the
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field was 315 mm, the larger screw spacing resulted in a reduced number of
screws between the CFS joists and the CFS form-deck, subsequently causing a
sharp decline in the ultimate capacity of the floor. As presented in Table 7,
only a little variation was observed for the capacities of composite floors with
other values of screw spacing. Therefore, considering the load and
construction simplicity, the screw spacing of s126/252 used in the test was
deemed to be reasonable.

Table 7
Influence of screw spacing on the capacity of composite floor
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Screw spacing (mm)

Specimen P*y (kN)
Perimeter In the field
C254-5252/252 252 252 116.324
C254-5126/252 126 252 119.794
C254-563/252 63 252 124.945
C254-5126/126 126 126 124.142
C254-5126/315 126 315 110.499
140
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g 80+
g 60r
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Fig. 11 Comparison of load—deflection curves for floors with different values of screw
spacing

3.2.3 Influence of concrete slab thickness

Owing to the large cracks on the concrete slab that occurred during the
tests and the conclusion in [14] that a thicker slab may increase the bending
resistance of a composite beam, five slab thicknesses in Table 8 are considered
to better understand the influence of concrete slab thickness on the ultimate
capacity of CFS—concrete composite floors. The concrete slab thickness is the
distance from the valley of the shallow CFS form deck to the top surface of the
concrete slab. The concrete properties adopted in the FE model were acquired
from the results of the material tests discussed in subsection 2.2. As indicated
in Table 8, the ultimate load increased with increasing slab thickness. For
example, when the slab thickness was increased by 10 mm from 30 mm, the
ultimate bearing capacities of the composite floors were increased by 23.40%,
6.50%, 0.33%, and 4.33%, respectively. As shown, enhancement in the
ultimate load was apparent when the slab thickness increased from 30 mm to
40 mm, whereas varying the slab thickness from 40 mm to 70 mm exhibited a
small impact. Fig. 12 shows the load-deflection curves of the specimens.
Before the loading reached 60 kN, the slopes of all curves were similar,
indicating that the influence of slab thickness on the initial stiffness of the
floors was negligible. However, after 60 kN, the specimen with the slab
thickness of 30 mm showed the most severe stiffness degradation. Therefore,
the minimum concrete slab thickness is suggested to be 40 mm.

Table 8
Influence of concrete slab thickness on the capacity of composite floor
Specimen Slab thickness (mm) P*u (kN)
C254-030 30 97.080
C254-040 40 119.794
C254-050 50 127.585
C254-060 60 128.007
C254-070 70 133.546
150
125) i,
P H».,.,...
100 P
z
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Fig. 12 Comparison of load—deflection curves for floors with different concrete slab
thickness

3.2.4 Influence of steel strength of the joist

Specimens C254-Q235 and C254-Q318 were identical in all aspects but
had different values of steel strength for their joists. The steel yield strength of
C254-Q235 was 235 MPa, whereas that of C254-Q318 was 318 MPa. As
presented in Table 9, increasing the steel yield strength resulted in an increase
in the ultimate load, with enhancements in capacity of up to 18.1%. This is
primarily due to the increase in the steel yield strength, which resulted in an
increased bending section modulus of the CFS, thereby increasing the ultimate
load of the composite floors. Additionally, the specimen with a higher steel
yield strength of the joists achieved a higher initial stiffness, as shown in Fig.
13.

Table 9
Influence of steel strength of joists on the capacity of composite floor
Specimen Steel yield strength (MPa) P"y (kN)
C254-Q235 235 101.38
C254-Q318 318 119.79
140
120+ e,
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< 8ot
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Fig. 13 Comparison of load—deflection curves for floors with different values of steel
strength for joists

Hence, according to the above analyses, it can be concluded that the web
depth-to-thickness ratio, span-to-depth ratio of the joists, and steel strength had
significant influences on the ultimate capacity of the composite floor.
Therefore, only these three factors were considered in the method for
evaluating the bending capacity of composite floors in section 4.



Xin-mei Yao et al.

4. Simplified method for calculating the ultimate moment capacity of
CFS—concrete floors

A simplified method, the core of which comprises the segregation of the
composite floor model and the determination of the corresponding
comprehensive corrected coefficient of each component, has been developed
for calculating the ultimate moment capacity of the CFS—concrete composite
floor system.

4.1 Simplified calculation model

As reported in [15], the enhancement in ultimate moment capacity of
composite floors is linearly proportional to the number of joists. Therefore, the
CFS—concrete composite floor was simplified to a configuration of one T-
shape composite beam and two inverted L-shape composite beams (hereinafter
L-shape composite beam), as illustrated in Fig. 14. Hence, the ultimate
moment capacity of the floor can be obtained from the summation of the
ultimate moment capacity of the T- and L-shape beams. This subsection aims
to validate this simplified method through an FE analysis.

Concrete slab CES form-deck
Joist

L1 L1 (B

J } -, = = 4‘
ﬁafA,,,%‘ %‘_,:A;‘,g;\‘;<,f,,$‘

+ +

L L =
Inverted L-shape T-shape composite Inverted L-shape
composite beam beam composite beam

Fig.14 Equivalent diagram of composite floor

The FE models of the simplified T- and L-shape composite beams were
developed by using the method detailed in subsection 3.1. The assumptions are
as follows: 1. The floor slab at each cross section exhibits the same
displacement in the y direction, e.g., points a, b, and ¢ shown in Fig. 15(a)

show the same deflection (U,, =U,, =U,, ). 2. The composite floor has no

deflection along the x direction, and the boundary conditions of the T-shape
composite beam are as shown in Fig. 15(b).

UsU=UA0
y‘ Screw ' I s Sl

Slab ;
ThickneSSj:J’ ‘\ 4 A U0 I
of slab aJ bJ —‘ CJ - X
(o)

C-shape joist ’\Q X

e

U=U,y

(a) Simplified T-shape model (b) Boundary conditions

Fig. 15 Simplified FE model of T-shape composite beam

The simplified FE model for the T-shape composite beam is shown in Fig.
15(b). Because no shear lag effects were observed in the tests, the slab width
was modeled as equal to the joist spacing (i.e., 400 mm) [16]. Furthermore,
overall models with different numbers of joists were developed, and
comparisons of the ultimate moment capacities between the overall and
simplified models are presented in Table 10. In Table 10, M, is the ultimate
moment capacity of the overall model, M, is the ultimate moment capacity of
a single T-shape model, My is the ultimate moment capacity of a single
inverted L-shape model, M, is the ultimate moment capacity from simplified
method and M. is the ultimate moment capacity from FE analysis.
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Table 10
Comparisons of ultimate moment capacities between overall model and simplified model
Ib (mm) T—shape ILn-\éi;tgg u-T Mu-L Mu.s \Y/3 My.s/
beam n; b (kNm) (kNm) (kNwm) (KNm) Mur
eam N
3600>800 1 2 55.92 53.93 1.037
3600>1200 2 2 75.43 77.32 0.976
3600>1600 3 2 1952 18.20 94.95 97.87 0.970
3600>2000 4 2 114.46  117.58  0.974

As indicated, the difference between the overall and simplified models is
within 4%, thereby demonstrating the validity of this method in simplifying
the composite floor to T-shape and inverted L-shape composite beams. Thus,
the ultimate moment capacity of the CFS—concrete composite floor can be
considered as the summation of the individual capacities of the T- and L-shape
composite beams, which can be defined as Eq. (1).

Mu = nlMu—T + nZMu—L (1)

where M.+ and M. are the ultimate moment capacities of the T- and L-shape
composite beams, respectively; n; and n, are the number of T- and L-shape
composite beams, respectively.

Moreover, a comprehensive corrected coefficient # was introduced to
consider the effects of key factors, such as the web depth-to-thickness ratio,
span-to-depth ratio of the joists, and steel strength. Therefore, the ultimate
bending capacity of the T- and L-shape CFS—concrete composite beams can be
calculated through Egs. (2) and (3).

@

Myrg =My

where 77 and 7. are the comprehensive corrected coefficients of the T- and L-
shape composite beams, respectively; My.r and My._ are the elastic bending
moment capacities of the T- and L-shape composite beams, respectively,
which can be calculated using Eq. (3).

My =Wry, f, 3)
where Wr, is the bending modulus of the T- or L-shape composite beam [17],
and fy is the steel yield strength.

4.2 Evaluation of comprehensive corrected coefficient 5

The comprehensive corrected coefficient 7 is affected by the web depth-
to-thickness ratio, span-to-depth ratio of the joists, and steel strength. The
influences of these parameters were investigated by extensive FE analyses on a
selected T-shape composite beam. An FE model of the L-shape composite
beam was also developed to examine the coefficient .. The method for all FE
models was the same as that used in subsection 3.1, and only the yield strength
of the steel joists was changed to 235 MPa or 345 MPa.

The values of the comprehensive corrected coefficient of the composite
beam in which the yield strength of the steel joists was 235 MPa are presented
in Table 11. On the other hand, Table 12 lists the values of the comprehensive
corrected coefficients of the composite beam in which the yield strength of the
steel joists was 345 MPa. The results presented in Tables 11 and 12 were
obtained using two different steel strengths, namely 235 MPa and 345 MPa,
respectively, and three web depths, i.e., 205, 254, and 305 mm. For each web
depth, three span-to-depth ratios, namely 12, 16, and 20, and four web depth-
to-thickness ratios, i.e., 100, 150, 200, and 250 were employed. M.t and My.t
are the ultimate moment capacity and elastic bending moment capacity of the
T-shape composite beam, respectively, whereas M... and M., are those of the
inverted L-shape composite beam, respectively. Furthermore, #1235 and #7235
are the comprehensive corrected coefficients of the T and L-shape composite
beams, respectively, in which the yield strength of the steel joists was 235 MPa;
meanwhile, 71345 and 7,45 represent those with a yield strength of 345 MPa,
respectively.

As mentioned in Eq. (2),

— M u-T
Thro3s = M 4)

y-T
and this is similar for HL-235, 1]T-345 and HL-345.
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Table 11
5 of the composite beam with 235 MPa yield strength of steel joist
Details of steel joist (mm) FE analysis Mu (kN 1m) Elastic theory My (KN 1m)
7T-235 1L-235
Dimension of joist I/h hit | t Myt Mu-L My-t My-L
100 2460 2.05 16.821 14.634 13.710 12.966 1.227 1.129
150 2460 1.37 10.756 9.633 9.380 8.974 1.147 1.073
2 200 2460 1.02 7.475 7.109 7.085 6.824 1.055 1.042
250 2460 0.82 5.710 5.529 5.751 5.559 0.993 0.994
100 3280 2.05 17.523 16.631 13.710 12.966 1.278 1.283
150 3280 1.37 10.820 10.876 9.380 8.974 1.153 1.212
C205>41x14>¢ 16
200 3280 1.02 7.109 8.062 7.085 6.824 1.003 1.181
250 3280 0.82 5.568 6.037 5.751 5.559 0.968 1.086
100 4100 2.05 16.902 15.390 13.710 12.966 1.233 1.187
150 4100 1.37 11.377 10.814 9.380 8.974 1.213 1.205
20 200 4100 1.02 8.365 8.062 7.085 6.824 1.181 1.181
250 4100 0.82 6.609 6.037 5.751 5.559 1.149 1.086
100 3060 2.55 27.415 23.443 22.539 21.060 1.216 1.113
150 3060 1.7 17.190 15.417 15.469 14.650 1.111 1.052
12 200 3060 1.27 12.102 11.442 11.752 11.229 1.030 1.019
250 3060 1.02 9.142 9.096 9.541 9.169 0.958 0.992
100 4080 2.55 27.249 25.171 22.539 21.060 1.209 1.195
150 4080 1.7 16.422 16.198 15.469 14.650 1.062 1.106
C254>41x14>¢ 16
200 4080 1.27 11.664 11.545 11.752 11.229 0.992 1.028
250 4080 1.02 9.374 8.741 9.541 9.169 0.982 0.953
100 5100 2.55 27.649 26.826 22.539 21.060 1.227 1.274
150 5100 1.7 18.602 17.616 15.469 14.650 1.203 1.202
2 200 5100 1.27 13.752 12.495 11.752 11.229 1.170 1.113
250 5100 1.02 10.838 9.818 9.541 9.169 1.136 1.071
100 3660 3.05 39.766 33.448 34.458 31.850 1.154 1.050
150 3660 2.0 24.234 22.555 23.436 21.968 1.034 1.027
12 200 3660 15 17.801 17.129 17.932 16.974 0.993 1.009
250 3660 1.22 13.874 13.876 14.765 14.067 0.940 0.986
100 4880 3.05 38.900 37.777 34.458 31.850 1.129 1.186
150 4880 2.0 24.809 23.601 23.436 21.968 1.059 1.074
C305>41x14>¢ 16
200 4880 15 17.934 17.361 17.932 16.974 1.000 1.023
250 4880 1.22 14.353 13.249 14.765 14.067 0.972 0.942
100 6100 3.05 41.289 40.122 34.458 31.850 1.198 1.260
150 6100 2.0 27.420 25.429 23.436 21.968 1.170 1.158
20 200 6100 15 20.000 18.376 17.932 16.974 1.115 1.083
250 6100 1.22 15.578 14.754 14.765 14.067 1.055 1.049
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Table 12
n of the composite beam with 345 MPa yield strength of steel joist
Details of steel joist (mm) FE analysis My (KN ‘m) Elastic theory My (KN 1m)
1T-345 1]L-345
Dimension of joist I/h hit | t Myt Mu-L My-1 My-L
100 2460 2.05 23.538 20.337 20.127 19.034 1.170 1.068
150 2460 1.37 15.131 13.717 13.771 13.175 1.099 1.041
12 200 2460 1.02 10.944 10.354 10.401 10.018 1.052 1.034
250 2460 0.82 8.815 8.093 8.442 8.162 1.044 0.992
100 3280 2.05 23.112 20.101 20.127 19.034 1.148 1.056
150 3280 1.37 14.546 13.505 13.771 13.175 1.056 1.025
C205>41x14>¢ 16
200 3280 1.02 10.703 10.354 10.401 10.018 1.029 1.034
250 3280 0.82 8.653 8.093 8.442 8.162 1.025 0.992
100 4100 2.05 22.991 20.548 20.127 19.034 1.142 1.080
150 4100 1.37 15.431 13.863 13.771 13.175 1.121 1.052
20 200 4100 1.02 11.495 10.389 10.401 10.018 1.105 1.037
250 4100 0.82 8.385 8.209 8.442 8.162 0.993 1.006
100 3060 2.55 38.126 31.797 33.089 30.918 1.152 1.028
150 3060 1.7 24.663 22.216 22.710 21.508 1.086 1.033
12 200 3060 1.27 17.789 16.865 17.253 16.485 1.031 1.023
250 3060 1.02 14.214 13.083 14.008 13.461 1.015 0.972
100 4080 2.55 36.185 31.794 33.089 30.918 1.094 1.028
150 4080 17 23.479 22.131 22.710 21.508 1.034 1.029
C254>41x14>¢ 16
200 4080 1.27 17.528 16.931 17.253 16.485 1.016 1.027
250 4080 1.02 14.152 13.745 14.008 13.461 1.010 1.021
100 5100 2.55 37.455 32.842 33.089 30.918 1.132 1.062
150 5100 17 24.894 22.540 22.710 21.508 1.096 1.048
20 200 5100 1.27 18.515 16.999 17.253 16.485 1.073 1.031
250 5100 1.02 13.806 13.498 14.008 13.461 0.986 1.003
100 3660 3.05 53.436 47.507 50.587 46.759 1.056 1.016
150 3660 2.0 34.463 33.155 34.406 32.250 1.002 1.028
12 200 3660 15 26.530 25.410 26.326 24.919 1.008 1.020
250 3660 1.22 21.187 19.814 21.676 20.652 0.977 0.959
100 4880 3.05 53.064 47.507 50.587 46.759 1.049 1.016
150 4880 2.0 33.489 33.674 34.406 32.250 0.973 1.044
C305>41x14>¢ 16
200 4880 15 26.474 25.741 26.326 24.919 1.006 1.033
250 4880 1.22 21.076 20.687 21.676 20.652 0.972 1.002
100 6100 3.05 55.945 47.507 50.587 46.759 1.106 1.016
150 6100 2.0 35.918 33.155 34.406 32.250 1.044 1.028
20 200 6100 15 27.015 25.410 26.326 24.919 1.026 1.020
250 6100 1.22 20.183 19.814 21.676 20.652 0.931 0.959
e s U Sl & s syl o 0 AT o =1 7530008 0031247 0
USA) function “Isqcurvefit” to identify the relationship between the Moass —1.3755—0.029 71 —0.0333Jh7t @)

comprehensive corrected coefficient and independent variables such as web
depth-to-thickness ratio, span-to-depth ratio of the joists, and steel strength.
The equations are expressed as

77 23 =1.613—0.0295/1/h —0.0287+/h/t ®)
T s =1.779—0.069/1/h —0.0391/h /t (6)

4.3 Result validation of the proposed method

According to Egs. (1) and (2), the ultimate moment capacity of the CFS—
concrete composite floor, in which the yield strengths of the steel joists are 235
MPa and 345 MPa, respectively, can be calculated by Egs. (9) and (10).

M, =N7755M y1 T N7 o35 M y-L )
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M, = N7 50sM yr t N,77 345M y-L (10)

In Egs. (9) and (10), Myr and M. can be obtained according to Eq. (3),
whereas #r and 7. can be calculated according to Egs. (5) to (8). Additionally,
a linear interpolation method can be adopted for other yield strengths. The
proposed method can provide a simple calculation and design approach for
designers to estimate the ultimate moment capacity of CFS-concrete
composite floor systems.

For validating the proposed method, the elastic bending moment capacity
of the composite beam was calculated according to Eq. (3). Values of the
ultimate moment capacity obtained from the simplified method and FE
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experimental and numerical investigations. According to the FE parametric
analyses results of section 3.2, the influences of both screw spacing and
concrete slab thickness were insignificant and not considered in the evaluation
of the comprehensive corrected coefficient. However, if the effects of both
screw spacing and concrete slab thickness were considerable, the
comprehensive corrected coefficient should be investigated further. Therefore,
the proposed method only applies to the CFS—concrete composite floor in
which the screw spacing and concrete slab thickness have small effects on the
ultimate moment capacity of CFS—concrete floors.

Table 13
Comparison of the ultimate moment capacity from simplified method and FE analysis

analysis are listed and compared in Table 13. The calculated ultimate moment I (mm) e n2 nTMy.-T NLMy-L My Myr Mus
capacities based on Egs. (9) to (10) were compared with those of specimens (kNm)  (kNm)  (kNm) (Nm) M
BM-1 and BM-2 in the test and FE analysis. The results are presented in Table 36005800 1 2 56.42 53.928  1.046
14, in which Mg, Myr, and M,s represent the ultimate moment capacity
obtained from the test, FE analysis, and simplified method, respectively. The 3600>4200 2 2 19.18 18.62 5.6 7732 0978
errors were all less than 9%, indicating that the results calculated by the 36001600 3 2 94.78 97.87  0.968
suggested method agreed well with those obtained from the FE analysis. As 360052000 4 7 11396 11758  0.969
indicated in Table 14, strong agreements were achieved among the ultimate i i i
moment capacities of both floors obtained from the proposed method, and the
Table 14
Comparison of the ultimate moment capacity from simplified method and FE analysis
Specimen m nz 7TMy-t (KN m) 7My-L (KN m) Mu-s (KN m) Mu-g (KN ) Mu-r (KN m) Mu-s/Mu-g Mu-s/Mu-+

BM-1 50.88 52.11 1.11 1.08

BM-2 o2 19.18 18.62 5642 52.36 53.93 108 105
5. Conclusion Acknowledgments

In this study, two composite CFS specimens were examined by full-scale
bending tests to investigate the influence of slab materials on the bending
performance of CFS-concrete composite floors at first. Subsequently, FE
models of the tested floor were established, and the model was validated using
the test results. Good agreements between the experimental and numerical
results were achieved and the established FE model was subsequently adopted
for parametric analyses. The influences of different parameters, such as web
depth-to-thickness ratio, span-to-depth ratio of the joist, screw spacing,
concrete slab thickness, and steel strength, on the ultimate load were
investigated with various floor configurations. Consequently, based on the
equivalent model of composite floors and the proposed equations for
evaluating the comprehensive corrected coefficient for the simplified beam
models, a simplified method for evaluating the ultimate moment capacity of
CFS—concrete floors was proposed. The results obtained from the proposed
method showed good agreements with those of both experimental and
numerical investigations. The conclusions from the investigation are as follows:

(1) Varying the slab material had no significant effect on the ultimate load,
but a higher stiffness was observed when the slab material was changed from
GSU to FAC.

(2) The web depth-to-thickness ratio, span-to-depth ratio, and steel
strength of the joists affected the ultimate load significantly and consequently
the bending capacity of the floors. A higher web depth-to-thickness ratio
resulted in a smaller ultimate bending capacity of the CFS—concrete floor.
Meanwhile, a smaller span-to-depth ratio led to a higher ultimate bending
capacity. Increasing the steel strength of the joists correspondingly increased
the ultimate capacity of the CFS composite floors.

(3) Increasing the screw spacing and concrete slab thickness had little
influence on the ultimate load; therefore, they were not taken into
consideration in the proposed equations for calculating the ultimate moment
capacity.

The composite action between the CFS joists and GSU subfloors, which is
neglected in the current design standard owing to the difficulty in quantifying
the influence of the composite action on the bending capacity of the floors,
was considered in the simplified method. Finally, the proposed method was
validated using the results of the experimental and numerical investigations,
and therefore, can be applied in engineering practice.
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ABSTRACT

ARTICLE HISTORY

This paper describes a study of the S650 high strength steel material properties including the effect of cold -formed angle.
Coupon specimens with different cold-formed angles (90< 100< 120< 140< 160<and 180<) and different thicknesses (4
mm and 6 mm) were examined. Relationships between cold-formed angle and yield stress as well as tensile stress of the
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material were determined, based on the tensile coupon test results. Yield and tensile stresses assessed by considering the

influence of the cold-formed angles were compared with those without considering this influence. Analyses revealed that
both yield and tensile stresses decreased with increasing cold-formed angle. Ductile-damage material models available in
the finite element analysis software ABAQUS were used to simulate tensile coupon tests. The experimental and numerical

results showed good agreements.
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1. Introduction

Cold-formed steel members are used increasingly in industrial and civil
construction. Their use allows optimizing member cross sections and shapes,
thereby reducing the amount of steel used as well as the weight of the structures
and, consequently, reducing harmful effects on the environment. Cold-formed
members are manufactured by either cold rolling method or press braking
method. In the cold rolling method, the cold-formed member is obtained from
passing flat steel sheet through a series of deformation stages. In the press
braking method, the cold formed member is produced by bending a flat steel
sheet along its length. The press braking method yields various cross sections
and is therefore more popular than the cold rolling method.

Cold forming has significant effect on ductility and yield and tensile
stresses of steel materials. In EN 1993-1-3 [1], influence of cold forming is
considered by increasing average the yield stress of the whole cross-section.
The average yield stress depends on the number of 90 bends in the
cross-section. Afshan et al. [2] determined the material properties of S355
carbon steel via tensile coupon tests. Flat coupon specimens, 90 “corner coupon
specimens of the square hollow sections and rectangular hollow sections as
well as circular coupon specimens of the circular hollow sections were inves-
tigated. The investigated cross sections had thicknesses of 5 mm and 6 mm. The
Ramberg - Osgood parameters from the tensile tests were also presented in the
study. In a previous study [3], the properties of high strength steel were de-
termined using tensile coupon tests. These tests were performed on corner
coupon specimens and flat coupon specimens that were extracted from the hot
finished and cold formed square hollow sections and rectangular hollow
sections. The ratio of the yield stresses and tensile stresses of the corner and flat
specimens were also determined. The stress-strain curves of flat and corner
coupon specimens of S460, S500, and S690 materials also were compared. Ma
et al. [4] investigated, via experiments, cold formed high strength steel mate-
rials with 0.2% offset yield stresses of 700 MPa, 900 MPa, and 1100 MPa. A
total of 66 tensile coupon tests was performed and various coupon specimens
were considered, namely the: flat coupon, corner coupon, and curved coupon,
which were extracted from the square hollow sections, rectangular hollow
sections, and circular hollow sections. A new constitutive model, which uses
the Ramberg - Osgood expression, was developed based on the experimental
results. These results revealed that cold forming has significant effect on the
material strength. In fact, the strength in the corner part of coupon specimens
with 90 “bends, increased by up to 34% with effect of cold forming. Shi et al. [5]
performed 46 tensile coupon tests on high strength steel materials that have
nominal yield stresses of 500 MPa, 550 MPa, and 690 MPa. The coupon
specimens were grouped into two categories, namely those with thicknesses of
(i) <16 mm and (ii) >16 mm. Flat coupon specimens were tested at different
load rates, different compliances, and different strain rates. The experimental
results were used to develop a nonlinear constitutive model and a revised

multi-linear constitutive model. Tran et al. [6] investigated the material
strengths of the S650 high strength steel using 18 tensile coupon tests. The
coupon specimens were extracted from the polygonal and circular cold-formed
high strength steel sections.

This paper describes experimental and numerical studies of the S650 high
strength steel material properties with effect of cold-formed angle using thirty
tensile coupon tests. Tensile coupon specimens with different cold-formed
angles (90< 100< 120< 140< 160<and 180<) and different thicknesses (4 mm
and 6 mm) were considered. Relationships between the cold-formed angles and
yield stress as well as tensile stress of the material were investigated. The yield
and tensile stresses determined by considering the influence of the cold-formed
angle were compared with those determined without considering this influence.
Ductile-damage material models in the commercial finite element analysis
(FEA) programme ABAQUS [14] were used to simulate tensile coupon tests
and then, the experimental and FEA results were compared.

2. Experimental investigation
2.1. Coupon specimens

In order to investigate the influence of cold-formed angles on the proper-
ties of high strength steel material, thirty coupon specimens with different
cold-formed angles (90< 100< 120< 140< 160<and 180 and different
thicknesses (4 mm and 6 mm) were examined. Number and thicknesses of the
coupon specimens were considered as limitation in this study. The coupon
specimens were produced using a three-step process. In the first step,
L-section profiles were produced from the high strength steel plates using the
press braking method, Fig. 1.

Fig. 1 L section profiles with different cold-formed angles
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In the second step, a water jet was used to cut the coupon specimens from Table 1
the profiles with an extra 5 mm on each side to avoid any heating of the Dimensions of cross sections of the 4 mm thick coupon specimens
coupon specimens. In the last step, both sides of the coupon specimens were
made perfectly perpendicular to the specimen surface and both ends of the Bl B2 t A

Specimen Angle

specimens were then flattened to help clamping specimens during the tests, (mm) (mm) (mm) (mmF

Fig. 2. Chen and Young [7] also flattened the ends of corner coupon speci-
mens for tensile coupon tests to study the corner properties of cold-formed C1-4-S1 90< 8.49 14.14 4.01 50.39
steel sections at elevated temperatures.

C1-4-S2 90° 8.40 14.22 4.01 50.36
C1-4-S3 90° 8.45 14.09 4.02 50.30
C2-4-S1 100° 7.69 12.82 4.02 44.74
C2-4-S2 100 7.71 12.86 3.99 44.68
C2-4-S3 100 7.66 12.91 4.00 44.68
C3-4-S1 120° 6.01 10.01 3.99 33,51
Fig. 2 Coupon specimens

C3-4-S2 120° 6.05 10.03 3.96 33.37

Fig. 3 shows general dimensions of the tensile coupon specimen. Total
lengths (Lt) of the specimens were approximately 596 mm. The flattened part C3-4-S3 120° 6.08 10.02 4.03 33.99

lengths (Lf) at both ends were used to help gripping the specimens during the
tensile tests and were designed so that flattening does not affect the middle C4-4-S1 140° 11.62 14.36 4.00 55.34

parts of the coupon specimens. The large radii (R2) were used to help failure

sections occurred at middle of the specimens and were approximately 1513
mm and 2113 mm for the 4 mm and 6 mm thick coupon specimens, respec- C4-4-52 140° 9.86 13.47 4.03 48.94

tively.

. C4-4-S3 140° 7.10 9.58 4.01 34.63

t -~

Lt Lt
- —-| Le r- L F-4-S1 180° 10.90 10.90 4.10 44.60
A ,{,\vwniwwm g 1 F-4-S2 180° 10.60 10.60 4.10 43.20
Y S m extra RL \R2. Flattened part /
F-4-S3 180° 10.80 10.80 4.10 44.40
Fig. 3 General dimensions of the corner coupon specimen
Table 2

Fig. 4 shows a typical cross section of the coupon specimens. Considered

dimensions are inner radius (R3), outer radius (R4), width of the inner curves Dimensions of cross sections of the 6 mm thick coupon specimens

(B1), width of the outer curves (B2), and thickness (t). These dimensions were . B1 B2 t A
measured three times by using a digital caliper device with 0.01 mm of preci- Specimen Angle (mm) (mm) (mm) (mm3
sion and used to define the area of the cross-section.
C1-6-S1 90° 12.73 21.21 6.00 113.10
C1-6-S2 90° 12.70 21.26 5.96 112.39
C1-6-S3 90° 12.71 21.18 6.02 113.23
C2-6-S1 100 1157 19.28 6.01 100.59
O C2-6-S2 100 11.62 19.31 6.03 101.31
Fig. 4 Typical cross section of a corner coupon specimen C2-6-S3 100° 11.60 19.26 6.03 101.03
Tables 1 and Table 2 show the measured dimensions of cross sections of the 4 C3-6-S1 120° 9.02 15.01 6.02 75.75
mm thick and 6 mm thick coupon specimens, respectively. The areas of the
cross sections are also presented in these Tables. The following nomenclature .
are adopted for the specimens: angle of coupon specimen {C1(909, C2(1009, C3-6-52 120 9.05 15.08 6.02 76.10
C3(1209, C4(1409, C5(1609 and F(1809} - thickness {4 mm and 6
mm}-test number in the test series {S1; S2; S3}. C3-6-S3 120° 9.00 15.01 6.00 75.41

C5-6-S1 160° 11.00 13.09 6.00 73.13
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C5-6-S2 160° 9.09 11.18 5.98 61.28
C5-6-S3 160° 6.62 8.71 6.02 46.60
F-6-S1 180° 11.10 11.10 6.01 66.7
F-6-S2 180< 11.10 11.10 6.00 66.4
F-6-S3 180< 11.00 11.00 6.01 66.1
2.2. Test set-up and instruments

Dartec testing machine with maximum capacity of 250 kN was used to
perform the tensile coupon tests under laboratory temperature and humidity
conditions. Displacements of the tensile coupon specimens during the tests
were measured using an extensometer with 50 mm length gage allowing #12.5
mm (225%) clearance in elongation. Fig. 5 illustrates the typical set up for the
tensile coupon tests. The tensile coupon tests were carried out by displacement
control method. EN 10002-1 [8] recommends rate limitations at crossheads for
tensile coupon tests. For example, maximum and minimum stress rates of 6
MPa/s and 60 MPa/s, respectively, are recommended for testing within the
elastic range and at stresses up to the yield stress. Maximum strain rates of 0.25%
strain/s and 0.8% strain/s are recommended for testing within the plastic range
at stresses up to the proof stress and greater than the proof stress, respectively.
In this study, the tensile coupon tests were performed at a uniform crosshead
displacement of 0.02 mm/s.

Fig. 5 Set-up for the tensile coupon test

3. Experimental results

Results of the tensile coupon tests are summarized in Table 3 to Table 5,
which show the key parameters such as the yield stress o, , tensile stress o, ,
yield strain ¢, , tensile strain &, and failure strain ¢, . Cold-formed angles of
the coupon specimens are also presented in those tables. It should be noted
that flat coupon specimens are named as 180 °cold-formed angles in this study.
In some cases, the failure sections occurred outside the gauge lengths and,
hence, those values (C1-4-S2, C4-4-S1 and C5-6-S1, C5-4-S1, S2, S3,
C4-6-S1, S2, S3) were not recorded.

Cold-formed angle significantly affects material properties of the S650
high strength steel. Average tensile stress of the 4 mm thick coupon speci-
mens with 90°cold-formed angle is 7.7% higher than those of the specimens
with 140°cold-formed angles. Average tensile stress of the 6 mm thick cou-
pon specimens decreases from 905 MPa to 884 MPa when cold-formed angles
increase from 90°to 160< However, average strains at fracture significantly
increase with increasing cold-formed angles. Average fracture strain of the 4
mm thick coupon specimens increases from 7.17% to 8.32% with increasing
cold-formed angles (from 90°to 140<). Average fracture strain of the 6 mm
thick coupon specimens increases from 9.15% to 11.02% with increasing
cold-formed angles (from 90<to 1609. Results reveals the similar shape of
the engineering stress-engineering strain curves of the 6 mm thick coupon
specimens with different cold-formed angles (90< 100< and 1609, Fig. 6.
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Table 3
Key material properties determined from the tensile coupon tests of the flat
coupon specimens

oy &y oy & &
Specimen Angle

(N/mm3Z (%) (N/mm=Z (%) (%)
F-4-S1 180° 762 0.60 802 10.6 19.2
F-4-S2 180° 763 0.60 807 8.6 19.1
F-4-S3 180 762 0.60 806 8.5 19.0
F-6-S1 180 801 0.40 845 5.7 144
F-6-S2 180 793 0.40 843 6.0 14.8
F-6-S3 180 791 0.40 843 5.9 14.9

Table 4

Key material properties determined from the tensile coupon tests of the 4 mm
thick coupon specimens

oy &y o, & &
Specimen Angle

(N/mm3Z (%) (N/mm3Z (%) (%)
C1-4-S1 90° 889 0.62 929 1.18 7.24

C1-4-S2 90° - - - - -
C1-4-S3 90° 925 0.64 951 1.24 7.09
C2-4-S1 100° 932 0.64 948 1.02 7.06
C2-4-S2 100° 927 0.64 948 112 6.98
C2-4-S3 100° 914 0.64 944 1.16 7.36
C3-4-S1 120° 837 0.60 895 1.25 7.34
C3-4-S2 120° 865 0.61 917 117 7.04
C3-4-S3 120° 859 0.61 898 1.15 6.97

C4-4-S1 140° - - - - -
C4-4-S2 140° 839 0.60 876 151 8.97
C4-4-S3 140° 831 0.60 859 1.07 7.66

Table 5
Key material properties determined from the tensile coupon tests of the 6 mm
thick coupon specimens

oy &y o, & &4
Specimen Angle

(N/mm3Z (%) (N/mm= (%) (%)
C1-6-S1 90° 782 0.57 896 1.50 9.39
C1-6-S2 90° 830 0.60 923 1.46 8.85
C1-6-S3 90° 874 0.62 896 1.22 9.20
C2-6-S1 100° 843 0.60 898 1.37 9.48
C2-6-S2 100° 861 0.61 893 131 9.69
C2-6-S3 100° 853 0.61 890 1.37 9.41
C3-6-S1 120° 878 0.62 916 1.33 10.31
C3-6-S2 120° 883 0.62 917 1.32 10.41
C3-6-S3 120° 845 0.60 905 1.69 10.88

C5-6-S1 160= - - - - -

C5-6-S2 160 778 0.57 867 1.67 11.52

C5-6-S3 160 826 0.59 881 1.34 10.52
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Fig. 6 Engineering stress-strain curves of the 6 mm thick coupon specimens with
different cold-formed angles

4. Proposed design rules
4.1. Influence of cold-formed angle on strength of material

Figs. 7 and 8 show the relationship between cold-formed angle and the
yield stresses and tensile stresses of the material S650. Tensile coupon test
results performed by Wang et al. [13] for high strength steel materials S500
and S960 at the flat parts and corner (90 parts are also shown in these fig-
ures. Trend lines are created based on the tensile coupon test results. The trend
lines of different high strength materials S500, S650 and S960 show a similar
trend of increasing yield stress and tensile stress as the effect of cold-formed
angle increases. It should be noted that flat coupon specimen is named as 180
cold-formed angle specimen. Based on the trend lines, the effects of
cold-formed angle on yield and tensile stresses may be calculated using Eq. 1
and Eq. 2 respectively.

o, =—1.258¢+1007 1)

o, =—1.0850+1027 @

In these equations oy , o, , and « are yield stress, tensile stress and
cold-formed angle respectively.

1400
1200 4
| I e L P SRS | DA 1
1000 & A
= b * o, =-1.258c + 1007
S so0 ! T
S ¢ *
&
w2
§ 00 e e .
; "
= o Test results -S650
T 400 s Wang -S500
> » Wang -S960
200 Linear (Test results -S650)
oA - .- Linear (Wang -S$500)
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0
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Cold-formed Angle (&)

Fig. 7 Relationship between the yield stress and cold-formed angle
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Fig. 8 Relationship between the tensile stress and cold-formed angle

In order to investigate effect of cold-formed angle on the original materi-
al strength, yield stress and tensile stress at corner parts of the tensile coupon
specimens were compared to those at flat parts. Table 6 shows the ratios
between yield stresses and between tensile stresses at the corner parts and the
flat parts, as well as thicknesses and angles of the tensile coupon specimens.
The comparisons show that cold-formed angle has significant effect on tensile
and yield stresses of the S650 high strength steel material. Trend lines based
on analyses are presented in Figs. 9 and 10. Relationship between yield and
tensile stresses at corner parts and at flat parts of the tensile coupon specimens
may be expressed as following function:

Commer = O ot (0.001x +1.2) 3)

corner

Table 6
Stress comparison between the material with effects of cold-formed angle and
its base material

Specimen Angle Thickness Zyamer Fucomer
(mm) Tyt Ot
C1-4-S1 90° 4 1.17 1.15
C1-4-S2 90° 4 - -
C1-4-S3 90° 4 121 1.18
C2-4-S1 100= 4 1.22 1.18
C2-4-S2 100° 4 1.22 1.18
C2-4-S3 100° 4 1.20 117
C3-4-S1 120° 4 1.10 111
C3-4-S2 120° 4 1.13 1.14
C3-4-S3 120° 4 113 112
C4-4-S1 140° 4 - -
C4-4-S2 140° 4 1.10 1.09
C4-4-S3 140° 4 1.09 1.07
C1-6-S1 90° 6 0.98 1.06

C1-6-S2 90° 6 1.04 1.09
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C1-6-S3 90° 6 1.10 1.06
C2-6-S1 100° 6 1.06 1.06
C2-6-S2 100° 6 1.08 1.06
C2-6-S3 100° 6 1.07 1.05
C3-6-S1 120° 6 1.10 1.09
C3-6-S2 120° 6 111 1.09
C3-6-S3 120° 6 1.06 1.07
C5-6-S1 160° 6 - -
C5-6-S2 160° 6 0.98 1.03
C5-6-S3 160° 6 1.04 1.04
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= 0.80 ———— = —0.001a + 1.2
SR .
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Fig. 9 Relationship between yield stress ratio and cold-formed angle
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Fig. 10 Relationship between tensile stress ratios and cold-formed angles

4.2. Influence of cold-formed angle on ductility of material

According to EN 1993-1-12 [9], S460 to S700 steel materials should ful-
fil the following requirements o, / o, 21.05, ¢, >15¢, , elongation at failure:
& 210% where ¢, and &, are the tensile strain, and yield strain, respec-
tively. ASTM-A514 [10] code specifies that high yield stress, quenched and
tempered alloy steel plate, suitable for welding, must satisfy the following
tensile and hardness requirements: at thicknesses of up to 65 mm (tensile
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stress: 760 MPa — 895 MPa, minimum yield stress measured at 0.2% offset:
690 MPa, minimum elongation: 18%); at thicknesses 65 mm — 150 mm
(tensile stress: 690 MPa — 895 MPa, minimum yield stress measured at 0.2%
offset: 620 MPa, minimum elongation: 16%). ASTM-A709 [11] specifies four
yield stress levels (250 MPa, 345 MPa, 485 MPa, and 690 MPa) for seven
grades (250, 345, 345S, 345W, HPS 345W, HPS 485W, and HPS 690W) of
structural steel designated for bridges. At plate thicknesses of up to 100 mm,
grades 250, 345, 345W, and 485W exhibit minimum elongations of 23%, 21%,
21%, and 19%, respectively. Moreover, for plate thicknesses smaller 65 mm
and 65 mm — 100 mm, the 690W grade exhibits minimum elongations of 18%
and 16%, respectively. It should be noted that the ductility requirements in the
codes are applied to flat coupon specimens without considering the influence
of cold forming.

Results of ductility analyses performed on the S650 high strength steel
material, including influence of cold-formed angle, are presented in Fig. 11 to
Fig. 13. The analyses show gathering of the results. It could prove quality of
the coupon tensile tests. All results are outside of EN 1993-1-12 scope [9].
However, it emphasizes that the results are obtained with effects of
cold-formed angle.

140 : ;
]
. P1-4
e | EN 1993  {EN 1993 ! Outside i
= Partl-1 Partl-12 | EN 1993 scope = P2-4
i * P3-4
120 ¢ i P4-4
P B L e : o
i ® *P2-6
R %X "
1.00 ! ! P3-6
i P5-6
0.90 i
0.80 . . —_— . . .
0 200 400 600 800 1000 1200 1400 1600
o, (MPa)
Fig. 11 Relationship between tensile stress and yield stress with effect
of the cold-formed angles
35.00 ¢ T T
! H J P1-4
3000 | EN 1993 {EN 1993 Outside i
Partl-1 | {Partl-12| EN1993 scope iy
25.00 | i ' * P3-4
| |
i H P4-4
~2 | !
ii 20.00 E E P16
L ) S - SO «P2-6
i E P3-6
10.00 ' '
E H P5-6
5.00 i i
i RE T
0.00 | i } H 4 ‘ 4 4
0 200 400 600 800 1000 1200 1400 1600
o, (MPa)
Fig. 12 Relationship between tensile strain and yield strain with effect
of the cold-formed angles
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Fig. 13 Elongation at failure with effect of the cold-formed angles

Ductility factors were determined by statistical and 95% probability
analyses. The corresponding probability density function (pdf) [12] is given as
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follows:

—(><—Azt)2
f(x|,u,a):me 20 , —0<X<w @)

Where o is a non-negative scalar value, x is a scalar value. Fig. 14
to Fig. 16 present probability distributions of o, /o, , ¢,/ £,and ¢, respec-
tively. The probability distributions were determined based on the results of
the tensile coupon tests. The 95% probability was used to determine ductility
factors of the S650 high strength steel material including influence of
cold-formed angle. The following ductility factors with effects of cold-formed
angle are recommended:

- o,/0,21.0 ©®)
- elongation of failure &; >26.3 (6)

- £,218¢, O]

0 . . . .
0 0.2 0.4 0.6 0.8

Fig. 14 Probability distribution of o, / &,

Fig. 15 Probability distribution of &, / £,
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Fig. 16 Probability distribution of &;

4.3. Ductile damage analysis

In finite element analysis, the engineering stress ( o,,, ) and engineering
strain (&, ) are converted to the true stress (o, ), true strain (¢, ), and true
plastic strain (& ) by using following Equations:

Sy = In(l+geng) (8)

Otr = Oeng (1+ 8eng) ©
Oy

& =& _% (10)

In ABAQUS [15], Eq. 8 to Eqg. 10 are used to define plastic curves based
on the assumption that material is undamaged and exhibits perfect plastic
behavior. Equations describing the onset of damage and damage evolution are
used to create material curves where material damage is considered. The
equivalent plastic strain at the onset of damage is defined as a function of the
stress triaxiality and the strain rate, and is given as follows:

2 (n,e™)

Where n and s are the stress triaxiality and the equivalent plastic strain
rate, respectively. Overall damage variable is D = 0 at onset of damage and
reaches D = 1 at failure point.

In this study, ductile damage material models were considered for FE
analyses of the tensile coupon tests. Fig. 17 shows the meshes of the 6 mm
coupon models with cold formed angles of 90< 100< and 160< Elements (size:
1.5 mm) with 8-node linear brick and reduced integration with hourglass
control (C3D8R) were used for these analyses. The computation time was
reduced by considering only a half of the models. Furthermore, symmetry
boundary conditions were applied.

a)

Fig. 17 Meshes of the coupon models with cold-formed angles of:
a) 90< b) 100and c) 160°
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Fig. 18 shows the distribution of VVon Mises stresses in the coupon mod-
els with cold-formed angles of 90< 100< and 160°at the rapture points.
Cold-formed angle has significant effect on the stress distribution in the
models. Considering the stress distributions at corner parts of the models, the
stresses are spread farther along the length of the models and are closer to the
end of the model with a 90=cold-formed angle than in the model with 160<
cold-formed angle. At the rapture point, thicknesses of the models with 90<
and 160 <cold-formed angles are significantly reduced 35% and 38%, respec-
tively and their widths considerably decrease by 17% and 29%, respectively.

Fig. 18 Stress distribution in coupon models with cold-formed angles of: a) 90< b) 100°
and c¢) 160<at the rapture point

Fig. 19 and Fig. 20 reveal the good agreement between the experimental
and FEA curves of the 6 mm thick coupon specimens with 100°and 160
cold-formed angles, respectively. At rapture point of the specimen with a cold
formed angle of 100< the stress and strain experimentally obtained differ by
1.8% from the respective FEA-determined values. Similarly, the stress and
strain differ by 5.6% and 3.6%, respectively, in the case of the specimen with
160<cold-formed angle.
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Fig. 19 Stress-strain curves obtained from the experiment and FEA of the 6 mm thick
coupon specimen with 100 °cold-formed angle
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Fig. 20 Stress-strain curves obtained from the experimental and FEA of the 6 mm thick
coupon specimen with 160 cold-formed angle
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5. Conclusions

The influence of cold-formed angle on properties of the S650 high
strength steel material was assessed using tensile coupon tests and numerical
simulations. Coupon specimens with different cold-formed angles (90< 100<
120< 140< 160<°and 180 and different thicknesses (4 mm and 6 mm) were
tested. Based on the experimental and FEA results, following conclusions can
be drawn:

- The experimental results indicate that cold-formed angle has significant
effect on properties of the S650 high strength steel material. The yield stress
and tensile stress decrease by 9.4% and 10.3%, respectively, with increasing
(from 90— 180 cold-formed angles.

- Based on the tensile coupon test results, relationships between the
cold-formed angles and yield stress as well as tensile stress of the S650 high
strength steel material are described in Eq. 1 and Eq. 2. Stress relationship
between the material with effect of cold-formed angle and its base material is
presented in Eq. 3.

- It is clear from the results that cold-formed angle has considerable
influence on ductility of the S650 high strength steel material. Ductility fac-
tors including the effect of cold-formed angle are recommended in Eq. 5 to Eq.
7.

- Ductile-damage material models in the ABAQUS software was used to
simulate tensile coupon tests. The experimental and FEA results show good
agreements. At the rapture point of the 6 mm coupon specimen with 100<
cold-formed angle, the experimentally determined stress and strain differ by
1.8% from the FEA results.
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ABSTRACT

ARTICLE HISTORY

Submarine pipeline is widely used for the transportation of oil and gas in offshore exploration and production. The free
span of pipeline is inevitable because of the complex seabed conditions, which may result in the upheaval buckling failure
under the service conditions. In this paper, several experimental tests on scale models of submarine pipelines was carried
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out. The test results show that the length of the free span is closely related with the buckling of the pipeline. The upheaval

buckling of pipelines is induced by the high compressive stress due to thermal action and triggered by the initial curvature
due to self-weight. Thus, the traditional analysis and design method with effective length method cannot be used. Based on
the experimental results, a simple and effective finite element model is developed and verified for parametric study. The
numerical simulation results show that the diameter, length of free span and the self-weight of the pipeline will influence
the buckling resistance of the pipeline system. The proposed finite element model can be used for the practical design of

submarine pipelines.

Copyright © 2019 by The Hong Kong Institute of Steel Construction. All rights reserved.

KEYWORDS

Submarine pipeline;
Upheaval buckling;
Free span;

Scale model experiment;
Numerical simulation

1. Introduction

After nearly a hundred years of exploitation of land-based oil, the storage
capacity of oil fields on land has been rapidly reduced. Therefore, the main
exploitation of oil has turned to the ocean in recent years. The submarine
pipeline system is the common way for oil and gas transportation in the marine
oil and gas exploration because of easy construction, low cost and high
reliability. Up to the year 2006, the total length of the submarine pipelines in
the world had exceeded 175,000 kilometers, which is around 4.4 times of the
Earth's equator. The service environment of the submarine pipelines is complex
as the internal waves, ocean currents, earthquakes, and many other natural
disasters may lead to the failure of the pipelines. In the event of the oil and gas
leak in the pipeline, it will cause huge disasters to the marine ecological
environment and bring significant losses in the development of the social
economy [1] .

Generally, the crude oil needs to be transported at high pressure and high
temperature because of its high viscosity and high freezing point. With the
increase of the pressure and temperature, the stress of the pipeline will be
increased. Most importantly, the pipeline may be buckled under high
compressive stress and with lack of terrain constraint of the seabed. For this
reason, extensive research has been conducted on the failure mechanisms of
submarine pipeline system, which can be can be summarized into three
approaches. The first is the theoretical research on the buckling of the submarine
pipelines. As early as the 1980s, Hobbos et al. [2, 3] developed a buckling
critical load calculation formula for the ideal straight pipeline based on the small
rotation and line elasticity hypothesis. This formula has been applied to
investigate the thermal buckling of semi-infinite long pipeline [4]. Various
theoretical buckling models of pipelines under the complex service conditions
have been developed in the past three decades [5-8]. The second is the numerical
simulation on the buckling of the submarine pipelines. Commercial software
such as ABAQUS has been widely used to analyze the buckling of the
submarine pipelines [9, 10]. Because of the inevitable model simplification in
both of the theoretical analysis and numerical simulation, the experimental work
is necessary to support and verify the theoretical and numerical simulation
results. The third is the experimental tests on the buckling of the submarine
pipelines. For example, Miles et al. [11] investigated the lateral buckling using

Table 1
The material properties of 6061T6 aluminum

an elastic rod and an attenuation formula of the lateral buckling was derived.
Feng et al. [12] used the optical fiber sensor to measure the strain distributions
of the submarine pipeline during the pre-buckling and post-buckling responses.
The reliability of the optical fiber measurement method in this application has
been verified. In general, the experimental study on the submarine pipelines
were based on the scale model but not the full-scale model. The section
dimensions, loading modes, test objects and other factors may affect the test
results. Thus, only the experimental work on the buckling of the submarine
pipelines is insufficient.

From the above, a simple and effective analysis and design approach for
submarine pipelines is still limited. The high temperature in the pipelines not
only induce thermal stress but also change the material properties. Therefore,
the conventional design method based on the effective length method cannot be
used. Hence, the use of both experimental and numerical tests is an effective
and reliable method to investigate the actual behaviors of submarine pipelines.
It is noted that the pipelines with free spans are very common in the submarine
structures and upheaval buckling failures may be induced [13]. In this paper,
the experiment tests using scale model has been were conducted. Further, an
numerical simulation model is proposed and verified by the experimental test
results. Finally, the factors related to the upheaval buckling of the pipelines with
free spans are discussed and some recommendations are provided.

2. Experimental test of scale model
2.1. Scale Model and Test Setup

Submarine pipelines are commonly made of X65 or the higher grade steels
in the practical engineering application. Compared to the aluminum alloy, the
steel possesses the larger self-weight, higher elastic modulus, and lower thermal
conductivity. If the steel specimen is adopted in the experimental test, the
buckling failure mode can not be observed due to limited capacity of the
facilities. Therefore, the pipeline specimen made of 6061T6 aluminum alloy
was tested instead of steel pipeline in this paper [15]. The material properties of
aluminum 6061T6 are shown in Table 1. The dimensions of the aluminum
pipeline specimen are given as follows: the diameter is 70 mm, the wall
thickness is 2 mm, and the length is 9000 mm.

Linear expansion
Average density (kg/m3) Melting point ('C)

coefficient ("C-1)

Specific heat (cal/g)

Thermal conductivity
Resistivity (uQ cm) Elastic modulus (GPa)

(calems C)

2700 658 2410

0.225

0.52 2.84 68.5




Zhi-hua Chen et al.

The illustration of the experimental setup is shown in Fig. 1, which includes
the oil heating pump, the seabed simulated by sand, and the fixed end. The
temperature load was applied to the pipeline specimen by the oil heating pump.
The oil flow is heated up from the room temperature while the temperature
rising process was paused every 10 <C. When the deformation of the specimen
was stable in the pause step, the strain, displacement, and other parameters were
recorded. The temperature rising process was continued until the buckling
failure was observed in the aluminum pipeline.

Simulated seabed

end
\
B
]
/

N
-/

] flOW

Fixed end

Fixed

Pipeline model Free span

Oil heating pump

Fig. 1 The illustration of the experimental setup

The two ends of the pipeline specimen should be in a line and fixed at the
edge, which can minimize the bending moment induced during the temperature
loading process. Since the simulated seabed was made of fine sand, the
depression would be formed on the simulated seabed by the sinking of the
pipeline. In order to remove this influence, the sand on both sides of the lower
part of the pipeline model was removed. The angle bars were added at the ends
of the free span to simulate the hard contact, which can prevent the changes of
boundary conditions because of the slippage of the sand in the deformation
process of the pipeline model. The main purpose of this paper is to investigate
the upheaval buckling. Thus, the articulated connection was selected between
the ends of the pipeline model and the fixed ends. Two steel bars were welded
at both sides of the pipeline model to limit the lateral displacement of the
pipeline model. Fig. 2(a) shows the overall setup of experimental setup while
Fig. 2(b) shows the connection between the end of the specimen and the fixed
end of seabed.

Fig. 2 Experimental test photos: (a) Overall setup; (b) End connection details

As the temperatures, strains, displacements at the different locations of the
specimen were different, five displacement measurement points were arranged
along the pipeline, as seen in Fig. 3. The range of the displacement transduser
used in this experimental test was 500 mm with the sensitivity of 0.5 mm. The
high-temperature strain gauges were adhered on the middle point (point 3 in Fig.
3) to measure both the axial strain and the bending strain.

i Vi 3 ¥ 5

Fig. 3 The arrangement of five displacement measurement points

The high compressive stress due to temperature will lead to the buckling of
the pipeline specimen. Thus, five temperature measurement points were
arranged along the pipeline as indicated in Fig. 4. Point 1 was located on the oil
inlet and point 5 was located on the oil outlet. The thermocouples with the
temperature acquisition frequency of 1 time/s were used to measure the
temperature.
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Fig. 4 The arrangement of five temperature measurement points

Three groups of specimens have been tesed to study the influence of free
span length, which are listed in Table 2. The mean values of the test results for
each group were taken as the reliable results. The curves of the temperature
loading history are plotted in Fig. 5. T1 to T5 represent the temperatures of five
temperature measurement points. It can be seen that the temperature has a
certain loss along the oil flow path, which is the same as the observations in
practical engineering. Moreover, as the length of the free span increases, the
temperature loss decreases.

Table 2
The specimens in experimental test

Group 1 2 3
Length of free span (m) 2 3 4
Number of pipeline specimen 3 3 3
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Fig. 5 The curves of the temperature loading history with different length of free span: (a)
Length =2 m; (b) Length = 3 m; (c) Length =4 m

2.2. Experimental results and discussion

As shown in Fig. 6(a), the self-weight of the free span induces the initial
geometrical imperfection of the pipeline specimen, which will lead to upheaval
buckling failure of the pipeline under compression. In the process of the oil
temperature increase, due to the axial constraints at both ends and lack of lateral
constrains at the free span, the pipeline model was displaced vertically and
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finally failed due to the buckling. Also, because of the constraints of the steel
angles, the pipeline specimen exhibited a wave-shaped buckling mode, seen in
Fig. 6(b).

Fig. 6 Typical specimen in test: (a) Initial state; (b). Buckling failure mode

The mean values of the vertical displacement on the middle point of the
pipeline model of each specimen group are plotted in Fig. 7. The maximum
vertical displacement of the pipeline model with 2 m free span was only 8 mm
and the buckling phenomenon seems not obvious. For the pipeline model with
3 m free span, the increase of the vertical displacement was linear in the loading
process and the increase rate decreased after the buckling occured. When the
length of the free span was 4 m, the increase rate of the vertical displacement
was higher and the maximum vertical displacement was up to 85 mm. The
buckling rate is higher and the critical temperature is the lowest. The main
reason for the above-mentioned phenomenon is the use of the steel angle at the
ends of the free span which provided sufficiently rigid boundary. When the
length of the free span is small, the thermal displacement of the pipeline model
is small due to the restraint of the steel angle. When the free span is longer, the
initial geometrical imperfection induced by the self-weight of the free span
becomes important and will trigger the buckling. Although the steel angle
provides rigid boundary and the pipeline specimen is almost straight before
appling thermal load, the initial curvature of the pipeline induced by the gravity
load results in the clear upheaval buckling failure.
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Fig. 7 Temperature versus vertical displacement curves from test

The axial force of the middle point of the pipeline model was calculated by
the formula of F = €A, in which A is the cross-sectional area of the pipeline
while ¢ is the axial strain measured by the strain gauge. The mean value of the
axial force of each specimen group was calculated. Fig. 8(a) shows the
relationship between the axial force and the temperature difference. For the
pipeline with 2 m free span, because the axial constraint of the ends had a certain
gap, the deformation of the middle point of the pipeline model was rapid and
the axial force increased fast before the temperature difference of 20 °C. When
the gap was offset, the axial force changed slowly between the temperature
differences from 20°C to 60°C. When the temperature is higher than 60°C, the
axial force continuously increased and induced buckling failure after 90°C. For
the pipeline with a free span of 3 m, the tensile axial force occurred at the initial
stage of the temperature loading, which tightened the pipeline model and fixed
ends. With the increase of temperature, the tensile axial force was changed to
compressive axial force. When the axial force was increased up to 230 kN at the
temperature difference of 90°C, the pipeline was buckled. For the specimens
with free span of 4 m, the axial force changed with a fluctuation. The axial force
increased linearly after the temperature difference of 20°C. Fig. 8(b) is the
relationship between the axial force and the vertical displacement of the middle
point of the pipeline model. For the pipeline model with 2 m free span, because
of the short length and the large diameter of the pipeline model, the small initial
curvature at free span resulted in the small displacement which was near to zero.
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For the pipeline model with 3 m free span, the specimen was buckled when the
vertical displacement reached 40 mm with the axial force of 150 kN. The axial
force increased slowly in post-buckling range, but the vertical displacement
continuously increased. When the free span of the specimen was 4 m, the
pipeline model was buckled when the vertical displacement reached 10 mm with
the axial force of 75 kN.
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Fig. 8 Axial forces from test: (a) axial force vs. temperature difference;
(b)axial force vs. vertical displacement

3. Numerical simulation study
3.1. Numerical simulation model

In this paper, the commercial software ABAQUS was used to establish the
finite element model. The specific modeling and analysis process are described
as follows:

(1) The element types used in the model was based on the structural
behaviors the objects [16]. The submarine pipeline is a typical slender structure,
in which the dimension in one direction is much larger than that in the other two
directions. Therefore, the beam element (B21) was selected to simulate the
response of the pipeline. For each model, 300 bean elements are used to model
the pipeline. The seabed was simulated by the rigid contact surface (R2D2). The
contact model between the pipeline model and the seabed was set as the hard
contact. For each model, 300 rigid elements are used to model the seabed. And
the frictional behavior was represented by the Coulomb friction model.

(2) The length of the pipeline model was evaluated. Because of the obvious
localized feature of the submarine pipeline buckling, the buckling behavior
generally affects a small part of the total length of the pipeline [14]. Therefore,
it is not necessary to establish the finite element model with the total length of
the pipeline. In this paper, the length of the pipeline model was selected as 50
times the length of the free span.

(3) The constraints at both ends of the pipeline model were determined. The
submarine pipeline would have an elongation tendency under the action of the
internal temperature. As the frictional force of the seabed soil accumulates in
the axial direction, the pipe anchoring section is finally formed. Because two
ends of the anchoring section have no axial displacement, the constraints at both
ends of the pipeline model were determined as articulated connection.

(4) The loading type was determined. The main reason for the pipeline
buckling is the axial force generated by the expansion effect. Therefore, the
pressure induced by the increase of temperature was the loading type in this
paper.

(5) The analysis steps and method were determined. The simulation work
was mainly divided into two load steps. Firstly, the self-weight was applied on
the model, which is a general static analysis step. Second, a temperature action
was applied to the pipeline, involving a time-history of thermal analysis.



Zhi-hua Chen et al.

3.2. Verification of the numerical model

Based on the parameters of the scale models in experimental test, the
numerical simulation models were established according to section 3.2 and then
they were verified by the test results presented in section 2.2. Fig. 9 shows the
comparison of axial force-temperature curves obtained by experimental and
numerical simulation. It can be seen from Fig. 9 that the basic trend of the curves
from simulation and experiment are the same. The critical buckling force
derived by the numerical simulation is slightly smaller than that observed from
the experimental test. The reason may be due to the use of fully restrained
boundary conditions in numerical simulation while the support conditions of the
pipeline specimens in the experimental test were semi-rigid. In general, the
numerial results shows in good agreement with the test and therefore the
proposed FE model will be used for further parametric study on the responses
of pipelines under more conditions.

/Axial force (kN)

Experiment result
===-Simulation result

i 1 n

i

n

ZLU -{(J . f:(l H:‘!
Temperature difference (C)

100

326

(a)
oF
o~ -20r
Z
4
— 40
(o]
Q
560r NI
~=
E -8R0k Experiment result
o ====Simulation result
d:fI(JO»
12 A L s L " L "
-10 0 10 20 30 40 50 60 70
Temperature difference (C
(b)
0
2 =50/
=
=
Q -100
9
—
,_E
— -150
= Experiment result
b ===-Simulation result
< -200+

=250 =

+2.12¢+03
+1.88¢+03
+1.63¢+03
+1.39¢+03

+1.15¢+03
+9.04¢+02
+6.62¢+02
- +4.19¢+02
+1.76e+02
6.71e+
3.10e+

-S.53¢+
7.96¢+

(b) V S, Mises

Bottom, (fraction = -1.0)
(Avg: 75%)
+4.32¢+02

+2.1 2
- +1.82¢+02
- +1L46e+02
+1.10e+02
+7.44¢+01
+3.87¢+01
+2.92¢+00

01
02
02
02

20 40 60 80 10(

Temperature difference (C)

Fig. 9 The axial force-temperature curves with different length of free span: (a) Length =
2 m; (b) Length =3 m; (c) Length=4m

4. Parametric study

Unlike the specimens tested in section 2 which were made of aluminum
6061T6, the material of the pipeline in FE model is steel to represent the actual
conditions in practical engineering. The elastic modulus is 207 GPa while the
linear expansion coefficient is 11x<10-6. The main parameters of the pipelines
in numerical simulation study are listed in Table 3.

Table 3
The main parameters of pipelines in numerical simulation study

Diameter (mm) 254, 273, 323, 355, 381
Wall thickness (mm) 12
Length of the free span (m) 20, 24, 28, 32, 36, 40

Self-weight (N/mm) 0.6,08,1.0,1.2,1.4

The first step was the static analysis of the pipeline subjected to self-weight
only. The second step is thermal analysis by increasing the temperature until the
failure is observed.

Fig. 10 shows the displacement and the von Mises stress contours of the
pipeline model under 100°C with the parameters of 254 mm diameter, 12 mm
wall thickness, 0.6N/mm self-weight, and 20 m free span. Because the upheaval
buckling is a local behavior of the pipeline model, only a part of the pipeline
model including the buckling failure is shown in Fig. 10. Obviously, there is no
vertical displacement of the section of the pipeline model away from the free
span. Because the self-weight of the free span results in the deflection of the
free span and the warping of two sides of the free span, the free span acts as an
initial vertical defect in the loading process which leads to the upheaval
buckling of the pipeline model. The buckling shape of the pipeline model
includes two peaks and one trough. The stress at the peak and the trough are
larger. The maximum vertical displacement of the trough is smaller than that of
the peak.

Fig. 10 Typical specimen in test: (a) Initial state; (b). Buckling failure mode
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Fig. 11 shows the whole process of the vertical buckling of the pipeline
model with the parameters of 381 mm diameter, 12 mm wall thickness, 1.0
N/mm self-weight, and 32 m free span. As shown in Fig. 11(a), the structural
self-weight induced the small initial vertical displacement at the free span and
the small warping of two sides of the free span before the increase of
temperature. In the early stage of buckling development, the vertical
displacement of the free span is always greater than that of two-sided warping
section. The influence range of the buckling section appears as a symmetrically
extended state on both sides. When the temperature rises to the buckling critical
value, the vertical displacement of the buckling section develops rapidly. The
vertical displacement of two-sided warping section gradually exceeds that of
the free span, which becomes the main buckling section. The increase of the
buckling displacement of the free span slows down. Fig. 11(b) shows the
development of the combined stress. Obviously, the stress development of the
buckling also shows a symmetric distribution and gradually expands outward as
the temperature rises. Before the buckling occurs, the stress level of the pipeline
model is low. There are two compressive stress peaks at two sides of the free
span and one tensile stress peak in the middle of the free span. After the buckling
occurs, the stress shows a waveform distribution. There are three tensile stress
peaks and two compressive stress peaks, in which the tensile stress peaks on
both sides appear near the initial point of bending of the pipeline model. The
tensile stress peak in the middle point of the pipeline model corresponds to the
location of the maximum vertical displacement of the free span. Two
compressive stress troughs occur on both sides in Fig. 11(b). It is worth noting
that after the buckling occurs, the individual stress peaks propagate rapidly
symmetrically along both sides of the pipeline model.
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Fig. 11 Simulation results along the pipeline: (a)Displacement distribution;
(b) Stress distribution

The axial force and the vertical displacement of the middle point of the
pipeline model were used to investigate the influence of the free span length,
the diameter, and the self-weight on the buckling mode. Fig. 12 shows the
influence of the length of the free span on the buckling of the pipeline model.
In this simulation test groups, the diameter is 381 mm and the thickness of the
wall is 12mm. As shown in Fig. 12(a), there are two main development modes
of buckling displacement: when the length of the free span is small, the vertical
displacement of the pipeline model is small before the buckling; while after the
buckling occurs, the displacement of the pipeline model develops rapidly to
reach a new equilibrium state. Then the displacement continues to increase
slowly with the increase of temperature. Meanwhile, there is a certain dynamic
effect during the temperature rise process, which has the characteristics of
jumping buckling. When the length of the free span is longer, the initial
deflection of the pipeline model is larger with slow development of
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displacement. Fig. 12(b) shows the development of the axial force of the middle
point of the pipeline model. Obviously, the critical bending axial force gradually
decreases as the length of the free span increase. The main development modes
of buckling axial force can be classified into two categories: when the length of
the free span is small, there is a significant critical buckling axial force. The
axial force decreases rapidly after the critical buckling axial force. When the
length of the free span is longer, there is no obvious critical buckling axial force
and the axial force change slowly with the temperature rise.

(a)
0Fr
-0.5

—_
E
g I
£
5]
2 o
B-15
&
‘5 — 20m free span .

-2+ === 24m free span

== 28m free span . ‘.

-
- .
Yy .
*u
-
e

= 32m free span
-2.5- * 36m free span
*  40m free span Fae
0 20 40 60 80 100

Temperature difference ('C)

(b)
100 ‘ ''''' B S e 1
0
Z 100}
=
w
;—200-
=300}
é 20m free span
400+ = 24m free span
== 28m free span
""" 32m free span
=500+ *  36m free span

*  40m free span

30 60 80 100

0 20 )
Temperature difference ('C)

Fig. 12 Displacements and axial forces related to length of free span: (a) Displacement-
temperature curves; (b) Axial force-temperature curves

Fig. 13(a) is the relationship between vertical displacement of the middle
point of the pipeline and the temperature difference under different diameters;
while Fig. 13(b) is the relationship between axial force of the middle point of
the pipeline and the temperature difference under different diameters. In this
simulation groups, the length of the free span is 32 m and the thickness of the
wall is 12mm. The different diameters also would result in two vertical buckling
models. When the diameter is small, the buckling displacement develops gently
and there is no obvious critical buckling force. After the critical axial force, the
axial force of buckling section drops gently. When the diameter of the pipeline
is larger, there is a sudden change in the buckling displacement, and there is a
significant critical buckling axial force. After breaking the critical value, the
axial force of the buckling section decreases rapidly, accompanied with a
dynamic effect.
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Fig. 14 shows the effect of the self-weight on the buckling modes of the
pipeline model. In this simulation groups, the diameter is 381 mm, the length of
the free span is 32 m and the thickness of the wall is 122mm. Compared to the
influence of the length of the free span and the diameter, the effect of the self-
weight on the buckling of the pipeline model is small. As the self-weight of the
pipeline model increases, the final post-buckling displacement of the pipeline
model increases, the critical buckling temperature corresponding to the buckling
of the pipeline model also increases, and the post-buckling axial force increases.
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Displacement-temperature curves; (b) Axial force-temperature curves

5. Conclusions

Submarine pipelines have been extensively used in the transportation of oil
and gas. However, the pipeline is prone to upheaval buckling failure under the
service conditions. There is still lack of reliable design method for the
submarine pipelines as the conventional design method is mainly based on
effective length method with the assumption of initially undeformed
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configuration. In this paper, several experimental tests on scale models of
submarine pipelines have been conducted and a simple and effective finite
element (FE) model is proposed and verified by the test results. Further, the
proposed FE model is used for parametric study. The influence of free-span
length, diameter and wall thickness of pipeline has been investigated.

In summary, the following conclusions can be drawn from this paper.

1. The upheaval buckling of pipelines is induced by the high compressive
stress due to thermal action and triggered by the initial curvature due to self-
weight.

2. A simple and effective finite element model is developed and verified
by the test results. Parametric study has been conducted to investigate the
influence of several factors such as free-span length, the diameter and wall
thickness of the pipeline.

3. The simulation results show that the pipeline has two vertical buckling
modes. When the diameter of the pipe is large or the length of the free span is
small, the jump buckling of the pipe will occur, which should be avoided in
actual engineering. When the pipe diameter is small or the free span is large, the
buckling process of the pipe is relatively gentle and should be carefully
evaluated to ensure the safety of the pipe in the buckling state.

4. The length of the free span and the diameter of the pipe are the two most
important factors affecting upheaval buckling behavior. As the diameter
increases and the length of the free span decreases, the critical bending
crankshaft force of the pipe increases.

5. The proposed FE model is simple and effective for practical design of
submarine pipelines.
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ABSTRACT
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This paper proposes a dynamic response analysis method of concrete-filled steel tube (CFST) beams at the peak value stage
under lateral impact load. Targeted calculation of the peak value stage, finite element analysis (FEA) was carried out to
determine the calculation model suitable for the analysis of the peak value stage and the simplified trend curve of beam
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acceleration at the impact point. Then, an analysis method for calculating the dynamic response of a fixed -fixed supported

CFST beam is proposed, which consists of the travelling hinge theorem and a prediction model of the simplified trend
curve. The predicted simplified trend curve is applied to replace the motion constraint assumption of the impactor and beam
in the travelling hinge model. In the meantime, the elastoplastic behaviour of the CFST beams is considered in the analysis
process. Through the comparison of experimental results and analysis results, this analysis method can predict the time

history curves of the acceleration and impact force of CFST beams reasonably.

Copyright © 2019 by The Hong Kong Institute of Steel Construction. All rights reserved.

KEYWORDS

Lateral impact;

Dynamic response;
Concrete filled steel tube;
Calculation method;
Peak value stage

1. Introduction

Due to the functional requirements of a structure, it is inevitable to analyse
the dynamic response of structural members under ultimate loads. The lateral
impact is one of the dynamic loads that cannot be ignored, which can cause
serious damage and even the collapse of bridges and buildings [1,2]. Therefore,
the impact resistance of structures has been studied by using several
experiments and numerical simulations [3-9]. According to the impact load
measured from lateral impact tests, the dynamic response process of a beam can
usually be divided into three stages: the peak value stage, the platform stage,
and the unloading stage [10]. The peak value stage appears earliest in the
dynamic response process, which determines the initial state of the following
stage. Moreover, the maximum value of the impact load also appears at the peak
value stage. Consequently, it is of significance to gain insight into the peak value
stage in the process of analysis and design.

The difficulty of calculation at the peak value stage consists in the
estimation of the beam resistance. When the impact occurs rapidly, the
resistance of the beam at the peak value stage may be completely provided by
inertial force. The dynamic bending moment and the shear force in a structural
member can only be balanced with the inertial resistance of the beam and the
impact force of the impactor [11,12]. As a result, the beam supports have no
significant influence on the impact process [13]. Correspondingly, the dynamic
equilibrium equation is different from that of the static case due to their different
boundary conditions. The method which can describe this inertial resistance
process is the travelling hinge theorem [14], which has been used by Parkes
[15,16] to determine the dynamic responses of rigid plastic beams under lateral
impact loads. In the calculation process, the travelling plastic hinge is used to
replace the function of the supports. The impact force of the impactor can only
be balanced with the inertial resistance of the beam before travelling hinge
reaches the support constraint.

Nevertheless, the travelling hinge theorem has not yet been adopted to
calculate the dynamic responses of structural members at the peak value stage,
because this model assumes that the motion of both the impactor and beam are
the same in the impact area. This motion constraint assumption is different from
the actual phenomenon occurring at the peak value stage. However, Pham et al.
[17,18] show that the position of a plastic hinge could significantly affect the
dynamic response of the structural beam because there is a possibility that the
plastic hinge of one structural beam may not reach the support constraint during
the dynamic response process. Therefore, when calculating the dynamic
response of a structural member, it is necessary to describe the travelling process
of the plastic hinge.

The concrete-filled steel tube (CFST) beam exhibits a high bearing capacity
and good ductility; therefore, it has become the common form of structural
members [19-22]. The CFST beam dynamic response process obtained from

lateral impact tests [23-26] also includes the peak value stage, the platform stage,
and the unloading stage. However, there are several methods for calculating the
platform stages in CFST beams [27-30], whereas those for the peak value stage
are rare. Only the analytical calculation performed by Wang et al. [31] includes
the peak value stage. A transient force (P)-local indentation (8) curve, which
expresses a quality similar to contact stiffness, was introduced to describe the
interaction between the impactor and beam. Although this method still does not
obtain the accurate dynamic response of the beam at the peak value stage [31],
it includes all three stages of the dynamic response process. The reason for the
error occurring at the peak value stage may involve overlooking the motion of
the plastic hinge. Overall, difficulties still exist in the calculation of the peak
value stage of CFST beams.

This study is an attempt to address these difficulties in the calculation of
the dynamic response of CFST beams at the peak value stage. Thus, finite
element analysis (FEA) was conducted to investigate the dynamic behaviour of
fixed-fixed supported CFST beams under lateral impact loads, and five lateral
impact tests were adopted to verify the FEA results. Based on these results, an
analysis calculation model suitable for the peak value stage as well as a
simplified trend curve of the impact point acceleration was determined. Then,
the dynamic responses of CFST beams at the peak value stage were calculated
on the basis of the travelling hinge theorem and the prediction model of the
simplified trend curve.

2. Dynamic response at the peak value stage
2.1. Test description

Five lateral impact tests were carried out to obtain the dynamic response of
CFST members under lateral impact at the peak value stage. The outer diameter
(D) of the CFST beams is 114 mm, and the thicknesses of the steel tubes, which
are made of mild steel, are 2.0 mm and 3.5 mm. Additionally, the geometric size
ratio of the experimental members to the actual structural member is 1:10.

Standard tensile tests were conducted to measure the steel tube properties.
The average static tensile strengths (f,) of the 2.0 mm and 3.5 mm steel tubes
are 338 MPa and 323 MPa, respectively. The elastic modulus (Es) of the 2.0 mm
and 3.5 mm steel tubes are 198 GPa and 201 GPa, respectively, and the
corresponding elongation values are 21.68% and 21.57%, respectively. The
density of the steel is 7850 kg/m?®. Besides, nine concrete cube blocks with a
side length of 150 mm were made to measure the concrete properties. The
average cubic compressive strength (f.,) of the concrete block is 55 MPa, the
elastic modulus (E.) is 35.25 GPa, and the density is 2450 kg/m®.

One gravity-driven impact device, composed of a rigid hammer, a mass
block, and a sliding track, was used for generating the impact load, as shown in
Fig. 1. The total mass of the impactor (m), including the rigid hammer and mass
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block, was 270 kg. The impact heights of the test were selected to be 3 m, 5 m,
and 7 m based on the effective impact length (H) of the slipway, and the
corresponding initial impact velocities were 7.67 m/s, 9.90 m/s, and 11.72 m/s,
respectively. The size of the hammer at the impact contact surface was 30
mm*80 mm. The boundary conditions employed in the test were also shown in
Fig. 1. Both ends of the beam were fixed, with the effective support length (Lg)
of the member being 900 mm. According to the provisions of BS EN 1991-1-
7:2006 [32], the distance between the impact point and the support was 1.8m
when the impact action was caused by a derailed train. For general structural
members with a length of 6-10m, the corresponding range of the impact point
position was 0.18-0.3 span. Therefore, the impact point position of the test was

Table 1
Details of the impact test specimens
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located at 2/9 span, as shown in Fig. 1. The impact point was near the support
N, at a distance of 200 mm; whereas the distance between the centre of the
impact point and the support F was 700 mm.

During the test process, the impactor was raised along the slipway to a
predetermined impact height, so that the impactor was able to achieve the
designed initial impact velocity. A force sensor used to measure the impact load
was installed behind the rigid hammer, and the accuracies of the FEAs and
theoretical calculations were evaluated by the obtained impact-force time
history curve. The dynamic response of the beam was recorded with a high-
speed camera, the range of which is shown in Fig. 1. The impact point deflection
of the member was extracted from the high-speed camera video.

Specimen m (kg) Vio (m/s) Ei (kJ) D (mm) Le (mm) Tb (mm) fy (MPa) feu (MPa)
YG1 270 7.67 7.94 114 900 2.0 338 55
YG2 270 9.90 13.23 114 900 2.0 338 55
YG3 270 11.72 18.54 114 900 2.0 338 55
YG4 270 11.72 18.54 114 900 35 323 55
YG5 270 9.90 13.23 114 900 35 323 55
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2.2. Finite element analysis

2.2.1 Description of the FEA model

The deformation modes of CFST beams at the peak value stage were
supplemented by the FEAs as well as the change trends of velocity and
acceleration at the impact point. The deformation mode is related to the
calculation model, with the trend curve of acceleration being a supplementary
condition in the analysis calculation.

The drop-weight impact test was simulated for the CFST beams based on
the explicit criterion in LS-DYNA [33]. Fig. 2 shows a general FEA model of
the CFST member in the simulation analysis. The drop hammer, steel tube, and
core concrete were modelled using 8-node solid elements with reduced
integration. The mesh convergence study was conducted to determine the
appropriate mesh density and ensure the efficiency of the simulation. The
maximum size of the solid elements in the simulation models is 11.5 mm.

The material properties of the steel followed the ideal elastic-plastic model
(MAT_3 in LS-DYNA), in which the elongation determined the failure strain
(FS) of eroding elements. Additionally, the properties of concrete followed the

concrete damage model (MAT_72R3 in LS-DYNA) developed by Malvar et al.
[34]. This concrete model has also been successfully applied to analyse the
behaviours of CFST beams under lateral impact [23,27,31], which includes
three independent surfaces (the initial yield surface, the maximum failure
surface, and the residual failure surface) to describe the elastic-plastic response
of the concrete [33,34].

During the dynamic response process, the strength of steel and concrete
increases with the increase of the strain rate, which needs to be considered in
FEA and other analysis calculations. The influence of the strain rate on the yield
strength of steel is described by the Cowper-Symonds model [35], as shown in

[

where oq, represents the yield strength of the steel tube under the strain rate
&; o represents the yield strength of a steel tube; and C and P are the strain
rate parameters with values 6844 s and 3.91, respectively [1,10].

The influence of the strain rate on the dynamic compressive strength of
concrete can be found in the CEB-FIP model code [36], as shown in Eq. (2):
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where f. represents the dynamic compressive strength of concrete at the

strain rate & within the range of 30x107°s™ to 300s™; f represents the
static compressive strength of concrete at the strain rate &5 (&« =30x107°s™);
log ys =6.1560; —2; fo =10MPa; o = (5+9f / fuo) ™.

The influence of the strain rate on the dynamic tensile strength of concrete
is also given in the CEB-FIP model code [36], as shown in Eq. (3):

£<30s
£>30s"

DIF

/ Asl 1.01655
fm{(g &) ®)

fio | B(E] &)

where fq is the dynamic tensile strength of concrete at the strain rate &
within the range of 30x10°s™ to 300 s™; f, isthe static tensile strength of
concrete at the strain rate &q (éx =3x107°s™); log g = 7.115, —2.33 ; and
8 =1/ (10+6fs / feo) .

Both the impact hammer and supports are simplified in the FEA model, as
shown in Fig. 2. Specifically, the supports are simplified to hollow cylinders
with all degrees of freedom constrained, while the impactor is simplified as a
rectangular block. The impact contact surface size and the total mass of the
impact block in the FEA model are the same as those in the tests. Both the
support and the impact block are rigid bodies, corresponding to the MAT_15
model in LS-DYNA.

The parameters of the CFST beams are consistent with those of the tests. A
continuous node mode is used to describe the contact relationship between the
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concrete and the steel tube, while their relative slip is not considered in the FEA
model. Automatic node-to-surface contact is adopted as the contact relationship
of the CFST beam and the supports as well as between the CFST member and
the block, for which the dynamic friction coefficients are 0.2 and 0, respectively.
Additionally, the penalty scale factors, SFS and SFM, are equal to 2.0. The
initial impact velocities of the impactor were determined according to the tests.
Besides, a stiffness-type hourglass control was used to eliminate the zero-energy
modes.

2.2.2 Verification of the FEA model
Fig. 3 shows the general FEA result. The dynamic response modes of the
CFST beams were bending deformation and fracture, with reasonable CFST

beam damage and deformation being obtained via the establishment FEA model.

The impact-force time history curves obtained from the FEAs are shown in
Fig. 4. The comparisons between the predicted and experimental peak values
( Prax ), plateau values ( Puie ) and load durations (t) of the impact forces (F)
are shown in Table 2. The subscripts FE and TE in Table 2 refer to the FEA and
the experimental results, respectively. The mean values of Praxre / Praxre |
Piavte,re / Puaiere @nd tee / tre ratios are 0.97, 1.05 and 1.01, respectively, and
the corresponding standard deviations are 0.049, 0.037, and 0.061. The
maximum deflections of the impact point (W, max ) Obtained from the FEAs and

Table 2
Summary of the FE simulation results
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the tests are also summarised in Table 2. The mean value and standard deviation
of the Womaxre /Womaxre ratio are 1.01 and 0.054, respectively. Therefore, the
results of the dynamic response of CFST beams obtained from the FEAs are
consistent with those from the 2/9 span tests.

=N 3
~

v/

(a) Test Result

-~ LI

Crack Fracture

(b) FEA Result

Fig. 3 Damage condition

Specimen Pmax (KN) Pstante (KN) Whmax (Mm) Total duration t (ms)
FEA TEST FE/TE FEA TEST FE/TE FEA TEST FE/ITE FEA TEST FE/TE
YG1 370.3 410.9 0.90 210.6 193.8 1.09 30.9 322 0.96 14.0 13.3 1.05
YG2 469.0 449.6 1.04 193.2 186.1 1.07 93.7 914 1.03 44.4 42.5 1.04
YG3 529.3 527.1 1.00 199.2 201.6 0.96 Fracture Fracture
YG4 619.4 651.2 0.95 312.4 286.8 1.09 49.5 49.5 1.00 12.6 13.1 0.96
YG5 517.3 542.6 0.95 309.3 294.6 1.05 35.5 33.3 1.06 11.3 11.7 0.97
Mean Error 0.97 1.05 1.01 1.01
Std. Dev. 0.049 0.037 0.054 0.061
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Fig. 4 Impact-force time history curves

Fig. 5 Stress distribution during the peak value stage
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2.3. Deformation mode

Fig. 5 shows the propagation process of stress waves at the peak value stage,
which is applied to analyse the force mechanism of CFST members. From the
Von-Mises stress distributions of the beam (YG3), there are two deformation
modes for CFST beams at the peak value stage which are the local compression
mode and the local bending deformation mode.

The local compression stage is shown in Fig. 5 (b-1). At this stage, the stress
wave propagated from the top to the bottom point, and the stress value at the
bottom point of the CFST member was always zero. From this phenomenon, it
is considered that the bottom of the CFST member cross-section remains
stationary, and the whole deformation of the cross-section does not occur.
Therefore, only local compressive deformation occurs in CFST members at this
stage. After the stress wave spreads to the bottom of the CFST beam, the
member cross-section exhibits the bending deformation.

The bending deformation stage is shown in Fig. 5 (b-2) to (b-4). The main
feature of this stage is that there are two travelling stress-concentrated regions
(i.e., travelling hinges) outside the impact point. The middle of the stress-
concentrated region displayed a low-stress level, while the top and bottom of
the region displayed high- stress levels; which is a typical bending stress
distribution. Therefore, it was determined that the deformation mode of the
CFST beam is a bending mode. The stress distribution also proved that the
deformation of the CFST beam is local since there were stress-less regions
between the supports and the stress-concentrated regions. The stress-
concentrated regions gradually extended from the impact area to the constraints,
as shown in Fig. 5 (b-2) to (b-4), a process that can be described by the travelling
hinge theory [14-16, 37]. The stress-concentrated region is similar to the
travelling hinge, with the stress level of the travelling hinge increasing during
its travelling process, resulting in it eventually reaching a plastic state from an
elastic state, as seen in Fig. 5 (b-4). Thus, the elastoplastic behaviour of CFST
beams is an additional factor that requires consideration in analysis calculations.

2.4. Velocity and acceleration

Fig. 6 displays the velocity time history and acceleration time history
curves for the YG3 case, with W, , V, and a, as the displacement, velocity
and acceleration variables of the CFST member at the impact point, respectively.
Additionally,. W, , V| and a, are the displacement, velocity and acceleration
variables of the impactor, respectively. The above parameters are also marked
in Fig. 6 (c).

The impact velocity (Velocity) versus time (Time) curves are showed in
Fig. 6(a), including V, and V, . From the V, curve, the velocity of the
impactor decreases continuously at the peak value stage which indicates that the
impactor is always in the state of deceleration. In contrast, the V, curve
witnesses an increase during the initial period, which indicates that the CFST
beam is in the state of acceleration, then it falls gradually. Thus, the peak value
stage can be further divided into the acceleration process (OLV) and the
deceleration process (after point V) based on the state of the CFST beam. The
demarcation point of the two processes is represented by point V, as shown in
Fig. 6 (a). From the V, curve, It is also observed the fact that the acceleration
process is characterized by the approximate linear increment. Based on this
feature, it can be assumed that the value of a, is approximately a constant during
the acceleration process. Besides, as the V, and V, curves stay close and
share the similar trend in the deceleration process, it can be assumed that
Vi =V, in this process, which is also a general supplementary condition in the
analysis calculations [15-16, 27-30], while not suitable at the peak value stage.

The supplementary condition of the acceleration process is suggested to be
the simplified acceleration time history curve (i.e., the simplified trend curve),
as shown in Fig. 7. The simplified trend curve in the acceleration process can
be divided into three stages in which: OL represents the local compression stage,
LV indicates the constant acceleration stage of bending deformation, and VA
denotes the transition stage. Point O is the initial time of the impact process;
point L is defined as the end time of the local compression process; point V is
the time when V, =V, for the first time (although a, = a, at this time), and
point A is the time when V, =V, (V,=V, and a =a, ). The constant
acceleration stage is the main component of the simplified trend curve,
corresponding to the linear change process of the V, curve. The function of the
local compression stage is to determine the parameters of the simplified curve.
Since the CFST beam was already in the constant acceleration state when the
local compression stage ended (L moment) (Fig. 6 [a] and [b]), time and the
value of a, at the L moment were used as the representative values to
determine the curve. Finally, the transition stage was applied to ensure that
Vi =V, at A time. Point V and point A were determined by the relative motion
states of the impactor and CFST beam.

The ideal simplified trend curve and the corresponding velocity time
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history curve are also displayed in Fig. 6(a) and (b). Compared with the FEA
result (a, FEA), although the trend of the simplified curve at the VA stage is
slightly different from that of the FEA result, the general trends of the two
curves in the acceleration process appear to be similar.
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Fig. 7 Simplified acceleration curve

3. Analysis method of the peak value stage
3.1. Analysis process

There are two stages in the analysis and calculation process: local
compression stage and bending deformation stage. The calculation of the local
compression stage was performed to predict the parameters of the simplified
trend curve (prediction model), as shown in Figure 7. Then, the bending
deformation stage could be calculated based on the travelling hinge theorem,
wherein the prediction model provides the supplementary condition for solving
the equations.

(I}| Local compression stage calculation | e

|

2

Prediction model parameter identification |
} (3.)

Constant acceleration stage |

(3)

]

Bending calculation of the peak value stage

Transition stage |
l (3.2) e

(4) | Calculation after the peak value stage |

Fig. 8 Calculation process

The calculation process was divided into four stages according to the
proposed prediction model, as shown in Fig. 8.

Step 1: Local compression stage calculation.

Step 2: Prediction model parameter identification.

Step 3: Bending deformation calculation at the peak value stage (based on
the prediction model).
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Step 4: Bending deformation calculation after the peak value stage (based
on the V, =V, assumption).

On the basis of the prediction model, Step 3 can also be subdivided into the
constant acceleration stage (Step 3.1) and the transition stage (Step 3.2).

3.2. Prediction of the acceleration curve

3.2.1 Calculation of the local compression process

The parameters of the prediction model were determined by the value of
a, (& )andtime (t_) at the end of the local compression stage. Therefore,
the a, curve of the peak value stage could be predicted by the calculation of
the local compression stage.

The propagation process of the impact at the local compression stage (OL)
is shown in Fig. 9, which shows that the stress wave propagates from the contact
point (CP) to the bottom of the beam (BP), and before it reaches point BP, the
bottom of the beam is in a static and stress-less state. Thus, it can be concluded
that the beam cannot generate bending deformation, and the local compression
model is recommended for calculation during this process.

SA

Mass B
F\ /

c=2<

T /
>/ é/ /\®/ Reference
\CFST A ///450 /POii”.!I (RP)

Bottom(BP)
071D b 071D

Contact Point (CP)
Stress Area (SA)

Fig. 9 Local compression model

Stress Area

(a) Cross-section

y g “ Mass
CFSTY 28 J
T % = % % - Steel
N 1 Contact Force 2
O ) [ Concrete |
b, Acleh

(b) Contact area

(c) Contact force

Fig. 10 Calculation of the local compression process

Fig. 10 displays the calculation model of the local compression stage. The
contact force is assumed to be controlled by the core concrete material, as shown
in Fig. 10 (c). The force balance equation between steel and concrete was
established, as given in contact mechanics [38]:

ma, + DIF x fo x Ac =0 4

where Ac isthe contact area; fe is the concrete strength with consideration
to the lateral confining pressure; DIF is the dynamic increase factor of the
concrete material given in the CEB90 model code[36].

The value of f.. [39,40] is calculated by Eq.(5):

fee = fo + ko (5)

where f; is the characteristic concrete strength, taken as 0.67 of the cubic
strength of concrete for normal-strength concrete [1,10]; k is an empirical
coefficient [39,40]; and o3 is the confining pressure around the concrete core,
which can be estimated according to the local transverse strain of the concrete.

o3 =E& < fc (6)
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where E. is the elastic modulus of concrete; & is the transverse strain of
concrete at the impact point region; the transverse direction is the axial direction
of the beam. The value of & can be calculated by the definition of Poisson's
ratio, as shown in Eq. (7):

yv=— ()]

where v represents Poisson’s ratio and &3 is the local compressive strain of
concrete. The value of & is conservatively estimated by Eqg. (8).

Wi
Ee3 = m (8)

where D is the diameter of the beam; Ty, is the thickness of the steel tube; W,
is the displacement of the impactor. Additionally, « is the stress distribution
coefficient with a suggested value of 0.71.

D-2T, in Eq. (8) is a conservative approximation of Dsa. Dsa is the
height of the stress area, as shown in Fig. 10 (a), and « is the coefficient
related to the stress distribution. From Fig. 9, the shape of the stress distribution
in CFST members is approximately semi-circular. Thus, the impact point region
with width b is subjected to the transverse constraint of the surrounding concrete.
Moreover, the transverse constraint level of concrete at different section heights
is not the same. If the effect of transverse constraint is ignored, o« =1.When
considering this effect, a reference point (i.e., point RP) can be used to estimate
the average influence of the transverse constraint. The recommended point RP
is the intersection point between the 45<line and the stress area edge, as shown
in Fig. 9. Thus, the value of « is0.71 (sin45° ). Additionally, the initial state
of the bending deformation stage can also be obtained from the point RP. A
rectangular stress area determined by the reference point can be equivalent to
the semi-circular stress area, as seen in Fig. 9.

Then, the local compression strain rate (&) used to estimate the DIF can
also be calculated by Eq. (9).

/ Vi

- __ 9
a(D-2T,) ©
where V, is the velocity of the impactor.
Besides, Ac is the contact area, and its value is calculated by Eq. (10):
Ac =Lcb (10)

where b is the width of the hammer; Lc is the contact length displayed in
Fig. 10(b). For circular cross-sections, Lc is calculated based on geometric
relationships [38]:

LC :ZNIUJID (11)

3.2.2 Termination time of local compression stage

The local compression stage was terminated when the stress wave reached
point BP. It was assumed that Dss in Fig. 10(a) represented the maximum
vertical distance between the stress area and the contact point. Thus, when
Dsa = D , the local compression stage was terminated. At the time of Dsa =D,
the vertical propagation distances of the stress wave in the steel and concrete
are 2T, and D-2T,, respectively. Therefore, according to the formula for the
elastic stress wave velocity [41], the termination time of the local compression
stage (t. ) can be estimated as:

t = 2T, + D-2T, 12)
E./ o, E./ o

where E; and E; are the elastic modulus values of steel and concrete,
respectively; ps and p. are the densities of steel and concrete, respectively.
3.2.3 Acceleration prediction

The stress area (SA) of the CFST member at time L (i.e., the termination
time of the local compression stage) is shown in Fig. 9. According to the
reference point (RP), the empirical acceleration distribution is shown in Fig. 11.
In this empirical distribution, the acceleration value of the impact point region
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with width b is &, , and the position of zero acceleration point is 0.71D away
from the boundary of the impact point region. It is assumed that the acceleration
distribution is linear between the zero acceleration point and the edge of the
impact point area.

P=ma,;
F F’ N N
gy gpnz
s

0.71ID b _0.7ID

Fig. 11 The initial distribution of the acceleration during the bending stage

Therefore, the acceleration value of the beam impact point at time L (&, )
is calculated as follows:

may

" p(b+0.71D) (13)

L =

where p is the beam mass per unit length; a, is the acceleration of the
impactor at time L obtained from Eq. (4).

Furthermore, the velocity of the beam impact point (V. ) at time L was
obtained by momentum conservation:

Vi = MMio Vi) (14)

" p(b+0.71D)

where V,_ is the velocity of the impactor at time L obtained from Eq. (4).
The average deflection of the beam impact point at time L (W, ) can be
calculated using Eq. (15).

Woe = 0.5V t, (15)

In Eq. (13), a is a positive value, indicating that the velocity of the
member gradually increases, whereas a, is always negative, indicating that
the impactor velocity continues to decrease.

3.3. Bending stage calculation

3.3.1 Bending equilibrium equation

The diagram used in the calculation of the impact process based on the
travelling hinge model is shown in Fig. 6(c), in which F' and N' represent the
travelling hinges. When a travelling hinge reaches the supported end of the
beam, it immediately transforms into a stationary hinge. Equations for the
travelling hinge model based on the assumption that V, =V, has been provided
in the literature [15,16,37]. If the impactor and the member are independent, the
original equation can be altered to Egs. (16)-(18).

ma+ 2 (G + ) 5 A(E +6h) +Qr +Qu =0 (16)
Mo, = PR PSS L an
MN+M|=%§IZ+WDTM+QN§N (18)

where & and &y represent the location of the travelling hinges; &' and
&' represent the corresponding travelling hinge velocities; M, is the
bending moment value of the stationary hinge at impact point I; My and Mg
are the bending moment values of the corresponding travelling hinges; Qn and
Qr are the shear force values of hinges N and F, respectively; and the
subscripts F and N represent the supports corresponding to the travelling
hinges F' and N'.
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Ly and Lr denote the distance from impact point | to the supports N and
F, respectively. Before a travelling hinges reaches the support ( &y <Ly or
& < Le ), the travelling hinge shear force is ignorable (Qv =0 or Qs =0);
however, the travelling hinge velocity is not zero (&' =0 or &' =0).
Conversely, if &=Ly or & =L, Que #0 and &y =0.

3.3.2 Elastoplasticity of a travelling hinge

As steel and concrete are both elastic-plastic materials, the travelling hinge
of a CFST beam is not rigid-plastic. Egs. (19) and (20) illustrate an
approximation method for estimating the elastoplastic deformation of a
travelling hinge:

My =M, =K6 <M, (19)
Me = K6 <M, (20)
O =W/ (21)
O =W /& (22)

where M, is the dynamic yield bending moment of the beam; 6y and 6:
are the rotation angles of the travelling hinges; and K is the dynamic
rotational stiffness.

K =DIF, x K, (23)

where DIF, isthe dynamic increase factor related to the rotational velocity of
the hinge, and K, is the static rotational stiffness calculated as follows:

Ky=—* (24)

where K, is the flexural rigidity of a CFST beam according to the AlJ1997
code [42], and |, is the equivalent length of the hinge region with a value of
0.5D.

K¢=Es|5 +0.2Eclc (25)

where, Is and Ic are the inertia moments of the steel tube and core concrete
sections, respectively.

Egs. (19) and (20) are optimisations of the My =M, =M =M,
assumption (i.e., the rigid-plastic model). The My =M, assumption is based
on both the 2/9 span tests and FEA results, as shown in Fig. 3 and Fig. 5. Similar
estimation methods of the & value can also be found in the calculation of Qu
[271.

Since the steel tube provides the main flexural capacity, DIF, is
estimated as follows:

DIF, =1+ (%')E (26)

where C and P are the strain rate parameters: C=6844 and P=3.91[1,7].
Additionally, & is the rate of the rotation angle [23].

W

0=
én

@7

Then, the dynamic yield bending moment of the beam ( M, ) can be
calculated as follows:

M, = DIF, x Mg (28)

where M; is the static yield bending moment of the beam that can be
calculated by the formula presented by Han [43].

3.3.3 Calculation of bending stage
(1) Step 3.1
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The unknown variables of the three equilibrium equations (16)-(18) include
W, W,, & and & . The prediction model provided the acceleration value
of the beam ( a, ) to determine its deflection (W, ). Thus, the equations can be
solved.

The initial travelling hinge position ( & ) is shown in Figs. 9 and 11.

& =0.71D (29)
The supplementary condition for the equilibrium equations is as follows:
ap (t) =y (30)

The calculation process begins at time L (i.e., the termination time of the
local compression stage), and the termination condition of the calculation
process is the first occurrence of V, =V, .

(2) Step 3.2

The transition stage (VA) in the prediction model is shown in Fig. 7, with
the times corresponding to point V and point A being equal. During the
calculation, the basic assumptionis a, =a, , and the parameters other than Qy ,
Qe , &' and &' maintain their values at V time. By introducing a =&,
into Egs. (16)-(18), the acceleration value corresponding to point A can be
obtained.

(3) Step4

The deformation mode of the beam after the peak value stage is also a
bending-type. Hence, Egs. (16)-(18) can still be applied for the calculation of
this stage. However, the supplementary condition changes from the prediction
model to the equation V, =V, .

3.4. Analysis Results

The dynamic response of the CFST beam at the peak value stage under
lateral impact was predicted using the proposed analysis method, and the
accuracy of which was then verified by the 2/9 span tests employed in this study
and five other 1/2 span tests [1,10]. The rationality of the calculated results was
evaluated by the acceleration and impact-force time history curves.

3.4.1 Acceleration time history curve

Fig. 12 presents the acceleration time history curve at the impact point |
obtained from the prediction model. The calculated acceleration value of the
beam in the constant acceleration stage was a,.v , and the results are
summarized in the table of Fig. 12. The corresponding average value of FEA
was assigned as @y, reamean - AS shown in the table of Fig. 12, the mean value of
the @1y / @ reamean  ratio was 0.987, and its standard deviation was 0.0504. The
maximum calculation error appeared in the YG1 case, for which the value of

Table 3
Details of the analysis calculations
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the @pLv /@ reamean ratio was 0.899. This error also led to a low calculated
value of impact force in the YGL1 case.

The shortcomings of the prediction model can be observed clearly in Fig.
12. The FEA results show that the impact point acceleration of the CFST beam
decreases after the constant acceleration stage (point V), and gradually
approaches the acceleration value of the impactor. However, the prediction
model (VA) assumes that this process is completed immediately. The calculation
error in the acceleration at this stage is evident, and its influence was discussed
in the following section according to the impact-force time history curves.
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Fig. 12 Calculation results of prediction models

m Vio D To fe K[30:40] Ec

fy My Impact PrmaxTH Prmax,TE

Specimen : | 1-TH/TE |
(kg) (m/s) (mm) (mm) (MPa) (MPa) (MPa) (KN m) point (kN) (kN)
YG1 270 7.67 114 2 36.85 4.1 35250 338 9.63 2/9span 364.3 410.9 11.33%
YG2 270 9.90 114 2 36.85 4.1 35250 338 9.63 2/9span 436.4 449.6 2.93%
YG3 270 11.7 114 2 36.85 4.1 35250 338 9.63 2/9span 498.4 527.1 5.44%
YG4 270 11.7 114 35 36.85 4.1 35250 323 15.36 2/9span 636.3 651.2 2.28%
YG5 270 9.90 114 35 36.85 4.1 35250 323 15.36 2/9span 565.3 542.6 4.18%
cci 465 9.21 180 3.65 50.32 3 36800 247 35.26 1/2span 870.0 811.1 7.27%
ccai 920 6.40 180 3.65 50.32 3 36800 247 35.26 1/2span 666.3 624.8 6.65%
ccs3i 465 9.67 180 3.65 50.32 3 36800 247 35.26 1/2span 901.9 787.9 14.47%
DBF1419 230 3.90 114 1.7 32.63 4.1 32500 232 6.11 1/2span 148.2 160.5 7.66%
DBF171 230 4.40 114 1.7 32.63 4.1 32500 232 6.11 1/2span 175.5 168.5 4.18%
Mean Error 6.64%
Std. Dev. 0.035

3.4.2 Impact-force time history curve

The impact-force time history curves of the 2/9 span tests obtained from
the analysis method are shown in Fig. 13. The calculation parameters and results
of the 1/2-span cases are summarized in Table 3.
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Compared with the impact force peak values from the verification tests
( PraxTe ), the mean error of the analysis calculation ( Praxrn ) Was 6.64%, and
the standard deviation was 0.035. One of the cases exhibiting a larger error was
YG1, in which the calculation value was 11.33% lower than the experimental
value. The reason for this error may be that the influence of the steel tube was
not considered in determining the parameters of the prediction model in Eq. (4).
Therefore, the calculated results of beam acceleration ( &, ) and the impact force
were lower than those of the test. In addition, the greatest calculation error
occurred in the case of CC3, in which the calculated value was 14.47% higher
than the test value. A particular case led to this deviation, which involved the
impact force peak values of the tests decreasing with rising impact velocity, as
seen in CC1 and CC3. Although the theoretical method cannot reasonably
describe this phenomenon, it can be inferred that it may be related to local
damage of the CFST beam. Additionally, it can be further found from the
impact-force time history curves that the VA process in the prediction model is
acceptable, as shown in Fig. 13. This approximation method does not yield
significant errors in the calculation results.

After the A time in Fig. 13, the impact-force platform value can be
calculated based on the V, =\, assumption, and the calculation results
consistent with the tests were obtained from the original travelling hinge
theorem. However, since the V, =V, assumption was employed, the
fluctuations of the impact force curves could not be described. The calculation
process employed in this paper terminated after all the travelling hinges
transformed into stationary hinges ( Ls = &¢ ). It can be found from the curves
after A time that the actual constraint length of the CFST beam at the early
platform stage may be less than the distance from the impact point to the
supports.
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Fig. 13 Analysis calculation results

4, Conclusion

In this paper, an analysis method was presented to predict the dynamic

response of CFST beams under the lateral impact process at the peak value stage.

The rationality of the method was verified by the acceleration time history curve
of FEAs and the impact-force time history curve of lateral impact tests. The
following conclusions were obtained from the research of this paper.

(1) A simplified trend curve of the acceleration at the impact point of a
CFST beam is proposed based on the FEA results. The curve can be a new
supplementary solution condition in the calculation of the peak value stage. The
simplified trend curve divides the peak value stage into the local compression
stage, the constant acceleration bending stage, and the transition stage.
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(2) The parameters of the simplified trend curve can be predicted by the
calculation of the local compression stage. The influencing factors of the
prediction model include impactor mass, impactor velocity, contact surface size,
and concrete strength and strain rate.

(3) The dynamic responses of CFST beams at the peak value stage were
accurately predicted. This analysis calculation depended on the prediction
model of the simplified trend curve and the travelling hinge theorem. The
elastoplastic behaviour of CFST beams was also considered during the
calculation.

Based on the proposed simplified trend curve and the travelling hinge
theorem, a dynamic response analysis method for the peak value stage of CFST
beams under lateral impact can be established. This method provided the
predictions for the dynamic response of CFST beams reasonably. However, the
transition stage in the simplified trend curve is marginally different from the
FEA results, and the current work cannot simplify this stage more accurately.
Therefore, more research is needed to further optimise the simplified trend
curve.
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Notation
a Acceleration value of the impactor a Acceleration of the im-
It at time L ! pactor
Vi Velocity of the impactor at time L. Vi Velocity of impactor
t Termination time of the local com- Displacement of im-
L pression stage W pactor
Acceleration value of the beam at Acceleration of the beam
A time L % impact point
v Velocity of the beam impact point at v Velocity of the beam im-
bL time L b pact point
W Deflection of the beam impact point Displacement of the
oL at time L ' beam impact point
o Confining pressure around the con- v Poisson’s ratio
crete core
Average transverse strain of con-
&3 Contact area
crete
Ea Compressive strain of concrete D Diameter of the beam
fe Characteristic concrete strength Ty ;I:;Jf kness of the steel
g local compression strain rate b Width of the hammer
a Stress distribution coefficient E. Elastic modulus of con-
crete
k Empirical coefficient Es Elastic modulus of steel
Dynamic yield bending moment of :
M, the beam o Density of concrete
M, Egir:]ctilrg moment value at impact e Density of steel
Bending moment values of the
My travelling hinge N Le Contact length
M Bending moment values of the Beam quality per unit
F travelling hinge F P/ length
M Static yield bending moment of the & Location of the
u CFST beam N travelling hinge N
P Rotation angles of the travelling & Location of the travel-
N hinge N F ling hinge F
0 Rotation angles of the travelling , Velocity of the travelling
F hinge F Sn hinge N
L Distances from impact point | to the , Velocity of the travelling
N support N oF hinge F
L Distances from impact point | to the & Initial travelling hinge
F support F 0 position
Ky Flexural rigidity of CFST members Qe ﬁihne;er Fforce values - of
. . . Shear force values of
Ko Static rotational stiffness Qn hinge N
K Dynamic rotational stiffness C Strain rate parameter
Is Inertia moment of steel tube section Strain rate parameter
| Inertia moment of core concrete I Equivalent length of the
¢ section hinge region
f Concrete strength in consideration DIE Dynamic increase factor
“ of lateral confining pressure of concrete

DIF,  Dynamic increase factor related to the rotational velocity of the hinge
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ABSTRACT

ARTICLE HISTORY

The composite steel plate shear wall (C-SPW), composed of infill steel plate and reinforced concrete encasements, is
widely used as a lateral load resisting system in high-rise buildings. The reinforced concrete encasement is connected to
one or both sides of the infill steel plate using headed studs. Previous investigations have mainly focused on the seismic
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behaviour of C-SPWs and the bending failure of the connector, as explored in some experimental studies, are found

before C-SPW achieve its target drift ratio. However, the behaviour of the headed stud, which plays an important role in
the performance of C-SPWs, has been largely neglected. In this paper, a study of the tensile force and bending moment
demands on headed studs in the design of C-SPWs is performed by using the finite element method. As the theoretical
basis, the development, distribution and formation mechanisms of stud tension and bending moment are analysed. The
effects of the headed stud diameter, number of headed studs, infill steel plate thickness, concrete panel thickness and
panel aspect ratio on the stud performance are investigated. Based on this, available formulas for the tension and bending

moment demands on headed studs in the design of C-SPWs are proposed.
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1. Introduction

Composite steel plate shear walls (C-SPWSs), which incorporate significant
ductility, stiffness and energy dissipation capacity, are widely used as lateral
load resisting systems in structural designs. In C-SPWs, the reinforced concrete
encasement attached to one or both sides of the infill steel plate using headed
studs is required to prevent the infill steel plate from buckling before yielding.
As a result, the desired load-resisting mechanism of shear yielding in the infill
steel plate can be realized. In cases of large story drift, infill steel plate
elasto-plastic buckling behaviour may occur. Tension and bending of the
headed studs become evident resulting from the relative out-of-plane
deformation experienced between the infill steel plate and concrete
encasements. To meet the expected ductility, shear resistance and energy
dissipation of C-SPWs in instances of earthquake, the tensile force and bending
moment demands on the headed studs in the design of C-SPWs are important
issues that must be thoroughly explored. However, of the many available
studies on C-SPWs, most focus on its seismic behaviour, with some
experimental works finding that the correlative failure of connectors between
the infill steel plate and concrete encasement occurs before the C-SPW reaches
its expected drift ratio. In contrast, studies of the headed stud for the design of
C-SPWs have not yet been undertaken.

One study of stud tension was proposed by Zhao and Astaneh-Asl [1, 2],
where the headed stud was required to resist a tensile force induced by
elasto-plastic local buckling of an infill steel plate. The test results of a
one-story C-SPW captured by Arabzade et al. revealed that some of the bolts
used to connect the concrete panel to the infill steel plate failed due to shear and
bending resulting from inelastic buckling of the infill steel plate [3]. In an
experimental investigation of C-SPWs with light-weight concrete panel bolted
to the steel plate, Rassouli et al. reported significant bolt bending after inelastic
local buckling of the steel plate [4]. AISC 341-10 contains several provisions
for the design of C-SPWs: the minimum concrete panel thickness must be 100
mm when a concrete panel is provided on both sides of the steel plate and,
otherwise, must be 200 mm when a concrete panel is provided on only one side
of the steel plate; in addition, the reinforcement ratio in both directions shall not
be less than 0.25% [5].

Studies on the effects of design parameters on the seismic behaviour of
C-SPWs have also been reported. Rahai and Hatami, Shafaei et al. and
Rahnavard et al. performed numerical or experimental studies on the effects of
important design parameters (e.g., stud spacing, concrete panel thickness, etc.)
on the seismic behaviour (e.g., maximum lateral resistance, out-of-plane
displacement of the steel plate, maximum interstory drift, energy dissipation,
etc.) of C-SPWs [6-8]. Dey and Bhowmick investigated the contributions of the
infill steel plate, concrete panels and boundary columns to lateral resistance
using nonlinear numerical analysis [9]. Using the Rayleigh-Ritz method, Smith
etal. [10] and Arabzade et al. [11] proposed the local buckling coefficient for a
unilaterally constrained rectangular plate under pure shear.

Various improvements to the structural elements in C-SPWs have been
explored by researchers. An experimental study of the C-SPW in a composite
frame under cyclic loading was conducted by Guo et al. [12]. A
buckling-restrained steel plate shear wall (BR-SPW) was tested by Guo and
Dong [13, 14]. A comparison between the seismic behaviours of BR-SPWs and
C-SPWs were made. A novel BR-SPW with inclined slots in the infill steel
plate was theoretically and numerically analysed by Jin and Ou et al. [15]. A
novel partially connected BR-SPW was theoretically and experimentally
investigated by Wei et al. [16]. Compared to the traditional C-SPW, the
aforementioned studies demonstrated that the corresponding improvements
were beneficial to the structure’s performance.

Few studies have explored the bearing capacity of headed studs in
composite structures. Pallarés et al. comprehensively investigated the bearing
capacity of headed studs under tension and combined tension and shear [17].
Lin et al. experimentally and numerically studied the behaviour of headed stud
connections between concrete slabs and steel girders subjected to transverse
bending moments [18]. The nominal tensile strengths of headed studs in
composite structures are specified in ACI 318-11 [19], ACI 349-06 [20] and
PCI 6th Edition [21].

Having a vital role to play in the behaviour of C-SPWs, the resistance
demand on a headed stud should thus be treated as an important issue in the
C-SPW design. The shear force demand on a headed stud and the concrete
panel thickness demand for the design of C-SPWs was addressed previously by
the authors [22, 23]. To date, however, there have been few studies of the
tension or bending of headed studs due to the buckling of steel plates in the
inelastic range of C-SPWs following the available design provisions or
recommendations. In this paper, an investigation of the tensile force and
bending moment demands on studs in seismic design of C-SPWs is conducted
using the finite element method. This C-SPW consists of infill steel plate,
cast-in-place reinforced concrete encasements with equal thickness on both
sides of the steel plate as well as headed studs anchoring the concrete
encasements to the steel plate. A validated finite element model incorporating
an effective C-SPW behaviour prediction is established using ABAQUS
/Standard [24]. Utilizing this validated finite element model, specific results
regarding the nonlinear responses of headed studs in a C-SPW design under
lateral loading are achieved. The finite element analyses are conducted for 27
specimens under monotonic lateral loadings with five variable design
parameters including concrete panel thickness, infill steel plate thickness, panel
aspect ratio (the ratio of the panel height to width) as well as the number of
studs. The formation mechanisms of stud tension and bending moment are
studied based on the interaction of the headed studs, infill steel plate and
concrete panels, and the development and distribution of stud tension and
bending moment are analysed. Fitting the collected tensile force and bending
moment values of the headed studs when the drift ratios of C-SPWs reach 2.5%,
available formulas for the tension and bending moment demands on headed
studs in the design of C-SPW are proposed, respectively.
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2. Finite element model of C-SPW

In the seismic design of this lateral load resisting system, which consists
of a C-SPW and a boundary steel frame, the system is treated as C-SPWs
entailing columns and beams, which are taken as a web plate, flange and
stiffeners of a cantilever beam, respectively. Hence, the C-SPW undergoes
shear deformation. To investigate the behaviours of headed studs in a C-SPW
under shear loading, an in-plane shear load is applied to the infill steel plate,
and a steel frame is introduced to the C-SPW to provide a boundary restriction
without lateral resistance. In the finite element model (FEM) of the C-SPW,
its boundary frame remains elastic with a hinged beam-column connection
and simply supported base. Next, a monotonic lateral displacement is applied
to the top beam. A finite element model of the C-SPW established using
ABAQUS, which enables the inclusion of a hinged boundary frame and
effectively takes into account the interactions between the infill steel plate,
concrete panels, boundary frame and headed studs, as previously proposed
and validated by the authors [22]. This FEM is employed to investigate the
tensile force and bending moment on headed studs in this paper. The C-SPW
evaluated here is characterized by cast-in-place reinforced concrete
encasements attached to both sides of an infill steel plate, no gap between the
concrete edges and a hinged single-bay one-story boundary steel frame. It
should be mentioned that to avoid repetition, details regarding the element
types, constitutive relationships governing materials, boundary conditions and
validation of the FEM that can be found in [22] and are otherwise omitted
here. The material properties as well as the interactions between finite
elements are summarized below.

The plastic damage model, derived from Lubiner et al. [25] and Lee et al.
[26], is utilized to depict the behaviour of the concrete material. The perfect
elasto-plastic model is employed to model the constitutive relationships of the
infill steel plate and reinforcing bar. The constitutive relationship of the
headed stud is characterized by a bilinear hardening model with a hardening
stiffness assumed to be 2% of the elastic stiffness. The material property of
the boundary steel frame is assumed to maintain its elasticity in the finite
element analysis.

Element types that include the infill steel plate, concrete panel, headed
stud and reinforcing bar were reported in either prior finite element models of
the C-SPW [8, 9] or steel-plate composite shear wall [27-29], which has a
similar construction to that of the C-SPW. Herein, a 4-node reduced
integration shell element (S4R) is utilized to model the infill steel plate; an
8-node reduced integration solid element (C3D8R) is utilized to model the
concrete panel; a 2-node linear beam element (B31) is utilized to model the
headed stud; and a truss element (T3D2) is utilized to model the reinforcing
bar. The boundary frame is simulated by coupling the shell element S4R to the
beam element B31, where B31 enables the interaction between the boundary
frame and infill steel plate and S4R enables the interaction between the
boundary steel flanges and concrete panels. Because the steel frame provides
elastic boundary restriction but no lateral stiffness to the C-SPW, tying its
shell elements to the centroidal axis of the beam elements only slightly
influences the inertia moment of the beam cross section as well as the axial
force capacities of the beams and columns, thereby having no effect on the
performance of the C-SPW.

The bonding action between the steel plate and cast-in-place concrete is
commonly assumed to have a coefficient of friction [8, 29-31]. To model this
bond action more practically, nonlinear spring elements (SPRING2) are
adopted. A "hard" contact relationship without a friction effect is employed
between the edges of the concrete panels and boundary steel flanges. The
welded and embedded connections are realized by coupling all degrees of
freedom of the overlap nodes.

Following the design provisions and recommendations of C-SPWs [1,2,5],
five groups comprising 27 FEM specimens are established and analysed. The
invariant information pertaining to each specimen is described in the
following. The cross sections of the beams and columns are W530>219 and
W360>818, respectively. The nominal yield strength and ultimate strength of
the headed studs are 240 MPa and 400 MPa, respectively. For the infill steel
plate, Young's modulus is 206 GPa; Poisson's ratio is 0.3; the nominal yield
strength is 235 MPa; and the height h is set as 3000 mm. For the concrete
panel, the cubic nominal tensile strength and cubic nominal compressive
strength of concrete are taken as 2.01 MPa and 20.1 MPa, respectively;
Young's modulus is taken as 30 GPa; Poisson's ratio is 0.2; the reinforcement
ratio is 0.75%; and the nominal yield strength of the reinforcing bar is 300
MPa.
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In order to make the parametric study comprehensive, the design
parameters are allowed to vary beyond the relevant requirements or
recommendations. These variable parameters are listed in Table 1, where dy is
the stud diameter; t, is the infill steel plate thickness; t; is the overall thickness
of the concrete panels (the thickness of the concrete plate on each side is the
same); the panel aspect ratio, defined as the ratio of the height h to width | of
the shear wall, is denoted as «; and the number of headed studs on one side of
the infill steel plate is represented as n>ny, where ny and ny are the number of
stud columns and rows, respectively. The stud diameters are taken as 16 mm
and 22 mm. Infill steel plate thicknesses of 10 mm, 15 mm and 20 mm are
used. The overall concrete panel thicknesses that enable infill steel plate
buckling in the inelastic range are set as 100 mm, 140 mm and 200 mm. The
stud spacings, calculated as s¢ =I/n, =h/ny, which are able to prevent local
buckling of the infill steel plate are set as 750 mm, 600 mm, 500 mm and 300
mm. Representative aspect ratios (the ratios of height to width) of one-story
shear walls in engineering practice are considered to be 1.0 and 0.5.

3. The behaviour of the structural elements

The behaviour of the structural elements of specimen N5-B under lateral
loading is analysed to provide a mechanistic study of the tensile force and
bending moment of the headed stud. The shear force developments in the
C-SPW, infill steel plate and concrete panel are illustrated to analyze the
performance of these members in the pre- and post-buckling of infill steel
plate as well as the drift ratio corresponding to the onset of elasto-plastic
bucking of the infill steel plate. It should be noted that the interaction between
the infill steel plate, concrete panels and headed studs was presented in detail
by the authors in [22]. Due to space limitations, this investigation focuses on
the post-buckling phase. After infill steel plate buckling, the stud responses
are governed by tension and bending, which results from the large relative
out-of-plane deformation between the infill steel plate and concrete panels.
The developments of stud tension and bending moment are analysed, allowing
the critical drift ratio and critical stud locations to be obtained. The
distributions of the tensile forces and bending moments in the stud group are
plotted using vectors, in which the transfer mechanics of the tension and
bending moment in the stud can be deduced based on the correlative responses
of the infill steel plate and concrete panels.

The location of the headed stud is represented by HS-i-j-A or HS-i-j-B,
where i is the numbering of the stud column from left to right; j is the
numbering of the stud row from top to bottom; "A" is the side of the infill
steel plate in the positive direction of the Z-axis and "B" is the other side.

3.1. Development of shear force and deformation

The shear force-drift ratio curves of specimen N5-B are shown in Fig. 1,
where V, Vs and V; are the shear forces of the C-SPW, infill steel plate and
concrete panel, respectively. It can be observed that the shear force
developments of the C-SPW and steel plate are divided into two phases, i.e.,
the pre- and post-buckling phases. The lateral resistance of the C-SPW is
primarily governed by the infill steel plate. In pre-buckling, both elastic and
yielding phases of the infill steel plate are involved. In the elastic phase, all
curves ascend linearly, and the maximum shear force of the concrete panel
appears, while the infill steel plate remains elastic. In the yielding phase, the
shear force-drift ratio curve of the C-SPW, V-6, reaches the maximum value
V, =6660.7 kN, and then slowly declines; a plateau develops in the V-0 curve
as shear yield occurs in the infill steel plate; and the V-6 curve gradually
declines resulting from significant degradation of the concrete. In the
post-buckling phase, the V-6 and Vs-0 curves sharply drop due to the inelastic
buckling of the infill steel plate; then, the rate of decrease of both curves tends
to decrease due to the lateral resistance of the diagonal tension field in the
infill steel plate. The critical drift ratio, denoted as 6, is 1.36%.

The out-of-plane deflection development of the infill steel plate is
illustrated in Fig. 2. The curve of steel plate deflection-drift ratio, Dgy-6, is
minimal in the pre-buckling phase; after the onset of buckling in the infill
steel plate, the deflection suddenly ascends, followed by gradual slowing of
this increasing trend. This remarkable increase in the deflection behaviour is
triggered by buckling of the infill steel plate. Owing to the restraint from the
concrete panels, the increasing trend is abated. The beginning of the increase
in deflection corresponds with the decrease of the shear forces in the C-SPW
and infill steel plate, which demonstrates that the critical drift ratio 6, occurs
at the commencement of infill steel plate buckling.



YiQiet al. 340
Table 1
Finite element specimen details.
Groups Specimens dst (mm) Nx XNy ts (mm) te (mm) a
N4 N4-B 16 44 15 140 1
N4-D22 22 44 15 140 1
N4-TS10 16 44 10 140 1
N4-TS20 16 44 20 140 1
N4-TC50 16 44 15 100 1
N4-TC100 16 44 15 200 1
N5 N5-B 16 556 15 140 1
N5-D22 22 556 15 140 1
N5-TS10 16 556 10 140 1
N5-TS20 16 556 20 140 1
N5-TC50 16 556 15 100 1
N5-TC100 16 556 15 200 1
N6 N6-B 16 6>6 15 140 1
N6-D22 22 6>6 15 140 1
N6-TS10 16 6>6 10 140 1
N6-TS20 16 6>6 20 140 1
N6-TC50 16 6>6 15 100 1
N6-TC100 16 6>6 15 200 1
N10 N10-B 16 1010 15 140 1
N10-D22 22 1010 15 140 1
N10-TS10 16 1010 10 140 1
N10-TS20 16 1010 20 140 1
N10-TC50 16 1010 15 100 1
N10-TC100 16 1010 15 200 1
L6 L6-B 16 5x10 15 140 05
L6-TS10 16 5x10 15 140 05
L6-TS20 16 5x10 15 140 0.5
2288 3.2. Developments of tension and bending moment in the stud
gggg In this section, the tensile force- and bending moment-drift ratio
g 000 relationships of the representative studs in N5-B are analysed. The effects of
g 4000 design parameters on the stud tension and bending moment are discussed in
@ gggg the next chapter. As shown in Fig. 3, it is observed that the curves of
5 2500 HS-1-5-B and HS-5-1-B exhibit small peak values in the pre-buckling phase,
@ %233 which indicates that the infill steel plate and concrete panels have begun to
1238 separate at the wall corners. At the critical drift ratio 6, =1.36%, the curves
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Fig. 2 Infill steel plate deflection-drift ratio curve of N5-B
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start to increase due to buckling of the infill steel plate. The increase of this
curve in the post-buckling phase of the steel plate is divided into two stages,
where the first is defined as Increase Stage 1 exhibiting a rapid rate of increase,
and the second is defined as Increase Stage 2 incorporating a relatively slow
rate of increase. This pattern has correspondence with the out-of-plane
deflection of the infill steel plate. The tensile forces of critical tensile studs are
almost identical.

As shown in Fig. 4, the representative bending studs in N5-B exhibit
similar development patterns. In the pre-buckling phase, small peak values are
found in some of the curves, resulting from relative in-plane shear
deformation between the infill steel plate and concrete panels. At the critical
drift ratio 8, =1.36%, the curves start to rise. Two stages are observed in the
post-buckling phase, as illustrated in Fig. 4. In the Increase Stage, the stud
bending moments increase linearly. In the Plateau Stage, the curve holds
approximately constant, and the curve appears to plateau. The bending
moments of the critical bending studs are almost identical.

It can be concluded that the tension and bending moment stud becomes
evident in the post-buckling phase. The critical drift ratio g, can be determined
from the second inflection point in the stud tension- and bending moment-drift
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ratio curves. The locations of the critical stud with relatively large tensile
forces and bending moments are accordingly recorded according to these
curves. The relationship between the locations of the critical studs and
buckling half-wave of the infill steel plate are discussed below.
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3.3. Distributions of stud tension and bending moment

The buckling mode of the infill steel plate and the distributions of stud
tension and bending moment are illustrated in Figs. 5 and 6, respectively. These
distributions are displayed using vectors, where the direction of the stud
bending moment transferred through the concrete panel is defined by the
right-hand rule (bending moments of studs on the "A" side of the infill steel
plate are displayed representatively). As shown in Fig. 5, a single buckling
half-wavelength of the steel plate develops approximately along the 45°
direction, which results from the principal compressive stress. A global
inelastic buckling takes place in the infill steel plate. According to the
numbering of the headed studs plotted in Fig. 5 and referring to the curves in
Figs. 3 and 4 illustrating the representative studs with relatively large tensile
forces and bending moments, it is known that the critical tensile studs are
concentrated in the middle of the buckling half-wave on the one side of the
infill steel plate; the critical bending studs are at the boundary of buckling
half-wave on both sides of the infill steel plate. These tensile forces on the "B"
side and bending moments on the "A" side at the drift ratio of 3.3% are
expressed using vectors in Fig. 6. The magnitudes of the vectors indicate that
the tensile forces and bending moments of the critical studs have almost
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identical values, respectively. The direction of stud tension is in contrast to that
of the out-of-plane displacement of the infill steel plate in the middle of the
buckling half-wave. The direction of the stud bending moment is contrary to
that of the out-of-plane rotation of the infill steel plate at the boundary of the
buckling half-wave. The bending studs at each end of the buckling half-wave
have directions consistent with reverse moments.

The relevant interactions between the headed studs, infill steel plate and
concrete panels after the global inelastic buckling of the infill steel plate can
therefore be deduced from Figs. 7. As displayed in Fig. 7 (a), the tensile force in
the headed stud transferred through the concrete panel on side "B" at the peak of
the buckling half-wave is the largest, resulting from the significant out-of-plane
displacement of the infill steel plate. As displayed in Fig. 7 (b), the bending
moments of the headed studs transferred through the concrete panel on both
sides at the boundary of the buckling half-wave are the largest due to the
relatively significant out-of-plane rotation of the infill steel plate at the same
location. It is important to note that at the location of the critical tensile stud, i.e.,
the peak of the half-wave, the bending moment transfer is tiny attributed to the
insufficient rotation; in contrast, at the location of the critical bending stud, i.e.,
the boundary of the half-wave, the tensile force transfer is weak owing to the
slight displacement. Consequently, the coupling effects of the tensile force and
bending moment of the headed stud can be neglected, and studies of the stud
tension and bending moment in C-SPW design can be performed
independently.

Fig. 5 Out-of-plane deformation of N5-B

—= stud bending moment on A side (kN-mm) X stud tension on B side (kN)

Fig. 6 Distributions of stud tension and bending moment in N5-B

(a) Tensile stud

(b) Bending studs

Fig. 7 Schematics of tensile and bending studs

4. Parametric study on tensile force and bending moment of stud

The effects of stud diameter, number of headed studs, steel plate thickness,

concrete panel thickness and panel aspect ratio on the stud tension and bending
moment are analysed, respectively. Since the tensile forces and bending
moments in the critical studs are almost identical, the tensile force and bending
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moment developments in the headed studs are analysed using the largest results
for each case individually. The development stages as well as the maximums of
stud tension and bending moment corresponding to the drift ratio of 2.5%,
which is the limitation required by ASCE [32], are recorded for formula fitting.
The relationships between the internal force of the infill steel plate and the
tensile force and bending moment of the headed stud are established to provide
the embryonic forms of the final proposed formulas.

4.1. Parameter analysis on stud tension

Stud tension-drift ratio curves are shown in Figs. 8. It is observed that the
onset of tensile force development is determined by the critical drift ratio
corresponding to the inelastic buckling of the infill steel plate, which is
reflected at the second inflection point of each curve. All curves exhibit the
same development pattern including the stage before increasing, i.e., the
pre-buckling phase of the C-SPW, Increase Stage 1 and Increase Stage 2,
referring to Fig. 3. Stud tension is small in the pre-buckling phase; Increase
Stage 1 exists transitorily, where the tensile force rapidly increases; and in
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Increase Stage 2, the rate of increase of the tensile force tends to be slow.

It follows from Fig. 8 that the critical drift ratio increases with the
increment of the steel plate thickness, stud spacing and panel aspect ratio as
well as with the reduction of the concrete panel thickness. In Increase Stage 1,
the stud tension increases with the increment of the panel aspect ratio, the stud
spacing and the ratio of infill steel plate thickness to concrete panel thickness.
The curve shapes in Increase Stage 2 are approximately straight lines, where the
slope increases with the increment of the infill steel plate thickness, panel
aspect ratio and stud spacing. Throughout the entire developmental trend, stud
tension is independent of stud diameter.

At a certain drift ratio, the magnitude of stud tension depends on three
factors: the critical drift ratio corresponding to the beginning of infill steel plate
buckling, the development stage where the tensile force is located and the slope
of the tensile force-drift ratio curve, i.e., the rate of increase of the tensile force.
As a result, the formula for the maximum stud tension when the drift ratio
reaches 2.5% can be fitted based on the results of the parameter analysis
presented here.
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Fig. 8 Tensile force developments of studs

4.2. Parameter analysis on stud bending moment

Stud bending moment-drift ratio curves are illustrated in Figs. 9. The
bending moment developments commence at the second inflection points in the
curves associated with the buckling of the infill steel plate. All curves exhibit
the same development pattern including the stage before infill steel plate
buckling, the Increase Stage and the Plateau Stage, as presented in Fig. 4. The

stud bending moment is relatively small in the stage before infill steel plate
buckling; in the Increase Stage, the stud bending moment increases linearly;
and in the Plateau Stage, the curve reaches its maximum and then continues at
an approximately constant value.

The commencement of bending moment development corresponds with
the onset of tensile force. For the Increase Stage, increasing the infill steel plate
thickness, stud spacing, stud diameter and panel aspect ratio and reducing the
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concrete panel thickness increase the slope of this curve. It should be noted that
the stud diameter and stud length that varies with concrete thickness have
correlation with stud bending stiffness which also affects the curve slope. For
the Plateau Stage, the maximum value of stud bending moment that can be
achieved is largely due to the stud diameter and infill steel plate thickness. In
the same specimen group, it can be observed from the curves that the maximum
stud bending moments of specimens with an infill steel plate thickness of 10
mm are smaller and the maximum stud bending moments of specimens with a
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stud diameter of 22 mm are larger, whereas the stud spacing, concrete panel
thickness and panel aspect ratio only slightly affect the stud bending moment.

Developing the same conclusion as that for stud tensile force, the stud
bending moment at a certain drift ratio is determined by the critical drift ratio,
the development stage as well as the slope of the curve. The formula for the
maximum stud bending moment when the drift ratio reaches 2.5% can be fitted
based on the pertinent parameter analysis results above.
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4.3. Interaction between headed stud and infill steel plate

The interaction between the headed stud and infill steel plate in the
post-buckling phase is investigated utilizing the vectors of stud tension and
bending moment as well as the out-of-plane deformation of the infill steel plate.
The finite element analysis results reveal that the stud tension and bending
moment exhibit the same distribution pattern indicating that the critical tensile
studs are concentrated in the middle of the buckling half-wave of the infill steel
plate while the critical bending studs reside at the boundary. However, as the
number of studs or panel aspect ratio is varied, the locations and the number of
critical studs differ. To illustrate the relationship between the buckling
half-wave of the steel plate and locations of the critical studs, representative
specimens for the various groups are thus selected: N4-B, N6-B, N10-B and
L6-B (analyses of specimen N5-B are presented in Section 3). Accounting for
the different critical drift ratios of the specimens, the vectors of the critical
headed stud and the out-of-plane deformation of the steel plate are displayed at

a relatively large constant drift ratio of 4.0%.

As plotted in Figs. 10-13, the buckling modes imply that all specimens
incur global inelastic buckling in the infill steel plate, in which L6-B is
characterized by two buckling half-waves. Decreasing the stud spacing
increases the buckling half-wavelength, thereby increasing the number of
critical tensile and bending studs. The buckling half-waves of specimens N4-B,
N6-B and N10-B with a panel aspect ratio of 1.0 incline approximately along
the 45°direction, whereas the buckling half-waves in L6-B with a panel aspect
ratio of 0.5 develop at a slightly smaller angle than 45°. This finding leads to a
larger number of critical studs as the panel aspect ratio is reduced. The
magnitudes of the tensile forces and bending moments of the critical studs
within the buckling half-wave of the infill steel plate are relatively close to each
other. The directions of the tensile forces and bending moments of the critical
studs are contrary to that of the out-of-plane deformation of the infill steel plate.
The coupling effect of the tensile force and bending moment of the assessed
critical stud is minimal.
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Fig. 13 Relationship between the critical studs and buckling half-wave of L6-B

According to the distribution of the critical tensile and bending studs
analysed above, the interaction among structural elements after the onset of
global inelastic buckling of the infill steel plate can be inferred. As shown in Fig.

14 (a), the critical tensile and bending studs are analysed in two independent
plate strips of infill steel plate, respectively, where w is the half-wavelength
(plate strip length), and s is the diagonal stud spacing along the 45° direction
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(plate strip width). In one plate strip, one headed stud on a single side in the
middle of the buckling half-wave is covered to analyze the tension in the stud.
In another plate strip, four headed studs on both sides at the boundary of the
buckling half-wave are covered to analyze the stud bending moment. The width
of the assigned plate strip s reduces with the decrease of stud spacing and panel
aspect ratio due to the different numbers of studs located in the buckling
half-wave as well as the area in which the buckling half-wave develops.

The responses of headed studs after infill steel plate buckling in each plate
strip are illustrated in Fig. 14 (b). Based on static equilibrium, the tensile force
of stud Fy, is determined by the transverse component of the axial forces at both
ends of the analysed plate strip; the bending moments M; at both ends of the
plate strip cancel each other out. Because infill steel plate buckling occurs after
shear yielding, this axial force can be deduced to be nF,, where Fg= st is the
axially yield strength of the plate strip (fs is the yield strength of the steel and t;
is the thickness of the steel plate or plate strip), and # is the proportion of Fg,

that axial force achieves throughout the development of the buckling half-wave.

Taking into account the effects of the stud spacing s and panel aspect ratio o on
the plate strip width s as well as the axial force »Fs, in direct proportion to its
transverse component, the relationship between the tensile force in the stud
after steel plate buckling and the internal force of the infill steel plate is
established as Eq. (1), where F is the stud tension in kN; fg, is the infill steel
plate yield strength in MPa; t; is the infill steel plate thickness in mm; sy is the
stud spacing in mm; « is the panel aspect ratio; and fs is the dimensionless

tensile stud

\__bending stud

(a) Plane
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modification factors for tensile force demand on the headed stud, which is
obtained by fitting the results from the finite element analysis.

F, = fBos,t f, x10° @

sts sy

From Fig. 14 (b), it can be concluded that a bending stud is able to be
equivalent to a cantilever beam with the analysed plate strip taken as its
support, which limits the bending moment of the stud to half of the plastic
bending strength of the steel plate strip (0.5 My,) after the inelastic buckling of
the infill steel plate. The plastic bending strength of the steel plate strip is
calculated as Mg, =0.25stf,,. Accounting for the proportion between the stud
bending moment My, and 0.5 My, as well as the effects of stud spacing sy and
the panel aspect ratio « on the plate strip width s, a relationship between the
stud bending moment and internal force of the infill steel plate is established
as in Eq. (2), where M, is the stud bending moment in KN smm; f is the infill
steel plate yield strength in MPa; t; is the infill steel plate thickness in mm; s
is the stud spacing in mm; « is the panel aspect ratio; and S is the
dimensionless modification factors for tensile force demand on the headed
stud, which is obtained by fitting the results from the finite element analysis.

s sy

M, = ‘11/3 as 2 f, x10° @

.
nFsyLe
-

(b) Details

Fig. 14 Schematics of the interaction between stud and infill steel plate

5. Tensile force and bending moment demands on stud

The tensile force and bending moment demands on a stud are proposed
following the criterion that the tensile or bending failure of a headed stud in a
C-SPW shall not appear until the drift ratio achieves the drift limit of 2.5%. To
propose the formulas for the demands on stud tension and bending moment in
the design of the C-SPW, the established relationship between the internal
forces of the headed stud and infill steel plate in the post-buckling phase is
calibrated through fitting modification factors g and S according to the
predicted relevant maximum values from finite element analysis up to the drift
ratio of 2.5%. The predicted maximums of the tensile force and bending
moment of the stud are denoted as Fe, and My, respectively.

5.1. Formula for tensile force demand on stud

At the drift ratio of 2.5%, the development stage in which stud tension
occurs varies. The earlier that the infill steel plate buckles, the greater the
tensile force that develops in the stud. Based on the parametric study on the drift
ratio of 6, referring to Fig. 8, and considering the extent of influence, the
development stage is can be distinguished using Eq. (3), where ¢ is the
dimensionless variable factor; t, is the infill steel plate thickness; t. is the
concrete panel thickness; sy is the stud spacing; and « is the panel aspect ratio.
When ¢ ranges from 1.11 to 1.53, stud tension development is in the stage
before Increase Stage 1; when o ranges from 1.53 to 2.53, stud tension
development is in the Increase Stage 1; and when ¢ ranges from 2.53 to 5.07,
stud tension development is in the Increase Stage 2. The stage of development
of stud tension and the corresponding variable factor J are tabulated in Table 2.

5 =100 I, ©

Substituting F¢, for Fy in Eq. (1) yields the modification factor f, as listed
in Table 2. Because the slope of the stud tension-drift ratio curve is directly
proportional to the stud spacing s, steel plate thickness t; and panel aspect ratio
a is reflected in Eq. (1), the factor S is introduced to deal with the influence of
the critical drift ratio that determines the stage of development of stud tension.
Hence, S can be converted into a function of § and is linearly fitted as Egs. (4)
and (5) for the stage before Increase Stage 2 and Increase Stage 2, respectively.

f =0.004+0.0020 1.11<6<2.53 @)

B =0.003+0.0096 253<6<5.07 ®)

Substituting S and Eq. (3) into Eq. (1), the formula for tensile force demand on
stud Fy in kN is yielded as Egs. (6) and (7), where a, fy, ts, S and t. are stated in
the preceding sections.

014
F, =s,t, f, (0.004c + 0.002a*% L St 35 )%107°
C
111<6<2.53 ©
o1g
F, =S4, f,,(0.009+0. 0030#2*"t 20107
2.53<6<5.07 .

The results of Eq. (3) with regard to the calibration and finite element
analysis results are illustrated in Fig. 15, where the F, is represented as a point,
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and the calculations using Egs. (6) and (7) produce a solid line. It can be
observed that the minimum, maximum and average of the differences between
the finite element analysis results and the results of Eq. (3) are 0.01%, 25% and
3%, respectively, where the predicted data (Fe) with relatively large
differences are almost below the solid line. This demonstrates that Egs. (6) and
(7) for the tensile force demand on a stud can be used to estimate the maximum
stud tension of the C-SPW up to a 2.5% drift ratio with reasonable accuracy and
conservatism.

Table 2
Calibration of stud tensile force from FEM
Specimens Development stage 6 Fen (kND <108 Fo(kND
N4-B Increase Stage 2 3.62 50.7 19.2 52.5
N4-D22 Increase Stage 2 3.62 50.5 19.1 52.5
N4-TS10 Increase Stage 2 3.48 36.8 20.9 34.3
N4-TS20 Increase Stage 2 3.73 60.5 17.2 711
N4-TC50 Increase Stage 2 5.06 58.2 22.0 64.0
N4-TC100 Increase Stage 2 2.54 47.3 17.9 43.9
N5-B Increase Stage 2 2.96 38.5 18.2 37.8
N5-D22 Increase Stage 2 2.96 37.4 17.7 37.8
N5-TS10 Increase Stage 2 2.84 21.3 15.1 24.7
N5-TS20 Increase Stage 2 3.05 495 17.6 51.2
N5-TC50 Increase Stage 2 4.15 455 215 45.3
N5-TC100 Increase Stage 1 2.07 15.7 7.4 17.2
N6-B Increase Stage 1 2.51 14.4 8.2 15.9
N6-D22 Increase Stage 1 2.51 13.8 7.8 15.9
N6-TS10 Increase Stage 1 2.42 13.4 11.4 10.4
N6-TS20 Increase Stage 2 2.59 321 13.7 39.4
N6-TC50 Increase Stage 2 3.52 25.7 14.6 345
N6-TC100 Increase Stage 1 1.76 10.3 5.8 133
N10-B Increase Stage 1 1.59 6.8 6.4 7.6
N10-D22 Increase Stage 1 1.59 6.6 6.3 7.6
N10-TS10 Pre-buckling 1.52 5.9 8.5 5.0
N10-TS20 Increase Stage 1 1.63 115 8.2 10.3
N10-TC50 Increase Stage 1 2.22 10.2 9.6 8.9
N10-TC100 Pre-buckling 1.12 5.3 6.2 6.6
L6-B Increase Stage 1 2.49 9.3 8.8 9.5
L6-TS10 Increase Stage 1 2.39 5.6 7.9 6.2
L6-TS20 Increase Stage 2 2.57 25.1 17.7 235

5.2. Formula for stud bending moment demand

At the drift ratio of 2.5%, the stud bending moment development stage can
also be distinguished using Eq. (3). When ¢ ranges from 1.11 to 1.53, the stud
bending moment development is in the stage before Increase Stage; when &
ranges from 1.53 to 2.53, the stud bending moment development is in the
Increase Stage; and when ¢ ranges from 2.53 to 5.07, the stud bending moment
development is in the Plateau Stage.

Substituting the maximum stud bending moment Mg, obtained from finite
element analysis for M, in Eq. (2), the modification factor Sy, is obtained as
listed in Table 3. For the Increase Stage of stud bending, the effects of stud
spacing sy, infill steel plate thickness t; and panel aspect ratio « are contained in
Eq. (2). Therefore, the modification factor for stud bending moment Sy is
employed to capture the effects of stud diameter dy; and overall thickness of the
concrete panels t; on the maximum stud bending moment Me,. According to the
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parameter analysis on stud bending moment and fitting A by the variable dg?
t:2, formulas for S in the stage before Increase Stage and Increase Stage are
shown in Egs. (8) and (9), respectively. Substituting Eqgs. (8) and (9) into Eq. (2),
the bending moment demands on the headed stud M, in KN mm in the stage
before the Plateau Stage are yielded in Egs. (10) and (11), where ¢, fs, ts, Ss, tc
and dg are stated previously.
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Fig. 15 Calibration of the tensile force demand on stud
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From the results of the parameter analysis, it is known that the bending
moment of a stud in the Plateau Stage is mainly determined by stud diameter
dy as well as infill steel plate thickness t;. The roles that g, plays include
introducing the influences of dg, abating the extent of influence of t; and
eliminating the influences of sy as well as a. Fitting S by the variable of
058/ (assts®) yields Eqg. (12). In the Plateau Stage, the bending moment
demand on a stud in kN +mm is proposed by substituting Eq. (12) into Eq. (2),
as shown in Eqg. (13).

dg® 12
ﬂm =1.08 t1_3 2.53<6<5.07 ( )
st's
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Fig. 16 Calibration of the bending moment demand on stud

The results obtained from calibrating Eq. (3) and the finite element
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analysis results are displayed in Fig. 16, where the Mg, is represented as a
point and the calculations of Egs. (10) and (11) and (13) produce a solid line.
It can be observed that the minimum, maximum and average of the
differences between the finite element analysis and Eq. (3) are 0.01%, 29%
and 2.6%, respectively, where the predicted data (Me,) with relatively large
differences are below the solid line. This indicates that Egs. (10), (11) and (13)
for the bending moment demand on a stud can estimate the maximum stud
bending moment of a C-SPW up to a 2.5% drift ratio with reasonable
accuracy and conservatism.

Table 3
Calibration of stud bending moment from FEM
Meb Mp
Specimens Development stage 0 Pm>103
(KN mm) (KN mm)

N4-B Plateau Stage 3.62 257.0 259 256.6
N4-D22 Plateau Stage 3.62 657.0 66.2 625.8
N4-TS10 Plateau Stage 3.48 224.2 50.9 236.6
N4-TS20 Plateau Stage 3.73 273.2 15.5 271.8
N4-TC50 Plateau Stage 5.06 258.0 26.0 256.6
N4-TC100 Plateau Stage 2.54 254.2 25.6 256.6
N5-B Plateau Stage 2.96 253.0 31.9 256.6
N5-D22 Plateau Stage 2.96 624.7 78.8 625.8
N5-TS10 Plateau Stage 2.84 176.0 49.9 236.6
N5-TS20 Plateau Stage 3.05 272.2 19.3 271.8
N5-TC50 Plateau Stage 4.15 257.0 324 256.6
N5-TC100 Increase Stage 2.07 100.0 12.6 97.5
N6-B Increase Stage 251 164.0 24.8 164.4
N6-D22 Increase Stage 251 307.0 46.4 310.1
N6-TS10 Increase Stage 2.42 76.5 26.0 72.9
N6-TS20 Plateau Stage 2.59 221.3 18.8 271.8
N6-TC50 Plateau Stage 3.52 207.2 313 256.6
N6-TC100 Increase Stage 1.76 84.3 12.8 80.4
N10-B Increase Stage 1.59 94.5 23.8 98.4
N10-D22 Increase Stage 1.59 156.2 39.3 186.1
N10-TS10 Pre-buckling 1.52 70.2 39.7 64.5
N10-TS20 Increase Stage 1.63 175.8 24.9 175.0
N10-TC50 Increase Stage 2.22 192.7 48.6 192.9
N10-TC100 Pre-buckling 1.12 63.7 16.1 711
L6-B Increase Stage 2.49 105.9 26.7 98.4
L6-TS10 Increase Stage 2.39 43.1 245 43.7
L6-TS20 Plateau Stage 2.57 271.8 38.6 271.8

6. Conclusions

The objective of this paper was to propose formulas for the tension and
bending moment demands on headed studs in the design of C-SPWSs. The
tensile forces and bending moments of studs in a C-SPW subjected to a lateral
load are researched using the finite element method. The development and
distributions of stud tension and bending moment as well as the interaction
between studs and infill steel plates are analysed with five varying design
parameters including concrete panel thickness, infill steel plate thickness,
panel aspect ratio (the ratio of height to width) and number of studs. Based on
the analysis results, available fitting formulas for the demands on stud tension
and bending moment in the design of C-SPWs are proposed.
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The conclusions produced in this paper are presented as follows:

Stud tension and bending moment become marked in the post-buckling
phase of the infill steel plate resulting from significant, relative out-of-plane
deformation between the steel plate and concrete panel.

The critical tensile studs are concentrated in the middle of buckling
half-wave, whereas the critical bending studs are located at the boundary of
the buckling half-wave. The coupling effect between the tensile force and
bending moment is minimal.

Stud tension development is divided into two stages, which incorporate
the transitory and rapidly increasing phases of tension as well as the linearly
increasing. Stud bending moment development is divided into two stages:
linearly increasing and approximately constant.

At the required drift ratio of 2.5% per ASCE, the maximum values of stud
tension and bending moment are determined by the critical drift ratio
corresponding to the onset of infill steel plate buckling, the development
stages in which these values are located as well as their rate of development.

The rate of development of stud tension and bending moment transferred
through the concrete panel are determined by the transverse component of
axial forces along the buckling half-wave of the infill steel plate and the
plastic moment at both ends of the buckling half-wave.

The formulas for the tensile force and bending moment demands on
headed studs when the drift ratio of a C-SPW is limited to 2.5% are proposed
with reasonable accuracy and conservatism. These formulas can be used in the
seismic design of C-SPWs.
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ABSTRACT

ARTICLE HISTORY

The value of the global shear buckling coefficient kg and the formula for the interactive shear buckling stress of corrugated
steel webs (CSWs) are still the subject of debate. In this study, firstly, the analytical formulas for the global and interactive
shear buckling stresses of CSWs are deduced by the Galerkin method. Simplified formulas for the global shear buckling
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coefficient kq for a four-edge simple support, for a four-edge fixed support, for two edges constrained by flanges fixed and

the other two edges simply supported, and an interactive shear buckling coefficient table are given. Secondly, an elastic
finite element analysis is carried out to verify the analytical formulas and to study the influence of geometric parameters on
the shear buckling stress of CSWs. Finally, a design formula for the shear strength of CSWs which adopts the formulas for
the global and interactive shear buckling stresses proposed in this paper is assessed. From a comparison between the shear
strength calculated by this design formula, calculated by four previous design formulas and measured in a series of published
test results, it is found that the considered design formula provides good predictions for the shear strength of CSWs and can

be recommended.

Copyright © 2019 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

The steel-concrete composite girder with corrugated steel webs (CSWs)
(see Fig. 1) is known as a new type of bridge structure to overcome the weight
problem of common concrete box girders. Compared with concrete webs,
CSWs have low longitudinal stiffness due to the accordion effect, so CSWs
mainly carry the shear forces and barely carry axial forces [1]. Because of this
characteristic, CSWs fail due to shear buckling or yielding [2]. Therefore, the
shear buckling stability of CSWs is one of the most important considerations in
the design of this kind of composite girder bridges.

Fig. 1 Composite girder with CSWs

It is widely accepted that local buckling is the primary failure mode in
coarse corrugations, whereas global buckling becomes the primary failure mode
in dense corrugations and interactive shear buckling mode becomes primary
when the density is in between of the two above scenarios [3].

The local shear buckling of CSWs is solved by analyzing a single flat panel
constrained by adjacent panels and girder flanges. For this, the shear buckling
stress formula of isotropic rectangular plates [4] can be applied. Aggarwal et al.
[5] numerically investigated the local shear buckling of CSWs and found that
the edge conditions between the CSWs and the girder flanges were close to fixed,
while those between the flat and inclined panels lied between simply supported
and fixed.

The global shear buckling of CSWs for straight girder bridges is analyzed
by treating the whole corrugated steel web (CSW) as an orthotropic rectangular
plate constrained by concrete flanges and diaphragms, and has been studied by
various researchers. Easley and McFarland [6] investigated the global shear

buckling behavior of corrugated metal diaphragms by assuming them as
orthotropic plates and developed the formula for the shear buckling load by the
Ritz and the Energy method. Then, Easley [7] made a comparative analysis of
the Bergmann-Reissner formula [8], the Hlavacek formula [9] and the Easley-
McFarland formula [6], and proposed a more comprehensive and applicable
global shear buckling formula of corrugated plates. As application of corrugated
plates, initially used for aircrafts, was gradually extended to civil engineering,

1/4 3/4
 (0)"(D)
th
buckling stress of CSWSs, where kg is the global shear buckling coefficient
depending on the edge conditions. For a four-edge simple support, Easley [7]
suggested ky=36, Peterson [10] and Bergfelt et al. [11] suggested ky=32.4, while
the Guide to Stability Design Criteria for Metal Structures [12] adopts k,=31.6.
For a four-edge fixed support, Easley [7] suggested k,=68.4, Peterson [10] and
Bergfelt, et al. [11] suggested k,=60.4, while the Guide to Stability Design
Criteria for Metal Structures [12] adopts k;=59.2. EI Metwally and Loov [13]
suggested k;=50 for composite girders with CSWs. From the studies mentioned
above, it is clear that although a global shear buckling formula of CSWs has
been proposed, researchers hold different views on the value of the global shear
buckling coefficient kg. Many adjustments of the coefficient ky are based on FEA
only, and lack theoretical support. Machimdamrong et al. [14] presented the
transition curves of the elastic global shear buckling capacity with the boundary
conditions from a four-edge simple support to a four-edge fixed support using
the Rayleigh-Ritz method, but only the curves for the plate dimensions (I1>h) of
1m>1m and 2mx>Lm were provided. Therefore, it is necessary to investigate the
global shear buckling of CSWs with different boundary conditions theoretically.
Finally, the formula for the interactive shear buckling is determined by the
local and global shear buckling stresses, and the yield stress of the plate material
[15], but the way these parameters are to be combined is still the subject of
debate. Important work has been done by Bergfelt and Leiva-Aravena [16], El
Metwally [17], Abbas et al. [18], Shiratani et al. [19], Sayed-Ahmed [20] and
Yi et al. [15], etc., and various interactive shear buckling formulas of CSWs
were proposed. All the formulas might be not accurate enough since their forms
were too simple [21], and are based on the relationship between the local and
global shear buckling stresses, and the yield stress only. All the elastic
interactive formulas show that the interactive shear buckling stress is the
minimum value of the three shear buckling modes, which is not reasonable and
lacks theoretical support. Therefore, it is necessary to investigate the interactive
shear buckling of CSWs from a theoretical point of view.
For practical applications, Elgaaly et al. [22] recommended that the

the formula 7 = was accepted to calculate the global shear
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capacity of CSWSs was controlled by the minimum value of local and global
buckling stresses, and a semiempirical formula for the inelastic buckling stress
was proposed. Driver et al. [23] suggested a lower bound formula by combining
local and global shear buckling formulas. Moon et al. [24] proposed a shear
buckling parameter formula for trapezoidal CSWs based on the relationship
between local, global and interactive shear buckling stresses. Eldib [3] proposed
a shear buckling parameter formula for curved CSWs. Nie et al. [21] carried out
eight H-shape steel girders with CSWs and suggested a formula for the shear
strength prediction of trapezoidal CSWs. Hassanein et al. studied the shear
behavior of linearly tapered girder bridges with CSWSs [25], and girders with
high-strength CSWs [26]. Leblouba and Barakat [2] experimentally and
numerically investigated the shear stress distribution in trapezoidal CSWs.

In this study, the whole CSW is treated as an orthotropic plate constrained
by flanges and diaphragms for the global shear buckling analysis, and the folded
plate composed of two adjacent panels is treated as an isotropic shallow shell
for the interactive shear buckling analysis. Firstly, the analytical formulas for
the global and interactive shear buckling stresses are derived by the Galerkin
method. Then, an elastic finite element analysis (FEA) is carried out to verify
the analytical formulas and to study the influence of geometric parameters on
the shear buckling stress of CSWs. Finally, a design formula for the shear
strength of CSWs which adopts the formulas for the global and interactive shear
buckling stresses proposed in this paper is assessed.

2. Elastic shear buckling stress of CSWs
2.1. Physical equivalent parameters of CSWs
For trapezoidal CSWs that are commonly used in actual girder bridges,

when treated as an orthotropic plate, the equivalent flexural stiffnesses Dy, Dy
and the torsional stiffness Dy, per unit length of a CSW can be expressed as Egs.

(1)-(3) [6].

_gqEt® Et’(2a+2d.cotd)

D, =—"— 1
* s12  12(2a+2d.csch) @
_ Etd*(3a+c) Etd*(3a+d.csco) 2
v 6q - 6(2a+2d.cotd)
s Et Et’(2a+2d.cscd)
= = 3
q6(1+x) 6(1+u)(2a+2d.cotd)

where E is the elastic modulus of the original steel plate; 4 is the Poisson's ratio;
t is the web thickness. As shown in Fig. 1, a is the flat panel width; c is the
inclined panel width; d is the corrugation depth; @ is the corrugation angle; q is
the horizontal projection length of one periodic corrugation; s is the total folded
panel length of one periodic corrugation.

2.2. Elastic local shear buckling

The shear buckling stress formula of isotropic rectangular plates Eq. (4) [4]
can be applied to calculate the elastic local shear buckling stress of CSWs.

e 7°E t ’
Ak 12(1—;12)[;)] @

where k; is the elastic local shear buckling coefficient of CSWs; p is the
maximum value of the flat panel width a and the inclined panel width c.

The elastic local shear buckling coefficient k, can be expressed as Egs. (5)-
).

For a four-edge simple support:

k., =5.34+4(p/h) ®)
For a four-edge fixed support:

k =8.98+5.6(p/h) (6)

For the two edges constrained by flanges fixed and the other two edges
simply supported:
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ki =5.34+2.31(p/h)—3.44( p/h)2 +3-39(p/h)3 .

2.3. Elastic global shear buckling

2.3.1. Critical buckling stress under pure shear
A CSW with dense corrugations can be treated as an orthotropic plate (Fig.
2) for the global shear buckling analysis.

Y
A4

(a) CSW (b) Equivalent orthotropic plate

Fig. 2 CSW and its equivalent orthotropic plate

According to the stability theory of plates, the equilibrium equation of an
orthotropic plate subjected to a shear force can be expressed as Eq. (8) [27].

4 4 4 2,
L Dxa—4+ny%+Dya—4 W=21aW 8)
t oX ox“oy oy oxoy

where w is the out of plane deflection of the plate, 7 is the shear stress.

It can be assumed that the boundary conditions of CSWs satisfy a four-
edge simple support, a four-edge fixed support, or two edges constrained by
flanges fixed and the other two edges simply supported (the edges x=0 and x=I
are simply supported, the edges y=0 and y=h are fixed supported). The functions
of deflection can be expressed respectively as Egs. (9)-(11).

For a four-edge simple support [4]:

w—ZZCmnsmmsmmTy )

m=1n=1
For a four-edge fixed support [28]:

nzy 1

h n+2

. mzx 1 . (m+2)zx)(1 .
w= C..| =si n—— sin———— || =sin
ZZ '""( m+2 | )(n

m=1n=1

sini(n +§)ﬂyj (10)

For the edges x=0 and x=I simply supported, and the edges y=0 and y=h
fixed:

mrx(1g 0y 1 (n+2);ryj
-§ § C ————sin——"2 11
sin——= (n Al 11)

m=1n=1 h

where h is the web height equal to the clear distance between the top and bottom
concrete flanges, | is the web length equal to the distance between the two
adjacent diaphragm plates.

Given A=I/h, a=D,/Dy and f=D,,/Dy, Eq. (8) can be simplified as Eqgs. (12)-
(14) according to the Galerkin method.

For the four-edge simple support:

e 2 eyt i
a (@M’ A A )G, Br;;Cu( ) ay

(m+i=odd number, n= j=odd number)

For the four-edge fixed support:
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th? 42°
~Conafa[mt+(m+2)](n+2) 7 +2627+ 2 [m? o (m+2)* |(n+2)'}
—Cos {a[m2 +(M+2)n? 42527+ l"[m 2y (m+ 2)’2Jn2}
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4Cyn o[ @274 A7 4 2 (m+2) "t
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S SR SR 1
m—i2 (m+2)f—i2 m—(i+2)° (m+2)—(i+2)° (13)

22 N R S S 1 -
-2 (n+2°-j n*=(j+2)* (n+2*-(j+2)*
(m=i=odd number, n: j=odd number)

For the edges x=0 and x=I simply supported, and the edges y=0 and y=h
fixed:
a4 -2 -2 2.2 4 2 2
Cmn{am [n +(n+2) }+2/3/1 m? +2°[n* + (n+2) ]}
4
et AL —Cmvmz[am“(n +2)7 4 BT + A4 (n + 2)2}
~Coo @m®n + pA'M* + 2°n7 |

1 1 1
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0 ®
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By assigning values to mand n in Egs. (12)-(14), a series of linear algebraic
equations with Cj;as unknowns can be obtained. Then the critical shear buckling
stress can be derived by assuming the coefficient determinant of the linear
algebraic equations equals zero. (i. e. a linear bifurcation analysis).

According to Egs. (12)-(14), the elastic global shear buckling stress of
CSWs can be expressed as Eq. (15).

(15)

where kq is the elastic global shear buckling coefficient of CSWs. The detailed
solution process of the coefficient kys for a four-edge simple support, kys for a
four-edge fixed support, kyss for the edges x=0 and x=I simply supported, and
the edges y=0 and y=h fixed is given below.

2.3.2. Calculation of the global shear buckling coefficient kq
(1) Comparison with isotropic plate

Based on “Theory of elastic stability” [4], the elastic shear buckling stress
of isotropic rectangular plates can be expressed as Eq. (16).

(16)

where D is the flexural stiffness, and k is the elastic shear buckling coefficient
of isotropic rectangular plates. The coefficients ks for the four-edge simple
support, ks for the four-edge fixed support, ks for the edges x=0 and x=I simply
supported, and the edges y=0 and y=h fixed are given in Timoshenko [4].

When D,/Dy=1 and D,/D,=2, The Eq. (15) for the elastic global shear
buckling stress of CSWs derived in this paper can be also applied to calculate
isotropic plates. The global shear buckling coefficient kq in Eq. (15) should be
divided by z° to meet the needs of comparison with Timoshenko [4]. The shear
buckling coefficient k from Timoshenko [4] and kq/z” derived in this paper are
given in Table 1.

L . =0 (14 . As can be seen from Table 1_, the average difference between ky/=* derived
(n+ 2)2 —(j+ 2)2 in this paper, wh_lch takes 900 trlgonometr!c series (m:30,_ n=30), and k from
Timoshenko [4] is 1.2% (the maximum being 4.4%) showing the accuracy of
(mi=odd number, nz j=odd number) the solution method proposed in this paper.
Table 1
Elastic shear buckling coefficient of isotropic rectangular plates
- . I/h
Coefficient Boundaries 1 12 14 15 16 18 2 25 3 2
ksl . 9.32 7.98 7.29 7.07 6.91 6.69 6.55 6.08 5.84 5.62
Four-edge simply
ks 9.34 8 7.3 7.1 7 6.8 6.6 6.1 5.9 5.7
kol ) 15.04 — — 11.77 — — 10.52 — — —
Four-edge fixed
ke 14.71 — — 115 — — 10.34 — — —
ko ts/? x=0, x=I simply, 12.82 — — 11.01 — — 10.26 9.88 9.73 —
kis y=0, y=h fixed 12.28 — — 11.12 — — 10.21 9.81 9.61 —
Note: “— expresses the value of k is not given in Timoshenko [4].
Table 2
Geometry of CSWs in actual bridges [3, 15, 24, 26, 29]
Bridges a b c d h tmin tmax a a 3a+c Based on tmin Based on tmax
mm mm mm mm mm mm mm ﬂ @ q a B a B
Cognac 353 319 353 150 1771 8 8 441 441 1.05 0.0013 0.0022 0.0013 0.0022
Maupre 284 241 284 150 2650 8 8 355 355 1.08 0.0012  0.0022 00012  0.0022
Dole 430 370 430 220 1800~4010 8 12 53.8 35.8 1.08 0.0006 0.0010 0.0013 0.0023
Shinkai 250 200 250 150 1183 9 9 27.8 27.8 1.11 0.0015 0.0028 0.0015 0.0028
Miyukibashi 300 260 300 150 2210 8 12 375 25.0 1.07 0.0012  0.0022  0.0028  0.0049
Katsutegawa 430 370 430 220  2080~5300 9 12 47.8 35.8 1.08 0.0007  0.0013  0.0013  0.0023
Hondani 330 270 336 200 1025~5095 9 14 36.7 23.6 1.11 0.0008 0.0016 0.0020 0.0038
Koinumarukawa 430 370 430 220 1580~3600 9 16 47.8 26.9 1.08 0.0007 0.0013 0.0023 0.0041
Shimoda 430 370 430 220 1140~5360 12 16 35.8 26.9 1.08 0.0013  0.0023  0.0023  0.0041
Nakano Viaduct 330 270 33 200 1010~3100 9 19 36.7 17.4 1.11 0.0008  0.0016  0.0037  0.0070
Kurobekawa Railway 400 350 400 200 2500~3400 12 25 33.3 16.0 1.07 0.0016 0.0028 0.0069 0.0120
Altwipfergrund 360 288 360 220 1633~2674 10 22 36.0 16.4 1.11 0.0008 0.0016 0.0041 0.0077
Juancheng-Huanghe 430 370 430 220 1729~4253 10 18 43.0 23.9 1.08 0.0009  0.0016  0.0029  0.0051
Henan-Pohe 250 200 250 150 1305 8 8 313 313 1.11 0.0012  0.0022  0.0012  0.0022
Wei River 330 270 336 200 1000~1350 8 12 41.3 275 1.11 0.0007 0.0012 0.0015 0.0028
Nanjing-Chuhe 430 370 430 220 2420~4900 10 18 43.0 23.9 1.08 0.0009 0.0016 0.0029 0.0051

Note: tmax and tmin are the maximum and minimum thicknesses of CSWs respectively when an actual bridge has more than one thickness value.
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(2) Calculation of kg

According to Egs. (12)-(15), the global shear buckling coefficient kg is
associated with the length to height ratio 4 (I/h), and the rigidity ratios o (D«/Dy)
and $ (Dy/Dy). A statistical analysis of available bridges with CSWs (as shown
in Table 2) shows that the rigidity ratio a varies from 0.0006 to 0.0069, whereas
pisabout (1.67~2.0)a. The following parametric study considers o ranging from
0.0005 to 0.0070, and S equal to 1.6a, 1.8a, 2.0a respectively.

Theoretically, the more numbers used in the trigonometric series (as shown
in Egs. (9)-(11)), the more precise the solution is. If m and n increase toward
infinity, exact results of shear buckling stress can be obtained. However, the
calculation effort increases with the increasing numbers m and n in the
trigonometric series. In the case of the CSW with a length to height ratio I/h less
than 5, the deviation between the results with m=30, n=30 and the results with
m=25, n=25 is less than 1%. So, adopting m=30 and n=30 for further calculation
will not only ensure the accuracy of the calculation but also reduce the
calculation effort.

Table 3 shows the values of kqs calculated for various values of D,/Dy and
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I/h, and for p=1.60, f=1.8a and p=2.0a respectively for a four-edge simple
support. The results for f=1.6a and $=2.0a, compared to for f=1.8¢, deviate
less than 0.6%. The results show that the parameter f/o has little effect on the
coefficient ky for common bridges with CSWs. From an engineering application
point of view, the deviations can be ignored. In addition, the conclusion remains
unchanged for a four-edge fixed support, and for two edges constrained by
flanges fixed and the other two edges simply supported. As a result, f=1.8a is
used further in this paper.

Tables 4-6 list the values of the global shear buckling coefficient kq for
length to height ratios I/h varying from 1 to 5, a rigidity ratio D,/Dy varying from
0.0005 to 0.0070, and a fixed value of f=1.8a. As shown in Tables 4 to 6, global
shear buckling coefficients kgs, Kqr, and kqs for an equal web length to height
ratio I/h and rigidity ratio D,/Dy exhibit relationships: kg/kgs=1.84~1.90,
Kg.is/Kgs=1.83~1.89, kg i/kgs=1~1.013. This shows that the global shear buckling
stress for the four-edge fixed support is only slightly higher than for two edges
constrained by flanges fixed and the other two edges simply supported, the
difference is less than 1.5%.

Table 3
The effect of pla on the global shear buckling coefficient kg for the four-edge simple support
Dx/Dy I/h
1 2 3 4 5
p=1.60 5.016 4,947 4,933 4.929 4.927
0.0005 p=1.8a 5.024 4.954 4.940 4.936 4.934
$=2.00. 5.031 4.962 4.948 4.944 4.942
p=1.6a 6.729 6.593 6.562 6.550 6.545
0.0015 B=1.8a 6.747 6.610 6.579 6.567 6.562
$=2.0a 6.765 6.627 6.597 6.585 6.579
p=1.6a 7.741 7.561 7.509 7.492 7.485
0.0025 $=1.80 7.767 7.586 7.534 7,517 7.510
$=2.0a 7.793 7.611 7.559 7.542 7.535
p=1.6a 8.508 8.269 8.215 8.195 8.185
0.0035 B=1.8a 8.543 8.302 8.248 8.227 8.217
$=2.0a 8.577 8.335 8.280 8.259 8.249
p=1.60 9.526 9.113 9.047 9.020 9.006
0.0050 $=1.8a 9.568 9.155 9.090 9.062 9.048
$=2.00. 9.610 9.198 9.132 9.104 9.090
B=1.6a 10.392 10.031 9.919 9.885 9.870
0.0070 B=1.8a 10.449 10.085 9.973 9.939 9.924
$=2.0a 10.507 10.139 10.028 9.993 9.977
Table 4
Global shear buckling coefficient kgs for a four-edge simple support
I/h D./Dy
0.0005 0.001 0.0015 0.002 0.0025 0.003 0.0035 0.004 0.0045 0.005 0.006 0.007
1 5.024 6.047 6.747 7.335 7.767 8.165 8.543 8.903 9.249 9.568 10.025 10.449
15 4.975 5.964 6.647 7.186 7.639 8.017 8.371 8.705 9.002 9.255 9.728 10.172
2 4.954 5.937 6.610 7.134 7.586 7.958 8.302 8.624 8.899 9.155 9.638 10.085
25 4.945 5.924 6.589 7.113 7.552 7.929 8.268 8.579 8.853 9.112 9.596 10.005
3 4.940 5.914 6.579 7.100 7.534 7.911 8.248 8.553 8.829 9.090 9.556 9.973
4 4.936 5.906 6.567 7.085 7517 7.893 8.227 8.528 8.806 9.062 9.527 9.939
5 4.932 5.903 6.562 7.079 7,510 7.884 8.217 8.517 8.794 9.048 9510 9.924
Table 5
Global shear buckling coefficient ky for a four-edge fixed support
I/h Dy/Dy
0.0005 0.001 0.0015 0.002 0.0025 0.003 0.0035 0.004 0.0045 0.005 0.006 0.007
1 9.454 11.352 12.654 13.666 14533 15.297 15.946 16.546 17.109 17.642 18.616 19.428
15 9.392 11.242 12.502 13.494 14.314 15.039 15.669 16.247 16.785 17.273 18.153 18.954
2 9.370 11.204 12.451 13.427 14.240 14.950 15.573 16.143 16.662 17.140 18.016 18.784
25 9.360 11.187 12.428 13.397 14.207 14.909 15.529 16.093 16.606 17.083 17.942 18.712
3 9.357 11.178 12.415 13.382 14.188 14.887 15.505 16.065 16.577 17.051 17.908 18.668
4 9.354 11.170 12.409 13.368 14.171 14.865 15.482 16.039 16.548 17.020 17.871 18.628
5 9.352 11.165 12.402 13.359 14.163 14.856 15.473 16.029 16.538 17.007 17.856 18.610
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Table 6
Global shear buckling coefficient ky s for two edges constrained by flanges fixed and the other two edges simply supported
h Dy/Dy
0.0005 0.001 0.0015 0.002 0.0025 0.003 0.0035 0.004 0.0045 0.005 0.006 0.007
1 9.442 11.308 12.590 13.614 14.447 15.170 15.841 16.469 16.989 17.470 18.371 19.214
15 9.386 11.227 12.483 13.464 14.296 14.996 15.636 16.212 16.725 17.210 18.113 18.878
2 9.366 11.198 12.445 13.419 14.229 14.930 15.558 16.121 16.636 17.121 17.979 18.753
25 9.359 11.183 12.423 13.391 14.199 14.898 15.521 16.080 16.595 17.070 17.928 18.691
3 9.356 11.176 12.413 13.378 14.183 14.881 15.500 16.057 16.571 17.041 17.897 18.658
4 9.353 11.168 12.408 13.368 14.170 14.863 15.479 16.036 16.545 17.016 17.866 18.623
5 9.351 11.164 12.401 13.358 14.162 14.855 15.472 16.028 16.537 17.006 17.854 18.607
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Fig. 3 The effect of the rigidity ratio Dx/Dy on the global shear buckling coefficient kg

11 20 20
10« \i":i:::ix; —x x L T— % 18+
e — S —
16+ 16+
8+ Tevy— vy v v Tv— vy v v
. A ~°14t o4
12+ 121
6 ®—e—0o—0——0o— . . *— e —0o—0o— o . . o o oo °— .
5 i aw a . . . 0 10+
1 2 3 4 5 1 2 3 4 5 1 2 3 4 5
I/h I/h I/h
—=—D,/D,=0.0005 —— D /D,=0.001 D,/D,=0.002 —=—D,/D,=0.0005 —— D,/D,=0.001 D,/D,=0.002 —=—D,/D,=0.0005 —— D,/D,=0.001 D,/D,=0.002
—v—D,/D,=0.003 D,/D,=0.004 —+— D,/D =0.005 —v—D,/D,=0.003 D/D,=0.004 —+— D,/D,=0.005 —v—D,/D,=0.003 D,/D,=0.004 —*— D,/D,=0.005
—+—D,/D,=0.006 —— D,/D,=0.007 —#—D,/D,=0.006 —=— D,/D,=0.007 —*—D,/D,=0.006 —<— D,/D,=0.007
(a) Four-edge simply support (b) Four-edge fixed support  (c) Two edges constrained by flanges fixed and the other two edges simply supported
Fig. 4 The effect of the length to height ratio I/h on the global shear buckling coefficient kg
Table 7
Values of the global shear buckling coefficient kg for I/h=5
K Dy/Dy
‘ 0.0005 0.001 0.0015 0.002 0.0025 0.003 0.0035 0.004 0.0045 0.005 0.0055 0.006 0.0065 0.007
Kg.s 4.932 5.903 6.562 7.079 7.510 7.884 8.217 8.517 8.794 9.048 9.288 9.510 9.722 9.924

Ko t 9.352 11.165 12.402 13.359 14.163 14.856 15.473
Kqts 9.351 11.164 12.401 13.358 14.162 14.855 15.472

16.029 16.538 17.007 17.444 17.856 18.242 18.610
16.028 16.537 17.006 17.443 17.854 18.240 18.607

(3) The effect of the rigidity ratio D,/Dy and the length to height ratio I/h on the
global shear buckling coefficient kg

According to the values of kq given in Tables 4 to 6, for common bridges
with CSWSs, Figs. 3-4 show the effect of the web rigidity ratio D,/Dy and the
length to height ratio I/h on the global shear buckling coefficient kg. As we can
see from Figs. 3-4, the global shear buckling coefficient kq increases with the
increase of the rigidity ratio D,/Dy, and decreases with the increase of the length
to height ratio I/h but only very little. When I/h is larger than 2, which is common
for CSW bridges, the change of kg is minimal and the values of kg show a
converging trend.

2.3.3. Elastic global shear buckling stress of CSWs
Substituting Eq. (2) into Eq. (15), the elastic global shear buckling stress
of CSWs can be expressed as Eq. (17).

E(3a+c)d® = Ed*(3a+d.csch)
* °  6gh’  °6h?(2a+2d.cotd)

(1

Because the values of ky show a converging trend when I/h is larger than 2,
we assume I/h=5 for further calculation. This will not only ensure the accuracy
of the calculation but also meet the engineering requirements of design
simplicity. Table 7 lists the values of kq for I/h=>5.
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Through fitting of the data in Table 7, for CSWs with 0.0005<¢<0.0070,
the global shear buckling coefficients kgs, Kgs, and kg can be estimated
respectively as Egs. (18) and (19).

For a four-edge simple support:

k,, =36.82°% (18)

For a four-edge fixed support, or for two edges constrained by flanges
fixed and the other two edges simply supported:

K¢ =Kg , =67.70°%% (19)

For trapezoidal CSWs that are commonly used in actual bridges, the
rigidity ratio a can be expressed as Eq. (20).

D, q’t? (tjz (2a+2d.cot)’
o=—r= =| =
D, 2s(3a+c)d®> \d) 2(2a+2d.csco)(3a+d.csco)

y

(20)

2.4. Elastic interactive shear buckling
2.4.1. Critical buckling stress under pure shear

For the interactive shear buckling analysis, folded plate theory is used. A
folded plate structure is a spatial thin wall system with several long and thin
plates intersecting. Since interactive shear buckling represents the buckling of a
few panels, several panels of CSWs can be treated as a folded plate. For
simplicity, the folded plate composed of two adjacent panels shown in Fig. 5 is
studied here. According to the theory of thin plates and shells, if I3/I-< 0.2, the
folded plate can be analyzed as a shallow shell. CSWs general meet this
condition.

N
*
IS
NS~
>
*

Fig. 5 Shear transfer of interactive shear buckling

In the coordinate system as shown in Fig. 5, the equation for the surface of
the shell can be expressed as Eq. (21).

::fx[lfu(xfll):|+:7:[(ll+Iz)—x]u(x—ll) 1)

where  u(x—1)
0 x<I

u(x—1)= '

(x=1) {1 x>,

The equilibrium equation and the deformation compatibility equation of a
shallow shell under pure shear force can be expressed respectively as Egs. (22)
and (23) [30].

is the step function and can be expressed as

2 2 2 2
Port ik, ok, sk O |o=2r 2] 2)
t v ady Vax oxy

2 2
Lok ok, 2 2t =0 23)
E EY oy

where f is the out of plane deflection of the shell, @ is the stress function,
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2 2 2
k=_9Z :ﬁ—i, K —-22
X 6)(2 y 8y y axay
It can be conservatively assumed that the boundary conditions of CSWs
for the interactive shear buckling analysis satisfy four-edge simple support. The
deflection function and stress function can be expressed respectively as Egs. (24)
and (25).

=33 A, sin i 1Y (24)
m=1n=1 I* h
mzx . nry
- (25)
m=1n=1

According to the Galerkin method and give 7 =h/I. , Egs. (24) and (25)
can be simplified as Eqs. (26) and (27) respectively.

Dz’ [ 5o a2 oly(l+] ) . m'l p/rl
, 7l +l) B.s
A iz (it i)+ = AL, I pz; kT
) Y WL E— 26)

22 ) ()

(m+i=odd, n+ j=odd)

4 2
bl vo a2 Th(L+1,) jesi |7r| . mzrl
B, ———(ni°+ —_——= A =0 27
V4ERA? (77 ) ) 27LL1, I ; ) @7)

Make y=1/I,, then =y, L=(1-p)L, I7=c*—»%*. By

substituting Eq. (27) to Eq. (26), Eq. (26) can be simplified as Eq. (28).

4

D/, .
AJA 3“2( 2|2+JZ)2

D ) e S iy

12 1-

+ 77]( u)tlz 272(1 }/) pl(?] P +J) (28)
NN o mij

B S

(m+i=o0dd, n+ j=odd)

Table 2 shows that the flat panel width a is almost equal to the inclined
panel width ¢ for actual bridges with CSWs. Sayed-Ahmed [20] also proposed
a=c. Whena=c, then I, =1, =0.5l., |, =asin(6/2) .Eq.(28)canbe

simplified as Eq. (29).

4

D 7" (22 2)2
Ajﬁrlf(ﬂl +J)

(%)
2, sin—)
+1927j*(~u )smlg IIDZ( Smgj Z

zZAmS'”* 29)

e i
A )

m=1n=1

(m+i=o0dd, n+ j=odd)

By assigning values to i and j in Eq. (28) or (29), a series of linear algebraic
equations with An, as unknowns can be obtained. Then the critical shear
buckling stress can be derived by assuming the coefficient determinant of the
linear algebraic equations equals zero. (i. e. a linear bifurcation analysis).

According to Eq. (28), the elastic interactive shear buckling stress of CSWs
can be expressed as Eq. (30).
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=k 2 (30)

For CSWs with a=c, Eqg. (30) can be expressed as Eq. (31).

° =k Et 5 (31)
' 12(1- ) (2acos(6/2))

where k; is the elastic interactive shear buckling coefficient of CSWs. The
detailed solution process of the coefficient k; is given below.

2.4.2. Calculation of the interactive shear buckling coefficient k;
According to Eq. (28) and using some mathematical softwares, the

interactive shear buckling coefficient k; can be calculated easily. According to

Table 8
The interactive shear buckling coefficient of CSWs K;
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Eqg. (29), the coefficient k; for CSWs with a=c is associated with the aspect ratio
h/1. and the parameter %sing .

Table 2 shows that the parameter a/t varies from 16 to 54. For CSWs used

in actual bridges, values of 0 between 30°and 45<are typical [31], so the

parameter %sing normally varies from 4 to 21. Table 8 shows the values of

ki in the case of h/l.<6 and 0 S%sing <30 . The coefficient k; for CSWs

with a=c can be calculated by linear interpolation.

hil 1 15 2 2.5 3 4 6
asin(9/2)/t
0 92.0294 69.7779 64.6068 59.5429 57.6401 55.5123 54,0737
0.25 93.1769 70.4358 65.1533 60.1504 58.2841 56.2034 54,7502
0.5 96.4737 72.3623 66.7412 61.6682 59.7653 57.7165 56.2556
0.75 101.5418 75.4292 69.2377 64.1539 62.2492 60.0918 58.6002
1 107.9047 79.4587 72.4772 67.3685 65.4597 63.3175 61.8178
1.25 115.1066 84.2573 76.3023 71.1993 69.2471 67.1066 65.6054
15 122.7766 89.6403 80.5822 75.4736 73.5211 71.3398 69.8362
1.75 130.6405 95.4438 85.2126 80.0664 78.1059 75.9049 74.4034
2 138.5077 101.529 90.1107 85.0094 83.0432 80.8299 79.3286
2.25 146.2490 107.7805 95.2084 90.1018 88.1264 85.8974 84.3952
25 153.7778 114.1043 100.4489 95.3454 93.3434 91.1428 89.6401
2.75 161.0361 120.4235 105.7836 100.2358 98.1972 96.0022 94.5007
3 167.9851 126.6760 111.1704 104.6219 102.5653 100.3454 98.6773
3.25 174.5993 132.8113 116.5728 109.0573 106.9074 104.6971 102.0138
35 180.8631 138.7891 121.9590 113.5325 110.5256 108.2896 105.3762
3.75 186.7687 1445771 127.3010 118.0361 114.1704 111.9992 108.7868
4 192.3144 150.1502 132.5740 122.5558 117.8456 115.6795 112.2527
4.25 197.5036 155.4890 137.7565 127.0794 121.5508 119.3297 115.7745
45 202.3438 160.5796 142.8289 131.5948 125.2828 123.0553 119.3492
4.75 206.8458 165.4126 147.7743 136.0904 129.0371 126.7668 122.9721
5 211.0229 169.9825 1525772 140.5553 132.8082 129.9071 126.6377
55 218.4650 178.3284 161.7019 149.3521 140.3772 135.0183 132.0734
6 224.8047 185.6367 170.1093 157.9097 147.9408 140.2147 137.4093
6.5 230.1828 191.9637 177.7254 166.1610 155.4507 145.4974 142.7003
7 234.7358 197.3909 184.4964 174.0451 162.8600 150.8560 148.1038
75 238.5894 202.0147 190.3940 181.5032 170.1220 156.2740 153.4890
8 241.8551 205.9366 195.4237 188.4706 177.1872 161.7319 159.0231
9 246.9941 212.0662 203.1006 197.9587 190.4379 172.6793 169.9498
10 249.6481 216.4745 208.2566 203.1951 196.9761 183.4995 178.9182
12 252.7794 222.0752 214.1494 209.0746 203.8849 193.4008 190.8814
14 254.6094 225.2856 217.2037 212.2282 208.4515 204.5305 202.8039
16 255.7683 227.2733 219.0022 214.6838 211.9712 209.8780 208.0037
18 256.5482 228.5854 220.1599 215.6484 212.9664 210.7748 209.0133
20 257.0984 229.4967 220.9213 216.3216 213.6575 211.4042 209.6595
22 257.5011 230.1558 221.4389 216.8106 214.1583 211.8635 210.0977
24 257.805 230.6483 221.8279 217.1773 2145333 212.2091 210.4349
26 258.0399 231.0262 222.1278 217.4597 214.8217 212.4759 210.6952
28 258.2253 231.3226 222.3639 217.6818 215.0485 212.6861 210.9005
30 258.3743 231.5596 222.5532 217.8598 215.2300 212.8548 211.0652
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2.5. Discussion of the local, global and interactive shear buckling stresses

Three shear buckling modes are discussed theoretically in this paper. Local
buckling is the buckling of a panel and solved by analyzing a single flat panel
under shear force, whereas global buckling is the buckling of the whole CSW
and solved by treating the whole CSW as an orthotropic plate. Interactive
buckling is the buckling of 2~4 panels and solved by treating the 2~4 panels as
a folded plate.

Theoretically, the local shear buckling stress z; is associated with t/p, p/h
which can be seen from Egs. (4)-(7), whereas the global shear buckling stress
7, is associated with 6, d/h and t/d which can be seen from Egs. (17)-(20). The

e

interactive shear buckling stress 77 is associated with the geometric
dimensioning of CSWs which can be seen from Egs. (28)-(31). When CSWs
have equal d/t, p/h and 6 values, they will have an equal t/p ratio which affects
the local shear buckling stress 7/, and equal d/h and t/d ratios which affect the
global shear buckling stress ;. In the case of a=c, they will have an equal
n=h/(2acos(6/2)) and t/(acos(6/2)) which affect the interactive
shear buckling stress 7. For CSWs with equal d/t, a/h and 6 values, buckling
stresses 7/, 7;,and 77 will theoretically be equal.

3. Finite element analysis

An elastic FEA is carried out in the ANSYS software [32] to study the
influence of d/t, a/h and @ on the shear buckling stress of CSWs and to see if the
analytical formulas are correct. According to Yi et al. [15], a/h=0.1~0.2 and
d/t=10~25 in actual bridges. In this study, conservatively adopting a/h=0.1~0.3
and d/t=10~30, while other geometric parameters are taken as: #=30<-45<and
t=8mm-~12mm. The span of the girders is set as 20qg. In addition, the width and
the thickness of flanges are 8d and 80mm respectively. There are three stiffeners
and their behavior is assumed to be rigid.

3.1. Finite element model
A shell element (shell 181) is used to model the girders with CSWs. The

finite element model is shown in Fig. 6 and the boundary conditions are given
in Table 9. A concentrated load is applied at the midspan (point 2). All models
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adopt a symmetry boundary condition with roller supports at the intersection
nodes of the bottom flange and the end stiffeners, and Point 1 restrained in the
longitudinal direction (x direction) [26]. In addition, Point 1 and Point 2 are
restrained in the lateral direction (z direction) to avoid lateral-torsion buckling.

Concentrated Load

Point 2

Roller support

Fig. 6 Load and boundary conditions of a girder with CSWs

Table 9
Boundary conditions of finite element models
Boundary Jx Jy Iz Ox Oy (23
Roller support o . . . . o
Point 1 . o . o o o
Point 2 o o . o o o

Note: o: Free; e: Restrained.

In this study, the number of elements per sub-panel is 6, as suggested by
Eldib [3], and the element mesh size is a/6. The elastic modulus and Poisson's
ratio of steel are taken as 210000MPa and 0.3 respectively. Fig. 7 represents
three shear buckling modes of CSWs.

(c) Interactive shear buckling

Fig. 7 Three shear buckling modes
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3.2. Parametric analysis

Theoretically, in the case of a=c, and equal d/t, a’h and 6, the elastic local
shear buckling stress 77, global shear buckling stress 77, and interactive shear
buckling stress z{ should be equal. It can be seen from Fig. 8 that for CSWs
with different web thicknesses but equal d/t, a/h and @ when a=c, the FEA
results z7., are indeed practically the equal which is in good agreement with
the theoretical expectations. 77, isthe maximum shear stress of CSWs from
FEA. It is worth mentioning that the d/t, a/h and @ are the determining factors,
rather than t. In what follows, t=10mm is adopted.

The influence of d/t, a/h and & on the elastic shear buckling stress is shown
in Tables 10-12 and Figs. 9-10. It can be seen from Tables 10-12 and Figs. 9-10
that, apart from the global shear buckling modes with small d/t and small a/h,
the FEA results agree well with the theoretical results z, . The elastic shear

Fig. 8 Influence of t on the elastic shear buckling stress

1200 4
)— 0 - -
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\ —e— t=10mm
. 800 n. t=12mm
\
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L \"
400 TSae
—n
200 |
. . . . .
8 12 16 20 24 28 32
dit
(a) a/h=0.1
2100
6=30°, t=10mm, a=c

1800 °
: —n—a/h=0.1 FEA results
1500+ * —e—a/h=0.2 FEA results

\' a/h=0.1 Theoretical results
LN ——e--a/h=0.2 Theoretical results
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buckling stress of CSWs =z, is controlled by the minimum value of local,
global and interactive shear buckling stress, and can be calculated by Eq. (32).

75, =minimum ( 5, 75, 77) (32)

It can be seen from Fig. 9 that the shear buckling stress greatly decreases
with the increase of d/t. That is to say, improving the thickness of CSWs is an
effective method to improve the shear buckling stress of CSWs. It can be seen
from Fig. 10 (a) that the shear buckling stress increases with the increase of a/h.
However, with the increase of a/h, the buckling stress z7., shows a
converging trend. It can be seen from Fig. 10 (b) that the shear buckling stress
increases with the increase of 4. Though improving & can improve the shear
buckling stress, 8=30-45<is adopted in actual engineering because larger 6
need more steel and is not economic.

1800
1500 - \ 6#=30° a/h=0.2, a=c
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| —a—t=10mm
’_\1200 \n —e—t=12mm
©
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< 900 a
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e
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4500
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A?’OOO r o e a/h=0.2 Theoretical results
& 2500 - G
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Fig. 9 Influence of d/t on the elastic shear buckling stress

» + 900 F .
o \. \.\‘\
600 | g %~
g™
300 F
8 12 16 20 32
dit
(a) 6=30°
1500

6=30°, t=10mm, a=c

—a— d/t=16 FEA results

—e— d/t=22 FEA results

1200 d/t=16 Theoretical results
——-e-- d/t=22 Theoretical results

= e
a 900 - HT
=3 —
w ./
o o
600 -
300 1 1 1 1 1 1
0.08 0.12 0.16 0.20 0.24 0.28 0.32
ah
(a) ah

1800

t=10mm, d=180mm, a=c
—u— a/h=0.1 FEA results

1600 ]
—e—a/h=0.2 FEA results /
a/h=0.1 Theoretical results 0

1400 a/h=0.2 Theoretical results //’

pe
g 1200 - . / ] -
Stioo0f e o
e
800 | .// -/
I/
60 &

. . . .
27 30 33 36 39 42 45 48
Corrugation angle 0

(b) o

Fig. 10 Influence of a’h and 6 on the elastic shear buckling stress
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Table 10
Elastic shear buckling stress of CSWs with different d/t
0 a/h dit a b d h s s T Ter TFEA - / o Buckling
© (mm) (mm) (mm) (mm) (Mpa) (Mpa) (Mpa) (Mpa) (Mpa) mode
10 200 173 100 2000 2553 818 1673 818 1180 1.442
12 240 208 120 2400 1773 743 1260 743 940 1.266 G
14 280 242 140 2800 1302 684 998 684 782 1.142 G
16 320 277 160 3200 997 638 821 638 665 1.043 G
18 360 312 180 3600 788 599 692 599 578 0.965 G
0.1 20 400 346 200 4000 638 567 589 567 511 0.903 G
22 440 381 220 4400 527 539 502 502 457 0.910 |
24 480 416 240 4800 443 514 435 435 412 0.947 |
26 520 450 260 5200 378 493 382 378 374 0.991 L
28 560 485 280 5600 326 474 337 326 342 1.050 L
30 30 600 520 300 6000 284 457 297 284 314 1.105 L
10 200 173 100 1000 2610 3272 1832 1832 1664 0.908 |
12 240 208 120 1200 1812 2971 1428 1428 1354 0.949 |
14 280 242 140 1400 1332 2738 1155 1155 1129 0.977 |
16 320 277 160 1600 1019 2551 953 953 935 0.981 |
18 360 312 180 1800 805 2396 789 789 781 0.990 |
0.2 20 400 346 200 2000 652 2266 654 652 662 1.015 L
22 440 381 220 2200 539 2155 549 539 566 1.050 L
24 480 416 240 2400 453 2058 467 453 489 1.079 L
26 520 450 260 2600 386 1972 401 386 426 1.103 L
28 560 485 280 2800 333 1897 349 333 373 1.121 L
30 600 520 300 3000 290 1828 306 290 329 1.135 L
10 141 100 100 1414 5106 1706 3717 1706 2444 1.433 G
12 170 120 120 1697 3546 1549 2806 1549 1960 1.266 G
14 198 140 140 1980 2605 1427 2229 1427 1640 1.149 G
16 226 160 160 2263 1994 1330 1837 1330 1408 1.059 G
0.1 18 255 180 180 2546 1576 1249 1546 1249 1229 0.984 G
20 283 200 200 2828 1276 1182 1302 1182 1093 0.925 G
22 311 220 220 3111 1055 1124 1112 1055 982 0.931 L
24 339 240 240 3394 886 1073 965 886 890 1.004 L
26 368 260 260 3677 755 1028 848 755 809 1.071 L
28 396 280 280 3960 651 989 741 651 723 1.110 L
45 30 424 300 300 4243 567 953 653 567 637 1.123 L
10 141 100 100 707 5220 6823 4061 4061 3444 0.848 |
12 170 120 120 849 3625 6195 3162 3162 2841 0.899 |
14 198 140 140 990 2663 5709 2556 2556 2349 0.919 |
16 226 160 160 1131 2039 5320 2102 2039 1931 0.947 L
18 255 180 180 1273 1611 4998 1731 1611 1603 0.995 L
0.2 20 283 200 200 1414 1305 4727 1431 1305 1353 1.037 L
22 311 220 220 1556 1078 4494 1202 1078 1155 1.071 L
24 339 240 240 1697 906 4292 1021 906 995 1.098 L
26 368 260 260 1838 772 4114 878 772 862 1.116 L
28 396 280 280 1980 666 3955 763 666 760 1.142 L
30 424 300 300 2121 580 3813 669 580 670 1.155 L
Average 1.054
Coefficient of variation 0.122
Average (G) 1.131
Coefficient of variation (G) 0.165
Average (I and L) 1.024
Coefficient of variation (I and L) 0.083
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Table 11
Elastic shear buckling stress of CSWs with different a/h
g [oll a/h a b d h s Tgs Ti Tor TFEA . /Te Buckling
©) (mm) (mm) (mm) (mm) (Mpa) (Mpa) (Mpa) (Mpa) (Mpa) FEAT or mode
0.1 320 277 160 3200 997 638 821 638 665 1.043 G
0.12 320 277 160 2667 1000 918 827 827 736 0.890 |
0.14 320 277 160 2286 1004 1250 854 854 803 0.940 I
0.16 320 277 160 2000 1009 1632 891 891 863 0.968 |
0.18 320 277 160 1778 1014 2066 923 923 918 0.994 |
16 0.2 320 277 160 1600 1019 2551 953 953 935 0.981 I
0.22 320 277 160 1455 1026 3086 971 971 959 0.987 I
0.24 320 277 160 1333 1032 3673 984 984 974 0.990 |
0.26 320 277 160 1231 1040 4311 995 995 991 0.996 I
0.28 320 277 160 1143 1048 4999 1010 1010 1017 1.007 I
30 0.3 320 277 160 1067 1057 5739 1022 1022 1038 1.016 |
0.1 440 381 220 4400 527 539 502 502 457 0.911 |
0.12 440 381 220 3667 529 776 505 505 508 1.005 I
0.14 440 381 220 3143 531 1056 516 516 547 1.060 I
0.16 440 381 220 2750 534 1379 530 530 556 1.049 I
0.18 440 381 220 2444 536 1745 541 536 562 1.048 L
22 0.2 440 381 220 2200 539 2155 549 539 566 1.050 L
0.22 440 381 220 2000 542 2607 556 542 577 1.064 L
0.24 440 381 220 1833 546 3103 561 546 585 1.071 L
0.26 440 381 220 1692 550 3642 566 550 599 1.089 L
0.28 440 381 220 1571 554 4224 572 554 609 1.099 L
Average 1.012
Coefficient of variation 0.055
Table 12
Elastic shear buckling stress of CSWs with different 6
dit ah 2 a b d h s Tgs ] Tor TFEA . /Te Buckling
©) (mm) (mm) (mm) (mm) (Mpa) (Mpa) (Mpa) (Mpa) (Mpa) FEAT or mode
30 360 312 360 3600 788 599 692 599 578 0.965 G
33 330 277 330 3305 935 716 824 716 695 0.971 G
0.1 36 306 248 306 3062 1089 840 964 840 818 0.974 G
39 286 222 286 2860 1248 971 1110 971 950 0.978 G
42 269 200 269 2690 1411 1108 1260 1108 1087 0.981 G
18 45 255 180 255 2546 1576 1249 1414 1249 1229 0.984 G
30 360 312 360 1800 805 2396 789 789 781 0.990 I
33 330 277 330 1652 956 2863 950 950 936 0.985 |
0.2 36 306 248 306 1531 1113 3361 1126 1113 1095 0.984 L
39 286 222 286 1430 1276 3885 1315 1276 1266 0.992 L
42 269 200 269 1345 1443 4432 1516 1443 1426 0.989 L
45 255 180 255 1273 1611 4998 1729 1611 1603 0.995 L
Average 0.982
Coefficient of variation 0.009
1.8 1.6
a/h=0.1, a=c,t=10mm 0=30< a=c,t=10mm
16r o 9‘:300' 14 u —a— d/t=10
—e— §=45° —e—d/t=12
141 o
& L2t \ \
< <
B1af \‘\ B . ]
A \\\
1ol l\. 1.0} \\.\.
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0.8L— L L L L L L 0.8 L L L L L
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dit a/h
(a) drt (b) a/h
Fig. 11 Influence of d/t and a/h on TEEA/TZ,S
The boundary condition of the global buckling mode is complicated. Fig. increase of d/t and a/h. That is to say, the constraint effect of flanges on CSWs
11 shows the ratios of z7., to T;s varies with d/t and a/h in the case of gradually decreases with the increase of d/t and a/h. Although the ratios of
Ty, <minimum( Ties Tf) which the global buckling becomes the primary Teea 10 7, are high for small d/t and a/h, the simple support boundary

failure mode. It can be seen from Fig. 11 that 77, / 75, decreases with the condition is adopted for conservative consideration.
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4. Shear design of CSWs

Considering material nonlinearity and yielding, the formula for the elastic
shear buckling stress cannot keep up with the actual. So a formula which can
reflect the actual shear strength needs to be proposed. Important work has been
done by Elgaaly [22], Driver [23], EI Metwally [17], Yi et al. [15], Sause [31],
Nie et al.[21]. The previous design formulas may be not precise because
adopting the interactive shear buckling stress formula which based on the
relationship between the local and global shear buckling stresses, and the yield
stress only. All the previous elastic interactive formulas adopt

(1/1“3)n =(]/rf)" +(:I/r:)n , n=1~4 [15], show that the interactive shear buckling

stress is the minimum value of the three shear buckling modes, which is not
reasonable and lacks theoretical support. Unlike the past, in this study, the
formulas for the elastic global and interactive shear buckling stresses proposed
in section 2 are used in the design formula.

Eq. (33) was provided to calculate the ultimate shear strength of CSWs in
the design manual for PC bridges with CSWs [33].

1 2, <06
7, =7,%x11-0614(, -0.6) 06<2, <2 (33)
1/22 2, >2

360

Ao =\7, /75 (34)

cr cr

ox
cr

For conservative consideration,
modification factor.

adopts Eq. (32) introducing a

z¢ = minimum ( 0.85t/,, 7; ., 0.85¢; ) (35)

g.s?

where z, is the shear yield stress and can be calculated by 7, = fy/\/g fyis

the uniaxial yield stress.

Eq. (33) is verified by using published experimental results of 102
specimens obtained by Elgaaly et al. [22], Lindner et al. [34], Peil [35], Gil et
al. [36], Abbas et al. [18], Moon et al.[24]. Tables 13-18 show a comparison
between the shear strength calculated by Eq. (33) and four previous design
methods and experimental results 7. [31]. In Tables 13-18, 7, Tng, ZTnm, Ty are
the shear strength of CSWs calculated by the four previous design methods
proposed by Driver [23], Sause [31], El Metwally [17], Yi et al. [15]. Fig. 12

shows the normalized shear capacity ,/z, and z,/z, versus A, . Itcan

be seen that all the tests have a ratio z,/7, >0.8.

cr =

Table 13

Comparison between the shear strength calculated by the proposed design formulas and the test results obtained by Elgaaly et al.[22]

a

b

0

h

t

Ty

Ter

Specimen e/h (mm) (mm) ©) (mm) (mm) (Mpa) (MT ;a) Aer (Mpa) Te/Ter Te/TnA Teitn,8 Te/TaM Te/Tny
V-PILOTA 1 38.1 254 45 304.8 0.7823 358 346.54 1.03 262.5 1.320 1.404 1.349 1.316 1.363
V-PILOTB 1 38.1 254 45 304.8 0.7849 368 347.54 1.05 267.4 1.300 1.177 1.132 1.109 1.149
V121216A 1 38.1 254 45 304.8 0.6375 389.8 257.3 132 216.4 1.189 1.159 1.132 1.178 1.194
V121216B 1 38.1 254 45 304.8 0.7645 383.8 375.8 1.10 267.0 1.408 1.464 141 1.405 1.452
V181216B 0.67 38.1 254 45 457.2 0.6096 356.8 334.9 1.33 197.0 1.700 1.649 1.64 1.768 1.993
V181216C 0.67 38.1 254 45 457.2 0.7595 391.5 343.9 1.12 267.1 1.288 1.325 1.316 1.385 1.539
V181816A 1 38.1 254 45 457.2 0.635 3413 257.2 1.25 2055 1.252 1.22 1.228 1.311 1.449
V181816B 1 38.1 254 45 457.2 0.7366 354.2 285.4 1.10 246.3 1.159 1.203 1.185 1.232 1.359
V241216A 0.5 38.1 254 45 609.6 0.635 3413 195.1 1.25 205.2 0.951 0.996 1.01 1.129 1.374
V241216B 0.5 38.1 254 45 609.6 0.7874 339.2 271.7 1.03 250.1 1.110 1.238 1.252 1.343 1.523
V121221A 1 419 234 55 304.8 0.6299 383.8 240.8 1.46 179.8 1.339 1.27 1.226 1.277 1.236
V121221B 1 419 234 55 304.8 0.7849 383.8 302.9 117 248.9 1.217 1.227 1.194 1.202 1.189
V122421A 2 419 234 55 304.8 0.6756 358 210 1.32 200.7 1.046 1.023 0.998 1.028 0.996
V122421B 2 419 234 55 304.8 0.7823 368 256.5 1.15 2433 1.054 1.073 1.04 1.041 1.031
V181221A 0.67 419 234 55 457.2 0.6096 3334 221.7 141 167.1 1.327 1.274 1.236 1.302 1.356
V181221B 0.67 419 234 55 457.2 0.762 349.6 280.7 1.16 230.0 1.220 1.236 1.204 1.23 1.29
V181821A 1 419 234 55 457.2 0.635 318.3 194.4 132 176.6 1.101 1.07 1.046 1.095 1.13
V181821B 1 419 234 55 457.2 0.7366 343.9 277.2 1.19 219.9 1.260 1.26 1.234 1.268 1.326
V241221A 0.5 419 234 55 609.6 0.6096 351.7 207.8 1.45 166.7 1.247 1.177 1.159 1.26 1.468
V241221B 0.5 419 234 55 609.6 0.762 368.5 272.6 1.19 235.1 1.159 1.157 1.165 1.248 1.399
V121232A 1 49.8 264 625 3048 0.6401 383.8 210.8 1.70 132.2 1.594 1.83 1.781 1.831 1.803
V121232B 1 49.8 26.4 625 3048 0.7798 369.9 257.1 1.37 194.4 1.323 1.594 1.536 1.596 1.499
V121832A 15 49.8 26.4 625 3048 0.6401 405.8 176.6 1.75 132.2 1.336 1.526 1.488 1.526 1511
V121832B 15 49.8 264 625 3048 0.9195 324.2 190.3 1.09 226.7 0.840 0.963 0.947 0.964 0.906
V122432A 2 49.8 264 625 3048 0.6401 411.8 159.5 1.76 132.2 1.206 1.376 1.343 1.377 1.365
V122432B 2 49.8 26.4 625 3048 0.7772 366 206.4 1.37 192.9 1.070 1.289 1.242 1.29 1.211
V181232A 0.67 49.8 26.4 625 4572 0.5969 318.2 188.9 1.67 1137 1.661 1.895 1.842 1.899 1.921
V181232B 0.67 49.8 26.4 625 4572 0.7493 3475 2336 1.39 178.4 1.309 1.563 1.507 1.569 1.545
V181832A 1 49.8 264 625  457.2 0.6096 397.8 189.8 1.83 118.6 1.600 1.797 1.757 1.801 1.854
V181832B 1 49.8 264 625  457.2 0.7493 334.6 229.4 1.37 177.2 1.295 1.547 1.49 1.552 1.518
V241232A 0.5 49.8 26.4 62.5 609.6 0.6223 388.5 182 1.78 1231 1.478 1.662 1.622 1.674 1.798
V241232B 0.5 49.8 26.4 62.5 609.6 0.762 337.1 218.3 1.35 181.6 1.202 1.43 1.38 1.447 1.496
V121809A 15 19.8 119 50 304.8 0.7061 330.2 2933 0.79 2911 1.007 1.256 1.163 1.066 1.119
V121809C 15 19.8 11.9 50 304.8 0.6325 385.8 285.9 0.88 318.9 0.896 1.048 1.003 0.97 1.04
V122409A 2 19.8 11.9 50 304.8 0.7137 338.1 265.6 0.80 296.6 0.895 1.111 1.03 0.947 0.994
V122409C 2 19.8 11.9 50 304.8 0.6629 358 286 0.84 305.4 0.937 113 1.062 1.001 1.063
V181209A 0.67 19.8 119 50 457.2 0.5588 397.8 316.7 1.39 205.2 1.544 1.672 1.621 1.722 1.883
V181209C 0.67 19.8 11.9 50 457.2 0.6096 341.6 318.3 1.26 203.7 1.563 1.694 1.65 1.73 1.779
V181809A 1 19.8 11.9 50 457.2 0.6096 356.7 295 1.28 206.7 1.427 1.551 1.507 1.584 1.637
V181809C 1 19.8 11.9 50 457.2 0.6223 3224 272.6 121 200.7 1.358 1.468 1.436 1.495 1.525
V241209A 05 19.8 11.9 50 609.6 0.6223 349.6 186.4 1.69 122.9 1.517 1.553 1.505 1.565 1.654
V241209C 0.5 19.8 11.9 50 609.6 0.635 358 204.8 1.70 124.2 1.649 1.686 1.635 1.698 1.792

Average 1.270 1.363 1.326 1.367 1.422
Coefficient of variation (C.V.) 0.175 0.182 0.182 0.194 0.198
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Table 14
Comparison between the shear strength calculated by the proposed design formulas and the test results obtained by Lindner et al. [34]

Specimen e/h (mam) (mbm) (g) (mhm) (mtm) (MT;y)a) ('vf:)a) Acr (l\;cpra) Te/Ter Te/TnA Te/Tn,B Te/TnM Te/Tn,Y
L1A 0.98 140 50 45 994 1.94 169 145.5 1.00 127.1 1.144 1.259 1.210 1.190 1.235
L1B 0.99 140 50 45 994 2.59 193 194.5 0.80 168.9 1.152 1.426 1.316 1.202 1.266
L2A 1.04 140 50 45 1445 1.94 163 120.3 0.99 124.1 0.970 1.069 1.050 1.072 1.178
L2B 1.04 140 50 45 1445 2.54 183 153.7 0.80 160.5 0.958 1.187 1.120 1.080 1.180
L3A 1 140 50 45 2005 2.01 162 111.9 1.07 115.7 0.967 1.065 1.080 1.165 1.324
L3B 1 140 50 45 2005 2.53 173 152.6 1.04 126.7 1.204 1.338 1.312 1.361 1.484
B1 1.33 140 50 45 600 2.1 197 165.1 0.99 150.0 1.100 1.225 1.174 1.136 1.122
B4 1.33 140 50 45 600 2.11 210 144.9 1.02 156.4 0.926 1.022 0.981 0.958 0.944
B4b 1.33 140 50 45 600 2.11 210 171.8 1.02 156.4 1.098 1.212 1.163 1.136 1.120
B3 1.33 140 50 45 600 2.62 183 156.5 0.76 164.6 0.950 1.209 1.105 0.976 0.974
B2 1.17 140 50 45 600 2.62 182 173.8 0.76 164.0 1.060 1.350 1.234 1.088 1.086
M101 1 70 15 45 600 0.99 109 89.2 0.79 96.2 0.927 1.156 1.086 1.039 1.133
M102 1 70 15 45 800 0.99 110 100.0 1.00 83.0 1.205 1.354 1.326 1.370 1.500
M103 1 70 15 45 1000 0.95 123 88.4 1.34 67.4 1.313 1.443 1.413 1.526 1.748
M104 1 70 15 45 1200 0.99 109 87.4 1.49 48.9 1.789 1.922 1.862 1.975 2.200

L1 15 106 86.6 30 1000 2.1 237 181.1 0.83 203.0 0.892 1.081 1.013 0.962 1.039

L1 1.49 106 86.6 30 1000 3 260 203.6 0.65 251.3 0.810 1.107 1.003 0.884 0.931

L2 1.44 106 86.6 30 1498 2 217 200.3 0.98 166.5 1.203 1.354 1.336 1.384 1.531

L2 1.43 106 86.6 30 1498 3 232 201.4 0.91 188.0 1.071 1.229 1.186 1.145 1.201

No.1 1.33 102 85.5 33 850 2 205 161.7 0.78 182.0 0.889 1.116 1.024 0.921 0.960

No.2 1.33 91 715 38.2 850 2 201 155.6 0.69 189.6 0.820 1.094 0.990 0.861 0.890

V1/1 9.46 144 102 45 298 2.05 172 111.3 0.92 138.7 0.803 0.938 0.899 0.863 0.821

V12 6.71 144 102 45 298 2.1 163 111.7 0.87 136.0 0.821 0.968 0.930 0.876 0.838

V1/3 3.36 144 102 45 298 2 172 135.9 0.94 136.2 0.997 1.161 1.113 1.077 1.020

V2/3 2.75 144 102 45 600 3 161 130.4 0.64 156.8 0.832 1.146 1.031 0.869 0.833

Average 1.036 1.217 1.158 1.125 1.182

C.V. 0.206 0.164 0.173 0.225 0.269

Table 15

Comparison between the shear strength calculated by the proposed design formulas and the test results obtained by Gil et al. [36]

Specimen  eh ° {mbm) (g> {mhm) (o) (M2 (Mo T g T A Tme T G
L1 NA 450 300 33.7 1500 4.8 144.3 103.8 1174 93.4 1111 1.188 1.167 1.188 1.103
L2 NA 550 300 322 1500 4.8 144.3 87 1.413 722 1.205 1.328 1.280 1.328 1214
L3 NA 450 300 94 1500 4.8 144.3 74 1.192 91.9 0.806 0.847 0.836 0.870 0.905
L4 NA 550 300 10.6 1500 4.8 144.3 66 1.413 722 0.914 1.007 0.972 1.018 1.043
G1 NA 200 180 14.2 2000 4.8 144.3 114.4 0.917 116.2 0.985 1.133 1.090 1.053 1.092
G2 NA 160 50 334 2000 3.8 144.3 120.4 1.143 96.2 1.252 1.366 1.346 1.384 1.388
G3 NA 160 100 15.1 2000 3.8 144.3 122.7 1.391 74.2 1.653 1.852 1.786 1.866 1.871

11 NA 320 100 24.0 2000 4.8 144.3 137.1 0.862 121.1 1.132 1.343 1.321 1.338 1.480
12 NA 350 100 16.0 2000 3.8 1443 74.6 1.265 85.4 0.874 1.054 1.038 1174 1.481
Average 1.103 1.235 1.204 1.247 1.286
C.V. 0.233 0.234 0.229 0.230 0.231

Note: NA-Not available

Table 16

Comparison between the shear strength calculated by the proposed design formulas and the test results ob-tained by Peil [35]
Specimen e/h (me:n) (mt:n) ( g) (mhm) (mtm) (l\/f ry)a) (MT ;a) Aer ('\/TI;a) Te/Ter Te/TnA Te/TnB Te/TaM Te/Tny
SP1 2.19 146 104 45 800 2 177 140.7 1.03 129.9 1.083 1.189 1.143 1120 1.080
SP2 2.19 170 80 45 800 2 172 134.3 1.18 110.6 1.214 1.274 1.254 1277 1.209
SP3 2.19 185 65 45 800 2 168 130.7 1.27 99.2 1.317 1.397 1.358 1400  1.322
SP4 2.25 117 83 45 800 2 172 144.5 0.82 148.8 0.971 1.188 1.097 0.988 0.986
SP5 2.25 136 64 45 800 2 168 138.1 0.94 133.0 1.038 1.163 1.118 1.059 1.059
SP6 2.25 148 52 45 800 2 169 137.1 1.02 125.1 1.096 1.204 1.156 1134 1135
SP2-2-400 1 2.5 170 80 45 400 2 152 100.6 1.06 109.1 0.922 1.029 1.001 1.001  0.934
SP2-2-400 2 25 170 80 45 400 2 152 1105 1.06 109.1 1.013 1.130 1.099 1.099  1.026
SP2-2-800 1 1.25 170 80 45 800 2 157 111.8 1.13 106.0 1.054 1.119 1.094 1100  1.049
SP2-2-800 2 1.25 170 80 45 800 2 157 111.0 1.13 106.0 1.047 1.112 1.087 1.093  1.042
SP2-3-600 1 1.67 170 80 45 600 3 170 167.8 0.77 151.9 1.104 1.396 1.280 1134 1.109
SP2-3-600 2 1.67 170 80 45 600 3 170 1717 0.77 151.9 1.130 1.429 1.310 1161  1.135
SP2-3-1200 1 0.83 170 80 45 1200 3 170 170.0 0.79 150.2 1.132 1.415 1.298 1161  1.188
SP2-3-1200 2 0.83 170 80 45 1200 3 170 173.9 0.79 150.2 1.158 1.447 1.327 1188  1.215
SP2-4-800 1 1.25 170 80 45 800 4 188 188.0 0.62 186.0 1.011 1.415 1.269 1.063  1.033
SP2-4-800 2 1.25 170 80 45 800 4 188 188.6 0.62 186.0 1.014 1.419 1.273 1.066 1.036
SP2-4-1600 1 0.63 170 80 45 1600 4 189 189.6 0.63 185.9 1.020 1.418 1.278 1.104 1.147
SP2-4-1600 2 0.63 170 80 45 1600 4 189 191.3 0.63 185.9 1.029 1.432 1.290 1114 1.158
SP2-8-800 1 1.25 170 80 45 800 8 156 205.0 0.28 156.0 1.314 1.858 1.656 1319 1314
SP2-8-800 2 1.25 170 80 45 800 8 156 215.4 0.28 156.0 1.381 1.952 1.739 1.385 1.381
Average 1.102 1.349 1.256 1.148 1.128

C.V. 0.110 0.173 0.145 0.100 0.104
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Table 17
Comparison between the shear strength calculated by the proposed design formulas and the test results ob-tained by Abbas et al.[18]
Specimen e/h a b 4 h t 7y Te ) Tor
p (mm) (mm) () (mm) (mm) (Mpa) (Mpa) Acr (Mp a) Te/Ter Te/TnA Te/TnB Te/TnM TelTn,Y
G8A 3 300 200 36.9 1500 6.3 268 228.6 0.88 221.9 1.030 1.207 1.12 1.017 1.023
G7A 3 300 200 36.9 1500 6.3 268 243.1 0.88 221.9 1.095 1.282 1.188 1.077 1.084
SC1 3 300 200 36.9 1500 6.3 268 213.3 0.88 2219 0.961 1.126 1.045 0.949 0.955
Average 1.029 1.205 1.118 1.014 1.021
C.V. 0.065 0.065 0.064 0.063 0.063
Table 18.
Comparison between the shear strength calculated by the proposed design formulas and the test results obtained by Moon et al. [24]
Specimen e/h a b 0 h ¢ o e Aer fer Te/Ter Te/TnA Te/Tn,B Te/Tn M Te/TnY
(mm) (mm) S (mm) (mm) (Mpa) (Mpa) (Mpa) ’ ' ' '
MI2 0.803 250 220 17.2 2000 4 170.9 109.2 0.93 136.1 0.803 0.904  0.889 0.9 0.996
MiI3 0.728 220 180 14.6 2000 4 170.9 105.4 1.01 127.6 0.826 0.872  0.837 0822  0.899
M4 0.887 220 180 18.7 2000 4 170.9 131.6 0.84 146.2 0.900 1.089 1.013 0.955 1.036
Average 0.843 0.955 0.913 0.892 0.977
C.V. 0.061 0.123 0.099 0.075 0.072
Table 19
Comparison between test results and theoretical results
Specimen Num. TelTer Te/TnA Te/TnB Te/TnM Te/TnY
Mean C.V. Mean C.V. Mean C.V. Mean C.v. Mean C.V.
All 102 1.146 0.199 1.297 0.188 1.242 0.187 1.230 0.214 1.269 0.231
e/h>1 and 6>30° 46 1.028 0.138 1.221 0.165 1.151 0.151 1.086 0.145 1.083 0.148
14+ 1.8 °
L}
*
1.2 F 1.6 . : ..
14+ = -.'_ .
L ]
1.0 121 oo .ﬂ "ot L
k. &H"F .
08 10 L NI L
& - B n ® P
< 06 Design Manual K e 0.8+ Qe e XM 4
= Elgaaly-42 tests
oall ® Lindner-25 tests 0.6
1 Peil-20 tests o4l ™ Elgaaly-42 tests @ Lindner-25 tests
*  Gei-9 tests : Peil-20 tests *  Gei-9 tests
0.2 Abbas- 3 tests 0.2} Abbas- 3tests * Moon-3 tests
* Moon-3 tests
0.0 : . . 0.0 L . . .
0.0 0.4 0.8 1.2 1.6 2.0 0.0 0.4 0.8 12 16 2.0
2 )

(@) z./7, versus A,

cr

(b) /7, versus A,

Fig. 12 Comparison between the shear strength calculated by Eq. (33) and the test results

For actual bridges, the distance between two adjacent stiffeners is much
larger than the web height h, and 6 always meets 8> 30°[37], so the experimental
results for the 46 specimens with e/h>1 and 6>30° are selected. e/h is the shear
span ratio[31]. The comparison between test results and theoretical results is
given in Table 19. It can be seen that Eq. (33) which adopts the formulas for the
elastic global and interactive shear buckling stresses proposed in this study
provides on average much more accurate predictions of the shear strength of
CSWs for the 102 specimens, and provides much more accurate predictions
with the best average value and smallest coefficient of variation for the 46
specimens. So Eq. (33) is recommended to calculate the shear strength of CSWs.

It is worth mentioning that in Table 18, Reference [31] adopted the design
corrugation depth of CSWs, however according to Reference [24], the negative
error between the design corrugation depth and the measured corrugation depth
can reach to 20%. Because the buckling will initiate at the area that has the
minimum measured corrugation depth [24], the minimum measured corrugation
depth is adopted in this paper.

5. Conclusions

In this paper, the shear capacity of CSWs is theoretically and numerically
studied, and the following main conclusions can be drawn:

(1) The whole CSW is assumed as an orthotropic plate, and the analytical
formula for the global shear buckling stress of CSWs is derived by the Galerkin
method. Simplified formulas of the global shear buckling coefficient kq for a

four-edge simple support, for a four-edge fixed support, and for two edges
constrained by flanges fixed and the other two edges simply supported are given.

(2) The folded plate composed of two adjacent panels is treated as an
isotropic shallow shell, and the analytical formula for the interactive shear
buckling stress of CSWs is derived by the Galerkin method. The interactive
shear buckling coefficient table for CSWs with the same flat panel and inclined
panel width is given.

(3) An elastic FEA is carried out to verify the analytical formulas and to
study the influence of geometric parameters on the shear buckling stress of
CSWs. Results show that the shear buckling stress greatly decreases with the
increase of d/t, while increases with the increase of a/h and 6.

(4) A design formula for the shear strength of CSWs which adopts the
formulas for the global and interactive shear buckling stresses proposed in this
paper is assessed. From a comparison between the shear strength calculated by
this design formula, calculated by four previous design formulas and measured
in a series of published test results, it is found that the considered design formula
provides good predictions for the shear strength of CSWs and can be
recommended.
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ABSTRACT ARTICLE HISTORY
Slender steel sections are widely used in the construction of steel structures such as lattice structures for transmission line Received: 11 January 2019
and telecommunication towers. Local buckling may be the observed failure mode under compression loads for these slender Revised: 26 February 2019
sections, and many experimental studies have been conducted to evaluate their resistance. All steel design codes include Accepted: 17 July 2019

equations to account for local buckling. In numerical models, local buckling can be reproduced using 2D shell or 3D

elements. Nonlinear numerical models have been developed in the last decades that can capture the complex behavior of
lattice structures up to failure. These models typically use beam elements that consider correctly the global buckling and
yielding of sections but do not consider the local buckling of angles due to geometrical limitations. This article proposes a
method that modifies the material behavior of sections to involve the local buckling failure in the analysis. Forty -two
experimental tests were conducted on short angles and a general stress-strain formula was defined based on the test results.
The formula relates the local buckling slenderness ratio of the members to a material constitutive law that accounts for the
local buckling. To evaluate the method, the numerical results were compared to those of four x-braced frame configurations
using slender angle sections. The results demonstrate that the proposed method can accurately model the local buckling

failure of fiber beam elements.
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1. Introduction

Angle steel members are widely used in steel lattice structures for
transmission lines and telecommunications. Lattice towers that are made of
angle members exhibit complex structural behavior, which is mainly due to
connection eccentricity, bolt slippage, local buckling and their impacts on
failure modes. The standard procedure for designing tower members is to
build a simple linear model of the structure for determining the forces in each
member and to evaluate the resistance using design code equations. This type
of analysis may not be correct because the buckling resistance should be
verified as an integrated part of the design and not as an independent stage
[1, 2]. To overcome the limitations of this simple analysis, transmission line
lattice towers are typically tested under various load conditions in full-scale
field tests prior to mass production.

Prasad Rao [3] reported that 32 towers out of 138 full-scale tests at the
Structural Engineering Research Centre [CSIR-SERC] experienced various
types of premature failures, which demonstrates the limitations of the design
method that is used in practice. To study the failure in detail, they modeled
three towers and analyzed them using the NE-Nastran nonlinear finite
element software. The option for geometric and material nonlinearity in the
software was used to obtain the behavior and limit loads. The entire tower
was modeled using beam-column elements. However, to capture more details,
the failed compression bracings were modeled as plate elements. The test
failure pattern coincided with the analysis failure pattern for both beam and
plate modeling. However, nonlinear finite element analysis predicted a failure
load that was 7 to 14 percent higher than the test results.

Another study was performed by the same researchers [4] on five
prematurely failed towers. They encountered overprediction of the strength
by nonlinear analysis and concluded that finite element analysis is still not a
fully reliable method for predicting tower strength and the tests remain
necessary for this objective. However, it is indicated that the nonlinear
analysis is essential for understanding the behavior, load carrying capacity,
design deficiencies, and instability in the structure. This type of nonlinear
model aims at capturing the complex and nonlinear behavior of steel lattice
structures. It is not a practical design method because it does not rely on
design code equations or more advanced methods such as the direct strength
method (DSM) [5, 6, 7] to evaluate the resistance of sections. It provides a
one-step numerical model for representing the pre- and post-buckling
behaviors of the structure. This type of model is useful as an alternative or
complement to full-scale tests for understanding the behavior and evaluating
the resistance of lattice towers. Recent works showed that depending on the
objective of the modeling, the following characteristics of lattice behavior

might need to be considered: joint eccentricity [8, 9], bolt slippage [10], and
residual stresses [11], among others. However, in this type of model, which
normally simulates the elastoplastic buckling of angle members, the potential
local buckling of members is neglected. This article will focus on developing
an efficient method to account for local buckling in nonlinear models of
lattice structures.

Currently, most research on the modeling of angle members uses either
beam elements or 2D shell elements. Angle sections may undergo global or
local buckling instability under a compression load, depending on the
slenderness and the width-to-thickness ratios. Shell elements can represent
the full three-dimensional behavior of angle sections and local buckling with
high accuracy if the mesh is sufficiently refined. However, for large and
complex structures such as lattice towers, the high number of members render
the use of shell elements impractical. For example, Shan et al. [12], proposed
modeling angle members by nonlinear plate elements. They included both
material and geometric nonlinearities in the study; however, the analysis
procedure was computation-intensive and time-consuming. They concluded
that 2D elements can only be used for small structures and as a research tool.
This conclusion has been supported by other researchers [13].
In slender angle sections with a high width-to-thickness ratio, the global
buckling deformation is accompanied by local buckling of leg plates [14] and
this effect should be incorporated into the finite element model of the
structure. Lee and McClure [13] developed an L-section beam finite element
for elastoplastic large deformation analysis. In terms of the computational
time, the beam element is 2.4 times more efficient than shell modeling if the
member length is equal to 4 meters.

The fiber beam element is a highly effective element that is used with
success to model angle sections. This element can properly incorporate the
stress and yielding effects in the member. Kitipornchai et al. [19, 20] reported
an analysis with nonlinear fiber elements of angle sections under axial and
bending loads. Numerical studies were conducted on various structures and
the angle members were modeled as fiber elements. Several examples were
presented to demonstrate the satisfactory performance of the fiber element
model in predicting the ultimate behavior of imperfect angle columns. The
results that were obtained from the study were compared to experimental tests
on two pairs of angle trusses with web members.

Vieira et al. [21] and Carrera et al. [22] proposed a 1D beam element for
modeling the buckling of beams using analytical formulas. The results
accorded with finite element models. Several limitations in capturing the local
buckling behavior were reported. According to the authors, additional tests
and experiments are needed for extending the method.
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Other computational methods for calculating the buckling loads of thin-
walled sections were studied. Huang et al. [23] developed a mathematical
formulation. They considered the angle section as an example and conducted
a numerical analysis of the elastic and inelastic buckling using finite element
models. The results from beam and shell elements were compared with the
theoretical results. It was concluded that the mathematical solution of higher
order differential equations is complicated and for members with complicated
deflections another method should be applied.
Considering other research and experiments in this field, the approach with
fiber elements is well adapted analytically for modeling the transmission
tower structures; however, a full local buckling behavior that covers the pre-
and post-buckling behaviors is not well defined.

The objective of this paper is to propose a method for incorporating the
local buckling behavior in the finite element model of structures using fiber
beam elements by developing a stress-strain behavior curve of steel. Forty-
two slender section angle members were tested and full force-deflection
curves were extracted. Then, a local buckling slenderness ratio was defined
via the direct strength method [5] and equations were developed to relate the
slenderness ratio to two specified points on the stress-strain curve.
Considering these two points, full stress-strain equations were defined by
using curve fitting techniques to model the compressive behavior of a slender
angle with a specified slenderness ratio. Finally, the proposed method was
evaluated by comparing its results to the test results on four full-scale X-
braced frames of angle slender members that were obtained by Morissette

[24].
2. Short angle specimens
2.1. Local buckling slenderness

The experimental program consists of testing 42 short angle members
under pure compression. These tests were conducted to evaluate the global
stress-strain behavior of angles that are failing due to local buckling. To
characterize the sections that are undergoing local buckling, Table 1
introduces the local buckling slenderness ratio, which is denoted as 4, and is
defined in Equation 1. This ratio is used in the direct strength method [31]
and was found to be useful for relating the properties of the angle to the stress-
strain behavior.

1= [ 6

In this equation, F, stands for the yielding stress of steel and o, is the
critical elastic local buckling stress for the member, which can be calculated
using finite element software such as Code_Aster, ANSYS or ABAQUS. In
this study, a finite strip software, namely, CUFSM, which is developed by

Schafer [32], will be used to perform critical elastic buckling load calculations.

CUFSM, which has been developed to accompany the direct strength method,
is a finite strip elastic buckling analysis application. In the first step, the
geometry of the member is modeled either manually or using a built-in cross-
section library. Then, general end boundary conditions and loading are
applied to the member and the section is meshed automatically with finite
strips. Finally, the analysis provides the buckling mode shapes of the member
and the critical elastic buckling load for each mode. This software is freely
available.

In practice, FE analysis is time-consuming for engineers. However, as a
simplification, a mathematical relation can be developed between the local
buckling stress and the width-to-thickness ratio b/t, where b is the width of
the angle leg and t is the thickness of the leg. Based on all the angle members
that are reported in Table 1, a formula is presented that relates o, and ratio
(brt):

©)= 7= @

where the value of « is calculated to be 323 according to the curve fitting
analysis that is shown in Fig. 1. In this work, the modulus of elasticity of steel
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was assumed to be 200,000 MPa. This simplification can be used when the
boundary conditions of the angle member are fixed translation and free
rotation. However, as shown in Fig. 1, the discrepancy in the local buckling
stress can be important, especially at low b/t values. Therefore, for higher
precision, the full procedure that is presented in the next sections, which
involves a finite element model, is recommended.

25 ® CUFSM Model (Equal leg)
® CUFSM Model (Unequal leg)
—— Proposed Formula
20
15
=
o
10 ®
5
0
0 200 400 600 800 1000 1200 1400 1600 1800

Ter (MPa)

Fig.1 Calculated curve that relates a,,- and (b/t) values

2.2. Experimental program

The objective of the experimental program is to provide test results on
local buckling behavior from specimens of various geometries. Forty-two
short angle specimens, which are listed in Table 1, were tested under pure
compression and the force-deformation behavior was measured. The leg
width-to-thickness ratio, namely, (b/t), of the specimens ranged from 9.5 to
19. According to (CSA-S16) [25] and Eurocode 3 [27], all specimens are
classified as class 4 sections, which are subject to local buckling prior to
yielding under compression. The steel grade of the specimens is ASTM-A36
[28] and their material properties are listed in Table 1.

The lengths of specimens were selected to avoid global buckling
instability. Most configurations were tested on two identical specimens to
evaluate the repeatability of results. The average result of these identical tests
was considered the final result to better represent the types of sections that
are available in the market. Since the specimens are short and they fail under
the local buckling mode, the effects of geometrical imperfections and residual
stresses are not considered. These effects are more important on global
buckling mode, which is outside the scope of this article. Taking the discussed
effects in consideration adds additional parameters to the prediction, which
renders finding a solution highly complicated; hence, these effects are not
investigated further in this article.

To provide continuous and uniform end conditions throughout the tests,
the extremities of all specimens were accurately milled flat and strictly
perpendicular to the axis of the angle. The specimens were supported by a
thick steel plate without a hinge for the test. The alignment of the centroid of
the angle with the line of action of the force was secured by top and bottom
adjustment plates (Fig. 2) that were bolted to the thick plates. To avoid any
eccentric moment, the center of the force that was applied by the machine
coincided with the center of gravity of the section. The angle-shaped opening
in each set of adjustment plates provided the required end constraints: fixed
translation and free rotation.
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Fig. 2 Adjustment plate in the supports

Table 1
Properties of the short angle test specimens

Test Section Length (mm) b/t E, (MPa) F, (MPa) E (MPa) 0. (MPa) Ap
1 L152x152x7.9 600 19.2 339 519 178000 264 1.13
2 L152x152x7.9 600 19.2 339 519 178000 264 113
3 L152x152x7.9 400 19.2 339 519 178000 308 1.05
4 L152x152x7.9 400 19.2 339 519 178000 308 1.05
5 L152x152x9.5 600 16 390 543 207000 381 1.01
6 L152x152x9.5 600 16 390 543 207000 381 1.01
7 L152x152x9.5 400 16 390 543 207000 440 0.94
8 L152x152x9.5 400 16 390 543 207000 440 0.94
9 L152x152x16 600 9.5 395 514 188281 1026 0.62
10 L152x152x16 600 9.5 395 514 188281 1026 0.62
11 L152x152x16 400 9.5 395 514 188281 1199 0.57
12 L152x152x16 400 9.5 395 514 188281 1199 0.57
13 L152X102X9.5 433 16 373 495 206297 508 0.86
14 L152X102X9.5 437 16 373 495 206297 508 0.86
15 L152X102X16 438 9.5 375 564 212700 1359 0.53
16 L152X102X16 439 9.5 375 564 212700 1359 0.53
17 L152X102X16 680 9.5 375 564 212700 1080 0.59
18 L152x152x9.5 598 16 392 541 201000 381 1.01
19 L152x152x9.5 597 16 392 541 201000 381 1.01
20 L152x152x9.5 598 16 392 541 201000 381 1.01
21 L152X102X9.5 718 16 371 492 208000 440 0.92
22 L152x152x9.5 850 16 380 526 210000 350 1.04
23 L152X102X16 800 9.5 375 563 212700 960 0.63
24 L152X102X16 300 95 375 563 212700 1657 0.48
25 L152X102X16 800 9.5 375 563 212700 960 0.63
26 L152x152x13 850 11.7 388 547 202626 636 0.78
27 L152x152x13 850 11.7 388 547 202626 636 0.78
28 L152x152x13 500 11.7 388 547 202626 723 0.73
29 L152x102x13 800 11.7 407 587 193387 727 0.75
30 L152x102x13 800 11.7 407 587 193387 727 0.75
31 L152x102x13 300 11.7 407 587 193387 1110 0.61
32 L152x102x7.9 800 19.2 405 557 204017 302 1.16
33 L152x102x7.9 800 19.2 405 557 204017 302 1.16

34 L152x102x7.9 300 19.2 405 557 204017 416 0.99
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35 L76x76x6.35 400 12 379
36 L76x76x6.35 400 12 379
37 L76x76x6.35 300 12 379
38 L76x76x6.35 300 12 379
39 L76x76x7.9 400 9.6 388
40 L76x76x7.9 400 9.6 388
41 L76x76x7.9 300 9.6 388
42 L76x76x7.9 300 9.6 388

367
526 203000 612 0.79
526 203000 612 0.79
526 203000 657 0.76
526 203000 657 0.76
555 203000 952 0.64
555 203000 952 0.64
555 203000 1024 0.62
555 203000 1024 0.62

The compression jig was set up for performing the tests as shown in Fig.
3 in a 500-kN hydraulic testing machine. The loading was displacement-
controlled at rates that ranged from 0.12 to 0.3 mm/min according to the
length of the specimen to reach the maximum load within 5 to 10 minutes.
The test was continued up to the occurrence of a substantial nonlinear
behavior. The relative displacement of the specimens was measured by a
displacement transducer that was attached to the adjustment plate from the
bottom to the top (Fig. 3).

2.3. Material property tests

Two or three coupons were cut and prepared from each batch of steel
material and tested under tension according to the ASTM A370-02 [29]
standard. The values of F, that were provided by the coupon tests were used
to calculate A, for each specimen. The values are listed in Table 1.

3. Definition of material stress-strain behavior

Based on the force-deflection results from the short angle tests, 42 stress-
strain material behaviors were extracted. Each material behavior is related to
the corresponding 4,, value of the specimen. The values of o(stress) and
g(strain) are calculated by assuming homogeneous behavior as ¢ = P/A and ¢
= d/L, where P is the applied force (N); A is the cross-sectional area (mm2); ¢
is the vertical deflection of the specimen (mm); and L is the length of the
specimen (mm).

Fig. 4 plots the measured behaviors of six specimens. To characterize the
behavior of a member under compression, it is assumed that the full stress-
strain curve can be characterized by 2 points: A(ea,oa), which denotes the first
peak in the curve, and B(0.01,08). Table 2 reports the ¢, aa, and o values.
Other points were also considered; however, based on the accuracy of the
fitted curve, the two points that are specified above were selected. Using the
short angle test results (Table 2) and a curve fitting technique, Equations 3 to
5 were developed for calculating the coordinates of points A and B based on
the value of 4,,. Since the number of tested specimens was limited, the range
of values of 1, for which the equations apply was limited to 0.57-1.20. This
also affected the calculated values of oa in terms of the material yield stress.
Fig. 5 plots the equations and the distribution of the test points.

Fig. 3 Test setup and displacement transducer
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Fig. 4 Measured stress-strain behaviors of six test specimens
—116\es
g4 = 0.0004965 x (1 + 4, "®)58 +0.001521 0.57 < 1, < 1.20 3)
-1
oy =407.9% (1+ 22%) 70 0.57 < 1, < 1.20 (4)
05 =350.1 x 4,7 —903.9 x A, +809.1 0.57 < 4, < 1.20 5)
Table 2
Results of the short angle tests
Test Ap N as (MPa) op (MPa)
1 1.13 0.0017 298 228
2 1.13 0.0018 288 229.9
3 1.05 0.0022 313 234
4 1.05 0.0035 297 242
5 1.01 0.0023 389 248
6 1.01 0.0021 379 250
7 0.94 0.0028 401 269.7
8 0.94 0.0028 400 267.8
9 0.62 0.0032 407 371.2
10 0.62 0.0027 406 398.7
11 0.57 0.0032 409 406.6
12 0.57 0.0032 410 406.3
13 0.86 0.0029 367 271.7
14 0.86 0.0031 367 270.8
15 0.53 0.0035 350 374
16 0.53 0.0049 353 376
17 0.59 0.0022 350 350.7
18 1.01 0.0025 390 256.9

19 1.01 0.0026 384

254.8

368
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20 1.01 0.0024 377 256.2
21 0.92 0.0024 371 254
22 1.04 0.0022 356 2416
23 0.63 0.003 422 376
24 0.48 0.005 423 436.7
25 0.63 0.0035 425 392
26 0.78 0.0034 413 305
27 0.78 0.0032 413 301.8
28 0.73 0.0048 420 356.8
29 0.75 0.0036 414 3322
30 0.75 0.0035 413 334
31 0.61 0.007 450 453
32 1.16 0.0021 336 234.6
33 1.16 0.0021 319 245.1
34 0.99 0.0031 404 285.7
35 0.79 0.0029 418 292.6
36 0.79 0.003 419 293
37 0.76 0.0034 411 329
38 0.76 0.0038 415 3243
39 0.64 0.0031 431 406.8
40 0.64 0.0027 429 422
i1 0.62 0.003 432 427
42 0.62 0.0031 429 4236
500 0.008
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400 L] x LI S R # Test poinis-aguakieg
o 8 0.006
~ 350 . . h-,\\.
. 0.005
% 300 P e *. .
= 250 w 0.004 3
-
o 200 0.003 Te e ~:t e .
IS .
et — 0.002 . "‘—-!Jt,__‘_!_
100 | — Equatian
# Tesl polnis-equakleq 0.001
50 » Tesi poinis-unequal-leg )
0 I ' : 0
04 05 06 07 08 09 1 11 12 13 04 05 06 07 08 0% 1 11 12 13
500
450 -
» .: -
400 'x%
350 ® T
_ e
= 300 N .
% 250 e g
=~ 200
[su]
B 150
100 | —— Equation
50 + Test polnts-equal-leq
& Test points-unequalkleg
0
04 05 06 07 08 09 1 11 12 1.3
Ap

Fig. 5 Plots of equations 3 to 5 and the distribution of the test points

third criterion that is used to calculate the parameters of the equation is the slope
of standard steel stress-strain material in elastic range, which is assumed to be
200,000 MPa (Young’s modulus). The main stress-strain equation is expressed
as follows:

The coordinates of points A and B are used to calculate the three unknown
parameters (C, D, and k) that are used to define the stress-strain equation (6).
Since the behavior of steel in the first steps of loading is completely elastic, the
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& <0.0005
&> 0.0005

_{ 200000 X &
TZUC X e X (em + D X £y T

(6)

&, = 1000 X & 7

Equations 3 to 5 relate the 4, value of any class 4 member to two
characteristic points, namely, A and B, of the stress-strain curve. Then, Equation
6 relates these two points to a complete and modified stress-strain curve that
can be included in a beam element as a material behavior. The values of the
unknown parameters in the equation (C, D, and k) were obtained via trial and
error. A simple script was developed for inputting the 4, value. The script
calculates the coordinates of points A and B based on Equations 3 to 5. Then,

Test 11
---------- Proposed Formula

0.005 0.01 0.02 0.025

E

0.015

o (MPa)

Test 28
--=------ Proposed Formula

0015 0.025

E

0.005 0.01 002

======r==- Proposed Formula

0.01 0.015 0.02 0.025

E

o (MPa)
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points A and B are substituted into Equation 6, which yields the full stress-strain
behavior. Table 3 lists the values of parameters C, D and k that are calculated
based on points A and B for each specimen and 4, value. The output of
Equation 6 can be entered as a nonlinear material behavior into any finite
element software. An alternative simplified solution is to define the material as
a bilinear stress-strain relation without using Equation 6. The bilinear behavior
could be defined by using g, as Fy and the slope of the line that connect points
A and B (AB) as E; (the tangent modulus of the material). Fig. 6 compares the
stress-strain curve that was calculated via Equation 6 with the test results from
short angle specimens for six 4,, values.

100 Test 9
50 ---------- Proposed Formula
0
0 0.005 0.01 0.015 0.02 0.025
E
450
50 ---------- Proposed Formula
0
0 0.005 0.01 0.015 0.02 0.025
[
350
50 Test 1
---------- Proposed Formula
0
0 0.005 0.01 0015 0.02 0.025
E

Fig. 6 Comparison of the stress-strain relationship between the test results and Equation 6
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Table 3
Calculated values of parameters for Equation 6

Tests Ap C D k

1,2 1.13 440.289 0.563 1.272

34 1.05 526.022 0.625 1.329

5, 6, 18, 19, 20 1.01 563.891 0.653 1.346

7,8 0.94 601.782 0.692 1.349

9,10 0.62 512.091 0.831 1.123

11,12 0.57 479.906 0.844 1.068

13, 14 0.86 602.713 0.729 1.315

15, 16 0.53 449.86 0.848 1.018

17 0.59 493.722 0.84 1.091

21 0.92 605.266 0.702 1.343

22 1.04 536.673 0.633 1.334

23,25 0.63 517.363 0.827 1.133

24 0.48 441.128 0.847 1.004

26, 27 0.78 583.226 0.764 1.263

28 0.73 565.003 0.786 1.224

29, 30 0.75 572.487 0.777 1.24

31 0.61 506.351 0.834 1.113

32,33 1.16 409.118 0.538 1.246

34 0.99 578.983 0.665 1.351

35, 36 0.79 585.562 0.76 1.269

37,38 0.76 575.722 0.773 1.247

39, 40 0.64 523.266 0.824 1.143

41,42 0.62 512.091 0.831 1.123

According to Fig. 6, the calculated curves are comparable to the angles showing close to elasto-perfectly plastic behavior. As a consequence,

experimental results and they have an acceptable accuracy. This is also the COV value for parameter ¢, is relatively high. Despite the statistical
demonstrated in Table 4, which compares the values of g4, g, and oz from comparisons in Table 4, the trend of the stress-strain curve that was calculated
Equation 6 and experimental work on short angles. The mean value of the via the formula accords with the experimental results and the inaccuracy of
differences is very close to 1.0 and the COV values are reasonable for g, does not impact the close agreement of the predicted curve with the
parameters o, and g. The strain at the peak is always difficult to capture in experimental results.

Table 4
Comparison of parameters that were calculated via Equation 6 with test values for parameters €,, o4, and og

Test &, (T) a, (T) ag (T) &, (F) a, (F) og (F) g4 (FIT) o, (FIT)  op (FIT)
1 0.0017 298 228 0.0021 317 234 1.24 1.06 1.03
2 0.0018 288 230 0.0021 317 234 1.17 11 1.02
3 0.0022 313 234 0.002 358 245 0.91 1.14 1.05
4 0.0035 297 242 0.002 358 245 0.57 121 1.01
5 0.0023 389 248 0.002 376 252 0.87 0.97 1.02
6 0.0021 379 250 0.002 376 252 0.95 0.99 1.01
7 0.0028 401 270 0.0019 397 269 0.68 0.99 1

8 0.0028 400 268 0.0019 397 269 0.68 0.99 1

9 0.0032 407 371 0.0036 412 383 1.13 1.01 1.03
10 0.0027 406 399 0.0036 412 383 1.33 1.01 0.96
11 0.0032 409 407 0.0046 416 402 1.44 1.02 0.99
12 0.0032 410 406 0.0046 416 402 1.44 1.01 0.99

13 0.0029 367 272 0.0022 406 291 0.76 111 1.07
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14 0.0031 367 271 0.0022
15 0.0035 350 374 0.0042
16 0.0049 353 376 0.0042
17 0.0022 350 351 0.0042
18 0.0025 390 257 0.002
19 0.0026 384 255 0.002
20 0.0024 377 256 0.002
21 0.0024 371 254 0.0021
22 0.0022 356 242 0.0019
23 0.003 422 376 0.0034
24 0.005 423 437 0.0046
25 0.0035 425 392 0.0034
26 0.0034 413 305 0.0024
27 0.0032 413 302 0.0024
28 0.0048 420 357 0.0026
29 0.0036 414 332 0.0025
30 0.0035 413 334 0.0025
31 0.007 450 453 0.0038
32 0.0021 336 235 0.0021
33 0.0021 319 245 0.0021
34 0.0031 404 286 0.002
35 0.0029 418 293 0.0024
36 0.003 419 293 0.0024
37 0.0034 411 329 0.0025
38 0.0038 415 324 0.0025
39 0.0031 431 407 0.0033
40 0.0027 429 422 0.0033
41 0.003 432 427 0.0036
42 0.0031 429 424 0.0036
Average

COV (%)

372

406 291 071 111 1.07
418 428 12 12 114
418 428 0.86 1.19 114
414 397 191 118 113
373 251 0.8 0.96 0.98
376 252 0.77 0.98 0.99
376 252 0.83 1 0.98
401 274 0.88 1.08 1.08
363 247 0.86 1.02 1.02
411 379 113 0.97 1.01
421 433 0.92 1 0.99
411 379 0.97 0.97 0.97
408 317 0.71 0.99 1.04
408 317 0.75 0.99 1.05
409 336 0.54 0.97 0.94
408 328 0.69 0.99 0.99
408 328 0.71 0.99 0.98
412 388 0.54 0.92 0.86
302 231 1 0.9 0.98
302 231 1 0.95 0.94
384 257 0.65 0.95 0.9
408 314 0.83 0.98 1.07
408 314 0.8 0.97 1.07
408 323 0.74 0.99 0.98
408 323 0.66 0.98 1
411 374 1.06 0.95 0.92
411 374 1.22 0.96 0.89
412 383 12 0.95 0.9
412 383 1.16 0.96 0.9

0.93 1.02 1

30.29 7.56 6.53

Note: (T: Test, F: Formula) — The stress values are specified in MPa.

4. Evaluating the method with experimental results

4.1. Experimental Program

To evaluate the accuracy of the method, the numerical results were
compared to the results of experimental tests that were performed at
Universitéde Sherbrooke [24] on four X-bracing frame configurations. The
test setup is a two-dimensional frame than can include angle members that
act as X-braces. Fig. 7 and Fig. 8 present a sketch and a photograph of the test
set-up. A lateral load was applied to the frame, which introduces compression
and tension forces into the angles. The maximum capacity of the jack is 500
kN and it is mounted horizontally to a rigid supporting system. The frame was
restrained by steel cables to avoid out-of-plane deflections. The beam-to-
column connections were designed as pinned joints using a single bolt such
that no bending moment was applied to the frame members and the lateral
force induced direct axial tension and compression into the angles.

To measure the applied force to the angles, strain gauges were placed on
end connection plates. Fig. 9 presents the geometry of the end plates. The end
plates were of thickness 25.4 mm and two sets of plates were prepared for

bolt sizes of 12.7 mm and 15.9 mm. To ensure the accuracy of the measured
force, all assemblies of end plates and strain gauges were calibrated separately.
Then, the recorded data from the strain gauges that were mounted on the end
plates could be transformed to the applied force. In addition, displacement
transducers were used to measure the lateral and out-of-plane deformations
of the frame and braces. The load was applied based on the displacement
control principle with a rate of 0.5 mm/min.
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Fig. 7 Schematics of the test setup [24]

Fig. 8 X-bracing test setup [24]
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Fig. 9 Geometry of the end plates and locations of the strain gauges (dimensions in millimeters) [24]
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4.2. Test Specimens

The X-bracing configuration involves two single angle sections under
tension and compression. The target member is the angle under compression.
Each angle is connected to the end plates using three bolts on one leg. The
same leg is restrained in the middle of the member by a single bolt that is
connected to the other bracing member, which is under tension. A filler plate
was provided to fit the space between two angles in the middle and to ensure
sufficient lateral support at the point of attachment (Fig. 10). The two
configurations were L38X38X3.2 and L44X44X3.2 angle sections. The
repeatability of results was assessed by testing two specimens for each
configuration. Table 5 lists the specimens and their properties, which are
based on tests that were conducted on coupons.

Fig. 10 Lateral support of the angles in the middle [24]

Table 5
Details of the X-bracing test specimens

Test Section D (mm) Fy (MPa)
1 L38X38X3.2 12.7 370
2 L38X38X3.2 12.7 392
3 L44X44X3.2 15.9 393
4 L44X44X3.2 15.9 393

Note: (D: Bolt diameter)

4.3. Finite Element Modeling of the Specimens

The four angle specimens of the previous section were modeled using the
Code_Aster software. Fiber beam elements are considered, and the optimum
element size was evaluated to be 100 mm after conducting preliminary tests.
To simplify the analysis, only the bracing angle members and the end
connection plates are included in the model. A preliminary deflection value
of Length/1000 [30] at the mid-length of the braces is applied to the weak
bending axis as a global geometrical imperfection. It is assumed that the
outside frame members are rigid in comparison to the angle members.
Therefore, the end connection plates on top are supported by fixed supports
with only unrestrained lateral displacement. The bottom supports are assumed
to be fixed. The angle members are connected to these supports via two
elements: a rigid beam element, which is used to include the member
eccentricity, and a nonlinear spring, which is used to model the three-bolt-
connection behavior. The properties of the spring element depend on the
slippage and the bolted connection behavior according to the formulas that
are presented by Rex et al. [33]. To model the single bolt that attaches the
members at the middle of the bracing system, it is assumed that the middle
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nodes have identical displacement. However, the relative rotational
displacement is free at this point.

The proposed method was applied to the analysis. First, o, was
calculated for each specimen using Code_Aster (Fig. 11). Since the boundary
conditions of the members are not as described in Section 2.1, Equation 2
cannot be used and finite element modeling is implemented instead. In the X-
bracing tests, the angle member needed to be restrained at the middle for
modeling the pinned connection. Since CUFSM could not apply this type of
restraint to the member, Code_Aster was used to perform the calculation. The
bracing member under compression was modeled in Code_Aster using plate
elements and mesh refinement was optimized via several trials. Each element
had four corner nodes with six degrees of freedom and the maximum element
size was 4 mm. Fixed boundary conditions were applied to the nodes on one
leg of the member on each end. To model the constraint in the middle of the
brace member, a hinged support was applied to a node on the same supported
leg (Fig. 7). Then, the elastic buckling analysis was performed and the o,
value was calculated for the brace member.

The next step was to calculate the A, value for each specimen via
Equation 1. Table 6 summarizes the calculated o, and 4, values for each
specimen. Then, the stress-strain curve is calculated using the two steps that
were specified earlier: first, Equations 3 to 5 were used to calculate two points,
namely, A and B, on the curve for the specified value of 4,; second, the
parameters in Equations 6 and 7 were calculated such that the stress-strain
curve passes through points A and B. In the final step, the calculated curve is
applied as a material behavior to the fiber elements of the specimens. The
nonlinear analysis phase is completed by Code_Aster and the assumptions of
nonlinear material and large displacements are included in the procedure.

Fig. 11 Local buckling mode of a specimen (Test 3)

Table 6
Calculated o, and 4,, values for the test specimens

Test Z\”AT Pa) A

1 205 111
2 205 115
3 234 1.29
4 234 1.29

4.4. Results comparison and discussion

The experimental specimens failed due to local buckling phenomena. Fig.
12 shows the final deflection for four of the test specimens. Fig. 13 compares
the failure stresses of the experimental tests to those of the finite element
models and the member capacity based on ASCE 10-97 [34] and EC3 [27].
To evaluate the performance of the presented method, another set of analyses
is performed without applying the proposed method to account for local
buckling in the model. According to the comparisons, neglecting the local
buckling failure in the analysis results in very high failure stresses. In the class
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4 sections of this study, the local buckling failure controls the member
capacity. Although the global buckling effect is included in the analysis due
to large displacement option, it cannot take into account local failures which
results in very high values of failure stress.

According to Table 7, the results of failure stress (og,ijure) for the finite
element model are much more accurate and consistent with the tests when the
presented method is applied. The mean value of FEA to Test results is 1.02
when the modification of material behavior is involved in the model. Despite
the use of large displacement analysis, the above value increases dramatically
to 1.54 if the effect of local buckling is ignored. Hence, the procedure that is
presented in this study offers an appropriate solution for modeling the local
buckling behavior of slender sections by beam elements.
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Comparing the results of the presented method and the design capacity
of the specimens that is based on ASCE 10-97 and EC3, the proposed method
yields results that are similar to ASCE 10-97 and that are consistent with (but
less conservative than) EC3. The coefficient of variation (COV) is slightly
less than for design codes. For test 4, the discrepancy between the finite
element model and the experimental test reaches a maximum of 15 percent.
This is also consistent with the maximum error that is obtained with ASCE
10-97. This error could be due in part to the loading and boundary conditions
that are used in the bracing tests, which are not perfectly represented in the
model and in the codes.

Fig. 12 Local failure of test specimens (2 and 3) [24]
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Fig. 13 Comparison of failure stress results
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Table 7
Accuracy of the analysis with and without utilization of the presented method
Test Ofqiture FEA Ofqiture teSt Oeapacity Ocapacity EC3  Opqiture (FEA/test) ratio ASCE / EC3/test
(MPa) (MPa) ASCE (MPa) (MPa) test
w-lb w/o-Ib w-lb w/o-Ib
1 206 284 230 191 162 0.89 1.23 0.83 0.7
2 193 293 180 191 167 1.07 1.62 1.06 0.92
3 230 360 239 226 179 0.96 15 0.94 0.75
4 230 360 200 226 179 1.15 1.8 1.13 0.89
Average 1.02 1.54 0.99 0.82
COV (%) 11 15.4 13.2 13.3

Note: (w-Ib: with local buckling and w/o-Ib: without local buckling)

5. Conclusions

This article presented a new method for including the local buckling failure
of class 4 members that are modeled by fiber beam finite elements. To consider
this phenomenon, the stress-strain material behavior of the member was
modified in the finite element model. A stress-strain curve formula was
provided for each class 4 member that is based on the local buckling slenderness
value (4,) of the member. Forty-two short angle specimens with 4, values
between 0.57 and 1.20 were tested and the force-deflection behavior of each
specimen was recorded. Then, the stress-strain behavior was calculated for each
of the 4, values of the tests. Based on the above stress-strain behaviors and
curve fitting technique, a general formula was presented that relates the 4,
value to a stress-strain material behavior.

To apply the method to a full-scale model, each class 4 member is
recognized and the corresponding 4, value is calculated. In the next step, the
modified stress-strain curve is generated via the presented formula. Finally, the
curve is assigned to the corresponding member as the material behavior in the
finite element software.

To evaluate the feasibility and accuracy of the method, it was implemented
for four cross-braced frame structures that were tested at Université de
Sherbrooke. For the two studied configurations, class 4 angle sections were used
as bracing members. The results were compared to two fiber element models,
with and without using the proposed method. It was observed that when utilizing
the proposed method in the models, the mean ratio of the model-to-test failure
stress is 1.02, whereas this ratio increases to 1.54 when the method is not utilized.
Additionally, comparing the proposed method to the design capacity that is
calculated based on Eurocode and ASCE standards demonstrated that the new
method provides more consistent results. Although the proposed method is not
a practical design procedure, it may be used to improve nonlinear beam models
of lattice towers that aim at complementing and reducing the need for full-scale
transmission tower tests.

The presented method for modifying the material stress-strain behavior is
only valid for the A,values interval of 0.57 to 1.20. Future research is needed
for expanding this interval to cover more versatile class 4 sections such as
unequal leg angles. Additionally, the method was validated with only four
bracing tests. Further investigations should be conducted to validate the
proposed method on more complex structures and field test results.
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ABSTRACT
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Based on the alternate load path method and considering the composite effect of floor slabs, a beam—column frame with
unequal spans was studied to derive the equations for the load—deformation relationship at five different stages (elastic,
elastic—plastic, plastic, transient, and catenary) during progressive collapse. The anti-collapse mechanism of the composite
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beam—column frame and the influence of arch action were carefully analyzed. A numerical model was established using

ABAQUS for the relevant model, and the model was verified by comparison with experimental data. Further, the
theoretical equations were compared with the results of numerical simulations for different span ratios. The results show
that the theoretical equations possess good generality and high accuracy for analyzing progressive collapse of a composite

beam—column frame with unequal spans.
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1. Introduction

A fundamental aim of structural design is to ensure the safety of a structure;
specifically, to prevent progressive collapse of the structure. Once progressive
collapse occurs, it is often catastrophic and can cause serious loss of life and
property. Therefore, methods to prevent the progressive collapse of structures
are an important part of the theoretical and experimental practice of structural
engineering. When vertical load-bearing components (columns) in a structure
are destroyed, the remaining structure will redistribute the internal forces. With
increasing vertical deformation, the internal force in the horizontal members
(beams) gradually changes from flexural to tensile to carry the vertical loads,
forming what is called a catenary mechanism. At this stage, the catenary
mechanism is the last line of defense against progressive collapse of the
structure, and therefore, it is a key component in the anti-collapse design of a
structure.

Research regarding anti-collapse mechanisms of beam-column frames
currently focuses on pure steel frame beam—column structures with equal spans.
Studies using unequal spans are rare, and the composite effect between
supported concrete slabs and the steel beams is usually not considered.
Demonceau and Jaspart™*! conducted static loading tests on a single-story frame
and proposed a mechanical model of the substructure considering the
composite beam effect in different stages, where the load—displacement
formula was deduced and verified. Izzuddin et al.>*, Arash and Fereidoon®,
and Vlassis et al.[ theoretically analyzed the behavioral changes of steel beams
with equal spans during the failure of the middle column, and proposed
formulas for the anti-collapse bearing capacity. Li et al.”®! proposed a model of
steel beams subjected to axial and rotational spring constraints under
distributed loads. The constrained coefficient method and rigid plastic hinge
model were used to derive the load—span deflection formula of constrained steel
beams in different stages. The reliability of the formula was verified using finite
element analysis. In our previous report [9], we analyzed the entire process of a
beam-column substructure of a steel frame resisting external loads using the
alternate load path method and deduced the formula for the anti-collapse
bearing capacity and displacement of the beam-column substructure. The
accuracy of the formula was verified using numerical examples.

Based on the alternate load path method™ and the constraint coefficient
method™, a concrete slab and steel composite beam-column frame was
considered in this study. The bearing capacity—deformation equations of the
composite beam—column frame with unequal spans were derived for different
stages of the process. The influence of arch action was also considered. A
numerical analysis model was established using ABAQUS, and then validated
by comparison with relevant test results. In addition, the results of the derived
equations were compared with those of the numerical simulation for different
span ratios. The results of the comparison indicate that the theoretical equations
provide good versatility and high calculation accuracy for anti-collapse
analysis of a composite beam—column frame with unequal spans.

2. Analysis model of the composite beam—column substructure
2.1. Analysis model

In the anti-collapse analysis of a frame structure, the floors above the
failure column and the two spans connected to the failure column are usually
defined as being in the direct influence area, while other parts are within the
indirect influence area [3], as shown in Fig. 1. The direct influence area is the
focus of anti-collapse research and design as it must directly bear the load
resulting from the failure of the vertical load-bearing component in order to
prevent progressive collapse, while the indirect influence area provides
reliable boundary conditions for the direct influence area.

Direct influence

Indirect influence

Indirect influence

1/41, L: , Lo /4L
1 1 +—f

3
Fig. 1. Diagram defining the direct and indirect influence areas of the composite
beam-—column frame mode

The alternate load path method is currently the most commonly used
method for analyzing and designing the collapse resistance of a frame
structure. This method does not consider the cause of failure or the failure
process of the column; it only considers the change in the behavior of the
main components connected to the failure column under load. In the frame,
the inflection point of the side column is approximately located in the middle
of the story height. The quarter point (Lo) of the beam in the panel adjacent to
the failure column, between two intact column joints, is taken as the location
of the boundary condition to simulate the constraint of the peripheral members.
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A composite frame model [12] consisting of two beams and three columns is
shown in Fig. 1. When the middle column of this structure fails, the beams on
each side of the column are subjected to an increasingly large deformation,
and the resistance mechanism gradually transforms from beam action to
catenary action.

As shown in Fig. 1, the joints of the composite beam—column frame
model have both axial and rotational constraints. If the model is further
simplified by applying an axially constrained spring and a rotationally
constrained spring (corresponding to spring stiffnesses Kg and K, respectively)
at the joint, a simplified analysis model of the composite beam—column frame
can be obtained, as shown in Fig. 2, in which the failure column allows only
vertical movement and no rotation.

¢ P

KeK« | K Kr
arg Vertical sliding H b
L . L
L

Fig. 2.Simplified analysis model of the composite beam—column frame
direct influence area

2.2. Analytical assumptions and response of a composite beam
2.2.1. Assumptions

To obtain the bearing capacity—deformation equation of the composite
beam-column frame, the following simplifications and assumptions were
made:(1) The beam and column sections are all I-shaped sections, and the
material is an ideal elastic-plastic material;(2) Rigid plastic hinges only appear
on the beam;(3) The tensile strength of the concrete is negligible;(4) The slip
between the steel beam and the concrete slab is not considered as the composite
beam is assumed to contain a complete shear connection, while the differential
deformation of the steel beam members and buckling of the flange plate are
ignored.(5) The correlation between the axial force and bending moment of the
composite beam section followed Eq. (1) [11,13]. (6) The joint has sufficient
rotational deformation capability to allow the catenary effect to be fully
developed and employed.

M. N_,
Mo Ny ®

Here, M; is the plastic limit bending moment of the composite beam section and
N, is the plastic limit axial force of the composite beam section.

2.2.2 Response of composite beam under concentrated load

A typical vertical bearing capacity (P) vs. deformation (V)curve
(load—displacement curve) is used to describe the force in the joint and the
tensilebending of the composite beam—column frame during progressive
collapse, as shown in Fig. 3. Five clear stages are defined:the (1) elastic (OA),
(2) elastic—plastic (AB), (3) plastic (BC), (4) transient (CD), and (5) catenary
(DE) stages. The load—displacement curve in each stage is approximately
linear.

In the elastic phase and the elastic—plastic phase (1) and (2), respectively
in Fig. 3), the joint mainly relies on the bending moment of the section to resist
the external force; the axial force is insignificant at this stage. The structure
mainly resists collapse via the beam mechanism. The tensile-bending
correlation curve mainly moves vertically from the origin to the plastic positive
yielding moment M. and to the plastic negative yielding moment M,. of the
composite beam, as shown in Fig. 4a. When the structure enters the plastic
stage ((3) in Fig. 3), the axial force is still insignificant. The joint reaches its
plastic bending capacity and the load does not change over this defined range of
displacement. In the tensile-bending correlation curve, the composite beam
reaches the plastic bending yield moment M,. at the mid-span and reaches the
plastic negative yield bending moment M,. at the beam end, as shown in Fig. 4b.
When the plastic phase ends, the structure enters the transition stage ((4) in Fig.
3), and significant axial force is generated in the composite beam. At this time,
the composite beam-column structure begins to transform from being
supported by the bending mechanism
to being supported by the catenary mechanism, and the axial force causes astate
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transformation of the joint. The tensile-bending correlation curve mainly moves
linearly from the plastic yield bending moment to the plastic tensile bearing
capacity, as shown in Fig. 4c. When the structure enters the catenary stage ((5)
in Fig. 3), the beam mechanism is no longer active; only axial tension exists in
the composite beam, and the joint has yielded due to tensile stress, as shown in

Fig. 4d.
7A

(c) Transformation from the beam mechanism to the
catenary mechanism (transition stage)

Mm

(d) Catenary mechanism (catenary stage)
Fig. 4. Behavior of the frame joints during different stages of progressive collapse

3. Theoretical background of collapse stages

Among the stages of progressive collapse of the composite beam—column
frame defined in Fig. 3., the elastic—plastic stage reflects the process of
forming plastic hinges at the end of the composite beam at the failure column
and the side columns. This stage is a complex nonlinear process with too
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many influencing factors to accurately capture. To simplify the analysis, the
behavior in this stage was approximated as a straight line. The various stages
of the process are described here in detail.

3.1. Elastic stage

In the elastic stage, the beam—column frame mainly relies on the bending
moment resistance of the section to resist the external force; as the axial force
is ignored, only the action of the rotationally constrained spring is considered.
The corresponding model of the elastic stage is shown in Fig. 5.

ap
L . L

Fig. 5. Analysis model for the elastic stage

If ends a and b of the beam are considered to be hinged (K; = 0), then the
bending moment Mg at the beam end and vertical deformation v; at the failure
column are given by:

_PLL, PL%L,”

M
ST =TI

@

+

where, E is the elastic modulus of the steel and I. is the section moment of
inertia of the composite beam, converted into steel under the positive bending
moment [14]. If the beam ends a and b are fixed (K; — o), then the bending
moment M, of the beam ends at the failure column, the vertical deformation
vs at the failure column, and the bending moments M¢, and Mg, of the beam
ends at the side columns are given by:

M. _2PLL o PLLY -
m E EENE
2 2
w, - Phk’ gy PLL @
L2 L2

The actual state of the rotational constraint is a mixture of the hinged and
fixed conditions. To simplify the analysis, the constraint coefficient method
was adopted, introducing the rotational constraint coefficients ¢t and ¢ as
follows:

C = Ker _ Kis , =1-¢ = 2Km 5)
s
Km 2Ky +Kp 2K + K
1
Ker = 2 1 (6)
7+7
Ks  Km

where K is the equivalent line stiffness of the composite beam; K is the
negative rotational stiffness of the composite beam corresponding to the
negative bending moment; and K, is the positive rotational stiffness of the
composite beam corresponding to the positive bending moment, as follows:

El El
Km = - Ky = -
L, L @)
where 1. is the section moment of inertia of the composige beam converted into
steel under the negative bending moment [14] and L' is the length of the

rotational spring, calculated as follows [15]:

L'= LG /1) +1 721, —1_[1,)
®)
For the calculation model of the composite beam—column substructure in
the elastic stage shown in Fig. 5, the vertical deformation v at the failure
column and the beam bending moments at the failure column My, and at the
side columns Mg, and Mg, were determined as follows:
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PL°L,% LL,

V=C\V,+CVy =————(———C; +C 9

s's fYf 3E|+L(L2 f s) 9)
PL,L

My =CMgy +Ct My, = éza%gaggq) (10)

PL,L,>
Mga =CtMg :—Iizz C an
PL L
Mgy =CtMy, :—Iiz 2 (12)

According to Eq. (9), the equation for the bearing capacity at the failure
column of the composite beam—column substructure in the elastic stage is
written as:

3El, Ly

PO = 2.2 2
1L (L Loc +Locy)

13)

It is easy to observe that the rotational constraint coefficient c; determines
where the plastic hinge appears earliest in the failure column and side column.
In the case where L;>L, and Mr.<MRgy, the plastic hinge might appear on the
right side of the failure column or at end b of the composite beam.

If the right side of the failure column yields earlier than end b of the
composite beam, then:

M,,L°

- - (14)
LyL, (L%, +2L,L,¢p)

Pin

However, if end b of the composite beam yields earlier than the right side of
the failure column, then:

M, L°
L’ LG

Note that:
1) When,

Py (15)

2
me S Pﬂ) = Cf < Mp—lz— ’
M LL+M_ [—2M_LL,

the right side of the failure column vyields earlier than end b of the
composite beam, and

_PLAL?
3El. L

PA:me

LL
Va (% Ct +C5) (16)

+

2) When,

M, L?
My, LL + M, L*=2M, LiL,

end b of the composite beam vyields earlier than the right side of the
failure column, and

me>P1b:Cf>

Pa=Pp> Va= =5 Cf +C) (17)
Here, P, and v, are the values corresponding to Point A on the
load—deformation curve of the failure column (Fig. 3).

3.2. Elastic—plastic stage

The elastic—plastic stage occurs between the elastic and plastic stages. To
simplify analysis, a linear transition between the stages was adopted, so the
equation for the bearing capacity at the failure column of the composite
beam—column frame is as follows:
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P@ZM(V—VA)-F Pa (18)
Vg —Va

where Pg and vg are the values corresponding to Point B in Fig. 3. The
end of the elastic—plastic stage is marked by the development of plastic hinges
on both sides of the failure column and at beam ends a and b. The calculation
model at this time is shown in Fig. 6, where 6; and 0, are the beam end angles
opposite the failure column, ignoring the bending deformation of the
composite beam. According to the principle of virtual work (excluding the
axial force and axial deformation in the composite beam), and referring to the
calculation method of the deflection of a simply supported composite
beam[16], the corresponding bearing capacity and deformation can be
obtained as follows:

My ¢ i 02 Mp.

Mo ' My, OO
Lu . Lo
L
Fig.6. Analysis model in the plastic stage
L
SMx0=P4 = Pg=(M,_+M,,)—— (19)
Ll L2
3

_PL (L -L,7)? (20)

5 9JB3EIL

By substituting these expressions for Pg and vg into Eq. (18), the correlation
between bearing capacity and deformation at the failure column in the
elastic—plastic stage can be obtained.

3.3. Plastic stage

In the plastic stage, plastic hinges appear on both sides of the failure
column and at beam ends a and b, and the resistance of the frame no longer
increases. In this case,P@=P=Pg and the axial tension in the composite beam
remains small. As the deformation increases, the internal force in the
composite beam changes from primarily a bending moment to a combined
bending moment and axial force. The catenary mechanism then gradually
becomes dominant and the structure enters the transient stage. The final
vertical deformation of the plastic stage vcwas analyzed using the conversion
process from the plastic hinge mechanism to the catenary mechanism. The
detailed derivation process is shown in section 3.4.

3.4. Transient stage

In the transient stage, due to the presence of axial force in the composite
beam, the axially constrained spring at the beam ends begins to participate in
the work. To simplify analysis, we assumed that the axial forces in the left and
right span beams are equal [9,17] and that there is no eccentricity. The
equivalent axial stiffness K. of the composite beam can then be given by:

K — 1
* /K, +1/K, +1/K,

1)

where K is the axial stiffness of the composite beam;A. is the sum of the
cross-sectional area of the steel beam and the area of the steel bars in the
concrete slab; Kqs = 48El/LSis the axial stiffness provided by the side column,
where ¢ is the section moment of inertia of the column; and Kk is the axial
restraint stiffness provided by the perimeter members of the beam—column
joint.

The calculation model of the composite beam—column frame in the
transient stage is shown in Fig. 7. As the deformation increases, the axially
constrained spring at the composite beam end is continuously elongated. If the
left span is analyzed, the geometric relationship can be approximated as
follows:

L% =v?+(L -D,)? 22)

2
D, =v?/2L, )

380

oD, =vev/ L, "

where D, is the horizontal deformation of composite beam end a. Similar
relationships can be written with Dy:

_\2
D, =v°/2L, (25)

an = V8V/ L2 (26)

According to the rigid plastic hinge model, the horizontal deformation of the
beam end includes the axial spring deformation and plastic hinge deformation.

! Lu ! L2 |

Fig.7. Analysis model in the transient stage

Hence, the total elastic elongation of the equivalent axial spring of the
composite beam is as follows:

De =D, + Dy, - me+ - Dpa— - pr— @7
whereDym+, Dpe., and Dy are the positive bending moment of the plastic hinge
at the failure column of the composite beam, and the negative bending
moment of the plastic hinges at the composite beam ends a and b, respectively.
The axial tension provided by the axial spring is:

N =K,.D, (28)
With the differential of Eq. (28) given by:

ON = K,0D, (29)
Substituting Eq. (27) into Eq. (29):

0N =K, (0D, +8D,, — Dy, — Dy —Dy, ) (30)
According to the plastic yield flow criterion,

aD,N, =3G,M, (3

where N, is the plastic axial force of the composite beam section. My/N; is
defined as r,, where positive and negative bending moments in the plastic
hinge corresponds to r, and r,, respectively. Ignoring the bending
deformation of the beam, for a rigid plastic hinge, the plastic angular
increment is approximated by:

00, =vIL, 86, =aviL,, 06, =LoviLL, @2

Substituting Eq. (31) and (32) into Eq. (30):

aN:Ke(@+@—ﬂrp+—@rp,—ﬂrp,) (33)
Ll I-2 I-1L2 Ll L2

The plastic stage (Phase (3) in Fig. 3) was assumed to have no axial
tension, where vc of the failure column at the end of the plastic stage (the
beginning of the transient stage) was determined using Eq. (32) as:

Vo =lpy + 1o (34)
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Integrating Eq. (32), the axial force N is obtained as follows:

K.L
N = ZL:LZ V-1, - rp_)2 (35)

The force in the composite beam—column frame under progressive collapse in
the transient stage is thus as shown in Fig. 8 (considering the left span for
analysis).

Fig.8. Force diagram of the composite beam in the transient stage

According to the relevant equation for bending moment and axial force
(Eq. (1)), combined with the torque balance condition shown in Fig.9:

M_+M, +Nv=P_L, (36)
M, +M,, +Nv—(r, +1,)]=P, L @7

The equation for bearing capacity of the failure column in the transient stage
is thus:

p=t M emye Ky (38)
- p- p+ p+ " p-

LL, 2L°L,°

At the end of the transient stage, the axial tension causes the composite beam
to reach full-section yield (in which the bending moment in the beam is zero
and the beam mechanism has ceased to function altogether). Then, the
deformation of Point D in Fig. 3 is obtained from Eq. (35) as:

2N, L L
Vp =My, +1, + Kpiliz (39)
e

By substituting vp from Eq. (39) into Eq. (38), the corresponding bearing
capacity Pp at Point D can be obtained.

3.5.Catenary stage

In the catenary stage, the axial force in the composite beam section
reaches Ny and then remains unchanged. As the deformation increases, the
effect of the catenary mechanism becomes increasingly significant. At this
time, the bending moment in the beam is ignored, and the composite beam
represents the tensile force of the two-bar system. Therefore, the bearing
capacity at the failure column is written as:

L
PG =
I-1L2

N pV (40)

Related studies [18] have shown that when the relative v of the failure column
exceeds one-fifth of the short beam span, frame failure can be considered as
the collapse failure criterion of the structure.

4. Analysis of anti-collapse mechanism
4.1. Experimental tests

Previously, a progressive collapse test of a 1/3-scale composite
beam-column frame consisting of four spans connected by rigid joints was
conducted [19]. The dimensions and joint details of the specimen are shown in
Figs. 9a and 9b.The steel columns and beams were H200>200>8>12 (mm)
and H200x100>6.5>8 (mm) sections, respectively, of Q235B Chinese grade
material. The concrete strength grade was C30, the thickness of the concrete
slab was 100 mm, the concrete cube compressive strength was 24.5 MPa, and
its elastic modulus was 2.65 x 10* MPa. The steel bars in the concrete slab
wereHPB235 and were arranged in the slab as shown in Fig. 9c. A summary
of the material properties of the steel components are listed in Table 1.

(a) Dimensions of the test specimen
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Fig. 9. Composite beam—column frame test specimen (dimensions in mm)

Table 1
Material properties of the steel used in the test specimens

Yield strength ~ Tension strength

Elastic modulus

Components f, fu
(MPa) (MPa) E >10°(MPa)

Column flange 269 401 1.96
Column web 275 411 2.09
Beam flange 247 396 2.00
Beam web 276 415 1.98
08 325 487 1.96
¢ 12 331 464 1.95

Loading point

—

\

Fixed connection \ Failure column

Fixed connection

Fixed connection Fixed comfiection

Fig. 10. Numerical analysis model of composite beam—column frame
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Fig. 11. Stress-strain relationship of concrete
4.2. Numerical simulation

The numerical analysis model of the composite beam-column frame
established in ABAQUS in a previous study [19] was used here, as shown in
Fig.10. The beam—column members and the concrete slab were all constructed
using C3D8R solid elements, and the steel bars in the concrete slab were
constructed using T3D2 truss elements. The steel material was represented by
the double-fold line constitutive model; its Poisson's ratio was 0.3 and the
material properties shown in Table 1were used as input data. The concrete
material was represented by the stress—strain relationship of C30 concrete as
recommended in Appendix C of the Concrete Structure Design Code
GB50010-2010 [20], as shown in Fig.11. The modeling method is described
in detail in Section 6.2.

4.3. Numerical simulation and experimental results

A comparison of the bearing capacity—deformation curves determined
using the numerical simulation (FE1) and experiments (Test) at the failure
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column is shown in Fig.12. In general, the results of the numerical simulation
agreed well with those of the experiment. However, because the arch action is
not fully described in the numerical simulation, the first bearing capacity peak
(around point B’) was not obvious in the modeled curve. Overall, the
numerical analysis model established here simulates the collapse resistance of
composite beam-—column frames after the failure of the middle column quite
well, and can be used for analysis of progressive collapse of similar
substructures.

Load(kN)
= = N N W W S '
o [Sa) o a1 o a o a1
o o o o o o o o

a1
o

0 1 1 1 1 1 1 1 1 1
0 50 100 150 200 250 300 350 400 450 500
Deformation(mm)

Fig. 12. Comparison between load-deformation curves from the numerical simulation
(FE1)and experiments (Test). Points A—E are as defined in Fig. 3, while point B' is the
point of peak load.

4.4. Verification of theoretical equation

Figure 13 shows a comparison of the load—deformation curves of the test
results, numerical simulations, and theoretical equation (SM1). The theoretical
curve better matched that of the experimental results in the initial stages
compared to the numerical simulation curve, although the stiffness was
greatly overestimated by the theoretical equation in the catenary stage
compared to the other curves. This was mainly due to the fact that the side
span of the frame selected in the physical test cannot provide sufficient axial
constraint for the failure span; hence, the horizontal restraint stiffness of the
composite beam of the failure span was too small to fully develop the catenary
effect.

500
450
400 .
350
g 300
3 250
3200
150
100
50

00 50 100 150 200 250 300 350 400 450 500
Deformation(mm)
Fig.13.Load-displacement curves produced using the theoretical equation (SM1),
numerical simulation (FE1), and experimental results (Test)

We applied an effective axial lateral constraint to both ends of the model
(ends A and E shown in Fig.9a), which resulted in curve FE2 from the
numerical simulation, as shown in Fig.14.Although the lateral constraint
boundary condition has little effect on the initial stage of collapse, when the
frame enters the transient stage, the ultimate anti-collapse bearing capacity of
the structure significantly increased and its deformation significantly reduced.
The FE2 curve matched that of the theoretical equation (SM1) extremely well
in the catenary stage; hence, the axial constraint applied at the beam ends
provided a more accurate description of the actual catenary mechanism of the
structure in the late stage of collapse.
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Deformation(mm)
Fig. 14. Comparison of the load—displacement curves using the theoretical equations
(SM1) compared to numerical simulations with (FE2) and without (FE1) axial
constraints.

5. Analysis of arch action
5.1. Calculation of arch action

The application of a concentrated load at the failure column causes the
beam ends at the side column to be subjected to a negative bending moment.
As the applied load increases, the crack developed in the upper tension zone
of the composite beam section near the side column will continue to develop,
resulting in the neutral axis (bending axis) moving downward. However, the
beam end section at the failure column is subjected to a positive bending
moment, where the neutral axis is biased toward the concrete slab. Therefore,
the curved neutral axis of the cross-section at both ends of the composite
beam is not in a horizontal plane, but rather in the form of an arch, which
results in a load distribution referred to as the arch action, as shown in
Fig.15.Under the arch action of the composite beam shown in Fig.15, the
rotating end sections of the composite beams at the failure column form the
crown of the arch, and the rotating end sections of the composite beams at the
side column form the haunches of the arch, resulting in an arch rib in the
oblique direction with a height of4.

=)
T M+ i M+ ™7

~ =
T leepe A A~ |
M. — A\ M-
,J\fi ,\/x,
L L./2 1 L./2 | L2/2 L L2/2 L
T T A A

-
Fig. 15. Arch action of beams under applied load
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Fig. 16. Arch spring model of a beam under applied load

K

If the axial constraint of the composite beam is simplified to a spring
constraint with stiffness Kg, the arch spring model shown in Fig.16 is obtained
[19]. In this model, in addition to the diagonal arch rib members, the lower
flange and a portion of the web are considered as spring-loaded members. The
oblique arch rib member and the spring rod member are connected by an
incompressible rigid rod member (in which the beam—column joint at the
failure column is considered to be a rigid body). Here, lo; and lg,are defined as
the lengths of the ribs, wherelg,=(L;2+4%)0.5 and lo,=(L,*+4%)"0.5.

Under the applied vertical load at the failure column, the horizontal
deformations of the beam ends at the side columns are d; and d,, and the
spring deformation elongations ared;andd,, respectively, as shown in Fig.17.
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Fig.17. Deformation of the arch spring model

ForA,=v,then:

4 =4-v

(41)
For the left half of the span:
d1=\/|012_4’12 _L1=\/|012_(A_V)2_L1 “2)
8=Vl 47— L = VPl (4w - L )
For the right half of the span:
d2:\/|022,42,|_2 :\/IUZZ*(A*V)Zsz (44)
S, :\/V2+|022—A12 -L, :\/V2+|022—(A—V)2 -L, @)
P
PZ P3

Fig.18. Force diagram of the composite beams under arch action

The forces in the composite beams under the conditions of arch action are
shown in Fig. 18. According to the equilibrium condition, this force can be
obtained as follows:

\ v
P =P :
VUL 48 L +6, @5)
Pzi: Kdd1+Pe31 L1
I01 Ll + 51 (47)
Psi: Kdd2+P52 LZ
02 LZ + 52
(48) Pb‘l = K61 X 51 , Pesz = K52 X 52 (49)
p-p+p A=V, pAa=v
IOl IOZ (50)
where K;is the axial spring stiffness of the rod, calculated by:
E E
Ksi = as T Ky = Az
L, L, (51)

Ac1 and A, are the areas of the steel beams on each side of the failure column
below the mid-span oblique rib line prior to column failure[19], as shown in
Fig. 15.Substituting Egs. (46)—(49) into Eq. (50) yields:
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P, = (LE‘&l + LEUY W+ (A-V)
L+é L+6, (VSA) (52)
X Kd(L2d1+ L1d2) + K6]51 + K5252
LL, L+o, L,+0,

When the vertical deformation of the failure column is v=4, the
extrapolated horizontal displacements of the beam ends will reach their
maximum value. As the vertical deformation of the failure column continues
to increase, the horizontal displacements of the beam ends begin to decrease
(pulling inward). At this point, the arch effect fails, and Eq. (52) is no longer
applicable. To simplify analysis, the symmetric curve v=Ais used to represent
the entire arch action phase. WhenA<v<24:

Ko +7K5252 )(2A —V) +(V—A)

L+o L,+6,

X Kd(L2d1+L1d2)+ K&Ié‘l + K52§2
LL, L+ L,+0,

(A<v<2a) (53)

PA:(

It should be noted that arch action mainly occurs during the small
deformation stage; therefore, it usually functions in the first three stages of
progressive collapse, especially during the initial collapse resistance of the
plastic stage. According to the superposition principle combined with the
theoretical equations of the different collapse stages, the equations for the
bearing capacity of the composite beam-column frame considering arch
action were obtained:

PO+ P,
P@ +P,
P®+P,
P@ + P,
P& +P,

54
P} = (54)

When v<4, P,is calculated using Eq. (52); when A4<v<24, P, is calculated
using Eq. (53); and when v>24, P, = 0.

5.2. Experimental verification of arch action

A comparison between the theoretical calculation results and
experimental curves with and without arch action is shown in Fig.19. The
theoretical results considering arch action (SM2) better matched the
experimental curve (Test). Therefore, it is necessary to consider the influence
of arch action in the analysis of the anti-collapse behavior of a structure in the
early stages.

A numerical comparison ofexperimental and theoretical results at key
points is shown in Table 2. The theoretical results consideringarch action
(SM2) were more similar to the experimental ones (Test) than the results that
did not consider arch action(SM1). The deviations in the force and
deformation
between the theoretical and experimental results were no more than 4%. It can
also be observed that the superposition of the calculated arch action upon each
stage met the accuracy requirements of engineering calculations.

500
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Fig. 19. Comparison of load—displacement curves from theoretical calculations with
(SM2) and without (SM1) considering arch action and experimental results (Test)
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It is known from error analysis that arch action can delay the time at
which a structure enters the plastic stage, providing conditions for
deformation development of the structure. This effect can significantly
increase the peak load of the structure so that the initial bearing capacity of the
structure is improved, but has almost no effect on the collapse resistance in
later stages. In general, arch action has a positive effect on the collapse
resistance of the structure.

6. Numerical analysis
6.1. Specimen design

To verify the reliability of the theoretical equations for the anti-collapse
analysis of a composite beam-column frame with unequal spans, several
specimens with different span ratios were evaluated. The span ratio of the
left-to-right beam (L;:L;) was set to 1:1, 1:1.5, and 1:2, where the length of the
right span L, was 3000 mm, 4500 mm, and 6000 mm, respectively, the length
of the left span L; was 3000 mm (standard span), and the length of column L.
was 3000 mm. The dimensions of the steel column and beam were
HW300>300x<10>16 (mm) and HW300>200>8x=12 (mm), respectively. The
concrete strength grade was C30, the thickness of the concrete slab was 100
mm, and the effective width of the slab was 1200 mm. Longitudinal HPB300
steel bars were arranged on the top and bottom of the concrete slab and
attached to the beam end baffles. The upper row of longitudinal steel bars and
the distributed steel bars formed a steel mesh, and the reinforcement ratio was
calculated to meet the design requirements. The composite floor slab and steel
beams were connected by shear studs with a diameter of 19 mm and a length
of 80 mm. The studs were arranged in a double row with a spacing of 210 mm.
The dimensions of the concrete slab and slab reinforcement are shown in
Fig.20.

$8@200 $10@120

- .
$8@180

| 1200 |

Fig. 20. Arrangement of steel bars in the concrete floor slabs (in mm)

6.2. Numerical model

In the numerical model, the steel was considered an ideal elastic—plastic
material with a yield strength of 235 MPa, an elastic modulus of 2.06x10°
MPa and a Poisson's ratio of 0.3. The concrete was modeled using the
stress—strain relationship of C30 concrete as recommended in Appendix C of
the Concrete Structure Design Code GB50010-2010 [20], as shown in Fig.11.
The numerical model used the three-dimensional truss unit T3D2 to simulate
the steel bars in the slab, while the eight-node reduced integral solid element
C3D8R was used to model the other components.

The welds between the beam and column sections were simulated by a tie
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constraint. The steel bars and studs in the concrete slab were treated as
embedded units. The interfaces between the bolts, webs, and shear tabs were
defined as general contacts. Friction was represented by an isotropic Coulomb
model, with an assumed friction coefficient of 0.3, as commonly used for
steel-to-steel contact. Considering the influence of large deformations in the
calculation, displacement control was used, and the corresponding amplitude
was applied in a smooth analysis step. It should be noted that the middle
position of the side column must be connected to the fixed connecting plate by
establishing an axial connecting unit to simulate the pair of peripheral
members, capturing the effects of the frame on the collapse resistance, in
which the axial restraint stiffness is K. The boundary conditions and the mesh
division of the numerical model of the composite beam—column substructure
are shown in Fig.21.

Constrained in XY direction

. ._t Loading point

Constrained i

X,Y direction

Failure column e
Fixed
connection

Axial

connector 4 Axial

connector

Hinge Hinge

Fig. 21. Numerical model of composite beam—column substructure with unequal
spans

6.3. Validation of the model

Figure 22 compares the results of the numerical simulations with the
theoretical results for the composite beam—column frames with different span
ratios. With increasing span ratio, the initial stiffness of the composite
beam-column frame decreased, and the catenary effect is postponed,
providing conditions for the development of structural deformation. However,
the different span ratios had a significant influence on the bearing capacity of
the rigid-joint composite beam—column frame. For the same standard span, the
geometry with unequal spans had lower resistance to structural collapse.
Notably, the composite beam—column frame is subjected to vertical loads.
Because of the high stiffness of the short-span beam, it is subjected to a large
load as the internal force is redistributed, resulting in the short-span beam
yielding earlier than the long-span beam and subsequent destruction of the
structure. Finally, the catenary effect of the long-span beam was not fully
developed, and the vertical bearing capacity of the structure decreasedwith
increasing span ratio. The main reason for the mismatch between the
theoretical and numerical results in the transient stage may be due to the
theoretical modelnot considering the role of stud tightening, while the M-N
relationship (Eqg. (1)) used in the transient stage does not fully reflect the
bending-tensile performance of the composite joint.

Table 2. Comparison of the key points of the P-v curves of the composite beam—column frame

Key points Test?® SM1 SM2 Deviation
P(kN) v(mm) Pi(kN) vi(mm) Py(kN)  vy(mm) P/P, P/P, vivy VIV,
A 183 10 184 10 184 10 0.99 099 1.00 1.00
B 252 31 256 36 256 31 0.98 098 086 1.00
B’ 278 55 256 - 274 55 1.09 1.01 - 1.00
C 252 157 256 163 256 163 0.98 098 096 0.96
D 338 274 345 268 345 268 0.98 0.98 1.02 1.02
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Fig. 22. Load-deformation curves from theoretical calculations (SM) andthe
numerical model (FE) for different span ratios

0 1
0 100

In general, the theoretical and numerical results for structures with
different span ratios agreed well, indicating that the theoretical equations
provide a high degree of accuracy and meet engineering design requirements.
Therefore, the proposed equations can be confidently used as the basis for the
evaluation of the anti-collapse resistance of steel-frame structures. It should be
pointed out that this work mainly considers the collapse resistance of steel
frames connected by rigid joints. When evaluating the more popular
semi-rigid joints, due to the diversity of forms, there will be a significant
difference in the initial rotational stiffness and the resistance mechanisms of
the composite joints under positive and negative bending moments, which will
have a large impact on the overall force distribution within the structure.
Therefore, the determination and verification of an accurate and reliable
evaluation method for the collapse resistance of steel frames connected by
semi-rigid joints requires further analysis of systematic test data.

7. Conclusion

An anti-collapse calculation model supported by both axial and rotational
spring constraints was proposed to investigate a composite beam-column
frame with unequal spans.According to the different stress states, the
progressive collapse of the structure was divided into five resistance stages
and the anti-collapse mechanism was analyzed. The load—deformation curves
of the composite beam—column frame at different stages under unequal spans
wereanalyzed in detail, and the influence of arch action was fully considered.
The entire progressive collapse process was analyzed, indicating that the
stress state changed from predominantly bending, to mixed bending-tensile,
and finally to a tensile-dominated mechanism resisting the external load. The
major conclusions of this study are as follows:

1) The arch action and catenary effect were generated under axial and
rotational constraints at the beam ends of the composite beam—column frame.
This arch action effectively increased the peak load of the structure in the
plastic stage.

2) The theoretical relationship considering arch action described the
corresponding experimental results well, indicating that this equation has a
high degree of credibility.

3) The numerical analysis and theoretical calculations of the structural
behavior with unequal spans showed that with increasing the left-to-right
spanratio, the initial stiffness and ultimate bearing capacity of the composite
beam-column frame decreased. Hence, unequal spans are not conducive to the
development of arch action. Therefore, a structure with equal spans is
preferable for improving anti-collapse bearing capacity.

4) The versatility of the theoretical equations derived here was verified by
numerical examples with various unequal spans, where the theoretical
equations satisfied the accuracy requirements of engineering calculations.
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ABSTRACT

ARTICLE HISTORY

A new seismic failure criterion is proposed for the Kiewit-8 (K8) dome subjected to earthquakes based on key structural
parameters. Firstly, the K8 dome models were built in the finite-element package ANSY'S after considering the key struc-
tural design parameters. Secondly, the incremental dynamic analysis was undertaken resulting in a typical structural dam-
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age index Ds. These were introduced to undertake the nonlinear dynamic response history analyses at each increased level

of seismic records intensity and permitted the calculation of collapse loads of domes. Three hundred three -dimensional
seismic records based on the main influential factors of ground motion were selected as input seismic waves. Thirdly, the
lognormal distribution was selected to appraise collapse loads to gain the dynamic collapse fragility curves for domes
after comparing three maximum likelihoods. Then, the lower bound collapse loads with 95% probability of non-exceed-
ance changing with structural parameters were determined. Finally, relationships between lower bound collapse loads and
five key structural parameters were separated out by using numerical matching methods, followed by a new seismic failure
criterion for all the relationships including the five key structural parameters and a safety factor of 1.5. The new seismic
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failure criterion will contribute to the safe design and construction of these excellent space structures worldwide, particu- ance

larly in the countries which are prone to earthquakes.
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1. Introduction

Single-layer domes are adopted worldwidely as long-span roofs in recent dec-
ades [1-3] because of their advantages, such as their good aesthetic appearance,
large space coverage capability and sound structural performance. Current re-
search work is mainly focused on the structural response [4-10], collapse [11-
13] of the steel structure under different loads through experiment and numeri-
cal simulation analysis [14-18], considering stability and buckling [19-22].
Only few reports have investigated the structural dynamic failure modes [17, 19,
23, 24] and the seismic failure loads when the single-layer reticulated shells are
subject to earthquakes. Especially in countries prone to earthquakes (or tremor),
design methods considering not only static but also dynamic behavior are re-
quired. In the technical manual for designing and analyzing the space structures
[25], the maximum displacement is restricted to 1/400 of the shortest span of
the single-layer domes under the action of static loads and frequent tremors. But
there are no design guidelines at present to deal with the design of single-layer
domes subjected to severe tremors. Currently, the design process for single-
layer domes under strong earthquakes are mainly referring to general steel struc-
ture guidelines and the engineer’s experience [26-28]. In these circumstances,
Zhi [23] empirically proposed two different criteria for predicting the failure
loads of Kiewit-8 (K8) domes and cylindrical reticulated shells by determining
the maximum nodal displacement and structural plastic deformation. However,
the existing dynamic criteria need to be determined by undertaking a series of
numerical analyses using finite element software, which is complicated and time
consuming for the structural engineer. Therefore, there is a need to develop a
systematic, practical and fast method to estimate the limit load of these shell
structures.

In this paper, typical single-layer dome models of the K8 domes [23] were
built in the finite-element package ANSY'S [29]. This was undertaken after con-
sidering key structural factors, which have a great effect on the dynamic
failure loads of these kind of structures. Secondly, an incremental dynamic anal-
ysis (IDA) [30] with a typical structural damage index D [23] were used to
conduct nonlinear dynamic response history analyses (RHAs) at each
increased level of seismic records intensity. This was used to determine
the collapse loads of the domes whose failure modes were dynamic strength
failure. For considering the action of the properties of earthquake waves on the
failure loads, three hundred three-dimensional seismic records from the data-
base of the COSMOS [31] on the basis of the main influential factors of
ground motion, such as earthquake magnitude, distance, focal mechanism
and site class, were selected as input seismic waves to obtain collapse fragility
curves for the domes. Thirdly, the lognormal distribution [32] was selected to
fit the collapse loads to obtain the collapse fragility curves for the domes under
the action of seismic waves after comparing the results from lognormal, Weibull

[33], and Gamma distributions [34, 35]. The lower bound collapse loads with
95% probability of non-exceedance [28, 36-38] changing with structural roof
weights, spans, rise to span ratios and tube sections were determined based on
the collapse fragility curves. Finally, relationships between the lower bound col-
lapse loads and five key structural design parameters were separately selected
out by numerical matching methods, followed by a new seismic failure criterion,
a general equation, for all the relationships including the five key structural pa-
rameters and a safety factor of 1.5 [39]. The reason for the relatively higher
safety factor is that the value of the statistical life [40-42] is significantly higher
comparing with the cost of dome construction, which could increase the safety
of the dome structures and reduce the risk of death.

2. Factors to be considered in the ultimate load evaluation and the dome
models

2.1 Factors

The domes should be safely and properly designed not to buckle or collapse
under design loads. The calculation of the critical load corresponding to the
collapse stage under the action of earthquakes should consider several factors,
such as membrane action, structural configuration, boundary conditions,
materials, members, nodes, connections between members and nodes,
geometric imperfections, load distribution, peak ground motion and the duration
as well as the frequency of the ground motions. The following gives a short
explanation of the key factors considered in the ultimate load evaluation.

The membrane action is the membrane stresses prevailing in the shell-like
structures. The domes generally resist external loads through membrane action
with relatively low bending moments, in a similar way to continuous shells.
Accordingly, the K8 domes used in this paper were designed and modeled as
thin shell-like forms. To comply with this assumption, the shape and boundary
conditions should be compatible with the membrane action, leading to a state of
small bending moments. In these types of thin structures, appropriate measures
are required for avoiding shell-like collapse.

The support types greatly influence the behaviour of the domes. In general,
the buckling failure load or collapse load is higher in the case of pin-support
where the supports are fixed against translation but free for rotation, than in the
case of simple-support where the supports are fixed against only vertical
translation. The failure load is higher in the case of simple-support conditions
than that in the case of free edges if the form and members are the same for each
particular dome.

The members used in the reticulated shell were considered to be fabricated
from high strength, ductile steel. The ultimate load should be evaluated taking
into consideration the effects of Young’s modulus, yield stress, and residual
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stress in the fabricated members.

The members and nodes are the fundamental elements of domes. The
member slenderness ratio, subtended half angle and the arrangement of
members are regarded as the key factors for the ultimate load of the dome.

The connection between members mainly refers to the rigidity and strength
provided at the connections. It is well known that when the bending stiffness at
a connection is high enough, the ultimate loads can be increased on account of
the full rigidity at the connection, while the ultimate load will be reduced if the
joint rigidity is low.

Geometric imperfections are classified roughly into global geometrical
imperfections associated with nodal deviations and member crookedness. In the
case of the domes, the geometric imperfections should be considered when
evaluating ultimate loads, and the magnitude of real imperfections should be as
small as possible.

The load distribution includes uniform loads, asymmetric snow
accumulation, and combined loads of uniform and concentrated areas over a
local region.

The peak ground motion and the duration, as well as the frequency, are the
three fundamental parameters of ground motions. All of them can change the
ultimate load of the domes subjected to earthquakes.

2.2. Single-layer dome models
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In view of the above factors, the K8 dome [23] and its classification, the
members and the material of the members are presented in Figs 1a, b, c and d,
respectively. The RHAs was carried out for the dome models with all the sup-
ports fixed against translation but free for rotation. The joints between the mem-
bers were taken as rigid, which is in accordance with most of the constructed
structures. The span L and rise f could control the shape of the dome. The
PIPE20 [29] element was chosen to simulate the structural members which yield
stress and Young’s modulus are 235 MPa and 2.0610° MPa, respectively. The
bilinear isotropic hardening model for all of the elements was adopted. The roof
weight including cladding is equivalent to the surface area supported and the
lumped masses applied to the nodes are described by the point elements
MASS21 [29]. The dead load distributions are all uniform loads for all domes
selected in this paper. Rayleigh damping was assumed here, whose damping
ratio was empirically set to be 0.02. The consistent mode imperfection method
was adopted to consider the geometric imperfections referring to the technical
manual [25], and the maximum value of the consistent mode was 1/300 of the
span L. Other parameters of the selected domes were designed to meet the tech-
nical manual [25], such as tube slenderness ratio, subtended half angle and the
arrangement of members. The basic configurations of the domes are listed in
Table 1, other cases with changed parameters complying with the basic config-
urations, such as different uniform roof weight, spans, rise to span ratios and
cross sections, are shown in Appendix Table 1.

D 40 20 3

Reciprocal of
rise-span ratio

Roof weight (<10kg/m?)
Span (m)

Dome

(b) Classification of the domes

Stress

™~

Yield Point

£l

Strain

(d) The material of the members

Fig. 1. The K8 dome system

The pipe20 [29] element can resist axial force, bending moment, shear, torque,
etc. Meanwhile, the element has plastic, creep and swelling capabilities, and by
using it, it is possible to output nodal displacements (including the nodal dis-
placements in three directions at a node), member forces for nodes, shear strains,
Table 1
Labels and parameters of the K8 system

strain energy, and so on. In addition, there were eight integration points distrib-
uted uniformly around the cross-section of the pipe20 element presented in
Fig.1c, which can output all the data information mentioned above.

Roof weight Cross section (mm)
Dome label Span (m) Rise to span ratio
including cladding (kg/m?) radial and hoop members oblique members
D40203 40 200 1/3 146>6 140>6
D40205 40 200 1/5 146>6 140>6
D40207 40 200 17 146>6 140>6
D50063 50 60 1/3 168>6 152>6
D50065 50 60 1/5 168>6 152>6
D50067 50 60 17 168>6 152>6
D60063 60 60 1/3 194>6 168>6
D60065 60 60 1/5 194>6 168>6
D60067 60 60 17 194>6 168>6
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3. The failure load (PGA), seismic records, and the lower bound failure load
as well as its safety factor

3.1. The failure loads (PGA) of the domes

To obtain the collapse load of these structures, Ibarra and Krawinkler [43, 44]
proposed using IDA method [30] to estimate the collapse load of the selected
dome for each seismic record. Obtaining the dynamic collapse loads is a time-
consuming job. In this study, the collapse states of the dome include dynamic
instability and dynamic strength failure according to the definition of Zhi [23].
It is easy to judge the failure modes and failure loads for the dynamic instability
as described in the literature [23]. However, it is difficult to discriminate its
failure mode accurately for the dynamic strength failure because of the terrible
plastic deformation and overall displacements before structures topple down.
Here a failure criterion proposed in literature [23] is used to calculate failure
loads of the domes whose failure modes are dynamic strength failure. The equa-
tion of the index D; can be defined as:

Ds3.2J(F%_)[100[(DLD6)2+(:)2}+R11+R§,]J )

where Ds is the structural damage index; H and L are the height and span of the
dome, respectively; D refers to the nodal displacement, whose value is the larg-
est comparing with other nodes in the selected dome; D, accounts for the largest
elastic displacement before entering plastic state; ¢, means the average strain for
the global dome; ¢, equals the strain of steel when the failure occurred; Ry, and
Rep are the plastic ratios of the members.

3.2. The seismic records

It is known to all that all the information contained in the seismic records,
such as PGAs, durations and frequencies, can affect the structural dynamic re-
sponse. In order to consider these factors as far as possible, three hundred seis-
mic records from the database of the COSMOS [31] were selected as input seis-
mic waves. In this paper, three hundred three-dimensional seismic records were
selected from seven earthquakes on the basis of the main influential factors
of ground motion mentioned above. The ratio of the PGAs along the three
directions, X, Y and Z, was modulated into 1: 0.85 : 0.65 for all the seismic
waves according to the technical manual [25], and the 90% energy duration T4
(Ta =T, - T, AE = E(T,) - E(T1) = 90% E,, where E, is the total energy) was
adopted to calculate the durations of the input seismic waves.

3.3. Three probability distributions and the lower bound collapse load of the
dome

Here, three hundred seismic records were selected to obtain the failure fragil-
ity curve based on three probability distributions, namely lognormal, Weibull
and Gamma distributions, whose PDF and CDF are given by [32 - 35], presented
in Eq. (2) — Eq. (8):
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where fx(x) and Fx(x) denote the PDF and CDF of the Lognormal distribution,
X is the log-normally distributed random variable, x is the failure load PGA, u
and ¢ account for the mean value and standard deviation, ® is the CDF of the
standard normal distribution; f(x; 4, k) and F(x; 4, k) are the PDF and CDF of
the Weibull distribution, k > 0 and 4 > 0 refer to the shape parameter and the
scale parameter; f(x; k, 0) and F(x; k, 6) equal the PDF and CDF of the Gamma
distribution.

In addition, in this paper the Kolmogorov-Smirnov test [34, 35] was used to
calculate the confidence level for the three probability distributions. It quantifi-
cationally analyzes the deviations between the hypothesized CDF Fx(x) and the
measured cumulative histogram, which can be given by

D= mrelixHF*(X“))f F, (x“))H - mnax{

i=1 i=1

Ly (X(i))H )

n

where X@ is the ith largest observed value in the random sample of size n.

After this, the PDF and CDF for the collapse loads of D40205 under the ac-
tion of the three hundred ground motions are presented in Fig. 2 that have been
fitted to the simulation results by lognormal, Weibull, and Gamma method. It
can be seen from Fig. 2 that the lognormal distribution is the best fit to the dy-
namic failure loads and approximately satisfies the above test method with 95%
confidence interval in agreement with these figures in Zhong’s doctoral disser-
tation [45]. Hence, the lognormal distribution will be adopted to analyzing the
dynamic failure fragility curves in this paper. The dome D40205 has a median
dynamic failure load of 22.10m/s?, whose logarithmic standard deviation is
0.2084. This dispersion only considered the uncertainty of ground motion, not
included modeling uncertainty.

In practical engineering, a 95% probability of non-exceedance [28, 52, 36,
37] was the most commonly used to obtain a design value with credible and
confidence intervals. In this paper the 95% confidence limit was also adopted
to discriminate the lower bound collapse loads for domes subjected to the se-
lected seismic records. In other words, the structural collapse loads for all the
selected seismic waves would be larger than the lower bound collapse loads
with 95% probability.

1
0.8
0.6
& s
() 4
0.4 /
/ o Simulation Results
0.2 === |_ognormal Distribution
===Weibull Distribution
0 + Gamma Distribution

0 15 20 25 30 35 40
PGA (m/s?)

Fig. 2 The distributions for D40205 subjected to different seismic records

3.4. The safety factor and its rational

A dome should have sufficient capability to carry limit loads/design loads, as
shown in Fig. 3, without large deformation detrimental to its serviceability state
and load-bearing state. The ultimate load here is the load on the structure corre-
sponding to ultimate point in Fig. 3, namely, corresponding to the collapse state.
The ultimate loads of the domes can be calculated using FEA software. How-
ever, there is not a reasonable method to evaluate the limit loads/design loads
for domes subjected to strong earthquakes at present. In the field of aircraft

structures, the limit loads/design loads can be estimated by dividing the ultimate
loads by, a factor of safety, 1.5, and the failure probability of the aircraft can be
accepted. Because of the significance of domes, the same factor of uncertainty
of 1.5 has been used to evaluate the limit loads/design loads, which can be ob-
tained approximately using equation (10).
U
L= ﬁ (10)

where the Uy is the ultimate loads and the Dy is the limit loads/design loads.

To confirm the rationality of the safety factor, the PGA-Displacement curve
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for D40205 is shown in Fig. 3. In Fig. 3 the structural yield point denotes that
the structure enters the plastic stage as shown in Fig. 4a; the design state (as
shown in Fig. 4b) denotes the limit loads/design load and its corresponding dis-
placement; and the ultimate point (as shown in Fig. 4c) denotes the structural
maximum load and displacement followed by the structure collapse as shown
in Fig. 4d.

18-

16

14

Ultimate point Structure collapse

24 Design state
104
84
64
44
24
04

PGA (m/s®)

Structural yield point

T T T T
0 1 2 3 4 5
Displacement (m)
Fig. 3 The PGA-Displacement curve of D40205

e

(a) 550gal (><10)

(c) 1730gal (1)

389

As shown in Fig. 3, the PGA corresponding to the design state, of 11.53m/s?,
exceeds the PGA associated with the structural yield point, which indicates that
the plastic yielding ability of the material has been partly used. Importantly, the
displacement 0.11 m, nearly equals 1/400 of the structural span, and is less than
1/100 of the span of the domes which was proposed as the ultimate value of the
critical displacement in reference [43] based on the statistical data and consid-
eration of the practical factors related to design, construction, service, mainte-
nance and restoration. In order to further verify the safety factor, Table 2 gives
the collapse load, design load/limit load and ratio of the displacement corre-
sponding to the design load/limit load to structure span for nine domes including
D40205 under the action of the Taft wave recorded by station of USGS station
1095 in Kern County earthquake in 1952. In most cases the ratios of the dis-
placement to the structural span are less than 1/100 as shown in Table 2. Only
two of the nine displacements are a little larger than 1/100, but they are both
very close to 1/100. These displacements can verify the sensibility of using a
safety factor of 1.5, to a certain extent.

(b) 1153gal (410)

(d) 1750gal (<L)

Fig. 4 The deformation of D40205 subjected to the Taft wave at four critical stages.

Table 2
The dynamic failure stage of nine typical domes subjected to Taft wave

Design load (m/s?) Displacement/span

Dome earthquake Collapse load (m/s2)
D40203 12.00 8.00 0.93/400
D40205 17.30 11.53 1.00/400
D40207 16.50 11.00 3.42/400
D50203 43.00 28.67 1.41/400
D50065 Taft wave 64.50 43.00 2.95/400
D50207 57.30 38.20 4.58/400
D60063 48.30 32.20 2.67/400
D60065 64.30 42.87 3.15/400
D60067 52.70 35.13 4.44/400
Note: the Collapse load and Design load are the peak ground acceleration (m/s?).
parameters
4. Relationship between the lower bound collapse load and key structural
Table 3
Twenty seismic waves selected from the three hundred seismic records
Number Stations Number Stations
1 CSMIP station 24272 11 CSMIP station 13879 Chino
2 CSMIP station 24401 12 MWD station 0709
3 CSMIP station 24399 13 CSMIP station 14828 Chino
4 CSMIP station 24207 14 CSMIP station 13095 Chino
5 CSMIP station 128 15 CSMIP station 23138 Chino
6 CSMIP station 24402 16 USGS station 0117
7 USC station 5361 17 TCU station 078
8 CSMIP station 23525 Chino 18 TCU station 116
9 USC station 0047 19 WNT station
10 CSMIP station 23842 Chino 20 USGS station 1095
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Empirically, the ultimate loads of the domes have a close relation with the
key structural factors like, dome spans, rise to span ratios, roof weights and
member cross section sizes. Hence, numerical simulations for the ultimate loads
of the domes with these key structural parameters mentioned above subjected
to earthquakes were performed. To attain the collapse fragility curves of the
ultimate loads and to reduce the computational effort, twenty seismic records
with different frequencies and durations were selected as input seismic waves
as shown in Table 3. Similarly, the IDA method was used to determine the col-
lapse load for each seismic record. After this, the CDF distributions for the
domes could be obtained based on the collapse loads, and the lower bound col-
lapse load for each dome could be simultaneously discriminated with 95% prob-
ability. The relationships between each key structural parameter would then be
analyzed independently, and an equation could be proposed to calculate the
lower bound collapse load for the domes based on the five structural parameters.

Table 4

390

In this study, the prime target was to look for the relationship between the ulti-
mate loads and the key structural parameters.

4.1. Relationship between lower bound collapse loads and roof weights

For buildings the relationship between the roof weights including cladding
and the lower bound collapse loads, the RHAs were performed in the ANSYS
software for a dome, whose span is 50 m and rise to span ratio is 1/5, with roof
weights 60 kg/m?, 100 kg/m?, 160 kg/m?, 200 kg/m?, 260 kg/m?, 300 kg/m?, 360
kg/m2, 400 kg/m? and 460 kg/m?, which covered all cases in engineering appli-
cations [46], subjected to the twenty seismic records listed in Table 3. The col-
lapse loads for the domes with different roof weights subjected to twenty seis-
mic records are listed in Table 4, and their collapse fragility curves are presented
in Fig. 5.

The collapse loads for the domes with different roof weights subjected to twenty seismic records

Collapse loads (m/s?)

Number
60 kg/m? 100 kg/m? 160 kg/m? 200 kg/m? 260 kg/m? 300 kg/m? 360 kg/m? 400 kg/m? 460 kg/m?
1 120.60 76.00 39.00 27.40 17.00 11.80 6.00 5.20 3.00
2 100.50 58.60 31.00 20.60 14.00 9.60 6.40 5.20 2.80
3 136.80 79.60 42.80 31.40 18.20 13.40 8.00 5.60 3.00
4 138.80 86.60 46.00 29.80 22.00 14.00 9.00 7.20 4.00
5 97.40 64.00 35.80 25.60 17.20 12.60 7.60 5.60 3.00
6 124.60 76.80 44.60 31.00 19.40 12.80 9.00 5.80 3.80
7 118.20 35.80 42.40 31.20 19.80 15.00 9.20 6.80 4.00
8 92.40 59.80 35.80 25.60 16.80 13.00 7.80 5.60 3.20
9 61.40 36.00 18.00 12.00 7.00 4.80 3.20 240 1.20
10 111.80 73.80 43.60 30.80 19.60 14.40 8.40 6.40 3.40
11 105.60 66.80 41.40 31.40 20.40 14.60 8.80 6.40 3.40
12 123.80 88.80 44.00 30.00 23.00 15.00 10.80 8.40 3.40
13 159.40 95.80 49.80 32.40 19.40 15.60 10.40 7.20 4.40
14 133.80 82.00 51.60 35.00 19.80 14.00 7.40 5.80 3.20
15 118.60 79.80 47.00 32.00 21.60 16.00 10.40 8.20 4.60
16 70.80 42.60 23.60 16.40 9.20 6.60 4.00 3.20 1.60
17 65.40 35.40 18.40 12.60 7.60 5.20 3.60 2.80 1.40
18 55.40 31.60 16.40 12.00 7.00 5.00 3.40 2.40 1.40
19 88.60 52.60 29.80 21.40 13.80 10.40 6.60 5.00 2.80
20 64.50 38.00 20.40 13.40 8.20 5.60 3.20 2.80 1.80
1 Empirically, the response variable LPGA can be written as a linear func-
tion of the predicator variable RW plus an error term. The linear prediction
; —=— 100 kg/m? g
0.6 dn — 160 kg/mz where ¢ is an independent random variable, and its distribution has mean 0
E —&—200 kg/m? and standard deviation o.
@)
AT¥ —5— 260 kg/m?
044 gm Table 5
== 300 kg/m' . . .
5 Lower bound collapse loads changing with roof weights
0.21 —¥— 360 kg/m
— 400 kg/m? Dome RW* (kg/m?) Lower bound Collapse load (m/s?)
— 2
: 460 kg/m D50065 60 60.50
0 50 100 150 200
2 D50105 100 32.50
PGA (m/s%)
Fig. 5 Collapse fragility curves for the domes with roof weights D50165 160 18.26
) - D50205 200 1145
The lower bound collapse loads with 95% probability of non-exceedance
changing with roof weights are given in Table 5 according to the failure D50265 260 720
fragility curves shown in Fig. 5. D50305 300 4.89
On the basis of Table 5, the relationship between logarithmic lower bound
. R D50365 360 3.28
collapse loads and roof weights are shown in Fig. 6. It demonstrates that
there is a strongly statistically significant trend between logarithmic lower D50405 400 253
bound collapse loads (LPGA) and roof weights (RW) with a very small var- D50465 460 138

iance 0.12.

*Roof Weight
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For these data, the least-squares method estimates of slope, intercept and
error term were 3=-0.009, 0=4.4055 and ¢=0.12, respectively. Therefore, the
linear prediction function (11) can be rewritten as

log(PGA) = —0.009RW +4.4055+0.12 12)

where RW € [60 kg/m?, 460 kg/m?] is the roof weight including cladding.
4.2. Relationship between lower bound collapse loads and structural spans

In this section, the dome, whose roof weight is 60 kg/m? and rise to span
ratio is 1/5, with spans 90 m, 85 m, 80 m, 75 m, 70 m, 65 m, 60 m, 50 m and
40 m were firstly selected as typical cases. Then the RHAs were performed
in the ANSY'S software for these typical cases subjected to the twenty seis-
mic records listed in Table 3. The collapse loads for the domes with different
spans subjected to twenty seismic records are listed in Table 6, and their
collapse fragility curves, lognormal distributions, are shown in Fig. 7.

The lower bound collapse loads with 95% probability of non-exceedance
changing with spans are then listed in Table 7 on the basis of the collapse
fragility curves shown in Fig. 7.

Table 6

391

On the basis of Table 7, the relationship between logarithmic lower
bound collapse loads and spans is shown in Fig. 8. It demonstrates that
there is also a strongly statistically significant trend between LPGA and
spans with a very small variance 0.2788.

5

LPGA (m/s%)
N w

-

o

-1

0 100 200 300 400 500
Roof Weight (kg/m?)
Fig. 6 Relationship between lower bound collapse loads and roof weights. (Note:
the natural logarithm LPGA=log (Lower bound collapse load))

The collapse loads for the domes with different spans subjected to twenty seismic records

Collapse loads (m/s?)

Number

90m 85m 80m 75m 70m 65m 60m 50 m 40m
1 2.70 7.00 11.60 18.00 24.80 33.20 50.20 120.60 240.00
2 1.60 5.20 9.80 14.80 21.80 29.80 43.00 100.50 169.80
3 4.00 13.80 21.60 29.60 37.80 48.40 64.80 136.80 226.80
4 3.50 8.00 14.00 19.00 25.00 35.00 56.00 138.80 208.40
5 3.20 8.20 12.00 17.60 22.40 31.00 44.80 97.40 165.00
6 2.70 7.80 13.80 18.80 27.60 38.60 55.60 124.60 239.20
7 3.40 9.80 16.60 21.20 31.60 44.00 57.60 118.20 192.60
8 1.50 4.80 10.00 15.40 22.80 32.80 46.80 92.40 166.00
9 0.88 2.80 4.40 8.20 11.00 14.60 22.60 61.40 119.80
10 1.70 6.60 12.00 18.60 28.00 39.00 55.60 111.80 204.00
11 2.20 7.00 12.20 17.40 26.80 34.60 39.80 105.60 184.60
12 4.60 9.80 15.60 19.60 29.00 36.00 56.00 123.80 256.00
13 3.50 10.40 16.60 24.40 34.20 47.80 68.60 159.40 317.80
14 3.00 7.80 13.60 19.60 30.00 42.00 62.00 133.80 250.00
15 3.10 11.00 17.60 23.00 30.60 39.40 58.00 118.60 196.00
16 1.06 3.20 5.60 9.00 14.00 20.80 30.00 70.80 141.40
17 0.80 2.80 5.40 7.80 10.60 16.20 23.20 65.40 134.00
18 0.70 2.60 4.40 7.40 11.40 17.00 23.40 55.40 110.40
19 1.70 4.60 8.00 12.40 19.20 28.20 41.20 88.60 166.00
20 0.96 3.00 5.80 8.60 12.00 16.60 24.40 64.50 130.20

Table 7 Referring to Equation (11), the relationship between lower bound collapse

Lower bound collapse loads changing with spans

Dome Span (m) Lower bound Collapse load (m/s2)

D90065 90 0.782
D85065 85 2.60

D80065 80 4.72

D75065 75 7.85

D70065 70 11.40
D65065 65 11.74
D60065 60 23.90
D50065 50 60.50
D40065 40 117.30

loads and spans could be given by:
log(PGA) = -0.0923L +8.6673+0.2788 (13)

where L € [40m, 90m] is the structural span.
4.3 Relationship between lower bound collapse loads and rise to span ratios

Here, the domes, whose span is 50 m and roof weight is 60 kg/m?, with rise
to span ratios 0.10, 0.15, 0.20, 0.25, 0.30, 0.35, 0.40, 0.45 and 0.5 were firstly
selected as typical cases. Then the RHAs were carried out in the ANSY'S soft-
ware for these typical cases subjected to the twenty seismic records listed in
Table 3. The collapse loads for the domes with nine rise to span ratios subjected
to twenty seismic records are given in Table 8, and their collapse fragility curves,
lognormal distributions, are shown in Fig. 9.

The lower bound collapse loads with 95% probability of non-exceedance
changing with rise to span ratios are presented in Table 9 based on the failure
fragility curves shown in Fig. 9. Based on Table 9, the relationship between



Ming Zhang et al.

logarithmic lower bound collapse loads and rise to span ratios is presented in
Fig. 10. According to the LPGA changing to the cubic curve model is the best
model among several different models of curve estimation with a very small

variance 0.1122.
1
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Fig. 7 Collapse fragility curves for the domes with different spans

Table 8
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Fig. 8 Relationship between lower bound collapse loads and spans

The collapse loads for the domes with nine rise to span ratios subjected to twenty seismic records

Collapse loads (m/s?)

Number
0.10 0.15 0.20 0.25 0.30 0.35 0.40 0.45 0.5
1 73.00 115.60 120.60 123.00 112.20 110.10 118.80 96.60 83.60
2 64.20 94.40 100.50 36.60 66.00 75.00 87.60 73.40 58.80
3 106.80 99.80 136.80 140.80 94.40 49.80 103.80 104.00 118.20
4 97.60 125.80 138.80 116.00 105.80 91.80 78.80 71.60 68.80
5 68.40 94.40 97.40 118.40 119.00 87.60 150.20 99.80 97.80
6 99.40 119.80 124.60 153.60 130.20 129.40 152.40 127.40 113.00
7 94.00 108.80 118.20 115.80 155.40 153.60 170.00 140.20 123.20
8 72.20 94.80 92.40 79.00 69.60 63.40 55.60 49.00 42.00
9 36.60 54.60 61.40 48.40 41.80 39.40 42.60 30.60 26.20
10 78.60 117.00 111.80 100.60 90.60 86.40 82.20 69.20 57.40
11 94.60 112.60 105.60 93.60 86.00 87.40 90.80 83.40 74.00
12 102.00 128.00 123.80 119.20 122.20 130.60 201.60 156.60 140.40
13 123.60 155.80 159.40 158.60 139.80 136.80 149.00 116.40 105.00
14 106.60 144.00 133.80 136.60 166.00 158.20 140.20 127.40 107.60
15 88.80 117.00 118.60 114.00 108.00 108.60 103.00 90.60 78.80
16 57.40 77.60 70.80 52.00 45.00 41.00 37.80 31.00 24.90
17 36.80 56.20 65.40 54.80 49.00 43.80 49.60 31.40
18 29.00 54.40 55.40 42.20 34.60 28.00 21.80 17.60 14.00
19 45.20 81.20 88.60 83.00 76.00 68.80 66.60 52.80 46.20
20 40.40 60.00 64.50 50.20 48.60 42.40 47.20 32.60 26.80
Table. 9
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Fig. 9 Collapse fragility curves of the domes with different rise to span ratios

Lower bound collapse loads changing with rise to span ratios

Ratio Lower bound Collapse load (m/s?)
0.10 35.35
0.15 57.20
0.20 60.50
0.25 41.88
0.30 40.00
0.35 33.92
0.40 32.93
0.45 26.94
0.50 21.25
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Fig. 10 Relationship between lower bound collapse loads and rise to span ratio
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Referring to Equation (11), the relationship between the lower bound collapse
loads and rise to span ratios could be given by:
log(PGA) =53.5354RSR*-57.3447RSR? +16.4657RSR +2.5404 +0.1122  (14)

where RSR € [0.1, 0.5] is the rise to span ratio.
4.4 Relationship between lower bound collapse loads and tube member thick-
nesses

In this section, the dome spans D50065 with tube member thicknesses A, B,
C, D, E and F were firstly selected as typical cases as shown in Table 11. Then
the RHAs were performed in ANSYSS software for these typical cases subjected
to the twenty seismic records listed in Table 3. The collapse loads for D50065
with different tube thicknesses subjected to twenty seismic records are listed in
Table 10, and their failure fragility curves, lognormal distributions, are shown
in Fig. 11.

Table 10

The collapse loads for D50065 with different tube thicknesses subjected to twenty seismic records

Collapse loads (m/s?)

Number
A B C D E F
1 106.00 120.60 127.20 150.40 162.80 149.80
2 86.00 100.50 103.60 121.20 119.60 135.60
3 118.00 136.80 146.00 159.80 220.00 215.80
4 117.20 138.80 140.00 160.20 164.00 149.60
5 86.60 97.40 99.20 122.00 119.80 144.60
6 107.60 124.60 126.60 152.40 171.60 186.80
7 101.20 118.20 120.00 156.60 166.20
81.00 92.40 93.40 109.40 114.40 128.00
9 50.40 61.40 62.40 76.60 74.60 84.80
10 96.80 111.80 113.00 133.20 141.20 157.80
11 87.20 105.60 106.60 123.40 130.60 144.40
12 104.60 123.80 124.60 154.60 169.60
13 131.60 159.40 159.80 192.60 212.80 243.60
14 112.60 133.80 136.00 159.60 177.60 196.20
15 104.60 118.60 121.00 147.00 163.00
16 58.60 70.80 71.80 85.60 85.20 96.80
17 53.60 65.40 66.40 79.40 77.60 89.60
18 46.40 55.40 56.40 68.00 70.20 80.40
19 77.20 88.60 90.00 105.00 119.60 133.20
20 54.80 64.50 65.60 80.40 81.80
1
Table. 11
08 Lower bound collapse loads changing with tube thicknesses
06t Tube dimensions:.outside diameter (mm)>Wall
b thickness (mm) Lower bound c;)llapse load
© o4 Radial and Hoop t1 Oblique t2 (m/s)
A 168.00>6.00 152.00>4.00 51.20
02 B 168.00>6.00 152.00>4.80 60.50
00 100 200 300 C 168.00>6.30 152.00>5.04 61.93
PGA (m/sz) D 168.00>8.00 152.00>6.40 70.86
Fig. 11 Collapse fragility curves for D50065 with different tube thicknesses E 168.00x10.00 152.00>8.00 73.56
F 168.0012.50 152.00>10.0 87.37

The lower bound collapse loads with 95% probability of non-exceedance
changing with tube thicknesses are presented in Table 11 on the basis of the
failure fragility curves given in Fig. 11. Based on Table 11, the relationship
between logarithmic lower bound collapse loads and member tube wall thick-
nesses is shown in Fig. 12. It demonstrates that there is also a strongly statisti-
cally significant trend between LPGA and tube wall thicknesses with a very
small variance 0.0455.

Referring to Equation (11), the relationship between lower bound collapse
loads and rise to span ratios could be given by:

LPGA =0.0629TH +3.6977 +0.0455 (15)

where TH € [5.0 mm, 12.5 mm] is the tube wall thickness.

Note: t1:t2=1:0.8
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Fig. 12 Relationship between lower bound collapse loads and tube wall thicknesses

4.5 Relationship between lower bound collapse loads and the tube outer diam-
eters

Table 12
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In this section, the dome spans D50065 with tube outer diameters A, B, C, D,
E, F, G, Hand I (shown in Table 13) were firstly selected as typical cases as
shown in Table 12. Then the RHAs were performed in ANSYS software for
these typical cases subjected to the twenty seismic records listed in Table 3. The
collapse loads for D50065 with different tube outer diameters subjected to
twenty seismic records are listed in Table 12, and their collapse fragility curves,
lognormal distributions, are shown in Fig. 13.

The lower bound collapse loads with 95% probability of non-exceedance
changing with tube outer diameters are also listed in Table 13 based on the col-
lapse fragility curves given in Fig. 13.

On the basis of Table 13, the relationship between logarithmic lower bound
collapse loads and logarithmic tube outer diameters is shown in Fig. 14. This
demonstrates that there is also a strongly statistically significant trend between
LPGA and logarithmic tube outer diameters with a very small variance 0.1645.

The relationship between LPGAs and logarithmic tube outer diameters could
be given by:

log(PGA) = 2.3243log(OD) —8.0037 +0.1645 (16)

where OD € [114.30 mm, 355.6 mm] is the tube outer diameter, log (OD) is
the logarithmic tube outer diameter.

The collapse loads for D50065 with different tube outer diameters subjected to twenty seismic records

Collapse loads (m/s?)

Number

A B c D E F G H |
1 27.60 59.20 127.20 180.80 248.60 306.00 347.40 437.00 450.00
2 27.20 50.60 103.60 140.60 187.60 228.80 254.00 341.60 343.40
3 38.00 73.40 146.00 215.80 269.60 299.80 376.60 486.40 562.20
4 33.20 75.80 140.00 161.20 201.80 262.20 312.00 374.00 445.40
5 24.00 51.60 99.20 149.80 184.60 230.20 270.00 326.00 386.60
6 31.40 67.20 126.60 173.40 243.00 298.40 348.60 490.00 449.00
7 33.40 65.00 120.00 165.60 213.40 259.40 380.60 362.80 485.20
8 30.20 54.60 93.40 121.80 152.20 181.00 211.80 255.40 293.20
9 14.00 27.20 62.40 87.80 116.80 148.60 184.40 270.40 299.40
10 34.80 66.80 113.00 151.80 241.40 239.00 285.00 364.20 386.80
11 29.20 56.80 106.60 143.60 184.60 223.20 278.60 345.80 428.80
12 30.60 65.60 124.60 177.80 245.80 314.20 390.60 485.40 572.00
13 38.60 77.60 159.80 235.00 310.80 395.80 469.00 503.80 681.60
14 32.00 69.00 136.00 195.60 241.40 290.60 346.40 448.80 477.80
15 35.00 70.60 121.00 155.60 103.60 230.40 271.60 346.00 384.40
16 19.20 37.00 71.80 96.60 125.20 154.20 183.40 232.60 273.80
17 15.00 27.60 66.40 93.40 123.00 146.00 180.00 253.00 283.80
18 16.00 30.20 56.40 76.00 95.60 112.20 132.20 169.60 188.60
19 25.80 46.80 90.00 118.00 148.40 186.20 229.00 283.40 307.40
20 15.80 32.00 65.60 90.00 113.80 138.80 171.00 250.20 269.20
Table. 13

CDF

600
PGA (m/s?)
Fig. 13 Collapse fragility curves for D50065 with different tube outer diameters

Lower bound collapse loads changing with tube outer parameters

Outer parameters (mm>mm) Lower bound collapse load

Radial and Hoop D1 Oblique D2 (ms?)
A 114.30>6.30 102.90>6.04 15.60
B 139.70>6.30 125.70>5.04 29.75
C 168.00>6.30 152.00>5.04 61.93
D 193.70>6.30 174.30>5.04 83.60
E 219.10>6.30 197.20>6.04 106.80
F 244.50>6.30 220.05>6.04 129.60
G 273.00>6.30 245.70>6.04 155.60
H 323.90>6.30 291.50>5.04 206.60
| 355.60>6.30 320.00>6.04 230.75

Note: D1:D2=1:0.9
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Fig. 14 Relationship between LPGAs and tube outer diameters

4.6 Failure acceleration considering the above key structural design parame-
ters

Based on Egs. (12) - (16), failure PGA corresponding to the lower bound
collapse loads and considering the safety factor in terms of the key structural
design parameters is then evaluated as follows.

PGA=éeXp[—0.0090RW —0.0923L +53.5354RSR® —57.3447RSR? an
+16.4657RSR +0.0629TH -+ 2.324310g(OD) —4.7194]
where RW € [60 kg, 460 kg] is the roof weight including cladding; L € [40
m, 90 m] is the structural span; RSR €[0.1, 0.5] is the rise to span ratio; TH €
[5.0 mm, 12.5 mm] is the tube thickness; OD €[114.30 mm, 355.6 mm] is the
tube outer diameter.

5. Verification of the fitting formulation and discussion
5.1 Verification

In order to verify the fitting formulation Eq. (17), the domes listed in Table 2
subjected to Taft wave which never participated in obtaining the fitting formu-
lation were selected to compare the failure PGAs. Then, the failure PGAs from
different domes calculated separately by using the FEM dynamic response anal-
ysis and the fitting formulation Eq. (17) are given in Table 14. Here, PGA; de-
notes the failure PGAs obtained by FEM dynamic response analysis, while
PGA, the PGAs obtained by the Eq. (17) according to the key structural design
parameters.

Table 14
The failure PGAs of nine domes obtained from two methods
Dome PGA: (m/s?) PGA: (m/s?)

D40203 12.00 10.81
D40205 17.30 15.01
D40207 16.50 13.72
D50203 43.00 22.35
D50205 64.50 31.03
D50207 57.30 28.37
D60063 48.30 12.40
D60065 64.30 17.22
D60067 52.70 15.75

From Table 14, the failure PGAs, PGA;, obtained from the FEM dynamic
response analysis are all larger than that PGA, from the fitting formulation Eq.
(17), which proves the rationality of the fitting formulation Eq. (17) based on
the key structural design parameters. The reason is that the failure PGAs, PGA,
corresponding to the lower bound collapse loads, calculated by the fitting for-
mulation Eq. (17) considering the safety factor in terms of the key structural
design parameters was obtained from their collapse fragility curves with 95%
probability of non-exceedance. While the failure PGAs, PGA,, from the FEM
dynamic response analysis depended solely upon one seismic wave, the TAFT
wave. For both cases, the domes with rise to span ratio 1/5 have relatively larger
failure PGAs than other rise to span ratios, namely this kind of structure with
rise to span ratio 1/5 can resist relatively larger three-dimensional seismic waves
comparing with the other cases.
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5.2. Discussions on the key structural design parameters

This poses a question about which structural parameter is more efficient for
an earthquake resistant structure, such as a large roof weight or small roof
weight for domes. (1) Fig. 6 illustrates that the LPGA, roof weight - based fun-
damental seismic capacity ratio, is a linear decreasing function of structural roof
weights. (2) It has the similar tendency that the LPGA decreases linearly de-
pending on the increasing structural span L as shown in Fig. 8. (3) As illustrated
in Fig. 10 in section 5.3, a dome with rise to span ratio 0.2 would seem superior
to a dome with other rise to span ratios subjected to three-dimensional seismic
waves. Therefore, it is recommended that a dome with rise to span ratio 0.2
should be considered for the structural design of dome space structures in seis-
mic regions. (4) For the parameter of tube cross section, the failure loads in-
creases following with the increase of tube wall thicknesses and outside diame-
ters as shown in Fig. 12 and Fig. 14. Compare to tube thickness, the outer diam-
eter has higher impact on the structural load bearing capacity, as the LPGA
ranges from 3.0 to 6.0 within the tube outer diameter range, while it ranges from
4.0 - 4.5 for the tube wall thickness changes. It is in agreement with the fact that
changing the tube outer diameters is more efficient to alter the cross-sectional
moment of inertia than changing tube thicknesses, which is a key factor for this
type of structure which have to resist substantial bending moments.

6. Conclusion

In this present study a new seismic failure criterion has been developed fo-
cusing on domes under seismic loads based on key structural design parameters.
The following conclusions are drawn.

(1) In developing the new seismic failure criterion, which has taken into ac-
count the functions of five important structural design parameters, roof weights,
spans, rise to span ratios, member tube wall thicknesses and tube outside diam-
eters, on the failure loads. Besides the five key structural design parameters, it
also considered the influence of the properties of earthquake on failure loads.
Hence three hundred three-dimensional seismic records from the database of
the COSMOS from seven earthquakes on the basis of the main influential
factors of ground motion were selected as input seismic waves to attain the
failure fragility curves of the dome structures.

(2) A safety factor 1.5 was introduced to translate the limit load into the de-
sign load, which could improve the safety of important large space structures.
The reason of the higher safety factor is that the value of the statistical life is
significantly higher comparing with the cost of the dome construction, which
could increase the safety of the dome structures and reduce the risk of death.

(3) The failure seismic loads estimated by the new seismic failure criterion is
the lower bound collapse loads with 95% probability of non-exceeded and con-
sidering the safety factor in terms of the five key structural design parameters.

(4) The logarithmic lower bound collapse loads (LPGA) are linear decreasing
functions of structural roof weights and span, but increase following with the
increase of tube member wall thicknesses and outside diameters within the cho-
sen range. Compare to the tube wall thickness, the outer diameter develops a
larger effect on the structural load-bearing capacity. For the rise to span ratio, a
cubic curve fits well the relation of the LPGA and the ratios, and a dome with a
rise to span ratio 0.2 would seem superior to a dome with other ratios subjected
to three-dimensional seismic waves.

(5) Further studies are required for domes with other structure factors, such
as membrane action, different configurations, boundary conditions, materials,
nodes, connections between members and nodes, geometric imperfection and
load distribution.
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Appendix Table 1. The domes with various structural parameters
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Cross section (mm)

. , ! -
Span (m) Roof weight (kg/m’) Ratio of rise-span radial and hoop members oblique members
60
100
Domes 160
with various roof 200
weights 50 260 0.20 168.00>6.00 152.0056.00
300
360
400
460
40
50
60
Domes 65
. . 70 60 0.20 168.00>6.00 152.00>5.00
with various spans 75
80
85
90
0.10
0.15
0.20
Domes 0.25
with various rise to span 50 60 0.30 168.00>6.00 152.00>6.00
ratios
0.35
0.40
0.45
0.50
168.00>6.00 152.00>4.00
168.00>6.00 152.00>4.80
) Pomes ) 168.00>6.30 152.00>6.04
with various tube thick- 50 60 0.20
nesses 168.00>8.00 152.00>6.40
168.00>10.00 152.00>8.00
168.0012.50 152.00>10.00
114.30>6.30 102.90>6.04
139.70>6.30 125.70>6.04
168.00>6.30 152.00>6.04
193.70>6.30 174.30>6.04
Domes
with various tube out- 50 60 0.2 219.10>6.30 197.20>5.04
side diameters 244.50>6.30 220.05>5.04
273.00>6.30 245.70>6.04
323.90>6.30 291.50>6.04
355.60>6.30 320.00>5.04
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ABSTRACT ARTICLEHISTORY
Space trusses are reticulate systems used worldwide because of their advantages in covering roofs with large free spaces. In Received: 26 May 2019
addition to having a low cost, the self-weight of such trusses is relatively reduced. The limitations on the use of these Revised: 17 August 2019
structures are mainly related to the fragility of the nodes, specifically those classified as typical nodes which may collapse Accepted: 01 September 2019

when submitted to service loads due to eccentricities generated by stamped connections. This fact restricts significantly the

use of space trusses. Considering this fact, the present research evaluates a reinforcement proposal for the typical
connections with a series of eighteen prototypes. The reinforcements tested are made with steel plates and spacers. In this
work, spacers are made of steel or sisal with fiber polymer resin. Such spacers are employed to correct part of the
eccentricities present at typical nodes. The experimental tests show an increase of about 40% of the resistant capacity of the
truss with the proposed reinforcement avoiding the early collapse of typical nodes. In truss prototypes with typical nodes,
local abrupt collapses always happened at nodes. In reinforced trusses, collapse took place by buckling of the bars at the top

chord of the prototypes, therefore, taking account of the bar full resistance.

Copyright © 2019 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Space trusses are reticulate lightweight structures in 3D geometric pattern
made of bars or tubes interlocked at nodes. They are frequently made of steel
tubes and used in the construction of roofs over large areas with few interior
supports. The reticulate tubes have several interconnections at nodes of the
intersections of the tubes, like top and bottom chords, and diagonals. Space
trusses are generally made with an assemblage of tetrahedral modules. There is
a variety of node connections, some patented, some of the public domain. The
simple and most used connection on 3D trusses is named "typical node" where
flattened-end tubes are put together with a single trespassing bolt [1].

The design of space trusses is, generally, based on a nodal system that
transmits only tensile and compression axial forces. The ideal node connection
is not conceived to transmit a bending moment [2], but just axial forces.
Therefore, in a real situation, the connection between bars or tubes must always
be designed to minimize bending stresses. However, this situation is usually not
possible for some connection, especially the typical connection with tubes with
flattened ends (Fig. 1). Other examples of connection nodes are pointed out in
Souza’s research [3] (Figs. 2 and 3).

Fig. 1 Typical node

Fig. 2 Steel node [3]

Fig. 3 Steel node made with plates [3]

Several patented systems of nodes may be found worldwide [4,5,6], (Figs.
4,5 and 6). Some node solutions can make the construction work expensive and
the execution of the space truss impractical. Usually, the simplest and
economical option is the use of the typical nodes. In such a connection the ends
of the tubes are stamped, flattened, and put together with a single trespassing
bolt (Fig. 1). This system is widely used due to its facilities in the manufacture,
transportation, assemblage, and low cost [8].

s

Fig. 5 Eco — Italy[5]
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Fig. 6 Triodetic — Canada [5]

This research motivation is related to the fact that the space trusses
frequently present local instabilities [8], especially, at the link between the tube
ends (Fig. 1). Such nodes present fragility when under stress, showing highly
distortions and local collapse before the buckling of the tubes - as can be
observed in (Fig. 7) [9]. This problem is explained by the geometric changes
generated at the tube ends [10], due to the smashing of the bar ends. This
produces eccentricities in the connections [7] reducing the load capacity of the
structure [11]. Some collapses of the connections have been reported, such as
the ones in Spain [11] and Brazil [12] (Fig. 8) [9]. Other examples of 3D truss
collapse in the world, like the dome in Romania, Burcharest, 1963, in Hartford
USA, 1978, in Malaysia, 2009, are reported in [13].

Fig. 8 Collapse of space trusses: (a) In Spain [11], (b) In Manaus [12]

Typical nodes, like the one in Fig. 1, show eccentricities E; and E, that can
be seen in Fig. 9 and such eccentricities contribute to local collapse. The
proposal for the solution of early local collapse at the nodes of 3D trusses with
typical nodes was to improve the efficiency of such connections. The correction
consists of removing, at least one of the eccentricities, E,, due to the flattened
ends of the tubes connected at the node - as shown in Fig. 09 [11]. Such
correction can be done with low-cost spacers easy to be applied (Fig. 10). Lab
tests show eccentricity E1 does not play an important role [11, 14].

E, Diagonal

Chord

r23 A -EZ

B

Fig. 7 Eccentricities [14]
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E, Diagonal

Fig. 8 Correcting eccentricity [14]

Space trusses are made of connections between tetrahedron or pyramids, as
shown in Figs. 8b and 10a. The use of spacers aims to reallocate the diagonal
bars (as in Fig. 10b) and, consequently, eliminate eccentricity E,. With a spacer
with height d (Fig. 10b), the moments at the typical node can be substantially
reduced. This is because normal forces generated by the diagonals can now
converge to the central axis of the chords. The distance d is given as a function
of the length of the chord I, the height H and the tube thickness t [11] (see Fig.
10a). Given E4, d can be calculated according to Equation 1:

__2HE g @
V2 -4E,

1.1. Preliminary steps in this research

Recent studies carried out in the Structural Laboratory of the Research
Group on Civil Engineering Structures (GPEEC) at the Federal University of
Cariri (UFCA) in prototypes [11, 14, 15] evaluated the performance of 3D
trusses with spacers correcting the typical nodes. Initially, twelve truss
specimens were tested in the Structural Lab of the University of Brasilia (UnB).
They were divided into groups of three prototypes with the following
differences: (1) Typical Connection (LTE), (2) Typical Connection with Steel
Spacer (LTDE), and (3) Typical Connection with Steel Spacer and Steel Plate

Bolt

Chord Spacer

Chord Diagonal Diagonal

Bolt Chord Bkt

Reinforcing plate

Spacer

Connection LTDME

Connection I.TDCEx .
(LTDCE), and (4) Typical Connection with Wood Spacer (LTDME), as shown
in Fig. 11 [14].

Fig. 9 Types of prototypes tested in the structural laboratories of UnB and UFCA.

The geometry of the pyramid module (Fig. 10a and 12) has the base and
height, respectively, equal to 1000 mm and 707 mm. With the use of steel
spacers, . the
tests in the

Space Truss LTE (mm)

prototypes indicated a resistance improvement of approximately 40% of the
load capacity in comparison with typical node connections, according to the
prototypes in Fig. 13.

Wood Spacer

Diagonal
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45 1
I (42 kN)

35 —— Model with modified node

30 ¢

»
“
:

»
,,,,,,,,,,,,,,,,,,,,,,,,,,,,,, e (25 kN)

20 4 1<

“
:

Total Load (kN)

10

s

0,0 50 10,0 150 20,0 25,0 30,0 35,0 40,0
Displacement (mm)

Fig. 10 Geometry of the prototype [15].

The results in Fig. 13 show that the LTE prototype presented local collapse
at the node with an average of collapse load of 25 kN and after reaching that
value, the truss collapsed globally. The use of typical nodes should be avoided
because the collapse of the node was abrupt. In this case, the maximum capacity
of the bars was not reached. Moreover, there was a 32.75% increase in
deflection compared to the prototypes with spacers. On the other hand, the
LTDE prototypes had a 35.9% increase in the resistance capacity compared to
LTE connection, with a 35.87 mm overall displacement.

Fig. 11 Average Load vs Displacements for prototypes with typical node and prototypes
with spacers (modified node) [1]

It is observed (Fig.14) an increase in stiffness due to eccentricity correction
since the mechanism of the collapse was by buckling of the bar. The LTDCE
(Fig.16) prototypes truss presented the best behavior. In this case, the resistance
gain was 40.77% compared to the LTE prototypes (Fig.15). The 31.75 mm
displacement proved the efficiency of the reinforcement plate on the connection,

—LTE Medianng
«seess LTDE Megian- NG

= =LTDCE Median- N9

Applied Force (kN)
o

= = LTDME Median NG

0 5 i 15 20 2% 0 as 40 a5 50
Displacement (mm )

increasing the node stiffness (Fig. 17). Finally, the LTDME (Fig. 18)
prototypes also showed better resistance than the LTE prototypes arriving to a
collapse load of 39.68 kN. Table 1 reports a summary of the tests.

Fig. 12 Average curves for Loads vs displacements for prototypes tested in [1].

Space Truss LTDE, LTDCE and LTDME

Fig. 13 Collapse for prototypes with LTE (25kN) [1].

—s— Model with typical node

400
Fig. 15 Collapse of LTDE (38kN) [14]
Table 1
Summary of the LT, LTD, LTDC, and LTME test results
Model of Dimensions Element Ultimate Collapse
Prototypes Connection  (mum) Chord Diagonal __ Spacer Load (kN) Mode
PROT 1 LT1 16¢ 25 = 1060 16¢ 25 = 1076 ----- 25.33 Nede collapse
PROT 2 LT2  2000x2000 16 25 x 1060 16§ 25 * 1076 --—- 25.89 Node collapse
PROT 3 LT3 16¢ 25 = 1060 16@ 25 x 1076 ----- 25,78 Node collapse

PROT1  LTD1 16@ 25 % 1060 16¢ 25 x 1076 13 39.63
PROT 2 LTD2 2000x2000 160 25 % 1060 16 25 = 1076 13 40,14
PROT3  LTD3 16 25 x 1060 169 25 x 1076 13 36.91
PROT1  LIDC1 169 25 % 1060 16¢ 25 x 1076 13 4221
PROT2  LTDC2 2000x2000 160 25 x 1060 16@ 25 * 1076 13 42.13
PROT3  LIDC3 16@ 25 % 1060 169 25 x 1076 13 41.74
PROT1  LTMI 16@ 25 % 1060 16¢ 25 x 1076 13 39.10
PROT2  LTM2 2000x2000 150 25 x 1060 16¢ 25 % 1076 13 39.68
PROT3  LTM3 16@ 25 % 1060 169 25 = 1076 13 38.80

Local bar collapse
Local bar collapse
Local bar collapse
Bar stability
Bar stability
Bar stability
Bar stability
Bar stability
Bar stability

Fig. 16 Collapse of LTDME (P1 - 39kN)

In the Federal University of Cariri - UFCa, other spacers were developed
for applications to space trusses [1]. To tests such spacers, new prototypes in
real scale 6000 mm x 9000 mm were built up with pyramids connected through
their vertices. Each pyramid had a lateral length | = 1500 mm of square base and
height H = 1061 mm. The inclination angles of the diagonals were 45%elative
to the base plane of the pyramid. The steel tubes of the space truss were 38 mm
(1%2in) in diameter and 1.20 mm (0.047 in) thick.

The tubes were made from the Brazilian steel MR250, with properties
equivalent to the ASTM A36. In the reinforced nodes, a 4.76mm thick
reinforcement plate was used. Fig. 19 shows the typical node and Fig. 20 shows
the node corrected with spacers and reinforced with a superposing round plate

1.
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Fig. 17 Typical flat-
tened-end tubes connected
[11.
Fig. 18 Modified node
[1].

The results obtained in the lab experiments (Fig. 21) [1] showed that

35 #1 (35.1 kN)

==Model with modified node
—+~Model with typical node

5 24.0kN)

Total Load (kN)
'

0,0 20,0 40,0 60,0 80,0 100,0 120,0

Displacement (mm)

prototypes with typical connections presented excessive deformations of 106
mm at 24 kN collapse load. The LT prototypes collapsed locally at the node, as
can be seen in Fig. 22. The use of reinforced nodes with spacers and plate
resulted in a significant decrease of the deformations compared to the typical
node prototype of about 45 mm, for the same loading conditions. A buckling
collapse of the bars at the top chords in the prototype with spacers and
reinforcement plates was observed — see Fig. 23.

W sisa! fiber

Fig. 21 Collapse in modified typical node prototype (35.1kN) [1]
2. New experimental studies with new spacers
2.1. New materials for spacers used in this research

Although the previous studies [1] have demonstrated the efficiency of the
steel spacers in the typical nodes, their use, significantly, increases the cost and
the self-weight of the 3D truss. The present research evaluates the performance
of the connections with more economical spacers, comparing them with the
steel spacers. All prototypes were tested in the Structural Laboratory of the

401

Civil Engineering Department of the Federal University of Cariri.

Fiber-reinforced polymer (FRP) is a composite material made from a
fiber-reinforced polymer, widely used in the aerospace, automotive, marine,
and construction industries. The polymer is usually developed from a
thermosetting epoxy, vinyl ester, polyester resin or phenol-formaldehyde resin
and the fibers are generally glass, carbon, basalt, aramid, paper or wood. Based
on the worldwide adoption of FRP, a new material was used in the
manufacturing of spacers: sisal with resin. Sisal is a natural fiber [16] and
together with the resin resulted in a material with a high modulus of elasticity
and good mechanical strength [17]. Other advantages of this compound are the
low cost, renewable source and easy reachability in Brazil. The northeastern
region of Brazil is the world's largest sisal exporter with 52% of the whole
production. Brazilian sisal exportation is largely directed to Europe, Asia, and
North America [18, 19].

Sisal is a species native to Central America, with the botanical name of
Agave Sisalana (Fig. 24). Sisal fiber has traditionally been used in the textile
industry but has many other uses. Thus, this research developed a Polymer
Reinforced with Sisal Fiber (PRSF) as spacers to correct the typical nodes. The
following images show the sisal placed in the steel mold (Fig. 25) and soaked
with epoxy resin (Fig. 26), after two hours the spacer is extracted from the mold,
see Fig. 27. Finally, the details of the constituent elements of the space truss, as
well as their dimensions and specifications are presented in Fig. 28.

Fig. 22 Sisal farm [15]

Fig. 23 Steel mold for make as space with PRSF

Fig. 24 Mold filled with resin and sisal fibers [15]

Fig. 25 Spacer made with sisal and resin PRSF [15].
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1500 mm
T 1440mm

~32mm - -26mm -

1464 mm
1404 mm

_—
Figure (a)- Steel bhr of the space truss

Figure (b)- Angle of the diagonal in the space truss Figure (c)- Steel Spacel, =250 MPa

and ¢ 75mm

Bolt ¢ 10 mm and 80mm length

Figure (e)- Fiberglass reinforced
polymer spacer ¢ 75mm

Fig. 26 Detail of the assembly of prototypes

2.2. Methodology to assemble the space truss

The experimental tests evaluated six prototypes, two for each type of the
three connections: (1) Typical Connection without spacer (LT), (2) Typical
Connection with Steel Spacer (LTDA), and (3) Typical Connection with Sisal
Spacer (LTDS). The prototypes were made of 192 bars, and 56 nodes. Of all
bars, 96 were diagonals, 38 top chords, and 58 bottom chords, Fig. 29. The
connections were done with bolts, nuts, washers, spacers, and reinforcement
plates, depending on the prototype under test — see Figs. 30, 31 and 32. The tests
used new tubes for each connection type tested. Tubes were made of MR 250
steel with engineering properties similar to ASTM A36 steel (yielding stress,
Fy = 250 MPa) as the twelve initial experiments at UnB. The 3D trusses were
assembled in the same way, with different spacers. Table 2 summarizes the
prototypes tested and also presents the collapse load of each prototype.

Table 2

Denomination of Prototype
Prototypes [dentification Designation TOHE}LI'Dad Collapse
PROT1 LTOl Typical Connection LT without 3090  Node Collapse
PROT2 LTO2 spacer 30.4 Node Collapse
PROT3 LTDAO1 Typical Connection With Steel 424 Bar Buckling
PROT4  LTDA 02 Spacer 425 Bar Buckling
PROTS5 LTDSO0L Typical Connection with Sisal 42,0 Bar Buckling
PROT6 LTDS 02 Spacer 44,90 Bar Buckling

Top chord

Diagonal

Fig. 27 Prototype of the space truss with typical connection LT

S3mm

Figure (d)- Steel plate 90x90mm#7mm.
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Fig. 29 Example of LTDA

Fig. 30 Example of LTDS

2.3. Experimental Program

The space trusses were raised as shown in Fig. 33. The instrumentation
process began with the placement of load cells, reading panels, analog
deflectometers, and steel cables to apply the load to the truss through the
hydraulic jacks. After the tests, the data obtained through the load control
panels and deflectometers were processed. Results were arranged in graphs to
show the behavior of the 3D trusses relative to each type of node tested.

All the space trusses were assembled following a sequential connection of
bars keeping the symmetry of the truss. All prototypes were initially prepared
on the floor of the laboratory and then lifted by a hydraulic jack up to the top of
four steel columns. To standardize the tightening of all connection bolts, the
tightness of the bolt was measured with a torque meter with an intensity of 50
Nm - this value was previously calculated [11]. The data were obtained by
reading the loads on digital panels connected to load cells and analog
deflectometers attached to the connections. Fig. 34 shows the application of the
loads. The direction of the load application was in the direction of the
gravitational force so that the structure was pulled down by the hydraulic jacks
that were attached to the reaction floor of the laboratory.

Fig. 31 Prototypes in the Laboratory at UFCa [1]

The accuracy of the deflectometer was 0.01 mm and the maximum reading
was 30 mm. Each load cell had a capacity of 20 kN. Load-measuring panels
were installed to monitor the loads applied from the hydraulic jacks. Four nodes
were used to transfer the load from the hydraulic jack to the truss prototypes.
The load was applied to the four nodes over a wooden block to avoid stress
concentration. The pressure of the hydraulic jacks was controlled by the pump
controller as shown in Fig. 35. The readings were performed at each 0.25 kN
load step. The applied load was gradually increased until the collapse of the 3D
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truss. The results were arranged in spreadsheets with the reading loads and the
respective displacements obtained from the deflectometers.

Indicator

DTI Support
Load cell

Fig. 32 Measuring system

Electric en

Oil box

Fig. 33 Hydraulic pump control

3. Results

Load vs displacement data from tests are now presented. Result data shows
the behavior of the different prototypes with different types of node
connections. The measurements were done during the whole loading process
until the overall collapse of the truss prototype is reached. The total applied
load is the sum of the loads (Q1, Q2, Q3, Q4) applied individually by the four
hydraulic jacks at the points as indicated in Fig. 36. The average displacement
is computed from the four reading points where the loads are applied. Thus,
X-Y graphs with displacements at the X-axis and loads at the Y-axis express the
overall behavior of the 3D trusses.

[ [Q_

. Load

. Restriction

6000

|
1500

! T,

9000

Fig. 34 Top view of the prototype (Units in Millimeter) [1]

3.1. Results of the Typical Node without Spacer

The two tests performed with the prototypes LT-01 and LT-02 presented
similar results as expected. The LT-01 prototype test showed the collapse of the
truss with an applied total load of 30.9 kN, with a mean displacement of 119.80
mm measured from the nodes of the applied loads - as can be seen in Fig. 37.

The values obtained in the second LT-02 test showed that its collapse
occurred at 30.4 kN load and 119.5 mm average deflection, see Figs. 38. This
shows the quality of the truss prototypes tested in this research.
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Results Test LT 01
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Fig. 35 Load versus Displacement for LT-01
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Fig. 36 Load versus displacement for LT-02

In agreement with the results obtained in previous studies [1, 2, 11, 12, 13],
when typical nodes are used, collapse happened locally at nodes. The deformed
connections at collapse showed significant rotations due to the presence of
bending moments. They also show excessive deformation and failure of the top
chords in the vicinity of the typical connection - see Figs. 39 and 40.

Fig. 37 Typical node collapse LT-01

7 8

Fig. 38 Typic:

al node collapse LT-02

3.2. Results of the Typical Node with Steel Spacer

The tests with these prototypes using LTDA spacers showed improvement
due to the eccentricity correction of the typical node. LTDA brought a
substantial decrease of the bending moments at the nodes and took advantage of
the maximum strength of the steel bars. LTDA-01 prototype came to rupture at
42.4 kN and 99.8 mm deflection, Fig. 41.

In the LTDA-02 prototype, the rupture was at 42.5 kN at an average
displacement of 107.2 mm (Fig. 42). In both prototypes collase took place at the
top chord of the trusses.
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Test Results LTDA 01
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Fig. 39 Load versus displacement for LTDA-01.
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Fig. 40 Load versus displacement for LTDA-02.

The collapse of the two prototypes tested was by buckling of the top chord
tubes, at the truss central span, see Fig. 43 and 44. It is observed a linear
behavior of the prototype LTDA-01 until reaching the load of 19.70 kN. In
prototype LTDA-02, collapse was of approximately at 20,04 kN compared to
10,05 kN of the LT-02 prototype. The distribution of load in the prototypes with
spacers resulted in a soft break by the buckling of top chords, and no local
distortion at nodes, see Fig. 45 and 46.

Fig. 43 No local collapse of node at chord buckling for LTDA-02
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Fig. 44 Detail of nodes for LTDA-02.

3.3. Results of the Typical Node with Sisal-Resin Spacer

Prototype LTDS-01 showed collapse at 42 kN and a respective average
displacement of 114.5 mm, see Fig. 47. The LTDS-02 prototype collapsed at
44.9 kN load with an average displacement of 95.00 mm, see Fig. 48.
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Fig. 45 Load versus Displacement for LTDS-01.
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Fig. 46 Load versus Displacement for LTDS-02.

The collapse identified in LTDS prototypes was by buckling due to the
compressed bars of the top chords, Fig. 49. All 56 connections were analyzed at
the end of the test and no local failure of the node was observed (see Fig. 50).
All spacers remained intact too, confirming the node resistance increase (Figs.
51 and 52).

Fig. 47 Buckling of the top cords for LTDS prototypes

o R —
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Fig. 50 Lateral Deformation
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Fig. 51 Average curves comparing prototypes ~performance in this research
3.4. Comparison of all the Tests

The graph in Fig. 53 shows the rates of the load vs displacement during the
experimental tests performed with different types of connections. The proposed
modifications represented substantial improvement in the strength of the
trusses when steel spacers or sisal-resin spacers are used. The increase in load
capacity was about 40% in the collapse loads compared to trusses with nodes
without spacers, the typical nodes commonly found worldwide. The tests
performed with the sisal-resin spacers showed goos performance and strength
increase of the truss. Collapse loads were, on average, 6% slightly better than
that obtained with the steel spacers. This minor improvement in strength may
be explained due to the lower self-weight of the sisal-resin spacers compared to
the overload steel spacers produce on trusses.

4. Conclusion

Space trusses with typical nodes made with tubes with flattened-ends
trespassed by a single bolt are used worldwide. They are easy to do, but this
type of connection may collapse at early load stage due to instabilities at such
typical nodes. This research proposed and tested a solution to how typical nodes
can gain resistance. Spacers and reinforcement plates were tested in 18
specimens of 3D trusses of two different dimensions. The test results reported
in this paper showed that spacers and reinforcement plates provide a significant
improvement of the typical nodes of about 40% gains in the load capacity of 3D
truss. The results show the effectiveness of spacers in correcting eccentricity in

405

3D trusses made with typical nodes. Tests done in prototypes with typical nodes
showed local instability of the nodes due to eccentricities. Prototypes tested
using typical nodes reinforced with steel plates and spacers showed that the bad
effect of eccentricities can be removed. With spacers, instead of the local
collapse of the nodes, truss collapse achieved the buckling of the compressed
tubes. This was observed in the tests of the prototypes with steel spacers
(LTDA-01 & LTDA-02) and with sisal-resin spacers (LTDS-01 & LTDS-02).
In both, the maximum strength of compressed tubes was reached.

The test results with sisal-resin spacers proved to be equivalent to the
results obtained with steel spacers — in fact, slightly better due to less
self-weight. Moreover, sisal-resin spacers have a low cost of production; they
are lightweight, easy to manufacture, and have high strength and availability.
More research is needed to confirm the results here obtained in 3D trusses with
other dimensions and geometries.
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