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ABSTRACT

ARTICLE HISTORY

In order to solve the instabilities, fracture failures, and difficult repairs of welded gusset plates in buckling-restrained
braced frames (BRBFs) under severe earthquakes, the idea of a full-length outer restraint BRB (FLBRB) is introduced.
This new brace consists of a cross-section core, two end-weakened connectors, and a full-length outer restraint. In this

Received: 20 September 2022
Revised: 29 January 2023
Accepted: 18 February 2023

paper, three FLBRBs with different parameters were designed, and their mechanical behaviors were evaluated through

quasi-static testing, including failure mode, stress distribution and hysteretic behavior. Besides, the refined FE models
were established and compared with the test. And the simplified bilinear load-displacement model and hysteretic rule
considering the degradation of unloading stiffness are proposed based on the experimental investigation and FE
simulation, the simplified bilinear load-displacement model and hysteretic rule considering the degradation of unloading
stiffness are proposed, as well as the formulas for calculating the stiffness of either loading or unloading. The results
demonstrate that the FLBRB has good hysteresis performance as it can confine the plastic to the weakened connectors and
the BRB. Furthermore, the simplified restoring force model was verified by comparing it with the experiment, indicating
that the load—displacement curve of the FLBRB could be accurately predicted by the suggested theoretical formula and
model. These research results can be adopted to provide theoretical foundation for the engineering application of the

FLBRB.

Copyright © 2023 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

As an traditional braced frame of structural steel, special concentrically
braced frames (SCBFs) have higher bearing capacity, excellent ductility, and
large lateral stiffness [1]. The connection between the frame and the brace are
welded with gusset plate in the conventional design, and so the stress
concentration is easy to generate in the joint field, which results in the brace
being over-stressed and prematurely rupture at the welded corner gusset
connection [2,3]. After a severe earthquake, such a permanently damaged
brace and connection are very difficult to repair or replace, resulting in a
structure not being able to restore its original form and function [4-6].
Although it is typical practice to design connections subjected to axial loads
only, the yield of joints and the post-buckling response of braces should be
balanced in the design process [7,8].

To address the aforementioned problems, researchers have made many
improvements and conducted numerous studies. Fleischman et al. [9-12]
applied cast modular components to beam-to-column connectors and nodes,
compared with traditional connections, these designs exhibited superior
energy dissipation and excellent ductility. De Oliveira et al. [13] proposed
using high-strength connectors for connection of circular hollow sections in
SCBFs, and connecting to the gusset plate by bolts or pins. Gary et al. [14]
proposed the yielding brace system (YBS) for SCBFs. Through special design,
the shear yielding elements at one end of the brace is designed for the
inelastic energy dissipation under seismic loading in this system.
Subsequently, the YBS has been further tested and developed [15,16].
Federico et al. [17] proposed a similar brace system called the floating brace
(FB) system. This new concept creates a strong, rigid, and flexible lateral
bracing system by using a series of special shaped plates at one end of a brace.
On this basis, Ward et al. [18,19] designed a ductile bracing system according
to the concept of “dog bone” [20], and introduced it to SCBFs. Through their
theoretical and experimental research of system, they provided corresponding
design methods and suggestions. Besides, Steven et al. [21] proposed an
alternative connection of the concentrically braced frames. This connection
can confine the damage to a replaceable module, while realizing rapid repair
and replacement. Finally, Zhao et al. [22,23] proposed a new type of joint
connection, which can effectively reducing the stress response at the joints of
frame through the sliding of gusset plates.

According to the commentary of the code of AISC [24], the damage of
SCBFs observed in previous severe earthquakes was generally caused by
insufficient ductility and corresponding brittle failures of the connections. In
addition, when the braces are compressed, they will buckle in advance,
leading to instability or even failure of the structure during severe earthquake

[5,25].

The researchers then proposed a buckling-restrained brace (BRB) and the
improvement and optimization research were carried out. Wakabayashi [26]
conducted an experimental study on BRB. Then, Watanabe et al. [27]
developed a BRB consisting of steel core and concrete-filled steel tube, and it
was verified by tension and compression tests that the BRB had excellent
energy dissipation performance. Tsai et al. [28] proposed double-core
configuration BRBs that reduce the length of the connecting section at the end
of the BRB to improve the stability of the regions, and tested their hysteretic
response experimentally. Jia et al. [29] conducted the quasi-static test on
concrete composite frame with BRB, and proposed the design suggestions to
improve the stability of BRB end connection.

For the BRBs is widely used in practical construction, the fabrication
materials, yield behavior, assembly and connection types of BRBs were
improved, including SMA BRBs, double-stage yield BRBs, and assembled
self-centering BRBs [30-33]. The corresponding design methods were
optimized [34-35]. Asto enhance the performance of BRBs further, Yin [36]
designed an improved double-tube BRB (IBRB), which set a series of contact
rings between the inner tube and the outer tube to improve the mechanical
properties of the double-tube BRB. Based on the advantages and good
mechanical properties of IBRBs, the author applied it to the EBFs [37].
Furthermore, Yin developed a novel assembled BRB with ductile castings
(CBRBs) [38,39], which solved the brittle failures of the gusset plates in the
buckling restrained brace frames (BRBFs). By changing the details and design
parameters of the CBRBs, the double-stage yield of the ductile castings and
BRB was realized. This formed a repairable and replaceable structural system.

Based on the research achievements mentioned above, we have designed
a new buckling-restrained brace with a full-length outer restraint (FLBRB),
that consists of a cross-section core, end-weakened connector, and full-length
outer restraint. The characteristics are as follows. The FLBRB is connected to
the frame through weakened connectors using bolt connections to replace the
traditional welded gusset plates. To avoid the brittle fractures and stress
concentrations in the joint field and to confine the inelastic deformation on the
end-weakened connectors, these connectors are repairable and replaceable
after severe earthquakes. Using the full-length outer sleeve as the buckling
restraint improves the stability of the end-weakened connector and avoids the
instability of the connecting section between the weakened connector and core
of BRB. Each part of the FLBRB is assembled with high-strength bolts on site,
forming a structure in which all components can be repaired and replaced.

In this paper, three different parameters of FLBRB were tested under
axial cyclic load. We analyzed its hysteretic behavior, developed the restoring
force model of the FLBRB based on theoretical analysis, and verified the
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experimental results. These results demonstrated that the FLBRB has stable

hysteretic behavior, while the load-displacement curve calculated by the The FLBRB consists of the cross-section core, end-weakened connector,

theoretical simplified bilinear model coincides fairly with the experimental and full-length outer restraint, as shown in Fig. 1. Each component is fabricated

results. The above conclusions are useful for further research of FLBRB in in the shop and assembled by bolts on site, thus reducing the erection time. The

steel frame. weakened connectors can confine the plastic deformation to this part, which
relieves the stress concentration at the beam-column joint, and effectively

2. Design of the FLBRB reduce the possibility of brittle fracture at the connection between the brace

and the frame.
2.1. Description of proposed FLBRB

Sliding connector ..
e

.

Full-length outer restraint

Weakened
connector

Core of BRB

High-strength bolts

(a) Components

(b) Fabrication

Fig. 1 Example of a figure

2.2. Specimen design shown in Fig. 2(a). The structure was designed according to the relevant
specifications, including the GB50011-2010 [40] and JGJ 99-2015 [41]. And
An 11-story frame was used as a prototype. The planned dimensions are the structure was scaled by 1/3 in consideration of the laboratory conditions.

T—\
\ FLBRB
Y
Lox g
Beam Column
) l ¥

6000x5

~
~

(a) Plane (b) Schematic of one-story one-bay

Fig. 2 Schematic diagram of FLBRB frame

Fig. 2(b) gives a schematic diagram of one-story one-bay structure with is an essential factor for the design of the structure. Prior to the research in this
FLBRB. The reasonable lateral stiffness distribution of the FLBRB and frame paper, the author completed the laboratory tests and numerical simulations of
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the BRBFs with ductile castings (CBRBSFs). The research results showed
that, when the lateral stiffness ratio is in a reasonable range [38], it is
conducive to the performance of brace in CBRBFs and the maximum
dissipation of seismic energy. Therefore, according to the recommended value
and following steps to design:

(1) The column and beam are designed according to the design conditions
including load and seismic intensity, etc. The horizontal stiffness of the frame
is calculated by the following equation, which is called the D-value method:

K, =2 12E:
H

@

3

where I, and E; are the cross-sectional moment of inertia and the Young’s
modulus of the column, respectively. H is the story height, & is a
correction coefficient [42].

(2) Ignoring the change of the angle between the horizontal line and the
FLBRB. (Fig. 2(b)). The lateral stiffness of the FLBRB is derived according
to Egs. (2) to (4):

The axial force of the FLBRB is:

F/B? +H? _ F_EsAAcosp
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Kg =F, /A =2E, A cos® Bsin g/H )
where Ay s the cross-sectional area of the inner of FLBRB; S isthe angle
between the horizontal line and FLBRB; B is the span of the structure.

(3) By combining the above Egs. (1) and (4), and defining the lateral
stiffness ratio of FLBRB and frame (the recommended ratio kK should be
between 1.5 and 3.0), the cross-section of the FLBRB can be determined:

A=k K. -H/Egsin Bcos® B (5)

According to the previous the theoretical and experimental research
[43,44], We found that three parameters had an obvious effect on the
hysteretic performance, including the width-to-thickness ratios and the lengths
of yielding segments of the weakened connectors, as well as the axial force
ratio N:

n=p,/Ps (6)
where P, and pg are the axial tensile and compressive yield strength of
the weakened connector and the core of BRB, respectively.

Thus, three FLBRB (termed FLBRB-1, FLBRB-2, and FLBRB-3) with

AL=A = 2 . . . Lo
cos EsAs JB2+H? @ different details (Table 1) were designed and conducted quasi-static tests. Due
to limitations of test equipment and conditions, the length of a specimen is
. . . designed to be half of the original according to the principle of symmetry. The
The corresponding horizontal force of the FLBRB is: details and dimensions of the FLBRB are shown in Fig. 3. Including
FLBRB-frame connection segment L, yielding segment L,(L.,), transition
E,A,ACOS’ B segment L;(L.s) , and weakened connector-BRB connection segment L, (L) .

F =Fcosf=—2—— 3) i} ; ;

X B2 +HZ The full-length sleeve as the outer restrained part is assembled by four equal
angles steel, which can improve the stability at the connection between a
weakened connector and BRB and restrain the buckling of the end-weakened

The lateral stiffness of the FLBRB is: connector [45].
93
Les Les Le Lee
39 74 13 692
= ‘o j% re (24
=~ G
Bt g e
Lﬂ 0 O 0o #6
16 L = ) Le 22
14%|s0/50] 8 ’74 ‘39 b4
Let Lez Lea Lt
425/435
Le
(a) Weakened connector (b) Core of BRB
1190
54, 143 39X4=156 808 3 164
3
’7 —
00000 o Ef :
] -
i AT i i i BH | f deeeEe
o000 B 5§
Ok
L, w
3-3
(c) FLBRB
Fig. 3 Schematic of FLBRB
Table 1
Parameters of weakened connector
Design Parameters
Number of Specimens
n L., /mm L,,/mm L ,/mm L., /mm H/mm t/mm
FLBRB-1 1.0 90 54
FLBRB-2 1.0 144 80 88 113 54 6
FLBRB-3 0.8 90 43
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3. Experimental process According to the test procedures recommended in the GB/T 228.1-2010
[46] and GB/T 2975-2018 [47]. Standard plate tensile coupons were prepared
3.1. Coupon Tests (Fig. 4) to test the steel properties, which are listed in Table 2 below.

Fig. 4 Coupon test of specimens

Table 2
Properties of steel
. Yield strength Ultimate strength Young’s modulus Elongation
Specimen
fy/Mpa fu/MPa E/MPa 1%
Weakened connector 237 424 232800 26
Core of BRB 240 450 220000 25
Full length outer restraint 340 500 210500 26
3.2. Loading device and protocol an electro-hydraulic jack, a rigid base, and a right-angle support simulating the
connection of the beam-column joint. The rigid base and right-angle support
The test was conducted in the western engineering research center. The were fixed by high-strength bolts of d = 20mm. And the surrounding of the
maximum output load of the vertical loading device was 2000 kN. The device electro-hydraulic jack was restrained by the scaffolds to prevent non-axial
consisted of a vertical loading frame and concrete reaction floor, equipped with displacement during loading, as shown in Fig. 5.

Loading frame Hydraulic jack

FLBRB

Weakened connector

Rigid base

Connecting base

(a) Details of vertical loading device (b) Connecting base (c) On-site

Fig. 5 Loading device

20 4

The displacement loading control recommended by the specification [48]
was implemented in this test. Fig. 6 showed the amplitudes of the loading, 154
which were Imm, 3mm and 5mm .... The test would be stopped until the

. 10 4
specimen was damaged.

N \/\/\/ ime

-10 4

Displacement
o

-15 4

220

Fig. 6 Loading Protocol
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3.3. Layout of measuring point

Fig. 7(a) shows the arrangements of displacement meters. Since the test
adopted vertical loading, the axial deformation of FLBRB and weakening

1#
3#
A#
H
S# 2#

(a) Arrangements of displacement meter

189

connector was measured by No. 1 and No. 2, respectively. In addition,
considering the possibility of non-axial deformations of FLBRB, the Nos.2 to
No.4 were arranged for measurement. And the arrangements of strain-gauge of
FLBRB are illustrated in Fig. 7(b).

(b) Arrangements of strain gauge

@ : Displacement meter (measure out-of-plane displacement); —llll— : Displacement meter(measure in-plane displacement); HEEE: Strain gauge

Fig. 7 Test point layout

3.4. Test description

The following rules were established: (1) Before the test, preloading was
required to test the device as well as eliminate the installation gap of specimen;
(2) Loading directions were downward positive and upward negative; and (3)
6 was defined as the story drift angle of the corresponding structure with
FLBRB.

Under cyclic loading, no obvious experimental phenomenon was observed
before 3 mm loading displacement (¢=1/210), and three specimens were in
the elastic stage. Starting from 5 mm (€ =1/125), closer inspection of readings
of the No. 2 displacement meter showed that the connection between the
weakened connector and BRB of FLBRB-1 slipped for a displacement of
approximately 2 mm in the axial direction, which was also observed in the other
specimens. Continuing the loading, it was found that the data of No. 1 and No. 2
displacement meters increased with the increasing test load, indicating that the
weakened connector and core of BRB begin to deform in axial compression and
tension. As the loading displacement approaching 7 mm (6=1/90), the
yielding segment of the weakened connector reached the yield first. Further
comparisons of data of displacement meters and strain gauges indicated that the
elongation and compression of a weakened connector are larger than those of
core of BRB. Moreover, the friction sound of the specimen was heard, and this
was due to the friction between the weakened connector and the inner of the
full-length outer restraint, resulting in the compression load of the specimen
being greater than the tensile load.

When the loading displacement was close to 13 mm (&=1/50), the
reading of Nos. 4 to 7 displacement meters changed slightly, and the core of the
BRB entered the elastic-plastic stage and twisted. Subsequently, it was
observed that the readings of the No. 1 and No. 2 displacement meters differed
by more than 3mm, and this was attributed to the increased bolts slipping at the
connection of the weakened connector and BRB. With the further increase of
the loading, the friction between the weakened connector and the outer restraint
intensified, resulting in the failure of some strain gauges, and the
core-high-order buckling began to appear at the displacement of 17 mm

(0=1/40). When the displacement finally loaded to 19 mm (€=1/35), the
loading-carrying capacity of FLBRB-1 and FLBRB-2 reached the peak value,
while that of FLBRB-3 began to dropped, thus the test was stopped.

3.5. Stress responses

The stress of each measuring point of the FLBRB in Fig. 7(b) was ana-
lyzed in the following description when the axial deformation of the specimen
was 3mm, 7mm, 13mm and 19mm, respectively.

A significant difference among the stress responses of the three specimens
was not evident. For simplicity, we took the stress data of FLBRB-1 as an
example to illustrate the main characteristics of the stress distribution. As
shown in Fig. 8(a), at the loading displacement of 3 mm (6=1/210), the stress
of each measuring point was small. When the axial deformation increased to 7
mm (6=1/90), the stress at points Nos. 1 to 4 of the weakened connector was
132.0 MPa, 223.8 MPa, 243.6 MPa, and 237.9 MPa, respectively, which
approached or exceeded the yield stress. This indicated that the weakened
connector began to yield and resulted in yielding deformation, while the core of
the BRB remained an elastic state, which the maximum stress response was
only 168.3 MPa. As the test continued, the stress responses of the BRB and
weakened connector rose with loading. When the axial deformation climbed to
13 mm (6 =1/50), the stress responses of Nos. 1 to 4 were 253.2 MPa, 301.1
MPa, 323.6 MPa, and 302.4 MPa, respectively, while the maximum stress
responses of Nos. 5 to 7 was 264.1 MPa. This result revealed that the plastic
deformation appeared in BRB, which dissipated seismic energy with the
weakened connector. It is noteworthy that the stress responses of the weakened
connector (points Nos. 1 to 4) were greater than that of the core of the BRB
(points Nos. 5 to 7) during the test process, as shown in  Fig. 8. These results
sufficiently demonstrate that the weakened connector began to yield before the
BRB supplemented the energy dissipation. More importantly, the above stress
responses and Yyield processes also satisfy the performance requirements of
elastic and elastic-plastic story drift angle limited value (©=1/250 and
60=1/50) recommended by the GB50011-2010.
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Fig. 8 Comparison of stress responses of weakened connector and core of BRB

3.6. Failure process

The loading phenomenon and failure mode of the three specimens
showing a basically consistent process during the test. At the loading level of
3 mm (6=1/210), three specimens were kept in elastic. When the axial
deformation was increased to 7 mm (€=1/90), note that the strain of the
weakened connector exceeded the yielding strain and had enter the plastic
stage. As the axial displacement approached 13 mm (6=1/50), the stress of

displacement expanded to 17 mm (&=1/40), the core-high-order buckling
phenomenon occurred at the FLBRB, as shown in Fig. 9. Finally, the BRB
and the weakened connector showed excessive deformation under axial cyclic
load, especially in the FLBEB-3, for which the failure mode belongs to the
fracturing due to the obvious deformation and buckling of the weakened
connector. The main reason is that the smaller axial force ratio lead to
premature buckling and fatigue failure at the yielding segment of the

the core of BRB showed that it also yielded to consume energy. When the

weakened connector under cyclic load. In summary, the failure process of the

three specimens were ductile failures.

(a) Weakened connector

(b) Core of BRB

(c) Disassemble the specimen

Fig. 9 Deformation of specimen

3.7. Hysteretic curve

The hysteretic curves of FLBRB-1, FLBRB-2, and FLBRB-3 are
presented in Fig. 10. The load-displacement loops of three specimens had a
shape of spindle and stable hysteretic capacity without obvious degradation
during the loading process. The energy dissipation coefficient E of FLBRB-1,

300

FLBRB-2, and FLBRB-3 were 2.38, 2.44, and 2.09, respectively, which
verified that the FLBRB can effectively dissipate energy under cyclic load,
and has excellent seismic behavior. What stood out in data from FLBRB-1
and FLBRB-2 was the coefficient E decreased with an increase in the length
of the yielding segment of the weakened connector. These conclusions are
consistent with the calculation of the total area of hysteretic curves.
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Fig. 10 Hysteretic Behavior of the FLBRB
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The load-displacement curves of all specimens were similar and
displayed a narrow shape during the initial stage. With the test progressed, it
was observed that the area surrounded by the curve gradually increased with a
increase of loading-carrying capacity, indicating that the weakening connector
began to enter the phase of elastic-plastic, and the plastic energy consumption
of the specimens increased steadily. When the loading reached a certain stage,
another noteworthy finding was that the asymmetry between the compression
and tension loading deteriorated as the friction interaction between the core of
FLBRB and the inner surface of the full-length outer restraint increased.

In the later phase of the test, the loading of the specimens increased
slowly and gradually achieved peak. Remarkably, the load of FLBRB-3 with
the minimum axial force ratio declined significantly due to premature failure.
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The main cause of this result was that the axial force ratio reduced to a certain
value that caused the weakened connector to become a weak component
during the late stage of the experiment, which was not conducive to the energy
consumption of the FLBRB. Consequently, the optimal axial force ratio was
recommended in the range of 0.9 to 1.0 to ensure the bearing and hysteretic
capacity of the specimen.

3.8. Skeleton curve

Fig. 11 shows skeleton curves of specimens, and related key parameters
of the skeleton curves are presented in Table 3.
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Fig. 11 Comparison of skeleton curves

A similar variation trend and loading-carrying capacity were observed
from the comparison of skeleton curves. All specimens remain elastic within
an axial displacement of approximately 5 mm. The initial stiffness in the
positive and the negative increased linearly. Notably, the initial stiffness of
FLBRB-2 was greater than that of the FLBRB-1, showing that the FLBRB-2
has higher yield load. With the progress of the test, the load increased at a
slower speed and the slope of the curve decreased gradually.

For FLBRB-1 and FLBRB-3, the stiffness of FLBRB-3 degraded seri-
ously at the later phase of test, and the ultimate strength of FLBRB-3, which
has a low axial force ratio, is dramatically lower than that of FLBRB-1. This
consequence further confirms the relationship between the loading-carrying
capacity and axial force ratio; that is, the low axial force corresponds to a
worsening energy dissipation and plasticity of the yielding segment of the
weakened connector. In addition, the process of decreasing the length of the
yielding segment of weakened connector is conducive to increasing the plas-
ticity of the weakened connector and the loading-carrying capacity of the
FLBRB.

4. Numerical simulation

(a) Core of FLBRB

4.1. FE modeling

Numerical simulation using Abaqus/Standard (version 6.12) was per-
formed to investigate the yield mode and cyclic behavior of three specimens.
Nonlinear material properties (Table 2) with the isotropic-kinematic hardening
rules were implemented to reproduce the plastic behavior of all models.

The initial imperfection of 0.1% of the FLRBR length was imposed on
the model. And the algorithm of Newton-Raphson was utilized for large dis-
placement analyses. Besides, the 3D modeling was established using
eight-node reduced integration solid element (C3D8R). And the element mesh
sizes of the core of FLBRB and the full-length outer sleeve were 10 mm, and
20 mm, respectively (Fig. 12). Considering the interaction between the core of
the FLBRB and the outer restraint, the hard contact and the penalty method
were used for calculation of perpendicular and tangential interaction between
inner and outer of the FLBRB, respectively. Applied the fixed constraint to
the connection-end of the FLBRB, and the horizontal loading consistent with
the test was applied at the reference point on the right side of the FLBRB, as
shown in Fig. 13.

(b) Full-length outer restraint

(c) FLBRB

Fig. 12 FE model
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Fig. 13 Boundary constraints of FE model

4.2. Model verification

The hysteretic curve obtained from the FE of the FLBRB is shown in Fig.
14, displaying overall satisfaction between the FE and the test results. Besides,
the numerical model can simulate the tension-compression asymmetric be-
havior well, and the maximum compression capacity is approximately larger
than the maximum tension capacity by 10%. Furthermore, the prediction error
of the ultimate bearing capacity was mostly less than 10% and some even
within 1%, thus showing the accuracy of the refined FE model. However,
there is a large error in the initial stiffness at the initial stage for the three
specimens as depicted in Table 3. One of the prime reasons for the higher
deviation of elastic stiffness was that the inevitable installation clearance and
slipping in bolted connection resulting in inaccurate measurements of axial
displacements. Nevertheless, the energy dissipation coefficients E of the ex-
perimental and FE models were both exceed 2.0, which indicated that the
FLBRB has excellent energy dissipation capacity.

The stress distributions of the FLBRB with axis displacements of 3 mm, 7

mm, 13 mm, and 19 mm obtained from the FE simulation are shown in Fig.
15. Comparing with the stress response in Fig. 8 reveals that the stress value
obtained from the FE simulation is consistent with the test at different loading
displacements. At the initial loading stage, a weakened connector enters the
plastic stage before BRB. With the test proceeding, both of BRB and weak-
ened connector dissipate energy through plastic deformation. According to
Mises stress diagram, it can be seen that the maximum stress of the FLBRB is
mainly confined to the weakened connector.

As shown in Fig. 16, the similar deformation was observed in the
comparison results. In addition, the failure regions of the specimens were
coincident with the locations in the FE model. High-order buckling in core of
BRB was well captured. In conclusion, the refined FE model provided an
effective prediction for the dissipated energy, asymmetry behavior and
buckling shape of the FLBRB under cyclic loading. Accordingly, the further
theoretical research on FLBRB can be investigated through the FE simulated
results.
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Fig. 15 Stress distribution of the FLBRB with different loading displacement
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Fig. 16 Comparison of deformation

Table 3
Comparison of analysis results
Positive Negative
Ko (KN/mm) P (KN) Ko (KN/mm) P (KN)
Test 38.68 305.664 385 -267.312
FE 41.72 312.61 41.69 -260.39
Theory 42.27 318.06 42.27 -289.14
FLBRB-1
Test-FE 7.29% 2.22% 7.65% 3.08%
Error Theory-FE 1.3% 1.71% 1.37% 9.94%
Theory-Test 8.49% 3.90% 8.92% 7.55%
Test 39.55 298.85 40.62 -280.61
FE 42.1 311.23 42.08 -260.96
Theory 42.48 318.86 42.48 -289.87
FLBRB -2
Test-FE 6.06% 3.98% 3.47% 7.86%
Error Theory-FE 0.89% 2.39% 0.94% 9.97%
Theory-Test 6.9% 6.28% 4.38% 3.19%
Test 37.46 281.09 38.62 -254.2
FE 40.13 311.23 41.06 -258.56
Theory 41.16 309.74 41.16 -281.58
FLBRB -3
Test-FE 6.65% 9.68% 5.94% 1.69%
Error Theory-FE 2.5% 0.48% 0.24% 8.18%
Theory-Test 8.99% 9.25% 6.17% 9.72%

5. Restoring force model of FLBRB

Based on the above tests and referring to the research of FLBRBs [44],
the bilinear mechanical model for FLBRB was proposed through theoretical
analysis, as well as the calculation for the stiffness of either loading or
unloading was formulated. And the restoring force model of the FLBRB was
proposed by combining the bilinear skeleton curve model and the load-unload
rule, which is a reasonable calculation method for the further research of the
design of a structure with FLBRB.

5.1. Bilinear mechanical model

Based on the experimental results, the axial displacement and
loading-carrying capacity curve of the FLBRB can be simplified by a bilinear
model. By analyzing the changing trend of the skeleton curve, it can be
divided into two phases (Fig. 17) .

Phase | (Elastic stage, OA/OA’): In this stage, the whole specimen
remains elastic. The load-displacement relationship changed linearly, which
implies that the slope of the curve is equal to the initial stiffness of the FLBRB
numerically.

Phase 1l (Elastic-plastic stage, AB/A’B’): The specimen enters this stage
after reaching the yielding load. With the increase of displacement, the growth
of load is slower than that of the Phase |, displaying obvious stiffness

degradation characteristic, which is mainly caused by the yielding of the
weakened connector and the BRB.

Accordingly, the simplified bilinear mechanical model needs to determine
six characteristic parameters: initial stiffness K, , yield displacement A, , yield
load Py , post yield stiffness K, ultimate loadP,, and ultimate displacement
A

u -

Fig. 17 Simplified Bilinear Mechanical Model
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Initial stiffness K, :

During the FLBRB design process, the equivalent stiffness is proposed to
determine the initial stiffness of the specimen, which consists of weakened
connector stiffness and BRB stiffness. The following Egs. (7)-(9) were used to
calculate the initial stiffness of the FLBRB based on series mechanism.

R @

e 8

where K, and Kgzs are the elastic stiffness of the weakened connector
and the BRB, respectively.

The elastic stiffness of the weakened connector K, can be obtained by
Eg. (8), in which K., K, K_,and K., are the stiffness of corresponding
segmentsof L, L., Ls; and L, (asshown in Fig. 3(a)).

1
UK UK UK UK 8
VK, UK +1IK 4K, ®)

K=

Similarly, elastic stiffness of the BRB can be calculated by the Eq. (9):

1
K= -
UK +UK UK, ©

where K.,, K. and K., are the stiffness of corresponding segments of
L, Ls and L. forthe core of BRB, respectively(Fig. 2(b)).

The stiffness in above Egs. (7)-(9) can be calculated using axial stiffness
formula K =EA/L.

Yield displacement A, :

Based on the design concept of the FLBRB, the yield displacement of the
FLBRB is determined by:

+A _ Nicbye + Negs Lors

A, =A =
T EAe  EAg

y = Bwey

(10)

where Nyc , Ngrs, Awc, Asrs, Lwc and Lggs are the axial force, core
cross-sectional area and length of the weakened connector and the BRB, re-
spectively.

Yield load P, :

When the FLBRB yields, the yield load is calculated according to the
following equation:

(11

Ultimate loadP, :
The strain hardening and the frictional interaction between the core of the
FLBRB and the inner surface of the full-length outer restraint should be
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considered when calculating the ultimate load of the FLBRB, which is pro-
posed by following Eq. (12):

R=w7P (12)
where @ is the strengthening factor of steel. According to the tests of three

specimens and specified value in JGJ 99-2015, the recommended value for the

Q235B steel is larger than 1.5. 7 is the ratio of the maximum compression

bearing capacity of the FLBRB to the maximum tensile bearing capacity. The

AISC 341-16 specifies that the factor (7) should be less than 1.3.

Ultimate displacementA, :

Introducing the FLBRB incorporated into the SCBFs, the yield mecha-
nism of the structure assumed that when the story drift angle of structure
reaches the limit value specified in the GB50011-2010, the FLBRB forms a
ductile failure mechanism. Ignores the deformation of the frame itself, the
ultimate displacement of the FLBRB caused by the horizontal displacement of
the structure can be expressed as:

A, :tg&ﬁ

 =tg0® 13

where L is the design length of FLBRB; @ is the ultimate story drift angle
of the frame.

Post yield stiffness K, :

The end weakening connector and BRB enter the elastoplastic stage suc-
cessively, when the FLBRB exceeds the elastic stage. The post yield stiffness
of the FLBRB can be calculated according to the following Eq. (14):

(14)

5.2. Bilinear mechanical model

The characteristic points of the bilinear mechanical model can be
calculated according to Egs. (7)-(14). The comparison of the theoretical
skeleton curve and the test results is shown in Fig. 18 and Table 3. And there
were differences of 8.71%, 5.64% and 7.58% between the theoretical initial
stiffness ( K, ) and the experimental initial average stiffness for three
specimens, respectively, while the computed ultimate load (F,) of the FLBRB
agreed well with the tested ultimate load within a 10% difference. The result
of having a larger difference in initial stiffness was possibly because of the
installation clearance and slippage in the bolted connection and the
discreteness of the test data. Meanwhile, the results showed the theoretical
initial stiffness and ultimate load of the three specimens can be well fitted
with the test, with an average difference of 7.31% and 6.65%, respectively.
The results of comparison and analysis confirmed that the suggested Egs.
(7)-(14) can be used to calculate the equivalent stiffness and bearing capacity
of the FLBRB.
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Fig. 18 Verification of the simplified bilinear mechanical model

5.3. Simplified restoring force model

On the basis of the theoretical analysis and numerical regression of FE
data, the simplified restoring force model was established. According to the
hysteretic curves of test, the loading phase can be divided into four typical
stages: positive elasticity, positive elastic-plasticity, negative elasticity, and
negative elastic-plasticity, while the unloading phase is divided into two
typical stages: positive unloading and reverse unloading. Fig. 19 depicts the

proposed restoring force model of the FLBRB. And the hysteresis criterion
can be concluded as follows:

(1) When the loading does not reach the yield displacement A, | the
FLBRB is in the elastic stage, OAB and O4 B’ are the positive and negative
loading-unloading routes of the specimens, and K, represents the loading
and unloading stiffness. The bearing capacity was symmetrical on the whole
in positive and negative loading directions.

(2) The loading route process along with the skeleton curves when the
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loading exceeds the yielding load from the yielding point A to the a, the stiff-
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ness can be defined as post yield stiffness K,. Then the unloading process 1001 = 1
reaches the point b, the slope of ab is defined as the positive unloading stiff- 0.98 -
ness K. After that, the specimen continues reverse loading along the route
bA’c, then unloads from point ¢ towards point d, and the slope of cd is defined 0.96 1
as the negative unloading stiffness K, . Then continue to load and cycle until ~
the maximum displacement. X 0941 i
(3) As the load over the yield load of the FLBRB, the unloading stiffness 0.92 4 : .
will gradually decrease with the increasing load due to the weakened connect- .
or and core of BRB yield successively. As shown in Fig. 20, fitting unloading 0.90 1 "
stiffness data for each hysteretic loop to obtainthe K, and Kj: 088
.80 [ |
K, =0.93218K (A, / A,) % 0.86 T T T T T
! vA ) (15) 0.0 0.2 04 06 08 1.0
Al4,
K, =0.90856K, (A, / A,) % (16) (a) Positive
1.00
(16)
where A, and A, are the displacement corresponding to the positive and 0.98 4
negative unloading, respectively.
0.96 =
x™ 0.94 4 l
0.92 4
0.90
0.88
0.86 T T T T T
0.0 0.2 0.4 0.6 0.8 1.0
A4,
(b) Negative
Fig. 20 Fitting curve of stiffness degradation
Fig. 19 Simplified restoring force model
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Fig. 21 Verification of restoring force model

5.4. Validation of theoretical model

To verify the theoretical restoring force model, the experimental
hysteretic curves of three specimens are comparted with the calculated model,
as shown in Fig. 21. A satisfactory agreement of hysteretic behaviors between
the theoretical model and test results was observed, which shows that the
suggested loading-unloading rule can predict the hysteresis behavior of the
FLBRB. However, it can be found that the theoretical restoring force curve
does not transit smoothly, mainly attributed to the simplified bilinear
mechanical model adopted by the skeleton curve.

6. Conclusion

The new assembled buckling-restrained brace with a full-length outer re-
straint (FLBRB) was designed and tested to evaluate its hysteretic properties.
The experimental results and comparisons of the test with numerical analysis
were analyzed. In addition, a theoretical restoring force model was established
and verified with experiments. Conclusions are listed below:

(1) The FLBRB showed excellent hysteretic property and deformation
ability. The inelastic deformation was mainly concentrated in the weakened
connector and BRB using the full-length outer restraint, which effectively
improves the stability of the end-weakened connector and avoids the instabil-

ity of the connecting section between the weakened connector and the BRB.

(2) The specimen with a bolted connection was convenient for installation
and replacement. Each part of the FLBRB is assembled with high-strength
bolts on site, forming a structure in which all components can be repaired and
replaced.

(3) The numerical models of specimens were established, and the dissi-
pated energy, asymmetry behavior and buckling shape of the FLBRB were
verified by the tests. The result indicated that the refined FE model can simu-
late the behavior of the FLBRB under cyclic load well.

(4) On the basis of equivalent stiffness, a formula of the simplified bilin-
ear skeleton model and the load-unload criterion was proposed and validated
numerically and experimentally, which can be used to predict the hysteretic
curve of FLBRB.

(5) The experimental and theoretical research will provide the suggestion
and reference for designs and applications of the FLBRBs in the structures of
buildings. Besides, further numerical simulation and test are needed to study
the mechanical behaviors and the seismic performances of the structure with
the FLBRB.
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ABSTRACT
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This paper presents the results of three-dimensional (3D) finite element (FE) and analytical models on the prediction of the
flexural behaviour of composite beams comprising high strength steel (HSS) I-section and Engineered Cementitious
Composite (ECC) slab. In the FE approach, 108 composite beam models which cover a wide range of key parameters
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including HSS grade, ECC compressive strength, HSS section depth, ECC slab thickness, ECC slab width were generated

and analysed. The flexural strength of these composite beam models was subsequently employed to validate the accuracies
of some commonly used flexural strength prediction methods that are originally based on the rigid plastic analysis (RPA).
It was found that these methods generally underpredicted the flexural strength of the ECC-HSS composite beams. Hence,
a simple analytical model was proposed, and validation results of its accuracy showed that this simple analytical model
produced more accurate predictions than the RPA methods. In order to allow designers to obtain the load-deflection curves
of the beams, a full analytical model which is based on strain compatibility and force equilibrium was also developed.
Validations against both FE model and test results showed that this full analytical model produced the most accurate flexural

strength predictions.
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1. Introduction

High strength steel (HSS), which normally possesses yield strength of
higher than 690 MPa, has been increasingly applied in structural engineering
thank to its superior strength to weight ratio which enhances structural
performance and leads to more sustainable design. Furthermore, advances in
steel manufacturing technology also reduce the cost of HSS and increase its
weldability. As a result, many studies have been dedicated in an attempt to
investigate the behaviour of HSS structures in forms of bare steel structures [1-
8], composite columns [9-11], connection details [12-14], encased [15-17] and
composite beams [18-22].

One potential application of HSS is the construction of composite beam in
which the HSS section is placed at the bottom to resist tension and normal
strength concrete (NSC) is placed on top to resist compression. Nevertheless,
previous studies reported that the superior yield strength of HSS section might
not be fully utilized when NSC slab was used. To be more specific, the yield
strain of HSS (0.35% for S690 grade) could exceed the peak compressive strain
(=0.3%) of NSC. As a result, this may lead to a premature failure of NSC-HSS
composite beam when NSC slab is crushed before the HSS section is fully
yielded [19-24]. When comparing the FE and test results of NSC-HSS
composite beams with predicted results by the rigid plastic analysis (RPA) in
terms of its flexural strength, it was found that the RPA overpredicted their test
results. Note that RPA approach assumes HSS section fully yielded in its
calculation of flexural strength and has been adopted by many national
standards to predict the flexural strength of NSC—normal strength steel (NSS)
composite beams [25,26].

In order to address such strain incompatibility issue, Engineered
Cementitious Composites (ECC) was employed to replace NSC in constructing
slab of HSS composite beam [18]. ECC is a form of advanced building material
[27] which is well-known for its high compressive and tensile strain capacities
[17,28]. The compressive strain at peak strength for almost all types of ECC
exceed 0.5% which is higher than the yield strain of nearly all HSS grades
employing in structural engineering. This allows ECC to work efficiently with
HSS in composite beam construction. In addition, it is recently reported that
ECC is capable of preventing longitudinal shear failure of composite beam if
NSC slab is used in conjunction with HSS section [29]. By conducting a series
of test on ECC-HSS composite beams, Nguyen and Lee [18] found that ECC-
HSS composite beams showed higher strength and ductility than those
constructed with NSC slab and HSS I-section. In addition, the RPA
conservatively predicted the flexural strength of ECC-HSS composite beams
[18]. Nevertheless, limited results obtained from the costly and time-consuming
experimental study are obviously not sufficient to examine the prediction of

RPA methods over the flexural capacity of ECC-HSS composite beams. Thus,
in this study, the 3D FE model which has been developed and validated against
the experimental results reported in authors’ previous work [18] was employed
to generate 108 models which cover a wide range of key parameters of the
composite beams. The results of these models were then used to assess the
accuracies of flexural strength predictions obtained from different methods
based on RPA. Simple analytical model was subsequently developed in order
to predict the flexural strength of ECC-HSS composite beams more precisely.
Furthermore, a full analytical model was proposed to allow engineers to obtain
the ECC-HSS composite beam’s detailed responses (i.e., the load-displacement
curves, flexural strength).

2. FE model used and parameter design

The FE model employed in this study, which uses the FE software
ABAQUS [30], was shown to produce accurate predictions when comparing
with experimental results [18] for all stages of the composite beams comprising
ECC slab and HSS section under 4-point bending load. As the model
development and validation processes were described with details in [18], only
a summary of its key features is given here.

2.1. Key features of the FE model used

The beam cross-sectional configuration is shown in Fig. 1(a). All beams
modelled are simply supported with clear span of 3100 mm and are under four-
point bending. The lengths of the pure bending region and the shear span are
800 mm and 1150 mm, respectively [18]. The main structural components of
the composite beam which consist of the HSS section, the ECC slab and the
shear studs were modelled using eight-node hexahedral solid elements with
reduced integration (C3D8R) [30]. Four-node shell elements (S4R) and three-
node truss elements (T3D2) were employed to model the profiled steel sheeting
(PSS) and slab reinforcement, respectively. After a mesh size sensitivity
analysis [18], nominal element sizes of 40 mm and 20 mm were respectively
used within the two shear spans and pure bending region. Interactions between
PSS and ECC slab, between PSS and HSS section, and between shear studs and
ECC slab were defined by ABAQUS’s surface-to-surface contact feature.
Contacts between shear studs and HSS section’s top flange, between loading
plates and the slab were guaranteed by tie constraints (Fig. 1(b)). Roller and pin
constraints were employed to reproduce the test support conditions. Loading
was applied in such a way that prescribed downward displacement was assigned
to nodes located on the surfaces of two loading plates. A typical FE model is
shown in Fig. 1(c). Constitutive models for different materials used were
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presented in [18] and are indicated in Fig. 2(a)-(f). For ECC, damage evolution
was applied when it reached its compressive strain, as indicated in Fig. 2(g).
Values of all key material parameters employed in the constitutive models of
the FE models are listed in Tables 1-2.

2.2. Parameter design

The following five key parameters which define the beam’s cross-sectional
dimensions and material properties are considered and their modelling ranges
are listed below:

(1) HSS grade (S690 and S960 grades HSS)

(2) ECC compressive strength (40 MPa and 70 MPa)
(3) HSS section depth (180 mm, 230 mm and 280 mm)
(4) ECC slab thickness (140 mm, 170 mm and 200 mm)
(5) ECC slab width (600 mm, 1000 mm and 1400 mm).

Names of composite beams modelled are labelled using the format of
“SWa-STb-IDc-Ex-Sy” where “SW”, “ST”, “ID” respectively denotes the ECC
slab width, ECC slab thickness and depth of HSS I-section (Fig. 1(a)). “E” and
“S” represent the compressive strength of ECC (f’gcc) and the HSS yield
strength (fymss)), respectively. “a”, “b”, “c” are respectively the slab width, slab
thickness and HSS section depth in mm. “X”, “y” are f’ecc and fyss) in MPa,
respectively. For instance, “SW600-ST140-1D180-E40-S690” refers to a beam
comprising a 600 mm x 140 mm ECC slab with compressive strength of 40
MPa connected to a S690 HSS section with a depth of 180 mm. These beams
were arranged with the same shear studs with shank diameter of 19 mm and stud
height of 100 mm after welding, stud spacing of 100 mm, steel beam’s flange
width br of 120 mm, steel beam’s flange thickness t; of 8 mm, and steel beam’s
web thickness t,, of 6 mm. These were similar to the test conducted by the

d6al00 4534100
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authors reported in [18]. It should be noted that shear connection degree n of
the beam is defined by the ratio of the number of shear connectors installed in
the beam (n) to the number of shear connectors required for full shear
connection (ny). Beam with n > 1 is considered as fully connected in shear.
Otherwise, it is partially shear connected. n is affected by all of parameters
mentioned above since they all have effects on the value of n;. As the shear stud
spacing was kept constant at 100 mm (n is constant) but cross-sectional
dimensions and material parameters are varied among the beams (n¢ is varied),
n for these sets of models varied between 0.42 and 0.82. These models were
divided into two subsets based on the HSS yield strength (i.e, S690 MPa and
S960 MPa). Their details and flexural strength (Pre) obtained from the FE
modelling are listed in Table 3.

3. Comparing flexural strength obtained from FE models with RPA
predictions

The RPA [31] is a reliable method in predicting the flexural strength of
composite beams constructing by using NSC slab and NSS section. It uses the
concept of stress blocks for the calculation of the beam’s flexural strength. It
has been adopted by Eurocode 4 [25] and AS2327 [26] for NSC-NSS composite
beam design. However, previous studies [19-21,23] reported that the flexural
strength predicted by RPA (Mgea equi) Might not be conservative for NSC-HSS
composite beams. One possible reason is that the NSC slab was crushed before
the HSS section reached a high degree of yielding [18]. For NSC-HSS beam,
Eurocode 4 [25] and AS2327 [26] suggest that when using the RPA, a reduction
factor should be applied to account for the limited strain hardening of HSS.
Hence, the flexural strength predicted by these codes, Mecaaszs2r, IS more
conservative than Mgea equi-

Tie constraint

(©

Fig. 1 Beam’s cross-section and FE model: (a) Cross-section configuration; (b) Shear studs meshing and contact between shear studs and steel beam; (c) Typical FE model
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Fig. 2 Stress — strain models for materials used in the FE models: (a) HSS; (b) PSS; (c) Headed shear stud; (d) Steel reinforcement; (e) Compressive stress-strain model for ECC; (f) Ten-
sile stress-strain model for ECC; (g) Compressive damage model for ECC

Table 1
Material properties used in the FE models
Material E (GPa) £y(%) fy (MPa) £, (%) £,(%) fu (MPa) ft (MPa)
S690 200 0.35 690 - 8.0 770 -
S960 200 0.48 960 - 5.5 980 -
Steel reinforcement 200 0.27 543 2.4 20.8 632 -
PSS 248 0.28 691 - - - -
Headed shear stud 200 0.17 344 - - 410 331
Table 2
Material properties of ECC used in the FE models
Material Ec 0o.4 €04 fe €co ] & Ocu Ecu fi Eto Otp Etp Otu Etu
(GPa) (MPa) (%) (MPa) (%) (MPa) (%) (MPa) (%) (MPa) (%) (MPa) (%) (MPa) (%)
ECC40 155 16 0.10 40 0.50 20.0 0.85 10.0 1.20 2.43 0.016 3.2 1.2 1.7 2.2
ECC70 20.5 28 0.14 70 0.53 30.0 0.95 135 1.40 4.40 0.021 53 1.0 3.0 1.7
Table 3
FE model details and their flexural strength
HSS S690 Beams (54 models) HSS S960 Beams (54 models)
Main dimensions Materials n Pre (kN) Main dimensions Materials n Pre (kN)
SW600-ST140-1D180 E40-S690 0.82 604 SW600-ST140-1D180 E40-S960 0.82 712
E70-S690 0.82 700 E70-S960 0.59 828
SW600-ST140-1D230 E40-S690 0.82 734 SW600-ST140-1D230 E40-S960 0.82 876
E70-S690 0.74 835 E70-S960 0.54 1001

SW600-ST140-1D280 E40-S690 0.82 890 SW600-ST140-1D280 E40-S960 0.82 1014
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E70-S690 0.68 994 E70-S960 0.54 1215
SW600-ST170-1D180 E40-S690 0.71 676 SW600-ST170-1D180 E40-S960 0.61 767
E70-S690 0.82 815 E70-S960 0.59 920
SW600-ST170-1D230 E40-S690 0.64 813 SW600-ST170-1D230 E40-S960 0.61 937
E70-S690 0.74 955 E70-S960 0.53 1098
SW600-ST170-1D280 E40-S690 0.61 962 SW600-ST170-1D280 E40-S960 0.61 1122
E70-S690 0.68 1110 E70-S960 0.49 1294
SW600-ST200-1D180 E40-S690 0.71 766 SW600-ST200-1D180 E40-S960 0.51 853
E70-S690 0.82 931 E70-S960 0.59 1030
SW600-ST200-1D230 E40-S690 0.64 916 SW600-ST200-1D230 E40-5S960 0.48 1038
E70-S690 0.74 1095 E70-S960 0.53 1241
SW600-ST200-1D280 E40-S690 0.59 1044 SW600-ST200-1D280 E40-S960 0.48 1185
E70-S690 0.68 1244 E70-S960 0.49 1395
SW1000-ST140-1D180 E40-S690 0.71 672 SW1000-ST140-1D180 E40-S960 0.51 773
E70-S690 0.82 798 E70-S960 0.59 908
SW1000-ST140-1D230 E40-S690 0.64 819 SW1000-ST140-1D230 E40-S960 0.49 965
E70-S690 0.74 963 E70-S960 0.53 1112
SW1000-ST140-1D280 E40-S690 0.59 975 SW1000-ST140-1D280 E40-S960 0.49 1166
E70-S690 0.68 1106 E70-S960 0.49 1320
SW1000-ST170-1D180 E40-S690 0.71 781 SW1000-ST170-1D180 E40-S960 0.51 876
E70-S690 0.82 947 E70-S960 0.59 1045
SW1000-ST170-1D230 E40-S690 0.65 923 SW1000-ST170-1D230 E40-S960 0.46 1038
E70-S690 0.74 1093 E70-S960 0.53 1242
SW1000-ST170-1D280 E40-S690 0.59 1087 SW1000-ST170-1D280 E40-S960 0.42 1288
E70-S690 0.68 1256 E70-S960 0.49 1452
SW1000-ST200-1D180 E40-S690 0.71 906 SW1000-ST200-1D180 E40-S960 0.51 994
E70-S690 0.82 1107 E70-S960 0.59 1203
SW1000-ST200-1D230 E40-S690 0.65 1048 SW1000-ST200-1D230 E40-S960 0.46 1171
E70-S690 0.74 1253 E70-S960 0.53 1393
SW1000-ST200-1D280 E40-S690 0.59 1205 SW1000-ST200-1D280 E40-S960 0.42 1371
E70-S690 0.68 1418 E70-S960 0.49 1604
SW1400-ST140-1D180 E40-S690 0.71 759 SW1400-ST140-1D180 E40-S960 0.51 841
E70-S690 0.82 906 E70-S960 0.59 1028
SW1400-ST140-1D230 E40-S690 0.65 894 SW1400-ST140-1D230 E40-S960 0.46 1042
E70-S690 0.74 1043 E70-S960 0.53 1208
SW1400-ST140-1D280 E40-S690 0.59 1045 SW1400-ST140-1D280 E40-S960 0.42 1238
E70-S690 0.68 1196 E70-S960 0.49 1406
SW1400-ST170-1D180 E40-S690 0.71 894 SW1400-ST170-1D180 E40-S960 0.51 998
E70-S690 0.82 1083 E70-S960 0.59 1210
SW1400-ST170-1D230 E40-S690 0.65 1054 SW1400-ST170-1D230 E40-S960 0.46 1219
E70-S690 0.74 1251 E70-S960 0.53 1405
SW1400-ST170-1D280 E40-S690 0.59 1208 SW1400-ST170-1D280 E40-S960 0.42 1420
E70-S690 0.68 1415 E70-S960 0.49 1613
SW1400-ST200-1D180 E40-S690 0.71 1075 SW1400-ST200-1D180 E40-S960 0.51 1229
E70-S690 0.82 1341 E70-S960 0.59 1457
SW1400-ST200-1D230 E40-S690 0.65 1214 SW1400-ST200-1D230 E40-S960 0.46 1338
E70-S690 0.74 1520 E70-S960 0.53 1699
SW1400-ST200-1D280 E40-S690 0.59 1369 SW1400-ST200-1D280 E40-S960 0.42 1540
E70-S690 0.68 1655 E70-S960 0.49 1861
For partially shear connected beams, due to the slip strain between the steel
section and the slab, stress blocks of the beam will be more complicated and Mgeasim = Mpiat 11(Mpira— Mpia) 1)

more complex calculation is needed to obtain Mgeaequ- In this case, Eurocode 4
[25] adopts the following simplified method for partially shear connected beams
so that

In Egn. (1), Mgpasim is the flexural strength predicted by the simplified

method, My, is the moment resistance of HSS section alone while My gqis the
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moment resistance for fully shear connected beam. In Eqgn. (1), the maximum
value of 7 is 1.0. Mgpasim generally gives a more conservative prediction than
MRgea equi-

Experimental results obtained by the authors [18] showed that when ECC
with high compressive strain (>0.5%) was employed to replace NSC, the HSS
section could develop a higher degree of yielding before the ECC slab was
crushed. Hence, in order to study the accuracy of different prediction
approaches mentioned above for a wider range of ECC-HSS composite beams,
the flexural strength Mg obtained from the 108 models were compared with the
predictions from Mgea equis MreAsim and Meca/aszszr-

Means and standard deviations of the ratios Megmrea,sim, Mre/Mrea equi and
Mee/Mecuas2sz7 for all beams modelled obtained are summarized in Table 4. Fig.
3 plots the ratio Mee/Mgeasimagainst . Fig. 3 and Table 4 show that predictions
by Mgea simWere more conservative than the FE predictions, even for S960 HSS
section beams. On average, Mgea sim OVerpredicted the flexural strength of the
beams by 28%. The main reasons were (i) ECC was employed to replace NSC,
a high degree of yielding of the HSS was achieved and (ii) the more conservative
Eqn. (1) was used.

The ratio Mee/Mgea equi Obtained for the 108 ECC-HSS beams modelled
together with the experimental results obtained for ECC/NSC-HSS beams
tested in [18] and those NSC-HSS beams reported in [21] and [23] are plotted
in Fig. 4. Again, Mee/Mgpa equi Of most ECC-HSS beams were above unity with
an average value of 1.17. This ratio is 11% lower than the average ratio for
Mee/Mgeasim - SINCE Mgpaequi USeS @ more realistic/detailed stress block
distribution for calculation. This confirmed that for most ECC-HSS beams, a
high degree of yielding of the HSS section was achieved. Moreover, Fig. 4
shows that for most NSC-HSS beams studied in [18,21,23] their ratios
Mee/Mgeaequi Were less than unity, especially for beams with higher # values.
This reconfirmed that the RPA failed to produce conservative prediction for
NSC-HSS beams, especially when shear stress was effectively transferred and
produced a higher compressive strain at the top NSC slab surfaces. For
MFE/MEC4/ASZ327y as MEC4/A52327 is obtained by reducing the values of MRPA‘equiy
Fig. 5 and Table 4 show that an even more conservative prediction with a mean
value of 1.38 was obtained.

4. Simple analytical model for flexural strength prediction of ECC-HSS
composite beams

As it is found that MRPA,equiy MRPA,Sim and MECA/ASZ327 general |y
underpredicted the flexural strength of ECC-HSS composite beams, in order to
improve the prediction accuracy, a simple analytical model which is based on
the RPA method and the following assumptions is developed:

(i) There is no shear failure nor shear lag.

(ii) All contributions of ECC parts in the PSS troughs are ignored.

(iif) As ECC slab reinforcement bars provided little flexural resistance
while the PPS is thin and slip between the PPS and ECC were observed before
the crushing of ECC [18], their contributions are ignored.

(iv) Full compressive strength of f’ecc is developed within the effective
areas of the ECC slab.

The stress distributions at the beam’s ultimate states corresponding to full
or partial shear connection are shown in Fig. 6. Expressions of internal forces
of different components are summarized in Table 5. For full shear connection,
three different cases corresponding to PNA within the ECC slab, within the steel
flange and within the steel web can be identified. For partial shear connection,
due to bond slip, only two cases corresponding to PNA within the steel flange
and within the steel web are possible. Based on Fig. 6 and Table 5, a flow chart
(Fig. 7) was developed for the calculation of the flexural strength obtained by
simple analytical model Mgn.. This simple analytical method was then applied
to predict the flexural strength for the 108 beams generated from FE model.
They were compared with the FE modelling results Mg and the three test results
obtained in [18]. A summary of the comparison results obtained given in Table
6 shows that the proposed simple analytical model provided more accurate but
conservative predictions (on average 13%).

5. Full analytical model for predicting of flexural behaviour of ECC-HSS
composite beams
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5.1. Development of full analytical model

While the simple analytical model allows engineers to obtain a quick and
more accurate prediction of the flexural strength of the beam over RPA
approaches, it does not produce the load — displacement curve nor allows
engineers to gain more insight into the flexural behaviour of the ECC-HSS
composite beams at various stages before final failure. Hence, in this section, a
full analytical model is developed which allows engineers to obtain detailed
behaviours the composite beams without the need to conduct any time-
consuming FE modelling. This analytical model is applicable for composite
beams with HSS section connected with top ECC slab in forms of either solid
slab or slab with PSS.
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versus shear connection degree

204

=S890
- * S860
154 . Test_S690 [18]
¢ ]
° 1
516+ s - .
] ® g ut .
§ . u. . - 3
g "'- 8 g .
=S 144 s Te e i ..l ™
] g ]
= .-‘l; " "y
ool l'.=l‘
12 .
t % ]
1.04
T T T T 1
02 04 06 08 1.0 12

Fig. 5 Mre/MEecaas2s27 Versus shear connection degree for all FE modelled beams and ex-
perimental results from [18]

Table 4
Summary of comparison of flexural strength predictions obtained by FE model with RPA methods and EC4/AS2327
Mere/MRpA sim Mre/MRea equi Mre/Mecaas2zer
Beam group

Mean SD Mean SD Mean SD
HSS S690 Beams (54 beams) 1.28 0.12 1.20 0.13 141 0.15
HSS S960 Beams (54 beams) 1.28 0.12 1.15 0.12 1.35 0.14
Overall (108 beams) 1.28 0.12 1.17 0.13 1.38 0.15
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Fig. 6 Simple analytical model for calculating flexural strength of ECC-HSS composite beams
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Fig. 7 Flow chart to calculate flexural strength of ECC-HSS composite beams using the simple analytical model

Table 5
Expressions for flexural strength prediction of ECC-HSS composite beams using the simple analytical model
Type of shear connection Case Analytical expression
Case 1 Depth of PNA Xor = Ny o/ (B Flecc)
(PNA in slab) Ultimate moment Msana Msana = Np,a(0-5h4 + t. — 0.5x,;)
Full Case 2 Depth of PNA Xor = (N =N 1) /(20 fys)) + 1t
(PNA in steel flange) Ultimate moment Msana Msana = N,s(0.5hq + by + 0.5kh) + 0.5(Npyq — Nep) (hg — xp1 + tc)
Case 3 =N,/ (2, ps)
(PNA in steel web) Depth of PNA Xp =0.5h, +1; —2
Ultimate moment Msana Mgsana = Mpq + N (0.5 + hy + 0.5h, — 0.52)
Case 1 Depth of PNA X = (N o =N/ (2D f465)) 1
Partial (PNA in steel flange) Ultimate moment Msana Mgana = Nc(0.5h, +t. — 0.5x.) + 0.5(Np,q — No)(hg — Xy + £)
Case 2 =N,/ (2t,f, )

(PNA in steel web) Depth of PNA Xp =05h, +t. —2z

Ultimate moment Msana Mgana = Mprq + Nc(0.5h + . — 0.5x, — 0.52)




Cong-Luyen Nguyen and Chi-King Lee 203
Notes:
Compressive force acting on ECC Nc (full shear connection): _
Nc‘i - f ECC bef' hc
Tensile force acting on HSS Npia: Nyo = AT
Shear resistance of headed shear stud: P s = 0.8, (07 8) /7,
Pra.ecc :0-29ad2\) T Bom 17,
Compressive force acting on ECC Nc (partial shear connection): N, = 0. Min(Pag g Prg ecc)
Height of ECC stress block (partial shear connection): X, = N, / (b f'ecc)
Number of headed shear connections to assure full shear connection: ~ min(N, ;,N,,)
' mm( ra.stud » Pra.ece)
Table 6
Summary of comparison of flexural strength obtained by simple and full analytical models with FE models and test results
Mere/Msana Mee/Mana
Source Beam group
Mean SD Mean SD
FE models HSS $690 beams (54 beams) 1.16 0.13 1.05 0.06
HSS S960 beams (54 beams) 111 0.12 0.97 0.03
Experiment Three tests from [18] 0.99 0.03 1.02 0.06
Overall (111 cases) 1.13 0.13 1.01 0.06
le bel’l '
i i o =Eqpy ™ 5@ @)
e h‘-. B B i § S———
+ Te L_______‘!‘L_ p— 3
._._h_'!’d, 4
h t E,&lwi“',sbf a 2 )
3 - B :
"""""""" v — =
<P Etr Eaif = Fsbr = (h”— rf) ¢ (%)
Fig. 8 Strains distributed in cross-section for full analytical model
3
) ) ) o ) €T gy~ (ha— —’)¢ (6)
Both full and partial shear connection are considered in this model. This -
analytical model is based on strain compatibility and force equilibrium of the
beam’s cross-section and the following assumptions were made:
(i) Strains of individual components (i.e., HSS section, ECC slab) are . e (h _ T_J pre, @
distributed linearly throughout the cross-section with the same curvature . o T sk T
(i) Stresses at top and bottom flanges of HSS section are constant
throughout their thickness. Their values are calculated by using strains at their
mid-thickness (es¢cand &g, Fig. 8). f @®)
(i) For slab using PSS, contribution from the ECC part in trough is ignored. €p=Car— |N,m 0, | d+e,
(iv) Neither plate buckling nor shear failure nor shear slag occurs.
The full analytical modelling procedure consists of four main steps and
details of them are given in the following four sections. ,
£ =€ .—(Ir ——'+r‘).rj)+&'. O]
& shf a 2 € i

5.1.1. Step 1: Strain distribution of the section

Strain distribution throughout the cross-section is shown in Fig. 8. The
composite beam may be treated as a fully or partially shear connection by using
the slip strain ¢ at the interfaces between the HSS top flange and the ECC
slab such that

e=(l=p) (h—+—]ﬁ @

In Eqgn. (2), h, is HSS section height, t is the ECC slab thickness and 7 is
the shear connection degree. In order to account for the nonlinear effect of 7,
slip strain is expressed as second order function of 7. From Eqn. (2), for fully
shear connected beam, 7=1.0 and &;=0 (i.e., no slip between the HSS section
and the ECC slab). On the other hand, if 7 = 0, there is no bond between the
HSS section and the ECC slab so that the neutral axis of the ECC slab and HSS
section will be at their corresponding mid-heights.

From Fig. 8, strains of all other components can be expressed in term of
strain at the mid-thickness of HSS section’s bottom flange € and the
beam’s curvature ¢:

InEgns. (3)—(9), &, and &g, are respectively the strains at the top and
bottom tips of the HSS section’s web. ¢ _is the strain at HSS section’s top
flange. £ is the strain of HSS section at the interface between HSS section
and ECCslab. €. is the strain of ECC slab at the interface between HSS
section and ECC slab. ¢ isthe strain of ECC at the tip of PSS trough while
£, is the ECC strain at tHe ECC slab’s top surface. t; is the thickness of HSS
section flange and h, is the PSS trough height.

5.1.2. Steps 2: Stresses and forces of individual components

The forces acting on individual components can be calculated based on the
stress distribution shown in Fig. 9. For the ECC slab, it is assumed that stress is
distributed linearly throughout slab’s height. As contribution from the ECC in
trough is neglected, stress distribution in slab is dependent on the strain of ECC
at the tip of PSS trough . . Based on the value of . the compression force
Foc and tension force F aré calculated as:

£

. 1 o ;
Fo== 50, 5by, ife 20 (10)
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Fig. 9 Forces acting in cross-section for full analytical model
[P
= ‘ P if . 11 i i i :
Fo==——"hb,, £,,<0 (11) For ECC in tension (Fig. 2(f)):
I _f’ 0
P —— & if . £ <e Le
F 2 ﬂcr»' & Abeff if Lcﬂ:: 0 (12) FFU ! ! 0
o= ( )
o f )(.& —& )
. H p f 0
1"”:0 if L‘rp<0 (13) ,p+ e —¢ Eqg<E <€p

In Egns. (10) — (13), o,

is the stress of ECC at the top surface of ECC slab.

o, Is the stress of ECC at the tip of PSS trough. h. is the distance from the top

surface of ECC slab to the tip of PSS trough and bef is the effective width of

ECC slab. For composite beam using solid slab, in Eqns. (10) — (13), ¢

replaced by the strain at the bottom of ECC slab ¢; while g, is replaced by Fo

Oci- *
All stress terms used in Egns. (10) — (13) can be calculated based on the

stress — strain model of ECC shown in Figs. 2(e) and (f) by using the following Fop=

equations:

For ECC in compression (Fig. 2(e)):

£ £
f]—;rL%l-—;)+1] 0<e <e
ce, £y ¢ co

a = _F . e
f“" (O'[ f{,)(é' &m) e

‘e co e= "

_ U;‘bn"ta!nv"‘w

F(h“‘=%( ”dm-+ (}'”W)( hn— er.) t,

£y 1
[f.\(ﬂﬁ”r— T)— 3 CsonE s (a«hn-_f\-)(y«hn
+

E
¢ 2 ¢

Fopu=

1
Fibw:(ﬂmr+ ;( Js‘bn - n\m-) )( hu - 211"} Iu

("’w-*_f ‘ ) ( £+ e-)_) Jr

1
b 2 ¢

Fsm' =" 2¢

(14)

204

(15)

Forces acting on top and bottom steel flanges are then calculated by using

Eqns. (16)-(17):

=ﬁ.\‘b_}‘ ‘b‘f .lf

ﬂf?f‘bfjf

(16)

an

Forces acting on the top and bottom of steel web can be obtained by using
Eqns. (18)-(25):

ife <o & —¢ <e_ <0
shw
if ¢ >¢ &e <0
shu ¥ S
if ¢ <¢e &e 20
shw y stw
if ¢ >¢ &0<e <&
shw ¥ Stw ¥
if ¢ >
stw = Ty
if .
stw = v
if _. <¢ <0
¥ Stw
if ¢ >0

stw

(18)

(19)

(20)

(@

(22)

(23)

(24)

(25)
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All stresses terms used in Eqns. (18) to (25) can be calculated using consti-
tutive model of HSS shown in Fig. 2(a) which can be expressed as:

(26)

5.1.3. Step 3: Forces equilibrium for the solution of ¢ and moment calculation

205

For any given value of € ur which defines the strain status of the section
(Eqgns. (3) to (9)), Egn. (27) is obviously a nonlinear equation for the solution
of the beam’s curvature ¢). For a given value of ¢ , by starting with reason-
able lower and upper estimates of ¢, a converged‘bétolution of ¢ (i.e., corre-
sponding to an error tolerance of 0.01% of the unbalance force) can be obtained
by the standard bi-section method using MATLAB.

After the value ¢ is solved from Eqn. (27), by referring to Fig. 9 again,
moment contributions from different components about the mid-thickness of the
bottom flange of steel section at different stages of the beam can be calculated
by using Eqgns. (28) — (41).

If the beam is under bending only, applying compressive and tension forces M =0 (28)
equilibrium of the cross-section implies that: sbf
= - 29
Fcc + Fstf + Fsth Fcl + Fshw + Fshf (27) 1M.ﬂf {jsﬁf 'bf 'ff'( ha rf) ( )
_ nsim"Fsbw'lw € shw l if & <e & —¢ <¢ <0 (30)
shw 24) ) 2 shw ¥ ¥ stw
_ f\("\bw* \)Iu' (‘}p.ﬁ‘. + 1J+ fyeyt, [‘5"‘.‘»-7 =€y N '_,ﬂ]
sbw P D 2 2 3¢ 2 if e 26 &e, <0 (31)
N 1 ((r,thn' 7f_\~) ( Esbw ™ *'_r) T | Esoe ™ &y + ’7;
2 # 3¢ 2
h —1t
_ a” Yy
M.cbu‘ _H.cn\'( hn - 2ff.) Iw( ) I ra <e & ¢ >0 (32)
shw y stw =
1 ZI’i” - J'J
+ 2 ( ﬂ."bu - mr)( ha7 21}‘) rn'( )
7f\({‘sbw_£’\)rw b ™ Ey tf f)"gy‘rr 3e 1y — 2¢, rf
Msbn‘_ 2 5 3 T
¢ b 2 24 ¢ 2
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24 3¢ a2 2 ¢ 34 2
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shw ¥ Stw y
h —
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lid slab is used instead of PSS, in Egns. (39)-

(41), ¢ » and . should be replaced by € and  , respectively.

5.1.4. Step 4: Effective stiffness and deflection calculation

After the moment contribution is known, internal moment in the cross-sec-

tion can be calculated as:

Mfmm:Msbf - M‘r.;f + M.rbn' - M.qrn‘ - Mc‘r + M(‘f (42)
Beam’s effective bending stiffness Ele can be achieved as:
P Mj‘ma 3)
of ¢

And the mid-span deflection & for the beam under four-point bending

can be obtained as:

_ 1‘4’“,.””0 (44)
fana a
2_ 4,2
_ mema( 3L 4a ) (45)
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In Egns. (44) and (45), Prna is the loading corresponding to M, and a is
the shear span of the beam. Obviously, expression of Eqn. (45) can be modified
for other loading cases easily. In order to trace out the entire load-deformation
curve, an incremental procedure is employed by starting from an initial value of
€= 0 (so that Prana=0 and Snax=0). A small increment of € , . (i.e., 0.02%)
is applied incrementally so that the above four-step procedure are repeatedly
applied to obtain the corresponding load and deflection.

5.2. Validation of the full analytical model

The full analytical model was validated against experimental results
obtained from the three ECC-HSS composite beams (ECC40-140, ECC-70-140,
ECC-40-170) tested by the authors [18]. The flexural strengths obtained from
full analytical model of the three beams tested are compared against the test
results in Fig. 10(a) which shows a good agreement between the analytical
model and the test results. In terms of load — displacement curves, Figs. 10(b)-
(d) show that the full analytical model captured the behaviours of the tested
beams at different stages with the results similar to the test and FE results..

In order to further validate the accuracy and reliability of the proposed full
analytical model, it was employed to predict the flexural strengths and load-
deflection curves of all the 108 models generated using FE model. Examples of
some selected load-deflection curve comparisons are shown in Fig. 11 for the
configuration SW600-ST140-1D180 using PSS with different material
properties. Fig. 11 shows that the analytical and the FE model curves are well
agreed with each other. Results from another comparison example for the same
configuration with solid slab are shown in Fig. 12. Furthermore, results of
beams with different HSS section depths, slab thicknesses are compared in Figs.
13(a) and (b), respectively. Figs. 12 and 13 again indicate that the proposed full
analytical model was able to predict the load-displacement relationship of the
beams with good accuracy.
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Fig. 10 Results obtained from full analytical model compared with tests and FE results in [18]: (a) Comparison of the test and full analytical model in terms of flexural strength; (b) Load —
displacement curves of beam ECC40-140; (c) Load — displacement curves of beam ECC70-140; (d) Load — displacement curves of beam ECC40-170
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Fig. 11 Full analytical model results of beam SW600-ST140-1D180 using PSS with different material properties compared with FE model results. (a) E40-S690; (b) E40-S960; (c) E70-
S690; (d) E70-S960
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Fig. 12 Full analytical model results of beam SW600-ST140-1D180 using solid slab compared with FE model results: (a) E40-S690; (b) E40-S960; (c) E70-S690; (d) E70-S960
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Fig. 13 Full analytical model results of different beams compared with FE model results: (a) Beams with different HSS section depths; (b) Beams with different slab thickness
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Fig. 14 Flexural strength obtained by full and simple analytical models compared with FE
models

Regarding flexural strength prediction, comparisons between the simple
analytical model and the full analytical model against the FE modelling results
for all 108 models are plotted in Fig. 14. Fig. 14 shows that virtually all full
analytical model results are within the 10% deviation lines. On the other hand,
predictions by the simple analytical model have a wider scattering and generally
underpredict the flexural strength. The mean and standard deviation of flexural
strength prediction ratios obtained by the simple analytical model (Mgns) and
the full analytical models (M¢na) for the three tested beams in [18] and the 108
FE models (Megg) are summarized in Table 6. Table 6 clearly shows that the full
analytical model results are more accurate and reliable than the simple analytical
model results.

6. Conclusions

In this study, by using a validated 3D finite element (FE) model developed
in authors’ previous work [18], 108 models were generated and analysed to
assess the accuracies of RPA approaches in predicting the flexural capacity of
ECC-HSS composite beams. Simple and full analytical models were also
developed in order to obtain the bending responses of these beams. Based on
the results achieved, the following conclusions can be drawn.

(1) It is found that RPA approaches underpredicted (on average from 17%
to 38%) the flexural strength of the ECC-HSS composite beams. Hence, an
improved simple analytical model accounting for the higher compressive
ductility of ECC was proposed. Validation with experimental and FE modelling
results found that this simple analytical model produced more accurate
predictions and reduced the average underprediction to 13%.

(2) In order to produce the full load-deflection curve of the beams without
running any time-consuming FE model, full analytical model that is based on
strain compatibility and force equilibrium was developed and validated against
experimental and FE model results. Validation results show that this full
analytical model produced more accurate and reliable results than the simple
analytical model with prediction accuracy very close to the 3D FE modelling
and tests results.
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ABSTRACT

ARTICLE HISTORY

The paper aims to investigate the bending behavior and free vibration of the concrete-steel composite floors, including high
temperatures. The inspected properties are analyzed for the maximum displacement, load capacity, energy absorption
capacity, and acceleration by using bending tests for varying stud density and elevated temperatures. Withal, bolts are used

Received: 12 September 2022
Revised: 5 March 2023
Accepted: 3 April 2023

as studs throughout this study. The result of bending tests implies that, decreasing the spacing of the studs and the addition

of mesh reinforcement and steel fiber will increase the energy absorption and maximum load capacity of the steel composite
floors. Besides, the increasing the stud density reduces the vibration response of the composite floors, and the mesh
reinforcement eliminates the efficiency of the steel fiber on the vibration response of the steel composite floors. Meanwhile,
increasing the steel-fiber content causes the reduction in the vibration response of the slabs exposed to high temperatures.

Copyright © 2023 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Steel composite floors are considered as an alternative to the commonly
used conventional reinforced concrete floors. Steel composite floors are
generally preferred in recreational, commercial, industrial, and residential
buildings due to their fast construction process and safe and economical
construction methods. Structurally, composite flooring meets all needs in terms
of providing the sufficient strength and durability stipulated by the standards.
Composite floors consist of steel sheets, plain or reinforced concrete, and
connectors. The strength and ductility of the steel-concrete composite floors
depend on various factors such as the geometry of the profiled sheeting, layout
and position of the connectors used to ensure composite action between the steel
sheeting, the reinforced concrete, and the thickness of the profiled sheeting [1-
4]. In addition, steel composite floors, which can also be used as reinforcement
elements in structural systems, can also resist bending (positive and negative
moment) moments in both directions [5]. Steel sheet, which is one of the
components of steel composite flooring, can be used not only as a mold but also
in cases where tensile stresses are intense [6]. In addition to materials such as
steel sheet, conventional concrete and studs that make up the composite flooring,
it is also aimed to reduce the stresses and vibrations caused by possible bending
of the flooring by using steel fiber in the flooring. Steel fibers increase the shear
and bending strength after cracks occur, allowing effective stress to spread
uniformly between these cracks [7]. Studs are widely used in structures to meet
the shear forces between composite materials, especially at the floors. The
dynamic and/or static loads result in the shear force and bending moment at the
floors. In addition, it can be exposed to environmental vibration, earthquake,
wind, explosions and vibration, caused by machines on the floor. Such
vibrations can cause undesirable deflections and horizontal displacements in the
structure. Furthermore, these vibrations negatively affect human comfort and
can also damage some important equipment in the building [8]. Therefore, floor
vibrations must be considered in the structural design or evaluation [9].

In recent years, the composite floors have been in great demand, due to their
light weight, affordability, and ability to respond to natural disasters, such as
earthquakes. However, the free or forced vibration behavior of composite floors
is a very familiar phenomenon. The most common practice to improve the
quality of composite floors is to identify and suppress the unwanted vibrations,
as vibration can cause discomfort, serviceability problems, and direct failure of
the structure.  Several studies on the determination of the dynamic
characteristics of the structural floor systems have been performed with an
emphasis on the natural frequencies of the floor systems. Ferreira and Fasshauer
[10] performed a study on the free vibration of symmetric composite plates
based on an innovative numerical scheme. The results of different thickness-to-
length ratios were determined and discussed in the study. Ju et al. [11] performed
experimental tests to measure the natural frequencies and damping ratios of a

new composite floor system. The composite floor systems consisting of steel
beams and concrete slabs were examined, and the results were compared with
the design codes to evaluate the serviceability of the system in three construction
stages (steel erection stage, concrete casting stage, and finishing stage).
Gandomkar et al. [12] experimentally and numerically investigated the effect of
parameters such as screw spacing, steel profiled sheet thickness, and dry board
thickness on the natural frequencies of a composite floor system by the name of
profiled steel sheet dry board (PSSDB). Furthermore, Gandomkar et al. [13]
measured the natural frequencies of profiled steel sheet dry board floors infilled
with concrete (PSSDBS). Hector and Fernando [14] conducted an experimental
study to determine the shear behavior of composite slabs according to Eurocode
4. In order to examine the shear behavior, cracks were observed with cyclic
loading in composite slabs designed differently from each other. Hick et al. [15]
investigated the contribution of the use of studs to the shear resistance of
composite slabs formed with steel profiles with a span of 11.4 m. The results
showed that the effect of stud should be considered in three-point bending tests.
Costa-Neves et al. [16] specified the modes of vibration and natural frequencies
of the composite steel deck floor system in a multi-story, multi-bay building.
They used the system's natural frequencies to determine its comfortableness.
Jarner©et al. [17] experimentally investigated the natural frequencies, mode
shapes, and damping ratio of a prefabricated timber floor system in unusual
boundary conditions and different construction stages. The main concerns about
composite slabs are mostly focused on the shear bond, shear resistance, flexural
strength, and slip behavior, including cast screws [11, 12, 16, 17]. Holomek et
al. [18] conducted a series of experiments to investigate the effects of cast screws
diameters and structural element layouts on the bending capacity of composite
slabs. The results showed that small-diameter screws were effective at small
shear forces, while large ones were efficient at-large shear forces.

This study aims to investigate the effect of the shear stud density on the
vibration response and bending behavior of the steel composite floors, including
the post-fire response. Meanwhile, the spacing of the studs, steel fiber content,
and the mesh reinforcement were considered as the parameters of the
investigation. The high-temperature, steel fibers, stud density, and
reinforcement effect with free vibration for bending are inspected, also.

2. Experimental work
2.1. Material properties and specimens

In this investigation, 18 steel-concrete composite floor models were
prepared using three types of concrete mixes (conventional concrete and two
types of steel fiber reinforced concrete). The concrete mixes was produced
according to the Turkish Standard TS802 [19], using CEM II/A-M(P-LL) 42.5
R cement and 16 mm maximum size aggregate. The hooked steel fiber (Fig. 1a)
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with the geometric dimension of length (L) = 35 mm, diameter (d) = 0.55 mm,
and the aspect ratio (L/d) = 65 with a nominal tensile strength of 1.345 MPa and
young’s modulus of 2x105 MPa was selected according to TS/EN-14889-1 [20].
The amount of steel fiber for the steel fiber reinforced concrete (SFRC) was
chosen as 30 kg/m?® and 60 kg/m® of the total volume of the model. The no-fiber
type reference samples presented a compressive strength as 50 MPa, where the
similar strength values were 48 and 43 MPa for the samples with 30 kg/m?® and
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60 kg/m?® steel fibers, respectively. The galvanized cold-formed steel sheet was
used with the dimensions of 860x27x0.5 mm, for the floor decking of the models.
M6*80 mm pan-headed bolts with EPDM bonded sealing washers were used
for strengthening the shear bond between concrete and the steel sheet (Fig. 1b).
To observe the stud density effect, the spans for bolt-type studs are designed for
22 and 55 cm. Furthermore, for the models, the Q188/188 mesh reinforcements
(Fig. 1c) were used according to TS4559 [21].

(c)

Fig. 1 Composite floor components used in the study

In this investigation, there are two groups of models. The first group of
models includes 12 steel-composite floors fabricated with an aspect ratio of 0.8
(1500 mm x 1200 mm), and the second group includes 6 with an aspect ratio of
0.92 (760 mm x 700 mm). The second group of the models is designed according
to high-temperature furnace for three hours of 600 °C (6 hours from room

temperature to 600 °C, 3 hours at 600 °C, and 8 hours from 600 °C to room
temperature). The thickness of all the models is considered as 110 mm. The type
of concrete, the spacing of the bolts, and the reinforcement are the main
variables of the models. The specifications and dimensions of the models are
presented in Table 1 and Fig. 2.

Table 1
Properties of composite floor models
Model Code Type of Concrete Steel Fiber Ratio in Bolts Spacing Mesh Reinforcement
(Compressive Strength) Concrete (Kg/m®) (mm)
Group 1 of Models (1500 mm x 1200 mm)
cca22Mm 0 220 With Mesh
CC55M 0 550 With Mesh
Conventional Concrete
CC22 0 220 Without Mesh
CC55 0 550 Without Mesh
30SFRC22M 30 220 With Mesh
30SFRC55M 30 550 With Mesh
30 kg/m3 SFRC
30SFRC22 30 220 Without Mesh
30SFRC55 30 550 Without Mesh
60SFRC22M 60 220 With Mesh
60SFRC55M 60 550 With Mesh
60 kg/m® SFRC
60SFRC22 60 220 Without Mesh
60SFRC55 60 550 Without Mesh
Group 2 of Models (760 mm x 700 mm)
FCC22M 0 220 With Mesh
Conventional Concrete
FCC22 0 220 Without Mesh
F30SFRC22M 30 220 With Mesh
30 kg/m3 SFRC
F30SFRC22 30 220 Without Mesh
F60SFRC22M 60 220 With Mesh
60 kg/m® SFRC
F60SFRC22 60 220 Without Mesh
Model Code
Steel Fiber Reinforce Concrete Bolt Spacing
: Bolt Spacin :
Exposed to High i o pacing Mesh Reinforcement

Temperature (600 °C) y £ 60SERC 22

Conventional Concrete l
X
22

"\
cC

M
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Fig. 2 Geometric dimensions of tested models (a) Group 1 (b) Group 2 (c) Composite floor bolt detail
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Table 2
Concrete mixing ratios
Sand (0- Aggregate Steel
Concrete type ier?rigt 4 mm) (4-16 mm) ‘Q";‘;ﬁ; fiber
g kg/m® kg/m?® 4 kg/m®
Conventional 370 448.54 1345 206.614 0
concrete
30SFRC 365.317 442.87 1328.47 204 30
60SFRC 360.64 437.2 1311.45 201.4 60

2.2. Test setup and procedure

2.2.1. Concrete experiments

As the main component of the composite floors, the concrete, with or
without fibers, was tested for the mechanical properties. The concrete mixture
calculation was made according to TS 802 [19] (Table 2), and a total of 18
concrete samples were prepared to be placed in 15x15x15 cm cube, 10x10x40
prism and 10x20 cylinder molds (Fig. 3a). The obtained concrete samples were
kept in a curing environment at 22 <C for 28 days and subjected to compression
and bending tests. The compression and bending tests were realized according

to TS EN 12390-3 [22] and TS EN 12390-5 [23], respectively. Then, relevant
tests were also repeated for the samples with the 30 or 60 kg/m? steel fibers. The
placement of the studs to the steel sheet before concrete pouring is shown in Fig.
3b and after the concrete is poured, the composite floor is presented in Fig. 3c.
The 28 days- compression and flexural test results of three mixtures are given
in Table 3. Furthermore, the stress-strain curves of samples observed from the
compressive strength tests are also shown in Fig. 4. The mean value of three
samples was used while drawing the stress-strain curve.

Table 3
Hardened concrete test results

Compressive strength Flexural strength

Concrete Conventional 30SFRC  60SFRC Conventional 30SFRC  60SFRC
type/Sample concrete concrete

Sample 1 50.42 49.81 42.35 3.80 4.44 4.32
Sample 2 46.95 47.15 41.67 4.15 4.33 4.64
Sample 3 50.08 46.71 44.40 4.09 4.20 4.84
Average 49.15 47.89 42.81 4.01 4.32 4.60
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Fig. 3 Concrete mixture experiments: a) Concrete poured into cube, cylinder and prism molds b) Placement of the studs to the sheet steel without concrete c) Model composite floor
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Fig. 5 The bending test setup, the positions of LVDTSs, and strain gages of the models (all units are mm)
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2.2.2. Bending test setup

The bending tests were to measure the bending capacities and
corresponding deformations of composite floors formed with different fiber
ratios and mesh reinforcements. The effects of steel fibers, stud placement, high
temperature, and mesh reinforcements on the bending capacities, and the
deformation abilities of the slabs were determined by bending tests. The
orientation and the drawing of the experimental setup can be seen at Fig. 5. Thus,
the hydraulic pump with a load capacity of 1000 KN is in a position to apply a
uniform load to the entire floor resting on two horizontally placed supports (Fig.
4a). The bending tests of the models were prepared according to the Eurocode-
4 [24]. To measure the vertical displacement of the models, the LVDTSs (Linear
Variable Displacement Transducers) were placed vertically in three positions
under the floor systems. Besides, the strain gauges were attached to each model

1

[Accelerometer
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to measure the deformations of the steel sheet. Fig. 5 shows the bending test
setup, the positions of LVDTSs, and strain gages of the models.

2.2.3. Vibration test setup

The accelerometer tests were applied to measure possible vibrations that
may occur on the samples. The effect of steel fibers, placement of studs, high-
temperature, and mesh reinforcements on vibrations have been investigated, by
using accelerometer data for the region where the sample would likely deflect
the most (Fig. 6a). The vibration test experimentation is shown in Fig. 6b.
Within the light of the literature, the digital accelerometer (CMG-5TD) was
placed to area, where the moment is maximum [25]. The sensor was positioned
and fixed using the provided screws to the surface of the model and connected
to the PC.

»‘11°+
H

212

“
‘

4

Fig. 6 The vibration test setup: a) Placement on slab of accelerometer b) Application of vibration test

2.2.4. High temperature related experiments

In this part, the models were kept at 600 <T for 3 hours to observe the
changes in bending capacities and vibration parameters, when the samples with
different steel fiber contents and exposed to high temperatures. For this
experiment, a digitally controlled high-temperature furnace with a heating

(a)

capacity of 1200 <C was used. After the models were kept at 600 <C for 3 hours.
Then, they were removed from the high-temperature furnace, after getting
waited to cool down to room temperature (8 hours from 600 °C to room
temperature), for the vibration and bending tests. Fig. 7a and Fig. 7b shows the
high-temperature furnace, and the models placed.

Fig. 7 High-temperature experiments: a) high-temperature furnace b) models in the furnace
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3. Results and discussions

3.1. Bending test
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3.1.1. The effect of bolt spacing on the behavior of the composite floors

Fig. 8 is obtained according to the bending test results. As shown, the
decreasing stud (bolt) spacing increased the bending and energy absorption
capabilities, as the fiber ratio increase.

120 1 ~m 60SFRC22
—e— 60SFRC55
—A— 30SFRC22
1001 o ~ v 30SFRC55
e CcCc22
—<4— CC55
80
—~ —l
>
5 .7.—.\.
60 -
S [ ]
(@]
|
40 -
204/
0 T T T T T T T T T T T T T T
0 10 20 30 40 50 60 70

Displacement (mm)
Fig. 8 Load-displacement graph for CC55, CC22, 30SFRC55, 30SFRC22, 60SFRC55 and 60SFRC22

Table 4
The effect of bolts spacing on the behavior of composite floors
Energy Absorption Difference in Energy . Maximum Displacement at the center point
Model Code (kN*mm) Absorption (%) Maximum Load (kN) (mm)
CcC
CC55 2415.35 77 8
+7.46
CC22 2595.56 90 14
30SFRC
30SFRC55 3204 74 2.6
+1.62
30SFRC22 3256 82 9
60SFRC
60SFRC55 4821.51 99 16
+12.97
60SFRC22 5447.15 106 20
180 ° -~ = 60SFRC22
1 o @ 60SFRC22M
160 + \ A 30SFRC22
1 \ v 30SFRC22M
1401 -+ CcC22
] —<— CC22M
120
~
E J
< 100 AN
: g,
-l
D gl
T T T T T T T T T 1
10 20 30 40 50

Displacement (mm)

Fig. 9 Load-displacement graph for CC22 and CC22M, 30SFRC22, 30SFRC22M, 60SFRC22 and 60SFRC22M
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3.1.2. The effect of mesh reinforcement on the behavior of composite floors
According to the results of the bending tests, it has been determined that the
bolt spacing is at 22 cm, which has the highest bending, displacement and energy
absorption capacity. Therefore, to determine the effectiveness of the mesh
reinforcement, the models with a bolt spacing of 22 cm were taken as a reference
in the test results. As seen in Table 5 and Fig. 9, the energy adsorption capability
was increased by 43.47% for the conventional concrete models. Withal, these
increments were 21.16%, and 31.34%, for the steel fiber reinforced ones with
30 kg/m® and 60 kg/m® respectively. The displacements of the CC22 and
CC22M models were increased linearly in the loading interval of 0-90 kN and
0-150 kN. The displacements corresponding to the maximum load for CC22 and
CC22M models were determined as 14 mm and 17 mm, respectively. Similarly,
the displacement at the center points of 30SFRC22 and 30SFRC22M models
increased linearly in the loading interval of 0-82 kN and 0-80 kN. The
displacements corresponding to the maximum load for the 30SFRC22 and
30SFRC22M models were determined as 9 mm and 18 mm. Furthermore, the

Table 5
The effect of mesh reinforcement on the behavior of composite floors
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displacements of 60SFRC22 and 60SFRC22M were increased linearly in the
loading interval of 0-106 kN and 0-176 kN, and the displacement corresponding
to the maximum load for 60SFRC22 and 60SFRC22M were 20 mm and 24 mm,
respectively.

The maximum load capacities were increased by 62.85%, 64.66%, and
65.56% for the CC, 30SFRC, and 60SFRC models. Furthermore, the
displacements at the maximum load were increased by 32.96%, 216.58%, and
2.63% for the CC, 30SFRC, and 60SFRC samples. The bending tests have
shown that, the use of mesh reinforcements in combination with steel fibers in
composite flooring gives higher bending and displacement capability, then the
ones with conventional concrete. Although, the increase in the amount of steel
fiber in composite floors with mesh reinforcement did not change the bending
capacity much, it was determined that, the displacement capacity decreased
significantly. In addition, the after-test photos of the samples (failure mode) are
shown in Fig. 10.

Energy Absorption

The difference in Energy

Maximum Displacement at the

Model Code (KN*mm) Absorption (%) Maximum Load (kN) center point (mm)

CC22 2595.56 90 14
+43.47

CC22M 3723.86 150 17
30SFRC

30SFRC22 3256 82 9
+21.16

30SFRC22M 3945.06 140 18
60SFRC

60SFRC22 4089.97 106 20
+31.34

60SFRC22M 5371.65 176 24

-

UL LT

Fig. 10 Failure mode of tested samples a) CC22 b) CC22M c) 30SFRC55 d) 30SFRC55M e) 60SFRC55
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3.1.3. The effect of steel fiber reinforcement on the behavior of composite floors

As seen in Table 6, when the steel-fiber is added to the mixture, the energy
absorption capacity is increased by 25.45 % for the models with 30 kg/m? steel-
fiber, where this increment was 57.58 % for the ones with 60 kg/m? for the steel-
fibers. The maximum load capacity of the composite floors were decreased by
8.89% and increased by 17.78% for the 30SFRC and 60SFRC models. The
displacements at the maximum load were decreased by 35.71% and increased
by 42.86% for the 30SFRC and 60SFRC models. As expected, increasing the
steel fiber content to 30 kg/m® resulted less load carrying capability, but greater
deformation capability, when compared to conventional concrete models.
Which means, more permanent deformation and more energy absorption
capability without sudden collapse.

Table 6
The effect of steel fiber reinforcement on the behavior of composite floors
The .
. . Maximum
Energy difference in Maximum Displacement at
Model Code Absorption Energy P -
J Load (KN) the center point
(KN*mm) Absorption (mm)
(%)
CC22 2595.56 - 90 14
30SFRCC22 3256.00 +25.45 82 9
60SFRCC22 4089.97 +57.58 106 20

Fig. 11 shows the load displacement at the center point of the models. The
displacements of the CC22, 30SFRC22, and 60SFRC22 models were increased
linearly in the 0-90 kN, 0-82 kN, and 0-06 kN loading ranges. If it is desired to
create composite flooring with only steel fiber reinforcement, without the use of
mesh reinforcement, it is foreseen that the amount of fiber should be adjusted
optimally. Because, it is obvious that the energy absorption capacity, bending
strength and permanent deformation of the model with 60 kg/m?® steel fiber
content was higher than that of the one with 30 kg/m?® steel fiber content. In
addition, the permanent deformation without sudden load changes of the model
containing 60 kg/m® steel fiber and loss of permanent deformation ability, as
sudden load loss for the one with 30 kg/m?® steel fiber indicates the optimum
amount of the steel fiber.

Fig. 12 has been drawn to compare the energy absorption, load carrying,
and permanent strain capacities of the Group 1 samples concerning each other.

216

As shown in Fig. 12a, the flooring with the highest energy absorption capacity
was the model with 60 kg/m? steel fiber content, 22 cm bolt (stud) spacing, and
no mesh reinforcement. In this case, it is understood that the steel fiber and the
bolt spacing contribute significantly to the ductility of the flooring. In Fig. 12b,
it is seen that the composite flooring with 60 kg/m® steel fiber content, mesh
reinforcement and 22 cm bolt spacing has the highest load-carrying capacity. It
has been determined that the increase in the amount of steel fiber, the reduction
of the bolt spacing and the use of mesh reinforcement increase the load capacity
of the flooring. In Fig. 12c, it is observed that the composite flooring with 60
kg/m® fiber content, no mesh reinforcement and 22 c¢m bolt spacing has the
highest displacement capacity. It has also been determined that the
displacements of the model, in which the steel fiber and mesh reinforcement are
used together, are not much different from the displacements of the only
conventional concrete-containing model.
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3.1.4. The effect of mesh reinforcement and steel fiber reinforcement on the
behavior of models exposed to high temperatures

The load-displacement graph of the models exposed to high-temperature is
shown in Fig. 13. The displacements of the FCC22, FCC22M, F30SFRC22,
F30SFRC22M, and F60SFRC22 models increased linearly with increasing the
load up to 61 kN, 108 kN, 88 kN, 129 kN, and 105.88 kN respectively. The
displacements corresponding to the maximum load of these models were
determined as 20 mm, 13 mm, 14 mm, 14 mm, 19.8 mm and 8 mm.

As shown in Table 7, when the mesh reinforcement is added to the models,
the effect of elevated temperature to energy absorption capacity is increased by
52.26 % in conventional concrete, by 39.07 % for the models with 30 kg/m?®
steel fibers, and by 22.92 % for the ones with 60 kg/m? steel fibers. After the
high-temperature process, the observed maximum load was increased by for the
CC model. However, the same observation for the 30SFRC, and 60SFRC
models were indicated an increase by 46.59% and 28.45%, respectively. When
the steel fiber is added to the concrete mixture, the energy absorption capacity
is increased by 61.86% and 121.09% in 30 kg/m? reinforced steel fiber concrete,
and 60 kg/m® reinforced steel fiber concrete. Besides, the maximum load
capacities of the models were increased by 44.26% and 73.57% for the 30SFRC
and 60 SFRC ones. Furthermore, the displacements corresponding to the
maximum load were decreased by 30% and 1% for the 30SFRC and 60SFRC
models, respectively.

Table 7
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Fig. 13 Load-displacement graph for FCC22, FCC22M, F30SFRC22, F30SFRC22M,
F60SFRC22, and F60SFRC22M)

The effect of mesh reinforcement and steel fiber reinforcement on the behavior of composite floors exposed to high temperatures

The difference in Energy

Maximum Displacement at the

. . .
Model Code Energy Absorption Area (KN*mm) Absorption (%) Maximum Load (KN) center (mm)
cc
FCC22 1024 61 20
+52.26
FCC22M 1559.11 108 13
30SFRC
F30SFRC22 1657.46 88 14
+39.07
F30SFRC22M 2305.09 129 14
60SFRC
F60SFRCC22 2264 105.88 19.8
+22.92
F60SFRC22M 2783 136 8

3.2. Vibration response

In this study, the vertical vibrations were obtained by placing CMG-5TD
accelerometers on the model slabs made of 30 kg/m® and 60 kg/m?® steel fiber
with conventional concrete with varying stud spacings. The vibrations were
measured in 1st group models (1500 x 1200 mm) and 2nd group models
(760x700 mm) after the high-temperature process. The vibration records,
applied in 0.01 s time steps in the time history, were filtered in the frequency
range of 0.5-25 Hz to obtain internal vibration data from the sample. The natural
frequencies of the models were determined by using Fourier transforms (FFT)
[26]. The frequency environment of the models with varying stud spacings and
mesh reinforcements, for the conventional concrete were presented in Fig. 14.
The 1st mode natural frequencies of the CC22, CC22M, CC55M and CC55

models were determined as 10.53, 20.44, 11.82 and 13.99 Hz, respectively. It
was determined that, reducing the screw (stud) spacing from 55 cm to 22 cm,
the natural frequency was reduced by 10.92% for the no-mesh model, and by
31.67% for the one with mesh. Withal, the use of mesh reinforcement was shown
that, the oscillations were reduced by approximately 50% for the models with
22 cm screw spacing, and 14% for the ones with 55 cm screw spacing. The 2nd
mode frequencies of the CC22, CC22M, CC55 and CC55M models were
obtained as 12.95, 21.02, 17.18, and 20.8 Hz, respectively. The 3rd mode
frequencies of the models were determined as 23.7 Hz. The CC55 model had
the highest amplitude between the ones at the same frequency. It was noted that
in this group of models, the arrangement of the mesh reinforcement and the 22
cm screw spacing present the most optimum results.
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The frequency calculations, obtained for the models with 30 kg/m?® fibers
are presented in Fig. 15. It has been determined that, the use of 30 kg/m® steel
fiber with 22 cm screw spacing was increased the natural frequency of the
flooring from 10.53 Hz to 12.67 Hz. The natural frequency, for the model with
mesh reinforcement and same screw spacing, was decreased from 20.44 Hz to
9.57 Hz with the use of 30 kg/m?® steel fiber. A similar situation was also
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presented for the model with 55 cm screw spacing. In this case, the simultaneous
use of mesh reinforcement and 30 kg/m? steel fiber showed that, the oscillation
of the model was increased. In Fig. 15c, the model with the smallest amplitude
in the same frequency ranges was the CC55 one. The use of 30kg/m?® steel fiber
with 55 cm screw spacing, was implied the most optimum result.
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Fig. 15 Frequency of the models containing 30 kg/m® steel fiber a) 30SFRC22 b) 30SFRC22M c) 30SFRC55 d) 30SFRC55M

The frequency transforms, obtained for the models with 60 kg/m? fibers,
were presented in Fig. 16. It was determined that, the dominant frequencies of
the 60SFRC22 and 60SFRC22M models were 23.7 and 24.87 Hz, respectively
(Fig. 16). As a result of 60 kg/m? steel fiber addition to the mix of the models
with 22 cm screw spacing and mesh reinforcement; the oscillations were

decreased about 18%. The 1st mode frequencies of the 60SFRC55 and
60SFRC55M models were 13.88 and 12.5 Hz (Fig. 16c and Fig. 16d). It was
also obtained that 60 kg/m?® steel fiber addition to the mix was implied a good
result by increasing the oscillation of the models with or without mesh, but with
55 cm screw spacing. The oscillations of the models, with 22 cm screw spacing,
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mesh reinforcement and 60 kg/m® steel fiber content, were reduced
approximately 56% for 1st group samples. When 30 kg/m? steel fiber and mesh
reinforcement were used together, the oscillations of the models were increased.
However, the addition of 30 kg/m® or 60 kg/m? steel fiber with 55 cm screw
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spacing were reduced the oscillations approximately 25% and 24%, respectively.
It was predicted that the 60SFRC22M model with 22 cm screw spacing and the
30SFRC55 model with 55 cm screw spacing were the most optimal ones for the
oscillations.
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Fig. 16 Frequency of the models with 60 kg/m? steel fiber a) 60SFRC22 b) 60SFRC22M c) 60SFRC55 d) 60SFRC55M

The models of 760x720 mm, with 22 cm screw spacing, were inspected
after high-temperature process at 600 <C for vibration analysis. Fig. 17 shows
the frequency conversions of the models produced by conventional concrete,
with and without mesh-reinforcement, before and after high-temperature
process at 600 <C. The natural frequencies of the CC22, CC22M, FCC22 and
FC22M models were 18.05, 19.07, 14.32, and 13.02 Hz, respectively. The use
of mesh reinforcement before the high-temperature process was reduced the
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oscillations of the model and increased after the high-temperature process. It
was determined that keeping the models at 600 <C increased approximately 21%
and 32%, respectively, for the models with and without mesh. In addition, the
oscillations, with larger amplitude content, were observed for the models after
high temperature process (Fig. 17). The use of mesh was increased the
oscillations of the model against high-temperature process.
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Fig. 17 Frequency of the models without steel fiber exposed to 600 °C temperature process a) CC22 b) C22M c) FCC22 d) FCC22M
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The frequency conversions are presented in Fig. 18, after the high-
temperature process (600 °C) of the models with 30 kg/m® steel fibers. The
dominant frequencies of the 30SFRCC22, 30SFRC22M, F30SFRC22, and
F30SFRC22M models were determined as 18.49, 13.28, 16.09, and 16.58 Hz,
respectively. The emissions were applied by the model increased by 11.2%. The
amplitudes of the models were increased about 10% in the dominant frequency
ranges after the high-temperature process. The use of mesh was significantly
reduced the pre-heat and post-heat amplitudes of the models.

The frequency conversions are presented in Fig. 19, after the high-
temperature process (600 °C) of the models with 60 kg/m?® steel fibers. The
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dominant natural frequencies of the 60SFRCC22, 60SFRC22M, F60SFRC22,
and F60SFRC22M models were determined as 14.32, 13.19, 18.29, and 15.6 Hz,
respectively. As a result, it was observed that 30kg/m?® and 60 kg/m? steel fiber
content were reduced the emissions of the models, approximately 12% and 22%,
respectively. The fact that the model, which was formed by using 60kg/m? steel
fiber and mesh reinforcement together, especially in the same frequency ranges,
produced more amplitude at higher frequencies. Withal, mentioned models were
also showed the highest damping capacity [27, 28].
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The acceleration response spectral curves have been designed by summing
the absolute values of the data in the time history, as a result of vibration tests
[29]. The response spectrum gives ideas about the maximum positive
accelerations that can occur in the model. Based on the acceleration of the model
at the prevailing period values, it has been interpreted to what extent the screw
spacing, mesh reinforcements, and steel fibers to reduce the model vibrations.

The response spectrum acceleration graphs were presented in Fig. 20, for
the 1st group models (1500x1200 mm), without fiber, with 30 kg/m?, and 60
kg/m? fiber content. The maximum acceleration of the CC22, CC22M, CC55
and CC55M models were determined to be 0.0090, 0.0048, 0.018, and 0.0116
m/s?, respectively. It was determined that reducing the screw spacing from 55
cm to 22 cm, was reduced the acceleration by 50.55%, and the mesh
reinforcement was reduced by 46.77% for the same period step. The use of 30
kg/m® and 60 kg/m® steel fiber in composite flooring increases the reaction
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acceleration by approximately 44.44% and 18.91%, respectively, in the same
screw spacing. In general, the use of 30 kg/m® steel fiber and mesh
reinforcement in 22 cm and 55 cm screw spacing created high acceleration
values, such as, 0.0247 m/s? and 0.019 m/s?, respectively, while also reaches the
highest floor vibration acceleration value of 0.056 at 55 cm screw spacing. The
steel fiber content of 30 kg/m® were produced the highest vibration acceleration
values in composite floors (Fig. 20b). The lowest vibration acceleration value in
the study was 0.00468 m/s? in the case of 60 kg/m?® steel fiber content and the
arrangement of screws at 55 cm spacing without mesh reinforcement (Fig. 20c).
Similarly, low acceleration values such as 0.0111 m/s? without mesh
reinforcement and 0.00689 m/s? with mesh reinforcement were produced at 22
cm screw spacing. The test results showed that the composite floor where
vibration accelerations were felt the least was 60SFRC55 and the floor where
the highest vibration is felt was 30SFRC55.
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The response acceleration spectra, for the 760x700 mm, no-fiber, 30 kg/m?,
and 60 kg/m? steel fiber models with 22 cm screw spacing and processed for
600°C (high-temperature condition), were presented in Fig. 21. This result
showed that, reducing the size of models also reduces vibrations, as expected. It
was observed that the same models reached vibration acceleration values of
0.0115 and 0.0119 m/s?, respectively. The increase in vibration acceleration
after heating process, corresponds to approximately 59% and 42%, respectively.
It was observed that the vibration accelerations of the models without or with
mesh by using 30 kg/m?® steel fiber, were increased by 8.28% and 3.25%,
respectively. The vibration accelerations of the models, without or with mesh
using 60 kg/m? steel fiber, were decreased by 33.59% and 36.13%, respectively.
Withal, the highest vibration acceleration was observed as 0.0175 m/s? for the
60SFRC22M model, and the lowest one was observed for the 30SFRC22 model
as 0.0047 m/s2, among the second group.

The highest vibration acceleration of the F30SFRC22M model was
observed as 0.0169 m/s?, where the lowest one was 0.0047 m/s2. The vibration
acceleration of the model CC22M was determined as 0.0069 m/s? before the
heating process with the same screw spacing, also. In this case, if the model,
with 60 kg/m?® steel fiber, was exposed to the heating process, the vibration of
the model was increased only by 9.21%. However, it was detected that the
vibration acceleration of the model, without mesh, was 0.0047 m/s? before the
heating process. Similarly, the model with 60 kg/m? steel fiber, was reached a
great value of 0.0103 m/s? with an increase of 54%. This result implies that, the
60 kg/m?® steel fiber content ensures optimum compatibility with the mesh
reinforcement and minimizes floor vibrations, also.

4, Conclusion

The vibration response and the bending behavior of 18 model composite
floors have been investigated in this study. The effect of bolt spacing, steel-fiber,
and mesh reinforcement on the performance of the model composite floors were
analyzed, experimentally. Furthermore, the effects of high-temperature on the
behavior of the models were examined.

R

<> Decreasing the spacings of the screws in the models without mesh
reinforcement decreased the peak acceleration response of the steel composite
floors. The affectivity of the screw spacing reduction was strikingly decreased
by the fiber increase. The effectiveness values were found as 73.2%, 19.5%, and
10.8%, for the models with steel fibers, and 60 kgm?® steel fibers, respectively.

<> Using mesh reinforcement was decreased the peak acceleration
response of the model composite floors manufactured with conventional
concrete. However, using the steel-fiber was increased the peak acceleration
response of the models.

*

% When the composite floors were exposed to the high-temperature,
the peak acceleration response was increased for the models with conventional
concrete, but started to decrease by increasing the amount of the steel fiber
content.
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<& Decreasing the bolt spacing and adding the mesh, caused an increase
in the energy absorption capacity, maximum load capacity, and maximum
displacement of all the models in group 1. Meanwhile, using steel fiber has
shown an increase in the energy absorption capacity of the models.

*

< Using the mesh and steel fiber caused an increase in the energy
absorption capacity of the high-temperature exposed models (Group 2 models).

*

< Vibration test results show that the model vibrations were reduced
by approximately 50% as a result of reducing screw spacing. It has been
determined that the model vibrations are reduced by 47% in the case of using
mesh reinforcement.

*

< The 60 kg/m?® steel fiber content can significantly (approximately
54%) reduce possible vibrations that may occur in composite floors when used
with mesh reinforcements. In addition, the use of 60 kg/m? steel fiber with or
without mesh reinforcement in composite floors with screw spacing of 55 cm,
the acceleration values were similar to composite floors formed with 22 cm
screw spacing.

*

< The use of 60 kg/m® steel fiber content together with the mesh
reinforcement is effective in reducing the vibrations of composite floors after
the high-temperature process. The vibrations of the composite model floors
prepared before the heat process and formed with conventional concrete at 22
cm screw spacing, increased by approximately 9% compared to the vibrations
of the other models when exposed to high-temperature process with the addition
of 60 kg/m® steel fiber and mesh reinforcement, and became the most
recommended flooring type.

*

< The deformation, energy absorption capacities, floor vibrations, and
the fire resistance are considered; the applicable flooring type is 60SFRC22M
composite flooring with 60kg/m® steel fiber, 22 cm screw spacing, mesh
reinforcement and traditional concrete.

*

< The results showed that the amount of steel fiber should be optimally
adjusted for the mesh reinforcement and steel fiber to work in harmony. It is
also foreseen that if a high amount of steel fiber content is used, the screw
spacing should be adjusted according to this ratio.
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ABSTRACT

ARTICLE HISTORY

Shear deformation may significantly affect the structural behaviours, especially for the structural members with small
span-to-depth ratios. It is vital to consider the shear effects in the Direct Analysis Method (DAM) of thin-walled
structures such that only the section capacity check is required in the evaluation of both member and system stability.

Received: 2 February 2022
Revised: 13 September 2022
Accepted: 21 October 2022

However, there is lack of a general method to determine the shear correction factors of thin-walled cross-sections in

various shapes and as a result DAM cannot be applied to the structures adopting these cross-sections. This paper proposes
an innovative one-dimensional warping element model method to compute the shear correction factors of arbitrary
thin-walled sections such as single open and closed sections, built-up sections, and large box sections with stiffeners.
Also, the thin-walled cross-sections with non-uniform thickness can be considered by the proposed method. Several
examples are investigated to validate the accuracy and efficiency of the proposed method against the analytical solution,
conventional warping area element method and section analysis in ANSYS. Thus, this work provides a simple and
practical method for direct analysis of thin-walled structures made of complex cross-sections with consideration of shear

deformation.

Copyright © 2023 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Thin-walled members are widely used in the construction of building and
bridge structures owing to their advantages of light weight, material saving,
excellent stiffness and high strength. When the thin-walled members with a
relatively small span-to-depth ratio are adopted in the engineering structures
such as box girder bridges and long-span spatial structures (Bai et al. 2021;
Shen et al. 2019; Ljubinkovic et al. 2019; Liu et al. 2018), the influence of
shear deformation increases and therefore the beam-column elements based on
the Euler-Bernoulli theory cannot provide accurate prediction. To this point,
the beam-column elements based on Timoshenko theory considering shear
deformation attract considerable attention worldwide (Saritas et al. 2009;
Dikaros et al. 2016; Ding et al. 2018; Franza et al. 2020; Wang et al. 2014;
Tao et al. 2014; Zhuge et al. 2020; Bai et al. 2020; Du et al. 2019; Tang et al.
2022). 1t is vital to consider the shear effects in the Direct Analysis Method
(DAM) of thin-walled structures for better prediction of structural behaviours
such that only the section capacity check is required in the evaluation of both
member and system stability (Du et al. 2019; Tang et al. 2022) without use of
the conventional effective length method (ELM). The ELM is based on linear
analysis with many limitations as discussed by Chan et al. (2005). However,
there is lack of general method to determine the shear correction factors of
thin-walled cross-sections in various shapes when using Timoshenko
beam-column elements and as a result DAM cannot be applied to this kind of
structures with the cross-sections in various shapes.
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Fig. 1 Shear correction factor for non-uniformly distributed shear stress

The shear correction factor is widely used to represent the non-uniformly
distributed shear stresses in a cross-section when using a beam-column model

for global structural analysis. As illustrated in Fig. 1, the actual shear effect
can be replaced by average shear stress multiplying by shear correction factor
and the cross-sectional area.

For thin-walled members with a small span-to-depth ratio, the
Timoshenko beam-column model allowing for shear deformations has been
continuously improved, including the force-based and displacement-based
elements. Du et al. (2019) proposed a novel flexibility-based beam-column
element considering both shear deformation and member initial imperfection,
as well as material nonlinearity by the fiber section method. Bai et al. (2020)
presented a mixed beam-column element considering shear deformation for
taper I-section member. Based on the point precise element (PEP) proposed by
Chan et al. 1994, Tang et al. (2022) put forward an improved PEP element
considering shear deformation and member initial imperfection. The
mentioned new Timoshenko beam-column models provide excellent results.
Paolo et al. (2018, 2021) proposed a mixed 3D beam element to consider
shear deformation based on the warping displacement field of the cross
sections. However, the traditional beam-column elements cannot account for
both shear deformations and initial member imperfection, which are
compulsively required in direct analysis.

Extensive works on Timoshenko beam-column models are also found in
conventional nonlinear analysis focused on material nonlinearity. A fiber
beam model considering slab spatial composite effect proposed by Tao et al.
(2014) is based on the Timoshenko beam-column element in the commercial
software Msc.Marc. Similarly, several fiber beam-column models are
proposed by Ding et al. (2018) for reinforced concrete coupling beam and steel
link beam with consideration of nonlinear shear behaviors in Msc.Marc. Wang
et al. (2014) adopted the commercial software ABAQUS to implement a novel
beam-column element for circular concrete filled steel tube considering
torsional effect.

Note that the above works are mainly for the structural members using
regular shape cross-sections, in which the shear correction factors for
prediction of shear effect can be determined by analytical methods. Generally
speaking, the previous research on Timoshenko beam-column models which
use shear correction factors to include shear effects is limited to some typical
shapes such as circular sections, rectangular sections, I-shape sections, box
sections and Tee sections. There is an urgent need to develop a general method
for determination of shear correction factors of thin-walled sections with
various shapes, complicated box sections with extensive stiffeners, built-up
sections, etc. Otherwise, the Timoshenko beam-column elements with
excellent performance as reported in existing literature, such as Du et al. (2019)
and Tang et al. (2022), cannot be used to predict the structural behaviors of the
structures with unusual shape of cross-sections when the shear deformation
becomes dominant.
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Previous research on shear correction factors mainly focuses on the
analytical solutions for simple shape sections (Timoshenko 1921, 1970; Love
1944; Herrmann 1965; Cowper 1966; Stephen 1980, 2001; Hutchinson 2001),
numerical methods for more complicated sections (Krahula 1969; Karan 1979;
Schramm et al. 1994; Friedman et al. 2000; Gruttman et al. 1999, 2001; Dong
et al. 2010, 2013; Fialko et al. 2013), and experimental study for rectangular
sections (Puchegger et al. 2003). Generally, the analytical methods and the
experimental methods are limited to single regular sections. Also, the
experimental method has both cost and time implication and therefore it is
limited to research purpose. The numerical methods are mainly based on the
fiber section approach, in which the section should be meshed into a number
of triangular or quadrilateral shape fibers. This kind of methods requires
reliable meshing algorithm. For thin-walled sections in irregular shape,
extensive fibers may be induced and as a result the calculation process
becomes time-consuming. Most importantly, the fiber-based method cannot be
applied to the sections with several discontinuous areas like compound
sections, which are widely used in steel structures.
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In this paper, a generalized numerical method is proposed for
determination of the shear correction factors of thin-walled sections in various
shapes. Both the open and closed thin-walled sections using uniform or
non-uniform thickness can be taken into account. This method is also
applicable to complicated box sections with extensive stiffeners and built-up
sections. Karan (1979) and Gruttman (1999, 2001) introduced a simple model,
i.e., a cantilever beam subjected to free-end concentrated force, to study the
shear deformation of structural members. Their method is essentially a
fiber-based approach, in which the cross section is simulated by several plane
warping area elements as indicated in Fig. 2(a). The drawbacks as discussed
above such as time-consuming and continuous sectional areas only will limit
the applications of this kind of methods in more complicated cases. Thus, a
new one-dimensional element method allowing for warping effect is proposed
here to calculate the shear correction factors of thin-wall sections in general
cases, as shown in Fig. 2(b).
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Fig. 2 Two numerical methods for shear correction factors: (a) Traditional 2D element model; (b) Proposed 1D element model

It is also found that few research is carried out on the determination of the
shear correction factors of built-up sections composed of several single
sections such as angles and channels connected with fasteners. An equivalent
plate thickness method will be also developed to fill this gap.

In the proposed one-dimensional element model, the change of shear
stress along the plate thickness is ignored as this kind of stress is not dominant
in the thin-walled sections. The method is implemented in the program NIDA.
Finally, several examples for the commonly used thin-walled sections are
investigated for validation and demonstration.

2. One-dimensional warping element model method

The cantilever beam subjected to concentrated loads at the free end as
shown in Fig. 3 is widely used to study the shear correction factors of cross

Ay

beam

sections. The force Vy is for the analysis of bending about x-axis to find shear
center xs. and shear correction factor ky,. Similarly, the force Vi is for the
analysis of the flexural behavior about y-axis to determine shear center y,. and
shear correction factor k. Note that ky is along x-axis caused by Vy, while ky,
is along y-axis induced by V,. The detailed derivation of proposed
one-dimensional element for calculation of shear correction factors are
presented as follows.

It should be noted that the cantilever beam model for derivation of shear
center and shear correction factors is extensively adopted due to the shear
forces along the length of the member being constant. By using this model, the
displacement functions have simple forms for integral, leading to simpler
element formulations than the simple beam and continuous beam models.

y

v

PP SIS

Shear center (X, Ysc)

Fig. 3 Cantilever beam model for study of shear correction factors

2.1. Assumptions

The assumptions are used in this study: (1) the plane section is not
required to remain plane with the consideration of the warping along the
section; (2) the material is isotropic and linearly elastic; (3) the influence on
the geometrical section properties due to section deformation is ignored; (4)
the contribution of St. Venant torsional effect on lateral deflection is ignored;
(5) the direct stress state is the same as the section subjected to pure bending
moments; (6) the change of the shear stress along the plate thickness is

ignored, which is acceptable for thin-walled sections; and (7) both the global
and local buckling effects are ignored.

Note that, the first assumption illustrates that the cross section is not a
rigid plane such that the non-uniform shear stress distribution along the cross
section can be captured. The shear correction factors are widely used in
conjunction with the Timoshenko beam-column elements so that the
numerical efficiency of global structural analysis will be significantly
enhanced. The complicated shear stress distribution has been simplified by
using shear correction factors.
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2.2. Shear correction factors

The displacement field of the cantilever beam as shown in Fig. 3 can be
expressed as (Karan 1979):

u(x,y,z)=u, +u

1 1 1
=(§ Lz? _Ezsjcx +/1(L—Z)[ECX(X2 —y2)+nyy}+azz+a4 1)

Uy Us

V(X Y, 2) =V, +V,

:(% Lz? —%zajcy Jr;z(L—z)ECy(y2 —xz)+Cxxy}+alz+a3 &)

Vo Vs

W(X,Y,2) =W, +W,

=—[Lz—%zz)(cxx+cyy)+¢(x,y)—aiy—azx ©)]

W

Wy

where, u, v, and w represent the displacement along x-, y-, and z-axis,
respectively; us, vy, and wy, represent the displacement caused by the related
bending moment; us, vs, and ws are the displacement caused by the related
shear force; pis Poisson’s ratio; ¢(x,y) is the warping function, and L is
the length of the beam. C, and C, are the coefficients given by:

Vo, -V,
C = XXX yixy
OE(L, - 1Y) @

X« yy

AN

YyIE T T 2 ®)
E(Loly —14°)

where, I and I, are the second moment of inertia with respect to x- and y-axis,

respectively; Iy, represents the inertia product of cross section; E is the

Young’s modulus of elasticity; and the constants a;, a,, as, and a, are related to

the section shape and expressed in a general form as:

_ Ixxj.qﬁ(x, y)ydAflxyj'qﬁ(x,y)di

(6)
Lol =1 xyz
0o |XXJ.¢(X, y)xdA— Ixy'[¢(x, y) ydA o
I e
__mL 1
as_—T[cxlnyrEcy(lquW)} (8)
__uL 1
a4——T[CyIW+ECX(IW—IXX)} (9)
The coordinates of shear center of the cross section are defined as:
M 1
Xge = Vy>< :\TY J(szy Vy=const V=0 YTu Vy:mnst‘vaJ)dA (10)
M, 1
Yo = Ty = \TI(ysz szccmsl‘vyzo_Xsz ‘szoonsl,vyzo)dA (11)

In the above Egs. (10) and (11), only applying V, to the end of the cantilever
beam can obtain X, while only applying V to the end of the cantilever beam
can obtain ys. Totally, two loading cases should be considered. It is noted that
My is the torsion caused by Vy while My is the torsion caused by V..

According to the theory of elasticity mechanics, the normal and shear
stresses can be written as:

o, =-E(L-2)(xC,+YC,) (12)
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. =G{a¢(a):(’ y)_ﬂ[%cx(xz_y2)+xycy}} (13)
_~)og(xy) 1l o

=61 200 e, e, (e -y 19

Oy =0, =1, =0 (15)

in which, G is the shear modulus of elasticity of the material.
Thus, the coordinates of shear center defined in Egs. (10) and (11) can be
rewritten as:

ap(x,y)

2X

Vy=const,V,=0

oy
a¢ X’y =const V, = 16
Xsc:i.l‘ 2y ( )vy tV, =0 dA (16)
ZVY

X
+u(C,x=Cy)(X* +y?)

At VT
&
a¢ X,y =const V, = 17
-5 f| gy WU e an
2\/)(

2X

) "
X

+u(Cx=Cy)(X* +y?)

Yoo =

The average deflections caused by shear forces weighted by the lateral
displacements along the longitudinal z-axis of the cantilever beam are
expressed as:

1
0= j u dA (18)
1

= [v,dn (19)

Further, the average shear deformation can be expressed as:

1
do, _ o JJuer) 10(Ju.dA) (20)
dz oz A &

1
v, _ A(JJuor) 10([v.ar) (21)
dz oz A &

Substituting Egs. (1) to (3) into Egs. (20) and (21), it leads to:

X X

dz GA, GA, GAk, GAKk,

du, Vv \4 \Y \4
= + = + (22)

E_ Vx + VY — Vx + VY
dz GA, GA, GAk, GAk,

(23)
In Egs. (22) and (23), the term Vi/(GAkii) represents the deflection along
i-axis caused by shear force Vi, while the term V; /(GAki,-) represents the
deflection along i-axis caused by shear force Vj. Subscript i can be x or y.
Totally, there are four shear correction factors, i.e., ke, kxy, kyx, and ky, as
given in Egs. (24) to (26). Since the shear deformation along x-axis (or y-axis)
is mainly caused by the shear force along x-axis (or y-axis), the hybrid shear
correction factors ki and ky« are rarely adopted in the practical structural
analysis using beam-column model. Thus, only kx and kyy are discussed in this
paper.

| 2

X'y xy

GA

kxx =
{7[ I xxJ‘X¢(X’ y)‘v,:consz,vy:o dA_ Ixy_l. y¢(x' y)‘vx:consl,\/yzo dA} - ql} (24)

X
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= 80w (1, =1)
o =K o Ly (1, 1) )
k xyy Ty

vy
{GA[ V =const,V,: OdA I J.

y

(26)
V =const V. OdAJ qZ}

in which, g; and g, are the constants given by:

La)=21,° ]

%= 2l (s @7)

%= gz L (1) 2] (28)

From Egs. (24) and (26), the shear correction factors depended on the section
properties (A, |, ly, and ly), material properties (shear modulus of elasticity
G and Poisson’s ratio 1, and warping function ¢(x,y). Thus, once the
warping function ¢(x,y) is known, the shear correction factors can be
determined accordingly. This paper proposes a numerical method to determine
the solution of the warping function ¢#(x,y).

2.3. Warping function for one-dimensional element
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This Section introduces a finite element method to obtain the solution of
warping function ¢(x,y) asshown in Egs. (24) and (26).

Based on the conventional fiber-based approach, a section can be
represented by a number of area elements allowing for warping effect as
shown in Fig. 2(a). The value of ¢(x, y) at each node of the plane element is
denoted as ¢i. Thus, the #(x,y) at the any location of the element can be
interpolated by:

(29)

#=3 N (En¥

Using theory of iso-parametric element, the coordinates of the element
can be expressed as:

M;

X:

N, (£.77)% (30)

N

E]

y=2N(&n)y,

i=l

(1)

where, ¢ and # are the natural coordinates as seen in Fig. 3(a); n is the number
of nodes of the element; and N, (&,77) is the shape function which will be
introduced in the followings.

.Y

.0

@® Node

X Integration point

Fig. 4 Iso-parametric elements: (a) Conventional plane warping area element; and (b) Proposed one-dimensional warping element

In this paper, a one-dimensional warping element as shown in Fig. 4(b) is
proposed to achieve modelling simplicity and computational efficiency. A
thin-walled section can be represented by several two-node segments
modelled by the proposed element. For comparison and verification purposes,
a conventional plane warping area element with four nodes as shown in Fig.
4(a) is also developed here.

In the proposed element, the coordinates of the two nodes are denoted as
(X1, y1) and (xp, y2). For thin-walled sections with non-uniform thickness, the
thickness of the thin-walled segment at the first end is assumed as t; while the
other end is t. As the linear form of N, (&,77) is adopted, the coordinates at
any location in the one-dimensional warping element can be expressed as:

X:Zz:Ni(é:)Xi +2Hi(§r77)ti5ingi

1 y 1 1- (32)
=ix1+i X, — éz77tsm6>——§ﬁt siné,
2 2 2 21
2
y=2N (é)y.+ZH (&) cos6,
= (33)
=177§y1+1+§y +—§Qt cosé, +—§Et cosé,
2 2 2 21 2 2°

Note that N, (&) and H,(&,n) are two special forms of N, (&,77) for the
proposed element, & is angle of the i one-dimensional warping element.

Due to the change of the shear stress along the plate thickness is ignored,
the warping displacement not related with the thickness term can be expressed
as:

s=3N (M= T, )
By differentiating Eq. (34), it gives:

eqﬁxy) ZN(cf) .yz%ﬁw@ (35)

sing, =42 cosg =25 1 =0 —x) + (v, - w,)’ (36)

2.4. Stiffness matrix and load vector

The energy method is adopted here to derive the element stiffness matrix.
From Section 2.3, the basic unknowns of the section are the warping
displacements at two ends, i.e. A ={g, ¢2}T . The total potential energy of
the proposed element is expressed as:
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in which, U represents the strain energy and W is the work done by external
loads. They are given by:

1
Us=3 j'(o'ugzZ + Ty Yoy + T )V,

2 : (38)
:%Gﬁj(cxxmyy)zd/\ %GE]K%—Q] +(w—czj }d/\

_ _ 1 1
W, =V, 0], +V, 7], =V, (ECXLS +a,L+ a4)+vyv, (écyﬁ +al+ as)
(39)

A1 A1
=V, IA (3C L3+a2L+a4)+V IA (3CYL3+a1L+aS)

where, A, is the area of the i element. The constants C, and C, are given by:

cl=y[%cx(x2—y2)+xycy} (40)

1
czzﬂ[acy(yz—xz)uycx} (41)
By using the principle of stationary potential energy, we have:

olly
o4

=0,i=1 2 (42)

Thus, the element stiffness matrix k. can be obtained as:

11, v (0N AN, | oN, ON
kez[k”]{aqﬁ.avﬁj:{sj’ljf[ax > oy Wj“] laze n} 43)

(i=12and j=1,2)

where, Jg is the Jacobi matrix which is calculated as:

ox oy

o0& o9&
3, =

ox oy

on o

o 9 ) ) ) (“44)
X, % . sin sm, Y, ¥, _ cos cos

o pudakdh Y2 _ N t

2t 4 2 2 My Ty

1-¢, 1+é,
(*T“*szs'”g

(Jg +£ jcosa,

Note that the well-known Gauss-Legendre 2> Integral scheme as listed
in Table 1 has been adopted in this paper to determine the element stiffness
matrix. It should be pointed out that the proposed warping element allowing
for non-uniform thickness has not been reported in previous study.

|
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Table 1
Gauss-Legendre 2> Integration Scheme
Integral variable Integration point Weight
: +0.774596692 1.0
-0.774596692 1.0
+0.774596692 1.0
! -0.774596692 1.0
Then, the load vector fes of the element is expressed as:
fo={fe} { e Z ¢}
(45)

{ ”[C*’fc ]\J ldzdn+E[ [ N,(xC, +yC, ), \dgdq}

(i=12)

The system stiffness matrix K can be formed by assembling all element
stiffness k. while the total load vector F, is formed by all element load
vector fe. Finally, the equilibrium equations of the section can be written as:

KA, =F (46)

in which, A, ={¢,, 4, ... 4, is the warping displacements of the
section represented by several proposed elements, and subscript m is the
number of nodes of the section. Thus, the conventional linear solvers can be
used to solve the system of equations in Eq. (46). After that, the shear
correction factors can be calculated by Eqgs. (24) and (26) using the warping
displacements A, .

For isotropic material, it has G=E/[2(1+)]. From Egs. (43) and (45), the
material properties such as Young's modulus E and shear modulus G can be
eliminated in Eqg. (46) when only one isotropic material is adopted in the
section concerned. Thus, the warping displacements A, will be affected by
Poisson’s ratio only in regard to material properties.

3. Modelling of built-up thin-walled sections

Nowadays, the built-up sections composed of several single sections such
as angles and channels connected with fasteners such as screws, bolts, and
clinches have been extensively used for economic design and fast construction.
It is clear that the section properties such as A, Iy, ly, and I, of the built-up
section will be not less than the summation of the individual sections.
Normally, the second moment of inertia I,x and I,y of the built-up section will
be significantly increased due to composite action. Note that there is few
research on the shear correction factors of built-up sections. Because the
numerical method proposed in Section 0 is only for the cross sections in a
continuous domain, an additional procedure is introduced in this Section so
that the built-up sections with several discontinuous domains can be converted
to a single continuous one.

v~ [« =

=

@

Rotational stiffness of spring:
k,=p(EN/1y).

©

(b)

Isp | Ap |

i Thickness s t,

/()

Fig. 5 Model for calculation of equivalent thickness of built-up section: (a) Section view; (b) Plan view; (c) Modeling of the fastener; and (d) Equivalent plate for the fastener
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In this paper, an analytical method is proposed to convert the discrete
fasteners to plates connecting the individual parts, leading that a built-up
section can be treated as a single section with continuous domain. By using
this method, an equivalent plate thickness should be determined for the plate

representing the associated fastener. A double-channel section as shown in Fig.

5(a) and (b). is adopted here to demonstrate the proposed analytical method.
The discrete fastener is treated as a beam with two ends constrained by springs
as shown in Fig. 5(c). The rotational stiffness of the spring is expressed as:

K, =p—— (47)

where, p is a rigidity coefficient; E is Young’s Modulus; I; is the second
moment of inertia of the fastener; It is the length. In Fig. 5, As is the
sectional-area of the fastener; Iy, is the longitudinal spacing between the
adjacent fasteners, t; is the thickness of the flange, ty is the thickness of the
connected web, and hy, is the height of the web.

Applying a virtual unit force F at one end of the fastener as indicated in
Fig. 5(c), the energy of the fastener can be written as:

12 I
= +
24El  2GAk,
l? I I’

= + +
24El,  2GAk, 4pEl,

If If
Ht
272,

2x E X
2
(48)

where, ki is the shear correction factors of the solid section of the fastener. For
circular section, ki is taken as 0.9.
The shear strain of the equivalent steel plate is expressed as:

y=——r (49)

where, t. is the thickness of the equivalent plate to be determined. The shear
strain energy of the plate can be written as:

2
1, 1 F 3 I
Up_EG}’ It _Ee(inptE] It _m (50)

According to the principle of conservation of energy, U, should be equal
to Ur. Thus, the equivalent plate thickness t. can be derived as:

12 1.2
f + 1 + f (51)
4p(L+u)l,
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For fully fixed end condition, i.e. p—<o, the upper bound of t. can be
obtained from Eq. (47):

B 1
- I 1 (52)
S| 7+7
Pl 241+ )1, Ak,

As the stiffness of the constraint spring does not equal to zero, a lower
bound of t. can also be derived. As shown in Fig. 5, the fastener is subjected to
the constraints provided by the web of the channel. It is noted that the
influences of the flange of the channel to the constraint spring are ignored.
Thus, a simple model as shown in Fig. 6 is proposed for representation of the
lath cut from the web. The stiffness of the lath per unit width can be written
as:

t

Et}
D=——w 53
' 20 ) (53)

Therefore, the corresponding rigidity coefficient p of the spring is
expressed as:

h
4D, | >
S eoem e '(Ner
“El, ¢ El, l, El (54)
Et 4h, I, _  tlhl

_12(17/12) Isp Nr EIT 3(17y2)|ser|f

where, N, is the number of fasteners at a section, h,/N; represents the width of
the lath cut from the web for supporting one fastener. From Eq. (50), the lower
bound of t. can be obtained as:

- 1
o | If2 1 + 3(17ﬂ)|f|ser (55)
| 241+ )1, Ak, 4.°h,

As t. is relatively small and mainly for maintaining the domain continuity
of the cross section, its contribution on section properties such as A, l, lyy, and
I,y is ignored here. However, it may influence the shear flow and then shear
correction factors of the built-up section. The upper bound tema provides the
maximum shear correction factors, while the lower bound temin gives the
minimum shear correction factors. The verification and discussion of Egs. (48)
to (55) will be illustrated in a worked example in Section 5.6.

Fastener
X /
4 M,=2M; e
\J) -7

' 5 A
M, My
I \The lath cut from the web

p
|

Fig. 6 The lath cut from the web and the constraint actions

4. Numerical implementation

From Egs. (24) and (26), the basic section properties such as A, Iy, lyy, and
I,y should be calculated before determining the shear correction factors. These
basic section properties can be easily obtained by summing Ai, lix liyy, and liy
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of all elements. The subscript i means the contributions of the it
one-dimensional warping element to the section properties. More specifically,
they can be computed as:

A =1t ) (t“;t”) (56)
1 1

lix = J. y*dA =3 A (yilz +YaYio + yizz)"'E A (ti1+ti2)2 cos 6 (57)

I, =j'x2dA :EA (xv XXy + X 2)+iA (t,*,,) sing? (58)

i,yy 3 il i17%2 2 48 il Y2 i

’ Determine equivalent t using Egs. (52) and (55) }‘
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1 1 .
Il‘xy :J.XydA :6 A (2X|1y|1 + %1 Yi + XY 2&2)’.2)‘% A (tll +t|2)2 SInal COS@, (59)

where, (X1, Yir) and (Xiz, Yiz) are the coordinates of the element two ends by
referring to the centroid.

Fig. 7 shows the flowchart of the procedure to find the shear center and
the shear correction factors based on the proposed method introduced in
Section 2 and 3. The method is implemented in the program NIDA (2021).
The verification examples in the next Section are then prepared by using the
program NIDA.

Yes

’ Divide section into a number of proposed elements: coordinates (x;, y;), thickness t; and length [ ‘

’ Calculate section properties (A, 1, I,, and 1,) using Egs. (56 to 59) ‘

’ Form element stiffness matrix k, using Eq. (43) ‘

v v
’ Applying shear forces V, = 1 and \, = 0 Applying shear forces V, =0and V, = 1 ‘
’ Form element load vector f. using Eq. (45) ‘ ’ Form element load vector f. using Eq. (45) ‘
v

’ Assemble the global matrix K & load vector F ‘ ’ Assemble the global matrix K & load vector F ‘

Solve equilibrium equations K A =F,
Obtain warping displacement vector A

Solve equilibrium equations K A =F,
Obtain warping displacement vector A ¢

v

Calculate shear center y,. using Egs. (17) &
shear correction factors k,, using Egs. (24)

Calculate shear center X, using Egs. (16) &
shear correction factors k,, using Egs. (26)

\

Fig. 7 Flowchart for calculation of shear correction factors

5. Verification examples

To validate the accuracy and the efficiency of the proposed method, six
examples are investigated here with consideration of single sections in regular
shape, open and closed thin-walled sections, complex sections with
non-uniform thickness, built-up sections. The results predicted by the
proposed element will be verified against the analytical solution, conventional
warping area element method and the section analysis in commercial software
ANSYS based on fiber section approach. Further, an example is provided at
the end to demonstrate the influence of shear correction factors and the
application of the proposed method in conjunction with the Direct Analysis
Method.

5.1. Example 1 — Rectangular and trapezoidal sections

The rectangular sections are the simplest and widely used cross sections,
as shown in Fig. 8. The analytical solution for the shear correction factors of
rectangular sections with consideration of Poisson effect has been
well-developed by [21]Herrmann (1965). To verify the performance of the
proposed element in sections with non-uniform thickness, the trapezoidal
sections are also studied here.

In this example, the rectangular sections with different height-to-width
(h/b) ratios equal to 10, 5, 2, 1, 0.5 and 0.25 are studied. The rectangular
section is divided into a number of the proposed 1D warping elements along
the height. To study the mesh sensitivity, the Poisson’s ratio is assumed as 0
and the results are shown in Fig. 9. It is observed that the shear correction
factors vary with the increase of the number of elements. Clearly, 20 elements
per segment can lead to convergent results for the shear correction factors.
Also, the rectangular sections with different h/b ratios show the same trend.

Thus, it is recommended at least 20 elements should be used for each segment
of the thin-wall sections to get an accurate result.

Ay

A (a) A

Fig. 8 Simple plate sections: (a) Rectangular; and (b) Trapezoidal

Further, the influence of Poisson effect is studied to investigate the
accuracy of the present method. An analytical formula including Poisson’s
ratio proposed by Leonard®! in 1965 is adopted here for the validation. The
shear correction factor along one axis of the rectangular section can be
calculated by:

_10@+u)

T 12+11u (60)
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To study the Poisson effect on shear correct factors, different Poisson’s ratios
(i.e. 0, 0.2, 0.25, 0.3, 0.5) in related commonly used materials in building and
bridge structures are assumed for the above rectangular sections. The shear
correction factors predicted by the proposed method are listed in Table 2
against the results obtained by the analytical solution from Eq. (60) and the
element Plane82 in software ANSYS. It can be seen that the results from
present study agree well with the analytical solution. As the change of
Poisson’s ratio does not affect the result from ANSYS, it can be concluded
that the section analysis method in ANSY'S cannot consider the Poisson effect.

1.02

L% — ' " |—o—tb=10
1,00k PoOisson's ratio =0 - 0= hib=5
E hib=2
0.98 ! - o- h/b=1
096" h/b=0.5
| -~ h/b=0.25
0.94 1 4
!
0.92 | 4
&L e
0.90 - l‘ E
088 4 -
0.86 éa 4
0.84 %%&.x__x____ e s ]
082 T T T T T
0 20 40 60 80 100
Number of Proposed 1D Elements
Fig. 9 Mesh sensitivity study for rectangular section
Table 2

Shear correction factors of rectangular sections
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To study the sections with non-uniform thickness, the trapezoidal sections
as shown in Fig. 7(b) with h/b; equal to 1, 2, 3 and 4 are also investigated. For
simplicity, the h/b, ratios for different h/b; ratios are kept as 10. The results
from present study are given in Table 3 against the results from traditional
warping area element method and ANSYS. It can be seen that the proposed
method can provide accurate shear correction factors when h/b;>2.

Table 3
Shear correction factors of trapezoidal sections
Diff (3-@)/
(DWarping area @) Diff (®-®)/ (©-2)
h/by ®Present @
element ANSYS ® (%)
(%)
1 0.7849 0.7818 0.8361 6.523 6.946
2 0.8313 0.8197 0.8425 1.347 2.782
3 0.8411 0.8270 0.8437 0.309 2.019
4 0.8441 0.8298 0.8458 0.201 1.928

5.2. Example 2 — Typical open sections

This example investigates the shear center and shear correction factors of
several commonly used steel open sections such as unequal I-section, Tee,
angle, channel and z sections by the proposed numerical method. To study the
influence of plate thickness, the section classification according to Hong Kong
Steel Code (CoPSC 2011) as shown in Table 4 is adopted. Poisson’s ratio is
taken as 0 and 0.3 for all sections. The value of 0.3 represents steel material.
For comparison purpose, the results from ANSYS using Plane82 element are
also presented. The shear correction factors and shear centers obtained from
the present method are listed in Table 5 to Table 9 against the results from
ANSYS.

It can be concluded that as the plate thickness decreases, the difference

] Diff (®-D)/ ] tends to be smaller. It may be caused not only by the assumption of ignoring
Poisson’s @ @ ® ® Diff (8-@)/@ the nonuniform shear stress along the plate thickness but also the overlapped
ratio Analytical — ANSYS  Present %) (%) effect (Fig. 11) by using the one-dimensional warping element. The overall
0 08333 08333 08334 0012 0012 agreement between the proposed method and ANSYS can be observed within
' ' ' ' ' 10% difference which meets the requirements of engineering. Also, since
0.20 0.8451 0.8333 0.8451 0 1.416 ANSYS cannot consider the Poisson effect, the results predicted by the
0.25 0.8475 0.8333 0.8475 0 1.704 presented method with P0|s_son’s ratio = 0 agree well with ANSY'S, especially
for Tee, Angle and Zee sections.
0.30 0.8497 0.8333 0.8497 0 1.968
0.50 0.8571 0.8333 0.8572 0.012 2.868
B. T B
— 1
o (It -
T N
I I
KN ‘ .
\ L
| BZ L
(@) (b) (© (d) (®)
Fig. 10 Open sections: (a) Unequal I; (b) Tee; (c) Angle; (d) Channel; and (e) Z-shape
Table 4
The b/t ratios for the section classification in CoPSC 2011
Ratio Class 1 Class 2 Class 3 Class 4
Plastic Compact Semi-compact Slender
b/t 8 9 13 >13
Table 5
Shear center and shear correction factors of Unequal I-section
(DANSYS @Present (®Present Diff Diff
B1>B2>H xtr>tw(m) Parameter (1L£0) (1£0) (L£0.3) @-D)D (%) @-D)YD (%)
Yse (M) 0.1100 0.1140 0.1208 3.611 9.818
Class 1:
0.450.250 40.0550.05 Kx 0.4577 0.4205 0.4205 -8.118 -8.128
Kyy 0.4098 0.3660 0.3667 -10.691 -10.517
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Yse (M) 0.1142 0.1153 0.1222 0.963 7.005
Class 3: K 0.4258 0.4109 0.4110 -3.495 -3.476
0.4>0.2>0.4>0.02>0.02 e : : : ’ :
Ky 0.3792 0.3632 0.3638 -4.210 -4.061
Yse (M) 0.1150 0.1155 0.1224 0.427 6.435
Class 4: K 0.4170 0.4096 0.4097 -1.786 -1.751
0.4>0.2>0.4>0.01>0.01 : : : : :
kyy 0.3706 0.3628 0.3634 -2.093 -1.943
Table 6
Shear center and shear correction factors of Tee section
(MDANSYS (@Present (3Present Diff Diff
B>H>4r>dw(m) Parameter (L£0) (LEO) (1=0.3) @-D)D (%) (B®-D)D (%)
Yse (M) 0.0975 0.0985 0.0886 0.986 -9.128
Class 1. k 0.459 0.4298 0.4178 -6.362 -8.976
0.4>0.4>0.05>0.05 > ’ ’ ’ : i
Kyy 0.4355 0.3980 0.3943 -8.606 -9.460
Yse (M) 0.0975 0.0998 0.0886 2.308 -9.128
Class 3:
0 £50.450,0250.02 Kix 0.459 0.4188 0.4178 -8.768 -8.976
Kyy 0.4355 0.3939 0.3943 -9.559 -9.460
Yse (M) 0.1004 0.0999 0.0899 -0.461 -10.458
Class 4: k 0.423 0.4181 0.4055 -1.169 -4.137
0.4>0.4>0.01>0.01 X : : : ' '
Kyy 0.4002 0.3942 0.3895 -1.490 2.674
Table 7
Shear center and shear correction factors of Angle section
MANSYS @Present (3Present Diff Diff
B1>B2>41>¢2(mM) Parameter (£0) (£0) (1£0.3) @-D)D (%) @-D)D (%)
Xse (M) -0.0591 -0.0619 -0.0624 4.706 5.584
Class 1- Ysc (M) -0.0591 -0.0619 -0.0624 4.706 5.584
0.25>0.25>0.05>0.05 ke 0.4684 0.4397 0.4349 -6.124 -7.152
Kyy 0.4684 0.4397 0.4349 -6.124 -7.152
Xse (M) -0.062 -0.0624 -0.0629 0.645 1.452
Class 3- Yse (M) -0.062 -0.0624 -0.0629 0.645 1.452
0.25>0.25>0.02>0.02 ke 0.4294 0.4222 0.4174 -1.682 -2.795
Ky 0.4294 0.4222 0.4174 -1.682 -2.795
Xse (M) -0.0624 -0.0625 -0.0629 0.120 0.801
Class 4- Yse (M) -0.0624 -0.0625 -0.0629 0.120 0.801
0.25>0.25>0.01>0.01 K 0.4217 0.4197 0.4149 -0.482 -1.613
Kyy 0.4217 0.4197 0.4149 -0.482 -1.613
Table 8
Shear center and shear correction factors of Channel section
MANSYS @Present (3Present Diff Diff
Bxtixtodu(m) Parameter (LE0) (L£0) (LE0.3) @-DYD (%) @-D)D (%)
Xso (M) -0.1947 -0.1987 -0.2025 2.050 4.006
ks k 0.3974 0.3668 0.3962 7710 -0.302
0.30.550.05>0.05 o ' . . : :
Kyy 0.3837 0.3642 0.3674 -5.070 -4.248
Xse (M) -0.1976 -0.1990 -0.2028 0.720 2.632
Class 3: k 0.3789 0.3622 0.3914 -4.402 3.209
0.3x0.5>0.03>0.03 ‘* : ’ ’ ’ ‘
Kyy 0.3738 0.3630 0.3661 -2.881 -2.060
Xso (M) -0.199 -0.1992 -0.203 0.095 2.010
Class 4:
0350 £50.0150.01 K 0.365 0.3600 0.389 -1.380 6.575
Kyy 0.3658 0.3624 0.3655 -0.922 -0.082
Table 9
Shear correction factors of Z-shape section
(MANSYS (@Present (3Present Diff Diff
Briea(m) Parameter (1) (1E0) (1E0.3) @-DYD %) @-DYD )
Class 1- ki 0.4862 0.4567 0.5077 -6.060 4.422
0.3>0.5>0.06>0.06 Ky 0.4392 0.4221 0.4019 -3.897 -8.493
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Class 3: kxx 0.4649 0.4485 0.4992 -3.535 7.378
0.3>0.5>0.03>0.03 Kyy 0.4281 0.4185 0.3985 -2.233 -6.914
Class 4- K 0.4503 0.4485 0.4949 -0.407 9.905
0.3>0.5>0.015>0.015 Ky 0.4206 0.4185 0.3969 -0.490 5,635
A 5.3. Example 3 — Typical closed sections

This example investigates the shear center and shear correction factors of

several commonly used steel close sections such as rectangular, circular and

elliptic hollow sections as illustrated in Fig. 12. Poisson’s ratio is taken as 0

and 0.3 for all sections. The value of 0.3 represents steel material. Three

H Overl apped Area different plate thicknesses are studied for each section shape. For circular and

elliptic hollow sections, several straight elements are used instead of curved

element are also presented. The shear correction factors and shear centers
obtained from the present method are listed in Table 10 to Table 12 against the
results from ANSYS.

It can be concluded that as the plate thickness decreases, the difference
tends to be smaller. It may be caused not only by the assumption of ignoring

|
|
|
|
|
|
|
|
|
: Uncounted Area element. For comparison purpose, the results from ANSYS using Plane82
|
|
|
|
|
|
|
|

F—————— - ——

R _J the nonuniform shear stress along the plate thickness but also the overlapped
_. effect by using the one-dimensional warping element. The overall agreement
L ~|) between the proposed method by assuming Poisson’s ratio as 0 and ANSYS

can be observed within 5% difference which meets the engineering
requirements. It also indicates that a relatively large difference may occur if
ignoring the Poisson’s ratio. Thus, ANSYS may not provide accurate shear
correction factors for some cross sections.

Fig. 11 The overlapped effect induced from the one-dimensional element modelling

A y Ay
3
B
R1
- Xk
—» <—t == » j—R
@) ©
Fig. 12 Hollow sections: (a) Rectangular; (b) Circular; and (c) Elliptic
Table 10
Shear correction factors of rectangular hollow sections
(DANSYS @Present (3Present Diff Diff
Bxtx(m) Parameter (LE0) (1£0) (1£0.3) @-DYD%) (@-D)D%)
kxx 0.2289 0.2235 0.2416 -2.377 5.548
0.8>0.4>0.02
kyy 0.6158 0.6107 0.6278 -0.834 1.949
kxx 0.2255 0.2232 0.2413 -1.024 7.007
0.8>0.4>0.008
Kyy 0.6127 0.6105 0.6277 -0.353 2.448
kxx 0.2245 0.2232 0.2412 -0.597 7.439
0.8>0.4>0.005
Kyy 0.6118 0.6105 0.6277 -0.209 2.599
Table 11
Shear correction factors of circular hollow sections
(DANSYS @Present (3Present Diff Diff
Rt (m) Parameter (L) (1£0) (1£0.3) @-D)YD%) (@-D)D%)
kxx 0.5023 0.5009 0.5316 -0.274 5.833
0.2>0.02
kyy 0.5023 0.5009 0.5316 -0.274 5.833
Kix 0.5004 0.5001 0.5308 -0.052 6.075
0.2>0.008
Kyy 0.5004 0.5001 0.5308 -0.052 6.075
Kix 0.5 0.5000 0.5306 0.002 6.120
0.2>0.002

Kyy 0.5 0.5000 0.5306 0.002 6.120
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Table 12
Shear correction factors of elliptic hollow sections
(MDANSYS (@Present (BPresent Diff Diff

RoRex (m) Parameter (1£0) (1£0) (1£03) (@-DYD®) (E-DYD%)

Kxe 0.7131 0.7107 0.7359 -0.331 3.197
0.4>0.2>0.02

Ky 0.249 0.2476 0.2721 -0.559 9.277

kxe 0.709 0.7101 0.7353 0.159 3.709
0.4>0.2>0.008

Ky 0.2458 0.2458 0.2701 0.020 9.886

kxe 0.7187 0.7100 0.7351 -1.208 2.282
0.4>0.2>0.002

Ky 0.2335 0.2455 0.2698 5.154 15.546

5.4. Example 4 — Large stiffened box girder section

This example illustrates the accuracy of the presented one-dimensional
warping element method in calculating the shear correction factors of large
stiffened thin-walled steel box sections which is widely used in the bridge
structures. Compared with the overall dimensions of the section, the plate
thickness is much small. It causes high-density mesh when using the
traditional warping area element method for this kind of sections.

In this paper, a stiffened steel box section as shown in Fig. 13 is studied,

cable-supported bridges. Generally, many stiffeners are required to prevent
local plate buckling and to achieve an economic design without use of thick
plate. Two types of stiffeners are used in this box section, i.e. the closed U-ribs
for flanges and flat-bar ribs for webs. Poisson’s ratio is taken as 0 and 0.3. The
shear center and shear correction factors from present study are shown in
Table 13 against the results from traditional warping area element method
allowing Poisson effect while ANSYS cannot consider this effect. It can be
seen that the results from present study agree well with the warping area
element method.

which is extensively adopted as the main girder in the large-span
sym
225 300+600%9+342.5 |
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Fig. 13 Layout and dimensions of stiffened steel box section (unit: mm)
Table 13
Shear center and shear correction factors of stiffened steel box section
Parameter (DANSYS (@Present Diff (®Warping area element @Present Diff
(LE0) (1=0) (@-©)D(%) (1£0.3) (1£0.3) (D-3)[B)(%)
Ysc (Mm) -212.9627 -213.9041 0.442 -213.6453 -227.0532 6.276
ke 0.5971 0.5966 -0.089 0.6079 0.6065 -0.230
Kyy 0.0463 0.0463 0 0.0526 0.0523 -0.570
I | O‘ 1ZQOO |
© oy A j=J
~ (&[ % o) | |
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Fig. 14 Dimension of bridge box section
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(b)

Fig. 15 Modelling of bridge box section: (a) Distribution of taper thicknesses; and (b) 1D warping elements

Table 14
Shear center and shear correction factors of bridge box section
Parameter (DANSYS (@Present Diff (®Warping area element @pPresent Diff
(1£0) (1L=0) (@-D)D(%) (1£0.2) (1£0.2) (@-0)/C)(%)
Ysc (MM) -625.0437 -662.6341 6.014 -648.2929 -622.3806 -3.997
K 0.4297 0.4081 -5.046 0.4368 0.4141 -5.191
Kyy 0.3545 0.3209 -9.470 0.3602 0.3250 -9.773

5.5. Example 5 — Large box section with non-uniform thickness

This example is to validate the performance of the proposed method in the
calculation of the shear correction factors of the sections with non-uniform
thickness. A box section with taper portions at the corners is investigated
using the proposed one-dimensional warping element method. As seen in Fig.
15, this kind of box sections are widely used in rail and highway bridges. For
economic design with less material as well as reduction of self-weight, the
section with taper segments is most welcome. Poisson’s ratio is assumed as
0.2 in this example. The modelling for the non-uniform thickness distribution
is shown in Fig. 15(a) while the 1D element model by the proposed method is
shown in Fig. 15(b). The shear center and shear correction factors from
present study are shown in Table 14 against the results from traditional
warping area element method allowing for Poisson effect.

From Table 14, it can be observed that the difference for ys and ki are
less than 5% while ky, is around 10%. The difference may come from the
ignorance of the nonuniform shear stress along the plate thickness and the
overlapped areas in the intersection points. This example demonstrates the
simplicity in modelling and computational efficiency of the proposed method
for practical engineering application.

5.6. Example 6 — Built-up double-channel sections

This example shows the application of the presented one-dimensional
warping element method in calculating the shear correction factors of
thin-walled built-up sections. A double-channel section with configuration
listed in Table 15 is investigated. The influence of the distance I; between two
channels and the spacing ls, of fasteners along the longitudinal axis is studied.

Table 15
Parametric study of double-channel section
Section profile Parameter Range
y b (mm) 50
v
—— h (mm) 75
i E |
t (mm) 1
[ sTas
= \ ls | X, It (mm) 2,5,10
- Isp (mm) 100, 150, 200
| b ¢ a
;77 ] L/lsp 2t011
0.16 : : : : : The influence on the equivalent plate thickness t. as given in Eq. (51) due
to fixing condition (i.e. rigidity coefficient p), distance It and spacing s, is
0.14 - 4 shown in Fig. 16. It can be seen that the equivalent plate t. decreases with
increase of Ir and Is,. It is also noted when the sufficient constraint (p > 20) is
0.12 4 E provided, t. approaches temaxin Eq. (52). In other words, the equivalent plate
__________________ thickness t. is significantly affected by the rigidity coefficient p ranging from 0
0.10 . el E t0 20.
T oosds ] As there are few research carried out on the determination of the shear
E ] correction factors of built-up sections, no direct results are available for
~* 0.06 4 validation of the proposed method. Thus, a finite solid element model for a
—172,1,=100 cantilever beam is employed here for comparison.
0.04 - - -175,1,=100 Assuming that the shear correction factor k for a general cross section is
=10, 1,=100 known, the deflection at the free end of a cantilever beam can be calculated by
0.02 + --=1=2,1 =150 (Timoshenko 1949):
‘ =2, 1,=200
0.00 T T T T T T T T T T 3
0 20 40 60 80 100 5=0. +0.= PL +£ (61)
p * 7 3El GAK

Fig. 16 Influence of rigidity coefficient p on the equivalent thickness te

where, dy is due to the bending action; Js is due to shear effect.
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As shown in Fig. 17(a), a cantilever beam using the built-up
double-channel section is studied using the 4-node element SOLID45 in
ANSYS. No contact behavior between the surfaces of the adjacent webs of the
channels is considered. Only linear elastic analysis is performed. The tip
deflection from ANSYS is denoted as drem.

To study the contribution of shear deformation on the total deflection, an
indicator £ is introduced as below:

_6FEM _é‘b _( PLQ]
ﬁ 5[] 5FEM _3E

Lo
3El

(62)

(@)

Free end

ansys

(b)
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Specifically, drem is the deflection dx and dy along the x-axis and y-axis
respectively as shown in Fig. 17 (b) and (c). The results of 5 against L/ls, ratio
in related to Jx and dy are shown in Fig. 18 and Fig. 19 respectively accounting
for different distances It and spacings lsp. It is clear that the shear deformation
will significantly affect the total deflection of the cantilever beam for L/ls,<5
and therefore the shear correction factors should be carefully determined for
further global structural analysis, especially in the direct analysis in which the
structural responses should be well captured so that the effective length
method for stability design is not needed.

ansys

Fixed end
U,=U,=U,=0

(©

Fig. 17 Finite solid element model for cantilever beam with double-channel section: (a) boundary conditions; (b) vertical deformed shape; and (c) horizontal deformed shape
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Fig. 18 Change of # in related to ox for the cantilever beam
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Fig. 19 Change of £ in related to dy for the cantilever beam

The shear correction factors ki and ky, of the double-channel sections are
calculated by the proposed method and listed in Table 16 and Table 17
respectively. Several fixing conditions (i.e. rigidity coefficient p) as well as
different distances I; and spacings Is, have been studied.

From Table 17, it can be found that the shear correction factor ky, along
the y-axis of double-channel section is close to the single channel section. The
deflections d, obtained from the solid finite element model and the analytical

solution are listed in Table 18. It can be also seen that there is only slight
contribution of composite action along y-direction. Thus, the shear correction
factor ki, along the y-axis of the built-up section is almost equal to that of
single channel section.

For the shear correction factor along the x-axis, it can be found from
Table 16 that the rigidity coefficient p shows significant influence on kyy.

Table 16
Shear correction factor ki of the double-channel sections
1i=2 1=5 =10
’ 15=100 155=150 I5=200 I=100 155=150 155=200 =100 155=150 Is5=200
(te,max) 0.2549 0.2471 0.2397 0.1992 0.1712 0.1501 0.1070 0.0799 0.0637
(te,min) 0.1043 0.0595 0.0372 0.0069 0.0031 0.0018 0.0018 0.0008 0.0005
0.01 0.1441 0.1166 0.0979 0.0027 0.0018 0.0013 0.0003 0.0002 0.0002
0.1 0.2368 0.2223 0.2094 0.2368 0.0163 0.0124 0.0033 0.0022 0.0017
1 0.2529 0.2443 0.2363 0.1147 0.0878 0.0711 0.1147 0.0179 0.0136
10 0.2547 0.2468 0.2393 0.1856 0.1564 0.1351 0.0817 0.0593 0.0465
100 0.2548 0.2470 0.2397 0.1978 0.1696 0.1484 0.0817 0.0772 0.0614
Single channel section: kx=0.4191
Table 17
Shear correction factor ki, of the double-channel sections
=2 1=5 1=10
g 1p=100 1p=150 15=200 1=100 1=150 15=200 1=100 1=150 1p=200
(te.max) 0.3276 0.3277 0.3277 0.3260 0.3263 0.3265 0.3249 0.3253 0.3255
(te.min) 0.3279 0.3279 0.3279 0.3270 0.3270 0.3270 0.3260 0.3260 0.3260
0.01 0.3279 0.3279 0.3279 0.3270 0.3270 0.3270 0.3260 0.3260 0.3260
0.1 0.3277 0.3278 0.3278 0.3277 0.3270 0.3270 0.3260 0.3260 0.3260
1 0.3276 0.3277 0.3278 0.3267 0.3268 0.3269 0.3267 0.3259 0.3259
10 0.3276 0.3277 0.3277 0.3262 0.3265 0.3266 0.3253 0.3255 0.3256
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100 0.3276 0.3277 0.3277 0.3260
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0.3264 0.3265 0.3253 0.3253 0.3255

Single channel section: kyy=0.3343

Keeping the spacing Iy, as constant (ls,=100), the deflections Jy obtained
from the solid finite element model and the analytical solution are plotted in
Fig. 20 to Fig. 22 for I = 2, 5 and 10 mm respectively. Clearly, the analytical
results with assumption of te = temax and te = temin are almost same as the finite
element result when l;= 2mm. It means that when the two channels are too
close flexural behavior of the cantilever beam can be well predicted using te max
or temin to compute the shear correction factor.

With the increase of the distance between the two channels (I;= 5 and 10
mm), the analytical results assuming t. = temin in related to lowest rigidity
always predict large displacement than others while the assumption of t.=

Table 18
Comparison of deflection along y-axis: dy,

temax IN related to infinite rigidity provides the smallest displacement. The two
assumptions are essentially two extreme cases. In reality, the connected details
such as plate thickness, bolt size, distance I; and spacing I, make the actual
rigidity in between the two extreme cases. In this example, p = 0.1 and p =1
provide the excellent results with the finite element model for ;=5 mm and I
= 10 mm respectively. In principle, once the rigidity coefficient p is
determined, the shear correction factors of the built-up section can be obtained.
To exactly determine the shear correction factors of built-up sections, more
works will be carried out in our future study. This paper aims to provide a
good start in the field in which few research was done in previous works.

U =2, ;=100
o* @* ®* Diff (2-®)/D (%) Diff (8-W)/D (%)

2 0.0573 0.0588 0.0573 -2.622 -2.605
3 0.1558 0.1573 0.1558 -0.915 -0.896
4 0.3376 0.3385 03376 -0.267 -0.246
5 0.6305 0.6303 0.6305 0.039 0.061
6 1.0624 1.0601 1.0624 0.220 0.241
7 1.6611 1.6556 1.6611 0.333 0.355

2.4545 2.4444 2.4545 0.411 0.433
9 3.4702 3.4541 3.4702 0.466 0.488
10 47363 47124 4.7363 0.507 0.529
11 6.2804 6.2468 6.2804 0.538 0.560

*: (D oy obtained from FEM; @ ¢y obtained by Eq. (61) with te=temin; @ dJy obtained by Eq. (61) with te=temax.

14 ] - T FEI,\/I T T T T T T T ]
o] Ea- @) witht, "
Eq. (60) with t, .
10+ 8
—_
E 8 ]
S
= 6- ]
i)
4 ]
2 i
0 T T T T T T T T T
2 3 4 5 6 7 8 9 10 11 12
I/l
sp
Fig. 20 Jx of the cantilever with double-channel section: k=2 & ls,=100
14 ] - T FEI,\/I T T T T T T T ]
1] Eq. (60) with't, P
Eq. (60) with t, .
104.... .. p=0.1 ...' R
€ s i .
£ o p=l0
\-/>< 6 . - N -
2 L)
44 o 1
.
O T T T T T T T T T
2 3 4 5 6 7 8 9 10 11 12
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Fig. 21 dx of the cantilever with double-channel section: =5 & ls,=100
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Fig. 22 o« of the cantilever with double-channel section: =10 & ls;<=100

5.7. Example 7 — Influence of shear deformation in Direct Analysis of steel
structures

A single steel member with two different boundary conditions reflecting
practical engineering conditions, as shown in Fig. 23 (a) and (b), is studied to
demonstrate the influence of shear deformation in the structural analysis of
steel structures by using the Direct Analysis Method with consideration of
geometric nonlinearity. The steel beam adopts ASTM standard W14x48
section with a length of 8.53 m. The two cases studied are introduced as
below:

Case 1: the beam is simply supported with a uniformly distributed load
over the length along gravity direction and a concentrated axial force applied
at the end of the beam.

Case 2: the beam is fixed at one end and subjected to concentrated forces
at the free end.
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(a) F =292 kN/m

8.53m

A A B»%ﬁ
1

238

() F =445kN l
P

1 A B
B 8.53m |
r 1

Fig. 23 A single steel member: (a) Case 1 - simply supported; (b) Case 2 - cantilevered

Table 19
Mid-span moment Mg and displacement 4 mjs— Case 1

Axial Force, P(kN)

Response Method Number of elements
0 667 1334 2001
AISC (2016) - 26.6 305 35.7 43.0
Du et al. (2019) 2 26.56 30.45 35.62 42.89
2 26.56 30.38 35.46 42.48
SAP2000 10 26.56 30.45 35.51 42.6
20 26.56 30.45 35.51 42.6
M .
(krl:ﬁm) Present study (kyy = 0) 1 26.56 26.56 26.56 26.56
Present study (kyy = 0.3328) 1 26.56 30.44 35.59 42.78
2 26.558 30.341 35.098 41.259
10 26.558 30.433 35.583 42.754
ANSYS
20 26.558 30.437 35.601 42.813
40 26.558 30.438 35.606 42.828
AISC (2016) - 5.13 5.86 6.84 8.21
Du et al. (2019) 2 5.11 5.83 6.80 8.16
2 5.11 5.82 6.76 8.06
SAP2000 10 5.11 5.84 6.79 8.11
20 5.11 5.84 6.79 8.11
Amid -
(mm) Present study (kyy = 0) 1 5 5.68 6.59 7.85
Present study (kyy = 0.3328) 1 5.11 5.83 6.79 8.12
2 5.1065 5.6869 6.416 7.3621
10 5.1065 5.8256 6.7803 8.109
ANSYS
20 5.1065 5.8306 6.794 8.1385
40 5.1065 5.8319 6.7974 8.146

In both cases, the beam is simulated by one advanced beam-column
element proposed by Tang et al. (2022) with consideration of both initial
imperfection and shear deformation. To use this advanced element, the shear
correction factor is required and will be calculated by the proposed
one-dimensional element method in this paper.

The results are compared with those from AISC (2016), software
SAP2000 and ANSYS, and the flexibility-based element from Du et al. (2019).
The results without consideration of shear deformation (i.e. ky, = 0) are also
reported here for demonstration of the influence of shear effect.

Table 19 shows the mid-span moment and mid-span displacement of Case
1. The results are also plotted in Fig. 24 and Fig. 25 for comparison.

45 T . T
—— AISC (2016)
ANSYS
----- Du et al. (2019)
40 SAP2000 (20 elements) J

30+

SRR Present study w/o shear deformation (1 element)
------ Present study w/ shear deformation (1 element)

W14x48

8.53m

25 . .
0 667

1334 2001

Axial Force, P(kN)

Fig. 24 Moment at mid-span:

Mmid (KN m) — Case 1
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9 T T T
—— AISC (2016)
ANSYS
gl Du et al. (2019) |
SAP2000 (20 elements)
SRREEE Present study w/o shear deformation (1 element)
=71 Present study w/ shear deformation (1 element) i
S W14x48
(S
N—r
=
£
< 61 -
5 4
4 T T T T
0 667 1334 2001
Axial Force, P(kN)
Fig. 25 Displacement at mid span: A mis (mm) — Case 1
Table 20
Fixed end moment Menq and free end displacement A4 ¢nq — Case 2
Axial Force, P(kN)
Response Method Number of elements
0 667 1334 2001
AISC (2016) - 38.0 53.2 68.1 97.2
Du et al. (2019) 2 37.96 53.12 67.98 97.37
2 37.96 53.06 67.71 96.19
SAP2000 10 37.96 53.10 67.89 96.66
20 37.96 53.10 67.89 96.66
Mend
(k;:I-m) Present study (kyy = 0) 1 37.96 52.95 67.49 95.63
Present study (kyy = 0.3328) 1 37.96 53.10 67.85 96.64
2 36.06 51.422 66.581 96.695
10 37.009 52.414 67.619 97.841
ANSYS
20 37.484 52.9 68.117 98.365
40 23.1 34.2 451 66.6
AISC (2016) - 23.01 34.08 45.03 66.78
Du et al. (2019) 2 23.01 33.99 44.65 65.39
2 23.01 34.04 44.86 65.96
SAP2000 10 23.01 34.04 44.86 65.96
20 22.85 33.72 44.30 64.83
Lend _
(mm) Present study (kyy = 0) 1 23.01 34.04 44.84 65.96
Present study (kyy = 0.3328) 1 23.287 34.664 45.936 68.379
2 23.287 34.67 45.954 68.431
10 23.287 34.672 45.958 68.444
ANSYS
20 38.0 53.2 68.1 97.2
40 37.96 53.12 67.98 97.37

Table 20 shows the fixed end moment and free end displacement of Case
2. The results are also plotted in Fig. 26 and Fig. 27 for comparison.

It can be observed from both cases that with the axial force increasing, the
second-order effect becomes unneglectable and increases exponentially for
both moments and displacements. As shown in Fig. 24 to Fig. 27, the
difference brought by whether the shear deformation is considered or not
becomes more conspicuous and mainly influences the displacement of the

structure. It is also noted that the model without consideration of shear
deformation will be different from others. The shear deformation adversely
impacts structural safety and is thus critical in the Direct Analysis of the
structures. In addition, compared with the results from SAP2000 and ANSY'S,
the proposed one-dimensional method combined with the advanced element
proposed by the authors achieves high accuracy while using only one element
per member, bringing both modeling and computational efficiency.
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Fig. 27 Displacement at free end: A eng (Mm) — Case 2

6. Conclusions

The shear correction factors of cross sections are required for
consideration of shear deformation in global structural analysis such as Direct
Analysis Method (DAM) based on beam-column theory. However, there is
lack of a general method to determine the shear correction factors of
thin-walled cross-sections in various shapes and as a result DAM cannot be
applied to the structures adopting these cross-sections. To fill this gap, an
innovative one-dimensional warping element model method is proposed to
determine the shear correction factors of arbitrary thin-walled sections. The
verification examples demonstrate the accuracy and efficiency of the proposed
method against the analytical solution, conventional warping area element
method and section analysis in ANSYS. The following conclusions can be
made from this study:

(1) A one-dimensional warping element model method is proposed to
determine the shear correction factors as well as the shear center of the
thin-walled cross sections. Only one warping degree of freedom for each end
of the proposed element.

(2) The non-uniform plate thickness between the two ends of the element
has been taken into account in the element formulation. Thus, the element can
be used to find the shear correction factors of the taper sections or the sections
with taper portions.

(3) The proposed method can be applied to arbitrary thin-walled sections
such as single open and closed sections. The modelling efforts can be

significantly reduced for the sections with heavy stiffeners while the
computational efficiency can be greatly enhanced.

(4) An equivalent plate thickness method is proposed for the
determination of the shear correction factors of built-up sections composed of
several single sections. The fixing conditions, distance between individual
sections and the spacing of fasteners have been studied.

For the built-up sections, the upper bound and the lower bound of shear
correction factors can be obtained by the proposed method. However, as the
connected details such as plate thickness, bolt size, distance Iy and spacing s
will affect the actual rigidity, more research works will be carried out in our
future study. Although the influence due to shear deformation on the I-shape
section has been preliminarily investigated, more thin-walled members with
complicated section shapes will be studied by using the Direct Analysis
Method as a future work.
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ABSTRACT

ARTICLE HISTORY

Buckling restrained braces are gaining popularity in earthquake-resistant designs these days. These braces give stable
hysteretic behaviour with a non-buckling steel core encased in a steel tube, that is filled with concrete or mortar. However,
in the last few years, researchers have observed that these braces do not need any filler material and can be all-steel. This
study aims to carry out a parametric study on All-Steel Buckling Restrained Braces (ASBRBs) by varying the restraining
mechanism, the amount of gap between the core and the restrainer, and loading protocols. This paper presents a parametric
study conducted on 12 proposed ASBRBs through non-linear finite element analysis. The proposed models have identical
inner steel core cross-sections, but the restraining mechanism differs in each case. This paper also includes an experimental
study on two small-scale ASBRB specimens. In addition, a finite element study on the effect of variation in stiffness of the
transition portion of the core on different performance parameters is carried out. The parameters investigated include
hysteretic response, energy dissipation, compression adjustment factor, and strain hardening adjustment factor. The results
indicated that the global buckling behaviour of ASBRBs is significantly influenced by the restraining mechanism. In
addition, this study also revealed that the global buckling behaviour does not significantly depend on the spacing of the
restrainers. It was also observed that BRBs with unstiffened cores show stable hysteretic behaviour up to 2% strain, which
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deteriorates with further increase in the strain.
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1. Introduction

Buckling Restrained Braces (BRBs) represent a cutting-edge seismic
device widely utilized in contemporary construction practices for steel and
reinforced concrete (RC) buildings located in earthquake-prone regions. These
innovative devices serve as effective energy dissipators, surpassing the seismic
performance achieved by conventional bracing systems. Unlike conventional
braces, which demonstrate unstable hysteretic behavior and fail to dissipate
energy under compression, BRBs leverage a robust restraining mechanism that
induces buckling prior to yielding, allowing for substantial energy dissipation
during seismic events. Fig. 1 illustrates the contrasting hysteretic behavior
between a BRB and a conventional brace. BRBs exhibit improved performance
in both tension and compression, making them a noteworthy modification to
conventional bracing systems. The fundamental concept revolves around
restraining brace buckling by employing a metal core encapsulated within a
buckling restraining mechanism, effectively preventing core buckling. This
restraining mechanism consists of a steel outer cover enveloping the steel core,
which is subsequently filled with a filler material such as mortar or plain
concrete. The filler plays an important role in the energy dissipating behavior
of BRBs [1]. Furthermore, the core is coated with a non-adhesive substance to
prevent the restrainer from adhering to the inner metal core, thereby averting
the transfer of axial load from the restrainer to the core. In contemporary
practice, All-Steel Buckling Restrained Braces (ASBRBs) have gained
preference over conventional filler BRBs due to their advantageous
characteristics, including reduced weight, simplified installation, handling, and
maintenance. Moreover, ASBRBs can be disassembled and inspected following
seismic events, facilitating replacement if necessary. Fig. 2 presents a visual
representation of a typical all-steel BRB concept.

Force

A Force

Displacement { /

buckling-restrained brace

Displacement

conventional brace

Fig. 1 Hysteretic behavior of a conventional brace and a BRB

The concept of BRBs originated in Japan, with Wakabayashi et al. [2] being
the pioneers who conducted experiments on panel BRBs. Subsequently, Kano
et al. [3] conducted a numerical study on the elastoplastic behavior of BRBsS,
while Kimura et al. [4] proposed the idea of fabricating BRBs to address the
degradation of bearing capacity and stiffness. These proposed BRBs also ad-
dressed the requirements of reducing ductility and enhancing energy dissipation
capacity in ordinary steel braces under compression. Mochizuki et al. [5, 6] con-
ducted research to tackle the overall stability issues of steel braces surrounded
by reinforced concrete.

— Restrainer
1) l— Unbonding agent or gap

P o «<aipmm P

Axial force Axial force

Core

Fig. 2 Concept of all-steel BRB

Despite the positive responses and numerous research conducted on BRBs,
they were not included in the design recommendations of the Architectural In-
stitute of Japan (AlJ) until 1996. Fujimoto et al. [7] carried out research on
BRBs with steel cores encased in steel tubes filled with concrete or mortar. In
1989, these BRBs were first practically applied in two steel-framed office build-
ings [8], and since then, they have been employed in approximately 160 build-
ings in Japan [9]. By 1990, more than a hundred buildings in Japan had adopted
and utilized BRBs, with the majority of them being taller than 15 stories. Addi-
tionally, Wada et al. [10] introduced a new concept called "damage tolerant"
design, where BRBs were utilized as energy dissipating elastoplastic dampers
within an elastic mainframe. The acceptance and implementation of BRBs in
Japan significantly increased, particularly after the 1995 Kobe earthquake.

After demonstrating successful performance in Japan, the technology of
BRBs was transferred to the United States (US). A significant turning point in
seismic research for steel structures in the US was the Northridge earthquake in
1994. Prior to this event, it was widely believed that special moment-resisting
frames were effective solutions for earthquake-resistant design. However, the
brittle failure of beam-to-column moment connections in numerous multi-story
steel buildings during the earthquake compelled researchers to reassess and re-
vise the seismic design provisions.

The first practical application of BRBs in the US occurred in 1998 with the
construction of a building at the University of California (UC) Davis, followed
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by testing at UC Berkeley in 2000. Subsequently, several projects utilizing
BRBs were executed within a span of a few years. Black et al. [11] conducted
component testing on the braces and observed repeating symmetrical hysteretic
behavior. The seismic behavior of these braces was extensively investigated by
Sabelli et al. [12]. Consequently, with the inclusion of design guidelines for
BRB frames in the Seismic Provisions for Structural Steel Buildings [13], nu-
merous buildings incorporating BRBs were constructed across the US.
Fahenstock et al. [14] conducted large-scale pseudo-dynamic numerical anal-
yses on the braces, further enhancing understanding of their behavior. The de-
sign standards for these braces are provided by AISC 341-10 [15], which estab-
lishes the guidelines for their implementation.

Numerous numerical models have been developed to accurately simulate
the behavior of BRBs. In the present study, a comprehensive parametric analy-
sis was conducted on 12 ASBRBs. Each ASBRB is characterized by a distinct
restraining mechanism, varying gap sizes between the core and the restrainer,
different core configurations (stiffened and unstiffened), and diverse loading
protocols. The primary objective is to examine the influence of these parameters
on the hysteretic behavior of all-steel BRBs. The study aims to identify the most
cost-effective ASBRB configuration that maximizes energy dissipation under
different loading conditions. By assessing these factors, valuable insights can
be gained into optimizing the performance of ASBRBs in structural applications.

2. Basic concept
2.1. Concept

BRB is based on a very simple concept that is to restrict buckling and
thereby show symmetrical and stable hysteretic behavior. This improves the en-
ergy absorption capability of the brace. A BRB is made up of the following
components:

I. A metallic core placed centrally to yield,
Il. A buckling-restraining mechanism to encase the core and restrain its
global buckling, and
I1l.  An un-bonding agent between the encasing restraint and the core so as to
allow for the free expansion of the core element under cyclic loading and also
to restrict the adhering of the core and the restraint.

2.2. Stability analysis

There are three major buckling modes under which BRB is to be identified
[11].

1.Global buckling of the brace under axial compression.

2.Local buckling of the metallic core

3.Torsional buckling of the portion of the extended part of the core

The global stability of the brace can be found directly from Euler's theory
of buckling which states that the critical load of the brace, P, is simply the Euler
buckling load of the outer tube, P.. Hence, when the Euler buckling load of the
tube, Pe is greater than the yielding load of the inner metallic core, Py, the brace
is ensured in its global stability. Here,

— i ’ Eltube
¢ KL 1)
Py = O-y ADTE (2)

Where, Elwpe is the flexural rigidity of the outer tube, KL is the effective
length of the entire brace, oy is the yield stress of the inner metallic core, and
Acore IS the cross-section area of the core.

Hence, for the global stability criteria, the ratio of the Euler load of the tube
to the yield load of the core should be greater than 1. i.e.

Ly ®
P

y

For the local buckling mode, Wada et al. [10] came up with an equation for
the critical load for the local buckling of the inner core as

R =2{pE] 4

Where, E;l; is the flexural rigidity for the inner steel core and 3 is the dis-
tributed spring constant.
It was observed that the efficiency of the brace can be enhanced when the
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buckling of the inner core along the restrained length does not take place.
High order buckling of the inner steel core can be avoided when,

P, 20,A -
Which requires,

272
p2 08,

ili (6)

Where, A is the cross-section area of the inner core. It was also observed
that in higher modes, the critical load of the inner steel core does not depend
upon the end conditions of the core [16].

The portion of the core that extends from the casing may undergo torsional
buckling, which is the third and most critical mode of buckling for BRB. Many
research [17, 18, 19] have been made, and some are still in progress, on the
torsional buckling behavior of BRBs. Researchers have proven that the critical
load causing torsional buckling of the extruded part in BRB does not depend
upon the length of the extension [11]. However, the seismic performance of the
brace depends on the length of the connectors [20].

3. Experimental study
3.1. Description of specimens fabricated

In order to study the actual behavior of ASBRBSs, two small scale specimens
of proposed ASBRBs are prepared and tested experimentally. The ASBRB
specimens fabricated are similar to the proposed BRB models used for paramet-
ric study in the latter section. The core part of specimen 1 is made up of a rec-
tangular steel plate of 15 mm x 3 mm size, and specimen 2 is of 18 mm x 3 mm
plate size. Both plates have a yield strength of 250 MPa. The specimens are
restrained with bolted connections. Both specimens have a different core cross-
section but an identical restraining arrangement. The overall length of the spec-
imens is 500 mm, with a yielding core length of 400 mm. The detailed dimen-
sions and properties of both specimens tested are given in Table 1. Detailing of
both ASBRBs is shown in Fig. 3.

Table 1
Properties of parts of specimens fabricated
Specimen Parts Dimension Elasti(cGl\FfI;dulus I(:I);r;:rlg
Core plate 15 mm x 3 mm 210 7780
1 Restrainer Four ISA 35x35x5 210 7760
Filler plates 10 mm x 3 mm 210 7760
Core plate 18 mm x 3 mm 210 7780
2. Restrainer Four ISA 35x35x5 210 7760
Filler plates 10 mm x 3 mm 210 7760

Four angle sections are used for restraining the core plate for both specimen
1 and specimen 2. Two filler plates are provided along the length of the core
plates to facilitate bolting of the restrainer angle sections. A gap of 2 mm is kept
between the filler plates and the core plate. A 1 mm thick sheet of polyflurotet-
raehtylene (PTFE) is coated on the core plate to avoid friction between the angle
restrainers and the core part. The restrainers are connected to each other by
bolted connections. 6 mm diameter bolts are provided at a centre-to-centre spac-
ing of 40 mm.

=
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Fig. 3 Cross-sectional details of specimens

/Connection{lﬁon

Fig. 4 Specimen 1

3.2. Loading protocol and experimental setup

The loading protocol for both specimens is according to the AISC
provisions [13], i.e. +Ay, +0.5Aum, =Apm, 1.5+Apm and £2.0Apm, but the number
of cycles in each level is being increased to get more accurate results. The yield
displacement, Ay for both specimens is found out to be 0.5 mm, and the ultimate
displacement, Agy is assumed to be 1% axial strain, which is 4 mm. Fig. 5
depicts the loading pattern, which consists of 5 sets of displacement levels with
each level having 4 cycles. The specimens are tested in a shock absorber testing
machine, and cyclic loading is given in five steps with four cycles each.

Axial Displacement (mm)
o

Number of Steps

Fig. 5 Loading protocol

Both specimens are welded to end plates of size 50 mm x 35 mm x 10 mm
on either end of the core plate. Further, the end plates are welded to the

connection portion to enable the specimens to be installed in the testing machine.

Fig. 4 shows the fabricated view of specimen 1. The specimens are fixed to the
testing machine with the respective connecting parts. Fig. 6 shows the test setup
for both specimens. The upper end of the specimen is kept fixed while the
displacement cycles are applied through the lower part. Required inputs are
given to the testing machine, and a force versus displacement plot is received as
an output. A test frequency of 0.5 hertz is given for each displacement level as
obtained from the loading protocol. Testing strokes are given as #0.5 mm, +2
mm, # mm, =6 mm and #8 mm for respective five displacement levels.

3.3. Experimental results

The hysteretic behavior of the two specimens tested can be plotted with
force-displacement values received as an output from the shock absorber ma-
chine. It was observed that both showed symmetrical hysteretic behavior with
optimum energy dissipation (Fig. 7). It is observed from the hysteretic behavior
of both specimens that specimen 2 dissipated more energy than specimen 1. The
failure pattern observed in the core parts of both specimens is shown in Fig. 8.
Specimen 1

No global buckling was observed in specimen 1, as expected, since the re-
strainer provided was as per Euler’s global buckling criteria (explained in 2.2).
Local buckling was observed along the yielding length of the core. The speci-
men dissipated a considerable amount of energy, but shear failure occurred at
the transition portion on reaching 2% axial strain loading.

Specimen 2

Specimen 2 showed local buckling along with a little lateral bucklng about

the weaker plane. A desirable amount of energy dissipation was observed with
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no global buckling, and hence it can be considered that the specimen can be
further loaded after 2% axial strain.

Fig. 6 Test setup

Specimen 1

Axial Force (N)

Specimen 2

Axial Force (N)

10

-20000
Axial Displacement (mm)

Fig. 7 Hysteretic response of the specimens tested

Fig. 8 Failure pattern of core part for specimen 1 (above) and specimen 2 (below)

4. Finite element modelling and validation

Over the past few decades, extensive numerical research and investigations
have been conducted to assess the effectiveness and performance of BRBs. Re-
searchers have employed 3D finite element analyses to study BRBs with various
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configurations and material properties. Fahenstock et al. [14] conducted nonlin-
ear dynamic analyses on BRB frames using scaled ground motion records at
different seismic hazard levels. Takeuchi et al. [21] performed nonlinear anal-
yses to understand the local buckling mechanism of the outer tube. Their find-
ings indicated that larger gaps between the core and the outer tube, along with
thinner tube thickness, resulted in a significant increase in tube strain rate. The
length of the core member was found to have no effect on the brace's perfor-
mance.

Korzekwa and Tremblay [22] conducted nonlinear analyses involving cy-
clic loading on all-steel BRBs, analyzing the nature of contact forces between
the core member and the outer tube. They observed that these forces were re-
sisted by tension in bolts and flexure in the tube. As a result, longitudinal fric-
tional forces developed, leading to the generation of compressive loads acting
axially in the outer tube during displacement cycles imposed on the brace. Du-
sicka and Tinker [23] investigated ultra-lightweight BRBs consisting of alumin-
ium cores and bundled glass fibre-reinforced polymer pultruded tubes as re-
strainers. These BRBs were effective in resisting global buckling stability and
weighed significantly less (27% of conventional filler-type BRBs and 41% of
all-steel BRBs).

Further studies have also been conducted on all-steel BRBs. Anniello et al.
[24] theoretically investigated the performance of dismountable all-steel BRBs
through finite element analysis with the aim of upgrading existing RC buildings.
Hoveidae and Rafezy [25, 26] performed finite element analyses on all-steel
BRBs to study their overall and local buckling behavior. Karimi et al. [27] con-
ducted finite element analysis on a three-story steel frame incorporating BRBs,
investigating the seismic response of the frame under impact load and conduct-
ing dynamic analysis. Rossi [28] numerically examined BRBs using the iso-
tropic hardening rule. Hosseinzadeh and Mohebi [29] compared the perfor-
mance of all-steel BRBs with ordinary braces through finite element models and
cyclic analysis. Almeida et al. [30] presented a case study on retrofitting an ex-
isting reinforced concrete school building with all-steel BRBs, demonstrating
the effectiveness of BRBs in strengthening existing structures.

In addition, researchers have explored the integration of BRBs as energy
dissipating devices in damped-outrigger systems [31]. Rahnavard et al. [32] pro-
posed a method for accurately modelling and constructing a simple BRB model
using finite element modelling with ABAQUS software. Avci-Karatas et al. [33]
developed finite element models of BRB specimens based on full-scale experi-
mental data [34], identifying key factors influencing the hysteretic behavior of
BRBs. Alborzi et al. [35] proposed a hybrid BRB composed of multiple plates
with different stress-strain behavior and compared its performance with con-
ventional BRBs using time-history analysis. Jamkhaneh et al. [36] introduced a
new type of all-steel BRB with corrugated edges, investigating its behavior
through finite element modeling. They found that the corrugated and ribbed
edges enhanced the buckling resistance of the braces. Naghavi et al. [37] nu-
merically studied different types of concentrically braced frames and BRB
frames using non-linear pushover analysis and time-history analysis.

In this study, 20 finite element analyses are conducted and studied on 12
all-steel BRB specimens with different restraining mechanisms, gaps, loading
protocols, and core portions to study the effect of these parameters on the hys-
teretic behavior and energy dissipating capacity of all-steel BRBs.

4.1. Validation of finite element model

4.1.1. From literature available

With the aim of investigating the numerical behavior of the proposed BRB
models, ABAQUS 6.13 software is used for non-linear finite element (FE) anal-
ysis. Beforehand, a BRB model based on past experimental research by Tabat-
abaei et al. (2014) is validated for its experimental and numerical results by
performing finite element analysis on it. The loading protocol applied to the
BRB model is as per Tabatabaei et al. [38]. Two cycles each for +Apy, 0.5 +Apm,
+Apm, 1.5 £Apm, and 2 £Apm are applied as shown in Fig. 10. Here, Ayy is the
brace yield displacement, which is 1.7 mm, and Ay, is the axial displacement of
the brace for the designed story drift, which is 27.7 mm. The material and geo-
metric properties assigned to the model are the same as described in the litera-
ture [38]. The core is considered to be 80 mm in width and 10 mm in thickness,
with a yield and ultimate strength of 235 MPa and 365 MPa, respectively. The
end portions of the core are stiffened with two trapezoidal plates of 200 mm
length, 80 mm width, and 10 mm thickness. The yield length of the core part is
taken to be 1100 mm. The core is encased between two steel plates of 180 mm
width and 10 mm thickness made from the same steel material as the core. The
encasing plates are reinforced with square structural steel sections of 60 mm
size and 5 mm thickness for out-of-plane action. The encasing plates are bolted
with a filler plate along the length of the core. The core is further welded at both
ends with square endplates of 300 mm size and 30 mm thickness. The modelling
properties are also similar, with some minor changes. The identical parts were
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modelled and assembled as shown in Fig. 9, but somewhat finer meshing is used
S0 as to obtain accurate results. 5 mm meshing is taken for all the parts,

<

Fig. 9 Meshed parts of the model

Axial displacement (mm)
o

Number of Cycles

Fig. 10 Loading Protocol

——FE Modelling —%—Experimental (Tabatabaei et al. 2014)

25

P/Py
)
N

-25
Afby

——FE Modelling —a— Numerical (Tabatabaei et al. 2014)

Fig. 11 Hysteretic curves obtained by FE modelling compared with experimental and
numerical curves

ietal. 2014)  —e— Numerical [Tabatabaei et al. 2014)

25

5 P/Py

-5
a/By

Fig. 12 Validation of hysteretic loop from FE modelling with experimental and numerical



Prachi Mishra and Arvind Y. Vyavahare

In-plane buckling

Fig. 13 Failure pattern observed

including the core, restraining plates with square hollow structural steel sections,
filler plates, and endplates. A damping factor of 2E-4 is also introduced in the
cyclic step to avoid the convergence problem. The hysteretic curve obtained
with FE simulation is compared with that of the experimental and numerical one
as shown in Figs. 11 and 12. A good correlation is observed between them. The
failure pattern observed is also identical to the experimental result, as shown in
Fig. 13. In-plane buckling and local buckling are observed along the yield length
of the modelled BRB.

4.1.2. From experimental results

The specimens tested are also numerically investigated with ABAQUS 6.13
software. Both specimens are assigned their respective geometric and material
properties as described in Section 2.1. The specimens are modelled using eight-
node solid (C3D8R) elements with a reduced-integration technique and with 3D
linear solid elements having three translational degrees of freedom per node.
Nonlinear material modelling is done for core plates in both models and both
elastic and plastic properties are assigned. A non-linear combined isometric and
kinematic hardening rule with cyclic hardening is assigned for core parts in each
model. The restrainer parts are assigned an elastic property only and are consid-
ered to remain elastic during the analysis. A friction coefficient of 0.1 is pro-
vided between the steel core plate surface and the angle restrainer surface to
simulate the PTFE sheet in between. Finer meshing is done on the core parts of
both models than on their respective restrainer parts (Fig. 14).

Fig. 14 Meshed FE models of specimen 1

The parts are prepared and assembled in the assembly by providing the
required contact interaction. The combined hardening parameters assigned,
including cyclic hardening, are material yield stress at zero plastic strain = 250
MPa, kinematic hardening parameter C = 10 GPa, Gammal = 48, rate factor b
=4 and Q., = 45 MPa [22]. An initial imperfection of L/400 is given to both
models before the cyclic step, where L is the yielding length of the core.

The hysteretic curves obtained for specimen 1 are plotted with their FE
results for each displacement level, as shown in Fig. 15. Each displacement level
consists of four cycles of different frequencies. It can be seen that the hysteretic
curves obtained for the specimen for experimental and numerical analysis are
nearly identical for every displacement level. The hysteretic response of
specimen 2 for all 5 displacement levels is also validated for its FE response
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(Fig. 16). The failure pattern obtained is also similar. Fig. 17 compares the
failure pattern of specimen 2 for its experimental and FE results. Furthermore,
the energy dissipated by the specimens at each level is calculated from the
hysteretic loop obtained from the experimental and FE results and compared.
Table 2 gives the energy dissipation comparison for both specimens.

Level 1
4 cycles @ =4,

1.5 15

Axial Force (N)

Level 2
4 cycles @ +0.58pm 20000

Axial Force (N)

Level 3
4 cycles @ +1.08pm

Axial Force (N)
)

Level 4

Level 5 St

4
o

10

Axial Force (N)

Axial Displacement (mm)

All 5 levels combined oot

Axial Force (N)
5
°
5

000,

-20000

Axial Displacement (mm)
~—FE analysis ———Experimental

Fig. 15 Validation of experimental and FE results for specimen 1
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Specimen 2
All 5 levels combined

Z
¢
5
3
<
10 10
Axial Dispiacement {mm)
~—FE analysis —— Experimental
Fig. 16 Validation of experimental and FE results for specimen 2
Table 2
Energy dissipation by tested specimens
Displacement Energy dissipated (kN-mm) Percentage
Specimen Level difference

eve Experiment FE analysis (%)

1. 21.8 20.75 5.1

2. 90.5 87.5 35

1 3. 207.6 200 3.8

4. 310 298 4.2

5. 498 475 48

1. 25.6 24.9 2.7

2. 108.6 105 3.4

2. 3. 247.7 240 3.2

4. 361.5 342.7 55

5. 578 546.25 5.8

Fig. 17 Failure pattern observed in specimen 2 (experimental and FE)

4.2. Description of modelled parts

The finite element analysis for all the specimens was achieved with the help
of the FE software ABAQUS 6.13. All the specimens are all-steel and have
different parts that are assembled and then simulated. The specimens are
grouped into two series depending on the restrainer used for the encasement of
the core member, namely: (a) Series | and (b) Series Il. The specimens with
angle sections as restrainers are grouped in Series I, while the specimens with
channel sections as restrainers are grouped in Series Il. Both series are further
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subdivided into specimens, with the core having a stiffened transition portion
and a non-stiffened transition portion. Table 1 gives a brief description of the
specimens. The model name of the BRB specimens is in the form of codes
ABRBIj and CBRBij where, the indexes i and j represent the number of the
model and type of specimen, whether stiffened or unstiffened, with letters S and
U, respectively. ABRB stands for BRBs with angle sections used as restrainers,
and CBRB stands for BRBs with channel sections used as restrainers. The
different parts are assigned different material properties that are discussed in the
next section.

4.3. Geometric and material properties

The geometric properties assigned to the specimens are briefly described in
Table 3. A total of 20 finite element analyses are performed on 12 specimens
that are divided into two series. All the specimens have the same core size of 40
mm x 8 mm. Series | includes six specimens, each having four angle sections
with two filler plates as restrainer. Further, the size of the angle restrainer is
different for every specimen. Each BRB is further divided into two types: the
one with a stiffened transition portion and the other with an unstiffened one.
Similarly, Series Il has BRBs with two channel sections and two filler plates as
restrainer, with each BRB having different sizes of channel sections for each
specimen. The specimens are also subdivided on the basis of the stiffening of
the transition portion. The filler plates are provided along the length of the core
plates to prevent strong axis buckling. Further, a gap of 2 mm is provided
between the filler plates and the core plate for Series | BRBs, and a gap of 1 mm
is provided for Series Il BRBs. A friction coefficient of 0.1 is provided between
the restrainer and the core member so as to act as an unbonding agent. Fig. 18
explains the typical model of the proposed BRB specimens for both series.

.
Bolted — o An}@ Section /‘,’ Channel section
[} r\ (8

_u{ TT
— Filler plate

‘/¢ .,
Filler TJT_ ol ‘u\.

plate Gap

(a)

Fig. 18 Typical cross-section of proposed (a) Series | BRBs and (b) Series 1| BRBs

Table 3
Geometric properties of specimens
Core Area of
. Mode . . . . .
Series dimensions Restrainer dimensions (mm) core
name ) (mm)
(mm) (mm?)
ABRB1s 40x8 4 ISA (50x50x3) + 2 filler plates 320 2
ABRB1y 40x8 4 1SA (50x50x3) + 2 filler plates 320 2
ABRB2s 40x8 4 ISA (55x55x5) + 2 filler plates 320 2
|
ABRB2y 40x 8 4 ISA (55x55x5) + 2 filler plates 320 2
ABRB3s 40x8 4 ISA (60x60x5) + 2 filler plates 320 2
ABRB3y 40x8 4 ISA (60x60x5) + 2 filler plates 320 2
CBRBus 40x 8 2 ISMC 100 + 2 filler plates 320 1
CBRBuau 40x 8 2 ISMC 100 + 2 filler plates 320 1
CBRBss 40x 8 2 ISMC 125 + 2 filler plates 320 1
1
CBRBsu 40x8 2 ISMC 125 + 2 filler plates 320 1
CBRBss 40x8 2 ISMC 150 + 2 filler plates 320 1
CBRBsu 40x8 2 ISMC 150 + 2 filler plates 320 1

The core plate is assigned the material properties of structural steel with a
yield strength of 250 MPa. The core plate is also assigned plastic properties in
addition to the elastic ones. The filler plates are simple structural steel plates.
The restrainer angle sections and channel sections are assigned their respective
properties on the steel table. The material properties assigned to core and filler
plates are given in Table 4.
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Table 4
Material properties of specimens

Parts Density Elastic Modulus Poisson’s Yield Strength
(kg/m?®) (GPa) Ratio (MPa)
Core 7780 210 0.3 250
Filler Plates 7760 210 0.3 -

4.4. Combined hardening parameters

A combined isotropic and kinematic hardening rule with cyclic hardening
is used to analyze all the proposed models. Certain parameters need to be
defined for such analyses in ABAQUS. These parameters include the kinematic
hardening modulus C, the kinematic hardening rate parameter y, the isotropic
hardening magnitude for cyclic hardening Q.., and the isotropic hardening rate
parameter b for cyclic hardening. Fig. 19 depicts the stress-plastic strain curve
for steel and explains the variation of parameters C and y for kth backstress.
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The uniaxial kinematic hardening modulus for the material can be given as
[39]

H. = Z[ckeﬂk"e"“ j @
k

Here, Cy is the kinematic hardening modulus and y is the kinematic hard-
ening rate parameter for k™ backstress, respectively. The stress of the material
for which the stress-strain curve is presented in Fig. 19 can be given as

o= 9(1_ e ™) ®)

Here, y is the rate at which C decreases with increasing equivalent plastic
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strain £, [39]. The yield stress of the material can be given by
—beh,
o,=0,+Q, (1—e “) ©

Where, 0y is the initial yield stress. Here, Q. represents the maximum
change in yield surface size in the true stress-strain plot (Fig. 20) and b defines
the rate at which Q., changes with increasing equivalent plastic strain.

These parameters are the material properties and can be found in the stress-
strain curve of the core material. However, approximate values of such param-
eters are suggested by some researchers [40, 22]. Hartloper et al. [39] have pro-
posed these parameters for structural steel in their research. For FE modelling
purposes, these parameters can be assumed depending on the material selected
and the values suggested in past research.

4.5. Modelling assumptions

Finite element models of all 12 specimens are developed using ABAQUS
6.13 software. All the specimens are modelled using eight-node solid (C3D8R)
elements with a reduced-integration technique. The models are made in parts
and then assembled to perform cyclic analysis. Every part is modelled using 3D
linear solid elements with three translational degrees of freedom per node. Non-
linear material modelling is done for the core plates in each model and is as-
signed both elastic and plastic properties. A non-linear combined isometric and
kinematic hardening rule with cyclic hardening is assigned for core parts in each
model. However, the restrainer parts are assigned an elastic property only and
are considered to remain elastic during the analysis. The core part and the filler
part are provided with a gap of 1 to 2 mm. The interaction property between the
angle or channel section parts and the core parts is assigned a surface-to-surface
contact property with tangential behavior. The frictional coefficient should be
assumed carefully as the increase in the value of this coefficient increases the
amount of axial force transmitted to the restrainer part. This further results in an
increase in bending moment in the restrainer due to the P-A effect, and conse-
quently, the global buckling load of the entire ASBRB may change. Hence, a
friction coefficient of 0.1 is provided between the steel core plate surface and
the restrainer surface to simulate a greasy, smooth surface between the core and
the restrainer. The assumption of the friction coefficient is as per Chou et al.
[41]. However, to simulate a rough and dry surface between the restrainer and
the core element, the value of the frictional coefficient may be adopted as 0.3
[22].

Normal behavior as hard contact is also assigned between the core and the
restrainer with nonlinear properties. The filler plate and the angle or channel
restrainers are assumed to be connected with bolted connections along the
length, and hence, to simulate this, the restrainer parts are connected to each
other using a tie constraint. The full Newton-Raphson method was employed to
solve the non-linear analysis. A fine mesh is employed for both the core plate
and restrainer parts. For core plates with stiffened transition segments, partition-
ing of the plate is done to achieve a uniform and desired mesh. (Fig. 21).

Fig. 21 Finite element model of ABRBs

The parameters used for a combined isometric and kinematic rule with cy-
clic hardening are material yield stress at zero plastic strain = 250 MPa, kine-
matic hardening parameter C = 10 GPa, Gammal = 48, rate factor b =4 and Q..
=45 MPa [22]. An initial imperfection with a linear perturbation is also assigned
as the initial step before the cyclic step. The initial geometric imperfection can
be assigned in three ways: imperfection based on eigenmode data; imperfection
based on static analysis data; and by directly defining the imperfection. In this
analysis, an initial imperfection of 1 mm is assigned based on the first mode of
buckling pattern. The first five buckling modes for the core plate with a stiffened
transition portion can be seen in Fig. 23. An automatic stabilization with a
damping coefficient of 1E-4 is applied to avoid convergence problems.
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4.6. Loading protocols

Two different types of loading protocols are considered in this analysis. All
12 specimens are analyzed for the Type | loading protocol, which is shown in
Fig. 20. In this loading protocol specimens are cyclically loaded at 8 different
axial displacement levels, which are 1/3Ay; 2/3Ay; 1.0Ay; 0.33 Apm (0.33%),
0.5Apm (0.5%), 1.0Apm (1%), 1.5A0m (1.5%), and 2Apm (2%). Two cycles of load-
ing were applied at each displacement level, where A, is the displacement that
corresponds to the yielding of the core and Apn is the axial deformation of the
brace corresponding to the design story drift. In this study, Aym Was set to 10
mm, which corresponds to the axial strain of 1% in the core, and the core yield-
ing displacement, Ay, was calculated as 1.27 mm based on the material charac-
teristics. Hence, the ultimate axial displacement demand of the brace during cy-
clic loading was determined as 2A,»,=20 mm, which corresponds to a core strain
of 2%. A similar loading pattern was considered by Eryasar [42] in his research.
Elght Specimens (ABRBls, ABRBlu, CBRBA,s, CBRB4u, ABRst, ABRB:;s,
CBRBss, and CBRBgs) are also analyzed for the Type Il loading protocol, which
consists of two cycles at each deformation of an axial strain 0of 0.5, 1, 1.5, 2, 2.5,
3, and 3.5% with an increment of 0.5% after every two cycles. This type of
loading pattern was considered by Sahoo and Ghowsi [43] in their experimental
research. (Fig. 22).
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Fig. 23 First five buckling modes for core plate with stiffened transition portion
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5. Results

5.1. Hysteretic loops

The hysteretic response of all 12 specimens for 20 different analyses is pre-
sented in Figs. 25 and 26. Normalized values for force and displacement are
found for each specimen for plotting the curves to give a better understanding
and comparison of the specimens. The compressive adjustment factor (3) and
strain adjustment factor (w) for all the specimens are calculated using equations
(10) and (11) respectively.

_ G (10)
ﬁ N Tmax
= mx 11)
FeA

Where, F; is the yield stress of the core plate, and A is the cross-section
area of the core plate. B and w values for all the modelled specimens are given
in Tables 5 and 6 for both the loading types. It can be observed that these values
are greatest for ABRB,s and are satisfactory for all other specimens. The 3 and
 values depend upon the type of contact and gap between the core and the
restrainer member. (3 values are greater for direct contact because of high fric-
tional forces generated at the core and the restrainer interface. The use of un-
bonding material or a gap between the core and the restrainer is therefore
strongly recommended. All the specimen models in this study are thus provided
with some gap between the core and the restrainer. B and Bw values can also
be found from the backbone curve of the ASBRB specimens, as shown for spec-
imens CBRB,s and ABRBgs in Fig. 24. The strain adjustment values are needed
for calculating the adjusted ASBRB strengths for design purposes. The energy
dissipated by all the specimens is also calculated from their hysteretic responses
for both loading types, as given in Table 7.

Table 5

Comparison of strength adjustment parameters for loading protocol Type |
Specimen Tmax (KN) Crax (KN) B w Bw
ABRB1s 87 87 1.00 1.09 1.09
ABRB1w 85 86 1.01 1.06 1.07
ABRB2s 87 87 1.00 1.09 1.09
ABRB2y 85 86 1.01 1.06 1.07
ABRB3s 87 88 1.01 1.10 111
ABRBsy 85 86 1.01 1.06 1.07
CBRBus 87 87 1.00 1.09 1.09
CBRBuw 85 86 1.01 1.06 1.07
CBRBss 87 87 1.00 1.09 1.09
CBRB:sy 85 86 1.01 1.06 1.07
CBRBes 88 96 1.09 1.10 1.20
CBRBsu 82 87 1.06 1.02 1.09

Table 6

Comparison of strength adjustment parameters for loading protocol Type Il
Specimen Trmax (KN) Chax (KN) B [0} Bw
ABRB;:s 121 140 1.15 1.51 1.74
ABRB1w 87 88 1.01 1.09 1.10
ABRB2s 104 106 1.02 1.30 1.33
ABRBss 104 108 1.04 1.30 1.35
CBRBas 104 105 1.00 1.30 1.30
CBRBuw 87 88 1.01 1.09 1.10
CBRBss 100 102 1.02 1.25 1.28
CBRBss 103 105 1.01 1.29 1.30




Prachi Mishra and Arvind Y. Vyavahare

Table 7
Energy dissipated by the specimens

Energy dissipated (KN-mm)

Specimen
Type | Type Il

ABRB:s 580 1300
ABRB1uy 440 950
ABRB:s 520 1400
ABRB2uy 420 -
ABRB3s 540 1400
ABRBs3u 460 -
CBRBus 520 1500
CBRBuw 460 900
CBRBss 520 1400
CBRBsy 440 -
CBRBes 900 1500
CBRBeu 420 -

5.1.1. Type | loading
Specimens ABRB;s and ABRB,y

It was observed from the hysteretic loops obtained from both these
specimens that the specimen with an unstiffened transition portion, ABRB1y
gives satisfactory performance up to 2% strain loading, and the energy
dissipated is not much less than that by the specimen with a stiffened transition
part, ABRB;s. However, the specimen with a stiffened transition portion
dissipates more energy and shows a better hysteretic response. The B and w
values for the former and latter are found to be 1.01 and 1.06; and 1.00 and 1.09,
respectively.
Specimens ABRB,s and ABRB,y

Both specimens whether with a stiffened transition core portion or without,
show satisfactory hysteretic behavior and dissipate a comparable amount of
energy, with a difference of 19%. The hysteretic curve obtained for specimen
ABRB_s, which dissipated a greater amount of energy, is somewhat better with
more loops, which means stress distribution is more uniform. The B and w
values for both specimens are found to be 1.00 and 1.09; and 1.01 and 1.06,
respectively, similar to the specimens discussed in the previous section.
Specimens ABRB3s and ABRB3y

Specimen ABRBgy dissipated 0.85 times the energy dissipated by ABRB3s,
and both showed symmetrical hysteretic behavior. The B and w values for both
are found to be 1.01 and 1.10; and 1.01 and 1.06, respectively. No global
buckling is observed, with some minor local buckling in both specimens.
Specimens CBRB,s and CBRB4y

Stable hysteretic curves are obtained for both the BRBs. The energy
dissipation is higher for CBRB4s when compared with CBRB4y as expected but
by only 11%. The hysteretic loops are also better for CBRB,s. The B and w
values for both are found to be 1.00 and 1.09; and 1.01 and 1.06, respectively.
There is no global buckling observed in both BRBs.
Specimens CBRBss and CBRBsy

Both specimens dissipated a decent amount of energy with stiffened one
dissipating more. Stable and symmetrical hysteretic behavior is observed in both
the BRBs. The B and w values for both are found to be 1.00 and 1.09; and 1.01
and 1.06, respectively. No global buckling is observed; however, in-plane
buckling is observed in the specimen CBRBsy.
Specimens CBRBgs and CBRBgy

Specimen CBRBgs dissipated a considerable amount of energy, showed
stable hysteretic behavior up to 2% strain, and further dissipated energy at
higher strain levels. The specimen showed higher energy dissipation than any
other specimen. The hysteretic curve formed by the specimen is symmetrical
with some degradation. Specimen CBRBgy showed stable hysteretic behavior
and dissipated satisfactory energy, though quite less than that by the specimen
with a stiffened transition core portion. The  and w values for both are found
to be 1.09 and 1.10; and 1.06 and 1.02, respectively.

5.1.2. Type Il loading
Specimens ABRB;s and ABRB,y

A large amount of energy is dissipated by specimen ABRB;s compared to
specimen ABRB,y. Local buckling is observed in the specimen after a 2.5%
strain rate. The specimen showed quite satisfactory hysteretic behavior with the
hysteretic curve having a number of loops. The curve obtained is quite symmet-

rical up to 2.5% strain, and then degradation is visible with further strain loading.
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Specimen ABRB,y experienced in-plane buckling after 2% of the strain rate and
stopped dissipating further energy after 2.5% strain loading. However, it
showed stable hysteretic behavior. The 8 and w values for the former and latter
are found to be 1.15 and 1.51; and 1.01 and 1.09, respectively.
Specimens CBRB,s and CBRB4y

Specimen CBRBys experiences local buckling along the yield length of the
core. Global buckling is not seen, but markable stress is induced in the restrainer
portion, which can be seen in Fig. 25 (b). The hysteretic loop obtained is sym-
metric, as expected. For CBRB4y, the energy dissipation is less when compared
with CBRBys. It was observed that CBRB s dissipates quite a higher amount of
energy than the specimen CBRBs, but experienced local buckling for Type Il
loading. The B and w values for both are found to be 1.1 and 1.3; and 1.01 and
1.09, respectively.
Specimens ABRBs and ABRB3s

Quite stable and symmetrical hysteretic behavior is obtained for specimen
ABRB,s up to 3.5% strain with some degradation at the compression side, but
a considerable amount of energy is dissipated by the specimen. Local buckling
is observed along the yielding core length. A perfect symmetrical hysteretic
curve is obtained for the specimen ABRB3s, during the entire loading. The en-
ergy dissipated is satisfactory and similar to that of the former specimen. In-
plane buckling is observed along the core length in the specimen. The B and w
values for both are found to be 1.02 and 1.3; and 1.04 and 1.3, respectively.
Specimens CBRBss and CBRBgs

The hysteretic curve obtained for the specimen CBRBss is uniform and
symmetrical up to 3% strain, and then degradation is observed on further load-
ing. Energy dissipation is, however, satisfactory with local buckling along the
yielding length of the core. A stable and symmetrical hysteretic curve is ob-
tained for specimen CBRBgs, with a higher amount of energy dissipation than
the former specimen. The B and w values for both are found to be 1.0 and 1.25;
and 1.01 and 1.29, respectively.
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Fig. 26 Hysteretic responses for Type Il loading protocol

5.2. Failure patterns

All the specimens showed a good hysteretic response and satisfactory en-
ergy dissipation for both types of loading patterns. For Type I loading, only in-
plane buckling is observed in most of the specimens, with some minor local
buckling along the core length. No global buckling is observed in any of the
specimens for Type | loading. The specimens with unstiffened transition core
portions performed well enough as compared with the specimens with stiffened
transition core portions. However, for the Type Il loading pattern, the specimens
with stiffened transition portions performed much better. Local buckling is ob-
served in almost all the specimens for Type Il loading. Overall buckling is not
seen in the specimens of this loading, but considerable stress is induced in the
restrainers, which can be observed in some of the specimens. Fig. 27 shows the
failure pattern and stress distribution pattern in the specimen CBRB,s for the
Type Il loading pattern.
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6. Conclusions

In a comprehensive study, a series of non-linear finite element analyses
were conducted on 12 proposed All-Steel Buckling Restrained Brace (ASBRB)
specimens. Prior to these analyses, two small-scale ASBRB specimens were
subjected to cyclic testing to validate the experimental and finite element (FE)
results. These specimens had different core cross-sections but utilized the same
restraining arrangements, and they exhibited symmetrical hysteretic behavior.
The dissipated energy of the tested specimens was compared between experi-
mental and FE results. Additionally, the FE method used was validated by com-
paring the obtained results with literature from past research.

Subsequently, 20 non-linear FE analyses were performed on the proposed
ASBRB specimens, considering various parameters. Based on these analyses,
the following conclusions were drawn regarding the influence of these parame-
ters:

Gap between Core and Restrainer: The size of the gap between the core
and the restrainer was found to have a significant effect on the behavior of AS-
BRBs. Larger gaps resulted in increased energy dissipation capacity and im-
proved overall performance.

Restrainer Material: The material used for the restrainer (steel or alumin-
ium alloy) affected the behavior of ASBRBs. The choice of material influenced
the stiffness and energy dissipation characteristics of the brace.

Core Stiffening: Stiffened and unstiffened types of core portions were in-
vestigated. It was observed that the inclusion of stiffening elements within the
core enhanced the buckling resistance and energy dissipation capacity of AS-
BRBs.

Loading Protocols: Different loading protocols were examined to assess
their impact on ASBRB behavior. The loading rate and sequence were found to
influence the hysteretic response and energy dissipation characteristics of the
braces.

By systematically varying these parameters and analyzing their effects, val-
uable insights were gained regarding the optimal configuration and design of
ASBRBs. These findings contribute to the ongoing development and improve-
ment of ASBRB technology, enhancing its effectiveness as an energy dissipat-
ing device in seismic-resistant structures.

6.1. Restraining mechanism

In the analyzed specimens, global buckling failure was not observed due to
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the strong restraining mechanism employed. The occurrence of global buckling
failure depends on the ratio of the Euler buckling load of the restrainer to the
yield load of the core part. If this ratio is greater than 1, the brace will not expe-
rience global buckling failure. All the specimens in the study had a ratio greater
than 1, ensuring their resistance to global buckling.

However, it was found that the braces with channel restrainers outper-
formed the ones with angle restrainers in terms of energy dissipation. This sug-
gests that the choice of restrainer design significantly influences the energy dis-
sipation capacity of ASBRBs. It was also observed that local buckling occurred
in the braces when the strain rate exceeded 2%.

To prevent global buckling, it is recommended to select restraining mech-
anisms with a value greater than 1.5, indicating that light sections can be chosen
instead of heavy sections. Interestingly, the ASBRB with ISMC 150 as a re-
strainer, which is the heaviest restrainer among the proposed ASBRBs, achieved
the maximum energy dissipation for both loading types.

These findings indicate that careful selection of the restrainer design, con-
sidering factors such as weight and the ratio of Euler buckling load to yield load,
is crucial for optimizing the performance and energy dissipation capacity of AS-
BRBs.

6.2. Amount of gap

In the study, ASBRBs with angle restrainers had a 2 mm gap between the
core member and the restrainer, while those with channel restrainers had a 1
mm gap. Surprisingly, the performance of the braces was found to be independ-
ent of the specific gap size (1 mm or 2 mm) in this study. The braces exhibited
different behavior regardless of the gap size.

However, it is recommended to maintain a gap of 1 to 2 mm between the
core member and the restrainer. This gap helps to prevent the transfer of axial
load from the restrainer to the core and minimize the compression adjustment
factor value. It is important to note that a larger gap can lead to undesirable
consequences such as increased local buckling amplitudes and higher contact
forces on the restrainer surface. These factors can ultimately result in a decrease
in the strength of the ASBRB.

Therefore, while the specific gap size did not significantly affect the per-
formance of the braces in this study, it is still necessary to maintain a suitable
gap (1 to 2 mm) to ensure proper functioning and avoid potential issues related
to strength and buckling.

6.3. Loading pattern

In this study, two different types of loading patterns were used: Type | load-
ing, which followed the provisions prescribed by AISC (American Institute of
Steel Construction), and Type Il loading, which was based on the approach pro-
posed by Sahoo et al. (2017). It was observed that ASBRB specimens could
withstand higher strain rates than those prescribed in the AISC provisions.

The ASBRBs with stiffened transition portions exhibited good performance,
particularly under higher strain rates. They were able to dissipate a significant
amount of energy and exhibited a high number of symmetrical hysteretic loops
during Type Il loading.

The ratio of the yield load of the core part to the Euler buckling load of the
restrainer ( Po/Py) remained less than 1.5 for Type | loading. For Type Il loading,
this ratio increased for some ASBRBSs but still remained below 2. It is worth
noting that local buckling failure was observed in most cases during Type I
loading, indicating the occurrence of localized buckling phenomena.

Overall, the study showed that ASBRBs have the capability to withstand
higher strain rates and exhibit satisfactory performance, especially when
equipped with stiffened transition portions. However, local buckling failures
were observed in some cases during Type Il loading.

6.4. Stiffening of the transition segment

Based on the simulations and findings of this research, ASBRBs without
stiffened transition portions exhibited symmetrical hysteretic behavior for Type
| loading. These braces performed satisfactorily and were able to dissipate en-
ergy up to a 2% strain rate. Although they dissipated less energy compared to
ASBRBs with stiffened transition portions, they showed satisfactory perfor-
mance, especially in buildings that are less prone to seismic attacks.

By not stiffening the transition portion of the core in ASBRBs used in such
buildings, designers can achieve cost-cutting and material savings. It is recom-
mended to use lightweight restrainers for ASBRBs, as they are replaceable and
easy to handle. A gap of 1 to 2 mm between the core and the restrainer is suffi-
cient to avoid transferring axial load and minimize compression adjustment fac-
tor values.



Prachi Mishra and Arvind Y. Vyavahare

For structures with lower design story drift, ASBRBs with unstiffened tran-
sition portions in the core can be employed as cost-effective replaceable fuses.
However, it is important to note that experimental validation of the finite ele-
ment simulations conducted in this research is necessary. The authors plan to
conduct such experimental validation in the future to further validate their find-
ings.
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ABSTRACT

ARTICLE HISTORY

Tall and slender latticed steel towers, such as power transmission line towers, are very susceptible to vibrations imposed
mainly by wind action. Thus, changing the design layout or making use of vibration control devices is often necessary to
reduce vibration amplitudes and avoid the collapse of the structure. In this work, an alternative to the conventional types of
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commercial dampers is the use of elements in the connections of the structure, such as rubber rings working like connection

dampers, so they can dissipate the energy of the system reducing the dynamic response of the tower. Thus, this work
proposes a methodology for the optimization of stiffness and damping coefficients of connection dampers in structures of
latticed steel towers of Transmission Lines (TL) that are subjected to the dynamic effects of wind. An illustrative example
is presented. First, the structure is evaluated considering perfectly rigid connections; then the stiffness and damping
coefficient of the connections are optimized in order to minimize the vibration amplitudes of the tower. Finally, the natural
frequencies, damping ratios and maximum horizontal displacements are compared for situations of perfectly rigid and semi-
rigid connections. The results show that the optimization process results in a structure with a fundamental frequency of
vibration similar to that of the original tower, however a significant reduction in the horizontal displacements can be
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Wind action;
Semi-rigid connection;
Dynamic analysis;
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observed, since an increase in damping occurs, thus proving the capacity of the proposed methodology.

Copyright © 2023 by The Hong Kong Institute of Steel Construction. All rights reserved.

1. Introduction

Structures such as towers have been the focus of study of many researchers,
due to the fact that these structures are very sensitive to vibration effects caused
by the wind and earthquakes. With the continuous expansion of the electric
power generation and transmission system in Brazil and in the world, and the
construction of new towers for telephone and internet services, new challenges
are imposed on the designers.

Reduction in manufacturing, assembly and maintenance costs and, above
all, the safety that these structures must have, are some of the main reasons for
the greatest care in design and execution. The ruin of one of these structures can
cause damage, such as the interruption of electricity transmission or
telecommunications services. Besides, if they are built close to habitations, they
could also cause fatalities.

A simplification that is normally used in the design of a structure is
considering the connections between the elements as perfectly rigid or perfectly
flexible. Muscolino et al. [1] mention that, in a practical way, if the moment
transferred between the elements is sufficiently small — thus it can be neglected
— the connections can be considered perfectly flexible. On the other hand, if the
moment cannot be ignored, the connections are considered rigid.

However, in a real structure, observing these two extreme cases is
practically impossible, since all connections allow some level of rotation and
have some rigidity. In this sense, it is correct to state that the connections have
a semi-rigid behavior. Zlatkov et al. [2] claim that underestimating the semi-
rigidity of the connections and treating them as pinned has a negative impact on
the costs of executing the structure, while overestimating, and treating them as
rigid, produces results that do not match the reality and go against safety.

Usually, the actions used in the dimensioning of a latticed steel tower are
the structure's self-weight, the weight of the transmission cables and antennas
and, mainly, the wind action. As the design of towers becomes more and more
slender, the natural frequency of vibration of these structures becomes smaller,
which makes them more susceptible to wind actions. However, considering the
semi-rigid behavior of the connections of a structure can help its dynamic
response. Thus, as the semi-rigid connections represent more accurately the
behavior of the structure, this is a topic researched by several authors.

Ye and Xu [3] investigated the static and dynamic responses of a steel frame
with semi-rigid connections, simulated by a rotational spring of zero length. The
authors noted that the resonance effect did not occur. They concluded that this
happened due to the large power of dissipation capacity. Another conclusion of
the work was that the frame with semi-rigid connections presented a greater
resistance to collapse.

By analyzing the dynamic behavior, natural frequencies and vibration

modes of a frame in an earthquake, Masoodi and Moghaddam [4] noted that the
influence of the semi-rigidity of the connections for the highest acceleration
peak values is important because they cause large variations in maximum
displacement for rotational flexibility factor of connections close to zero (no
rotation restriction). The authors also observed that, as the rotational flexibility
approaches to rigid, for each of the analyzed acceleration peaks, the variation of
the maximum displacement values becomes insignificant.

Similar results were achieved by Raftoyiannis and Polyzois [5], who
studied the dynamic characteristics of a pole composed of two parts. The parts
are joined with a resin, and the connection formed is considered semi-rigid. The
authors performed a modal analysis and an experimental study exciting the
structure. The results obtained showed that, as the stiffness of the connection
increases, the influence of semi-rigidity on the dynamic characteristics
decreases. This is due to the fact that after a certain level of rigidity, the
connection starts to reach an almost perfect rigidity behavior.

Basinski and Kowal [6] performed a forced harmonic dynamic analysis on
beams composed of the union of two bars with a semi-rigid connection and
analyzed the displacement amplitudes in the middle of the beam. The effect of
varying the rotational stiffness in the connection on the damping of the structure
was also analyzed. The author demonstrated that, by reducing the rotational
stiffness of the connections, the magnitude of the displacement amplitude also
decreased. However, the author states that the increase in the stiffness of the
connection leads to a decrease in damping, ushering the beam to reach greater
displacement amplitudes in the harmonic excitation. Basinski and Kowal [6]
also mention that, as semi-rigid connections regulate displacement amplitudes,
they can act as vibration dampers for cyclical actions, such as wind gusts.

Daryan et al. [7] analyzed numerically a steel frame with two types of semi-
rigid connections (top and seat angle with and without web angle) against an
earthquake record. It has been shown that the top and seat angle with web angle
reduced the relative displacement between the floors, and increased the
structure's energy absorption capacity. The authors also concluded that the
connection of a top and seat angle with a web angle is a suitable alternative for
strengthening vibration-sensitive structures.

Wang et al. [8] also studied the effect of the semi-rigidity of connections
against earthquakes and conducted an experimental study on tubular steel
frames filled with concrete with bolted connections. The tests demonstrated
excellent power dissipation capability.

Hao-Xiang He et al. [9] presented an experimental study in which it is
inserted parts of low-yield-point steel in the connections of a structure. The low-
yield-point steel proved to be more suitable than other types of ordinary steel in
energy dissipation. Also, the authors concluded that it dissipates energy by
deforming (protecting the main structure) and, after the dynamic force stops
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acting, maintenance can be quickly performed.

In this sense, dampers are usually used to reduce problems related to
excessive vibration. However, the use of industrial dissipation devices implies
a higher cost in the work. As an alternative, some authors suggest the use of
elements with high energy dissipation capacity in the structural connections in
order to improve the dynamic response.

Zlatkov et al. [2] determined the matrices of beam elements with semi-rigid
connections at both ends through the stationary potential energy function.
Afterward, the authors conducted a numerical study applying an earthquake to
a structure and varying the stiffness level of the connections. Results showed
significant differences regarding the natural frequency of vibration, design
forces and horizontal displacement. According to the authors, this demonstrates
the importance of using the real stiffness of the connection in the calculation
step for any engineering structure. Another configuration also used to consider
semi-rigidity is to insert high flexibility elements in the connection or in some
section of the structure. This alternative not only makes the connection semi-
rigid, but also increases the structure's energy dissipation capacity.

Sekulovic et al. [10] studied the energy dissipation of a frame considering
connections such as rotational springs and viscous rotational dampers. In that
work, the stiffness matrix of the structure for this configuration was deduced
and a parametric study was conducted. The authors demonstrated that frames
with semi-rigid connections combined with connection dampers presented a
more significant decay in displacement amplitude when compared to rigid
connections.

Cacciola et al. [11] performed a deterministic and stochastic sensitivity
analysis of the dynamic response of a frame with semi-rigid connections
combined with connection dampers. Dampers are represented by elements
whose behavior follows the Kevin-Voigt model. The authors noted that, in some
situations, even with a small variation of the damping of the connection, the
response can have large differences.

Attarnejad et al. [12] analytically evaluated the performance against a high-
intensity earthquake of a structure with semi-rigid connections and energy
dissipation elements. The authors observed that the greater the stiffness of the
connection, the greater the initial overall stiffness of the structure. Furthermore,
it was also observed that there is an optimal damping coefficient that can
significantly reduce the dynamic response of frames with semi-rigid
connections. The authors also point out that semi-rigid connections with
connection dampers are significant in the design of structures resistant to
earthquakes.

Yanxia Zhang et al. [13] and Meng-Yao Cheng et al. [14] presented an
experimental study by adding columns with and without dampers in steel frames
and observed that the structures with dampers perform better against dynamic
action due to a better capacity of energy dissipation.

Koroglu et al. [15] also studied connection dampers as an option to reduce
the effects of seismic loads on the structural system. The results showed that,
when loads and moments reached critical levels, the connection dampers acted
and no damage was observed on the beam and column.

As already mentioned, the limitation of costs around the project requires
that it has the best performance with the available resources. To achieve this, it
employs the use of optimization, maximizing or minimizing a function, by
applying computational simulations.

In order to use the device in the best possible way, that is, with lower cost
and greater power dissipation capacity, many authors have studied the
optimization of these devices. The use of optimization aims at finding the
properties of devices; and/or the best positions for the device within the
structure; and/or the ideal number of devices to obtain the best scenarios they
can provide, thus reducing the effect of dynamic actions and prolonging the
service life of the structure in which they are installed. Singh and Moreschi [16]
point out that even a small increase in damping can be relevant, as slender
structures have an extremely low damping value.

Generally, studies related to damping optimization are carried out on
commercial dampers. For example, Si et al. [17] studied the optimization of the
position and properties of a Tuned Mass Damper (TMD), in order to reduce the
dynamic effects in an offshore wind power generation tower. The study showed
that, by applying adequate properties and positioning the TMD above water, it
is possible to reduce the effects caused by dynamic actions moderately, while
improving the effectiveness of energy generation. Other examples of TMD
optimization in different types of structures subjected to different types of
dynamic excitation can be found in [18-27].

Mensah and Duefas-Osorio [28] analyzed a Tuned Liquid Column Damper
(TLCD) to provide greater reliability for wind power towers against excessive
wind-induced vibrations. Results showed that the shock absorber used is a
viable possibility, since it is cheaper and able to provide greater safety, as well
as a useful life for these towers.

Zhang et al. [29] also analyzed vibrations in wind energy towers, and
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studied dampers to reduce the effects of vibration on turbine blades. The aim of
the study was to optimize the damper mass, frequency, coefficient of friction
and position. Results showed that the best conditions to achieve vibration
reduction are to increase the damper mass and position it close to the free end
of the structure.

Regarding friction dampers, the works by [30-38] can be highlighted,
which propose different methodologies for optimizing these devices when
applied to different structures subjected to different dynamic actions.

Ribakov and Reinhorn [39] presented a study based on the optimization of
the damping of a structure by viscous dampers in a lever system. The authors
conducted a numerical example and concluded that peak displacements were
reduced to levels between 40% and 75%. Still, there was a notable gain in
energy dissipation, thus indicating that the application of dampers can be an
alternative for the recovery of structures sensitive to earthquakes.

As demonstrated in the works above, the use of optimization algorithms to
assist in the design of external energy dissipation devices has been the focus of
research by several authors, who propose modifications in the properties of
dissipation devices in order to reduce the dynamic response of the structure to
different excitations. However, there have been few studies on the optimization
of the dynamic characteristics of structures with semi-rigid connections formed
by less rigid elements, such as rubber rings, acting as an energy dissipation
device (connection damper).

Thus, for the reasons mentioned so far, as well as for the lack of research
on the subject, the present work proposes a methodology for the optimization
of connection dampers inserted in the connections of a steel transmission line
tower subjected to the dynamic action of synoptic winds (EPS winds), aiming
to reduce the maximum displacement of the structure, that is, to improve its
dynamic response.

Fig. 1 Transmission tower - dimensions (in meters) and number of nodes. [41]
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2. Definition of the structure

To illustrate the methodology proposed in this work, a real power
transmission line tower (Fig. 1) damaged during a typhoon in Japan is studied.
This structure has already been studied by Murotsu et al. [40] and Miguel and
Fadel Miguel [41] in different contexts.

The structure is a silhouette of an 82-meter-high tower, with a base of
13.235 meters, and it is formed by angle profiles. The tower is modeled with 80
nodes and 163 2D frame elements. The representation of the tower with its
nodes and dimensions is presented in Fig. 1.

34 41 36

Y 1054 2g

3922 340

5 A32 33 ks

7 N34 35 48
9 8 39 50

51 40 41 b2

3 44 45 |54

5 46 47 158

7 0 51 |58
59 52 53 0

Fig. 2 Transmission tower - number of elements. [41]

In this study, it is assumed that: (i) the tower is located in the city of Chu T

(RS, Brazil), unlike the original structure, located in Japan; (ii) the structure has
a completely rigid base; (iii) the presence of cables is simulated by adding
masses in some nodes of the structure. The corresponding mass value and the
nodes where they are added were given by [40] and [41] and are presented in

Table 1.
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Table 1
Nodal masses added to the structure
Nodes Mass (kg)
5,6 1550
15, 16 1550
25, 26 1550
29, 30 130

The tower is formed by 11 different angle profiles, which have been
adapted to Brazilian commercial angle profiles taken from [42], and the material
used in the profiles of the structure is steel ASTM A36. The geometrical
properties of the angle profiles are presented in Table 2 and the profile used in
each element of the structure is presented in Table 3. The number of each
element is presented in Fig. 2.

Table 2
Geometrical properties of the angle profiles

Number Profile (mm) Area (cm?) Moment of inertia (cm*)

1 20.32 x 20.32 x 1.905 73.81 2901.1
2 20.32 x 20.32 x 1.588 62.9 2472.4
3 12.70 x 12.70 x 0.952 23.29 362
4 10.16 x 10.16 x 0.794 15.48 154
5 15.24 x 15.24 x 1.270 37.09 828
6 15.24 x 15.24 x 1.588 45.86 1007
7 15.24 x 15.24 x 1.905 54.44 1173
8 5.08 x 5.08 x 0.952 8.76 20
9 6.35x 6.35 x 0.794 9.48 35
10 10.16 x 10.16 x 0.635 1251 125
11 4.445 x 4.445 x 0.794 6.45 11.2

Table 3

Angle profile of each element used in the structure

Number Element
1 1-8, 15-18, 27-30, 33-36
2 9-12, 65-67, 72, 85-87, 92, 105-107, 112, 117
3 13, 14,19, 20
4 21-26, 31, 32
5 37-46
6 47-54
7 55-64
8 68-71, 73-84, 88-91, 93-104, 108-111, 113-116, 118-131, 136, 137, 142,
143, 148, 149, 156, 157

9 132-135, 138-141, 146, 147, 154, 155, 158, 159, 162, 163
10 144, 145, 150-153
11 160,161

The damping matrix is considered proportional to the mass and stiffness
matrices, according to Eqg. (1), and a damping ratio of 0.5% is considered for
the first two modes.

C, =aM,, +BK,, +CM @)

in which M, , C,, and K|, are the mass, damping coefficient and stiffness
matrices of the structure, respectively, CM is the global damping coefficient
matrix of the connections dampers and «, B are constants.

Two configurations of connections are studied in this paper. The first one
considered that all bolted connections are perfectly rigid. The second one
considered that all bolted connections with connection dampers have a semi-
rigid behavior. The configurations are called rigid and semi-rigid, respectively.
For both configurations, the bolted connections between elements that represent
the main legs of the tower are considered rigid.
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3. Definition of the connection damper

The connection damper is represented by an element with zero length, and
it works as a connection between two 2D frame elements. As it is a 2D element,
the connection damper has stiffness and damper coefficient in all three degrees
of freedom and it can be exemplified as a system of spring and damper.
Therefore, it can be depicted by two translational parts that represent the
horizontal and vertical displacements, and one rotational part that represents the
angular displacement. The depiction of the connection damper’s parts is
presented in Fig. 3.

c
1
|

—AAA—

k

(a) Translational part

k

(b) Rotational part

Fig. 3 Connection damper

As the length of the connection damper is zero, the end node of the first 2D
frame element is superimposed (same position) with the start node of the second
2D frame element that makes up the connection. Furthermore, as the mass of
this element is insignificant compared to the mass of the structure, its addition
can be ignored.

Each element has stiffness in all three degrees of freedom. If it is necessary
for the connection to have a perfectly rigid behavior, it assumes a very high
value for the spring stiffness. If the connection has a perfectly flexible behavior,
the spring assumes a stiffness equal to zero.

The stiffness matrix of the spring part of the element used in this study is
defined by Eq. (2).

KU, 0 0 -KU, 0 0
KU, 0 0 -KuU, 0
KROT, 0 0 —KROT,
KM = @
KU, 0 0
sym KU, 0
KROT,

in which KU, and KU, are the translational stiffness in relation to the X and Y
axis, respectively. Also, KROT, is the rotational stiffness in relation to the Z
axis.

The stiffness values for the three degrees of freedom are already calculated
and applied in relation to the global coordinates, so the coordinate
transformation matrix is unnecessary.

The damping coefficient matrix of the damper part of the element used in
this study is defined by Eqg. (3).

Cu, 0 0 —CU, 0 0
Cu, 0 0 —CU, 0
CROT, 0 0 —-CROT,
CM = 3)
CU, 0 0
sym CuU, 0
CROT,

in which CU, and CU, are the translational damping coefficient in relation to
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the X and Y axis, respectively. Also, CROT, is the rotational damping
coefficient in relation to the Z axis.

Like the stiffness matrix, the damping coefficient matrix already has its
coefficients in global coordinates, and the coordinate transformation matrix is
unnecessary. Besides, if the connection is not responsible for any part of the
damping ratio of the structure, it assumes that the damper part is null. On the
other hand, if the connection assists the damping of the structure, the damper
part is not null.

The stiffness and damping coefficient matrices are the matrix of the element
CONBIN40, the spring element from ANSYSS [43].

For the connection dampers to be considered to be made of the same
material, the translational stiffness in both X and Y axes must be the same for
any inclination of the structure bars. To do so, the values of KU, and KU, must
be equal. In relation to the damping coefficients, it is considered that the
material has the same energy dissipation capacity for each of the degrees of
freedom analyzed. Therefore, the values of CU, , CU, and CROT, are also
identical.

When the connections of the structure are considered rigid, the CM matrix
is considered null. In the second case, which considers the semi-rigid behavior
of the connections, the CM matrix assumes the values of the damping
coefficients of the connection dampers.

4. Definition of wind action

The structure is evaluated as if it were installed in Brazil, in the state of Rio
Grande do Sul, in the city of ChuTin a place with flat and open terrain, with
few obstacles and isolated. The tower is planned to support transmission lines
to the city, and its collapse does not affect people's safety, once it is located in
a land with few obstacles.

The city of ChuTwas chosen as the location for the installation of the
structure because this is the region with one of the highest mean wind velocities
in Brazil.

The wind action is subdivided into two parts: the mean static portion and
the floating one. Before proceeding to the calculation of forces, it is interesting
to determine both static and floating portions of wind velocity, then determine
the definitive wind forces that are acting on the structure. Once the velocities
are determined, the process of calculating the forces is identical for the static
and floating portions.

To determine the mean static wind velocity acting on the structure of a
latticed tower, the procedure described in NBR 6123/1988 [44] is used. To
simulate the floating portion of the wind, the Davenport power spectrum is used
and the Shinozuka and Jan method [45], also known as the spectral
representation method, is used to simulate a random process through a series of
cosines to produce the sample functions. This function is used as the basis for
generating the spectral density sample.

To determine the floating components, the method proposed by Miguel et
al. [46] is employed. The frequency range of the analysis is from 0.01Hz to 5Hz,
with an interval Af of 0.01Hz; and the time range is from Os to 100s, with an
interval At of 0.02s.

Furthermore, to calculate the floating wind velocity at different heights, it
is necessary to determine the correlation length. Eq. (4) by [46] empirically
relates the correlation length with the height of the studied structure. This
equation is estimated through a linear regression obtained in relation to different
heights and surface roughness presented in Fig. 4.

a=093z+29.3 @)

in which a is the correlation length and z is the height above the ground.
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Fig. 4 Vertical correlation length [46]
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Thus, it is possible to generate the floating components at points spaced
apart by a correlation length and the intermediate components by means of
interpolation according to Eq. (5).

V(. f) =v1(t)+wz (5)

inwhichV, (t) and V, (t) are the wind velocity in height zero and a , respectively.
In possession of the velocity field for both mean static and floating parts,
the total wind velocity is given by Eq.(6).

Vi) =Vs(2) +V( (z.1) ®6)

in which Vg (z) and V, (z,t) are the mean static wind velocity and the floating
one, respectively.

As this study analyzes a 2D frame structure, an area might be supposed to
generate the wind force profile. It is assumed that the lateral silhouette of the
structure is the same as the front silhouette without the braces. Fig. 5 features a
front and side view layout for some nodes.

After determining the influence area for all the different heights, it is
possible to calculate the drag forces applied in the structure according to
NBR 6123/1988 [44].

(a) Frontal view (b) Lateral view

Fig. 5 Example of a section’s frontal and lateral views

5. Optimization process

In this study, the objective function is to minimize the maximum horizontal
displacement at the top of the structure. The design variables are the stiffness
and damping constants of the elements inserted in the connections (connection
dampers). To carry out the optimization proposed in this work, the Whale
Optimization Algorithm (WOA) developed by Mirjalili and Lewis [47] is
implemented.

The optimization study is carried out on the structure so that it has the

smallest maximum horizontal displacement possible. For this, the stiffnesses
KU, , KU, and KROT, , and damping constants CU, , CU, and CROT, of
the connection damper are modified for each optimization step. As previously
mentioned, the stiffnesses KU, and KU, are identical, as are the damping
constants CU, , CU, and CROT, . Therefore, optimization is performed by
modifying three parameters.

A flowchart of the optimization process is presented in Fig. 6.

6. Proposed methodology

At first, the structure is studied without the connection dampers, and its
connections are considered rigid. A modal analysis is performed and its natural
frequencies of vibration are determined. Then, an EPS wind (a synoptic wind)
is applied to the structure, and the horizontal displacements during the entire
period of action and the damping ratios related to each of the structure's natural
frequencies are determined. Fundamental natural frequency, damping ratio and
maximum horizontal displacement data are stored for future comparison.

Subsequently, connection dampers are inserted into the structure's
connections. At this moment, through the optimization process, the stiffness and
damping coefficient of the connection dampers are optimized so that the
maximum horizontal displacements are minimized. The natural vibration
frequency, the damping ratio and the maximum horizontal optimized
displacements are compared to that of the previous situation, in which the
structure does not have the added damping from the connection dampers.

But it is important to note that not all the connections receive the connection
dampers. The connections between the elements of the main legs are considered
rigid in both configurations. All the other connections (diagonal bracing — main
leg, diagonal bracing — horizontal bracing, diagonal bracing — diagonal bracing,
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horizontal bracing — main leg, horizontal bracing — horizontal bracing, cross arm
— main leg and cross arm — cross arm) are considered semi-rigid with a
connection damper between the elements.

The optimization of the connection dampers is carried out by using the
WOA (metaheuristic algorithm programmed in MATLAB), and the natural
frequencies and the vibration modes are obtained through an algorithm
elaborated using the finite element method, solving the eigenproblem of the
system. For the structure with perfectly rigid connections, the damping ratio
used for the first two modes of vibration is 0.5%, as a function of the structure's
natural damping, while for the structure with connection dampers, the damping
ratio is calculated by the equations of uncoupled motion. The generation of the
wind field velocities and forces, as well as the calculation of the structure's
dynamic response, which allows the determination of the maximum horizontal
displacement, are performed in computational routines developed in this work.
The dynamic response of the structure is determined by using the Newmark
method. All calculations and algorithms are developed in MATLAB language.

To impose a limit on the allowable displacement, the maximum horizontal
displacement value during the entire application of wind action on the structure
must not exceed 1% of the total height of the structure. The reference value
applied in this work was used by [48] to define the maximum transverse or
longitudinal displacement for the service limit state of a latticed metal tower of
transmission lines.

KU,

g —’
U,

Dmax

I Random KU, .KROT, andCU |

.

i=i+l I Modal analysis |

I Apply wind action |

y

l Maximum displacement Dmax |

v

I If i=1,Dmax = Dmax |

Fig. 6 Flowchart of the optimization process
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7. Results and discussion
7.1. Wind force

The mean static wind velocity for all heights of the structure, determined
by the procedure of NBR 6123/1988 [44], is presented in Fig. 7.

Knowing that the height of the structure is 82 meters and using Eq. (4), the
correlation length becomes a =105.56m .

As the correlation length is higher than the tower’s height, only two signals
generated by the spectral representation method are necessary to create the
floating wind velocity field: one for the height of zero (ground), and the other
for the height of the correlation length (105.56m). All floating wind velocities
for the intermediate points are given by Eq. (5).

With the mean static and floating wind velocities portions, it is possible to
determine the total wind velocity acting on each node of the tower. For instance,
Fig. 8 shows the wind velocity at node 27 throughout the analysis period.
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Fig. 8 Wind velocity at node 27

With the total wind velocity for all heights of the structure and the influence
areas for all nodes, the total drag forces can be calculated according to
NBR 6123/1988 [44]. For instance, Fig. 9 shows the drag force at node 27
throughout the analysis period.
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Fig. 9 Drag force at node 27

7.2. Structure with rigid connections

The modal analysis is conducted on the structure presented in Fig. 1, which
was modeled in a program developed in MATLAB. As the developed program
has a connection element in all points that bracing meets the main legs, for the
perfect rigid connections without connection dampers, the stiffness in all
degrees of freedom has a big value and the damping coefficient is null, as
presented in Table 4.
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Table 4
Stiffness and damping coefficient for rigid connections

Degree of freedom Stiffness Damping coefficient
U, 1E12 N-m™ ON-sm™
U, 1E12 N-m™ ON-sm™
ROT, 1E12 N-m-rad™* 0 N-sm-rad™

The value used in the stiffness for the three degrees of freedom is enough
for the connections to be considered perfectly rigid. This value is validated by
comparing the results obtained with the ANSY'S program, simulating the same
structure with rigid connections without connection elements.

The natural frequencies for the first three mode shapes, as well as the
structure damping ratios, are presented in Table 5. The structure damping ratio,
as already mentioned, is 0.5% for the first two vibration modes.

Table 5
Natural frequency and damping ratio for rigid connections

Vibration mode Natural Frequency (Hz) Damping ratio (%)

1 0.6187 0.5
2 2.0167 0.5
3 3.8458 0.79

Subsequently, the wind action is applied to the structure and, through the
Newmark method, a dynamic analysis is performed. The wind force profile on
the structure was determined in Section 7.1. Fig. 10 shows the horizontal
displacements at the top of the structure (node 27).

As can be seen in Fig. 10, the maximum displacement at the top of the tower
(node 27) with rigid connections is 0.9173m ( Dmax =0.9173m).

7.3. Structure with semi-rigid connections

In this step, the connections are considered semi-rigid and, via the
optimization process, the values of stiffness and damping coefficient of the
connection dampers are defined. The objective function is to minimize the
maximum horizontal displacement of the structure, changing the stiffness and
damping coefficient of the connection dampers. The wind action applied to the
structure was the same that was already applied to the configuration of rigid
connections.
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Fig. 10 Horizontal displacement at node 27 with rigid connections

The convergence curve of the optimization process is shown in Fig. 11, in
which can be seen that the maximum displacement at the top of the tower (node
27) converges to its minimum value of 0.7056m ( Dmax =0.7056m ), in
iteration number 67.

The results of the stiffness and damping coefficient of the connection
dampers obtained in the optimization process are given in Table 6.
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Table 6

Stiffness and damping coefficient for semi-rigid connections

Degree of freedom Stiffness Damping coefficient
U, 6.7035E7 N-m™ 4.264E7 N-sm™
U, 6.7035E7 N-m™ 4.264E7 N-sm™

ROT, 1.4633E7 N-mrad ™ 4.264E7 N-smrad™

With the optimum configuration of connection dampers, a modal analysis
is conducted in the same way for the case of the structure with perfectly rigid
connections. The first three natural frequencies as well as the structure damping
ratios are presented in Table 7.

Then, the wind action is applied to the structure and a dynamic analysis is
conducted. The wind force profile is the same applied in the configuration of
rigid connections.

Table 7
Natural frequency and damping ratio for semi-rigid connections

Vibration mode Natural Frequency (Hz) Damping ratio (%)

1 0.6011 7.44
2 1.7096 115
3 2.8061 336

The horizontal displacements at the top of the structure (node 27) are shown
in Fig. 12, in which can be seen that the maximum displacement at the top of
the tower (node 27) with semi-rigid connections is 0.7056m
( Dmax =0.7056m ).
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Fig. 12 Horizontal displacement at node 27 with semi-rigid connections
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7.4. Comparison of results
The comparison of results for both rigid and semi-rigid connections is

presented in Table 8, and the comparison of the horizontal displacements at the
top of the structure (node 27) is presented in Fig. 13.

Table 8
Comparison of results for both rigid and semi-rigid connections
Data Rigid  Semi-rigid  Difference
Fundamental frequency (Hz) 0.6187  0.6011 -2.84%
Damping ratio (%) 0.5 7.44 1388%
Maximum horizontal displacement (m) 0.9173 0.7056 -23.08%
KU, and KU, (N-m™) 1E12  6.7035E7 -
KROT, (N-mrad™) 1E12  1.4633E7 -
CU, .cU, (Nsm™) 0 4.264E7 -
CROT, (N-smrad™) 0 4.264E7 -

As can be seen in Table 8, comparing the results obtained, it is possible to
notice that, by inserting a semi-rigidity in the connection, there is a small
reduction (2.84%) in the fundamental frequency of the structure, however the
damping ratio increases considerably (1388%), causing the maximum
horizontal displacement at the top of the tower to be reduced by 23.08%.

Initially, the structure did not meet the maximum horizontal displacement
requirements at the top of the Brazilian standard NBR8850/2003 [48],
exceeding it by approximately ten centimeters (11.87%). However, after adding
the connection dampers to the structure, the maximum horizontal displacement
decreased by approximately twelve centimeters (13.95%) in relation to the
standard limit [48].

Still, looking at Fig. 13, it is possible to visually notice that all horizontal
displacements decreased. This indicates that the presence of the connection
dampers also helps to reduce the displacement amplitude throughout the period
of application of the wind force.
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Fig. 13 Comparison of displacement at node 27 for both rigid and semi-rigid connections

8. Conclusions

The use of energy dissipation devices to minimize the effect of high
displacements on structures susceptible to vibrations is widely studied.
However, the vast majority of these studies are related to the addition of active
or passive external dampers in the original structure. On the other hand, few
studies focus on the research of the semi-rigidity of connections by inserting
connection dampers to improve energy dissipation.

Thus, in order to reduce the dynamic response of a steel tower, in the
present work, the insertion of connection dampers was proposed. A
methodology to optimize the stiffness and damping constants of the connection
dampers was proposed, minimizing the dynamic response of the structure.

Regarding the fundamental frequency of vibration, it was possible to notice
that the frequency remains very similar to the one of the original structure, even
with the decrease in translational and rotational rigidity, not allowing the
dynamic action of the wind to be amplified.

Through the evaluation of the damping ratio in these two connection
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configurations, it was possible to notice a huge increase in relation to the
original damping (1388%). This indicates that the presence of connection
dampers in the structure improves the energy dissipation of the system.

Regarding the maximum horizontal displacement values, there was an
important decrease in these values. The damping coefficient inserted in the
connections was responsible for decreasing the maximum horizontal
displacement at the top of the structure by approximately 23%.

Initially, the structure did not meet the maximum horizontal displacement
requirements at the top required by the technical standard and exceeded it by
approximately 12%. However, after adding the connection dampers, the
maximum horizontal displacement decreased by approximately 14% in relation
to the stipulated maximum limit, and 23% in relation to the horizontal
displacement with rigid connections.

Comparing the results obtained for the structure with rigid and semi-rigid
connections, it was possible to perceive that the structure has improved its
performance against wind action, with more flexible elements in the
connections.

Thus, it is believed that the methodology proposed in this work can be an
excellent alternative to reduce the dynamic response of steel structures.
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ABSTRACT

ARTICLE HISTORY

Welded hollow spherical joint is widely used in large-span spatial structures due to its simple structure, clear mechanical
behavior and convenient connection. However, a large number of sphere-pipe connection welds at the joints will inevitably
produce complex welding residual stress, which will have adverse effects on the stiffness of the joints and the overall safety
of the structure. Focusing on the sphere-pipe connection welds on the hollow spherical joints, this paper keeps track of the
whole process of sphere-pipe welding, analyzes and summarizes the distribution law and specific distribution mode of
welding residual stress on the joints and parametrically analyzes the influence trend of the configuration dimension of joints
on the distribution of welding residual stress. Studies have found that the circumferential welding residual tensile stress is
mainly concentrated in and near the weld, while the compressive stress is concentrated in the outer area of the weld. The
longitudinal residual stress shows the obvious bending features of external compression and internal tension along the wall
thickness direction near the weld; The configuration dimension of the hollow spherical joint mainly affects the influence
range of welding residual stress, that is, with the change of dimension, the welding heat-affected zone on steel pipes will
vary within the area with a distance to the weld 0.6~1.35 times the diameter, and the heat-affected zone on spherical joints
will vary within the area with a distance to the weld no more than 0.5 times the diameter. The above-mentioned refined
research on the residual stress of the hollow spherical joint can lay a foundation for the accurate evaluation of the stiffness
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and overall safety of the welded hollow spherical joints.
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1. Introduction

The welded hollow spherical joint is composed of a core hollow sphere
welded with multiple steel pipes. Due to its simple structure, reliable force
transmission, and convenient construction, it is widely used in large-span spatial
grid structures. As we all know, since the welded hollow spherical joints are
mainly made of steel '), when the steel is welded, the welding area is under the
action of highly concentrated heat, and the local steel will successively produce
plastic expansion due to thermal compression and lead to uneven shrinkage
deformation. At the same time, the microstructure and properties of the material
have also changed greatly, and welding defects such as welding residual stress
and residual deformation will inevitably occur in the welds and heat-affected
zone 2. These defects adversely affect on the stiffness, stability, brittleness and
corrosion resistance of steel structure connections and joints 1), and even
become the key factors restricting the selection of weld connection methods. The
influence of welding residual stress on the connection of steel structures has
been a hot topic of scholars. Osgood ! first started to study welding residual
stress and deformation in the 1920s and 1930s. Subsequently, scholars at home
and abroad studied the distribution law of welding residual stress of welded
joints and its influence on joint performance by combining experimental
research and numerical simulation. Brar 1! precisely captured the residual
stresses in heat affected zone of cruciform welded joint of hollow sectional pipes
through finite element simulation. Wang ! analyzed and clarified the high-
temperature residual stress of the welded section of high-strength steel. Yang [
studied the residual stress of high-performance steel after welding through
experiments, and proposed a simple yet accurate method for determining the
residual stress. Xu ! compared and analyzed the residual stress of high-
performance steel and high strength steel after welding. Mirzaee-Sisan !
measured the circumferential and axial residual stresses of steel pipe butt
welding. It can be seen from the above research results that, when the steel
structure is welded, the distribution law of welding residual stress at the welded
joint is relatively complex, and the influence on the connection performance of
the steel structure cannot be ignored. Moreover, as the weld hollow spherical
joint is a collection of multiple steel pipes, a large number of sphere-pipe welds
are gathered. The influence of welding residual stress on the mechanical
properties of hollow spherical joints is far worse than that of common welded
joints. Sometimes the sphere-pipe joint weld becomes the cause of the overall
collapse of the structure. For example, statistics of steel structure collapse
accidents at home and abroad show that 19%~27% of the accidents are caused
by joint failure ', The failure of the weld connection between the member pipe

and the welded hollow sphere is one of the main reasons for the failure of the
joint ", Therefore, in recent years, scholars at home and abroad have carried
out a large number of studies on the mechanical properties of welded hollow
spherical joints, such as stiffness, bearing capacity and influencing factors. Zang
2] analyzed the influence of the external ribs on the bearing capacity of welded
hollow spherical joints. YU ¥ studied the ultimate bearing capacity of ribbed
hollow spherical joints and relationship with various influencing factors. CHEN
U4 studied the ultimate bearing capacity and failure mechanism of welded
hollow spherical joints through experiments. Some scholars studied the
structural performance and ultimate bearing capacity of hollow spherical joints
connected by rectangular steel pipes '\, In terms of the stiffness research of
welded hollow spherical joints, Liao "%, Liu !'7), Lopez !'*, Wang [}, Yan (221!
have studied the stiffness calculation and analysis methods of welded hollow
spherical joints. In addition, Liu ?>%! and Lu ¥ studied the bearing capacity of
welded hollow spherical joints after fire and high temperature action. Zhao ")
studied the influence of corrosion on the bearing capacity of welded hollow
spherical joints. The above studies on the performance of welded hollow
spherical joints do not consider the influence of welding residual stress. Only
Zhao ) analyzed the influence of welding residual stress on the mechanical
behavior of hollow spherical joints through numerical simulation, but the
material properties and welding process are simplified. The compression failure
of welded hollow spherical joints is the stability failure of thin shells, and the
welding residual stress will reduce the stiffness and stability of weldments.
Therefore, the residual stress produced by the sphere-pipe weld has a significant
influence on the stiffness and bearing capacity of the joints and furthermore, the
overall safety of the spatial structure. In this paper, the commonly used welded
hollow spherical joints in engineering are selected to study their variation laws
of temperature field in the dynamic process of welding and determine the final
distribution pattern of welding residual stress by combining experiment and
numerical simulation, laying foundation for the fine analysis of mechanical
properties of welded hollow spherical joints.

2. Design of welded hollow spherical joint sample

Hybrid structure of suspendome with stacked arch has been adopted in
Chiping Gymnasium, Shandong, and the upper reticulated shell is in the form of
welded hollow spherical joints. Complex residual stress tends to be generated in
the hollow spherical joints due to lots of sphere-pipe welds, which greatly
influences the stiffness and ultimate bearing capacity of the joints. In this paper,
based on the project of suspendome in Chiping Gymnasium, Shandong, the
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frequently used welded hollow spherical joints and circular steel pipes in the
upper reticulated shell are selected as the research objects. Besides, in order to
investigate the influence laws of the hollow spherical diameter D, the wall
thickness 7 and the steel pipe diameter d, the wall thickness J on the distribution
pattern of residual stress in the joints, 9 sets of specimens are designed on the
basis of Orthogonal experimental design method and the specification of
Technical specification for space frame structures for the numerical simulation
and experimental research. The specific geometric configuration dimensions of
samples are demonstrated in the Table 1.

Table 1
Geometric configuration dimension table of samples

Geometric Configuration Dimensions of Samples

Sample Number

D/mm t/ mm d/ mm o0/ mm
FEAl 280 8 89 6
FEA2 300 8 89 6
FEA3 300 8 114 6
FEA4 300 8 140 6
FEAS 300 10 114 6
FEA6 300 12 114 6
FEA7 300 12 114 8
FEA8 300 12 114 10
FEA9 350 8 89 6

3. Numerical models and analytical methods
3.1. Numerical models

In order to improve the computational efficiency, the 1/2 model of sphere-
pipe weld connection joint has been established according to the symmetry of
the hollow spherical joint. The geometric structure of the joint can be seen in
Fig. 1. In order to investigate the influence scope of welding temperature on the
steel pipe and eliminate the influence of steel pipe end restraint, 1.5 d is selected
for the length of steel pipe to establish the finite element model of ANSYS. In
order to ensure the calculation accuracy, the division method of mapped meshing
is chosen to achieve the discretization of finite element model. A total of 19683
finite elements and 32344 joints have been divided, and the dimension of each
element is less than 1/10 of the model dimension except for the wall thickness
direction.
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Start/Stop

0° (360° )

180
O Latitude direction

Fig. 1 Schematic diagram of calculation model of the sphere-pipe weld connection joint

3.2. Thermal-structural indirect coupling numerical simulation analytical
method

The welding process of the welded hollow spherical joints includes the
coupling effects of many physical processes such as heat, force and material
phase-change, etc. With the analytical function of thermal-structural coupling of
ANSYS, the tracking analysis for temperature field of welds and their heat-
affected zone in the welding process can be conducted, and the temperature field
can also be precisely adopted on the structural models to obtain the uneven
temperature effects after welding. To achieve thermal-structural coupling
analysis, all elements will be defined as SOLID70 in the thermal analysis during
the welding simulation, and then they will be converted into SOLID185 in the
analysis of structural stress. It is assumed that both the welding material and the
base material are made of Q235 with the same properties. The material
properties are defined according to the curve of material properties changing
with temperature . Specifically, several characteristic temperature such as
25°C, 100°C, 200°C, 300°C, 400°C, 500°C, 600°C, 700°C, 750°C, 800°C, 850°C,
900°C, 950°C, 1000°C, 1100°C, 1200°C, 1420°C and 1460°C were selected
according to the distribution of the curve. Since the selected characteristic
temperature are close to each other, the material properties between adjacent
temperature are close to linear changes, the linear interpolation method is used
to calculate the temperature and material properties between adjacent
temperature in finite element. Due to the large number of temperature points,
only the properties of the material at partial temperature are listed in Table 2.

Table 2
Table of the material properties changes with the welding temperature
Temperature/°C 20 250 500 750 1000 1500 1700 2500
Thermal Conductivity/[W/(m-°C)] 50 47 40 27 30 35 45 50
Density/x10°kg/m? 7.82 7.70 7.61 7.55 7.490 7.35 7.30 7.09
Specific Heat Capacity/x10%J/(kg-°C) 4.6 4.8 53 6.8 6.7 6.6 7.8 8.2
Poisson's ratio 0.28 0.29 0.31 0.35 0.4 0.49 0.5 0.5
Linear Expansion Coefficient 11 122 139 1.48 1.34 133 132 131
/x10°m-°C
Elastic Modulus /x10°Pa 205000 187000 150000 70000 20000 0.002 0.0015 0.001
Yield Strength/x10°Pa 220 175 80 40 10 0.1 - -
250 1300 930 600 7

- 20

B/ (10°%°C)

—1— 0
0 500 100 1500
T/°C

41200 A

< 800 B

1/(em°C)]

s/ (Jg)

< 400 1

0
1600

Fig. 2 Curve of material properties changing with temperature
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For the boundary conditions of the model, the initial temperature and the
room-temperature are set as 25°C in the thermodynamic analysis; the symmetric
planes of the model and the end faces of the steel pipe are the adiabatic plane,
the others are set as convective heat transfer surfaces, and the convective heat
transfer coefficient is taken as 30J/(m?ss+°C). In the structural mechanics
analysis, symmetric constraints are imposed on the symmetric planes of the
hollow sphere.

In order to simulate the manual arc welding used in sphere-pipe welding,
the heat generation rate heat source model shown in formula (1) is used.
According to the practice of on-site construction, the arc voltage U=15V, the
welding current /=160A, and the welding speed v=5mmy/s, and the welding
thermal efficiency K=0.7. The sphere-pipe butt welds are divided into 3 layers,
and the layer of welding beads is numbered from the inside to the outside (See
Fig. 1)). Each layer is divided into 80 equal parts in the circumferential direction,
and each single element functions as a heat generator.

K-U-1

HENG = 77 0

among them, DT; = %

In this formula, Ai is the cross-sectional area of the welds of each layer; DTi
is the welding time of each element, L, is the length of the welds of each layer;
i=1,2,3.

Element “birth and death” technology is used to simulate weld formation
during welding, as well as localized heating. The specific process is as follows:
At the initial moment, all weld elements are set to the "dead" state; Then from
the starting point of welding, each weld element is activated one by one from
the first layer to the third layer. When a weld element is activated, the welding
heat source is moved by applying a heat generation rate to the element, and
removing the heat generation rate load from the previous activated element.

There are 240 load steps in the welding process, with a total duration of
(80xXDT;). After all weld elements are activated, the cooling phase of the weld
comes. In the cooling stage, the model exchanges heat with the outside until the
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(a) Welding through 90°
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whole model returns to room-temperature of 25°C. The cooling time of 80
minutes in total is divided into 20 load steps with a step length of 240 s; The heat
generation rate of the last weld element is removed in the first cooling load step.
So far, the thermodynamic analysis of the sphere-pipe connection weld in the
welding process is completed, then the model elements will be converted into
mechanical analysis elements, and a symmetric constraint is applied on the
symmetric plane of the hollow sphere for mechanical analysis.

4. Analysis of temperature field change law during welding

The uneven temperature rises and fall in the welding process is the main
cause of welding residual stress. Therefore, clarifying the temperature field
change law of welds and their heat-affected zone during welding can
qualitatively test the accuracy and effectiveness of the subsequent simulation of
the sphere-pipe welding process. Due to space limitation, sample FEA7 is taken
as an example to track the 3-layer welding process of the sphere-pipe single butt
seam and analyze its temperature field.

4.1. Nephograms of temperature field distribution

During the welding of sphere-pipe welds, the welding heat source moves
counterclockwise from the position of 0° on the weld bead, then passes through
90°, 180°, 270°and 360°, and circulates 3 times in turn. The temperature field
distribution nephograms of the FEA7 model at the moment when the welding
heat source of the first layer of weld passes through 90° and that of the third
layer of weld passes through 270° are extracted respectively, as shown in Fig. 3.
It can be seen from Fig. 3 that the highest temperature is in the molten pool
during welding, and gradually spreads to the rest of the joints with the progress
of welding. The temperature distribution presents a crescent shape, and the
temperature gradient gradually increases along the welding direction, which
conforms to the characteristics of local instantaneous high temperature of welds
during welding. After cooling, the overall temperature of the model is restored
to room-temperature of 25°C.

NODAL SOLUTION
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(b) Welding through 270

Fig. 3 Temperature distribution nephograms of hollow spherical joints during welding (Unit: °C)

4.2. Variation law of temperature of key weld joints with welding process

In order to more intuitively observe the variation of local temperature of
welds with time in the welding process more intuitively, the temperature
variation curve of key points at the position of welds is drawn, as shown in Fig.
4. Four points on the initial welding section that can be in direct contact with the
heat source are selected as key points (See Fig. 1). The key points 4 and 3 are in
direct contact with the heat source during the welding of the first layer, while
the key points 1 and 2 are in direct contact with the heat source during the
welding of the third layer. It can be seen from Fig. 4 that each key point has
undergone 3 heating processes, which directly reflects that the weld has gone
through the process of 3 layers of welding. Key points 3 and 4 reach temperature
extremes during welding at the first layer, while key points 1 and 2 reach
temperature extremes during welding at the third layer, which conforms to the
welding sequence from inside to outside. When the key points are in direct
contact with the heat source, their temperature exceeds the melting point of the
steel (usually 1538°C). And after cooling, the temperature of each key point
returns to room-temperature.

Pass 1 Pass 2 Pass 3 | Cooling Stage

1000

800

600

Tempertrue/ C

400

200

80 160 240 320
Load Step

Fig. 4 Temperature variation curve of key points
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Based on the temperature characteristics of the above finite element model,
it can be seen that the finite element model established in this paper can
effectively simulate the sphere-pipe welding process of hollow spherical joints,
and then it can be considered that the residual stress of the joints after the
completion of cooling can be regarded as the welding residual stress.

5. Calculation results of welding residual stress in different directions

Since the temperature field in the welding process presents three-
dimensional characteristics in the joints, the welding residual stress in the joints
also presents three-dimensional characteristics. According to the analysis, it is
found that the geometric configuration dimension of the joints will affect the

NODAL SOLUTION NODAL SOLUTION
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numerical value of the welding residual stress, but will not have a great impact
on its distribution law. Therefore, the FEA7 model is still taken as an example
to introduce the distribution law of the welding residual stress of sphere-pipe
connection welds of the welded hollow spherical joints.

5.1. Distribution nephograms of welding residual stress in different directions

According to the coordinate system established in Fig. 1, the residual stress
nephogram in each direction after welding are drawn (See Fig. 5). It can be seen
from Fig. 5 that the residual stress in each direction is mainly distributed near
the welds, and is relatively uniform along the circumferential direction of the
steel pipe.
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Fig. 5 Welding residual stress nephograms (Unit: Pa)
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It can be seen from Fig.5-a) that the shrinkage of the welds along the length
direction leads to the corresponding necking of the steel pipe and hollow sphere
on both sides of the welds, which can partially release the circumferential
residual stress. Moreover, due to the relatively weak constraint of the steel pipe,
the necking of the steel pipe is more obvious than that of the hollow sphere.
Therefore, the circumferential residual stress oy on the hollow sphere is generally
greater than that of the steel pipe. In addition, the area directly in contact with
the weld on the hollow ball, the heat dissipation condition is the worst, welding
weld heat will be directly into this area. However, the heat will be finally cooled
after the heat dissipation of the welds during cooling, so it will be constrained
by the outer surface that is cooled first, resulting in the stress in this area being
tensile on the inner surface and compressed on the outer surface. The maximum
circumferential residual compressive stress is -222MPa at a certain distance
from the outer surface of the hollow sphere to the weld toes, and the maximum
circumferential residual tensile stress is 207MPa inside the hollow sphere under
the welds.

As can be seen from Fig. 5-b) and Fig. 5-c), the necking of steel pipe and
hollow sphere is also caused by the shrinkage of welds along the direction of
length, so that the steel pipe and hollow sphere near the welds show obvious
bending characteristics along the wall thickness direction respectively.
Therefore, near the welds, the longitude residual tensile stress of the hollow
sphere and the axial residual tensile stress of the steel pipe are distributed in their
inner areas, with the maximum values of 218 MPa and 203 MPa respectively;
the longitude residual compressive stress of the hollow sphere and the axial
residual compressive stress of the steel pipe are distributed in the outer area, with
the maximum values of -223 MPa and -243 MPa respectively at the weld toes.
In the outer area of welds, the residual stress values of the steel pipe and the
hollow sphere in the thickness direction are relatively low, which are less than
30MPa except at the weld junctions.

Inside of Girth Weld Outside of Girth Weld
T

5.2. Distribution law of welding residual stress in different directions

5.2.1. Distribution law of gy

In order to clarify the distribution law of welding residual stress in hollow
spheres, the 180° section of FEA7 model is still selected to analyze the
distribution law of residual stress at different wall thickness positions of hollow
spheres. Fig. 6 shows the distribution curve of circumferential residual stress oy
along the longitudinal direction at different wall thickness positions of the
hollow sphere along the longitudinal direction. The angles on the spherical
surface corresponding to the weld toe are 18.6° and 26.1° respectively. Hollow
sphere is divided into three areas: the inside of the circumferential weld, the weld
area in direct contact with the circumferential weld and the outside of the
circumferential weld. It can be seen from Fig. 6 that the tensile stress is mainly
concentrated in the weld and adjacent areas, while the compressive stress is
concentrated in the outside of the weld.

The distribution laws of gy along the longitudinal direction at different wall
thickness positions of the hollow sphere are similar along the longitudinal
direction. The tensile stress in the weld area gradually decreases towards the
inside and outside of the circumferential weld, and then develops to the
compressive stress direction until a critical position and then to the tensile stress
direction.

In addition, combined with Fig. 5-a) and Fig. 6, it can be seen that the
maximum circumferential residual compressive stress on the hollow spherical
surface occurs at the position of ¢=5.6° from the outer weld toe in the outer area
encircling the weld on the exterior surface of the hollow sphere. The maximum
residual tensile stress occurs at the position of »=20.8° and R=0.144m inside the
hollow spherical wall thickness.
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Fig. 6 Distribution curve of oy at different wall thickness

Fig. 7 Distribution curve of o, at different wall thickness
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5.2.2. Distribution law of o,

Fig. 7 shows the distribution curve of o, along the longitudinal direction of
hollow spheres at different wall thicknesses along the longitudinal direction of
hollow spheres. As can be seen that from ¢p=0°~36°, o, gradually changes from
tensile stress to compressive stress from the inner surface to the outer surface of
the hollow sphere; from ¢=36°~90°, the opposite is true.

Specially, on the outer wall of the hollow sphere(R=0.15m), o, obtains the
maximum compressive stress of -180.3 MPa at 9=26.1°, then decreases with the
increase of ¢ and reaches 0 at ¢=32.6°; then, with further increase of ¢, g, turns
into tensile stress and obtains the extreme value of 28.6MPa at »=38.9°. On the
inner wall of the hollow sphere (R=0.138m), o, obtains the maximum tensile
stress of 205.1MPa at p=27°, then gradually decreases with the increase of angle
@. It obtains the same value of 23.1MPa at the outer wall of ¢p=36.2°, and then
reaches OMPa at 38.4°. As the angle decreases, it turns into compressive stress
and obtains an extreme value of 29.4 MPa at p=48°.

In addition, by comparing oy and g, at the same position of welds, it can also
be found that g, is always greater than gy, which indicates that the steel is more
likely to yield along the longitudinal direction at the weld, that is, the axial
direction of the welded hollow spherical joints, especially for the compressed
joints, the superposition of residual compressive stress and external load will
lead to the failure of joint extraction. In the range of 15mm~20mm from the
weld, oy will reach the peak, which is extremely unfavorable to the bending of
joints.

6. Experimental studies and verification of welding residual stress

Although the distribution of residual stress in the welded hollow spherical
joints can be obtained comprehensively by numerical simulation, the accuracy
and reliability need to be verified because the welding heat source and material
phase-changing are properly assumed in the calculation process. Therefore, in
order to verify the reliability of the numerical simulation results, two sets of
equal-scale samples S-1 and S-2 are designed with reference to the FEA7 model,
and the magnetic measurement method is used to test and analyze the welding
residual stress on the surface of the hollow sphere. The geometric dimensions
and welding process of samples S-1 and S-2 are exactly the same as those of
FEA7 model. Specific structural dimensions can be seen in Table 1.

6.1. Basic principle and test overview of magnetic measurement method
The magnetic measurement method is used to measure the initial stress

inside steel based on the magneto strictive effect of ferromagnetic materials %,
In the plane stress state, the current difference output in the principal stress

(a) Vertical view

welded hollow sphere

(b) Section
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direction and the principal stress difference have a single-value linear
relationship shown in Formula (2).

U, - I) =alo; —03) ©)]

In this formula, ¢, and o, are the maximum and minimum principal stresses
respectively, in MPa; /; and , are the current output values in the direction of
maximum and minimum principal stresses respectively, in mA; a is the
sensitivity coefficient, in mA/MPa.

Since the direction of principal stress is unknown, the direction angle of
principal stresses and the differences of principal stresses can be determined by
Formula (3) and Formula (4) respectively.

9 = _ltan—l (2’45*’0*190) 3)
2 Igg—Io
_ _ lgo—Ip
(01 —0p) = 22—~ (C)

In the above formula, @ is the included angle between oy and the vertical
direction of the shaft network; I /s and Iy are the measured current values in
three directions of 0°, 45° and 90° respectively.

After the principal stress difference and direction angle are calculated
according to the above formula, the principal stress can be separated by the shear
stress difference method, and the stress component of any point P can be
calculated according to Formulas (5) ~ (7).

(o-x)P = (Jx)o - fop a;;y dx (5)
(Uy)P = (0,)p — (01 — 03)psin26, ©)
(Txy)P = @SinZG}, )

In this formula, (o) is the known stress value of the boundary point, and
the (oy)o of the free boundary is set as 0. In calculation, increment is used to
replace differentiation.

When the magnetic measurement method is used, after the samples are
welded and cooled to room-temperature, an auxiliary grid is established at the
measuring point on the surface of the hollow sphere, and the measuring points
are represented by square grid joints and numbered, as shown in Fig. 8. The
coordinate system corresponds to the spherical coordinate system shown in Fig.
1.

Fig. 8 Layout of residual stress measuring points

In order to be representative, a test area is set every 90° along the
circumferential direction from the welding starting point. Five measuring points
are evenly arranged along the longitudinal direction in each measuring area, and
three measuring points are arranged along the circumferential direction. During
measurement, the average value of the three measuring points in the
circumferential direction is taken as the stress value of the longitude position.
SC21B three-dimensional stress distribution magnetic instrument is used for
measurement. The measuring instrument and process are shown in Fig. 9.

6.2. Comparative analysis of test results and numerical simulation results
oy and o, of samples S-1 and S-2 at measuring points can be measured by

magnetic measurement method, and compared with the finite element
calculation results in Section 5.1, as shown in Figs. 10 and 11.

Fig. 9 Measurement process of residual stress
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Fig. 11 Comparison of o, by testing and finite element calculation

It can be seen from Fig. 10 and Fig. 11 that the distribution law and change
trend of welding residual stress of samples S-1 and S-2 are in good agreement
with the finite element calculation results of FEA7.

It can be seen in Fig. 10 that the gy of samples S-1 and S-2 increases
gradually from weld toe and reaches peak value at the measuring point that is
18mm away from weld. This value is 6.44% and 7.83% different from the finite
element calculation respectively, which indicates that the test results are in good
agreement with the finite element calculation results. Specifically, the maximum
oy of sample S-1 is -150MPa, 27.4% smaller than the peak value calculated
through the finite element method; of sample S-2, the value of maximum o is -
167MPa, 17.73% smaller than that than the peak value calculated through the
finite element method.

It can also be seen from Fig. 11 that for samples S-1 and S-2, the maximum
o, is reached at the weld toe and decreases with the distance from the weld
growing, which is the same as the result through the finite element calculation.
Specifically, the maximum o, of sample S-1 is -102MPa, which is only 2.86%
smaller than the value by the method of finite element calculation. The
maximum g, of sample S-2, the maximum is -85.7MPa, which is 30.6% smaller
than that through the finite element method.

From the analysis above, the finite element calculation results of FEA7 are
always larger than the test values of S-1 and S-2. it is known that for FEA7, the
result by the method of finite element calculation is always larger than the testing
value of samples S-1 and S-2. As for reasons for this conclusion, on the one hand,
it is difficult to measure the peak value of an accurate point because the magnetic
measurement method measures the average stress at the probe; on the other hand,
the actual result is the stress at the center of the probe. For the 3cm range (probe
diameter) close to the weld, the probe is hard to reach due to the obstruction of
steel pipe forming a dead angle. However, the similarity between the changing
trends of the test results and the finite element calculation results can still verify
the reliability of the above-mentioned numerical model to a certain extent.

7. Calculation result of Von Mises equivalent welding residual stress
From the analysis above, it can be seen that the residual stress of the welded

hollow spherical weld and its heat-affected zone is in complex stress condition.
The unidirectional stress state is difficult to describe the actual working state, so

it is necessary to extract the equivalent stress that can characterize the complex
stress state according to actual yield criterion.

7.1. Nephograms of Von Mises equivalent welding residual stress distribution

By comparing the test result and finite element result, it is known that the
meticulously-organized numerical model is reliable to some extent. Therefore,
the Von Mises equivalent stress nephographs of the joint (See Fig. 12) is
extracted from the FEA1 model as an example to analyze its complex stress state.
It can be seen from Fig. 12-a) that the extreme value of Von Mises equivalent
residual stress at joints has reached 220MPa, which is close to the yield strength
of the material. Hence, the weld and its adjacent area will become the weak areas.
With the distance from the weld growing, the welding residual stress gradually
decreases until it dissipates, which conforms to the physical law in Fig. 3 that
the temperature and temperature gradient decrease as the distance from the weld
grows. The smaller the temperature gradient is, the smaller local constraint is,
and the stress is smaller. In addition, it can be seen from Fig. 12-a) that in the
area near the weld, along the circumferential direction of the steel pipe, the
welding residual stress is basically at the same level except for the starting point
of welding. While the residual stress at the welding start and its adjacent areas
is obvious difference. The reason for this difference is that the weld is a circular
closed weld, and the start of welding is both the arcing point and the stopping
point of arc welding. Each layer experiences two instantaneous high
temperatures, resulting in complex and irregular stress in this area.

7.1.1. Calculation results of welding residual stress in steel pipe

According to Fig. 12-b), the maximum Von Mises equivalent stress of steel
pipe, 216MPa, is in the direct contact between the pipe and the weld. From the
stress distribution on the section, along the direction of thickness, the welding
residual stress at the inner and outer boundaries is larger than the internal stress
of the steel pipe, showing a pattern that is high on both sides and low inside. At
the same horizontal height of the steel pipe, the stress value is basically the same.
The minimum stress of the steel pipe is 1.19MPa, so the stress on the pipe can
be ignored after a certain distance from the weld, which indicates that the
influence area of welding on the steel pipe has a certain range.
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7.1.2. Calculation results of welding residual stress in hollow sphere

It can be seen from Fig. 12-c) and Fig. 12-d) that the maximum welding
residual stress in the hollow sphere is 220MPa and the minimum is 1.31MPa.
The difference between the welding residual stress at the starting position of
welding and the stress at other positions at the same latitude is more obvious on
the hollow sphere.

Similarly, there is also a certain welding influence area on the hollow sphere,
which is similar to the stress distribution on steel pipe. Beyond this area, the
welding residual stress can be ignored; moreover, the welding residual stress on
the outer wall of the hollow sphere in contact with air is larger than that on the
inner wall. The welding residual stress along the direction of thickness is also
high on both sides and low inside.

It is worth mentioning that the maximum welding residual stress on the
inner wall of the hollow sphere appears below the corresponding position of the
weld, while the maximum of the outer wall appears on both sides of the direct
contact of the weld. This proves that thermal boundary condition has an
influence on the welding residual stress of joints, and the residual stress on a
boundary has a larger value. That is, the boundary condition is the reason for the
distribution of welding residual stress in the thickness direction of "high on both
sides and low inside" and the difference of stress distribution on the inner and
outer walls of the hollow sphere.

7.1.3. Calculation results of welding residual stress in weld

It can be seen from Fig. 12-f) that the welding residual stress of sphere-pipe
weld is relatively large, with the maximum of 217MPa and minimum of
64.7MPa. Similarly, the stress on the boundary in contact with air is larger than
that in the interior not in contact with air. Except for the start of welding, the
distribution of stress on the weld is approximately similar. Generally, in the
process of welding, a heat-affected zone is formed at the hollow spherical joint.
Within this zone, the closer to the weld, the larger the residual stress is, and the
influence of welding outside this zone can be ignored. Since the start of welding
experiences one more heating than the other positions on the same
circumference, the residual stress here is different from that of the other
positions.

7.2. Distribution pattern of the welding residual stress

To make clear the specific zone influenced range of welding residual stress,
a simplified distribution mode of welding residual stress based on Von Mises
yield criterion is concluded according to the above calculation results. It is
assumed that the welding residual stress along the direction of thickness remains
unchanged, and the resultant stress along the direction is taken as the welding
residual stress at this position. To this end, nine paths are established on the same
circumference as the welded hollow spherical joint (See Fig. 13). The paths are
selected according to the interval of element division. Within the weld, paths
are separated by one element, while the others by two elements.

Fig. 13 Schematic diagram of the description paths of welding residual stress on the
section

According to the above method, the welding residual stress distribution
curve of the 9 paths shown in Fig. 13 are drawn (See Fig. 14). The curves adopt
polar coordinate system, and the angle of the start of welding is set to 0°. The
circumference is specified as the zero- stress point. The closer to the center of
the circle, the greater the stress value.

It is clear that welds and areas adjacent to them on the hollow sphere have
relatively larger residual stress by comparing the welding residual stress
distribution curves of each path. Meanwhile, combined with the nephograms of
stress in Fig. 12, it is obvious that the repeated temperature rise and fall at the
start of welding has a great impact on the distribution of welding residual stress
in this area. Specifically, the repeated heating rise at the starting position has the
largest impact on the steel pipe, resulting in the largest stress fluctuation area on
Path3 (Fig. 14-c)) and Path4 (Fig.14-d)), at about -45°~45°. The second largest
is on Pathl (Fig. 14-a)) and Path2 (Fig. 14-b)) in the weld, with a region of -
13.5 © ~45 °; And the paths on the hollow sphere have the smallest, about -18 ©
~18°.

On the other hand, in terms of specific fluctuation range, the variation rules
of each region are also different: the fluctuation amplitude of Pathl and Path2
in the weld is the largest, while the fluctuation amplitude of the paths on the steel
pipe and hollow sphere is relatively small. The reason may be that the direct
contact between the weld and the high-temperature heat source is instantaneous,
while influence on the steel pipe and hollow sphere is continuous because the
propagation of temperature needs a certain time. Moreover, from the stress
distribution curves of each path, it is also apparent that the extreme value of
stress is not at the starting position of welding since when the start experiences
high temperature again, the weld there melts again, and the weld areas generated
already are no longer constrained by the material there. As a result, the welding
residual stress in the adjacent areas will be partially released, and dips shown in
Fig. 14 appear on the stress curves.
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Fig. 14 Curves of welding residual stress distribution of the paths.

7.3. Determination of the welding heat-affected zone

Fig. 14 actually shows the stress distribution curve of the weld and its
surrounding area along the circumferential direction. In engineering practice,
more attention is paid to the stress distribution pattern along the vertical section.
From Fig. 14, we can also notice a significant feature of the circumferential
distribution of stress, that is, for the same circumferential path, except the start
of welding, the stress distribution curves of other positions except the start of
welding, are close to a concentric circle, and their stress values are almost equal.
Therefore, combined with the good plastic characteristics of steel, it can be
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Fig. 15 Example of the simplified method for welding residual stress on the same
circumference

assumed that the stress of the paths in Fig. 14 is completely evenly distributed
along the circumferential direction. A fixed stress value is taken along the
circumference to ensures that the value ensures that the resultant force along the
circumference is equal to the actual stress. Taking Path1 as an example, its stress
curve is drawn through the Cartesian coordinate system, and then its simplified
stress value is obtained based on the basis that the areas formed by the curve and
the x-axis are equal in dimension (See Fig. 15). Hence, a simplified distribution
model is obtained. It shows the welding residual stress on the section of hollow
spherical joint according to Von Mises yield criterion (See Fig. 16).

8.18MPa T
0.5h
Steel Pipe
17.35MPa 4}
2022MPa T~ _—>213.9MPa
38.73MPa
78.83°
Hollow Sphere

49.32°

Fig.16 Simplified distribution pattern of welding residual stress on spherical section



Ren-Zhang Yan et al.

It is known from Fig. 16 that on the vertical section of joints, the maximum
welding residual stress is 213.9MPa, which is only 6.1MPa different from the
accurate value of 220MPa by the method of finite element calculation in Section
7.1. The difference is within the acceptable range; and the variation law of
residual stress is completely consistent with the analytical results in Section 6.1,
that is, the residual stress decreases as the distance from the weld grows.
Therefore, the more obvious Fig. 16 can be used to analyze the heat-affected
zone of joints.

270

Specifically, at the 1/2 height of the steel pipe in Fig. 16, the welding
residual stress reduces to 17.35MPa, 91.89% lower than the peak stress; at the
latitude ¢=49.32° on the hollow sphere, the residual stress decreases to
38.73MPa, 81.89% lower than the peak. The stress has reduced to a relatively
small value. If 5% of the yield strength of the material is taken as the basis of
whether the welding residual stress can be ignored to judge the stress influence
area of welding. The welding influence area of each finite element model is
shown in Fig. 17.

— 2 10.93MPa — 10.73MPa SFeel
Steel Steel bipe
pipe I:I pipe l:l — 11.74MPa I:'
g L L g L
g Welding influence area g Welding influence area g Welding influence area
S ° 2
S < '5
E 213.9MPa E 211.08MPa E 209,99MPa
= 5 =
— N g
L 10.31MPa A 8.13MPa " 9.41MPa
71.47° 67.67°
Hollow Sphere Hollow Sphere Hollow Sphere
P P
39.4° 2017 37.31°
(a) FEA1 (b) FEA2 (c) FEA3
— 10.54MPa
Steel — 11.76MPa Steel
pipe Steel -
- pipe
= — [ . ]
Welding influence area g P £ ine i
E Welding influence area 2 Welding influence area
B 10.30MPa = 7
=
o
S
S
~
g g M
E 210.67MPa E 210.07MPa g = 209.64MPa
/
3 ] & Weld
wy
] |L8IMPa @ 10.73MPa <+ 11.57MPa
62.18° 6767 67.67° L )
Hollow Sphere
Hollow Sphere Hollow Sphere P
3422 aosee 43.69°
(d) FEA4 (e) FEA5 (f) FEA6
Steel Steel
pipe Steel pipe 11.76MPa
L - = J
Welding influence area o L
Welding influence area = Welding influence area
£
& 11.51MPa 8.35MPa 2
E £ =
= g m
= g
c In.._dl g s LI
=1 P 205.18MPa = 196.42MPa g = 212.54MPa
E / E " fi
= / g 2 .
= el 11.53MPa b4 11.14MPa = Weld ./ 10-37MPa
5 5
62.18° 7527

Hollow Sphere

43.38°

(2) FEA7

(h) FEA8

Hollow Sphere

47.08°

(i) FEA9

Fig. 17 Simplified distribution model of welding residual stress of the sections of the models

By comparing the models in Fig. 17, it can be seen that the distribution law
of welding residual stress in each model is exactly the same, indicating that this
kind of hollow spherical joint has the same distribution pattern of welding
residual stress. The dimension of hollow spherical joint doesn’t have a big
impact on the maximum welding residual stress. The maximum of each model
is about 210MPa, but it will affect the range of welding influence zone.

7.4. Effects of configuration dimension of joint on welding heat-affected zone

To more clearly analyze the influence law of each parameter of dimension
on the welding influence zone, the trend charts that show the variation of the
maximum welding residual stress of the joint and the proportion of the welding
influence zone on the steel pipe and hollow sphere as a single parameter varies
are drawn (See Fig. 18). Among them, the proportion of the influence area on
the steel pipe is the ratio of the length of the influence area on the steel pipe to
the total length of the pipe, and the proportion of the influence area on the hollow
sphere is the ratio of the central angle of the influence area on the 1/4 arc section
of the hollow sphere to 90 °.



Ren-Zhang Yan et al.
%

215 —m— The maximum welding residual gtress 100
[ ] The proportion of influence area on steel pipe 490
914 4 The proportion of the influence area on the hollow sphere
= — + 80
470
213 o
= - 60
o r— L
E 212 4 - 50
=
wa
i =40
= 211 4
n 30
- 20
210 b
10
209 0
8 10 12
Wall Thickness of Hollow Sphere (mm)
()¢
%
211.0 100
—m— The maximum welding residual stress
[] The proportion of influence area on steel pipe =90
The proportion of the influence area on the hollow sphere 80
]
. 470
= 210. 5
=¥ I - 60
< - 50
w
3
= - 40
= —|
“ 510,04 I
=30
420
10
209. 5 0
89 144 140
Wall Thickness of Steel Pipe (mm)

(©) o

271
%
211.0 - " - 100
—m— The maximum welding residual stress
[] The proportion of influence area on steel pipe —— 490
Thg proportion of the influence area on the hollow sphere
80
210.5
470
= 160
<o) S|
& 210,01 B
<
7]
4 140
p=
w2 130
209. 5
120
110
209. 0 0
280 300 350
Diameter of Hollow Sphere (mm)
(b D
%
210.0 = 100
. . . - 90
o = | m— The thaximunin~welding residual stress
2075 [1| The groportion of‘influence area on steel pipe 480
(=] The groportion of the ifluence area on the hollow sphere
. - 470
= 205. 0
[ - 60
~ 202,51 - 50
7]
v
g - 40
9 200.0
- 30
_ 20
197.5
10
195.0 T 0
6 8 10
Diameter of Steel Pipe (mm)
(dd

Fig. 18 Effects of dimension parameter on welding residual stress on joints

According to Fig. 18, the wall thickness of steel pipe 0 has the greatest effect
on the maximum welding residual stress. When the thickness increases, the
maximum residual stress decreases; In addition, the maximum also falls with the
increase of the diameter of the hollow sphere D, but compared with the wall
thickness of steel pipe ¢, the reduction is very small. The influence of steel pipe
diameter d and hollow sphere wall thickness 7 on the welding residual stress is
characterized as the pattern of "V", which means there is an optimal dimension
to minimize the welding residual stress of the whole joint.

Comparing the influence areas of welding residual stress of different
configuration dimensions in Fig. 18, it is not difficult to find that in general,
when the configuration dimensions of joints change, the influence areas on the
hollow sphere change a little. It can be seen from Fig. 18-a) and 18-b) that with
the increase of t and D, the influence areas on the hollow sphere decrease slightly,
and the influence areas on the steel pipe also have some change larger than those
on the sphere; from Fig. 18-c) and 18-d) it is known that as ¢ and d increase, the
influence areas on the pipe decrease gradually, while those on the hollow sphere
change a little. Reasons for these rules are that the dimension of weld is jointly
determined by J, d, and D. On the one hand, the larger 0 is, the wider the weld
is, and a large section of weld may make transition of the sections at welds tend
to be smooth, which can reduce stress concentration at the weld so as to reduce
the maximum welding residual stress and the range of influence zone on the steel
pipe to some extent; on the other hand, the larger d is, the longer the weld is, but
meanwhile, growing surface area in contact with the weld makes larger the heat
dissipation area on the weld. Therefore, the influence area on the pipe may be
reduced. Similarly, the contact area between the weld and the hollow sphere
increases with the rise of D, which will also make transition of the sections of
welds tend to be smooth. Moreover, this will also enlarge the heat dissipation
area and reduce the influence area of the hollow sphere.

Specifically, the influence area on the steel pipe of FEA7 model is the
smallest, at 35.74%. The largest, 91.13%, is on FEA6 model. Thus, the influence
area on the steel pipe is 0.6d~1.35d from the weld. The model with the smallest
proportion of influence area on the hollow sphere is FEA9, with an influence
area of 47.69%, and the largest is 61.98% on FEA4. In the direction vertical to
the weld, the influence area is roughly 0.5d from the weld, the range of change
is smaller than that of the steel pipe.

8. Conclusions

The residual stress in the directions is mainly distributed near the
circumferential weld. The maximum residual stress on the steel pipe is the axial
residual stress of 243MPa and that on the hollow sphere is the longitudinal
residual stress of 223MPa. Through the analysis, the circumferential residual
stress along the longitude of the sphere was converted from a tensile stress to a
compressive stress. After reached the extreme value, the residual stress gradually
reduced. And the axial residual stress reached the extreme value at the weld and
then gradually dissipated as away from the weld. Except for the start position of
welding of repeated temperature rise and fall, stress values are almost the same;
therefore, in integral analysis of the structure, it can be assumed that stress is
completely evenly distributed along the circumferential direction, which means
a fixed stress can be taken along the circumference to ensure that the resultant
force along the circumference is equal to that of the actual stress.

The longitudinal residual stress at the same position of welds is always
larger than the circumferential residual stress, indicating that steel is easier to
yield along the longitudinal direction at the weld. Therefore, the superposition
of residual compressive stress and external load is easier to cause the
compression joint failure; however, in the range of 1 5mm~20mm from the weld,
the circumferential residual stress will reach the peak, which is extremely
unfavorable to the bending of the joint.

The influence of the geometric dimension of welded hollow spherical joints
on the welding residual stress of joints is complex. The influence area on the
steel pipe is about 0.6d~1.35d from the weld, and the area on the sphere is about
0.5d from the weld; When the wall thickness of steel pipe & or the diameter of
hollow sphere D increases, the maximum welding residual stress decreases. The
influence of steel pipe diameter d and hollow sphere wall thickness t on the
welding residual stress is characterized as the pattern of V, which means there is
an optimal dimension to minimize the welding residual stress of the whole joint.
The research found, the dimension parameter of the joint mainly affects the
range of the welding influence zone on the joint, and the extreme value of
welding residual stress is not affected much.
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ABSTRACT

ARTICLEHISTORY

Frame buckling restrained steel plate shear walls (BRSPSWs) have been widely used in high-rise residential buildings. L-
shaped concrete-filled steel tube (CFT) columns were used in the frame in this research to investigate the impact of the
frame members type in the BRSPSWs system. A nonlinear finite element model (NFEM) was generated to examine the
seismic performance of BRSPSWSs with various types of connections to the frame elements. The NFEM results were
compared to test results to make them more reliable, and the comparison showed that the NFEM can predict the seismic
behavior of BRSPSWSs. Then based on the validated NFEM results, several parameters were analyzed in parametric
studies to assess their impact on the performance of BRSPSWs, including leg's length, column’s width -to-thickness, axial
compression ratio, and height-to-thickness of the steel plate, concrete panel's thickness, and bolt arrangement. The effect
of these parameters on lateral resistance and yield stiffness was reported and discussed. A theoretical model has also been
proposed based on modified plate-frame interaction (MPFI) to calculate the yield lateral resistance of BRSPSWs. The
outcomes of MPFI were validated through testing and NFEM findings, and the comparison revealed reasonable
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1. Introduction

Steel-plate-shear-walls (SPSWs) structures have been greatly utilized in
high-rise buildings to resist earthquakes and wind loads [1-6]. A few decades
ago, different types of SPSWs were proposed and studied, and it was found
that the form of connecting the frame member to steel plates have a
considerable impact on the overall behavior of SPSWs.

Astaneh et al. [7, 8] suggested and examined the effectiveness of SPSWs,
consisting of precast concrete panels containing thin steel plates joined by the
shear bolt (see Fig.1). Additionally, the objective of utilizing concrete panels is
to prevent steel plates' buckling thereby improving the overall structure's
lateral stability and energy absorption capacity. However, when these panels
touch the boundary frame, the edges of the concrete panels often become
deformed due to the force exerted on them. Consequently, the constraining
effect of the concrete panels on the thin steel plate is diminished. Accordingly.
A novel SPSWs system proposed by Astaneh et al. [9], making a gap between
the boundary elements and concrete panels. Similarly, the lateral resistance
will be impacted marginally by concrete panels, improving the steel plate's
buckling resistance. After that, scholars concluded that the concrete panels get
partly deformed causing by shear bolts and nuts, leading to shear deformation.
According to the Astaneh's model, an improved buckling-restrained steel plate
shear wall was suggested by Guo et al [10], which placed oval holes on the
concrete panels to prevent huge damage to panels around shear connectors.
The main function of sandwiching the inner steel plate by concrete is to
constrain the local buckling and out-plan deformation. According to the
research findings, the BRSPSWs have exhibited remarkable lateral resistance
and seismic performance [10].

Conversely, research indicates that the connections linking frame elements
and the stiffness of the framework significantly impacted the seismic
performance of SPSW. Thus, academics have put forth various types of
connections as potential solution such as low yield light-gauge and point
SPSW [11, 12], perforated SPSW panels [13], partially connected to beam
only SPSW [14], steel plate slits SPSW [15], buckling-restrained steel SPSW
with inclined-slots [16] bound-columns with buckling-restrained SPSW [17],
and partially connected bucking SPSW [18] to overcome steel plate's local
buckling and to minimize the stiffness of vertical boundary elements (VBEs).
In contrast, the manufacture and construction of these linkages involve
intricate processes, which lead to the use of suboptimal materials and reduced
economic efficiency. Furthermore, a group of scholars has proposed a new
type of partial connection inner BRSPSW as a solution to generate a robust
system capable of withstanding lateral forces while requiring low stiffness
requirements for VBEs [19-22].

Shezu;‘holt

Steel plate

1>

>
Connection Plate

Boundary element
(Bc;n\(‘olumn)

el
G RS WSS NIRRT 7 AR

A-A

Fig. 1 Strip model of steel plate shear walls [2]

The seismic performance of buckling-restrained SPSWs with four side
connections was well examined [23-27]. Buckling-restrained SPSWs showed
better lateral stiffness, lateral resistance, and energy consumption than
unconstrained SPSW. The transferred force from boundary columns to SPSWs
in four-sided buckling-restrained SPSWs may cause early deformation on
columns [26]. Diagonal local buckling and fracture at the corner steel plates
always happened. Also, the size of buckling-restrained SPSWs should be a
little large to build the four-side connections steel plate to connect it with the
boundary frames [25, 26]. Buckling-restrained SPSWs with two-side
connections were designed and studied to exceed the premature deformation of
columns. It was found that the buckling-restrained SPSW with two-side
connections has an excellent deformation capacity. Still, the lateral resistance
and energy consumption were less than BRSPSW with four-side connections
[14, 24, 28, 29].

Furthermore, several studies were carried out in SPSW using various
VBEs such as H-section and CFT columns [18, 22, 30, 31]. Chen et al. [32-34]
suggested and studied axial behavior and presented a superposition approach
for determining ultimate capacity [35-37]. To boost the application of CFT
columns, Zhou et al [38]. carried out a test and FE modeling study on a
special-shaped CFT column frame shear wall and inspected the effect of the
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compression load ratio on the stiffness of the frame. The findings presented
that the frame has good seismic performance with lateral resistance, ductility.

This paper firstly conducted an experimental program on BRSPSWs under
lateral cyclic loads. Then three-dimensional NFEM was established using a
commercial finite element application ABAQUS CAE to simulate the seismic
performance of BRSPSWs. Based on validated NFEM, parametric analyses
were generated to evaluate the impact of critical aspects, including leg's length,
width-to-thickness of column, compression load, the steel plate's height-to-
thickness of, thickness of the concrete panel, and bolt arrangements. All
parameters were discussed based on lateral resistance and stiffness. Finally, a
modified calculation approach has been suggested for calculating the lateral
resistance at yield point, and it was validated against the test and parametric
models' results.

2. Test program

2000
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An experimental program [22] with three specimens was included in this
research paper to prove the accuracy of numerical simulation on the seismic
performance of frame-buckling restrained steel plate shear walls (BRSPSWs).

2.1. Specimens' design

Three of 1/2 scale specimens with one bay and two floors were designed
to study the seismic behavior of BRSPSWSs with various types of connections
between boundary members, as illustrated in Fig.2. The methodology and
geometric configuration were obtained from an engineering endeavor in China.
H-section beam and L-shaped CFT columns manufactured horizontal and
vertical boundary elements, respectively. To create the L-shaped CFT columns,
three square steel tubes were linked with two vertical plates by welding
connection, as shown in Fig.3. Additionally, to link the columns and beams,
Vertical stiffeners were employed to connect the L-shaped CFT column to the
beam, as depicted in Fig. 4.

2000

218 240, 1085 1240218 218) 24| 1085 1240211
409 1 1 1 1 [ 40
1004~ 31001
150 H-section beam 1150
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1350
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3200 ) . 3200
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1501 connection 150
Steel plate + Four-
side connection
1350 1350
Steel plate + Four- 4
corner connection
A
[
160 60N

(a) BRSPSW-1 with four-side

2000

(b) BRSPSW-2 with four-corner

2181240 1085 1240 1218
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10048
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(321
-
o
o
N
el —
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N connection
o
0
[32}
A Steel plate + groove
connection
6 Y _
(c) BRSPSW-3 with groove connection
Fig. 2 Elevation view of specimens
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Fig. 3 Top view of column-shear wall connection
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Vertical-stiffener

Sub-plate
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(a) Elevation view
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(b) Top view

Fig. 4 Beam-column connection

Three kinds of connections have been utilized to link the steel plates to the
frame members, namely four-side, four-corner and groove connections
corresponding to the subsequent specimens, BRSPSW-1, BRSPSW-2 and
BRSPSW-3. In greater details, the four-side indicates that the inner steel plate
was completely linked with the frame members Fig. 5(a), since the four-corner
was partly linked by 320mm and 250mm to the columns and beams, as seen in
150

235

235 235 I

Fig. 5(b). Likewise, the beams were entirely connected to the inner steel plate
while partially with columns (see Fig. 5(c)). The two concrete panels
sandwiched steel plate using high-strength bolts to constrain its early buckling.
Besides, the concrete panels were two-way reinforced with HPB235 by a one
sheet.
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Fig. 5 Details of buckling steel plates

2.2. Material properties

All steel tubes, H-section beams, and steel plates were manufactured using
Q235 steel. A tensile coupon test was conducted on different material types
and thicknesses to determine the mechanical properties based on the Chinese
guidelines GB/T 228.1-2010 [39], as seen in Fig.5(a). Engineering stress-
strain relationships acquired from the steel material testing are illustrated in
Fig. 5(b). The outcomes of each coupon's mean yield and ultimate strength, the

229

i A

Yy

229

Detail of coupon samples

@

elasticity of modulus, and fracture of strain are listed in Table 1. Notable,
thickness has an impact effect on strength and stiffness.

Concrete panels and infill are both constructed using normal-grade C40
concrete. Six cubes 100 x 100 x 100 mm concrete cube was designed and
tested in accordance with the GB/T50081-2019 [40] guidelines to determine
the mechanical properties. The mean values of elasticity of modulus and
compressive strength were 236 GPa and 41.59 MPa.
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4004
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0 —e— Flange of H-section
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(b)  Engineering stress-strain curves

Fig. 6 Steel material test
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Table 1
Test results of steel material properties
Elements Thickness (mm) fy (MPa) fu (MPa) E (MPa) &
fylfu
Steel tubes for L-Shaped column 6 306 469 168 0.65 0.141
Web of H-section 6 338 502 176 0.67 0.169
Flange of H-section 8 339 508 176 0.67 0.168
Inner steel plates 4 327 488 172 0.67 0.165
Note: f, yield strength, f, refers ultimate strength, E is elasticity of modulus, & is the fracture strain
2.3. Test setup and loading protocol loading progression was classified into the force-control phase and

The specimens were positioned on the rigid floor and linked to it by high-
strength bolts to approach fixed ends, as illustrated in Fig. 7. The specimens
underwent lateral cyclic loading using a 300-ton bi-directional hydraulic
actuator that was connected to the loading beam on the top plate. Besides, to
consider the impact of the slab restraints in the horizontal orientation of the
actual buildings, steel tubes were put at the top of each story.

Fig. 8. illustrates the recorded horizontal loading data for BRSPSWs,
which was obtained by applying the Chinese standard JGJ 101-2015 [41]. The

1. Specimen; 2. Bottom plate; 3. Top plate; 4. Reaction wall; 5. Loading beam; 6.
Hydraulic actuator; 7. Hinged joint; 8. Square steel tubes; 9. Foundation; 10. Reaction
frame; 11. High strength bolts

Fig. 7 Test setup of BRSPSWs under lateral cyclic loads
3. Finite element model

As mentioned above, the main target of the tests was to validate the
accurateness of the numerical outcomes. Even though the test program
revealed valuable investigation, the results are inadequate for further analysis
of BRSPSWSs. Thus, generating nonlinear finite element models (NFEM) is
mandatory to deeply understand the performance of BRSPSWSs with critical
parameters obviating conducting a new additional testing program [42].

3.1. General

ABAQUS explicit/solver was adopted to build more FE models.
Additionally, to obtain high accuracy in the explicit/solver, geometrical,
material nonlinearities, meshing convergence, complicated contact pairs,
loading rate, and boundary conditions were considered during simulation.

3.2. Material models

All steel components were modeled using nonlinear isotropic/kinematic
hardening. Q235 steel components was undergoing cyclic loading and
unloading according to a five-stage uniaxial stress-strain model, as shown in
Fig. 9. and Eq (1). The mechanical properties acquired from the material test
were inserted during modeling. In addition, shear and ductile damage were
employed to replicate steel materials' tearing and fracture behavior in modeling
[43].

displacement-control phase. During the load-control phase, one cycle with a
20 % interval from the yield load (P,) was adopted to apply the loading-
control phase. Subsequently, the displacement-control phase took over from
the load-control phase, where the displacement increments for each level were
determined by the yield displacement (4,), and three uniform cycles were
executed for each level, as seen in Fig.8. Finally, the loading procedure was
interrupted in two scenarios; firstly, when the lateral resistance had declined to
eight five percent after reaching the maximum resistance, and secondly, once
the samples had undergone complete damage.

6 Load-Controly, Displacement-Control,, 5

5 5

4 4

3 3

2 2
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A AN .3
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3 -3
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01234567 8 9 1011121314151617
Cyclic Number

Fig. 8 Time-history of loading BRSPSW
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where ES is steel elastic modulus, O and & denote the stress and strain of
steel respectively; f indicates the yield strength of steel; &, &y and £y

represents the medium strain; &, is the ultimate strain; A,B and C are
constant. All strain values and constants can be calculated as follows.

&,=15¢,; &,=10s,; &,,=100s, (2)

g B=2As,; C=08f +As’—Bs, 3)
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Fig. 9 Stress-strain model for steel materials

The concrete infill and panels were simulated using the concrete damage
plasticity model. Two failure mechanisms were assumed to accurately model
infill concrete and precast concrete's behavior, which are compressive and
tensile behavior. On the other hand, Han's stress-strain relationship was
adopted to categorize the plastic behavior of the concrete [44]. The following
mathematical equations can express the stress-strain relationship.

For concrete compressive behavior,

2X—X
,X<1 é, o,
y=y x o1 X=g—;y=a__ @
ﬂo (X_1)1.6+1.5/x +X i 0 0
In which
O = |:1+ (—0.0135¢& + 0,16‘5)(%)0.45:| fc- (6)
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A fck
For concrete tensile behavior,
1.2x-0.2x°
y= X (11)
0.310,,(x-1)"" +x
In which
x=2; y= S (12)
& ' Oto
0,5 = 0.26(1.25f, )% (13)
&, =0.00004310,, (14)

where 0,&,, are compressive stress and strain of concrete, respectively fy

and A denote the yield strength of steel tubes and cross-sectional area; f,
and A indicate compressive strength of concrete and its cross-sectional area;

fy =0.67f,, for normal concrete; f, and f, are cylinder and cube of

concrete’s compressive strength, the elastic modulus elasticity of concrete
could be determined according to ACI-318 code as EC=4730\E [45];

Poisson's ratio v = 0.2 for concrete. Additionally, &,,0;, refer to the tensile
strain and stress of concrete, respectively.

3.3. Elements and meshing convergence

Each deformable part's three-dimensional simulation was carried out using
hex-structured mesh controls, including a linear brick with eight nodes,
hourglass-shaped and reduced integration control element of type C3D8R. A
sequence of meshing convergence was take into account during simulation to
make an equilibrium between the accuracy of numerical modeling and
computing efficiency. Figs. 10(a) and (b) present the assemble and meshing
dimension of all elements of the structures.

e 10mm

Refined local meshlng

(b) Refined Meshing of inner steel plate and concrete panel

Fig. 10 Typical meshing of finite element model

3.4. Interactions and boundary conditions

All steel members were tied together to simulate welding performance,
including lower boundary plate, frame elements, and steel plates. Due to the
complex interaction among bolts, concrete panel, and steel plates, the concrete

panels were tied to the steel plates at specific positions, as illustrated in Fig. 11.
These specific positions chosen at the concrete panels and tied to the steel
plates could simulate the bolt functions in the tested specimens regarding
connecting the concrete panels to the steel plate (see Figs. 2-3). To establish
how the concrete panels and steel components interact, a surface-to-surface
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contact algorithm was utilized. A hard contact method was employed in the
perpendicular direction, while a penalty friction model with a coefficient of 0.6
was implemented in the parallel directions [46, 47]. The slave and master
surfaces were determined based on the relative hardness of the materials.

Fig. 11. demonstrates the simulation of loading and boundary conditions.
The top surfaces of the columns were coupled to a reference loading point, and
then the lateral load was applied as displacement loading. Four constrained
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beams with fixed ends were launched on both upper sides of each story to
simulate square steel tubes for the tests, and these beams were restrained in
both displacement and rotations. The test also restrained displacement and
rotation for emulating fixed support. To account for initial defects and the
buckling modal of steel plates during simulation, the first eigenmode was
chosen as the buckling modal allocation.

C
OUIJIIOg
dISp [a aljd /oad
o . .

g ezbebt ng Fixed fr:)d

X~z — 0
Surface-to-surface
interaction
ie constraint

Interaction and constraints

Bolt positions

Interactions and constraints of bolts, concrete panels, and steel plates

Fig. 11 Numerical simulation details in interactions and boundary conditions

3.5. Validations

3.5.1. Comparison of failure modes

Fig. 12. compares the FE simulation with an experimental program of
deformation shapes and failure modes of BRSPSW-1, 2 and 3. It noticed that
the FE simulations could accurately predict the failure patterns of BRSPSWs.
Firstly, the manifestation of damage on BRSPSW-1 is assigned to the
occurrence of concrete crackling at the intersection of the concrete panels,
coupled with the fracturing and impairment of the column. Furthermore, it has

been observed that the lateral resistance of BRSPSW-1 deteriorated sharply to
less than 85%, and the lower section of the boundary columns in BRSPSW
incurred extensive damage, primarily owing to the adverse fully connected of
the steel plate to the frame members, as displayed in Fig. 12(a). Secondly, the
BRSPSW-2 system effectively detected both inner steel plates' local buckling
and concrete cracking at the corners of the panels owing to its distinct
configuration of separating the inner steel plate and concrete panels, as seen in
Fig. 12(b). Conversely, the boundary columns remained undamaged even
though the effective connected area of the frame to steel plates between the
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was reduced. Finally, Fig. 12(c). depicts the comparison of deformation shaped concrete panels, and fractures and tears in both the frame members and inner
between FE-simulation and test phenomenon. BRSPSW-3 experienced steel plate. Subsequently, considering the high accuracy and adequacy of
multiple failures, including local buckling of the steel plate, cracking of NFEM, elaborating parametric studies is suitable and recommended.

Concrete cracking

Column’s fracture and damage
(a) BRSPSW-1

Separation of concrete and inner steel plate

(b) BRSPSW-2

Local buckling of inner steel plate

(c) BRSPSW-3

Fig. 12 Validation of failure modes between experiments and numerical simulations
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3.5.2. Comparison of hysteretic and skeleton curves

Fig. 13(a-c). compares the experimental load versus displacement (P -A)
curves with FE-simulation results. It shows that the FE simulations can
precisely simulate the hysteresis and skeleton curves of BRSPSWs. The
behavior of both hysteretic and skeleton curves remains the same for both test
and FE modeling results. Besides, the pinching effect in the hysteretic curves
was observed in both the test and FE models outcomes, and it shows that the
pinch behavior is mainly affected by connection forms. In BRSPSW-3, the
pinch behavior appeared clearer than others due to the steel plates' local
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buckling, while the BRSPSW-1 is the fullest among them, according to Fig. 13
and Table 2. A comparison was made between the test results and the
corresponding FE predictions for yield, peak lateral resistance, and yield
stiffness in both positive and negative directions. The mean value of test-to-FE
simulations of yield and peak lateral resistance was (1.02 & 0.99) with
standard deviations (0.05, 0.04). The average lateral yield stiffness is (0.97)
with std.v (0.03). Consequently, FE simulation could predict the performance
of BRSPSWs subjected to lateral cyclic load.
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Fig. 13 Comparisons of load-displacement relationship of tests-to-FE-models
Table 2
Comparison test-to-prediction ratios for p,, P and K,
K K
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+ 878.00 922.00 0.95 1038.90 1176.30 0.88 43.25 46.33 0.93
BRSPSW-1 - -956.10 -949.00 1.01 -1156.90 -1155.30 1.00 49.80 47.21 1.05
Avg 917.05 935.50 0.98 1097.90 1165.80 0.94 46.52 46.77 0.99
+ 590.80 595.20 0.99 733.70 712.80 1.03 35.38 36.97 0.96
BRSPSW-2 - -585.20 -595.50 0.98 -733.30 -717.10 1.02 32.69 34.62 0.94
Avg 588.01 595.35 0.99 733.50 714.95 1.03 34.03 35.80 0.95
+ 694.40 620.50 1.12 840.00 869.40 0.97 36.17 31.34 1.15
BRSPSW-3 - -670.10 -645.80 1.04 -873.20 -853.80 1.02 33.84 32.13 1.05
Avg 682.25 633.15 1.08 856.60 861.60 0.99 35.01 31.73 1.10
Mean value 1.02 0.99 0.97
Std.v 0.05 0.04 0.03

Note: Py rest: Py rems Pmrests Pmrems Ky rese aNd K, ppy Signify test value of yield, peak resistance, and yield stiffness gained from experiments and FE-modeling,
respectively. The yield stiffness can be calculated as follows K, P,/A,,. The general yield moment method is adopted to calculate yield point, as seen in Fig. 14.
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Fig. 14 Yield point determinations diagram
4. Numerical parametric studies on BRSPSW
4.1. General behavior

Fig. 15. plots P - A (hysteretic and skeleton) curves. From the test and
FE-simulated results in (Fig. 13(a-c)), it can be observed that all P- A curve
has three stages, including linear, nonlinear and degradation stages. As seen in
Fig. 15, at linear stage (l), (i.e., OA), the cyclic load of the BRSPSWs increase
linearly with the increasing lateral displacement. At the end of the linear stage,
the yield point of BRSPSWs was achieved. Nonlinear with pinch behavior is
observed during the nonlinear stage (ll), (i.e., curve AB in Fig. 15.) owing to of
inner steel plates' local buckling resistance, and the peak point was achieved at
the end of this stage. After the samples reached their peak points, the
degradation stage (l1) started. When the lateral resistance reached 85% of peak
lateral resistance, the models achieved their ultimate points (i.e., BC in Fig. 15.)

Concrete cracking in
early stage

(a) Concrete panels deformation

Diagonal local buckling of
inner steel plate

(b) Inner steel plate defoamtion

Concrete penals’ damaged and separation

damaged and tearing of inner seel plate

Fig. 15 General classification of hysteretic and skeleton curves
4.2. Failure modes

Generally, high stress on bolts' positions was appeared on the concrete
panels, indicating cracking on the concrete panels stared from bolts holes due
to buckling on inner steel plates, as shown in Fig. 16(a). With increasing the
lateral displacement, the local buckling of steel plates started from their edges
and developed with appearing diagonally. As seen in Fig. 16(b), it appeared
diagonally in the nonlinear phase. after that, due to the large local buckling of
steel plate, concrete separation and out-plane deformation was obvious,
indicating less buckling resistance by concrete panels (see Fig.16 (a&b)). In
the degradation stage, the concrete panels were severely damaged, and the
inner steel plate was torn because of their instability to resist the overall
buckling (see Fig. 16(b)). Finally, the column was buckled at the bottom, as
shown in Fig.16(c).

Local
buckling

(¢) Overall defmaotion and column’s
local buckling

Fig. 16 Overall FE-failure modes of BRSPSW
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4.3. Details of cases in the parametric studies

After verifying the numerical results via comparing them with
experimental results of BRSPSWs under cyclic loading, numerical parametric
investigations were executed to explore the impact of crucial factors, including
leg's length ( L, ), columns' width-to-thickness ( D /t ), axial compression
ratio (n, ), the inner steel plates’ height-to-thickness ratio, thickness of the
concrete panels (t,), and bolt arrangements ( B(RxC)), as listed in Table 3.
Besides, BRSPSW-2 was chosen as a reference to study all these parameters.
The yield and peak lateral resistance (|:>y & P, ) and lateral yield stiffness
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( K, ) was used to analyze the behavior of BRSPSWs. The lateral yield
stiffness can be determined as the following equation.

(15)

in which K, is the ratio of yield lateral resistance P, to its corresponding

yield displacement A,

Table 3
Details of different cases of parametric studies
L D/t n t t
Samples Models' 1D P . ¢ s ¢ B(RXC) #
(mm) (%) (%) (mm) (mm)
L,=150 150 13.33 0% 4 40 B(4x5)
L,=200 200 13.33 0% 4 40 B(4x5)
L,=250 250 13.33 0% 4 40 B(4x5)
Impact of leg's length

L.,=300 300 13.33 0% 4 40 B(4x5)
L,=350 350 13.33 0% 4 40 B(4x5)
L.=400 400 13.33 0% 4 40 B(4x5)
D/t=20 250 20.0 0% 4 40 B(4x5)
D/t=16 250 16.0 0% 4 40 B(4x5)

Impact of column's width-to- —
thickness D/t=13.3 250 13.3 0% 4 40 B(4x5)
D/t=11.4 250 11.4 0% 4 40 B(4x5)
D/t=10 250 10.0 0% 4 40 B(4x5)
n,=0 % 250 13.33 0% 4 40 B(4x5)
n,=25 % 250 13.33 25% 4 40 B(4x5)
Impact of axr'a‘i'iocompress'o” n,=50 % 250 13.33 50 % 4 40 B(4x5)
n,=75% 250 13.33 75 % 4 40 B(4x5)
n,=100 % 250 13.33 100 % 4 40 B(4x5)
t=2 250 13.33 0% 2 40 B(4x5)
t.=3 250 13.33 0% 3 40 B(4x5)
Impact of He:g[?(t)—to-thlckness ts:4 250 13.33 0% 4 40 B(4x5)
t.=5 250 13.33 0% 5 40 B(4x5)
t.=6 250 13.33 0% 6 40 B(4x5)
t.=20 250 13.33 0% 4 20 B(4x5)
t.=30 250 13.33 0% 4 30 B(4x5)

Impact of concrete panel's —
thickness t.=40 250 13.33 0% 4 40 B(4x5)
t.=50 250 13.33 0% 4 50 B(4x5)
t, =60 250 13.33 0% 4 60 B(4x5)
B(4x5) 250 13.33 0% 4 40 B(4x5)
B(4x3) 250 13.33 0% 4 40 B(4x3)
Impact of bolt arrangements B(4x2) 250 13.33 0% 4 40 B(4x2)
B(2x3) 250 13.33 0% 4 40 B(2x3)
B(2x2) 250 13.33 0% 4 40 B(2x2)

Note: LP denotes the leg's length of steel plate connection; D/t denotes column's width-to-thickness; N, denotes the axial compression ratio; { . denotes the

thickness of the steel plate; tc denotes the concrete panel's thickness; B(RxC) denotes the number of bolts arrangements

4.3.1. Influence of leg's length of steel plate

The behavior of BRSPSWSs under cyclic load is greatly affected by the
connection form of the inner steel plate with the boundary elements [18].
Therefore, the FE-model of the BRSPSW-2 was selected as a reference model
in which leg's length L, =250mm was adopted (see Fig. 5(b)). Then other FE-
models  were  simulated with  different leg's length  values
(150mm,200mm,300mm,350mm and 400mm). The comparison load-
displacement curves (hysteretic and skeleton) are represented in Fig. 17 (a-b).

It can be noticed that the leg's length did not greatly influence initial stiffness
and ductility. Fig. 17(c) plots the yield, peak lateral resistance, and lateral yield
stiffness, showing that the lateral resistance increased with the leg's length.
However, yield and peak lateral resistance slightly increased when the leg's
length was 150, 200, and 250 Fig. 17(c). Then they dramatically increased
when the legs were 300mm,350mm, and 350mm. Besides, the lateral yield
stiffness showed a slight growth when leg's length was less than 250mm, but
when the leg's length was more than 300mm, the stiffness suddenly jumped.
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Then it almost remained stable. Consequently, it can be concluded that the
leg's length greatly influenced the yield and peak lateral resistance. Still, it is
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not recommended when the leg's length is less than 250mm due to its negative
effect on ductility.
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Fig. 17 Impact of length of leg connected to steel plate on lateral resistance and yield stiffness of BRSPSWs

4.3.2. Influence column's width-to-thickness ratio

During applying the lateral cyclic load on steel tubes infilled by concrete,
the section's webs are parallel to the loading direction, and the flanges are
perpendicular to the loading direction (see Fig. 18). Thus, the flanges will be
under high stress and are more probably to buckle during the loading process.
The width-to-thickness obviously influenced the seismic behavior of
BRSPSWs. According on AISC-360, the CFT columns is classified as a

compact section when the ratio is D/t<2.261/E5/f , indicating that the

steel section tends to yield before bucking and provide a good confinement to
the concrete infill. Therefore, all cases in this section belong to a compact
section.

The FE-model of BRSPSW-2 was taken as the basic model the width-to-
thickness ratio is D/ t=13.3%. However, various FE models have different
D/t values as follows: 10%, 11.4, 13.3, 16% and 20% by changing the
column's thickness. The comparison of hysteretic and skeleton curves is
illustrated in Fig. 19(a-b). It is noted that initial stiffness and ductility remained
almost stable. Fig. 19(c) represents the effect of D/t ratio on the lateral
resistance and yield stiffness. Both yield and peak lateral resistance showed a
slight increase with decreasing the D/t ratio. Also, it can be noticed that the
ratio of yield-to-peak lateral resistance tended to decline when D/t was

reduced. On the other hand, the lateral yield stiffness declined within reducing
D/t ratio due to less resistance offered by steel tubes. Finally, D/t ratio
shows a minor effect on the cyclic behavior of BRSPSWs.
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Fig. 18 Column's section and loading direction
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Fig. 19 Impact of width-to-thickness ratio of column on lateral resistance and yield stiffness of BRSPSWs

4.3.3. Influence of axial compression ratio

Regarding the test program, the initial step includes the applying of axial
compression load, which is then pursued by horizontal loading. Noticeable, it
was found in the literature that the cyclic behavior of wall structures is
significant by axial compression ratio [48-50]. Due to the limitation of

equipment in the laboratory, there was no axial compression ratio (n,) applied.

Thus, the axial compression ratio was considered during FE-simulation with
0%, 25%, 50%, 75% and 100% axial compression.

Fig. 20 (a-b). compares the load-displacement responses, involving
hysteretic and skeleton with varying axial compression ratios. It is clear that

the models behaved linearly in the initial stage, and the ductility was greatly
affected by the axial compression ratio. When the axial compression ratio was
100%, the model was exposed to hard damage, so it could not complete to the
end. In contrast, yield and peak lateral showed an enormous decreased trend
when the axial compression ratio increased, as illustrated in Fig. 20(c). Besides,
the ratio of yield-to-peak resistance went up with rising the axial compression
ratio. Similarly, the yield stiffness was declined with rising the axial
compression ratio. Finally, the cyclic behavior of BRSPSW is dramatically
influenced by the axial compression ratio.
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Fig. 20 Impact of axial compression load ratio on lateral resistance and yield stiffness of BRSPSWs

4.3.4. Influence of height-to-thickness ratio of inner steel plate

The size of the inner steel plate has an important impact in determining
not only the occurrence of local buckling but also the seismic behavior of
BRSPSWs in their entirety. The categorization of BRSPSWs into thick and
thin types is determined by the ratio of their inner steel plate's height to their
thickness (Hp/ts ), as seen in Fig. 21. When the H,/t ratio of the inner

steel plate is small, thicker steel plate tend to buckle after yield, and fully
utilize their lateral stiffness. Oppositely, thin steel plate has a bigger height-to-
thickness ratio, they tend to buckle earlier than reaching their yield point.
According to JGJ/J 380-2015 [51], the H /¢, ratio of BRSPSW should be

between 100 < H, /t,,/235/ f, <600 . As the tested sample has a thickness of

4mm, it can be categorized as a thin steel plate, which tends to undergo
buckling prior to exhibiting yielding behavior.

During the test and FE-analysis, it was found out that the local buckling
appeared diagonally in the tension field and developed into overall buckling
(see Fig. 16). To investigate the impact of the height-to-thickness ratio, five
models were conducted with different thicknesses of inner steel plate
(t=2mm;3mm;4mm;5mm and 6mm ). Fig. 22(a-b). The graph
illustrates the modified thicknesses of the inner steel plate by plotting both
hysteretic and skeleton responses, dramatically affecting the initial stiffness.
Besides, it observed that the ductility declined with reducing the thickness of
inner steel plates of because of damaged inner steel plates when the thickness
of the inner steel plates is smaller. The hysteretic also could not complete all
loops compared with the larger thickness. In addition, the inner steel plates’
thickness also has a considerable consequence on lateral resistance and
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(@) Comparison of hysteretic curves

stiffness, as displayed in Fig. 22. the yield and peak lateral resistance were
increased sharply with rising the thickness of inner steel plates, while the ratio
of yield-to-peak was declined (see. Fig. 22(c)). In the same vein, the lateral
yield stiffness showed a sharp increment. Consequently, the heigh-to-thickness
ratio significantly impacts the overall seismic performance BRSPSWs.
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Fig. 21 Details of inner steel plate
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Fig. 22 Impact of height-to-thickness of inner steel plates ratio on lateral resistance and yield stiffness of BRSPSWs

4.3.5. Influence concrete panel's thickness

In the tested specimens, the concrete panel thickness was considered as
(t,=40mm), and it was observed the concrete panel's thickness contributed
greatly to reducing local buckling of inner steel plates. For this reason, five
concrete panel's thicknesses from 20mm to 100mm with 20 intervals were
modeled to study the impact of this parameter. The results showed that the
concrete panel's thickness impacted minimally on the initial stiffness and
ductility. Rising the thickness of concrete panels increased the initial stiffness
and decreased ductility, and the pinch behavior of hysteretic curves tended to
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g
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o
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(a) Comparison of hysteretic curves

be less with increasing the lateral displacement due to limiting of inner steel
plate's buckling, as demonstrated in Fig. 23(a-b). Additionally, the lateral
resistance and yield stiffness went up steadily, increasing the thickness of
concrete panels, as seen in Fig. 23(c). Besides, there was no change in yield-
to-peak lateral resistance. Thus, rising the of concrete panels’s thickness
increased the lateral resistance and stiffness but reduced the ductility.
Accordingly, concrete thickness has a minor factor in the overall seismic
behavior of BRSPSWs.
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Fig. 23 Effect concrete panels' thickness on lateral resistance and yield stiffness of BRSPSWs
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4.3.6. Influence of bolt arrangements

During the fabrication process, the inner steel plates were connected to
concrete panels using high-strength bolts arranged in four rows and five
columns (B4x5) at equal intervals (see Fig. 21). Based on test and FE-
simulation results, concrete cracking appeared firstly on the concrete panels'
holes, followed by buckling on inner steel plates. Therefore, five models were
established in FE simulation to investigate the effect of bolt arrangements
(B4x5; B4x3; B4x2; B2x3; and B4x2). The result showed that various bolts
with different arrangements have approximately no effect on initial stiffness
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and ductility (see Fig. 24). On the other hand, this factor greatly affected the
overall steel plates' buckling and the cracking of concrete panels. Increasing
the number of row of bolts can obviously restrain the out-plane buckling of
inner steel plates and concrete panels while increasing the number of columns
of bolts could not resist, as shown in Fig. 25(a-e). To sum up, the bolt
arrangements do not have a great effect on lateral resistance, stiffness and
ductility, but it has a substantial impact on the buckling behavior of the inner
steel plates and cracking of concrete.
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Fig. 24 Effect bolts arrangments thickness on lateral resistance and yield stiffness of BRSPSWs
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Fig. 25 Effect of bolt arrangements on out-plane deformation of BRSPSWs
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Fig. 26 Buckling response of the inner steel plate and simplified calculation lateral resistance

4.4. Discussions

The parametric analyses represent that [1] modifying the length leg that
connected to the steel plate increases the yield and peak lateral resistance 28 %,
and 30%. It also reduces the yield stiffness by roughly and 18%. [2] By raising
the column’s width-to-thickness ratio from 10% to 20%, there is an
improvement in both yield and peak lateral resistance by approximately 26%
and 16%, respectively. However, this change leads to a reduction in the yield
stiffness by about 5%. [3] increasing the axial compression ratio from 0% to
100% results in a decrease of approximately 25% in the yield, 31% in the peak
lateral resistance, and 10% in the yield stiffness. [4] By elevating the thickness
of the steel plate from 2 mm to 6 mm, there is a substantial increase in both the
yield and peak lateral resistance by approximately 62% and 42%, respectively,
along with a boost in the yield stiffness by about 34%. [5] Changing the
concrete panel's thickness of the from 20 mm to 60 mm, there is an increase in
both the yield and peak lateral resistance by approximately 24% and 20%,
respectively, along with an increase in the yield stiffness by about 18%. [6]
Changing the bolts arrangement does not affect lateral resistance and yield
stiffness but it greatly affects the inner steel plates' buckling behavior.

Accordingly, the most efficient method for enhancing the lateral resistance
and yield stiffness is by increasing steel plate’s thickness. In contrast, the leg's
length of the steel plate and concrete thickness have a less significant factor on
improving the lateral resistance and yield stiffness compared to the thickness

of the steel plate. On the other hand, expanding the axial compression ratio
resulted in reduction on the lateral resistance and yield stiffness. The width-to-
thickness ratio has an excellent contribution on improving lateral resistance but
reducing yield stiffness value but reducing. Finally, the steel plate’s buckling
behavior is improved by the configuration of bolts that connects the concrete
panels and inner steel plates.

5. Theoretical model on the lateral resistance of BRSPSWs

In accordance with test and FE modeling findings, it was founded that the
bearing capacity was mainly calculated by steel plate and frame. Therefore, a
calculation approach was suggested to estimate the lateral resistance based on
plate-frame interaction theory, which was firstly introduced by Sabouri et al.
[52]. This method predicted the lateral resistance for SPSW with L-shaped
columns in ref [47]. The previous research on PFI theory only considered the
contribution of the steel plate and frame elements; however, the parametric
studies in this paper showed that the inner steel plate's buckling-restrained
using concrete panels has a minor effect on the wall's lateral resistance.
Subsequently, the calculation equations were assumed based on PFI theory,
and then it was modified to consider the buckling restrained by the concrete
panels. On the other hand, the effect of bolt arrangements is ignored due to
approximately zero effect based on FE analysis. Therefore, the following
assumption can be drawn:
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Puwerr =R + P (16)

where P, indicates the peak lateral resistance of the BRSPSWs, P, and

P, denote the peak lateral resistance of the inner steel plate and frame,

respectively.

(1) As the inner steel plate's local buckling happened diagonally, it can be
simplified as length (a) and width (b), as illustrated in Fig. 26. In accordance
with stability of the steel plate, the buckling strength can be determined as

2 2
7°D, la,,
N, = S(Mm+——
=)

(7)

In this context, the variable " N, " represents the amount of compressive
load per unit height applied to the "b" side, "m" denotes the quantity of half-

Concrete panel

Steel plate

(b) Buckling response of the steel plate
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wavelengths of buckling in the "a" direction, and " D, " refers to the out-of-
plane flexural rigidity of the steel plate, expressed as

3
R (18)
121-v;)

where E_ stands for modulus of elasticity; t, stands for steel plates’ the
thickness; v is the Poisson's ratio.

It is noteworthy to mention that the steel plate exhibited diagonal buckling
with a longer wavelength, which is primarily influenced by the bolt spacing
and the types of the connection linking the frame elements to steel plates.
However, the buckling response will reproduce to a short wavelength since it
reduces with increasing compressive force, as shown in Fig. 27. Consequently,
the bending moment of the steel plate and plastic hinges form at the wave peak.
The longitudinal and transversal displacement, (7 and &) can be drawn in
term of the buckling wave rotation as follows:

(a) Mechanical model

Fig. 27 Equavilent model of steel plate’s buckling

19)

where |, refers to the inner steel plate’s half-wavelength of buckling; ¢ is

buckling wave’s the rotation angle. The compressive resistance of the steel
plate's the buckling is illustrated in Fig. 27. And it can be expressed as:

_2d2m, 1

TN

where ¢ stands for the nominal strain of the steel plate; M, stands for the

(20)

plastic moment of the steel plate which is determined as follows.

bt?
P Ts f, @

M

In Fig. 28, the steel plate and concrete panels were simplified to
equivalent braces. To apply the lateral load at the pinnacle of the equal braced
framework, the following expression can be utilized.

P =(f,+o0,)Acosx 22

where fy refers to the yield strength of the inner steel plate Oy = N, /t, refers
to the high-order buckling the resistance of the inner steel plate,
A =(.,L2p + H2/4 )t is the efficient region of equivalent braces (see Fig. 28).

The AISC-360 code [53]can be utilized to calculate the angle of inclination
(«) for the tension field and as follows:

tL,
2A,

tana = 1 vE
\]1+tsH(—+
A, 3601.L,

1+

(23)

)

where t is the thickness of plate, Lpis the leg's length, A is the equivalent
area of the column, h refers to floor’s height of the, A,refers to beam’s the

cross-sectional, | is the moment of inertia of the column.
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Fig. 28 Simplified and Equivalent model for the frame buckling-restained steel plate shear wall
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(2) The lateral resistance of the frame can be computed using the
following formula.

4M; -pn;Ne)

P = -

(24)

where M , is the plastic moment, and it can be calculated using the equation
presented in Ref [54]; ¢ is coefficient factor (0.75) in the case; n, is the

axial compression ratio; N, is the design compression load; € is the
eccentric distance based on neutral axis as shown in Fig. 29.
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Fig. 29 Calcaution diagram of frame's columns subjected to combained compression and
horizontal load
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5.1. Verification

The calculation method results for yield lateral resistance of BRSPSWs
were firstly compared with test results and then with numerical results. The
MPFI prediction showed high agreement with the test and numerical results, as
shown in Fig. 30. Besides, most of the MPFI results were on the safe side,
ramming this method could be used for the design approach of BRSPSWs with
L-shaped CFT columns.

6. Conclusion

This paper firstly developed nonlinear finite element models (NFEM) for
L-shaped CFT columns frame-buckling-restrained steel plate shear walls
(BRSPSWs). After verifying the FE models, through parametric studies, the
effect of various factors on the lateral resistance and yield stiffness was
assessed. Then based on plate-frame interaction (PFI) theory, a modified MPFI
was proposed to calculate the yield lateral resistance. The main conclusions of
this study can be drawn as follows:

(1) The seismic performance of frame BRSPSWSs was investigated through FE
models. Failure modes, hysteretic and skeleton curves were compared
with tested results, and the FE models could accurately predicate the
seismic behavior of BRSPSWs. In addition, the test-to-FE prediction ratio
showed high accuracy for yield, peak lateral resistance, and yield stiffness.

(2) Increasing the leg's length from 150 mm to 400 mm leads to about 28 %,
30 % and 18% increase in yield, peak lateral resistance, and yield stiffness.
On the other hand, rising the thickness of the steel plates from 2 mm to 6
mm takes increment by about 62 %, 42 % and 34 %, yield and peak lateral
resistance and yield stiffness. Therefore, modification on steel plates
significantly affects the overall behaviors of BRSPSWs, whether in leg
length or thickness.

(3) The yield and peak lateral resistance and yield stiffness were reduced by
roughly 25 %, 31 % and 10%, with declining the axial compression ratio
increases from 0% to 100%. Thus, the axial compression ratio minimally
affects the lateral resistance and stiffness. However, increasing the width-
to-thickness ratio of the columns raises the yield and peak lateral
resistance and yield stiffness by about 26 %, 16 %, but it declines the
stiffness by about 25 %. Thus, this parameter can be ignored during the
design of the BRSPSWs.

(4) Changing the concrete panel's thickness from 20 mm to 60 mm booms the
yield and peak lateral resistance and stiffness by about 24 %, 20 % and
18 %, respectively, and it greatly impacts lateral displacement ductility,
which is uncoverable on seismic design of BRSPWS system. Thus, the
concrete thickness slightly impacts the structural behavior of BRSPSWs.
Oppositely, the lateral resistance and stiffness of concrete panels
connected to steel plates remain unaffected by the number of bolts used.
However, buckling can be prevented by increasing the number of rows of
bolts.

(5) A modified plate-frame interaction approach has been suggested to
estimate the yield lateral resistance. Then the predicted outcomes are
verified to the test and FE models' results to verify it, and they showed a
good agreement against FE results.
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ABSTRACT

ARTICLE HISTORY

Using buckling-restrained braces (BRBs) in frames with high-strength concrete-filled square steel tube
columns(HSCFSSTC) can solve issues such as brittle failure and low lateral stiffness. To investigate the mechanical
performance of buckling-restrained brace frames(BRBFs), an experiment study was conducted. The investigation involved
the design and analysis of a frame system composed of BRBs, HSCFSSTC and H-shaped steel beams. Sub-structures at a
1/3 scale with two types of connections, welded and pin connections, were subjected to pseudo-static tests. The influence
of BRBF connection types on the plastic hinge formation mechanism, load-bearing capacity, energy dissipation capacity
and stress magnitude of the connection gusset plates was examined. After the test, ABAQUS software was used for finite
element analysis of the specimen, and the simulation results were in good agreement with the experimental results.Based
on the results, both the welded and pin-connected specimens formed plastic hinges at column bases and the beam ends,
which ensured the energy dissipation performance of BRBs. Pin connections were found to exhibit noticeable slippage
during loading due to the presence of holes. However, the study found that the plastic hinge formation mechanism, lo ad-
bearing capacity, and lateral stiffness of the frames with the two connection types were similar. Furthermore, there was no
significant difference in the load-bearing capacity, stress distribution, and magnitude between the two connection types.
Nevertheless, welded connections demonstrated a greater potential for broader application as they allowed the BRB to resist
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horizontal seismic forces earlier than pin connections.
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1. Introduction

High-strength concrete-filled square steel tube columns are characterized
by their small cross-sectional dimensions and lightweight, which have
contributed to their widespread use in high-rise and super high-rise structures!'-
4l. The reduction in column cross-section decreases the lateral stiffness of the
structure, which can lead to increased story drift in the frame and make it
difficult to meet seismic design requirements. Therefore, the use of BRB in
frames can enhance the lateral stiffness of the system, dissipate seismic energy,
as well as improve its overall seismic performance. **]. The BRB in a frame
with HSCFSSTC can mitigate the brittleness of high-strength concrete and fully
utilize its performance, enhancing the safety and economy of the structure. With
promising prospects for application and promotion, ensuring the connection
reliability of BRBF connections is one of the key factors to consider.

Connections between BRBs and steel frames usually adopt three forms:
bolted, welded and pin connections'®. Bolted connections offer the advantages
of simple construction methods but have drawbacks such as requiring more bolts
and higher installation precision during construction, the transition segments

(unrestrianed non-yielding segments) of BRB are longer, and the in-plane
and out-of-plane bending stiffnesses are relatively smaller, making them prone
to out-of-plane instability failure. For example, Keh-Chuuan Tsai et al. !!% ')
performed quasi-dynamic tests on a three-story concrete-filled tubular steel
(CFST) structure with three full-size holes and bolted connections between the
BRB and the structure. It was found that for a ply drift angle of 0.025 rad, the
torsional deflection of the reinforcement leads to out-of-plane instability of the
BRB. Similarly, Wang Jingfeng!'? and Li Beibeil'* conducted pseudo-static tests
on five different types of connections used between BRBs and steel frames under
cyclic loading conditions. In bolted connection specimens, out-of-plane
deformation of the BRBF connection segment and reduced load-bearing
capacity occurred when the story drift angle was around 1%. Mingming Jia et al.
U4 performed the pseudo-static test on a two-story steel structure and a scaled-
down passageway bolted between the BRB and the structure. When the drift
angle is 0.026 rad, out-of-plane instability failure occurred in the BRBF
connection portion, ending the experiment.

Pin connections offer advantages such as ease of construction and not
transfering bending moments. However, when the connection shaft and gusset
plate processing precision are insufficient, the BRB may not be able to bear
horizontal shear forces at smaller story drift angles. Keith D. Palmer et al.['”
conducted pseudo-static tests on a 2-story single-bay spatial frame with pin
connections between the BRB and the frame under bidirectional loading. The
results showed that under bidirectional loading, the BRB could withstand large

plastic deformations. However, due to the gap between the gusset plate and the
pin shaft, the BRB core was not loaded during the transition between tension
and compression, resulting in a horizontal slippage plateau on the axial force-
displacement curve of the BRB. Junda E.l'" conducted cyclic tests on three
diagonally braced frame sub-structures under cyclic loading and found that all
three specimens with pin connections exhibited noticeable horizontal slippage
plateau in the hysteresis curves. Similar slippage phenomena were observed in
the experimental studies by Wang Jingfeng!'?, Li Beibeil'¥}, and others!!™ '3,

Keh-Chyuan Tsai et al.l'"” conducted a comparative analysis of welded
connections and bolted connections in BRBFs. The results demonstrated that the
transition segments of welded BRBs was shorter than that of bolted BRBs,
which reduces their susceptibility to out-of-plane instability failure. The frames
with welded connections had smaller story drift compared to the frames with
bolted connections. Wang Cuihong®®” conducted static and dynamic
elastoplastic analyses on three 8-story BRBFs, examining the behavior of beam-
to-column connections that were either welded and bolted. The results indicated
that both welded and bolted connections in the BRBF exhibited good ductility,
leading to a global failure mechanism. The BRBF with welded connections at
the first-story exhibited significantly higher load-bearing capacity and lateral
stiffness compared to those with bolted connections. Sheng Pei et al.?!!
performed pseudo-static tests on two single-story single bay BRBFs that had
welded connections. The experimental results revealed that the BRBF with
welded connections exhibited superior ductility and energy dissipation
capability. Studies!"*2" on the welded BRBF connections have indicated that the
structural performance of frames with welded connections was superior to those
of bolted connections. However, few comparative analyses have been conducted
on the structural performance of BRBFs with welded and pin connections. The
limited understanding of the advantages and features of welded connections
among designers is impeding the promotion and adoption of this connection type.

To investigate the structural performance of BRBFs with welded
connections between BRBs and HSCFSSTC, this study designed two single-
story single-bay planar frames with H-shaped steel beams. The BRBF adopted
two connection methods: welded and pin connections. These two test
frameworks were tested quasi-statically in the laboratory. After conducting the
experiments, a comparative analysis of the structural performance of the two
frames was carried out. In addition, the specimens were modeled using
ABAQUS finite element software, facilitating a comparative analysis of the
experimental results against the simulation results.

2. Experimental overview

2.1. Design of the prototype structure
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In order to determine the parameters of the specimen, MIDAS was used for
structural design. A 16-story 3x5 span space frame structure with BRB
consisting of square steel columns filled with high-strength concrete and H-
beams was designed. The total height of the structure is 58.2 meters, with the
first floor at 4.2 meters and the second through sixteenth floors at 3.6 meters
each. The columns in the structure were constructed using 450mm wide, 10 mm
thick square steel tubes of Q460 steel and C100 concrete. The beam cross-
section dimensions were H450x9x280x14 mm, and all steel beams used Q345
steel. The BRB core segment used Q235 steel. The structural plan layout is
shown in Fig. 1, with a longitudinal span of 5xX6=30 m and a transverse span of
3x6=18 m.
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The main design parameters of the prototype structure were as follows: a
seismic fortification intensity of 7 degrees, earthquake grouping of groups 3,
class 4 site, site characteristic period T,=0.9s, and design basic seismic
acceleration of 0.15g. The floor had a dead load of 4.5 kN/m? and a live load of
3 kN/m?. The seismic performance of the frame met the relevant requirements
of "Building Seismic Design Code" (GB50011-2010)* and "Building Energy
Dissipation and Vibration Reduction Technical Code" (JGJ 297-2013)13!,

2.2. Design of the sub-structure

To investigate the seismic performance of a BRBF with HSCFSSTC and H-
shaped steel beam, a single-story single-span specimen containing BRBs was
selected from the bottom of the prototype structure as a sub-structure, and
pseudo-static tests under cyclic loading were conducted.

The specimens were designed and processed at a 1/3 scale according to the
prototype frame, with specimen numbers SP1-Test and SP2-Test. The schematic
diagrams and key cross-sectional dimensions are shown in Figs. 2-5. In the SP1-
Test frame, the BRB (referred to as BRB1) was connected to the beam-column
using butt welds, while in the SP2-Test frame, the BRB (referred to as BRB2)
used pin connections, with all other parameters remaining the same. Steel beams
are connected to CFST columns through external flange plates, the width of
which is designed according to FEMA-350 1>, and references for design and
calculation of BRB and frame angles and ribs are given in [25, 26].

To secure the test frame, a steel beam with high rigidity was welded at the
bottom of the column. The detailed parameters of the beams, columns and BRBs
are shown in Table 1.
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Fig. 3 Key cross-sectional dimensions of specimen SP1

Fig. 4 Schematic diagram of specimen SP2
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Fig. 5 Key cross-sectional dimensions of specimen SP2

Table 1
Frame design parameters of specimens

Specimen number

SP1

SP2

Connection method of BRB with beam and column
Column (cold-formed square steel tube Q460)
Concrete strength grade
Specimen length, width

Beam (Q345)

Butt-welded connection
O150x150%5 mm
C100
2000x1400

H-160x110x6x8mm

Pin connection
O150x150%5 mm
C100
2000x1400
H-160x110x6x8mm

2.3. Specimen parameters

The buckling-restrained braces of the test specimens were designed and
manufactured by Shanghai Lanke Building Damping Technology Co., Ltd., and
were designed to bear 60% of the total shear force of the frame. The core
segment of the BRB was made of Q235 steel, while the transition segment were
made of Q345 steel. The transition segment of the BRB1 specimen utilized a
cross-shaped plate that was connected to the frame using double-sided fillet
welds, while the BBR1 itself was connected to the gusset plate via butt fusion

welds. In addition, the inner partition is welded to the end column of the pinch
plate, and the reinforcing rib is welded to the supporting column to strengthen
the stress concentration area and prevent premature failure of the node area. The
BRB?2 is mounted on the 40mm thick gusset plate with steel shafts. The gusset
plate was connected to the column and the beam of the frame using fusion welds,
and an internal partition was welded inside the column at the gusset plate end,
with stiffeners welded on the beam web. The specific parameters of the BRBs
are shown in Table 2.

Table 2
Design parameters of BRB
Number BRBI1 BRB2
BRB total length (L1) 1720 1930 (center-to-center distance of holes1800)
BRB restrained segment length (L2) 1580 1600
BRB core segment length (L3) 1120 1120
BRB transition segment length (L4) 300 405
Cross-sectional dlmen81F3§:5f)BRB transition segment +100%100%10 mm —130%25 mm
Cross-sectional dlmensu()géz)g)BRB restrained segment D1120%120%10 mm O150%120%10 mm
Cross-sectional dimensions of BRB core segment 41%25 mm 41%25 mm
(Q235)
Agse (mm?) 1025 1025
@ 1.5 1.5
B 115 115
Py (kN) 261 261
@Py (kN) 392 392
@BP, (kN) 450 450
Hole diameters of BRB transition segment Dgi. D2 - 54
Pin diameters D1. D2 - 53.5
Hole diameters of BRBF gusset plate Dgi. Dr2 - 54
8= BRB compression strength adjustment factor; Z=BRB tension overstrength factor; P,=axial yield load
The columns used cold-formed steel tubes filled with C100 concrete. The Table 3
concrete cubic compressive strength recorded during testing was 97.1MPa. The Material properties of specimens SP1 and SP2
steel beams were fabricated by welding, and the connection between the beams Stoel orial vield strenth
and columns was made using external plate welding method. In addition, a teel type Jy (material yield strength) Ju
column cap made of 20 mm thick steel plate is welded to each column. The Steel tube (Q460) 434.6 543.7
strength of .the steel in the sl.)emmeH was deterrmTled by tensile tests, which we.re Beam flange (Q345) 3496 4973
conducted in accordance with the "Metal Materials Room Temperature Tensile
Test Method" (GB/T 228-2002)"7), and the yield strength, tensile strength of the Beam web (Q345) 356.4 508.5
BRB yielding section, gusset plate, steel tube, and steel beam web and flange BRB core steel (Q235) 254.5 422.8
are presented in Table 3.
Gusset plate (Q345) 371.3 515.2
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2.4. Test device and measurement scheme

The tests were finished at the structural laboratory of Shenyang Jianzhu
University. The test loading device is illustrated in Fig. 6. A steel beam with high
stiffness was welded to the bottom of the SP1-Test and SP2-Test columns. Prior
to the test, the specimens were secured on the rigid ground using four steel
beams with high stiffness and ground anchor bolts. During the test, two

296

hydraulic cylinders exert an axial force of 400 kN on the top of the test structure.
The jacks were affixed to the rigid crossbeam of the reaction frame through free
sliding supports, which allowed simultaneous movement with the column when
applying horizontal displacement. The end of the beam, which was fastened to
the loading end plate of the beam, received horizontal displacement from an
MTS actuator. The actuator had a maximum loading capacity of SOOkN and a
stroke of +250mm. The test device is shown in Fig. 7.
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Fig. 6 Schematic diagram of test loading device
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Fig. 7 Test loading device

Steel trusses were positioned on both sides of the specimen and secured to
the rigid ground. To prevent out-of-plane instability of the specimen during the
test procedure, a sliding device was inserted between the specimen and the steel
trusses, with the top support placed at the junction of the beam and column of
the test frame.

The test measurements consisted of three parts: load, displacement and
strain. The configuration of strain gauges and displacement meters during the
test is shown in Fig. 8. The horizontal reaction force and horizontal displacement
of the test frame were automatically recorded by the MTS actuator. To measure
the strain values of the beam and columns of the test frame, strain gauges were

fastened to the bottom of the columns, the core area of the beam-to-column joint,
the upper and lower flanges, and the web of the beam sections. At the two ends
of the specimen, displacement meters W3 and W4 measured the axial
displacement of the BRB, and the average value of the two measurements served
as the axial displacement. Strain gauges were attached along the axial direction
of the BRB yielding section and the exposed connection portion to measure the
strain values. The loading displacement was controlled by the displacement
meter W1 arranged at the beam end. During the experiment, all test instruments
were synchronized with the MTS system for data acquisition.
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(a) SP1 strain gauge and displacement meter layout
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(b) SP1 BRB strain gauge layout
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(d) SP2 BRB strain gauge layout

Fig. 8 Specimen strain gauge and displacement meter layout
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Fig. 9 Test loading schematic
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Fig. 10 Test loading procedure
2.5. Loading protocol

The test loading protocol followed the specifications outlined in the
American Institute of Steel Construction (AISC) 2010 standard®!. The loading

schematic is presented in Fig. 9, and the test loading procedure for displacement
control is seen in Fig. 10. The test was conducted using displacement control,
with A=+1.4mm (6,=0.001rad); A.=+3.5 mm (6,=0.0025 rad); A;=+7 mm
(6;=0.005rad); A=+14 mm (6,=0.01 rad); As=+21 mm (65=0.015 rad); A
=28 mm (65=0.02 rad); A=+56 mm (#,=0.04 rad); As=+84 mm (#3=0.06 rad)
for three cycles; A=+112 mm (6,=0.08 rad); A=+140 mm (6;0=0.1 rad) for
two cycles. The loading continued until the specimen became unstable and failed,
or until the load decreased to 85% of the ultimate load. It should be noted that
A=6xh.

3. Test phenomena and failure characteristics
3.1. Experimental observations

3.1.1. Specimen SPI-Test

The Finite Element Simulation stress units in Figs. 11and 13 are MPa, Strain
unit dimensionless.

When loading the specimen, it is specified that loading to the left side is
positive loading. At the first cycle of the 7th loading level (4% rad), the positive
loading reached 40mm (2.9% rad), causing yielding on the left side of the beam
noticeable buckling of the lower flange, as shown in Fig. 11c. When the loading
reached 45mm (3.2% rad), the upper flange of the right side of the beam buckled,
as shown in Fig. 1lc. At a loading of 56mm (4% rad), web buckling was
observed at both ends of the beam. Additionally, the left column (referred to as
column SP1-T-left) displayed local buckling at the base of the steel tube, as
illustrated in Fig. 11i. The right column (referred to as column SP1-T-right)
experienced local buckling at the steel tube near the end of the BRB1 gusset
plate. When the negative loading reached -50mm (-3.6% rad), local buckling
appeared on the steel tube beneath the left column joint, as shown in Fig. 11c.
After the test, the steel pipe was cut and some cracks were found in the left
column joint concrete, and the concrete at position 1 on the right side was locally
broken, as shown in Fig. 11e.

During the first cycle of the 8th loading level (6% rad), the negative loading
reached -65mm, causing out-of-plane instability of the beam. The right loading
was stopped, and the negative left loading was completed for the first cycle of
the 8th loading level. After the first cycle, a non-through crack measuring 0.5mm
in width and 7mm in length was found on the outer side of the joint weld where
BRBI1 was connected to the right column gusset plate, as shown in Fig. 11h. To
measure the ultimate load of specimen SP1, the second cycle of the 8th loading
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level was continued. The specimen was loaded to the right up to 65mm and then
the left up to -66mm (-4.6% rad). At this point, the load dropped sharply to
around 400kN (55% of the maximum load). A loud "bang" sound was heard, and
although the displacement continued to increase slightly, the horizontal load did
not increase. It was concluded that the core reinforcement of BRB1 could break
due to tensile loading, which would cause BRB1 to lose its load-bearing capacity,
so the tests were stopped.

After the test, the Steel Casing of BRB1 and the columns were cut open.
Observations from the images of the cut-open BRBI revealed that its core
segment experienced both compressive buckling and tensile fracture during the
test, confirming that the core steel was broken under tension at around -66mm
(-4.6% rad) as depicted in Figs. 12a, b and c. After inspecting the beam, column
and BRBI joint area, no cracks or crushing damage in the concrete were found
(see position 2 in Fig. 11e). The gusset plate and stiffeners increased the stiffness
of the joint, thereby preventing any yielding or failure in this area throughout
the loading process. It can be seen from Figs. 11i to 11p that the concrete damage
at the base of the left column SP1-T-left was more severe than that at the base
of the right column SP1-T-right.

3.1.2. BRBL test observations
Prior to loading to 6% rad, no cracks were observed in the joint weld
connecting the ends of BRB1 to the gusset plates. However, during the second

S, Mises -
SNEG, (fraction = -1.0)
(Avg: 75%)

S, Mises
SNEG, (fraction = -1.0)
(Avg: 75%)

f. Right-side beam-column joint (test)

S, Mises
SNEG, (fraction = -1.0)
(Avg: 75%)

g. Right-side beam-column joint (FEM)

i. Left-side column base (test)

j. Left-side column base (FEM)
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cycle at 6% rad, a non-through crack measuring 0.5mm wide and 7mm long was
found on the outer side of the joint weld where BRB1 was connected to the
column SP1-T-right gusset plate, as shown in Fig. 11h. Throughout the entire
test, no apparent yielding or failure phenomena such as cracking in welds, local
buckling or out-of-plane instability was observed in the laminated panels tested
in SP1.

During the test, when the SP1-Test 's horizontal displacement reached -
3.2mm (or an story drift angle 0f-0.23% rad), the axial displacement of BRB1
reached -2.1mm (with negative displacement indicating tension in BRBI),
causing BRBI to yield under tension. The axial displacement of BRB1 was
measured using displacement sensors fixed at the transition segments of BRB1,
and the yielding of BRB1 was determined using strain gauges attached to the
yielding section of BRB1. The yield load of BRB1 under tension was 265kN,
which is close to its design yield load of Py = 261kN, calculated using the strain
values from the strain gauges attached to the connection portions of BRBI.
When the horizontal displacement reached 3.6mm to the right (or an story drift
angle of 0.26% rad), the axial displacement of BRB1 reached 2.2mm, causing
BRBI1 to yield under compression. The corresponding yield load was 274kN,
which is 5% higher than the design yield load of Py = 261kN. Moreover, the
compressive yield load-bearing capacity of BRB1 was 3% higher than the tensile
yield load-bearing capacity.

k. Left-side column base concrete



Chuan-Zheng Ma et al.

PEMAG

(Avg: 75%)
0.0736
0.0675
0.0614
0.0552
0.0491
0.0429
0.0368
0.0307
0.0245
0.0184
0.0123
0.0061
0.0000

1. Left-side column base concrete (FEM)

o. Right-side column base concrete (test)
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p- Right-side column base concrete (FEM)

Fig. 11 Failure phenomena of specimen SP1

a. BRBI core segment

b. Core segment fracture

c. Core segment buckling

Fig. 12 Failure phenomena of BRB1

3.1.3. Specimen SP2-Test

Following the loading protocol, displacement loading was carried out
incrementally. At the first cycle of the 6th load level (2% rad), when the forward
load reached about 28 mm (2% rad), local buckling happened at the lower flange
of the left end of the beam, as shown in Figs. 13¢ and 13d. Additionally, local
buckling was observed at the lower flange of the right end of the beam, as shown
in Figs. 13e and 13f.

During the first cycle of the 7th loading level (4% rad), as the positive
loading reached 35mm (2.5% rad), the upper flange and web of the beam at the
left end, where it connected to BRB2, buckled as shown in Fig. 13c. The
buckling of the right end of the beam also occurs at the flange and web (see Fig.
13e). The steel plate of the column connected to the lower flange of the beam
experienced tensile buckling and delamination from the concrete, as shown in
Fig. 13e. When the load is -42mm (-3%rad) to the left, the weld of the outer
flange plate at the right end of the beam and the column cracks, causing
deformation of the lower flange at the right end of the beam and the beam
becomes more pronounced. Furthermore, the web of the beam buckled, and the
base of the left column of specimen SP2-Test (referred to as column SP2-left)
experienced bulging, as shown in Figs. 13h and 13i. Simultaneously, the steel
plate at the base of the right column of specimen SP2 (referred to as column
SP2-T-right) buckled, as depicted in Figs. 13j and 13k.

During the first cycle of the 8th loading level (6% rad), when the loading
reached 42mm (3% rad) to the right, out-of-plane instability occurred in the
beam, and the loading to the right was stopped. To determine the maximum load
when loading to the left, the loading was continued to the left. When the loading
reached 84mm (6% rad), no evidence of tensile rupture in the core segment of
BRB2 was observed. At this point, there was no need to continue loading, and
the loading was immediately stopped. The test of specimen SP2-Test was
concluded. Throughout the entire test, no cracks or fractures were observed in
the butt weld joint between BRB2 and the gusset plates.

3.1.4. BRB?2 failure behavior

During the testing process, when the load was applied to the right and
reached a displacement of about 5.6mm (0.4%), BRB2 underwent compressive
yielding, resulting in an axial displacement of 1.8mm. The yielding force was

measured to be approximately 273kN, which is 5% higher than the design value
Py=261 kN. Similarly, when the load was applied to the left and reached a
horizontal displacement of about -6mm (-0.43%), BRB2 underwent
compressive yielding, resulting in an axial displacement of -1.9mm. The
yielding force was measured to be approximately 280kN, which is 7% higher
than the design value P;=261 kN. The axial displacements at which BRB2
experienced tensile and compressive yielding were relatively close, and the
differences in the yielding forces were not significant. The methods used to
determine the yielding of BRB2, as well as to obtain its axial displacement and
yielding force, were consistent with those for BRB1. Additionally, no cracks or
fractures were observed in the butt welds between BRB2 and the gusset plates
throughout the testing process.

3.2. Comparison of test observations between specimens SP1-Test and SP2-Test

The results of specimen SP2-Test showed that the steel beam exhibited
earlier yielding and buckling failure occurred at both ends of the steel beam,
compared to the same locations in specimen SP1-Test. Comparing the yield
buckling behavior of the left and right flanges of the sp2 test and the spl test
steel beam, the left flange of the sp2 test steel beam buckling buckling failure
occurs at the lower deflection angle of 2.0% rad, while the sp1 test lags behind
at 2.9% radian. Likewise, in the sample sp2 test, the right flange of the steel
beam buckled and formed a plastic hinge at a story dip of 2.1% rad; while for
the SP1 test sample, this occurred at a higher story drift angle of 3.2% rad.

From Figs. 11 and 13, it can be seen that the damage at the left end of the
steel beam in specimen SP2-Test is much more severe than that in specimen
SP1-Test. Fig. 13g provides a clear illustration of the damage observed in
specimen SP2-Test. It can be seen from the figure that when the sample reaches
the sheet deflection angle of 2.9% rad, cracks appear in the weld seam between
the outer plate of the right lower flange and the column. When the load was
increased to 3.3% rad, the outer plates connecting the bottom flanges of the steel
beams fractured. During the test, specimen SP1-tested steel beam formed a
plastic hinge at both ends and no weld cracking or plate tearing occurred.

The testing process demonstrated that the failure at both ends of the steel
beam in specimen SP2-Test occurred earlier than in specimen SP1-Test, and the
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extent of the damage was more severe in specimen SP2-Test. Instability out-of-
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plane happened earlier in the specimen SP2-test than in the specimen SP1-test.

(g) Crack in the lower flange weld of the right-side
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Fig. 13 Failure Phenomenon of Specimen SP2
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Fig. 14 Schematic of the plastic hinge location during the specimen test process

As shown in Figs. 11 and 13, the left column of the specimen SP1-Test
exhibited yielding and plastic hinge formation at the lower portion of the gusset
plate, accompanied by the appearance of cracks within the concrete of the steel
tube. Contrary to the behavior of the left column in the specimen SP1-test, the
left column of specimen SP2-Test did not yield or form a plastic hinge in the

same area, suggesting that the pin connection is beneficial in mitigating the
bending moment transferred from the BRB transition segments to the column.
Nevertheless, according to the test results, the overall stress distribution and
damage of specimen SP1-test were significantly better than that of specimen
SP2-test.



Chuan-Zheng Ma et al.

Fig. 14 illustrates the progression of yielding, plastic hinge formation, and
damage extent and location in the beams, columns, gusset plates and other
components of specimens SP1-Test and SP2-Test throughout the testing process.
Initially, plastic hinges develop at the ends of the beams with BRB connections
and subsequently at the ends of the beams without BRB connections.
Subsequently, plastic hinges appear on column bases without BRB connections
and finally on column bases with BRB connections. During the whole test
process, the beam-to-column connection and the core area of the BRBF gusset
plate were not damaged and were in an elastic state.

4. Analysis of experimental results
4.1. Hysteresis curves

The hysteresis curves for specimens SP1-Test and SP2-Test are illustrated
in Fig. 15. Both specimens exhibited full hysteresis loops, with no pinching

T T

—SP1-Test

Story Shear(kN)

Story drift ratio(percent)
(a) SP1-Test
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phenomena detected, and the ultimate load capacities for both specimens are
relatively close. While the curve for specimen SP1-Test remains consistently
smooth, the curve for specimen SP2-Test demonstrates an abrupt transition in
proximity to the zero load, as indicated by the ‘pin slip’ in Fig. 15b. Upon further
analysis, this sudden change observed in the test results can be attributed to two
primary factors. Firstly, prior to the tests, measurements were taken of the gusset
plate hole diameters and pin shaft diameters of BRB2. The pin shaft diameters
were found to be approximately 0.7mm smaller than the BRBF connection
gusset plates hole diameters, resulting in a gap between them. Consequently,
when the core segment of BRB2 changed from compression to tension, or vice
versa, it was almost unloaded, and the horizontal load was entirely supported by
the beam and columns. Secondly, to facilitate the installation of BRB2, there
was a clearance of approximately 1.0 mm between the two connecting plates of
BRB2. When the frame was loaded in the positive direction, this gap caused
BRB?2 to undergo minor out-of-plane deformations, which affected the effective
transfer of horizontal loads to BRB2.

900 T

T
—SP2-Test

600

300

Story Shear(kN)

=300

-600

Story drift ratio(percent)
(b) SP2-Test

Fig. 15 Load-Displacement Curve of the Test Specimen

4.2. Energy dissipation

In order to evaluate the energy dissipation capacity of the test specimen, this
paper introduces two parameters: the equivalent viscous damping coefficient,
denoted as {,, and the energy dissipation coefficient, denoted as E. The
expressions for the equivalent viscous damping coefficient ¢, and energy
dissipation coefficient £ of the hysteresis loop, as converted based on Fig. 16,
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Fig. 16 Percentage of shear force carried by the BRB (experiment)

Table 5
Energy dissipation indicators of specimens
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are shown below.
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Fig. 17 Percentage of Shear Force Carried by BRB (experiment)

Specimen ID Total energy dissipation (kN-mm) Equivalent viscous damping coefficient e Energy dissipation coefficient E
SP1 569177 0.349 2.192
SP2 487415 0.299 1.878

Using Equations (1) and (2), the total energy dissipation, equivalent viscous
damping ratio {;, and energy dissipation ratio £ of each specimen at the ultimate
state can be calculated, as presented in Table 5. The total energy dissipation,
equivalent viscous damping ratio ¢, and energy dissipation ratio £ of specimen
SP1-Test with welded connections are all greater than those of specimen SP2-

Test with pin connections.

4.3. Energy-dissipation capacity of BRB
The shear force ratios of BRB1 and BRB2 during the testing process are
illustrated in Fig. 17. It is observed that under rightward loading, when the story
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drift angle increases from 0 to 0.5% rad, a substantial difference exists between
the shear forces carried by BRB1 and BRB2. As the inter-story displacement
angle increases from 0 to 0.25 % rad, the proportion of shear force borne by
BRBI to the total frame shear force increases from 0 % to a peak of about 82%.
In this phase, the axial load of BRB1 exhibits a linear relationship with the story
drift angle, and BRB1, in both tension and compression begins to yield when the
story drift angle approaches 0.25% rad.

After exceeding 0.25 % rad inter-story displacement angle, the proportion
of horizontal shear force borne by BRB1 to the total frame shear force decreases
as the inter-story displacement angle continues to increase. As the inter-story
displacement angle increases from 0 to 0.5 % rad, the proportion of shear force
bome by BRB2 to the total frame shear force increases from 0 % to a peak of
about 70 %. At an angle of interlaminar displacement of 0.5 % rad, BRB2 starts
to yield in both tensile and compressive states. When the inter-story
displacement angle exceeds 0.5 % rad, the proportion of horizontal shear force
bome by BRB2 to the total frame shear force decreases with the increase of
inter-story displacement angle. Moreover, within the range of 0.5% to 4% rad
story drift angle, the shear forces carried by both BRB1 and BRB2 contribute to
approximately 60% of the total story shear force, which is in relatively close
agreement with the design expectation. In the initial loading stage (0 to 0.3%
rad), gaps between the connecting pin shafts, gusset plate holes and BRB2
connecting plate holes prevent the effective transmission of shear force to BRB2
during low loading displacements. As a result, the shear force carried by BRB2
is minima during this initial loading stage, leading to a significant deviation from
the ideal state.

The energy dissipation capacity of buckling-restrained braces can be
evaluated through the cumulative ductility demand p., as specified in AISC
(2010) 1.

Hmax:Amax/Aby (3)
Re=(E A prastic) Ay “4)

in which, Y Apsic represents the cumulative plastic deformation of the BRB, and
Amayx represents the maximum deformation of the BRB.

When the story drift of specimen SP1-Test reached 4% rad, the maximum
ductility demand of BRBI1 p,.x was 21, the cumulative ductility demand p. was
518.2, which was comparable to the value reported in reference [8]. The
cumulative ductility demand p. increased to 671.2 at the point of BRB1 tensile
fracture, which exceeded the value reported in reference [8]. It also surpassed
the requirement of cumulative ductility demand p. greater than 200 specified in
AISC (2010) 31,

B
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@) Schematic diagram of mesh division and contact relationship for
SP1-Model
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When the story drift of specimen SP2-Test reached 4% rad, the maximum
ductility demand of BRB2 pn.x was 20.8, which was comparable to the value
reported in reference [8]. The cumulative ductility demand p. was 406.6, which
was lower than the value reported in reference [8], but it still exceeded the
requirement of cumulative ductility demand p. greater than 200 specified in
AISC (2010) 121,

5. Finite element simulation
5.1. Constitutive model of materials

The steel model for columns and beams is an ideal bilinear model without
accounting for strain hardening. The plastic damage model defined in ABAQUS
is used for concrete materials, and the stress-strain relationship is calculated
using the material model [28] proposed in the literature, while considering the
confinement effect of steel pipes on the concrete core. For the BRB core, the
steel material model uses the Combined Hardening model in ABAQUS, which
considers both isotropic hardening and kinematic hardening. The specific
parameters are determined based on reference [29].

5.2. Element types and meshing

The meshing of the specimen is shown in Fig. 18. The steel tubes, H-shaped
steel, stiffeners and the BRB are modeled using S4R shell elements. The column
grid is 25 mm, the beam grid is 25 mm, and the grid on the gusset plates and
stiffeners is 20 mm. Chung-Che Chou and Jia-Hau Liu B modeled the BRB
core using truss elements T3D2 (two-node) to avoid core buckling,in order to
eliminate the BRB restraining members from the model. Tsai KC [land Yu YJ
B recommend that the BRB of frame can be conveniently replaced by a truss
element in a BRBF analytical model. The BRBs were modeled by Li Jiagi %
using S4R shell elements which the out-of-plane displacement is set to zero to
avoid core buckling.In this paper, the BRBs are modeled using S4R shell
elements. The number of elements for the BRB core along the length direction
is set to one to avoid core buckling. The concrete is modeled using C3D8R eight-
node linear hexahedral elements. The contact relationship between concrete and
steel pipe is defined as normal hard contact. Considering tangential friction, the
Coulomb coefficient of friction is 0.6 3. The sample SP1 model (scaled finite
element model of SP1 test) uses connection constraints to connect the BRB to
the frame, and the sample SP2 model (scaled FE model of SP2 tests) uses hinge
constraints for pin connections and gussets are relative in the plane of the frame
rotate.

5

(b) Schematic diagram of mesh division and contact relationship for
SP2-Model

Fig. 18 Mesh division of test specimens

5.3. Model boundary conditions and loading method

The finite element model has the same boundary conditions as the test frame,
the bottom of the column is fixed, the vertical concentrated force is applied at
the top of the column during the simulation, as shown in Fig. 9 (test loading
diagram). During the test, the lateral support is used to limit the out-of-plane
instability of the specimen, the out-of-plane horizontal displacement at the top
of the column is set to zero during the simulation.

Furthermore, the loading method is in alignment with the test frame, the in-
plane horizontal displacement was loaded at the left end of the beam , with each
level of loading displacement and number of cycles consistent with the test
frame loading method.

5.4. Comparison and analysis of experiment and finite element results

As can be seen from Figs. 19-23, the finite element simulation results of the
specimen SP1-model show excellent agreement with the experimental results.
However, the hysteresis loop shape of the finite element simulation results for
specimen SP2-Model slightly deviates from the experimental results, primarily
due to the unaccounted processing errors in the pin shaft diameter and gusset
plate hole diameter of BRB2 during modeling. Nevertheless, as shown in Fig.
23, the backbone curve of the SP2-model agrees well with the results of the
experiment.

Based on the results of experiments and simulations (refer to Figs. 17 and
24), the shear force ratios of BRB1 and BRB2 remain very close throughout the
entire loading period. As the story drift angle increases from 0 to £0.25%, the
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inter-story displacement angle. Finally, when the story drift angle falls within
the range of 1.5% to 4% and -1.5% to -4%, the shear force ratios of BRB1 and

BRB2 are within the interval of 55-60%.

For the inter-story displacement angles between 0.25 % and 1.5 % and between
-0.25 % and -1.5 %, the proportion of the horizontal shear force borne by BRB1

shear force ratios of BRB1 and BRB2 rise from 0 to a maximum value of 80%.
and BRB2 to the total shear force of the frame decreases with the increase of the

Chuan-Zheng Ma et al.

Story drift ratio(percent)
0
Story drift ratio(percent)

Story drift ratio(percent)

Fig. 22 Shear force-deflection curve for specimen SP1

Fig. 20 Load-displacement relationship of specimen SP1
Fig. 24 Percentage of Shear Force Carried by BRB (FE Simulation).
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Fig. 25 Moment-rotation relationship of left beam end at 1-1 section.
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Fig. 27 Unbalanced bending moment and rotation curves at the beam-end and column-end

5.5. Analysis of forces on the beam and column ends of the frame

The relationship between the bending moment at the left beam end of the
specimen and the turning angle can be observed in Fig. 25. It is evident that,
with story drift angles ranging from 0 to 4% rad, both the BRB welded frame
model SP1-Model and BRB hinged frame model SP2-Model exhibit yielding at
the same location of the left beam-end, with very similar beam-end moments at
that specific location.

The relationship between the left column-end moment and rotation at
section A-A can be seen in Fig. 26. When loaded to the right, the column-end
moments of the BRB welded frame model SP1-Model and BRB hinged frame
model SP2-Model are moderately close. However, when loaded to the left, the
column-end moment of SP1-Model is twice that of SP2-Model.

The unbalanced moments at the beam end and column end can be observed
in Fig. 27 as a function of the angle of rotation. It can be seen that when loaded
to the right, the unbalanced moments of both SP1-Model and SP2-Model are
relatively close. However, when loaded to the left, the unbalanced moment of
SP2-Model is greater, accounting for approximately 50% of the beam-end
moment. This portion of unbalanced moment is generated due to the axial force
of the BRB not passing through the intersection of the beam-column axis during
loading. In contrast, the unbalanced moment of SP1-Model is smaller.

From the above moment diagrams, it can be seen that, throughout the entire
loading process, the beam-end moment and column-end moment of SP1-Model
remain relatively similar, and the unbalanced moment is small. The use of a
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welded connection between the BRB and the frame does not increase the beam-
end moment or amplify the limit moment of the joint.

5.6. Sectional stress analysis of beam and column ends

Section 1-1, located at the plastic hinge at the left beam-end of specimens
SP1-Model and SP2-Model, and section A-A at the plastic hinge at the left
column-end, as shown in Fig. 2, have been selected for stress analysis. Figs. 28-
30 respectively show the Mises stress distribution in these sections. Since the
stress magnitude and distribution in these beam and column sections are almost
unaffected by leftward and rightward loading, only the stress distribution for
rightward loading is presented. From Fig. 28, it can be observed that when the
story drift is less than 1.5%, the stress magnitude at section 1-1 for both SP1-
Model and SP2-Model is smaller than the material yield stress of 345 MPa. The
stress amplitude at this section is comparable for both specimens across different
load levels. Furthermore, Figs. 29 and 30 indicate that for story drift below 1.0%,
the stress magnitude at column section A-A for both SP1-Model and SP2-Model
is smaller than the material yield stress of 345 MPa. The stress distribution
patterns and stress amplitude magnitudes at this section are also quite similar for
both specimens across different load levels. It can be seen that the welded and
pin connection between the BRB and the frame have a minor impact on the stress
distribution patterns and stress amplitude magnitudes at the beam-end and
column-end joints.
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Fig. 28 Mises stress distribution at steel beam section 1-1 under rightward loading for specimen
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(b) Loading to the left

Fig. 31 Mises stress distribution at the left joint weld of specimen SP1-Model
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Fig. 32 Mises stress distribution at the left joint weld of specimen SP2-Model

5.7. Analysis of weld stress at joints

In specimens SP1-Test and SP2-Test, the gusset plates were welded to the
beams and columns using full penetration welds. On the other hand, in the finite
element model, the gusset plates are ‘merged’ ideally to the beams and columns.
The welds at the gusset plates are susceptible to failure due to concentrated
forces. To understand the stress condition at the welds, the Mises stress at the
joint welds at the maximum displacement angle of the first cycle during cyclic
loading is selected, as shown in Figs. 31 and 32. When the story drift is less than
1.5%, the tensile and compressive stresses in the horizontal and vertical welds
of the left joint of SP1-Model are all less than the yield stress of 345 MPa. Once
the story drift reaches 2%, the maximum tensile and compressive stresses in the
horizontal and vertical welds are both less than 400 MPa. Although the loading
direction changes, the stress magnitude does not change significantly.

The stress at the left joint welds of SP2-Model is shown in Fig. 32. When
the story drift angle is less than 4%, both the tensile and compressive stresses in
the horizontal and vertical welds are less than 250 MPa, which is lower than the
steel yield stress of 345 MPa. Similarly, the stress magnitude does not change
significantly with the loading direction.

Upon comparing Figs. 31 and 32, it can be observed that the weld stress in
the pin connection is significantly lower than that in the welded connection. This
is because the gusset plate used in the pin connection has a thickness of 40 mm,
while the gusset plate used in the welded connection has a thickness of 10 mm.
At the weld location, the steel cross-sectional area at the pin connection gusset
plate is approximately twice that of the welded connection gusset plate. The
difference in stress is not due to the type of connection used but rather the cross-
sectional area of the gusset plates.

6. Conclusion

This paper employed experimental and finite element simulation methods
to compare and analyze the mechanical performance of frames featuring
HSCFSSTC with buckling-restrained braces (BRBs) using both welded and pin
connections under cyclic loading. Based on the analysis, the following
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ABSTRACT

ARTICLE HISTORY

With the development of industry, cooling towers play a very important role in thermal power generation, and steel cooling
towers are being used more widely. The surface of cooling towers is covered with profiled panels, and the skinned effect on
the mechanical performance and stability of the structure should be considered. At present, most studies on steel cooling
towers have not considered the skinned effect. In steel cooling towers, the skin panels are usually connected to members by
self-tapping screws., the shearing test of self-tapping screw connection is carried out considering different screw diameters
and plate thicknesses to obtain the shear stiffness of the screws. Then, three FE models of steel hyperbolic cooling towers
are established and compared: in Mode—1, the skin panel is not considered; in Model-2, the panel and the member node are
rigidly connected; in Model-3, the spring elements are established to simulate the shearing and tension stiffness of self-
tapping screws connecting skin panel and members. Based on the finest Model-3, a parametric analysis is done to
investigate the effect of the skinned effect on the overall structural stability. Considering different landform types and the
roughness of the inner and outer surfaces, a total of 18 measurement conditions are tested in the wind tunnel to study the
outer and internal wind pressure coefficients. Furthermore, based on the wind tunnel test, the wind-induced response
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analysis of steel hyperbolic cooling towers is performed.
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1. Introduction

The cooling tower is a large-scale building currently widely used in the
power industry and machinery industry, as shown in Fig. 1. At the beginning of
the 20th century, the worldwide first cooling tower was built in the Netherlands.

(a) Reinforced concrete structure

In the following decades, many cooling towers have been built successively in
various countries, and the height of the tower has continued to increase. By the
end of the 20th century, Germany and France have built very large cooling
towers with a height of nearly 200m 3],

(b) Steel structure

Fig. 1 The cooling tower structures

As the height of cooling towers becomes higher and higher, steel cooling
towers has shown great potential, especially in areas with a high incidence of
strong earthquakes and geological hazards, and the research on Steel Cooling
Towers (SCT) has drawn more and more attention from the researchers. For the
SCTs, the beam-column frame system and reticulated shell system are the two
common systems. The SCTs belong to large-span spatial structures, and the
stability behavior of SCTs is a prominent problem needed to be investigated in
detail. A 120m SCT structure with a straight-cone-straight shape was studied !,
and the results showed that the SCT structure with the shape has good
performance and can be used for the higher structures. The nonlinear behavior
of single and double-layer SCTs with different latticed shell types was compared
and the optimum type was suggested for the structures with different heights 1>
¢, A linear analysis was carried out on an SCT structure with and without

stiffening rings 7). The results showed that the stiffening rings help save material,
and SCTs show good performance during earthquakes. The elasto-plastic
buckling behavior under earthquake, dead and wind loads was studied 1%, and
the study found that the forces in members and construction cost are decreased
be using the buckling-restrained members. The influence of initial
imperfections on the nonlinear stability of SCTs with five structural systems
was studied "2, and an imperfection value of H/300 was suggested as the
reasonable limit for SCT design.

Another challenging issue for SCTs is the joints for connecting members in
the beam-column frame system and reticulated shell system. Normally, the
joints used in SCTs are welded or bolted joints, as shown in Fig. 2. The bolt
joints for connecting members in steel structures have the advantage of easy
installation. However, the bolted joints used in the actual SCTs are assumed to
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be pin joints because of the weak bending stiffness. To solve this problem, a
series of new joint types were developed ['*!9), and the mechanical behavior of
the new joints was investigated experimentally and numerically. The results

(a) The 181 m high cooling tower with welded joints
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showed that the new joints have good stiffness and bending carrying capacity,
which is suitable for SCT structures.

(b) The 124 m high cooling tower with bolted joints

Fig. 2 Steel cooling towers and joints in China

The SCTs are high-rise light self-weight structures, which belong to the
wind-sensitive structures. Many studies have focused on the wind-induced
response of the structures. The dynamic performance of SHCTs under wind load
was studied in detail through field measurement, wind tunnel tests, and the CFD
method '8, The wind-reduced response and the effect of stiffening rings on
the dynamic performance were discussed. The formation mechanism of non-
Gaussian fluctuating wind pressures for the SCT structure was studied '), and
the forming mechanism of fluctuating wind pressure distribution was
investigated in detail. The wind-induced inner and outer pressure of cylindrical-
conical type SCT structure was studied 2", and a reference for wind resistance
design of SCTs was obtained.

The outer surface of SCTs is covered with profiled panels. The skinned
effect can strengthen the overall performance of the structure. When the
structure is designed, the skin effect is only used as a reserve for stiffness and
strength. Related studies by scholars have shown that the behavior of structures
will be optimized under the consideration of the skinned effect, and it has been
found that considering the skinned effect can help save structural costs by about
10% . At present, most of the actual engineering design does not consider the
strengthening effect due to the skinned effect on the structure. This design
method is considered safe. However, when the skinned effect is significant,
there may be skin panels may failunder normal load before the structure *2, and
the study pointed out that there is still no practical design discipline for
considering the skinned effect. The skinned effect of single-layer spherical
aluminum alloy reticulated shell structures was studied **, and it was obtained
that the skin effect can change the buckling mode and critical load of the
structure. One of the stability bearing capacities increased form 0.7 kN/m? to
2.96 kN/m?% and the effect of the aluminum plates should be considered for
future structural design.

According to the summary of previous studies, it can be found that most of
the research on SCT structures focuses on static analysis, elasto-plastic stability
analysis, and seismic analysis, and they have not considered the skinned effect
on the mechanical performance of cooling towers. Therefore, three finite
element models of the SCT structure were established in this paper considering
the skinned effect, conducted wind tunnel tests, and studied the wind vibration
response analysis and stability analysis.

2. Shear performance test of self-tapping screw connection

In actual engineering projects, the skin panel and purlins fixed on the
structural members are connected by self-tapping screws. In order to establish
a FE model of SCT structures considering the skinned effect, the shearing test
was performed to obtain the load-deformation curve of the self-tapping screws.
The test specimens were made according to the recommended method in the
code for the fastener test **. The steel sheet and the aluminum sheet were
overlapped by self-tapping screws. The dimensions of the connection sheet are
shown in Fig. 3. The steel grade is Q345 and the aluminum alloy grade is 6061-
T6. The surface of the sheets is smooth and flat. The types of self-tapping screws
are ST5.5 and ST6.3, in which 5.5 and 6.3 mean the screw diameter (mm). The
test was controlled by force, and the loading speed was set to 1kN/min according
to the specifications. The test mainly considered two types of parameters: plate
thickness and self-tapping screw specifications. The parameter setting and the
numbering rules are shown in Table 1 and Fig. 4.

Table 1
Detailed information on specimens

Numbering t; (mm) t> (mm) Screw type Screw diameter (mm)
L2-G5-5.5 2.0 5.0 ST5.5 5.5
L2-G5-6.3 2.0 5.0 ST6.3 6.3
L3-G5-5.5 3.0 5.0 ST5.5 5.5
L3-G5-6.3 3.0 5.0 ST6.3 6.3
L4-G5-5.5 4.0 5.0 ST5.5 5.5
L4-G5-6.3 4.0 5.0 ST6.3 6.3
L5-G5-5.5 5.0 5.0 ST5.5 5.5
L5-G5-6.3 5.0 5.0 ST6.3 6.3

Aluminum sheet () Steel sheet (¢,)

i ° —
LN F
Self-tapping screw

R

Fig. 3 Connection sheet test chart

F «—

e
Screw diameter
Thickness of steel sheet ()

Thickness of aluminum sheet ()

Fig. 4 Numbering rules for specimens

There are three failure modes of the specimens:

i) Failure mode 1 belongs to a kind of ductile failure modes. The screw in
specimens was severely deformed, and finally was cut off. The aluminum sheet
warped a little, and the screw hole on aluminum sheet was damaged, as shown
in Fig. 5. This type of damage occurred in specimens L2-G5-5.5, L3-G5-5.5,
and L4-G5-5.5. The load (L)-displacement (4) curves with failure mode 1 are
divided into four stages: elastic stage, elasto-plastic stage, plastic stage and
destruction stage, as shown in Fig. 6.
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Fig. 6 L-4 curves of specimens with failure mode 1

ii) Failure mode 2 also belongs to a kind of ductile modes. The screw hole
was cracked. There was little deformation occurred in screw, and the aluminum
sheet was flat, as shown in Fig. 7. This type of damage occurred in specimen
L2-G5-6.3. The L-4 curve for the specimen with failure mode 2 can be divided
into four stages that are similar to specimens with failure mode 1, as shown in
Fig. 8.

Little
deformatio
in screw

Screw hole
was cracked

Fig. 7 Picture of failure mode 2
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Fig. 8 L-4 curves of specimens with failure mode 2

iii) Failure mode 3 is a kind of brittle failure mode. The screw in the
specimens was cut suddenly, and the aluminum sheet was slightly wrapped. The
screw hole remained intact, as shown in Fig. 9. This type of damage occurred
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in specimens L3-G5-6.3, L4-G5-6.3, L5-G5-5.5 and L5-G5-6.3. The L-4 curves
for the specimen with failure mode 3 are divided into three stages, as shown in
Fig. 10.

Screw was
cut finally

i

remained
intact

o A T AR A

Fig. 9 Picture of failure mode 3
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Fig. 10 L-4 curve specimens with failure mode 3

3. Static stability of SCT structures considering the skinned effect
3.1. Simulation method for self-tapping screw connections

The main structure of the SCTs is mainly composed of longitudinal, circle
members, diagonal members, and outer surface skin panels, as shown in Fig. 11.
In this paper, three FE models of SCT structures were established to investigate
the skinned effect on the stability behavior. In Model 1, the skin panel is not
considered in the model; In Model 2, the aluminum skin panel is considered in
the model, while the aluminum skin panel is fixed on the members through
coupling the nodes of the skin plate and members. That is, the aluminum skin
panels and the member nodes are rigidly connected; Model 3 is the finest model
in which the spring elements are established to simulate the connection stiffness
according to the actual situation between aluminum skin panels and members.
In the three models, the Beam188 element is used for the longitudinal, circle
and diagonal members, and the panel is simulated using the shell181 element.
The panel is generally an aluminum alloy profiled plate, which is directly
connected to the member by self-tapping screw at a distance of 200 mm. Since
the self-tapping screw connections in structures are mainly subjected to tensile
and shear forces, the self-tapping screw is simulated by establishing three
combin39 spring elements in three directions of x, y, and z, as shown in Fig. 12.
The combin39 spring elements are established between the connection nodes on
skin panel (1, 2, 3, etc.) and on members (1°, 2°, 3°, etc.). The Nodes 1 and 1’
are at the same coordinates in the numerical model of SCTs. Nodes 2 and 2’,
nodes 3 and 3, nodes 4 and 4’, etc. are the same. The three combine39 elements
at the connection point simulate the shear stiffness of self-tapping screws in the
x and y directions and the tensile stiffness of screws in the z direction,
respectively.

In ANSYS software, the L-4 curves of the connections are entered by
setting the real constants. Two types screws, ST5.5 and ST6.3, were used during
the structure analysis. According to the results of the shear tests on self-tapping
screw connections, when the thickness of aluminum and steel plate is 5 mm
(specimens L5-G5-5.5 and L5-G5-6.3), the screws in specimens are cut, and the
screw hole remains intact. The influence of the plates is ruled out. Therefore,
the load-deformation curves of self-tapping screw specimens L5-G5-5.5 and
L5-G5-6.3 can be used as the shear stiffness curves of the screws in the FE
models of SCT structures, as shown in Fig. 13. The tension stiffness of the
screws in the FE models of SCT structures are calculated based on the
experimental study [25], as shown in Fig. 14.
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3.2. Equivalent method of aluminum skin panel

In the real project, the surface skin panel of SCT structures is generally a
profiled aluminum plate. During the parametric analysis of SCT structures, a
simplified model of skin panels was established to improve computational
efficiency. The shear membrane of the deck panels of a high-story steel structure
was considered in the finite element analysis 227, The shell element was used
to simulate the cold-formed deck, which was treated as an orthogonal
anisotropic deck. Based on the equivalent stiffness in three directions, an
anisotropic flat plate is used instead of the isotropic profiled plate, as shown in

Fig. 15.
_: é % 2 % % @
a

u
h
. d
1 Profiled aluminum plate 1

Flat aluminum plate

Fig. 15 Equivalent principle of the aluminum plate

The equivalent principles of the profiled plate and flat plate are: the area, length,
width, and thickness of the two plates are same; the same deformation is
obtained when the two plates are under same force. The material characteristics

T T Air outlet 1 I
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of the profiled plate and flat plate are shown in Table 2. As shown in Fig. 15, if
there is a uniformly distributed tensile force P in the direction of the plate
monopod, the elongation of the profiled plate is 4;, and the elongation of the
equivalent plate is 4,', such that 4, = 4,’, the modulus of elasticity of the profiled
plate E' can be determined. The principal Poisson's ratio x, of the equivalent
plate is the same as the Poisson's ratio of the profiled plate.

Table 2
Material characteristics of the profiled plate and flat plate

Plate type E.(MPa)  E, (MPa) Vay Vyx G fo.2 (Mpa)
Profiled plate 63305 63305 0.3 0.3 260 180
Flat plate 1408 75966 6.46X 10 0.3 1300 180

3.3. Grid mesh method and load calculation

The hyperbolic SCT structures are usually composed of a latticed shell
tower and a bottom support structure, as shown in Fig. 16. The grid size is
associated with the longitudinally divided number of N, and the circular divided
number N.. N, equals H, divided by L;, which H, is the height of the latticed
shell tower, and L, is longitudinal grid height; N, is equal to 360° divided by 6.
6 is the angle occupied by a grid around the circle. The latticed shell which is
covered with profiled aluminum panels is the main study object. D, D, and D;
are the diameter of the air inlet, throat and air outlet of the SCT structure, and
hi, h; and h; are the elevation of them. C is a coefficient determining the
structural shape. The geometric dimension parameters of the hyperbolic SCTs
are designed according to the requirements of the cooling tower design code %,
and all parameters should be set to meet the requirements of thermal calculation
results. One hyperbolic line is used to generate the hyperbolic SCT structures.
The equation of hyperbolic line is shown in Eq. (1).

Z-h
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X2+Y?

2 ) =1
(D,/2)

(

(h<Z<h;) M

I D; |1

Hyperbolic line

X1+7?

Throat

D,

Latticed shell tower

Air inlet

Dy

XX

Supporting system

Latticed shell tower

4

Circular grid division

Fig. 16 Cooling tower structure diagram

During the analysis of SCT structures, the wind load and the self-weight
load (steel members and aluminum skin panels) of the cooling tower considered
as the main control loads were researched. The schematic diagram of the wind
load was given in Fig.17. In FE Model 1 of the SCT structure without aluminum
skin panel, the wind pressure is calculated and applied to the nodes of the
structure; In FE Model 2 and Model 3 of the SCT structure with aluminum skin
panels, the wind load is applied to the surface of aluminum skin panel as a
surface load.

According to the code!® the standard value of the equivalent wind load on
the surface is calculated by Eq. (2). o g is the standard equivalent wind load
(kPa) of the outer surface of the cooling tower; f = 1.9 is the wind vibration
factor. C, = 1.0 is the interference coefficient between the towers. Eq. (3) is the
formula for calculating C,(6), the average wind pressure distribution coefficient.
1 1s the height variation coefficient of wind pressure. the basic wind pressure
g equals 0.55 kPa. a; and k are the coefficients for calculating C,(6), which are
calculated according to the requirements of the cooling tower design code ).
At the same time, the SCT structure has an internal wind pressure effect, and
Eqgs (4) and (5) are the formula for calculating the standard value of the internal
wind suction. In the equations. w; is the standard value of internal suction load

(kPa). The internal suction coefficient C,; equals -0.5. g and g are the design
value and the height variation coefficient of wind pressure at the top of the tower.

Wz .0 = ﬂ'cg 'Cp(e) TH Wy @

C,(0) =io¢k -coské@ 3)
k=0

@, :cpi Oy “

Uy = - B-Cy - ®)
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3.4. Comparison of the three FE models

Two-height single-layer rectangular SCTs are selected for analysis
considering the geometric and material nonlinearity to show the effect of the
simulation method of self-tapping screw connection and the stressed-skin on the
stability behavior of SCT structures. Three FE models of 90 m and 220 m SCT
structures are established respectively. In Model-1, the skin panel is not
considered. In Model-2, the panel and the member node are rigidly connected.
In Model-3, the spring elements are established to simulate the connection
stiffness according to the actual situation between skin panel and members. The
full process L-4 curves are shown in Fig. 18.
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Fig. 18 Load-displacement curves

Comparing the results of the three models without skin panel, the rigid joint
between skin panel and members, and spring connection. The stability behavior
of the SCT structure can be significantly improved by considering the skin effect.
Comparing with Model-1 without skin panel, the carrying capacities obtained
by Models 2 and 3 are much higher. The ultimate load factor a, of Model-3 of
90 m SCT structure with spring connections is 2.65, which is 1.67 times o, of
Model-1 without skin panel. o, of Model-2 with rigid connections is 4.25,
which is 2.67 times that of Model 1 without skin panel. The Model-3 of the
SCT structure is the finest model, which reflect the actual situation of the real
project by considering the self-tapping screw connection stiffness. The
simplified Models 1 and 2 are easy to be established, but the results obtained by
them cannot reflect the real mechanical behavior of SCT structures.

3.5. Parametric stability analysis of SCT structures considering the skinned

effect

In order to comprehensively analyze the stability performance of the SCT
structures considering skinned effect, four heights of 90 m, 130 m, 180 m, and
220 m are selected, and different grid sizes are designed. The specific size
settings are shown in Table 3 below. For the SCT structures with different
heights, six grid sizes (G1~Gs) from small to large are considered. For the SCT
structure with each height and grid size, the skinned and unskinned structural

models are analyzed and compared. The finest Model-3 of the SCT structure is
used to carry out the parametric analysis. The dual nonlinear stability analysis

was carried out on 48 models with different heights and grid sizes.

3.5.1. ypical example analysis

the three key points. It can be found that a large number of panels at bottom and
a small number of panels in the middle of SCT yield at Point 1. At Point 2, the
yield area in the middle expands to the suction area of the SCT. The local
buckling that happens at Point 3 leads to the failure of the structure. As shown
in Fig. 21, lots of self-tapping screw connections enter elastic stage due to shear
force or tension force. The self-tapping screw connections enter elastic stage
due to shear force mostly in the middle and bottom pressure area and side
suction area of the structure. The self-tapping screw connections enter the
plastic stage due to shear force is mostly in the middle and bottom pressure area.

Load factor K

Based on the finest Model-3 of SCT structure with 90 m height and G, grid
size, the stiffness state of the screwed connections and stress state in the panels
were studied. Three points are plotted on the L-4 curves (Fig. 19) of SCT with
90 m height and G, grid size. Point 1 is the upper limit of the linear stage of the
structure. Point 2 corresponds to the critical load factor. Point 3 is the end point

of the calculation.
Fig. 20 shows the stress distribution of the panels of SCT corresponding to

21>60
8-
6 2 o
3
°1
4}t
2-
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Displacement (m)

Fig. 19 Load-displacement curves of SCTs with 90 m height and G grid size
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Fig. 21 The self-tapping screw connections at plastic stage

3.5.2. Results of parametric stability analysis

The whole load-displacement curves are shown in Fig. 22. For each height
grid size, two models with and without skin were calculated. The solid lines in
the figures are obtained by Model 3 with skin panels, and the dashed line is
obtained by Model 1 without skin panels. The ultimate bearing capacity of the

capacity, as shown in Fig. 24.

Table 3
Parameter scheme for height and grid size
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skinned structure is represented by K.,, and the ultimate bearing capacity of the
unskinned structure is represented by K.,’, as shown in Fig. 23 and Table 4. The
change law of K, /K.’ which can reflect the skinned effect on the bearing

Height Grid size Air inlet size Throat size Air outlet size
H(m) NixNr (m’) (m?) (%)
Gi 25x72 3.37%2.89 3.37x1.69 3.37x1.81
G 21%60 4.01x3.47 4.01%2.03 4.01x2.17
% Gs 17x40 4.95x5.21 4.95x3.05 4.95x3.26
Gs 15x36 5.61x5.78 5.61x3.39 5.61x3.62
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Gs 13x30 6.48%6.94 6.48%4.06 6.48x4.34
Gs 11x24 7.65%8.68 7.65%5.08 7.65%5.43
Gi 3572 2.9x2.96 2.9x2.10 2.9x2.20
G 31%60 3.27x3.56 3.27x2.52 3.27x2.64
Gs 27%50 3.76x4.27 3.76x3.01 3.76x3.17
130
Gs 25%40 4.06%5.34 4.06%3.79 4.06%3.96
Gs 21x36 4.83x5.93 4.83x4.21 4.83x4.40
Gs 17x24 5.97x8.89 5.97x6.31 5.97%6.60
Gi 55%72 3.00%4.95 3.00x2.97 3.00%3.05
G 45%60 3.67%5.94 3.67x3.56 3.67%3.66
Gs 35%50 471x7.13 4.71x4.27 4.71x4.39
180
Gs 33x48 5.00x7.43 5.00%4.45 5.00%4.57
Gs 25%40 6.60x8.91 6.60x5.34 6.60%5.49
Gs 21x36 7.86x9.90 7.86%5.94 7.86%6.10
Gi 4580 421%6.91 421x5.45 4.21%5.60
G 3572 5.41x7.68 5.41%6.06 5.41%6.23
0 Gs 33%60 5.74x9.22 5.74x7.27 5.74x7.47
Gs 29%50 6.53x11.06 6.53x8.73 6.53x8.97
Gs 25x48 7.58x11.52 7.58%9.09 7.58x9.34
Gs 21x40 9.02x13.83 9.02x10.91 9.02x11.21
m Load factor K Load factor K
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Fig. 22 Load-displacement curves of SCTs with different heights and grid sizes
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It can be concluded that at the same height, as the grid size increases, K.,
and K.’ decrease, and K./K.,' represents the skinned effect on the ultimate
bearing capacity. The grid size becomes larger, and K,,/K,,’ gradually increases,
indicating that as the grid becomes larger, the skinned effect on the bearing
capacity gradually increases.

Table 4
Ultimate bearing capacity of SCTs with different heights and grid sizes
Height H (m) Grid size NixNy Ker Ke+' Kol Ke!
G 25x72 7.58 4.88 1.55
G2 21x60 6.74 3.92 1.72
Gs 17x40 5.16 3.52 1.47
90
en 15x36 5.03 3.14 1.60
Gs 13x30 4.53 2.47 1.83
Gs 11x24 3.64 2.02 1.80
G 35x72 5.84 3.87 1.51
G2 31x60 5.03 3.20 1.57
Gs 27x50 4.56 2.67 1.71
130
Ga 25x40 4.02 2.39 1.68
Gs 21x36 3.75 2.14 1.75
Gs 17x24 3.11 1.85 1.68
G 55%72 5.57 345 1.61
180 G2 45%60 4.96 2.78 1.78

Gs 35%50 4.24 221 1.91
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Ga 33x48 4.01 1.99 2.02
Gs 25x40 3.85 1.77 2.18
Go 21%36 3.67 1.51 243
Gi 45x80 4.35 3.54 1.23
G 35%72 3.63 3.45 1.05
G 33x60 3.26 3.07 1.06
220
G 29%50 3.06 2.62 1.17
Gs 25%48 2.98 2.33 1.28
Go 21%40 2.82 2.07 1.36

The following table 5 is the comparison of the maximum displacement of
cooling towers with different grid sizes at the height of 90 m. It indicated that
the maximum displacement of the structure decreased with decreasing grid size.
However, the stiffness increased with decreasing grid size. Comparing the
maximum displacement of skinned and non-skinned SCTs with the same grid,
the maximum displacement of the skin structure is smaller than that of the non-
skinned structure, because the overall skin panel on SCTs increases the stiffness
and reduces the displacement. Compared with the reduction ratios of the
maximum displacement, it can be seen that when the grid size is smaller, the
reduction ratio of the maximum displacement is larger. As the mesh size
becomes larger, the reduction ratio gradually decreases, indicating that the
denser the mesh, the denser the skin panel, and the stronger the skinned effect,
the greater the increase in structural stiffness.

Table 5
Comparison of maximum displacements of 90 m SCTs (m)

Grid size
Models
Gi G G3 Ga Gs Go
Skinned structure 1.65 2.01 3.34 4.61 4.74 4.97
Non-skinned structure 2.13 2.49 3.78 5.21 5.45 5.79
Reduction ratio 29.1%  23.1% 13.2% 13.1% 15% 16.5%

4. Wind tunnel test and wind-induced response analysis of hyperbolic
SCT structures

4.1. Wind tunnel test

At present, the wind tunnel test is currently the most commonly used
method for obtaining wind loads in the field of wind engineering. It is relatively
easy to implement and measure and can provide a design basis before building
construction. The wind tunnel test was conducted in the wind tunnel and wave
trough joint laboratory of the HIT. The size of the test model was designed
according to the actual parameters of the 220m SCT structure under design in
Zhaozhuang, Shanxi province of China (see Fig. 25(a)). The scale ratio is 1: 250
according to the requirements of the wind tunnel laboratory. The wind tunnel
test model is made of an acrylic sheet (Plexiglas sheet) and a plastic sheet, as
shown in Fig. 25(b). Table 6 lists the specific dimensions of the cooling tower
model and prototype.

559
b
b <
2
| 784 |
1 1

(a) The size of the test model
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Table 6
Cooling tower prototype and model dimensions

SCT H hi (m) D (m) h> (m) D:> (m) hs; (m)  Ds(m)

Prototype 220 30.5 179.3 176 138.9 220 142.7
Test model 0.88 0.122 0.717 0.704 0.556 0.88 0.571

The arrangement of measuring points considers both external pressure and
internal pressure. The external and internal pressure measuring points were
evenly arranged along circumferential direction and the meridional direction of
the test model. The total number of measurement points arranged on the test
model was 372, as shown in Fig. 26.

In this paper, the Reynolds number effect was simulated by changing the
surface roughness. There are mainly two simulation methods, one is sticking
tape on the surface, and the other is sticking sandpaper on the surface. 36 pieces
) of tape or sandpapers at a distance of about 6mm were pasted on the outer
(b) Picture of the test model surface of the cooling tower model, as shown in Fig. 27. At the same time,
considering that the inner steel members of the SCT structure may have some
influence on the internal pressure, a sponge bar was fixed to the internal surface
of the test model to simulate the internal members. 6x16 strips with 1cm xlcm
specifications were arranged in the ring direction and the meridian direction, as
shown in Fig. 28.

Fig. 25 The test model
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(a) External pressure measuring point (b) Internal pressure measuring point

Fig. 26 The measuring point layout on the test model

Fig. 27 Reynolds number effect simulation Fig. 28 Internal member simulation

(a) A type (b) B type (¢) C type

Fig. 29 Three planform types

In this test, three types of landforms, A type, B type, and C type, were landform types are shown in Fig. 29. According to the landform type, the
considered. The passive simulation method was used for wind field simulation roughness of the inner and outer surfaces, and a total of 18 measurement
by placing spikes, baffles, rough elements, and carpets. The pictures of the three conditions have been set, as shown in Table 7.
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Table 7
Measurement conditions

318

Conditions Landform type Inner members Outer roughness simulation
1 Smooth
2 Yes Tapes
3 sandpapers
4 A Smooth
5 No Tapes
6 sandpapers
7 Smooth
8 Yes Tapes
9 sandpapers
10 B Smooth
11 No Tapes
12 sandpapers
13 Smooth
14 Yes Tapes
15 sandpapers
16 ¢ Smooth
17 No Tapes
18 sandpapers

The wind pressure values at different heights under different working
conditions were obtained. The average wind pressure coefficient of the test
models with smooth surface, tapes on the surface, and sandpapers on the surface
were compared with the standard curve in the cooling tower design code %), as
shown in Fig. 30. In order to compare the changes of wind pressure on the
cooling tower surface under different wind speeds, three wind speed were
carried out in the test. The model with adhesive tape on surface was taken as an
example. The average wind pressure coefficients of the test model under
different wind speeds were shown in Fig. 31. It can be obtained that: changing
the surface roughness has a greater influence on the extreme value of the wind
suction; the width of the wind suction area at the leeward side of the structure;
the wind pressure coefficients obtained by the model setting surface tapes is

wind pressure distribution coefficient
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Fig. 30 Comparison of wind pressure coefficient at throat height
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closer to that in the cooling tower design code °

little effect on the wind pressure coefficient.

Fig. 32 is a comparison diagram of the internal pressure at different heights
under two working conditions: smooth inner surface and sponge surface. It can
be obtained that the internal pressure coefficient obtained by the test is slightly
larger than that in the cooling tower design code ), and the internal pressure
gradually increases with decreasing height. The internal pressure value at the
bottom measurement point is more unstable, and the suction point appears on
the leeward surface. By comparing the test models with smooth internal surface
and internal surface sticking sponge strips, the internal sponge strip has a certain
effect on the wind pressure value of the internal wind field, and it is not much
different from the values in the cooling tower design code */,
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Fig. 31 Comparison of average wind pressure coefficients at different wind speeds
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4.2. Wind-induced response analysis of SCT structures and frequencies of the structure were extracted according to the Model 3,
established previously. The following Table 8 gives the main several mode

First, the dynamic characteristics of the structure, including the mode shape shapes, frequencies, and mode characteristics of the SCT structure considering

and frequency, were analyzed. The SCT structure with A = 220 m, grid size 45
x 80, and panel thickness of 2 mm was taken as an example. The first 40 modes

the skinned effect.

Table 8
Mode shapes and frequencies of SCT structures
Order 1,2 3,4 11,12 17,18 33,34
Frequency 0.67 0.70 0.98 1.17 1.66

Shape characteristics 4 toroidal harmonics 3 toroidal harmonics

Mode shape

4 toroidal harmonics;
3 vertical harmonics

3 toroidal harmonics;
2 vertical harmonics
tilt

Hoop compression Vertical compression

The hyperbolic tower is symmetric, and the mode shapes of the structure
appear in pairs. From the frequency results, the first few modes of the structure
mainly show a combination of several ring harmonics and vertical harmonics;
the first few modes are symmetrical deformation and lower frequency; more
complex modes appear after the 15th order, and there is a lateral tilt under the
combination of hoop harmonics and vertical harmonics; vertical compression
modes appear only after the 30th order. It shows that the torsional stiffness and
lateral stiffness of the hyperbolic cooling tower are small, while the vertical
stiffness is large.

The wind load time-history data obtained from the wind tunnel test is
interpolated and encrypted to investigate the wind-induced response of
hyperbolic SCT structures. The wind load data is interpolated by the POD
method based on the wind tunnel test points. The wind pressure data for a total

—=— Standard deviation
—+— average value
bu

90

Displacement (m

——
DENOOOIENOoONE D0
T

210 330

270

(a) Vertex displacement

of 3600 points are obtained, which is the same as the node number in the SCT
structure model. The wind load data at each point position is imported into the
model to carry out the transient dynamic analysis. The loading time interval is
converted to 0.1s according to the sampling frequency of the wind tunnel test.
The displacement time history of each node of the structure can be obtained.
The displacement distribution of the nodes along the circular direction at the top
of the tower and the nodes at 0° meridians along the height were plotted, as
shown in Fig. 33. The above figures show that the displacement response of the
tower top is the lagest and basically symmetrical along the horizontal axis. The
displacement in the leeward area is small. Along the meridian direction, the
displacement increases moderately with the increasing height, reaches a peak at
the left and right positions of the throat, and then decreases a little.

Displacement (mm)
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Fig. 33 Distribution of ddisplacement response

The wind vibration factor is usually represented by the ratio of the
structure's maximum response to its average response, which can reflect the
amplification effect on the turbulent wind. This paper mainly solves the wind
vibration factors, and defines the wind vibration factors of a point as the ratio
of the maximal displacement response to the average displacement response of
the point. After extracting the displacement time history of, the average and
standard deviation of the displacement can be obtained. Therefore, the
displacement wind vibration factor G, can be obtained by the following
formula:

= Kmar _ Ox
O e e ©

among them, G, is the displacement wind vibration factor at a certain position
of the structure and X, , Xy 0, are maximum, average, and standard
deviation vibration displacement response of the wind vibration displacement
of the structural at position; g is the crest factor of the structural displacement
response, which is generally taken as 3-4 according to related theories, and 3 is
taken in this paper.

The SCT structure is more complex and has more nodes. This paper only

gives the displacement wind vibration factors at several angles, as shown in
Table 9 below. The meridional and annular directions are plotted to more clearly
reflect the distribution of the wind vibration factors. The change law of the wind
vibration factors along the vertical and circumferential direction of the SCT
structure with a height of 220 m is shown in Fig. 34 which shows that the wind
vibration factors are symmetric along the horizontal direction.

Table 9
Value of the wind vibration factor (H = 220 m)
Angle
Parameter Height 4 (m)
45° 90° 135° 180°
219.45 2.04 2.36 2.48 2.68 3.06
173.14 1.89 2.28 2.46 2.78 3.07
Wind vibration
126.83 2.12 2.36 2.49 2.61 291
factor G
84.73 2.25 2.55 2.66 2.83 2.73
46.84 2.51 2.72 2.82 2.53 2.47
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Fig. 34 Wind vibration factors along the vertical and circumferential direction

5. Conclusions

A series of shearing tests was conducted on the self-tapping screwed
connections to investigate the connection performance. The L-4 curves of
specimens with different plate thicknesses and screw diameters were obtained
and analyzed. Two ductile failure modes and one brittle failure mode happened
during the test.

Based on experimental shear stiffness curves of self-tapping screw
connection, three FE models of steel hyperbolic cooling towers with and
without skin panels were established. By comparing the results of the three
models, it is found that the stability behavior of SCT structure obtained by threw
modes is much different. The ultimate load factor a, of Model-3 of 90 m SCT
structure with spring connections is 2.65, which is about 2 times a, of Model-1
without skin panels. a, of Model-2 with rigid connections is 1.60 times that of
Model-3 with a spring connection. Based on the parametric analysis of SCT
structures, the stability behavior of SCT structure can be significantly improved
by considering the skin effect, and as the grid size increases, the skinned effect
on the ultimate bearing capacity increase gradually.

Based on the wind tunnel test, changing the surface roughness has a greater
influence on the extreme value of the wind suction area and the width of the
leeward suction area. The wind pressure coefficients obtained by the model
setting surface tapes are closer to that in the cooling tower design code.
Changing wind speed has little effect on the wind pressure coefficient. By
comparing the test models with smooth internal surface and internal surface
sticking sponge strips, the internal sponge strip has a certain effect on the wind
pressure value of the internal wind field. The wind vibration factors are
symmetric along the horizontal direction.
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