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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This research presents experimental and finite element (FE) investigations of hexagonal concrete-filled steel tubular 

(HCFST) slender columns. Firstly, a uniform axial load is applied to eight HCFST columns, with four of them being short 

columns and the others remainder slender. The experiments aim to study the impact of both the cross -section and concrete 

strength on the strength and behavior of HCFST slender columns. Secondly, HCFST slender columns are analyzed using 

the FE program (ABAQUS). Validation of the FE analysis in terms of strength and behavior is conducted using the 

present experimental tests and previous research. The strength and behavior of HCFST slender columns are further 

explored using a series of parametric studies, including columns' height, concrete strength ( fc), steel cross-section 

thickness (t), and steel strength (fy). The results show that increasing the values of t, fc, and fy increases the ultimate 

capacity load of HCFST slender columns. Additionally, the maximum value of λ is identified to be almost equal to 18, 

indicating the threshold distinguishing short HCFST columns, and after this threshold, the columns are classified as 

slender. Lastly, a comparison is drawn between the results obtained from the experimental and FE models and the 

standards obtained in the AISC and EN 1994-1-1 (EC4) codes. The analysis reveals that EN 1994-1-1 (EC4) yields 

non-conservative results for steel tubes with small thicknesses, whereas AISC tends to give more conservative results 

across all HCFST slender columns. It is therefore recommended to adhere to the AISC specification for steel tubes with 

small thicknesses up to 4mm and to use EC4 for other thicknesses exceeding this limit.  
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1.  Introduction 

 

Generally, composite columns consist of concrete as the compression 

element, while steel members at the external perimeter are considered the best 

elements to withstand tension and bending moments. The presence of the 

concrete component within the steel tube effectively mitigates local buckling 

by providing resistance compressive loading. Concrete-filled steel tubing 

(CFST) columns have found extensive application in various structures such as 

transmission towers, bridges, multi-story buildings, and storerooms. As 

depicted in Fig. 1, the shapes of CFST columns include rectangular, square, 

circular, elliptical, and more recently, octagonal and hexagonal shapes. The 

main advantages of using CFST columns were: economy, increased strength, 

greater ductility, higher stiffness, higher energy absorption capacity, and 

reduced construction time and cost [1]. 

Circular CFST columns perform significantly better than their square or 

rectangular counterparts due to the more uniform confinement effect 

experienced by a circular CFST column than on a square or rectangular 

cross-section [2]. The cross-sections of CFST columns can vary, encompassing 

shapes such as octagonal [3–6], hexagonal [1, 7–10], round-ended [11–14], and 

elliptical [15–19] shapes. These shapes have been extensively studied to 

enhance bearing capacity and simplify connections to neighboring beams. 

A new cross-section for CFST columns, termed square concrete-filled 

double steel tubular (CFDST) columns, has been introduced. This design 

incorporates an inner circular tube, aiming to combine the advantages of square 

and circular CFST columns, as described in references [3, 20]. Researchers 

have tested square CFDST columns under various loads to assess their 

structural performance [21–25].  

Conversely, slender columns have been extensively studied, including 

circular, square, and oval specimens. Dundu [26] examined the behavior of 29 

squares of CFST under concentric axial compression. Overall, buckling was 

identified as the predominant failure mode for column lengths ranging between 

1.5 and 2.7 m. Dai et al. [27] conducted numerical forecasts in conjunction with 

experimental observations of 18 CFST elliptical columns, verifying the 

accuracy of the FE. The failure mechanisms observed in the slender CFST 

columns were global buckling, as established through both experimental and 

numerical modeling. Ahmed et al. [28] studied numerical models to identify 

local and global buckling in CFDST columns, proposing a design methodology 

for calculating the ultimate load. Wang et al. [29] conducted tests on 13 HCFS 

corner columns under axial or eccentric compression, proposing equations to 

predict load capacity and providing insights for safe design predictions. 

According to the aforementioned, previous studies concentrated on 

studying the behavior of short CFST columns, with very limited investigation 

into CFST slender columns with oval, circular, and square cross-sections. 

However, it is worth noting that there was limited availability of experimental 

or theoretical investigations regarding the behavior of CFST slender columns 

with hexagonal cross-sections, except for the findings presented in reference 

[29]. 

Recently, only one study has appeared examining slender columns of 

hexagonal cross-section subjected to eccentric compression [29]. 

Therefore, the authors believed that this research would complete the study 

of the behavior of slender columns with a hexagonal cross-section using 

practical experiments exposed to an axial load. At the end of the experimental 

study, the ABAQUS program was used to develop the FE model. The FE model 

was verified by using the results of experiments. Then, the proposed FE model 

was used in the parametric study, which examined the impacts of column height 

(H), steel cross-section thickness (t), concrete strength (fc), steel strength (fy),  

and slenderness ratio (λ) on the efficiency of HCFST slender columns. Finally, 

the results of the FE model study and experimental tests were compared with 

the guidelines outlined in the AISC and EN 1994-1-1 (EC4) codes.   

 

 

Fig. 1 Shapes of CFST columns 

 

2.  Laboratory investigation 

 

2.1. Stage of pre-loading 

 

CFST columns with hexagonal shapes were tested. The experimental 

program contained eight test specimens of HCFST columns, including four 

specimens of HCFST short columns (HCSS1, HCSS2, HCSS3, and HCSS4) 

and four specimens of HCFST slender columns (HCFST1, HCFST2, HCFST3, 

and HCFST4). The dimensions of tested columns were represented as [D× B  × 
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t], with the height denoted as [H], (θ) of the cross-section 120o,  and the 

calculated value a = D/2, with the steel column's thickness [t]; please refer to 

Table 1. Definitions for (B, D, θ, and a) were provided in Fig. 2. Additionally, 

Table 1 presents the peak axial strength (Pul,Test) of tested columns. The 

concrete had a strength of 30.25 MPa. Steel plates were bent to create the 

hexagonal steel tubes, which were then butt-welded at the corners of both 

ends. Fig. 2 depicts the location of the butt welds along the column length. To 

monitor the failure mode and prevent rusting of the steel outer surface, the 

exterior of the steel columns' was treated and painted with gray paint. Initially, 

the end bearing plate and hexagonal steel tube were welded together. Then, 

concrete was cast from the other side of the columns. The upper surface of the 

concrete was leveled to be on the same surface plane as the steel column. 

Concurrently, the standard concrete cube tests were performed. 

After casting, the columns were covered with wet burlap on the upper 

surfaces to prevent water loss. The top surfaces of the columns were regularly 

watered. Additionally, the standard concrete cubes were treated in a similar 

manner as the HCFST columns. 

Finally, the other side of the column was covered with plates that were 

welded to the higher surfaces of the HCFST columns. 

 

 

Fig. 2 Definition of symbols and position of butt weld for HCFST columns 

 

Table 1  

Tested columns' measurements and ultimate loads 

Specimen a[mm] H[mm] D[mm]  B[mm] t[mm]     θ     PuExp[KN] 

HCSS1     80    500  160  138.56    3      120o   894.54 

HCSS2     80    500   160  138.56    3      120o    868.53 

HCSS3    100    620                   200  173.21    3      120o 1178.61 

HCSS4    100    620                  200  173.21    3      120o 1388.73 

HCFST1   80    1494                  160  138.56    3      120o 771.63 

HCFST2   100   1494                  200  173.21    3      120o 1023.57 

HCFST3   80    1094                  160  138.56    3      120o 879.75 

HCFST4   100   1094                  200  173.21    3      120o 1100.07 

 

2.2. Stage measurements and loading 

 

The concrete mix specifications are detailed in Table 2. Prior to testing, the 

mechanical properties of both steel and concrete cubes were examined using 

standard methods. Concrete cubes measuring 150mm x 150mm x 150mm 

underwent compression testing according to the procedures outlined in the 

Egyptian Code [30]. The recorded results of cubic strength [fcu], Young's 

modulus of the concrete [Ec], and Poison's ratio [νc] were presented in Table 3. 

The coupon dimensions of steel plates, corresponding to the Australian 

Standard AS 1391 [31], were depicted in Figs. 3 and 4. Fig. 5 illustrates the 

mode of failure observed in the tested plate. The results of the material 

properties of the steel plates' yield strength [fy], tensile strengths [fu], Young's 

modulus [Es], and Poison's ratio [νs] were listed in Table 4 and plotted in Fig. 6. 

A hydraulic machine applied a 2000 kN axial compression to the test column. 

The column was stabilized to ensure that the applied load acted uniformly as 

axial compression. To prevent out-of-plane buckling, a transverse beam was 

used at mid-height. The two-end boundary conditions of the columns were 

depicted as hinged supports, as depicted in Fig. 7. To ensure accurate 

measurement of deformation, four mechanical LVDTs were positioned: two for 

measuring axial shortening and the others for measuring lateral displacement of 

the columns', as outlined in Figs. 7 and 8. Additionally, four strain gauges were 

installed at the midpoint of the two opposing side surfaces of steel tube for the 

slender columns made of hexagonal concrete-filled steel tubing (HCFST). At 

the midpoint of the columns' height, strain gauges were positioned: two in 

tension and two in compression, one vertically and the other horizontally. The 

axial load was acted upon the upper surface of the rigid steel plate by a 

hydraulic cylinder in increments of 20 kN up to 30% of the design load and then 

unloaded. Subsequently, the load was gradually applied until failure was 

observed. With every increase in load, readings from the strain gauges and 

LVDTs were recorded. 

 

Table 2  

Concrete mix design 

Cement[Kg/m3]    Water[Kg/m3]  Sand[Kg/m3] Aggregate[Kg/m3] 

     350          150             650   1300 

 

Table 3  

Properties of concrete 

        fcu [Mpa]                 Ec [Mpa]   νc 

         30.25                  22970.76 0.23 

 

 

Fig. 3 Tensile coupon test specimen setup 

 

 

Fig. 4 Dimensions of the test specimen for tensile coupons in mm [31] 

 

 

Fig. 5 Failure mode of tensile coupon test specimen 

 

 

Fig. 6 Steels stress-strain curve 

 

 

Fig. 7 Test set-up of test specimens 
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Fig. 8 Strain gauges and LVDTs on the slender columns 

 

Table 4  

Measured steel properties 

      fy [Mpa]        fu [Mpa]            Es 

[Mpa]   

νs 

      329.799    405.056           200000 0.29 

 

2.3. Results of the experiments and discussion 

 

The results of specimens HCFST1, HCFST2, HCFST3, and HCFST4 of 

HCFST slender columns were previously outlined in Table 1. The axial 

strength (PTest) of each specimen was determined, along with the relationships 

between the loads and lateral displacement, axial shortening, vertical strain, and 

horizontal strain. The mode of failure for each column specimen was also 

discussed. Based on the experimental tests, the peak axial strength (Pul,Test) of 

the tested columns HCFST1, HCFST2, HCFST3, and HCFST4 was 771.63 kN, 

1023.57 kN, 879.75 kN, and 1100.07 kN, respectively. Additionally, the axial 

shortening at the peak strength was recorded as 6.69, 11.86, 10.12, and 10.06 

mm, respectively.  

The average load-axial shortening relationships of HCFST slender 

columns are described in Fig. 9. The current results prove that the shortening 

values increase with increasing load values. Furthermore, an increase in the 

columns' cross-sectional dimensions results in higher ultimate load values for 

HCFST-slender columns. However, it was seen that shortening the height of 

HCFST slender columns also contributes to an escalation in the ultimate load 

values.  

 

Fig. 9 Load-axial shortening relationships average of LVDT1 and LVDT2 for HCFST 

 

The load- horizontal displacement relationships of the HCFST slender 

columns are depicted in Fig. 10. It was observed that the load values increased 

with the lateral displacement values. Additionally, increasing the 

cross-sectional dimensions of the HCFST slender columns' resulted in higher 

ultimate load values. Moreover, decreasing the height of the HCFST's slender 

columns increases the ultimate load. At the middle height of the HCFST slender 

columns, load-vertical strain and load-horizontal strain were measured and 

plotted in Fig. 11. 

Tension and compression strains were considered positive and negative 

signs, respectively. The vertical compressive strain and horizontal tension 

strain of the HCFST slender columns were observed to be greater than the yield 

strains of their constituent materials (Pul,Test). Alternatively, once the vertical 

strain of the HCFST slender columns (HCFST1, HCFST2, and HCFST3) 

reversed from compression to tension, the ultimate axial load was determined. 

Conversely, when attaining the peak load of the HCFST slender columns 

(HCFST1, HCFST2, and HCFST3), the horizontal strain of the columns was 

located within the compression zone. Additionally, significant variations in the 

vertical and horizontal strains of HCFST4 were observed during the initial 

loading period, due to elastic buckling induced by the slender column. The 

distorted shapes of the tested columns are depicted in Fig. 12. The failure 

pattern for the current HCFST slender columns was identified as global 

buckling, which was typically observed in all columns, particularly in column 

HCFST1. However, the details of the global buckling behavior of all types of 

slender columns are illustrated in Fig. 12. 

 

 

Fig. 10 Load- horizontal displacement relationship average of LVDT3 and LVDT4 for 

HCFST 

 

 

 

Fig. 11 Load-vertical strain and load-horizontal strain relationships for HCFST  

slender columns 

 

 

Fig. 12 Distorted shape of HCFST slender columns 

 

3.  Finite element model [FE] 

 

3.1. Overall 

 

The program ABAQUS [32] was utilized to develop the present FE models. 
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The modeling procedure comprised two steps. Initially, the buckling mode of a 

perfectly slender column was determined using an elastic buckling analysis 

referred to as a linear perturbation analysis. In the next stage of the analysis, the 

HCFST slender columns were loaded through axial compression, determining 

the peak loads and collapse manner. This analysis incorporated material 

plasticity strains and geometric imperfections in accordance with the first Eigen 

mode; RIKS method described in ABAQUS [32]. The model included discrete, 

rigid upper and lower-end plates, each equipped with a reference point (RP) 

positioned mid center. These RP’s were provided with the boundary conditions, 

with the vertical load concentrated atop the upper-end plate. Various 

restrictions were applied at the RPs to simulate pin-ended supports. The lower 

RP exhibited restraints (ux= uy= uz= θz = 0.0), while the top RP exhibited 

restraints (ux= uy= θz = 0.0), as shown in Fig. 13 and previously discussed in 

detail by the first author in [33]. Furthermore, the optimal mesh size was 

determined through mesh sensitivity analysis, yielding a mesh size of 50mm, as 

depicted in Fig. 14. The tube was modeled using the shell element with a 

three-node triangular shape S3 [32]. The concrete was modeled using the 

three-dimensional solid element C3D4, with a four-node linear tetrahedron 

shape [32]. Surface-based interactions were used to replicate the interaction 

between the tube and the concrete. This was achieved using a Coulomb friction 

model in the tangential orientation on the surface, coupled with a contact 

pressure-over-closure model in the normal orientation. The steel and concrete 

surfaces were designated as slave and master surfaces, respectively. As 

reported by Hassanein et al. [34], the friction coefficient between concrete and 

steel tube was identified as 0.4. Furthermore, the interaction between the end 

plates and the concrete was considered to possess the same properties as 

described above. Additionally, as shown in Fig. 13, all end plates were 

connected to the tube using the "tie" constraint, as defined in ABAQUS [32]. 

The stress-strain material of carbon steel was modeled as having bilinear 

relationships, using the yield and peak strength of steel along with linear strain 

hardening characterized by a modulus of 2 GPa. Further details on this topic 

were discussed in the work of the first author [35]. Concrete damage plasticity, 

available in ABAQUS [32], was selected to simulate the behavior of concrete 

infill in HCFST slender columns. The full details regarding the stress-strain 

curve relationships of the infill concrete were provided in [8]. 

 

 

Fig. 13 Load and end conditions on HCFST slender columns 

 

 

Fig. 14 Mesh sensitivity analysis of HCFST slender columns 

 

3.2. Validation 

 

The FE model was verified using the current HCFST slender columns 

experimental investigation. Other tests were used to verify the FE from 

previous research [29, 36]. 

 

3.2.1. Validation of the FE model using present tests 

The experimental and the FE results were compared concerning ultimate 

axial load, load-lateral displacement relationships, load-vertical strain 

relationships, and load-horizontal strain relationships. The ultimate axial 

strength of the experimental (PuExp) and FE (PuEF) results is compared in Table 5. 

It is noteworthy that the average value of (PuEF/PuExp) was 0.98, with a standard 

deviation of (PuEF/PuExp) of 0.038. Therefore, the FE analysis accurately 

predicted the experimental results for ultimate strength. Additionally, Table 5 

compares the strength of FE with the predictions of EC4 (PEC4) and AISC 

(PAISC), which will be discussed in Section 5.1.3. A comparison of the axial load 

against horizontal displacement relationships was also made, as shown in Fig. 

15. It was observed that the FE model closely aligned with the tested results, 

accurately including the overall behavior of the axial load-lateral displacement 

curves, the initial stiffness, and the ultimate axial load. Further comparison was 

conducted between the axial load against vertical strain and the load against 

horizontal strain measured at the middle height position on both the tension and 

compression sides of the column; see Fig. 16. It can be noted that the FE results 

for vertical and horizontal strain closely matched the tested results; initial 

stiffness, ultimate load, and overall curve behavior. According to the 

experimental results, the mode of failure was identified as global buckling; see 

Fig. 17. 

 

Table 5  

Comparison of experimental, FE, and design methods for slender column 

S Exp.  PuExp[KN]  PuFE    PEC4[KN] PAISC[KN]   PuFE 

/PuExp      PuExp[KN] 

PEc4 /PuExp   PAISC/PuExp       

 HCFST1  772    774                   586       517       1.00  0.76       0.67 

 HCFST1  1024   1015                   917       873       0.99  0.90       0.85 

 HCFST1  880    862                   586       546       0.98  0.67       0.62 

 HCFST1  1100   1052                   917       843       0.96  0.83       0.74 

  Mean                     0.98   0.79       0.72 

 Deviation from the mean                      0.038  0.098      0.099 

 

 

 

Fig. 15 load-lateral displacement relationship for HCFST slender columns 

 

 

 

Fig. 16 Load-vertical strain and load-horizontal strain relationships for HCFST 
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Fig. 17 Mode of failure FE and test results for the HCFST1 slender column specimen 

 

3.2.2. Verification of results: FE and Reference [29] 

The FE was validated using the experimental results from reference [29]. 

Three CFST slender hexagonal column specimens were used in this validation, 

all sharing sectional dimensions (B = 100 mm and t = 3.95 mm); see Fig. 18. 

Table 6 presents the geometric properties (B, t, height of column H, θ) and 

material properties (steel yield strength (fy) and cubic strength of concrete (fcu)) 

listed. 

Comparison with the testing results, including experimental axial strength 

(PuExp), FE axial strength (PuFE), and (PuFE/ PuExp), is depicted in Table 6. The 

arithmetic mean of (PuFE/ PuExp) was 0.93, with a deviation from the mean of 

0.05, indicating a close alignment between the FE experimental axial strengths. 

Fig. 19 presents another comparison of the axial load against lateral deflection 

relationships at middle height. Consequently, the FE model accurately 

predicted the experimental results by accounting for the overall behavior of 

columns, lateral deflection curves, initial stiffness, and ultimate load. 

 

Table 6  

Dimensions and experimental and FE results for HCFST slender columns 

S Exp.  B[mm]   t[mm]   H[mm]  fcu[MPa]  fy    PuExp 

PuExp[KN] 

   PuFE     PuFE /PuExp       

HCFT1-0a  100   3.95                    1500   89  278.7  2282.8  

1.00 

  2004.9       0.88 

HCFT1-0b  100   3.95                   1500    89  278.7  2052.4   2004.9       0.98 

HCFT3-0   100   3.95                   2000    89  278.7  2357.6            2158.2       0.92 

Mean                                  0.93 

Deviation from the mean                                  0.05 

 

 

Fig. 18 Dimension of HCFST Ref [29] 

 

 

Fig. 19 Axial load–Lateral deflection at mid-height curve for specimens Ref [29] 

 

3.2.3. Validation of the results: FE and Reference [36] 

The FE was validated using the experimental results provided in reference 

[36]. Nine CFST slender circular columns [36] were used, with all specimens 

having a sectional diameter of (D = 108 mm and t = 4.5 mm), with different 

values of effective lengths [Le] and slenderness ratios [λ], as detailed in Table 

7. Additionally, the material characteristics (steel yield strength (fy) and 

compressive strength of concrete (fc’)) were listed in Table 7. The 

correspondence between the experimental strength (PuExp) and the FE strength 

(PuFE) is illustrated in Table 7. The average value of (PuFE/ PuExp) was 0.98, 

with a deviation from the mean of 0.07, indicating a close match between the 

FE ultimate load and the experimental results. A comparison of the axial load 

against lateral displacement relationships at middle height is illustrated in Fig. 

20. Consequently, the FE model demonstrated a close correspondence with 

the experimental results concerning the overall behavior of columns, lateral 

displacement curves, initial stiffness, and ultimate load. 

The FE model yielded satisfactory results concerning the experimental 

data of the slender concrete-filled columns mentioned above. Consequently, 

the FE model of HCFST slender columns could be used to simulate the next 

parametric study. 

  

Table 7  

Details and comparison of experimental and FE results Ref. [36] 

S Exp.   D[mm]  t[mm]   Le[mm] fc[MPa]    fy    PuExp 

PuExp[KN] 

   PuFE     PuFE /PuExp       

 sc154-3     108    4.5                    4158   37.4    348  298  

1.00 

   291        0.98 

 sc154-4     108    4.5                    4158   37.4    348  280  

1.00 

   291        1.04 

 sc149-1     108    4.5                    4023   37.4    348  318  

1.00 

   297        0.94 

 sc149-2     108    4.5                    4023   37.4    348  320  

1.00 

   297        0.93 

 sc141-1     108    4.5                    3807   25.4    348  350  

1.00 

   377        1.07 

 sc141-2     108    4.5                    3807   25.4    348  370  

1.00 

   377        1.02 

 sc130-1     108    4.5                    3510   25.4    348  400  

1.00 

   396        0.99 

 sc130-2     108    4.5                    3510   25.4    348  390  

1.00 

   396        1.02 

 sc130-3     108    4.5                    3510   37.4    348  440  

1.00 

   364        0.83 

  Mean                                  0.98 

  Deviation from the mean                                  0.07 

 

 

 

Fig. 20 Axial load–Lateral displacement at mid-height curve for specimens Ref [36] 

 

4.  Parametric study 

 

In this part, a parametric study was conducted to simulate the behavior of 

HCFST slender columns utilizing the model described in the preceding 

section. The variables of the parametric study were the steel's cross-section (D 

× B), steel's cross-sectional thickness (t), height of HCFST slender columns 

(H), (θ of the cross-section 120o), (a = D/2) and slenderness ration (λ), as 

detailed in Tables 8 and 9. Additionally, Tables 8 and 9 presented the details 

on the steel columns' yield, ultimate (fy and fu), nominal compression strength 

of concrete, and the peak load of the FE PulFE. In this study, an initial 

imperfection of (L/1000) was considered. Young's modulus and Poison's ratio 

of Es = 200 GPa and νs = 0.3 were respectively adopted and used. 

 

4.1. Slenderness ratio (λ) 

 

The steel cross-section of dimensions D × B × t (600 × 519.62 × 6mm), 

yield (fy) and ultimate (fu) strengths of the steel columns (275 and 430 MPa, 

respectively), and the  nominal compression strength of concrete (fc = 25 
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MPa) were examined in this study. Examinations were conducted across 

various column slenderness ratios (λ) ranging from 7.30 to 182.60, as detailed 

in Table 8. Therefore, a comprehensive comparison was made between very 

long columns that failed owing to elastic buckling and short-height columns 

that failed owing to inelastic buckling. The relationship between peak axial 

strength (PulFE) and the cross-sectional strength (PHassanein) [8] for different 

slenderness ratios (λ) is depicted in Fig. 21. 
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Where As was a steel section area, Ac was a concrete section area, and 

factor, frp, was the confinement pressure of regular HCFST. 

 

DSA
DSI

eL
EC4λ = [37]                             (3) 

                                            

Where Le was the length of the effective buckling, IDS was the HCFST 

column section's moment of inertia, and ADS was the HCFST's cross-sectional 

area.  

Fig. 21 illustrates that as the value of (λ) increased, the peak axial strength 

of the HCFST column decreased. Additionally, it was observed that the 

maximum value of λ, which describes the limit for short HCFST columns was, 

approximately 18. Beyond this limit, the columns were considered slender. 

 

 

Fig. 21 Variation of the slenderness ratio (λ) with the HCFST's relative capacities 

 

4.2. The thickness (t) 

 

In this part, the effect of steel tube thickness (t) was studied. D × B (300 × 

259.81mm) with fy = (235, 275, 355 MPa), fu = (360, 430, 510 MPa), fc = (30, 

40 MPa), and a height of (3000, 4000, 5000, 6000mm) were used. 

Fig. 22 illustrates the relationship between lateral displacement and axial 

load. Generally, the peak axial load decreased as the thickness (t) of the steel 

tube decreased. It was observed that all curves exhibited the same trend. It is 

noteworthy that increasing the thickness of the steel cross-section led to an 

increase in the peak load for HCFST. As shown in Table 9, increasing the 

height of the HCFST resulted in a reduction of the peak axial load. The effect 

of increasing the thickness of the steel tube (t) distinctly influenced the 

enhancement of axial strength for shorter-height columns compared to 

longer-height columns. Therefore, it is recommended to increase the thickness 

of the tube section at short and medium heights.   

 

 

Fig. 22 Load- Lateral displacement relationship for HCFST in case fy= 235MPa  

and fc= 30MPa 

 

4.3. Strength of steel (fy ) 

 

In this part, the influence of steel's strength [fy] was studied. D × B (300 × 

259.81mm) with [t] (4, 6, 8, 10mm), fc = (30, 40 MPa), and a height of (3000, 

4000, 5000, 6000mm) were used. 

The peak axial load results for the HCFST slender columns' were 

presented in Fig. 23. Generally, it was observed that the peak axial load 

increased with increasing values of [fy]. As shown in Table 9, increasing the 

height of the HCFST led to a reduction in the peak load. It was deduced from 

Table 9 that there was an average increase of approximately 15% in the 

ultimate axial load with an increase in yield strength. 

 

 

Fig. 23 Comparison of ultimate axial load for HCFST slender columns in 

case of; (H=3000mm and fc= 30MPa) 

 

4.4. Concrete strength (fc ) 

 

In this part, the influence of concrete strength (fc) was studied. D × B (300 

× 259.81mm) with t = (4, 6, 8, 10mm), fy = (235, 275,355 MPa), fu = (360, 

430,510 MPa) and a height of (3000, 4000, 5000, 6000mm) were used. 

Fig. 24 presents the peak axial load results for the HCFST slender 

columns'. Generally, an increase in the steel cross-section's thickness (t) 

correlates with an increase in the peak axial load for HCFST slender columns. 

It is noteworthy that the peak axial load increases with increasing values of fc, 

as illustrated in Table 9. Moreover, increasing the height of the HCFST leads 

to a decrease in the peak load. In reference to Fig. 24 and the results illustrated 

in Table 9, it is evident that the increase in peak load is clearly observed in the 

short-height column and could be disregarded in the long-height column 

regardless of changes in tube thickness. Therefore, it is recommended that in 

normal concrete, there is no need to increase the concrete strength (fc). 

 

 

Fig. 24 Comparison of ultimate axial load for HCFST slender columns in case of; 

(t=6mm and fy = 235MPa) 

 

4.5. The height (H) 

 

This part studied the impact of height (H). D × B (300 × 259.81mm) with 

fy (235, 275,355 MPa), fu (360, 430,510 MPa), respectively fc (30, 40 MPa), 

and t (4, 6, 8, 10mm) were studied. 

Fig. 25 depicts the relationship between axial load and lateral 

displacement. Generally, the peak load of HCFST slender columns' decreased 

as the height of HCFST increased. However, the decreases in the short-height 

column were large compared to the long-height column. The results indicate 

that the peak load for HCFST increased as the thickness of the steel 

cross-section increased, as indicated in Table 9. 

 

 

Fig. 25 Load- Lateral displacement relationship for HCFST in case fy= 235MPa  

and fc= 30MPa 
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Table 8  

Slenderness of the HCFST columns 

Column  H[mm]       D[mm]  B[mm]      t[mm] a [mm]           fy[MPa]            fc[MPa]       λ            PuFE[KN] 

HC1 1000        600  

                

519.62        6  300             275 

 

           25       7.30    7684 

HC2 2000        600  

                

519.62        6  300             275 

 

           25      14.60    7685 

HC3 3000        600  

                

519.62        6  300             275 

 

           25      21.90    3777 

HC4 4000        600  

                

519.62        6  300             275 

 

           25      29.20 3513 

HC5 5000        600  

                

519.62        6  300             275 

 

           25      36.50 3480 

HC6 6000        600  

                

519.62        6  300             275 

 

           25      43.80 3426 

HC7 7000        600  

                

519.62        6  300             275 

 

           25      51.10 3390 

HC8 8000        600  

                

519.62        6  300             275 

 

           25      58.40 3352 

HC9 9000        600  

                

519.62        6  300             275 

 

           25      65.70 3280 

HC10 10000       600  

                

519.62        6  300             275 

 

           25      73.00 3188 

HC11 11000       600  

                

519.62        6  300             275 

 

           25      80.30 3170 

HC12 12000       600  

                

519.62        6  300             275 

 

           25      87.60    3148 

HC13 13000       600  

                

519.62        6  300             275 

 

           25      94.90 2900 

HC14 14000       600  

                

519.62        6  300             275 

 

           25     102.20 2873 

HC15 15000       600  

                

519.62        6  300             275 

 

           25     109.50 2690 

HC16 16000       600  

                

519.62        6  300             275 

 

           25     116.85 2524 

HC17 17000       600  

                

519.62        6  300             275 

 

           25     124.15 2300 

HC18 18000       600  

                

519.62        6  300             275 

 

           25     131.45 2128 

HC19 19000       600  

                

519.62        6  300             275 

 

           25     138.75 2000 

HC20 20000       600  

                

519.62        6  300             275 

 

           25     146.00 1948 

HC21 21000       600  

                

519.62        6  300             275 

 

           25     153.35 1789 

HC22 22000       600  

                

519.62        6  300             275 

 

           25     160.65 1668 

HC23 23000       600  

                

519.62        6  300             275 

 

           25     168.00 1599 

HC24 24000       600  

                

519.62        6  300             275 

 

           25     175.30 1501 

HC25 25000       600  

                

519.62        6  300             275 

 

           25     182.60 1414 

 

Table 9  

Comparison between FE results and design methods of slender columns 

Column    H[mm] t[mm]       fy[MPa]     fc[MPa]      PuFE[KN] PEc4KN]        PAISC[KN]        PEc4 / PuFE          PAISC / PuFE    

C1      3000  4         235  

                

  30         1814 1539          1372        0.85   0.77 

 C2      3000  6         235 

                

  30         2161 1533          1368           0.71  0.63 

C3      3000  8         235  

                

  30         2603 1528          1364        0.59   0.52 

C4      3000 10         235  

                

  30         3052 1523          1360        0.50  0.45 

C5      4000  4         235  

                

  30         1524 1539          1271        1.01  0.83 

C6      4000  6         235 

                

  30         1887 1533          1267           0.81  0.67 

C7      4000  8         235  

                

  30         2185 1528          1263        0.70  0.58 

C8      4000 10         235  

                

  30         2624 1523          1259        0.58  0.48 

C9      5000  4         235  

                

  30         1277 1538          1152        1.20  0.90 

C10     5000  6         235 

                

  30         1694 1533          1148           0.91  0.68 

C11     5000  8         235  

                

  30         2100 1528          1145        0.73  0.55 

C12     5000 10         235  

                

  30         2515 1523          1141        0.61  0.45 

C13     6000  4         235  

                

  30         1205 1538          1022        1.28  0.85 

C14     6000  6         235 

                

  30         1650 1533          1018           0.93  0.62 

C15     6000  8         235  

                

  30         2023 1528          1015        0.76  0.50 

C16     6000 10         235  

                

  30         2478 1523          1011        0.61  0.41 

C17     3000  4         275  

                

  30         2232 1772          1560        0.80  0.70 

C18     3000  6         275 

                

  30         2484 1767          1556          0.71  0.63 

C19     3000  8         275  

                

  30         2875 1762          1551        0.61  0.54 

C20     3000 10         275  

                

  30         3224 1757          1548        0.55  0.48 

C21     4000  4         275  

                

  30         1686 1772          1428        1.05  0.85 

C22     4000  6         275 

                

  30         2094 1767          1424         0.84  0.68 
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C23     4000  8         275  

                

  30         2466 1762          1420        0.71  0.58 

C24     4000 10         275  

                

  30         3021 1757          1416        0.58  0.47 

C25     5000  4         275  

                

  30         1476 1772          1275        1.20  0.86 

C26     5000  6         275 

                

  30         1984 1767          1271          0.89  0.64 

C27     5000  8         275  

                

  30         2463 1762          1267        0.72  0.51 

C28     5000 10         275  

                

  30         2936 1757          1264        0.60  0.43 

C29     6000  4         275  

                

  30         1429 1772          1110        1.24  0.78 

C30     6000  6         275 

                

  30         1899 1767          1106          0.93  0.58 

C31     6000  8         275  

                

  30         2347 1762          1103        0.75  0.47 

C32     6000 10         275  

                

  30         2879 1757          1099        0.61  0.38 

C33     3000  4         355  

                

  30         2468 2240          1918        0.91  0.78 

C34     3000  6         355 

                

  30         2884 2235          1914          0.77  0.66 

C35     3000  8         355  

                

  30         3413 2230          1910        0.65  0.56 

C36     3000 10         355  

                

  30         3747 2225          1905        0.60  0.51 

C37     4000  4         355  

                

  30         2110 2240          1715        1.06  0.81 

C38     4000  6         355 

                

  30         2580 2235          1711        0.87  0.66 

C39     4000  8         355  

                

  30         3201 2230          1707        0.70  0.53 

C40     4000 10         355  

                

  30         3618 2225          1702        0.61  0.47 

C41     5000  4         355  

                

  30         1946 2240          1485        1.15  0.76 

C42     5000  6         355 

                

  30         2437 2235          1481        0.92  0.61 

C43     5000  8         355  

                

  30         3066 2230          1477        0.73  0.48 

C44     5000 10         355  

                

  30         3609 2225          1473        0.62  0.41 

C45     6000  4         355  

                

  30         1697 2240          1246        1.32  0.73 

C46     6000  6         355 

                

  30         2361 2235          1242        0.95  0.53 

C47     6000  8         355  

                

  30         2746 2230          1238        0.81  0.45 

C48     6000 10         355  

                

  30         3175 2225          1234        0.70  0.39 

C49     3000  4         235  

                

  40         2076 1593          1411        0.77  0.68 

C50     3000  6         235 

                

  40         2489 1586          1406        0.64  0.56 

C51     3000  8         235  

                

  40         2990 1580          1400        0.53  0.47 

C52     3000 10         235  

                

  40         3301 1573          1395        0.48  0.42 

C53     4000  4         235  

                

  40         1818 1593          1305        0.88  0.72 

C54     4000  6         235 

                

  40         2016 1586          1300        0.79  0.64 

C55     4000  8         235  

                

  40         2456 1580          1295        0.65  0.53 

C56     4000 10         235  

                

  40         2656 1573          1290        0.60  0.49 

C57     5000  4         235  

                

  40         1410 1593          1180        1.13  0.84 

C58     5000  6         235 

                

  40         1804 1586          1175        0.88  0.65 

C59     5000  8         235  

                

  40         2181 1580          1171        0.72  0.54 

C60     5000 10         235  

                

  40         2577 1573          1166        0.61  0.45 

C61     6000  4         235  

                

  40         1289 1593          1044        1.24  0.81 

C62     6000  6         235 

                

  40         1701 1586          1039        0.93  0.61 

C63     6000  8         235  

                

  40         2080 1580          1035        0.82  0.55 

C64     6000 10         235  

                

  40         2209 1573          1031        0.71  0.47 

C65     3000  4         275  

                

  40         2273 1827          1598        0.80  0.70 

C66     3000  6         275 

                

  40         2648 1820          1593        0.69  0.60 

C67     3000  8         275  

                

  40         3193 1813          1587        0.57  0.50 

C68     3000 10         275  

                

  40         3479 1807          1582        0.52  0.45 

C69     4000  4         275  

                

  40         2023 1827          1461        0.90  0.72 

C70     4000  6         275 

                

  40         2245 1820          1456        0.81  0.65 

C71     4000  8         275  

                

  40         2577 1813          1451        0.70  0.56 

C72     4000 10         275  

                

  40         3115 1807          1446        0.58  0.46 

C73     5000  4         275  

                

  40         1727 1827          1301        1.06  0.75 

C74     5000  6         275 

                

  40         2027 1820          1296          0.90  0.64 

C75     5000  8         275  

                

  40         2489 1813          1292        0.73  0.52 
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C76     5000 10         275  

                

  40         2988 1807          1287        0.60  0.43 

C77     6000  4         275  

                

  40         1439 1827          1130        1.27  0.79 

C78     6000  6         275 

                

  40         1963 1820          1125        0.93  0.57 

C79     6000  8         275  

                

  40         2429 1813          1121        0.75  0.46 

C80     6000 10         275  

                

  40         2963 1807          1117        0.61  0.38 

C81     3000  4         355  

                

  40         2543 2295          1955        0.90  0.77 

C82     3000  6         355 

                

  40         3122 2288          1949        0.90  0.62 

C83     3000  8         355  

                

  40         3729 2281          1944        0.73  0.52 

C84     3000 10         355  

                

  40         4222 2274          1938        0.61  0.46 

C85     4000  4         355  

                

  40         2270 2295          1745        1.01  0.77 

C86     4000  6         355 

                

  40         2750 2288          1740        0.83  0.63 

C87     4000  8         355  

                

  40         3312 2281          1735        0.69  0.52 

C88     4000 10         355  

                

  40         3665 2274          1729        0.62  0.47 

C89     5000  4         355  

                

  40         1909 2295          1509        1.59  1.05 

C90     5000  6         355 

                

  40         2575 2288          1503        1.17  0.77 

C91     5000  8         355  

                

  40         3148 2281          1498        0.94  0.62 

C92     5000 10         355  

                

  40         3473 2274          1493        0.77  0.50 

C93     6000  4         355  

                

  40         1746 2295          1262        1.31  0.72 

C94     6000  6         355 

                

  40         2446 2288          1258        0.94  0.51 

C95     6000  8         355  

                

  40         2745 2281          1253        0.83  0.46 

C96     6000 10         355  

                

  40         3210 2274          1249        0.71  0.39 

Mean           0.81                0.60 

Standard deviation           0.22              0.14 

 

5.  Design methods 

 

5.1. Available design methods 

  

In this part, available design strength methods for CFST slender columns 

were discussed in the case of compact cross-sections. 

 

5.1.1. EN 1994-1-1(EC4) [37] 

For a CFST column's ultimate axial capacity, used the EN 1994-1-1 (EC4) 

[37] equation (PEC4) as known by Eq. (4). 

 

RdplpEcP ,4 =                                                (4) 

 

Where Ppl,Rd was the plastic strength to axial compression with 

consideration for the confinement concrete when the ratio of slenderness (λ) 

did not exceed 0.5, as seen in the following: 
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Where (EIeff) was the effective elastic flexural stiffness, Le was the 

element's effective height, Pcr was the elastic critical buckling, and ke was a 

correction factor.The reduction factor (χ) was: 
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5.1.2. AISC specification [38] 

Provided the equation for a CFST column's ultimate axial capacity (PAISC) 

by the AISC specification [38] Eq. (14). 
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5.1.3. Comparison and discussion 

In this section, an initial comparison was conducted between the peak 

design strength of square CFST slender columns and the experimentally 

determined peak strength of HCFST slender columns, as explained in Section 

2.3. Table 5 displays a comparison of the experimental results with the peak 

load calculated by EC4 and AISC. The average peak load ratio of the PEC4 [37] 

to the experimental (PEc4/PuExp) was 0.79, with a deviation from the mean of 

0.098. Additionally, the ratio of PAISC [38] to the experimental (PAISC/PuExp) had 

mean of 0.72, with a standard deviation of 0.099. Secondly, comparisons were 

made between the peak design strength of square CFST slender columns and 

the parametric study conducted using the FE model of HCFST slender 

columns. Table 9 displays a comparison of the FE results with the ultimate 

load as determined by EC4 and AISC. The average peak load ratio of the PEC4 

[37] and FE results (PEc4/PuExp) was 0.81, with a standard deviation of 0.22. 

Similarly, the average ultimate load ratio between the PAISC [38] and the FE 

results (PAISC/PuExp) was 0.60, with a deviation from the mean of 0.14.  Based 

on the results in Tables 5 and 9, it was observed that the design strength 

derived from the EN 1994-1-1 (EC4) design method gave unconservative 

results for smaller thicknesses (4mm) of steel tubes, while it provided 

conservative results for larger thicknesses of steel tubes in HCFST slender 

columns. Conversely, the AISC specification yielded conservative results 

across all thicknesses of steel tubes for HCFST slender columns. From the 

previous comparison, it was concluded that AISC can be used for tubes with 

small thicknesses up to 4mm, while EC4 is suitable for tubes with thicknesses 

above 4mm. 

 

6.  Conclusions 

 

An experimental and FE model investigation of axially loaded HCFST 

slender columns has been provided in this paper. The experiments and the FE 

model aim to study the impact of both the cross-section and concrete strength 

on the strength and behavior of HCFST slender columns.  

Building upon the present experimental results and FE model 

investigations, the following conclusions could be drawn: 

1. It is noted that the ultimate load values for hexagonal slender columns 

increased with the increase in cross- sectional dimensions. However, it was 

observed that reducing the height of HCFST slender columns led to an increase 

in ultimate load values. 

2. The mode of failure observed in the present HCFST slender columns 

was predominantly global buckling, a phenomenon consistently observed for 

all columns, particularly in column HCFST1. 

3. The experimental results provided a reliable prediction of the FE 

model's peak axial strength. The observed mode of failure, consistent with the 

experimental results, was global buckling. 

4. It was determined that the maximum value of λ, representing the limit of 

short HCFST columns, was approximately 18. Beyond this limit, the columns 

were considered slender. 

5. The peak axial load for HCFST slender columns increased as the values 

of (t, fc, and fy) increased.  

6. Increasing the thickness of the steel tube (t) had a clear effect on 

enhancing the axial strength of shorter-height columns compared to 

longer-height columns. Consequently, it is recommended to increase the 

thickness of the tube section at short and medium heights.  

7.  It is noted that there was an average increase of approximately 15% in 

the peak axial load associated with an increase in yield strength. 

8. It was observed that the increase in peak axial load was clearly evident in 

the short-height column and could be disregarded in the long-height column, 

irrespective of changes in tube thickness. Therefore, it can be recommended 

that there is no need to increase the concrete's strength (fc) in normal concrete. 

9. It was observed that the design strength based on the EC4 design method 

yielded unconservative results for smaller thicknesses (4mm) of steel tubes 

while providing conservative results for larger thicknesses of steel tubes in 

HCFST slender columns. Conversely, the AISC specification yielded 

conservative results across all thicknesses of steel tubes for HCFST slender 

columns.  

 

Recommendations 

 

1- It is recommended to increase the tube thickness for columns of short and 

medium heights.  

2- It is advisable that in normal concrete, there is no need to increase the 

concrete's strength (fc). 

3- It is recommended to use the design strength specifications of AISC for 

tubes with thicknesses up to 4mm and EC4 for tubes with other thicknesses. 

 

Finally, it is recommended to conduct additional experimental tests to 

examine the analysis of HCFST slender columns using high-strength concrete 

and steel with various cross-sections. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Currently, most research on prefabricated steel frame joints focuses on column-column or beam-column connections. 

However, there has been a lack of effective research on prefabricated column-beam-column joints with higher 

construction efficiency. In this paper, we present the construction and installation process and technical characteristics of  a 

novel prefabricated column-beam-column joint (NPJ). Initially, we describe the technical specifications of the NPJ. 

Following this, we examine the mechanical performance of the NPJ using a validated finite element model and conduct a 

detailed analysis of various parameters affecting its performance. Subsequently, we propose a simplified method for 

calculating the performance of the NPJ, adhering to existing design codes. Our findings indicate that the NPJ exhibits 

robust mechanical properties, closely matching those of traditionally welded joints. Notably, the height of the beam 

emerges as a critical factor influencing the NPJ's load-bearing capacity, more so than the thickness of the lug. This 

research offers valuable insights and technical guidance for further exploration and practical application of prefabricated 

steel frame joints. 
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1.  Introduction 

 

Prefabricated steel structures, characterized by their components being 

manufactured in a factory setting prior to assembly on-site through bolting 

mechanisms, have garnered considerable interest in recent years. This 

heightened attention can be attributed to their notable advantages, including 

enhanced construction efficiency, consistent installation quality, and 

environmental sustainability [1]. Within these structures, joints play a pivotal 

role, bearing the brunt of complex forces [2,3]. Given the critical nature of 

these forces, it becomes imperative to pursue rigorous research focused on the 

joints within prefabricated steel structures. 

Recent explorations into prefabricated steel joints for precast concrete 

structures have attracted considerable scholarly attention, evidenced by a series 

of investigations aiming to enhance structural resilience and efficiency [4,5]. 

Despite these advancements, the field's understanding is still evolving, with 

several studies identifying critical limitations.

 

 
 

(a) Reference [6] (b) Reference [12] 

  

 
(c) Reference [15] 

Fig. 1 Prefabricated beam-column joints 

 

Notably, Torabian et al. [6] introduced an innovative diagonal 

connection-type joint, which exhibited notable ductility in experimental 

settings. However, its complex design and unconventional approach to beam 

and column integration raised questions regarding its feasibility in standard 

construction practices [7]. Alternatively, Laiyun [8], Xiantie [9], and Zhouhong 

[10] presented a methodology for attaching the column to an end-plate via a 
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perforated split bolt, a technique demanding precise alignment of bolt holes, 

thus complicating its practical application. Further contributions by Jian et al. 

[11] entailed the development of a vertical connection node utilizing 

high-strength bolts, which, despite its innovative integration of a steel frame, 

pre-embedded edge steel frame, and steel casing, revealed that its seismic 

resilience requires enhancement. The incorporation of dampers into 

beam-column joints has been proven to significantly improve seismic 

performance [12-14], yet the high costs associated with this solution limit its 

widespread adoption. Hongkai et al. [15] proposed a moment-resisting joint 

designed for H-beam-columns, which demonstrated effective seismic 

capabilities in testing phases. However, the limited use of H-columns in 

practical engineering scenarios may restrict its applicability. The discourse has 

also extended to the replaceability of prefabricated beam-column joints 

post-earthquake [16-18], suggesting that positioning the connection near the 

column's end could facilitate easier replacement following seismic events [17, 

19]. Regarding simplified calculations, there exists a consensus that most have 

been formulated in alignment with established design codes [20-22], 

underscoring a commitment to aligning innovative joint designs with 

regulatory standards and practical feasibility. 

Recent studies on prefabricated frame joints have primarily concentrated 

on connections between beams and columns or between columns themselves. 

In contrast, the integrated column-beam-column joint offers a solution that 

addresses both vertical and horizontal connections within a steel frame 

structure using a single joint, significantly enhancing construction efficiency. 

Despite its potential, there has been limited effective research on these 

integrated joints [23], with existing studies narrowly focusing on specific 

mechanical properties [24], without a comprehensive overview. 

To address these gaps, this research introduces a new type of prefabricated 

column-beam-column joint, named the novel prefabricated joint (NPJ). We 

detail the design, construction, and technical features of the NPJ. Following 

this, we developed and verified a detailed finite element model for the joint. 

Our investigation covers both static and seismic behaviors of the NPJs, 

comparing these properties to those of traditional welded joints. We also 

conducted parametric studies to understand how different geometric factors 

affect the NPJs' performance. Concluding our study, we propose simplified 

methods for estimating the load-bearing capacity and initial stiffness of NPJs, 

based on standard design code formulas. This work aims to serve as a useful 

resource for future research and practical applications of prefabricated steel 

frame joints.  

 

2.  Novel prefabricated joints 

 

Building on existing prefabricated beam-column joint designs, the authors 

have made enhancements [24], creating an innovative joint that supports 

beams of varying heights. This joint is ingeniously constructed from four key 

prefabricated parts: 

(1) Lower Column: Includes a flange end plate and a lug, the latter 

designed with an extension bolt hole for secure attachment. 

(2) Connector: This piece links the H-shaped steel beam to the lower 

column's lug, ensuring a stable connection. 

(3) H-shaped Steel Beam: Features an end plate for easy integration into 

the joint structure. 

(4) Upper Column: Comes with a bolt hole and an upper column flange 

plate to complete the assembly. 

The installation process is straightforward and efficient. It begins with 

attaching the lower connector to the column's lug plate using friction-type 

high-strength bolts. Next, the H-beam is positioned on top of the lower 

connector and secured with compression-type high-strength bolts. Finally, the 

beam is joined to the upper connector and lug plate with similar bolts, ensuring 

a firm assembly. This process, detailed in Fig. 2, showcases the methodical 

steps taken to assemble this advanced joint.

 

  
(a) Step 1 (b) Step 2 

  

 

 
(c) Step 3 (d) Step 4 

Fig. 2 Composition of joints and installation process 

 

The NPJs offer significant technical advantages compared to welded steel 

frame joints and other prefabricated beam-column joints: 

(1) The construction process is straightforward. Both the 

column-to-column and column-to-beam connections are facilitated by a single 

joint, leading to a high level of prefabrication. The design also allows for the 

accommodation of H-shaped steel beams of varying section heights by 

adjusting the position of the lower connectors. 

(2) The quality of construction is dependable. Components are 

pre-manufactured in a factory setting and assembled on-site using 

high-strength bolts, eliminating the inconsistencies associated with on-site 

welding. 

(3) The path for force transfer is efficiently designed. The incorporation of 

lugs and lower connectors on the column enables shear force transfer while 

preventing the weakening of the column section that can occur with bolt holes. 

This ensures a reliable load transfer mechanism. 

(4) Disassembly and replacement are made easy. Unlike other 

prefabricated joints, this innovative joint combines the column-to-column and 

column-to-beam connections at a single floor level. Its high level of 

prefabrication also allows for the selective replacement of beam and column 

components during maintenance or service.  

 

3.  Establishment and validation of the finite element model 

 

Finite element analysis is a common method of studying the mechanical 

properties of steel members. In this study, the widely adopted finite element 

simulation software, ANSYS, was employed. 

 

3.1. Joint dimensions and materials 

 

For a common three-story steel frame structure, one was chosen to 

numerically analyze the mechanical properties of the edge joints in the middle 

layer of the outer frame. The joint locations are depicted in Figure 3. Based on 

a typical joint cross-section, the column's cross-sectional dimensions were 

chosen to be 400*400*20 mm, and the beam's cross-section was selected as 
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H400*300*8*20 mm. The lug's connection to the joint employs high-strength 

friction-type bolts, while the remaining component connections utilize 

high-strength compression-type bolts. Fig. 4 shows the detailed dimensions of 

the joints.

 

 

 

Fig. 3 Location of the joint selection 

 

  

Fig. 4 Dimensions of the joints (in mm) 

 

Table 1  

Material properties 

Material Yield strength (MPa) Ultimate strength(MPa) Poisson ratio Yield strain 
Modulus of elasticity 

(GPa) 
Tangential modulus (GPa) 

Q355 steel 345 500 0.3 0.167 206 4.12 

Grade 10.9 Bolt 900 1000 0.3 0.437 206 4.12 

 

The components of the typical joints are made of Q355 steel, and the bolts 

are all of grade 10.9. The property parameters of both materials are shown in 

Table 1. 

 

3.2. Finite element models 

 

To incorporate the steel's strengthening effect, the simulation utilized a 

bilinear follow-through strengthening criterion, with a bilinear model selected 

for the steel's stress-strain curve, as illustrated in Fig. 5. The joint was modeled 

using the SOLID 45 element, capable of simulating the plastic stress stiffening 

of steel. The model's elements were meshed using hexahedral mapping, with 

denser meshing in areas experiencing high stresses and complex stress patterns, 

as demonstrated in Fig. 6.
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Fig. 5 Stress‒strain curves of the materials 
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(a) Beam (b) Bolt 

Fig. 6 Meshing of the model 

 

  
(a) CANTA174 elements (b) TARGE170 elements 

Fig. 7 Set-up of the contact elements in the bolt area 

 

To enhance computational efficiency, the bolt shaft is represented as a 

cylinder, omitting the threads in the bolt modeling process. Given the high 

strength of the steel frame joints and minimal penetration during contact, 

CANTA174 and TARGE170 elements were chosen for the contact and target 

surfaces, respectively, as depicted in Fig.7. The rolled surfaces of each member 

were not specially processed, and a slip resistance factor of 0.35 was adopted, 

as referenced in the literature [11,19,25]. 

High tensile strength bolts are preloaded prior to installation using 

PRETS179 units. According to the steel design code [26], the preload force is 

set at 190 kN for M22 class 10.9 high-strength bolts and 225 kN for M24 

high-strength bolts. Preload elements are positioned at the slab's contact 

surface. The joints' top and bottom column ends are fixedly restrained, and a 

downward displacement load is applied at the beam's end. The model's 

meshing employs the hexahedral mapping method preset in ANSYS finite 

element software, with the node model pre-divided to adhere to the hexahedral 

mapping delineation principle. Fig. 8 displays the comprehensive finite 

element model of the joint.

 

 

Fig. 8 Overall finite element model 

 

3.3. Model validation 

 

To validate the appropriateness of the chosen setting parameters, a static 

load test [27] on a prefabricated beam-column joint, similar to the innovative 

joint introduced in this study, was selected for simulation and subsequent data 

comparison. Fig. 9 illustrates the experimental setup, where the column's 

bottom end is attached to a counterframe during the test, and the beam's left 

side is hinged to this counterframe. A vertical load is then applied to the beam's 

end using a jack. According to reference [27], the joint underwent detailed 

finite element modeling, with the established model showcased in Fig. 10.
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Fig. 9 Test set-up Fig. 10 Finite element model of the joint 

 

 
 

Fig. 11 Ultimate state of the joint 
Fig. 12 Stress nephogram 

 

Table 2  

Mechanical properties of the joint 

 
Initial stiffness K1

（MN·m/rad） 

Ultimate bending 

moment Mu（kN·m） 

Ultimate angle θu

（rad） 

FEM 18.7 530.4 0.098 

Test[27] 18.5 493.0 0.096 

 

Fig. 11 displays the joint's ultimate state as observed in the experiment. 

Upon reaching the ultimate load, the beam noticeably displaces upward, with 

the primary mode of damage being tensile shear failure of the beam's lower 

flange bolts. The stress distribution, illustrated in Fig. 12 through a stress 

nephogram from the finite element analysis, closely aligns with the 

experimental outcomes. Notably, the simulation identified the maximum stress 

occurring at the lower flange bolt hole of the beam, peaking at 835 MPa, 

indicating bolt failure. This analysis confirms that the finite element model 

accurately captures the stress state and damage mode of the joint. 

The mechanical properties analyzed for the joints in this study encompass 

stiffness, yield strength, ultimate strength, among others, as cited in references 

[27,28]. Table 2 presents a comparison of the mechanical properties derived 

from finite element simulations against experimental data. The close alignment 

between the finite element simulation outcomes and the experimental results 

demonstrates the accuracy of the FEM analysis in evaluating the performance 

of the joint. 

 

4.  Static performance 

 

4.1. Mechanical response of NPJs 

 

The bending moment and rotation curve of the newly designed 

prefabricated joint (NPJ) under static load is depicted in Fig.13, revealing a 

distinct nonlinear segment that highlights the NPJ's substantial capacity for 

plastic deformation. Fig.14 illustrates the joint's stress state at failure, 

pinpointing high stress concentrations in the beam's web, at the interface 

between the upper column and the flange plate, and at the lower column's 

section contacting the beam. During joint failure, the stress in the column 

remains relatively low, not exceeding the material's yield strength. Significant 

stresses are noted at the connection between the upper column and the flange 

plate, and near the bottom edge of the lower column lug plate, though these do 

not lead to notable changes in the member's shape. The beam experiences high 

stress levels, with most of the web's stress exceeding the yield strength, leading 

to beam yielding and failure of some high-strength bolts.
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Fig. 13 Bending moment and rotation curve Fig. 14 Stress nephogram at the ultimate condition 

 



Zhi-Wei Zhang et al.  335 

  

(a) Upper column (b) Lower column 

Fig. 15 plastic distribution of the columns at the ultimate condition 

 

The depiction of plastic development in the joint at failure, shown in 

Fig.15, indicates that plasticity primarily occurs in the area where the flange 

plate connects to the column and around the first row of bolt holes close to the 

column. This is largely due to the significant bending moment at the upper 

column's end. Additionally, plasticity is observed at parts of the lower edge of 

the lug, mainly attributed to increased bending and shear forces at the edges 

and corners. 

Fig.16 illustrates the stress state of the connector, with the maximum stress 

occurring at the edge of the beam's lower flange, reaching 417 MPa. The 

overall stress level of the connector remains within the elastic range. Fig.17 

reveals that the high-strength bolts, which connect the column to the column, 

do not fail upon joint failure and maintain an elastic state. The stress levels in 

the high-strength bolts connecting the lower column to the connection are 

generally low, allowing the bolts to continue supporting the load effectively. 

 

  

Fig. 16 Stress nephogram of the connection Fig. 17 Stress nephogram of the bolts 

 

Table 3  

Mechanical properties of the two joints 

Joint 
Elastic bending 

moment 
(kN·m) 

Elastic turning 

angle 
(mrad) 

Plastic bending 

moment
 (kN·m) 

Plastic turning 

angle
 (mrad) 

Ultimate bending 

moment 
(kN·m) 

Ultimate turning 

angle 
(mrad)

 
Initial stiffness 

(kN·m/rad)
 Strengthen stiffness 

(kN·m/rad)
 

Prefabricated 436.4 4.3 892.2 11.4 1140.0 38.6 116757.6 8656.5 

Welded 690.8 7.0 900.0 11.4 1312.2 189.6 100581.7 3832.0 
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Fig. 18 Bending moment and rotation curve of welded joint 

 

4.2. Comparison with the welded joint 

 

To compare the mechanical properties of the newly designed prefabricated 

joint (NPJ) with those of the traditional welded joint, a static load simulation 

was performed on both, using identical beam-column sizes. The comparison 

(Table 3) reveals that the NPJ's elastic bending moment is 58% higher than that 

of the welded joint, while the plastic bending moments are nearly identical, 

and the ultimate bending moment differs by 15.2%. When examining the 

plastic deformation capabilities of the two joints, it was found that the NPJ's 

elastic rotation angle is 38.8% smaller than that of the welded joint. However, 

the difference in ultimate bending moment between the two joints is minor, at 

approximately 13.2%. 

When comparing the moment and rotation curves of the two types of 

joints, as illustrated in Fig.13 and 18, it becomes apparent that the novel 

prefabricated joint (NPJ) exhibits differences in deformation capacity primarily 

due to its larger initial and strengthening stiffness compared to the traditional 

welded joint. The design of the NPJ, with its connection method, provides 

increased stiffness at the column ends, resulting in minimal observable 

deformation. 

The displacement nephogram (Fig.19) illustrates that the deformation of 

the NPJ's beam begins at the section protruding from the flange plate, whereas 

deformation in the welded joint is more pronounced at the beam-column 

connection. The damage to the welded joint results from bending and shear 

buckling of the beam. In contrast, damage to the NPJ primarily occurs through 

beam yielding, with damage extending to the ultimate state at the section of the 

beam's upper flange where the high-strength bolt is located. This comparison 

indicates that the static performance of the NPJ is comparable to that of the 

traditional welded joint, but with less displacement in the limit state and 

greater stiffness.
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(a) Prefabricated joint (b) Welded joint 

Fig. 19 Displacement of the joints 

 
5.  Seismic performance 

 

5.1. Hysteresis performance of NPJ 

 

The seismic performance of joints is assessed through 

displacement-controlled loading [26]. Once the joints achieve plastic 

displacement, the displacement load is incremented by 0.2 times the plastic 

displacement at each step, with each displacement level being applied for only 

one cycle. Upon reaching plastic displacement, the displacement at each 

subsequent level is doubled, and each level undergoes two cycles. Cyclic 

loading is discontinued when the member ceases to maintain its load-carrying 

capacity. 

Fig.20 and 21 depict the stress and plastic distribution of the joint in its 

ultimate condition under hysteresis loading. The stress distribution in the 

column closely mirrors the results obtained under static loading, with the 

column predominantly remaining in the elastic phase. The maximum stress, at 

343.48 MPa, is observed at the weld between the upper column and the flange 

plate. The web of the joint beam exhibits bulging and deformation, with both 

the upper and lower flanges and the web undergoing plastic deformation. The 

joint's failure mode is characterized by the beam yielding under bending and 

shear forces, exemplifying the principle of a strong column and weak beam. 

The hysteretic and skeleton curves of the joint are presented in Fig.22 and 

23. These figures highlight the joint's strong load-bearing capacity under both 

positive and negative bending moments. Initially, the joint operates within the 

elastic range, but as displacement increases, there is a noticeable decline in 

stiffness within a nonlinear segment. This leads to a reduction in the ultimate 

load capacity of the joint during the elasto-plastic phase, primarily attributed to 

bolt slippage. The fullness of the hysteretic curve underscores the joint's 

commendable seismic performance, indicating its resilience and reliability 

under seismic loading.

 
 

  

Fig. 20 Stress nephogram under hysteretic loading Fig. 21 Plastic distribution under hysteretic loading 

 

-0.08 -0.06 -0.04 -0.02 0.00 0.02 0.04 0.06 0.08

-800

-600

-400

-200

0

200

400

600

800

L
o

ad
(k

N
)

Displacement (m)  

-0.08 -0.06 -0.04 -0.02 0.00 0.02 0.04 0.06 0.08

-800

-600

-400

-200

0

200

400

600

800

Displacement (m)

L
o

ad
 (

k
N

)

 

Fig. 22 Hysteretic curve of NPJ Fig. 23 Skeleton curve of NPJ 
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Fig. 24 Comparison of skeleton curves Fig. 25 Comparison of stiffness degradation 

 
5.2. Comparison with the welded joint 

 

Fig.24 and 25 display the comparison of skeleton curves and stiffness 

degradation curves between different types of joints. The NPJs exhibit a 

superior maximum load capacity compared to traditional welded joints, albeit 

with a lesser deformation capability and greater initial stiffness. As loading 

cycles progress, NPJs experience a faster rate of stiffness reduction, but 

ultimately, the stiffness levels of both joint types converge to a similar point 

after undergoing stiffness degradation. 
Table 4 presents the ductility coefficients and energy dissipation 

coefficients for the two types of joints. The ductility coefficient of the NPJs is 

lower than that of the traditional welded joints, which suggests that the NPJs 

have a marginally lower capacity for deformation compared to the welded 

joints. However, both types of joints have ductility coefficients greater than 4, 

demonstrating good ductility and energy dissipation capabilities. This 

performance aligns with the requirements of the seismic design code [26], 

indicating that both joint types are well-suited for seismic applications. 

 
Table 4  

Seismic behavior of two kinds of joints 

Joint Ductility coefficient Energy dissipation coefficient 

Prefabricated 8.32 3.72 

Welded 6.07 3.46 

 

6.  Parametric analysis 

 

6.1. Parameter range in the investigation 

 

In this chapter, we analyze the geometric parameters of components that 

exhibit high stress levels during the failure of the joint to understand how 

changes in these parameters affect the static load mechanical properties and 

failure modes of the NPJs. Utilizing the previously described finite element 

model, the parameters under investigation include the flange thickness (FT) of 

the upper column, the number of bolts without altering the overall load-bearing 

capacity (BN), the lug thickness (LT) of the lower column, and the height of 

the H-shaped steel beam (BH). The models are named according to the 

convention FT-N, BN-N, LT-N, and BH-N, where "N" represents the value of 

the parameter. For instance, FT-16 denotes a model with a flange thickness of 

16 mm, with all other geometric parameters remaining as described in Chapter 

3. Details of each model are summarized in Table 5. 

 

6.2. The flange thickness (FT) of the upper column 

 

As previously discussed, the upper column's flange plate is subjected to 

shear and tensile forces resulting from the bending moment load, with its 

bearing capacity significantly influencing the joint's failure mode and 

mechanical properties. This section examines upper columns featuring flange 

thicknesses ranging from 12 mm to 28 mm. 

Fig.26 illustrates the plastic nephograms of the joints as the flange 

thickness varies. When the flange plate's thickness is below 18 mm, the bolt 

hole area connecting the flange plate to the beam undergoes extensive plastic 

deformation, leading to a tensile failure mode of the flange plate. As the 

thickness increases, the extent of plastic deformation in the flange plate 

diminishes. Beyond a thickness of 22 mm, the flange plate remains in an 

elastic state under ultimate conditions, with a notable reduction in the plastic 

area around the bolt holes.

 

Table 5  

Models in parametric analysis 

Parameters Model number Parameters information 

Flange thickness FT-(12/14/16/18/20/22/24/26/28) Thickness: 12/14/16/18/20/22/24/26/28 mm 

Number of bolts BN-(10/8/6/4) Number: 10/8/6/4 

Lug thickness LT-(12/14/16/18/20/22/24/26/28) Thickness: 12/14/16/18/20/22/24/26/28 mm 

Height of the beam BH-(340/350/360/370/380/400/420/440) Height: 340/350/360/370/380/400/420/440 mm 

 
 

  
(a) FT-12 (b) FT-16 
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(c) FT-20 (d) FT-24 

Fig. 26 Plasticity nephograms with different FT 
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(a) Moment rotation curves 
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(b) Bearing capacity (c) Stiffness 

Fig. 27 Joints with different FT 

 

 

Fig.27 presents the moment-rotation curves and mechanical properties of 

joints with varying flange thicknesses (FT). For FT values less than 18 mm, 

both the elastic and ultimate moments of the joints show an increase with the 

thickness. However, once the FT exceeds 18 mm, further increases in thickness 

have a minimal impact on the joints' load-bearing capacity. A thicker flange 

plate results in higher initial stiffness for the joint, though the enhancement in 

strengthening stiffness is relatively minor. With thinner flange plates, 

significant plastic deformation is evident in the ultimate condition, and the 

joint's elastic moment rises with the stiffness of the flange plate. When the 

flange plate's thickness is above 18 mm, it remains in the elastic phase under 

ultimate conditions, and failure is primarily governed by the bolt strength and 

the beam's load-bearing capacity, leading to little variation in the ultimate 

bending moment. 

 

6.3. Number of bolts (BN) 

 

The examination of different numbers and diameters of bolts on the beam's 

flange, as presented in the models (4*M27, 6*M22, 8*M20, and 10*M16), 

reveals a crucial insight into the joint's failure mechanics. Despite variations in 

the bolt arrangements, with total load capacities ranging from 405.1 kN to 

502.2 kN, Fig.28 illustrates that the overall plastic distribution of the joint in its 

ultimate state remains largely unchanged across different bolt configurations. 

This consistency suggests that within the tested range, the number of bolts 

does not significantly influence the stress distribution and the development of 

plasticity within the joint. Consequently, the failure mode of the joints under 

ultimate load conditions appears to be relatively insensitive to variations in the 

number and size of the flange bolts, assuming their total load-bearing capacity 

is maintained within a comparable range. 

Fig.29 reveals that the number of bolts (BN) has minimal impact on joint 

mechanical properties. However, using 4 ×  M27 bolts results in lower 

ultimate bearing capacity due to bending failure from insufficient bolts.
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(a) BN-4: overall (b) BN-4: bolts 

  
(c) BN-8: overall (d) BN-8: bolts 

Fig. 28 Plasticity nephograms with different BN 
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(a) Moment rotation curves 
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(b) Bearing capacity (c) Stiffness 

Fig. 29 Joints with different BN 

 

 

6.4. Lug thickness (LT) 

 

The analysis of the lug's thickness (LT) in the lower column, ranging from 

12 mm to 28 mm, shows its significant impact on the joint's stiffness and 

failure mode. Fig.30 illustrates the plastic deformation patterns for joints with 

varying LTs. With an LT of 12 mm, a noticeable plastic region is observed at 

the top and bottom edges of the lug near the column end, leading to damage 

through bending shear yielding of the beam. As the LT increases, the plastic 

deformation area of the lug steadily decreases. When the LT reaches 28 mm, 

the lug remains elastic, not undergoing plastic deformation, even when the 

joint is damaged. This indicates that increasing the LT enhances the lug's 

resistance to plastic deformation, potentially improving the joint's overall 

stiffness and altering its failure mode.
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(a) LT-12 (b) LT-18 

  
(c) LT-22 (d) LT-28 

Fig. 30 Plasticity nephograms with different LT  
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(a) Moment rotation curves 
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(b) Bearing capacity (c) Stiffness 

Fig. 31 Joints with different LT 

 
The moment-rotation curves and mechanical properties of joints with 

varying lug thicknesses (LTs) highlight the influence of LT on joint 

performance, as depicted in Fig.31. While joints across different LTs maintain 

commendable plasticity, the augmentation of LT notably enhances the joint's 

elastic moment capacity, albeit without significantly impacting the plastic or 

ultimate moment capacities. This slight improvement in initial stiffness 

attributed to increased LT suggests that while the lug possesses considerable 

stiffness, its modification has minimal impact on the overall mechanical 

properties and failure mode of the joint. This observation implies that the 

advantages gained from increasing the LT are marginal, indicating that other 

design or reinforcement strategies may be more effective for significantly 

enhancing joint performance. 
 

6.5. The height of the beam (BH) 

 

The influence of the beam height on the plastic deformation and failure 

mode of the joint is significant, as illustrated in Fig.32. This variation in beam 

height from 340 mm to 440 mm notably affects the joint's semi-rigid 

performance and its failure mechanism. Initially, at a beam height of 340 mm, 

both the beam flange and the web near the column end undergo extensive 

plastic deformation, indicating fully developed plasticity within the joint. The 

primary failure mode here is the yielding of both the beam and flange plate, 
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suggesting a balanced distribution of plastic zones across critical areas of the 

joint. 

As the beam height increases, there is a consistent reduction in the plastic 

zones on the upper column flange plate and the connection between the beam 

and column. This reduction alters the failure mode of the joint. At a beam 

height of 380 mm, the connection's plastic zone vanishes, shifting the failure 

mode towards bending and shear yield of the beam, coupled with the failure of 

some high-strength bolts on the beam. This change indicates a transition from a 

more distributed plastic deformation towards localized failure points, reflecting 

the impact of beam height on joint performance. 

Upon reaching a beam height of 440 mm, the failure mode further evolves, 

with only the web area of the beam entering plasticity, leading to the 

compression failure of high-strength bolts on the beam. This progression 

demonstrates a significant shift in the joint's failure mechanism, from a more 

distributed plastic deformation across multiple components to a localized 

failure primarily within the beam's web and associated bolt failures. This 

highlights the critical role of beam height in determining the structural 

behavior and resilience of the joint under load, emphasizing the need for 

careful consideration of beam dimensions in joint design to optimize 

performance and failure response.

 

  

(a) BH-340 (b) BH-360 

  
(c) BH-380 (d) BH-440 

Fig. 32 Plasticity nephograms with different BH  

0.00 0.01 0.02 0.03 0.04 0.05 0.06
0

200

400

600

800

1000

1200

M
o

m
en

t 
(k

N
·m

)

Rotation (rad)

BH-340

BH-350

BH-360

BH-370

BH-380

BH-400

BH-420

BH-440

 
(a) Moment rotation curves 
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(b) Bearing capacity (c) Stiffness 

Fig. 33 Joints with different BH 
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The analysis of joints with different beam heights (BH) in Fig.33 shows 

that beam height significantly affects the joint's initial stiffness and 

deformation capacity. Higher beam heights increase initial stiffness but reduce 

rotation capacity. This indicates the stiffness of the beam plays a critical role in 

the joint's overall stiffness, which increases with beam height. Lower beam 

heights allow for greater beam deformation, influenced by the upper column 

flange, leading to plastic deformation in both the beam and the flange plate. As 

beam height increases, the deformation and plastic rotation capacity decrease, 

altering the failure mode. This suggests lower beam heights optimize the joint's 

performance by maximizing the plastic capacity of both the upper column 

flange plate and the beam, highlighting the importance of beam dimensions in 

joint design for structural integrity and performance. 

 

7.  Simplified calculation method 

 

Previous research demonstrated that Nonlinear Plastic Joints (NPJs) 

exhibit robust load-bearing capacity and stiffness. This section evaluates the 

NPJs' load-bearing capabilities and stiffness in accordance with two prevalent 

design standards, GB50017 [26] and Eurocode3 [29]. The aim is to support the 

design and practical application of NPJs more effectively. 

 

7.1. Calculation of load bearing capacity based on GB50017 

 

Currently, there's no standard calculation method for prefabricated joints. 

This paper calculates the load capacity of each component based on the joints' 

force transfer mechanism. As illustrated in Fig. 34, the joint area is subject to 

the beam's bending moment and shear force. Extensive research [7, 11-13, 19, 

22] indicates that adhering to the design philosophy of ensuring joints are 

stronger than adjoining members, joints fail due to the bending-shear buckling 

of beams, with other components not reaching their maximum load capacity at 

failure. The stress distribution in the beam at failure can be simplified to the 

entire section yielding, with the peak stress reaching the material's tensile 

strength, as depicted in Fig. 35. 

 

 

Fig. 34 Force transfer at the end of the beam 

 

 

Fig. 35 Maximum stress distribution of beam section 

 

Because the beam section is subjected to the combined action of bending 

moment and shear, the ultimate bearing capacity of joint beam members can be 

determined as min {Vum,Vuv,V1}, where Vum is the ultimate bearing capacity 

under bending moment, Vuv is the ultimate bearing capacity under shear, and 

V1 is the ultimate bearing capacity under the combined action of bending 

moment and shear. The calculation methods of the three kinds of bearing 

capacity are as follows: 

(1) Ultimate bearing capacity under bending moment 

Considering the plastic capacity of the joint web, the maximum bending 

moment of the beam member is Meu= Vum*L, so the bearing capacity Vum 

under the bending moment can be calculated by equation (1): 

 
/um x e xV W f L =  (1) 

 

where γx is the plastic development coefficient of the section, Wx is the 

modulus of the section around the x-axis, f is the design value of the tensile 

strength of the steel, and αe is the reduction coefficient of the beam 

considering the effective height of the web. 

(2) Ultimate bearing capacity under shear 

The general width-thickness ratio λs of joints can be calculated by 

equation (2): 
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where Ix is the moment of inertia of the web section around the x-axis, hc is 

the height of the web in compression calculated for the full section, tw is the 

design value of the tensile strength of the steel and ρ is the effective height 

factor of the web under compression. 

The general width-thickness ratio λs for different beam height joints is found to 

be less than 0.8. The maximum shear value Vuv, taking into account the plastic 

capacity of the joint web, can be calculated using equation (3): 

 

uv w w vV h t f=  (3) 

 

where hw is the height of the beam web, fv is the design value of the shear 

strength of the steel and tw is the thickness of the beam web. 

(3) Ultimate bearing capacity under the combined action of bending 

moment and shear 

As mentioned before, the dangerous section of the beam is the edge 

section of the beam protruding from the flange plate of the upper column. The 

dangerous section bears a large bending moment and shear force, and the 

combined action of the bending moment and shear force should be used to 

calculate the beam when designing the joint. Because the bending moment of 

the beam does not exceed the bending capacity of the upper and lower flanges 

Mf, the shear capacity of the beam is still Vuv, and the shear force V1 at the 

end of the beam should satisfy equation (4): 
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The ultimate bearing capacity of joints under different beam heights is 

calculated by the above equations, as shown in Table 6. The ultimate bearing 

capacity of joints calculated by the simplified calculation method is 60% and 

80% of the finite element simulation results. The above differences are mainly 

because the design value of the shear strength of the material is considered to 

be 58% of the tensile strength in the code[26] for safety reasons. Generally, the 

cross-section size of the NPJs can be designed by design code GB50017, and 

the designed joint has a large safety reserve. 

 

Table 6  

Ultimate bending bearing capacity of joints 

Geometrical 

parameters 

Finite element 

method (kN) 

Simplified 

calculation method 

(kN) 

Result difference (%) 

BH340 mm 682.32 432 63.31 

BH350 mm 706.36 446.4 63.20 

BH360 mm 721.75 460.8 63.84 

BH370 mm 739.97 475.2 64.22 

BH380 mm 749.70 489.6 65.31 

BH400 mm 759.97 518.4 68.21 

BH420 mm 754.41 547.2 72.53 

BH440 mm 757.02 576 76.09 

 
7.2. Calculation of initial stiffness based on GB50017 
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To evaluate the deformation capacity of joints, the initial stiffness of joints 

was calculated by using the code Eurocode3. As shown in Fig. 36, the initial 

stiffness of a beam-column joint with bolts is a combination of shear column 

web stiffness k1, compression column web stiffness k2, tension column web 

stiffness k3, bending flange splint stiffness k6 and shear bolt stiffness k11. The 

stiffness of the joints can be calculated by equation (5) as 

 

𝑆𝑗 =
𝐸𝑧2

𝜇∑
1

𝑘𝑖
𝑖

                                                   (5) 

 
Ki is the stiffness of the basic joint components, z is the rotating arm, that 

is, the beam height of the H-shaped steel beam, E is the elastic modulus of 

steel, and μ is the joint stiffness ratio, taken as 1.0. 

 

 

Fig. 36 Calculation of initial stiffness 

 

The shear column web stiffness k1 can be calculated according to equation 

(6). 

 

𝑘1 =
0.38𝐴𝑉𝐶

𝛽𝑧
                                                (6) 

 

where Avc is the shear area of the square steel tube column, β is the 

transformation parameter, taken as 1.0, and z is the shear force arm, taken as 

the height from the upper flange to the bolt hole in the lug. 

The compression column web stiffness k2 can be calculated according to 

equation (7). 

 

𝑘2 =
0.7𝑏𝑒𝑓𝑓,𝑡,𝑤𝑐𝑡𝑤𝑐

𝑑𝑐
                                          (7) 

 

where beff,t,wc is the effective width of the compressed column web, twc is the 

thickness of the compressed column web and dc is the height of the 

compressed column web. 

The tension column web stiffness k3 can be calculated according to 

equation (8). 

 

𝑘3 =
0.7𝑏𝑒𝑓𝑓,𝑡,𝑤𝑐𝑡𝑤𝑐

𝑑𝑐
                                          (8) 

 
where beff,t,wc is the effective width of the tensioned column web, twc is the 

thickness of the tensioned column web and dc is the height of the tensioned 

column web. 

The bending flange splint stiffness k6 can be calculated according to 

equation (9). 

 

𝑘6 =
0.9ℓ𝑒𝑓𝑓𝑡𝑎

3

𝑚3                                               (9) 

 
where leff is the effective thickness of the flange, taken as 1/2 of the flange plate 

width, ta can be taken as the flange plate thickness, and m is the sum of the 

joint flange plate thickness and the column flange thickness.  

Due to the use of friction-type high-strength bolts, the shear bolt stiffness 

k11 = ∞. 

To verify the rationality of the simplified calculation method, finite 

element analysis and theoretical values were calculated for the NPJs with 

different geometrical dimensions, the results of which are compared in Fig. 37. 

It can be found that the initial stiffness of the theoretical calculation is slightly 

higher than the stiffness of the simulation result, and the difference between 

the two is less than 10%. It is worth mentioning that when the flange thickness 

is less than 14 mm, the finite element calculation results are slightly larger than 

the simplified calculation results. The above calculation method provides 

methodological support for the simplified calculation of engineering design. 
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(a) Different beam heights (b) Different flange thicknesses 

Fig. 37 Comparison of initial stiffness of different methods 

 

8.  Conclusion 

 

The study delved into the mechanical properties of a novel prefabricated 

column-beam-column joint using finite element analysis and presented a 

simplified calculation method. The key conclusions are as follows: 

(1) The novel prefabricated joints (NPJs) can accommodate beams of 

different heights, offering advantages such as convenient construction, 

controllable quality, reasonable force transfer path, and ease of disassembly 

and replacement. The validity of the finite element models and simulation 

parameters was verified through comparison with experimental data. 

(2) Under static force at the beam end, the NPJs exhibit a failure mode of 

beam bending-shear yielding and upper flange bolt failure. In comparison to 

traditional welded joints, NPJs show slightly smaller plastic moment and 

ultimate moment by 0.87% and 16.08%, respectively, but possess 16.08% 

larger initial stiffness. This indicates good static properties and increased 

construction efficiency. 

(3) Hysteresis analysis demonstrates that NPJs have robust load capacity 

under positive and negative bending moments, with full hysteresis curves. 

While NPJs exhibit lower ductility coefficient and energy dissipation 

coefficient than welded joints, both types meet code requirements and 

demonstrate good seismic performance. 

(4) Parametric analysis reveals that the thickness of the flange plate 

significantly impacts initial stiffness and damage mode, while the number of 

flange bolts on the beam has a minor effect on static performance. Additionally, 

an increase in lug plate thickness enhances the joint's mechanical properties 

during initial loading, and the height of the beam is a crucial factor affecting 

load carrying capacity. 

(5) The study provides and verifies methods for calculating the load 

carrying capacity and initial stiffness of the novel joint based on design codes 

GB50017 and Eurocode 3, respectively. These simplified calculation methods 

empower engineers to design suitable prefabricated steel frame joints 

effectively. 
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These conclusions not only contribute to the understanding of the 

mechanical behavior of novel prefabricated joints but also offer practical 

insights for designing and implementing such joints in construction projects. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

A partially concrete-filled steel tubular (CFST) column is formed by partially filling a steel hollow section (SHS) with 

concrete, its interface shear demand between the infilled concrete and steel tube is important in design but not usually 

considered. In this work, a refined finite element (FE) model of circular partially CFST columns with transverse diaphragms 

was established, followed by parameter analysis of the behavior under the combined axial compression and lateral load s. 

The main variables included the concrete filling ratio, axial compression ratio, diameter-to-thickness ratio of steel tubes, 

section size, aspect ratio, and material strength. The results indicate that the optimal filling ratio increases with the axial 

compression ratio, diameter-to-thickness ratio, and concrete strength, but decreases with the steel strength. Then, calculation 

methods for the optimal filling ratio, predicting the load capacity of transverse diaphragms, and the interface shear demand 

between the steel tube and infilled concrete were proposed. Finally, a design procedure for partially CFST columns with 

transverse diaphragms was proposed. 
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1.  Introduction 

 

A partially concrete-filled steel tubular (CFST) column is a hollow steel 

tubular column that is partially filled with concrete. Partially CFST columns 

developed as a retrofitting measure for piers initially as depicted in Fig. 1[1], 

which effectively reinforces the potential plastic hinge area at the bottom of the 

piers in an economical manner. Partially CFST columns exhibit high lateral load 

capacity, good ductility, and excellent energy dissipation capacity [2-11], 

making them widely utilized in bridge piers for both post-earthquake repair of 

existing bridges and construction of new bridges [12-14]. 

In recent decades, the seismic performance of partially CFST columns have 

been extensively investigated. Yuan et al. [15-16] illustrated that infilled 

concrete can enhance the seismic performance of steel piers when subjected to 

both unidirectional and bidirectional seismic forces. Goto et al. [17-18] 

introduced a discrete crack model, which aimed at exploring the failure 

mechanism of partially CFST columns, specifically the development of plastic 

hinges at the bottom of the column. Lai and Varma [19] performed FE analysis 

to study how the seismic performance of hollow spiral welded pipes is 

influenced by the concrete filling ratio. The findings suggested that a higher 

concrete filling ratio can postpone the local buckling and fracture of steel tubes. 

Additionally, Xiang et al. [20] indicated that the concrete filling ratio can be used 

as an optimization design to achieve a balance between structural performance 

and load capacity. 

The concrete filling ratio should be designed as larger than the optimal ratio, 

which is defined as the minimum concrete filling ratio at which a partially CFST 

column can achieve the load capacity of a CFST column. Khalifa et al. [21] 

demonstrated that, circular partially CFST columns (fy=280MPa, D/t=101) can 

achieve the load capacity equivalent to 78% of CFST columns under the 

concrete filling ratio of 39%, with the failure mode being local buckling at the 

end of the hollow part. However, Wang et al. [22] showed that when the concrete 

filling ratio of a circular partially CFST pier with a transverse diaphragm with 

similar parameters (fy=315MPa, D/t=119) was equal to or greater than 33%, the 

specimen failed at the bottom of the bridge pier, exhibiting good seismic 

performance. The difference between the above two researches mainly lies in 

whether the transverse diaphragm is installed or not. Therefore, it is necessary 

to take certain measures to effectively transfer the load from the steel tube to 

infilled concrete, which can affect the optimal filling ratio and structural 

behavior of partially CFST columns.

 

             
(a) Partially CFST columns pier (b) Partially CFST pier in practice [1] 

Fig. 1 Partially CFST columns piers 

 

In order to enhance the interface shear capacity and composite effect of 

partially CFST columns, transverse diaphragms, longitudinal stiffeners, or a 

combination of both were deemed essential, as illustrated in Fig. 2. Usami et al. 

[23-24] conducted seismic test of rectangular partially CFST piers, and the 
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results indicated that stiffening ribs effectively increased the strength, stiffness, 

deformation capacity, and energy dissipation performance of the columns. Then, 

Ge and Usami [25] illustrated that transverse diaphragms were similarly 

successful in enhancing the seismic performance of the partially CFST piers. 

Kwon et al. [26] concluded that longitudinal stiffening ribs could increase the 

load capacity of partially CFST piers beyond the sum of the capacities of the 

steel tube, stiffening ribs, and concrete, demonstrating a favorable composite 

effect. However, the design and detailing of transverse diaphragms in partially 

CFST columns were not discussed or analyzed, such as the mechanism of these 

diaphragms resists the interface shear and the interface shear demand, which is 

important for proposing the design methods. 

The transverse diaphragm can effectively transfer the load from steel tube 

to infilled concrete and can be conveniently welded as shown in Fig. 3, so they 

facilitate utilizing the performance of the infilled concrete and have been widely 

used in practice. Two fundamental design parameters for the transverse 

diaphragm include the shear demand in partially CFST columns, as well as the 

load capacity of the diaphragm. Although both academic researches and 

practical projects adopt transverse diaphragms in partially CFST columns, the 

interface shear demand, design of diaphragms, and the selection of the optimal 

filling ratio needs to be systematically investigated for better guiding the design.

 

      
(a) With longitudinal stiffeners (b) With transverse diaphragm 

Fig. 2 The stiffening measures of partially CFST columns 

 
  

(a) Without transverse diaphragm (b) With transverse diaphragm 

Fig. 3 The force transmission effect of the transverse diaphragm 

 

In this study, a FE analysis model of partially CFST columns was 

established and verified, followed by parameter analysis of the behavior under 

the combined axial compression and lateral loads. The main parameters 

contained the concrete filling ratio, axial compression ratio, diameter-to-

thickness ratio of steel tubes, section size, aspect ratio, and material strength. 

Then, a calculation method for the optimal filling ratio, predicting the load 

capacity of transverse diaphragms. and the shear demand between the steel tube 

and infilled concrete were proposed. Finally, a design procedure was proposed.  

 

2.  Nonlinear analysis 

 

2.1. Model description 

 

The model was established by using the software ABAQUS. The eight-

node linear hexahedral element (C3D8R) was used for the steel tubes, concrete, 

and transverse diaphragms. Through sensitivity analysis of the mesh size, the 

element division size was set to one-tenth of the cross-sectional width [27]. 

Surface-to-surface contact interactions were established between the steel tube 

and infilled concrete, as well as between the transverse diaphragms and 

concrete. Finite sliding was used in the contacts, with its normal behavior 

being modeled as hard contact and its tangential behavior being represented 

by penalty functions incorporating a friction coefficient of 0.6 [28]. The 

transverse diaphragms were connected using “tie” constraints. The FE model 

and boundary conditions are shown in Fig. 4. The top surface of the column 

was coupled to point RP-1, where the load was applied; the bottom surface of 

the partially CFST column was fixed and coupled to point RP-2. 

A steel model followed an elastic-perfectly plastic model, as shown in Eq. 

(1), featuring an elastic modulus (Es) of 2.06×105 MPa and a Poisson’s ratio of 

0.3. The concrete was characterized by an elastic modulus (Ec) of 4700fc0.5 [29] 

and a Poisson’s ratio of 0.2, as shown in Eq. (2). A plastic damage model [30] 

was implemented for the concrete, incorporating the specific parameters detailed 

in Table 1. To characterize the tensile behavior of concrete, a fracture energy 
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model was employed, defining the tensile stress ft by the Ref. [31] and tensile 

fracture energy Gf as suggested in the CEB-FIP MC90 [32], as defined in Eq. 

(3) and Eq. (4). 

 

  
Fig. 4 FE model and boundary conditions 

 

𝜎 = {
𝐸s𝜀, (𝜀 ≤ 𝜀y)

𝑓y, (𝜀 > 𝜀y)
                                                                                       (1) 

 

where Es is the elastic modulus of steel; fy and ε are the yield stress and strain of 

steel, respectively. 

 

𝑦 = {
2𝑥 − 𝑥2, (𝑥 ≤ 1)

𝑥

𝛽0(𝑥−1)𝜂+𝑥
, (𝑥 > 1)

                                                                            (2) 

 

where 𝑥 = 𝜀/𝜀0 ; 𝑦 = 𝜎/𝜎0 ; 𝜎0 = 𝑓c
′ ; 𝛽0 = (𝑓c

′)/1.2√1 + 𝜉 ; 𝜉 = 𝐴s𝑓y/𝐴c𝑓ck ; 

𝜂 = 1.6 + 1.5/𝑥 ; 𝑓ck = 0.642𝑓cu ; 𝑓c
′ = 0.833𝑓cu ; 𝜀0 = 𝜀𝑐 + 800𝜉0.2 × 10−6 ; 

𝜀c = (1300 + 12.5𝑓c
′) × 10−6. 

 

Table 1  

Concrete parameter values 

 

𝑓t = 0.375𝑓cu
0.55

                                                                                         (3) 

 

𝐺f = 𝛼(0.1𝑓c)
0.7                                                                                          (4) 

 

where α is related to the size of concrete aggregates, taken as 0.03. 

 

2.2. Model verification 

 

To verify the accuracy of the FE analysis models, the experimental results 

of partially CFST columns under bending load [21] were selected and compared. 

The comparison of the failure modes is depicted in Fig. 5. The circular partially 

CFST column displayed plastic hinge formation at the end of the hollow section, 

with the simulated failure mode aligning closely with the experimental results. 

Meanwhile, the load-displacement curves depicted in Fig. 6 illustrated a good 

agreement between the FE analysis results and the experimental results.

 

  

(a) The failure mode of T160-16 (b) The FE result 

Fig. 5 Comparison of failure mode 
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Fig. 6 Comparison of load-displacement curves between FE analysis and experiments 

 

2.3. Parameter analysis 

 

2.3.1. Parameter matrix 

The models were subjected to combined axial compression and lateral 

loading. 440 FE models were designed, and the analysis parameters are listed in 

Table 2. Model designation conventions are explained using “n2-q235-4-33-40-

30%” as an example: “n2” signifies an axial compression ratio of n=0.2 (where 

n=N/(fyAs), As is the cross-sectional area of the steel tube), “q235” indicates a 

steel yield strength of 235 MPa, “4” represents an aspect ratio of L/D = 4, “33” 

represents a steel tube diameter-to-thickness ratio of D/t = 33, “40” denotes a 

cubic compressive strength of fcu=40 MPa, and “30%” indicates a concrete 

filling ratio (T) of 30%.  

The concrete filling ratio (T) ranged from 0% to 95%, with models 

established at 5% intervals. Using a binary search method, the optimal filling 

ratio, i.e., the minimum concrete filling ratio at which a partially CFST column 

basically reaches the load capacity of a CFST column, is determined with a 

precision of one hundredth of a percent. 

In order to ensure that the transverse diaphragm is sufficient to transfer the 

load to the concrete, the diaphragm was set as a solid plate, and the thickness of 

the transverse diaphragm was calculated based on the axial compressive load 

capacity of the steel tube as the shear resistance. The material properties were 

the same as the steel tube. 

 

Table 2 

Main design parameters of the partially CFST models 

Model Number 

Main design parameters 

Steel tube 

outer diameter  

D (mm) 

Steel tube 

thickness 

t (mm) 

Aspect ratio 

L/D 

Concrete strength 

fcu（MPa） 

Steel strength 

fy（MPa） 

Axial compression 

ratio n 

n1-q235-200-4-33-40-(0‒95) 200 6 4 40 235 0.1 

n2-q235-200-4-33-40-(0‒95) 200 6 4 40 235 0.2 

n3-q235-200-4-33-40-(0‒95) 200 6 4 40 235 0.3 

n4-q235-200-4-33-40-(0‒95) 200 6 4 40 235 0.4 

n5-q235-200-4-33-40-(0‒95) 200 6 4 40 235 0.5 

n6-q235-200-4-33-40-(0‒95) 200 6 4 40 235 0.6 

n2-q235-400-4-33-40-(0‒95) 400 12 4 40 235 0.2 

n2-q235-600-4-33-40-(0‒95) 600 18 4 40 235 0.2 

n2-q235-800-4-33-40-(0‒95) 800 24 4 40 235 0.2 

n2-q235-200-4-20-40-(0‒95) 200 10 4 40 235 0.2 

n2-q235-200-4-25-40-(0‒95) 200 8 4 40 235 0.2 

n2-q235-200-4-50-40-(0‒95) 200 4 4 40 235 0.2 

n2-q235-200-8-33-40-(0‒95) 200 6 8 40 235 0.2 
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n2-q235-200-12-33-40-(0‒95) 200 6 12 40 235 0.2 

n2-q235-200-16-33-40-(0‒95) 200 6 16 40 235 0.2 

n2-q355-200-4-33-40-(0‒95) 200 6 4 40 355 0.2 

n2-q460-200-4-33-40-(0‒95) 200 6 4 40 460 0.2 

n2-q690-200-4-33-40-(0‒95) 200 6 4 40 690 0.2 

n2-q235-200-4-33-20-(0‒95) 200 6 4 20 235 0.2 

n2-q235-200-4-33-30-(0‒95) 200 6 4 30 235 0.2 

n2-q235-200-4-33-50-(0‒95) 200 6 4 50 235 0.2 

n2-q235-200-4-33-60-(0‒95) 200 6 4 60 235 0.2 

 

2.3.2. Failure modes 

The influence of the concrete filling ratio on the failure modes follows a 

similar pattern in different models, represented by models n2-q235-4-33-40-(0‒

95%).  

As shown Fig. 7(a), at a concrete filling ratio of 0 (i.e., steel hollow tube), 

the failure mode is characterized by plastic buckling at the bottom of the steel 

tube. With increasing concrete filling ratio (0% to 10%), the failure mode 

changes to plastic buckling of the steel hollow section (SHS) above the steel-

concrete interface, resulting in increased load capacity and ductility, as shown 

in Fig. 7(b). When the concrete filling ratio increased to the range of 10% to 

28%, as depicted in Fig. 7(c), the failure mode changes from buckling of the 

SHS to plastic hinge formation at the bottom of the column. This indicates that 

the optimal filling ratio is 28%. Beyond the optimal filling ratio, the failure mode 

is the same as shown in Fig. 7(d). As the concrete filling ratio further increases, 

the stiffness slightly improves, while the load capacity and ductility barely 

change, as shown in Fig. 8.

 

    
(a) T =0% (b) T=10% (c) T=28% (d) T=50% 

Fig. 7 Failure modes of partially CFST columns under different concrete filling ratios 
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Fig. 8 Load-displacement curves of partially CFST columns with different concrete filling ratios 

 

2.3.3. Parametric analysis 

Before analyzing the impact of various parameters on the optimal filling 

ratio, it is necessary to clarify that, as explained in Section 2.3.2, when the 

optimal filling ratio is achieved, the failure mode of the partially CFST column 

is characterized by the formation of plastic hinges at both the base of the column 

and the SHS above the steel-concrete interface. Both sections reach their 

combined compressive and bending load capacity.  

At this point, if the strength of the composite section enhances, the lateral 

load will also increase, while the strength of SHS remains unchanged, which 

will cause the failure of the hollow steel tube. To ensure the failure mode 

mentioned earlier, the concrete filling height will increase, so the optimal filling 

ratio will increase, as shown in Fig. 9(a). Conversely, if the strength of the SHS 

increases, the SHS will not fail. To achieve the desired failure mode, the height 

of concrete filling should be reduced, resulting in a decrease in the optimal filling 

ratio, as shown in Fig. 9(b), in which Ms and Msc represent the compression-

bending capacity of the SHS and the composite section, respectively. In addition, 

Ms1 and Msc1 represent the compression-bending capacity of the strengthened 

SHS and composite section, respectively. From this analysis, it can be concluded 

that the optimal filling ratio is related to the relative strength of the SHS and the 

composite section. When the load capacity of the composite section increases 

more significantly compared to the SHS, the optimal filling ratio decreases, and 

vice versa. 

(1) Axial compression ratio 

When the axial compression ratio ranges from 0.1 to 0.6, the lateral load 

capacity decreases with an increase in the axial compression ratio (Fig. 10(a)). 

Once the optimal filling ratio is reached, the load capacity basically un-changes, 



Jian Jiao et al.  350 

 

 

at the optimal filling ratio, the differences in the load capacity among the 

columns decrease. This is because before reaching the optimal filling ratio, the 

failure occurs in the SHS above the concrete interface, and the influence of axial 

compression ratio on the steel tube is obvious; when the optimal filling ratio is 

reached, the composite section of the column base fails, while the influence of 

axial force is relatively small. 

The optimal filling ratio increases with the axial compression ratio as 

depicted in Fig. 10(b). This is also because when the axial force increases, the 

compressive and bending load capacity of the composite section decreases less 

than the SHS. The relationship between the axial compression ratio and the 

compression-bending capacity of the sections can be determined based on the 

N-M curve, as shown in Fig. 11(a), and the load capacity ratios of the two 

sections under different axial compression ratios are shown in Fig. 11(b). It can 

be observed that as the axial compression ratio increases, the compression-

bending capacity of the composite section becomes relatively stronger compared 

to the unfilled steel tube section, resulting in an increase in the optimal filling 

ratio.

 
(a) Optimal filling ratio increases with a stronger composite section 

 
(b) Optimal filling ratio decreases with a stronger steel hollow section 

Fig. 9 The influence of two types of sections strength on the optimal filling ratio 
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(a) Load capacity-filling ratio curves (b) Optimal filling ratio under different axial compression ratios 

Fig. 10 Effect of axial compression ratio on the load capacity and optimal filling ratio 
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(a) Comparison of N-M curves for two sections (b) The ratio of load capacity decreases with axial compression ratios 

Fig. 11 Effect of vertical load on the load capacity of SHS and composite section 
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(a) Load capacity-concrete filling ratio curves (b) Optimal filling ratio under different diameter-to-thickness ratios 

Fig. 12 Effect of diameter-to-thickness ratio on the load capacity and optimal filling ratio 

 

20 25 30 35 40 45 50
0.55

0.60

0.65

0.70

0.75

0.80

M
s/

M
sc

D/t

0.77

0.65

0.72

0.75

 

Fig. 13 The ratio of load capacity decreases with diameter-to-thickness ratios 

 

(2) Diameter-to-thickness ratio 

When the diameter-to-thickness ratio ranges from 20 to 50, the lateral load 

capacity decreases with an increase in the diameter-to-thickness ratio (Fig. 

12(a)). This is because as the ratio of diameter-to-thickness increases, the 

strength of the composite section decreases, resulting in a corresponding 

decrease in load capacity of columns at every concrete filling ratio. 

The optimal filling ratio increases with the diameter-to-thickness ratio (Fig. 

12(b)). This is because when the steel tube thickness reduces, the compression-

bending capacity of the SHS reduced more, as shown in Fig. 13. 

(3) Steel strength 

Fig. 14 (a) depicts that the lateral load capacity of steel tubes increases with 

the increase of steel strength in the range of 235MPa to 690MPa. This is because 

the increase of steel tube strength enhances the compressive-bending load 

capacity of the composite section. 

Fig. 14(b) illustrates the optimal filling ratio increases with increasing steel 

strength. This is attributed to the fact that as the steel strength increases, the 

compression-bending capacity of the composite section increases relatively 

smaller than that of the SHS, as shown in Fig. 15. 

(4) Concrete strength 
When the concrete strength ranges from 20MPa to 60MPa, there is no 

difference in lateral load capacity before reaching the optimal filling ratio (Fig. 

16(a)). However, once the optimal filling ratio is achieved, the load capacity 

increases with higher concrete strength. This is because the concrete strength is 

only related to the load capacity of the composite section. Therefore, when the 

SHS is damaged, the load capacity of every CFST column is consistent. When 

the composite section is damaged, the load capacity of the section increases with 

the increase of concrete strength. 

The optimal filling ratio increases with increasing concrete strength (Fig. 
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16(b)). This is attributed to the fact that as the concrete strength increases, the load capacity of the composite section is enhanced.
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(a) Load capacity-concrete filling ratio curves (b) Optimal filling ratio under different steel strengths 

Fig. 14 Effect of steel strength on the load capacity and optimal filling ratio 
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Fig. 15 The ratio of load capacity increases with steel strengths 
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(a) Load capacity-concrete filling ratio curves (b) Optimal filling ratio under different concrete strengths 

Fig. 16 Effect of concrete strength on the load capacity and optimal filling ratio 
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(a) Load capacity-concrete filling ratio curves (b) Optimal filling ratio under different aspect ratios 

Fig. 17 Effect of aspect ratio on the load capacity and optimal filling ratio  
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(a) Load capacity-concrete filling ratio curves (b) Optimal filling ratio under different section sizes 

Fig. 18 Effect of section size on the load capacity and optimal filling ratio 

 

 
Fig. 19 Critical failure mechanism of partially CFST columns 

 
(5) Aspect ratio 

When the aspect ratio ranges from 4 to 16, the lateral load capacity is 

independent of the aspect ratios (Fig. 17(a)). Meanwhile, the aspect ratio has 

little effect on the optimal filling (Fig. 17(b)). This is because, within the 

considered parameter range, the change in aspect ratio has no effect on the 

strength of the two sections. 

(6) Section size 

Fig. 18(a) shows that when the section size ranges from 200mm to 600mm, 

the lateral load capacity increases with an increase in the section size. Fig. 18(b) 

illustrates the section size has no impact on the optimal filling ratio. This is 

because only changing the section dimension will lead to a proportional increase 

in the load capacity of both the SHS and the composite section. 

 

3.  Calculation method for the optimal filling ratio 

 

3.1. Simplified mechanical model 

 

When the aspect ratio of the column is greater than or equal to 4, the 

influence of cantilever shear deformation on structural performance can be 

ignored [32]. Therefore, compression-bending-shear components can be 

simplified as compression-bending components. 

 

3.2. Calculation formulas for the optimal ratio 

 

As mentioned before, the failure mode of partially CFST columns is 

characterized by a gradual transition from external buckling of the SHS to the 

formation of plastic hinges at the bottom of columns with increasing concrete 

filling ratio. At the critical point corresponding to the optimal filling ratio, as 

shown in Fig. 19, the SHS at the interface with the infilled concrete and the 

composite section at the bottom of column both reach their ultimate 

compression-bending capacity limits ( i.e. M1=Ms, and M2=Msc, where M1 and 

M2 correspond to the compression-bending capacity at the two respective 

sections in Fig. 19, Ms and Msc represent the ultimate compression-bending 

capacity of the SHS and the composite section, respectively), which is also 

applicable to columns subjected to cyclic loading. Thus, the following equation 

can be obtained: 

 
𝑀s

𝐿s
=

𝑀sc

𝐿
                                                                                                           (5) 

 

where Ls is the length of the unfilled concrete within the steel tube, Lc is the 

N                           

P                       
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height of the infilled concrete, and L is the total length of the steel tube. 

Based on the Eq. (5), the formula of optimal filling ratio can be further 

obtained in Eq. (6). 

 

𝑇0 = 1 −
𝑀s

𝑀sc
                                                                                (6) 

 
The compression-bending capacity of the composite section Msc and the 

SHS Ms can be calculated according to Refs. [33] and [34], respectively. 

 

3.3. Theoretical verification 

 

3.3.1. Comparison between theoretical and FE results of section capacity 

Comparisons between the theoretical values (Ms and Msc) with the FE results 

(Msf and Mscf) of the compression-bending capacity of the SHS and the CFST 

section are shown in Fig. 20. The average values of Msf/Ms and Mscf/Msc are 

1.0583 and 1.0302, respectively, with variances of 0.0041 and 0.0050, 

respectively. 

 

3.3.2. Comparison between theoretical and FE results of optimal filling ratio 

The comparisons of optimal filling ratios between the theoretical calculation 

and FE analysis results under different parameters are shown in Fig. 21. It can 

be seen that they are in good agreement, indicating the theoretical formulas have 

a certain degree of good accuracy.  
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Fig. 20 Comparison between theoretical and FE results 
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Fig. 21 Optimal filling ratios of partially CFST columns between theoretical calculation and FE analysis result under different parameters 

 
Table 3 

Comparison between theory and experimental results in reference [34] 

Specimen 
R 

（mm） 

t 

（mm） 
L（mm） 

Concretefilling 

ratio 

Test results

（kN） 

Calcul-ation 

results(kN) 
ratio 

Optimal filling 

ratio (%) 

SC34-66-00 140 4 1527 0 60.3 59.4 1.02 / 

SC34-66-24 140 4 1527 24% 72.7  

78.4 
0.93  

24.2% 

SC34-66-28 140 4 1527 28% 71.7 0.92 

SC34-66-35 140 4 1527 35% 75.6 0.96 

SC26-85-00 180 4 1527 0 96.4 99.4 0.97 / 

SC26-85-26 180 4 1527 26% 116.7  

124.8 
0.94  

20.4% 

SC26-85-35 180 4 1527 35% 116.1 0.93 

SC26-85-38 180 4 1527 38% 121.8 0.98 

 
3.3.3. Comparison between theoretical and experimental results of optimal 

filling ratio 

The calculation results of the test specimens from Ref. [34] are presented in 

Table 3, and the failure mode is shown in Fig. 22. Using the calculation formula 

proposed in this paper, the optimal filling ratios of the partially CFST columns 

in Ref. [34] at two diameter-to-thickness ratios are listed in Table 3. This 

suggests that the failure mode after reaching the optimal filling ratio is the 

formation of plastic hinges at the bottom of column, which is consistent with the 

failure mode explained earlier. 
 
4.  Shear resistance of the transverse diaphragm 

 

When a partially CFST column is subjected to combined axial compression 

and lateral loading, the interface shear needs to be transmitted from the steel 

tube to infilled concrete. Due to the reduced bond length of partially CFST 

columns, the natural bond strength between the steel tube and infilled concrete 

is significantly reduced, and necessary structural measures are required. 

Transverse diaphragms are critical structural elements to facilitate the composite 

effect between the steel tube and concrete in partially CFST columns. Therefore, 

it is necessary to analyze its transmission effect and load capacity. 

 

4.1. FE model of columns with transverse diaphragms 

 

4.1.1. Model description 

The shear resistance of the transverse diaphragm was simulated through a 

push-out experimental model. In this model, an additional rigid loading plate 

was introduced, with a diameter 2mm smaller than the inner diameter of the steel 

tube and the point load was applied at the loading plate. All other settings are 

the same as Section 2. The FE model and boundary conditions are shown in Fig. 

23. 

 

4.1.2. Model verification 

The shear resistance of the transverse diaphragm was simulated according 

to the Ref. [35], and the failure mode is shown in Fig. 24, where outward 

buckling occurred at the bottom of column. The comparison of load-

displacement curves between the test results and the FE result is shown in Fig. 

25. It can be seen that the FE model coincide effectively with the test. 

 

 

Fig. 22 Failure mode of SC-34-66-28
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Fig. 23 FE model and boundary conditions 

 

 
 

(a) Damage mode of CS400NR[35] (b)FE result 

Fig. 24 Comparison of damage mode 
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Fig. 25 Comparison of load-displacement curves 

 
4.2. Parameter analysis 

 

Akihiko Kono et al. [36] proposed a formula to calculate the shear strength 

Pd of a circular transverse diaphragm, as shown in Eq. (7). From the force 

analysis (Fig. 26), it can be seen that under axial load, the transverse diaphragm 

transfers the force from the concrete to the steel tube, and at this time, the 
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diaphragm is subjected to both pressure and reaction force. 

 

𝑃d = 𝜑𝑡d
𝜎𝑦

√3
                                                                     (7) 

where φ is the inner circumference of the steel tube, td is the thickness of the 

circular transverse diaphragm, and σy is the yield strength of the circular 

transverse diaphragm.

 

 

Fig. 26 Schematic diagram of the force acting on the transverse diaphragm 

 

 

Fig. 27 The failure of transverse diaphragm 

 

Table 4  

Main parameters of the transverse diaphragms  

Model Number fy (MPa) t (mm) d (mm) w (mm) 

q200-w30-t6-188 200 6 188 30 

q235-w30-t6-188 235 6 188 30 

q300-w30-t6-188 300 6 188 30 

q355-w30-t6-188 355 6 188 30 

q400-w30-t6-188 400 6 188 30 

q460-w30-t6-188 460 6 188 30 

q235-w30-t4-188 235 4 188 30 

q235-w30-t5-188 235 5 188 30 

q235-w30-t7-188 235 7 188 30 

q235-w30-t8-188 235 8 188 30 

q235-w30-t6-94 235 6 94 15 

q235-w30-t6-282 235 6 282 45 

q235-w15-t6-188 235 6 188 15 

q235-w20-t6-188 235 6 188 20 

q235-w25-t6-188 235 6 188 25 

q235-w35-t6-188 235 6 188 35 

q235-w40-t6-188 235 6 188 40 

q235-w45-t6-188 235 6 188 45 

q235-w50-t6-188 235 6 188 50 

 
A preliminary simulation was conducted on the model, as shown in Fig. 27. 

It was inferred that the failure mode of the transverse diaphragm was shear 

failure at the edge. Therefore, when the transverse diaphragm fails, its shear load 

capacity is related to the strength of the weld seam or the strength of the welded 

part. Therefore, four parameters, namely, the strength, thickness, outer diameter 

and width of the transverse diaphragm, were selected for analysis. 

Thus, 19 FE models were established as shown in the table 4, model 

designation conventions are explained using “q200-w30-t6-188” as an example: 

“q200” indicates a steel yield strength fy =200 MPa, “w30” indicates that the 

width of the transverse diaphragm w=30 mm, “t6” denotes that the thickness of 

the steel tube t=6 mm, and “188” represents that the outer diameter of the 

transverse diaphragm d=188 mm. It should be noted that in order to achieve the 

failure of the transverse diaphragm, the cubic compressive strength fcu=50MPa, 

the steel tube strength fy=690MPa, and the diameter-to- thickness ratio (D/t) is 

set to 33.3, the length of the steel tube was taken as 400mm, the length of the 

concrete is 350mm, the transverse diaphragm was located in the middle of the 

steel tube. In order to obtain the load capacity of the transverse diaphragm, the 

contact between the concrete and steel tube interface and the concrete and 

transverse diaphragm interface was set to be frictionless. 
 
4.2.1. Thickness 

The load capacity of transverse diaphragm linearly increases with the 

thickness of transverse diaphragm as depicted in Fig. 28. 

 

4.2.2. Strength 
Fig. 29 depicts that the load capacity of transverse diaphragm linearly 

increases with yield strength (fy). 
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(a) Load-displacement curves of transverse diaphragms with different thicknesses (b) Load capacity of transverse diaphragms with different thicknesses 

Fig. 28 The effect of thickness on the load capacity of transverse diaphragms 
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(a)Load-displacement curves of diaphragm under different strengths (b) Load capacity of transverse diaphragms with different strengths 

Fig. 29 Effect of strength on the load capacity of transverse diaphragms 
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(a) Load-displacement curves of diaphragm under different outer diameters (b) Load capacity of transverse diaphragms with different outer diameters 

Fig. 30 Effect of outer diameter on the load capacity of transverse diaphragms 

 

4.2.3. Outer diameter of the diaphragm 
Fig. 30 depicts when the outer diameter of the transverse diaphragm ranges 

from 94mm to 282mm, the transverse diaphragm load capacity almost linearly 

increases with transverse diaphragm strength. 

 

4.2.4. Width 

The load capacity suddenly increases when the width of the transverse 

diaphragm increases from 15mm to 20mm (The corresponding ratio of 

diaphragm area to concrete area ranges from 0.38 to 0.29), while further 

increasing the width does not significantly improve the load capacity (Fig. 31).  

The reason is that the compressed concrete area is too small, its load capacity is 

insufficient, and the concrete is crushed. Therefore, in order to prevent concrete 

from being crushed, the width of the diaphragm must be controlled. Ref. [37] 

reported that the annular compression area in steel tube concrete shall not be less 

than 1/3 of the concrete section, which is consistent with the FE results. In 

summary, the width of the transverse diaphragm is not considered as the main 

influencing factor, but it should not be too small, it is recommended to set the 

area of the transverse diaphragm to 1/3 of the concrete cross-sectional area, 

conservatively taking, w=0.1d. 
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(a) Load-displacement curves of transverse diaphragms with different widths (b) Load capacity of transverse diaphragms with different widths 

Fig. 31 Effect of width on the load capacity of transverse diaphragms 

 

4.3. Design method for transverse diaphragms 

 

4.3.1. Transverse diaphragm load capacity 
The load capacity of the transverse diaphragm is primarily proportional to 

thickness, strength, and perimeter length of the transverse diaphragm. The FE 

results were compared with the formula calculation results, as shown in Fig. 32. 

It can be seen that Eq. (7) is relatively conservative and can be used to predict 

the load capacity of the diaphragm. 

 
4.3.2. Load capacity reduction factor ω 

When the partially CFST column is subjected to the combined lateral and 

axial loads, the equivalent plastic strain nephogram of concrete under peak load 

is shown in Fig. 33, and it can be seen that the failure of concrete is mainly 

concentrated in the compression zone, indicating that the concrete here loads a 

large force, while the concrete in the tension zone is almost not subjected to 

force. Additionally, as shown in Fig. 34, the transverse diaphragm reaches yield 

in the compression zone, but the stress in the tension zone is basically small. 
Therefore, the force acting on the transverse diaphragm decreases uniformly 

along the negative y-axis direction, as shown in Fig. 35, and the reduction factor 

is defined as ω. ω can be calculated as Eq. (8), and the calculated reduction 

factor of transverse diaphragm is 0.5. 

 

𝜔 = (
2∫ 𝑅 cos 𝜃𝑑𝜃

𝜋
2
0

𝑅
+

2 ∫ 1−𝑅 cos 𝜃𝑑𝜃
0

−
𝜋
2

−𝑅
)/2𝜋                                  (8) 

 

Therefore, the load capacity of the transverse diaphragm in partially CFST 

column under combined lateral and axial loads can be obtained from Eq. (9). 

 

𝑃c1 = 0.5𝜑𝑡d
𝜎𝑦

√3
                                                                (9) 
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Fig. 32 Comparison between theory results and FE results 

 

 

Fig. 33 Equivalent plastic strain nephogram of concrete under peak load 
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Fig. 34 Stress nephogram of the transverse diaphragm Fig. 35 Schematic diagram of reduction factor ω 

 

5.  Interface shear demand and design procedure 

 

5.1. Shear demand in partially CFST columns 

 

From the force analysis shown in Fig. 36, it is evident that under combined 

lateral and axial loads, the interface shear force exists between the inner wall of 

the steel tube and the surface of the infilled concrete. The interface shear 

resistance should be greater than the shear demand, so the transverse diaphragms 

are sufficient to transfer the load to the infilled concrete, allowing the infilled 

concrete to be fully utilized. Note that the contribution of friction is ignored and 

used as a strength reserve. 

The calculation of the plastic load capacity of the composite section is based 

on the following assumptions: 

(1) At the ultimate limit state, transverse diaphragms can effectively transfer 

the shear force between the steel tube and infilled concrete. 

(2) The tensile resistance of the concrete is neglected. 

(3) The plane remains plane.

 

 
Fig. 36 Schematic diagram of mechanism analysis under lateral and compression loads 

 

 

                      

Fig. 37 Force conditions of circular composite section under compression-

bending state 
Fig. 38 Simplified calculation diagram 
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5.2. Calculation of shear demand for circular composite sections 

 

Fig. 37 shows the force diagram of a circular composite section under 

compression and bending, for ease of explanation, the section is divided into 

three zones: ①, ②, ③. And the equilibrium equation of the force (∑F=0) is 

obtained: 

 

𝐶s + 𝐶c − 𝑇s − 𝑇s1 −𝑁 = 0                                                                               (10) 

 

where Cc is the axial compressive resistance of the compressed concrete, Cs is 

the axial compressive resistance of the steel tube in zone ③, Ts is the tensile 

force of the steel tube in zone ①, Ts1 is the tensile force of the steel tube in zone 

②. 

As shown in Fig. 37, zone ① and zone ③ are completely symmetrical, 

therefore, Eq. (11) can be obtained: 

 
𝐶s = 𝑇s                                                                                                                    (11) 

 
Simultaneous Eq. (10) and (11) 

 

𝑁 = 𝐶c − 𝑇s1                                                                                                              (12) 

 

As shown in Fig. 38, simplify the concrete area within the 2h range to the 

gray area and simplify the steel tube area within the 2h range to the shaded area 

(h is the distance from neutral axis to central axis). Therefore, Cc and Ts1 can be 

expressed as 

 

𝐶c = (
𝜋𝐷2

8
− ℎ𝐷)𝑓c

′
                                                                                              (13) 

 

𝑇s1 = 4𝑡ℎ𝑓y                                                                                                       (14) 

 

where, f 
c
’ is the cylinder compressive strength of concrete, t is the thickness of 

the steel tube, D is the inner diameter of the steel tube, R is the inner radius of 

the steel tube. 

Eq. (12), Eq. (13) and Eq. (14) are combined to calculate h, as shown in Eq. 

(15). 

 

ℎ =
𝜋𝐷2

8
𝑓c
′−𝑁

𝑓c
′𝐷+4𝑡𝑓𝑦

                                                                       (15) 

 

The above calculations are based on the compression zone being above the 

centerline of the section. At this point, the height of the compression concrete 

zone is 

 

𝑥 = 𝑅 − ℎ                                                                              (16) 

 

Then, substitute Eq. (15) into Eq. (16): 

 

𝑥 = 𝑅 +
𝑁−

𝜋𝐷2

8
𝑓c
′

𝑓c
′𝐷+4𝑡𝑓𝑦

                                                              (17) 

 

when the height of the compression zone x is greater than the radius R, the result 

remains unchanged. 

The shear demand for composite sections is 

 

𝑁v = 𝐴c
′𝑓c

′                                                                           (18) 

 

where A 
c
’ is the concrete area in compression zone, and A 

c
’ can be determined 

by Eqs. (19) and (20). 

 

𝐴c
′ = (𝛽𝑅2 − 𝑅sin𝛽)/2                                                          (19) 

 

𝛽 = arc sin
ℎ

𝑅
                                                                        (20) 

 
5.3. Calculation verification 

 

Fig. 39 shows a schematic diagram of the composite section under 

combined axial and lateral loads. The calculation of the compression-bending 

capacity for circular composite section corresponding to the shear demand is as 

follows: 

 

𝑀c = 𝐴𝑐
′ 𝑓c

′𝑦st + 4𝑓𝑦 ∫ 𝑅0
2𝑡 sin𝜃𝑑𝜃

𝜋

2
𝛼

=
2

3
(

ℎ

tan𝛼
)
3

𝑓c
′ + 4cos𝛼 𝑅0

2𝑡𝑓𝑦               (21) 

 

where yst is the distance from the central axis for Cc, R0 is the radius of the center 

surface of the steel tube, α is the angle in radians between the edge of the 

compression zone and the positive direction of the x-axis.  

The comparison between the calculated results (Mc) based on shear demand 

and the theoretical values (Mch) are shown in Table 5. The average ratio of 

Mc/Mch is 0.9453, with a variance of 0.00089. The results indicate that the 

calculated results agree well with the theoretical values. 

 

Table 5 

Comparison of calculated values with theoretical values 

 

Model Number 

Composite section 

Mc 

（kN·m） 

Mch 

（kN·m） 
Mc/ Mch 

C235-n1-200-4-33-32 64.92 70.19 0.9249  

C235-n2-200-4-33-32 67.98 71.59 0.9496  

C235-n3-200-4-33-32- 70.35 73.58 0.9561  

C235-n4-200-4-33-32 71.89 73.13 0.9830  

C235-n5-200-4-33-32 72.52 72.09 1.0060  

C235-n6-200-4-33-32 72.21 70.38 1.0260  

C235-n2-400-4-33-32 538.70 588.77 0.9150  

C235-n2-600-4-33-32 1811.47 1989.22 0.9106  

C235-n2-800-4-33-32 4285.51 4626.42 0.9263  

C235-n2-200-4-20-32 102.05 109.17 0.9348  

C235-n2-200-4-25-32 85.64 91.37 0.9373  

C235-n2-200-4-50-32 49.15 53.44 0.9197  

C355-n2-200-4-33-32 97.76 101.51 0.9631  

C460-n2-200-4-33-32 122.77 130.57 0.9403  

C690-n2-200-4-33-32 175.14 185.36 0.9449  

C235-n2-200-4-33-20 62.55 67.79 0.9227  

C235-n2-200-4-33-30 65.68 70.70 0.9290  

C235-n2-200-4-33-50 69.90 74.91 0.9331  

C235-n2-200-4-33-60 72.01 76.80 0.9376  

 Average value 0.9453 

 Variance 0.00089 

  

 
Fig. 39 Schematic diagram for calculating compression-bending capacity of circular composite section 
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Fig. 40 Design procedure for partially CFST columns 

 
5.4. Design procedure 

 
Base on the comprehensive analysis of the mechanism of partially CFST 

columns, the main process is shown in Fig. 40. Firstly, based on the known 

engineering conditions and structural requirements, specific parameters for the 
partially CFST columns can be designed. Secondly, the optimal filling ratio can 

be calculated from the compression-bending capacity of the SHS and composite 

section using Eq. (6). Then, the shear demand of the partially CFST columns can 
be computed from the column dimensions, materials, and load conditions using 

Eq. (17) and Eq. (18). Finally, With Eq. (9), design recommendations for w=0.1d, 

considering the dimensions, and shear demand of the partially CFST columns, 
the design parameters for the transverse diaphragms can be determined. The 

design process concludes with the establishment of the concrete filling ratio and 

transverse diaphragm design, completing the design procedure for the partially 
CFST columns. 

 

6.  Conclusions 

 

This study comprehensively discusses the influence of various parameters 

on the load capacity and optimal filling ratio of partially CFST columns. Based 

on the extensive FE and theoretical analysis of partially CFST column, the 

following observations and conclusions can be drawn: 

(1) The concrete filling ratio can alter the failure mode of circular partially CFST 

columns subjected to combined constant axial compression and lateral loading. 

With an increase in the concrete filling ratio, the failure position shifts from the 

SHS above the filling interface to the bottom composite section. 

(2) Prior to reaching the optimal concrete filling ratio, the load capacity, ductility, 

and stiffness of partially CFST columns increase with increasing concrete filling 

ratio. After reaching the optimal filling ratio, the load capacity and ductility 

remain relatively constant, but the stiffness increases. 

(3) The optimal filling ratio of partially CFST columns under combined 

compression and lateral loads increases with increasing axial compression ratio, 

diameter-to-thickness ratio and concrete strength but decreases with increasing 

steel material strength. However, it is largely unaffected by the aspect ratio and 

section size. 

(4) Transverse diaphragms transfer interface shear force, and the load capacity 

of transverse diaphragms is linearly related to the thickness, strength, and outer 

diameter of the transverse diaphragms. The calculation formulas for the load 

capacity of the transverse diaphragm in partially CFST columns was proposed. 

Additionally, it is recommended to use 0.1 times the outer diameter of the 

transverse diaphragm as the width of the transverse diaphragm. 

(5) The interface shear demand in partially CFST columns was theoretically 

derived. By matching the shear demand with the load capacity of the transverse 

diaphragm, the design of the transverse diaphragm can be determined. 

(6) The design procedure that can facilitate their wider applications for partially 

CFST columns was summarized and proposed, in which the optimal filling ratio 

and transverse diaphragm dimensions are main parameters. 

Future research should focus on the application and optimized design of 

partially CFST columns in frame structures. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Two new types of assembled wall-slab joints are proposed for thin double skin composite shear walls and steel truss floor 

slabs, which are commonly used in construction. Pure bending tests were performed to investigate the failure modes and 

mechanical performance of these newly devised wall-slab joints. The results demonstrated that the new assembled wall-

slab joints offer superior flexural bearing capacity and ductility. When subjected to pure bending load, the steel truss floor 

slabs failed before the joints, adhering to the design principle of “strong joints and weak members”. Finite element models 

for the new assembled wall-slab joints were established and compared with test results. Furthermore, recognizing the 

prefabricated floor slab's failure section as the weakest, a new formula to calculate the bending capacity of these wall -slab 

joints was proposed, based on the principle of sectional force balance. Notably, these calculated results were more 

conservative than the test results. 
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1.  Introduction 

 
Owing to high population density and limited land resources, many urban 

areas in China have experienced an increase in the height of residential buildings 

to conserve urban land and accommodate large populations. As the height of 

these buildings increases, their structural sensitivity to lateral loads, such as 

seismic and wind forces, becomes more pronounced. Shear wall systems, which 

comprise rigidly connected shear walls and floor slabs, effectively counteract 

these lateral loads and are commonly employed in high-rise construction[1]. 

Previous studies have identified that the highest stress concentrations occur at 

the joints between shear walls and slabs under seismic loads. The primary failure 

mode in these joints is often attributed to inadequate ductility, resulting from 

improper arrangement in the joint zones, which can lead to potential global 

structural failures[2]. Consequently, numerous scholars have conducted extensive 

experimental research on traditional shear wall-to-slab joints and proposed more 

detailed reinforcement strategies[3-7]. These strategies include dual-layer 

reinforcement within the wall, additional transverse reinforcement, external FRP 

grid reinforcement, cross bracing, and X-type reinforcements, among others. 

These methods have been demonstrated to significantly enhance the load-

bearing performance of these joints. 

In the realm of prefabricated construction, the safety of joints between 

precast shear walls and floor slabs becomes paramount. Precast reinforced 

concrete shear walls are typically manufactured in factories and assembled on-

site using wet joints at wall-to-slab interfaces. To enhance the bond 

characteristics in the core areas of these joints, reinforcing bars from the slabs 

are anchored within the shear walls. The entire assembly is made to work as a 

unit once the cast-in-place concrete reaches the desired strength[8]. Comparative 

studies between precast and cast-in-place joints have confirmed the structural 

integrity of prefabricated wall-to-slab joints[9-12]. 

Additionally, double skin composite (DSC) shear walls, a prevalent 

structural form in prefabricated construction, are widely used in nuclear facilities 

and high-rise buildings due to their high load-bearing capacity, superior seismic 

performance, and construction ease[13-15]. Per the Chinese code “Technical 

Specification for Steel Plate Shear Walls” [16], steel plates in commonly used 

shear walls are recommended to be at least 10 mm thick, with an optimal 

thickness ratio between the wall body and steel plates ranging from 25 and 100. 

Therefore, the minimum thickness of commonly used DSC shear wall is 250mm. 

However, in an effort to maximize indoor space, developers are increasingly 

reducing the thickness of shear walls, prompting researchers to develop 

innovative forms of thin DSC shear walls[17-20]. Studies indicate that, even with 

reduced wall thickness, these walls maintain a high load-bearing capacity and 

stiffness, and their seismic performance remains robust[18]. The interior of the 

thin DSC shear walls is segmented into channels with smaller cross-sectional 

areas, facilitating the integration of transverse reinforcements within the 

specimens, significantly enhancing their strength[17]. 

Common connection techniques for DSC shear walls with cast-in-place 

floor slabs involve reserving anchoring steel bars and shear connectors at the 

wall ends, followed by welding floor slab rebars to these anchors before pouring 

concrete[21]. Assembly methods for precast composite floor slabs and shear walls 

may similarly follow these procedures. However, installing precast composite 

floor slabs requires reliable support from below, which complicates construction. 

Despite numerous patents filed on the connections between steel plate shear 

walls and precast composite floor slabs, mechanical performance tests remain 

scarce, leaving the reliability of these connections unverified. Consequently, this 

study introduces two new types of assembly connection connections between 

thin DSC shear walls and prefabricated floor slabs. Compared to existing 

connection types, these improvements directly support the composite floor slabs 

on the lower flanges of angle or H-shaped steel, thereby simplifying construction 

and enhancing convenience. 

To investigate the connection performance of thin DSC shear walls and 

prefabricated floor slabs, the steel truss floor slab is utilized, as shown in Fig. 1. 

The steel truss comprises upper rebars, lower rebars and web rebars, assembled 

through spot welding. Comprising the steel truss and the composite plate, 

together with the cast-in-place concrete above, forms a complete steel truss floor 

slab. The composite plate can be used as the formwork for pouring concrete and 

can bear the weight of concrete and certain construction loads during the 

construction stage. The steel truss floor slab is widely used in China towing to 

its standardization, high load-bearing capacity, and ease of construction. 

In this study, we introduce two new types of assembled wall-slab joints for 

thin double skin composite shear walls and steel truss floor slabs. A pure bending 

test of these two types of new assembled wall-slab joints is conducted. The 

failure modes and mechanical properties of these newly assembled wall-slab 

joints across various joint forms and slab thicknesses were investigated.  Using 

the ABAQUS finite element platform, finite element models of the new 

assembled wall-slab joints is established and compared the simulation results 

with the test outcomes to evaluate the modeling method’s feasibility. A method 

for calculating the pure flexural bearing capacity of the joints, based on the stress 

balance of the broken section of the specimen is proposed. The finding of this 

research may serve as a reference for applying the new assembled wall-slab 

joints in engineering practices and for predicting the joints’ bearing capacity. 
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Fig. 1 Steel truss floor slab 

 
2.  Experimental study 

 

Two types of assembled wall-slab joints, Type I and Type II, were tested. In 

the construction of the Type I, an angle steel is affixed to the shear wall, with the 

prefabricated floor slabs subsequently placed atop the angle steel. Anchorage 

steel bars are threaded through both the shear wall and floor slab. The process 

concludes with the pouring of the floor concrete. For the Type II joint, an H-

shaped steel with unequal upper and lower flanges is welded to the shear walls, 

and the lower flange of the H-shaped steel supports the prefabricated floor slabs. 

Similarly, the anchorage steel bars are threaded through the shear wall, H-shaped 

steel and the floor slab. This assembly concludes with the pouring of the floor 

concrete. These two types of joints obviate the need for traditional bottom 

formwork and support frame in concrete floor slabs, thereby optimizing process 

flow and accelerating assembly speed. Anchored steel bars are strategically 

positioned in the tension area of the joints to counteract the tensile stresses 

induced by bending moment. Due to structural design considerations, the 

anchoring reinforcement bars in the Type I joint may be positioned either above 

(Fig. 2a) or below (Fig. 2b) the upper rebars of the slab, leading to variable floor 

thickness. Consequently, this study produced three joint specimens: two angle-

steel joints (Type I), namely CWSA140 (Fig. 2a) and CWSA120 (Fig. 2b), and 

one H-steel joint (Type II), labeled CWH130 (Fig. 2c). 

 

 

   

(a) CWSA140 (b) CWSA120 (c) CWH130 

Fig. 2 Structure of joints of DSC shear wall and stee truss floor slab 

 

2.1. Specimen design 

 

Three assembled wall-slab joints have been designed for thin DSC shear 

walls and steel truss floor slabs. The DSC shear wall features a width of 130 mm, 

steel plate thickness of 6 mm on both sides, and is infilled with C30 concrete. 

The composite floor slab comprises a steel bar truss deck, model TD7-90, 

produced by Duowei Union Group Co., Ltd. The floor slab incorporates three 

trusses, each 90 mm high and 100 mm wide, spaced 100 mm apart. The upper 

and lower rebars of the steel truss have a diameter of 12 mm, while the web 

rebars measure 5.5 mm in diameter. The steel plate, angle steels, and H-steel are 

composed of Q345B steel, whereas the steel bar utilizes HRB400. The shear bolt 

specification is M16×80. The anchoring reinforcement bars measure 10 mm in 

diameter and 400 mm in length, extending into the floor slab. Each specimen 

contains three anchorage bars, spot-welded with the upper rebars of the steel 

truss. The tension bolts on the shear walls are spaced300 mm apart and have a 

diameter of 10 mm. Detailed sizes of the specimens are provided in Table 1, and 

their structure is illustrated in Fig. 3. The thickness of the concrete protective 

layer is 15mm. Distance between the hinged support and both ends of the 

specimen is 200 mm. 

 

2.2. Material properties 

 

Six cubic concrete test blocks (150 mm × 150 mm × 150 mm) were prepared, 

and a cube compression test was performed after 28 days of curing. The 

measured compressive strength of the concrete cubes was 35.65 MPa. According 

to the “Metal Materials tensile test method at room temperature” guidelines, the 

yield strength, tensile strength, and elastic modulus of various steels were 

measured (Table 2). The material testing results for the steel and concrete are 

presented in Figs. 4 and 5. 

 

 

Table 1  

Statistics of pure bending specimens 

Group 
Specimen 

number 

Shear wall 

size 

T × B × 

H/mm 

Single 

slab 

length 

L/mm 

Slab 

thickness 

t/mm 

SA/HB  

size/mm 

Total 

length 

L/mm 

Type I 
CWSA140 130×500×600 1600 140 60×80×8×8 3330 

CWSA120 130×500×600 1600 120 60×80×8×8 3330 

Type 

II 
CWH130 130×500×600 1600 130 

124×290

（150）
×10×12 

3330 

 
Table 2  

Properties of steel and concrete materials 

Name 
Thickness 

t/mm 

Yield strength 

fy (MPa) 

Ultimate 

strength 

fu (MPa) 

Modulus 

of 

elasticity 

E 

Steel plate 5.8 389.58 569.42 205045.82 

Steel angle 8.2 390.43 541.36 205292.88 

Upper rebar 

/Lower rebar/ 

anchorage 

rebar 

12 425.49 599.38 183110.96 

Web rebar 10 254.07 523.43 181384.68 

Compressive 

strength of 

concrete 

fc=35.65Mpa 
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(a) Front view of the overall structure 

 

(b) Vertical view of the overall structure 

Fig. 3 Specimen size and overall structure (taking Type II joint as an example) 

 

   

(a) Loading device (b) Steel plate and SA specimens (c) Reinforcement bar specimens 

Fig. 4 Properties test of steel materials 

 

  

(a) Loading device (b) Concrete specimens 

Fig. 5 Properties test of concrete materials 



Jie Liu et al.  367 

2.3. Test device and measurement 

 

In the Civil Structures Laboratory of Tianjin University, a laboratory 

reaction frame, sensors, and an MTS electro-hydraulic servo loading device (Fig. 

6) were utilized to conduct the pure bending tests on newly assembled wall-slab 

joints. The orientation of the joint specimens, depicted in Fig. 2, was initially set 

in a regular placement direction. Under bending moment load, the lower part of 

the joint experiences compressive stress while the upper part undergoes tensile 

stress. During testing, to simulate the actual stress conditions experienced in 

practical applications, the specimens were rotated 180 degrees (Fig. 6). A 

vertical load was applied downward along the length direction of the specimen 

at two points, one-quarter of the way from each end, to mirror the load 

distribution typical in engineering application. For descriptive supposes, the 

directions of the specimen were labelled as N- and S-directions. Side A 

represented the compression surface, side B faced the tension surface, side D 

faced the tester, and side C was oriented opposite to the tester. 

 

 

Fig. 6 Loading device of pure bending test 

 

2.4. Measuring arrangement and loading system 

 

Principal positions were identified for measuring strain and deformation in 

the specimens. Fig.7 and Fig.8 illustrate the arrangement of the strain gauge and 

linear variable displacement transducers (LVDTs) on the specimens. The pure 

bending test was a unidirectional static loading test. In the preloading stage, 10% 

of the initial calculated cracking load was applied in five incremental stages, 

with each stage maintained for one min. This stage was followed by verifying 

the working status and connection of the instrument, and the familiarity of the 

operators. It was then unloaded to zero. A grading loading system was adopted 

during formal loading, and 10% of the calculated yield load was loaded at each 

stage, and 5% of the yield load was controlled when it was close to the ultimate 

load. The test was stopped when the load was directly loaded to 80% of the 

ultimate load or the peak load or the crack width of the concrete reached 10 mm.  

 

 

Fig. 7 Strain gauge and LVDTs of pure bending test 

 

Fig. 8 Reinforcement strain gauge arrangement 

 

3.  Results and analysis 

 

3.1. Test phenomenon 

 
The test procedure was divided into three stages. 

 (1) Elastic Working Stage to Tensile Zone Concrete Cracking Stage. 

Initially, all sections exhibited minimal bending moments, and the specimens 

remained in an elastic working state. As the load escalated, the first crack 

appeared approximately 150 mm from the loading point within the slab's tension 

zone. Comparing the cracking load of different specimens, it can be found that 

specimen CWSA140 was the first to crack, while specimen CWH130 

demonstrated the greatest resistance, cracking last.  

(2) Tensile Zone Concrete Cracking Stage to Longitudinal Tension 

Reinforcement Yield Stage. As the load increased, cracks in the slabs 

proliferated and propagated from the tension zone to the compression zone along 

the slab height. Crack began to propagate at 45-degree angle on both sides, and 

the rate of crack width expansion accelerated. Significant deflection was 

observed as the specimens reached the yield load. Cracks within the tensile zone 

were evenly distributed across the bending zone along the slab length.  

(3) Longitudinal Tension Reinforcement Yield Stage to Failure Stage. 

Subsequent to the longitudinal tension reinforcement yielding, a noticeable 

inflection point was observed in the load-displacement curve of the specimens, 

with specimen deflections increasing rapidly. Specimens CWSA140, CWSA120 

and CWH130 failed upon reaching vertical displacements of 99, 173, and 110 

mm, respectively. The failure points were all located within the concrete's 

compression zone, 150 mm away from the loading point in the S-direction. 

Despite the increase in load, the number of cracks stabilized, but their width 

expanded significantly. As specimen CWSA140 reached the ultimate load, the 

bearing capacity declined abruptly, accompanied by the audible snap of the 

reinforcing bar. The bearing capacity of specimen CWSA140 initially increased 

with continuous loading due to stress redistribution within the force section, 

before eventually declining. A significant cracking sound was noted as the 

vertical displacement of specimen CWSA140 reached 155 mm, which was 

immediately followed by the emergence of a substantial crack at the loading end 

in the S direction and a sharp decline in bearing capacity, signalling the 

conclusion of the test. For specimen CWSA120, the slab cracked and the bearing 

capacity plummeted when the vertical displacement reached 183 mm. The slab 

of specimen CWH130 fractured with a loud noise upon reaching the ultimate 

load of 49.31 kN, reducing its bearing capacity to zero. 

After the test, all specimens demonstrated significant deflections, with a 

extensive crack in the S-direction of the three slabs (Fig. 9). The maximum crack 

widths at the final failure stage for specimens CWSA140, CWSA120, and 

CWH130 were recorded as 5 mm, 10 mm, and 2 mm, respectively. Notably, the 

deformation resistance of the H-steel joint (CWH130) exceeded that of the 

angle-steel joints (CWSA140 and CWSA120). Damage within the mid-span 

joint region of all three specimens was depicted in Fig. 9. In specimen 

CWSA140, cracks originated at the interface between the shear wall and the 

floor slab at the base, ascending along the interface.  These cracks ascended 

along the contact surface, halting at the angle flange (Fig. 10a). Simultaneously, 

the concrete floor slab near the specimen's loading point sustained crushing and 

damage. The crack development in the joint area of specimen CWSA120 was 

mirrored that of specimen CWSA140. After the tensile zone's concrete cracking, 

anchored rebars underwent tensile stress. Since the anchoring reinforcement 

bars of the angle-steel joints (CWSA120 and CWSA140) were positioned 

differently, the anchoring reinforcement bars of CWSA120 were only activated 

when the concrete cracks were substantial. Consequently, the deformation 

capacity of CWSA120 was inferior to that of CWSA140, resulting in more 

extensive crack development in the joint area (Fig. 10b). The anchorage bars in 

the joint area of specimen CWH130 extended into the H-shaped steel's interior, 

thereby preserving the joint area's integrity. Cracks that appeared in CWH130 

during the initial loading stage did not expand in the subsequent stages (Fig. 

10c).  



Jie Liu et al.  368 

  

(a) Deformation and bottom cracks (b) Deformation and concrete fracture 

Fig. 9 Overall deformation of the three specimens 

 

   
(a) CWSA140 (b) CWSA120 (c) CWH130 

Fig. 10 Local failure of the three specimens 

 

  
(a) CWSA140 (b) CWSA120 

  
(c) CWH130 (d) Comparison of the three specimens 

Fig. 11 Load–displacement curves 
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3.2. Load–displacement curve 

 

Fig.11 presents a comparison of the load–displacement curves for the three 

specimens. The load was measured using a 50 T sensor coupled with a static 

acquisition instrument. The vertical displacement was calculated by averaging 

the readings from of LVDTs Y-5 and Y-6. Key points on each load–displacement 

curve was highlighted to emphasize specific characteristics. 

 The specimen CWSA140 exhibited the greatest initial stiffness and 

ultimate load. Upon achieving its ultimate load, the bearing capacity of specimen 

CWSA140 experience a significant reduction. This abrupt decrease can be 

primarily attributed to the breakage of the slab tensile rebars at the loading beam 

in the S-direction. Despite additional load increments, the concrete in the slab's 

tensile area continued to disengage from the applied load, culminating in the 

steel rebars at the crack reaching their capacity limit. As the crack width 

expanded, the bearing capacity of specimen CWSA140 declined rapidly. When 

specimens CWSA120 and CWH130 reached their ultimate bearing capacity, 

there was a continuous increase in the crack width in the slab's tensile zone at 

the loading end in S direction. Following the fracture of the tensile rebars, the 

bearing capacity of the two specimens decreased rapidly and could no longer 

sustain additional load. Due to safety concerns, the tests were terminated at this 

juncture.  

Compared to specimen CWSA120, the ultimate load of specimen 

CWSA140 increased by 14.72%, and the ultimate displacement decreased by 

13.93%. This variationist primarily attributed to the different placements of the 

anchorage rebars. In specimen CWSA140, the arrangement of anchorage rebars 

not only increased the section height of the sla but also enhanced its flexural 

stiffness. In comparison to specimen CWSA120, the initial stiffness of specimen 

CWH130 improved, the ultimate load increased by 3.27%, and the ultimate 

displacement decreased by 36.02%. Although specimen CWH130 exhibited 

earlier cracking compared to the SA connection specimens, the progression of 

these cracks was more gradual. The angle-steel joints specimens developed 

cracks at a later stage, yet these exhibited larger final crack widths compared to 

those in the H-steel joint specimen. 

The ductility and deformation capacity of the test specimens were evaluated 

by analysing the ductility coefficient and the rotation capability. All three 

specimens demonstrated ductility coefficients exceeding 5, indicative of 

superior ductility in the connections between the DSC shear wall and the steel 

truss floor slab. Notably, specimen CWSA120 exhibited the lowest bearing 

capacity yet excelled remarkable ductility. The ratio of the ultimate bearing 

capacity to the yield bearing capacity (Pp/ Py) of all three specimens ranged 

between 1.47-1.89. This data suggests that the flexural bearing capacity of these 

assembled wall-slab joints possesses a substantial safety margin. Additionally, 

the peak angle θp of all specimens exceeded 1/10, demonstrating the robust 

deformation ability of these assembled wall-slab joints. 

Here, Py and Δy represent the yield load and yield displacement, respectively, 

Pp and Δp represent the peak load and peak displacement, respectively, θy and and 

θp represent the floor rotation under yield load and peak load, respectively, μ 

represents the ductility coefficient.

 

Table 3 

Characteristics of each specimen 

Specimens Py/kN Δy/mm θy Pp/kN Δp/mm θp μ Pp/ Py 

CWSA140 37.16 26.64 1/52 54.78 197.12 1/5.5 7.4 1.47 

CWSA120 25.26 20.33 1/62 47.75 229.01 1/4 11.26 1.89 

CWH130 30.56 24.87 1/34.4 49.31 146.52 1/13.5 5.89 1.61 

 

  

a) Tensile reinforcement (b) Lower rebar 

  

(c) Upper rebar (d) SA/HB flanges 

Fig. 12 Strain analysis of specimens 
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3.3. Strain analysis 

 

Fig. 12 illustrates the load-strain curves for the three specimens. The upper 

rebars of the steel truss at the loading point reached the yield stress in all 

specimens, which is consistent with the observed fracture positions. Conversely, 

the lower rebars of the steel truss, which were subjected to compressive stress, 

did not yield at the ultimate load. Notably, strain development in the upper rebars 

within the tensile zone near the joint area was significantly slower than at the 

loading point. Upon reaching the ultimate load, the tensile rebars in the joint 

zone of specimens CWSA140 and CWSA120 did not yield, while those in the 

joint tension zone of specimen CWH130 reached the yield stress. This behavior, 

coupled with the failure phenomena observed in the joint areas (Fig. 10), 

demonstrates that the joint structure of the CWH130 specimen is more logical 

and effective. The anchoring rebars in specimen CWH130 proved effectively 

anchoring the two prefabricated floor slabs and shear walls, thereby efficiently 

transmitting the negative bending moment of the floor slab. 

4. Finite element analysis 

 

4.1. Finite element modeling 

 
Finite element models for the newly assembled wall-slab joints of thin 

double skin composite shear walls and steel truss floor slabs were developed 

using the ABAQUS finite element platform. Based on tensile test results of steel 

plates and rebars, the constitutive models of all steel components were 

simplified. The simplified constitutive model of steel plate and rebars adopted 

the elastoplastic stress-strain relation model proposed by Han et al, as indicated 

in Fig. 13(a). The stress-strain relation model of concrete adopted the 

constitutive relation proposed by in Appendix C of the Code for Design of 

Concrete Structures[22], as indicated in Fig. 13(b). Additionally, the damage 

plasticity model defined in ABAQUS was used to simulate the three-way force 

relationship in the concrete of shear wall and slabs. Key material parameters 

were determined according to previous studies[23-25].

 

  

(a) Stress-strain relation model of steel (b) Stress-strain relation model of concrete 

Fig. 13 Stress-strain relation models of steel and concrete 

 

Each component of the joint model is meticulously constructed to match the 

dimensions of the test specimens. Concrete, steel plates, angle steel, H-shaped 

steel, studs, and bolts are all simulated using ABAQUS's three-dimensional 

eight-node reduced integration unit (C3D8R). Steel rebars are simulated using 

the three-dimensional two-node truss unit (T3D2). To optimize the balance 

between computational accuracy and efficiency, the mesh size for the steel truss 

is set at 20mm, while the mesh for other components is set at 30mm. 

The steel rebar is first built with line unit, then all rebars are combined into 

a steel rebar skeleton using the "merge" option of the "Assembly" module of 

ABAQUS. This steel rebar skeleton is then assigned as a "truss" unit in the 

"Grid" module of ABAQUS. The steel rebar skeleton is embedded into the 

concrete slab using the "embedded" command. A detailed contact model is 

established at the interface of each component to simulate the contact behavior. 

The main contact interfaces are between: the shear wall steel plate and internal 

concrete, the shear wall steel plate and concrete slab, the angle steel and concrete 

slab, the H-shaped steel and concrete slab, the bolt hole and its contact plane, 

and the support and concrete slab. These contact relationships are defined as 

"face to face" contact. The tangential behavior between contact surfaces is 

simulated using a frictional contact, with a friction coefficient of 0.4. The normal 

behavior between the contact surfaces is simulated using "hard contact". The 

"Tie" command is used to simplify the welding connections between the shear 

wall outer steel plate and angle steel, the shear wall steel plates and H-beam steel, 

the angle steel and bolts, and the H-beam steel and bolts. 

To simulate the test's hinged boundary conditions and loading modes, 

supports and loading beams are positioned at the corresponding positions. 

Reference points (RP-3 and RP-4) are established on the support plane, 

constraining the 3-direction translation (Ux, Uy and Uz) and horizontal rotation 

(Rx). Reference points (RP-1 and RP-2) are established on the plane of the 

loading beam, and a vertical downward displacement load (Uz) is applied. Given 

the similarity in the models of the two angle-steel joints (CWSA140 and 

CWSA120), the specimen CWSA120 is taken as an example. The details of 

finite element model for specimen CWSA120 are shown in Fig. 14. The details 

of finite element model of CWH130 are shown in Fig. 15.

 

 
 

(a) FE model (b) mesh of model 

  

(c) concrete slab  (d) steel rebar skeleton 
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(e) DSC shear wall (f) angle steels (g) shear bolts 

Fig. 14 Boundary condition and mesh generation of specimen CWSA120 

 

 

  
(a) FE model (b) mesh of model 

  

(c) concrete slab  (d) steel rebar skeleton 

 
 

 

(e) DSC shear wall (f) H-steel (g) shear bolts 

Fig. 15 Boundary condition and mesh generation of specimen CWH130 

 

 

4.2. Results analysis 

 

The bending failure images obtained from the tests of the three specimens 

were compared to the outcomes of the finite element simulation results (Fig. 16). 

The three-dimensional finite element models effectively simulated the overall 

bending failure mode for each specimen. Notably, observations from models 

CWSA140 andCWSA120 indicate that the highest stresses occur at the angle 

steel flange in the compression zone of the connection, where cracks also 

develop between the concrete and the external steel plate of the shear wall in the 

tension zone. These failure patterns in the joint core area are consistent with 

experimental observations. Future analysis focused exclusively on the failure of 

the floor slab’ failure reveals that the points of maximum concrete stress in the 

compression zones of model CWSA140 and specimen CWSA120 are located 

approximately 100 mm and 150 mm from the load points, respectively, aligning 

closely with the locations of concrete crushing observed in the experiments. 

Further examination of model CWH130 shows that the maximum stress occurs 

at the flange of the H-shaped steel in the compression zone of the joint, with no 

cracks observed in the concrete of the tension zone—a finding that corroborates 

the experimental results. The position of maximum compressive stress in the 

concrete of model CWH130 is observed to be approximately 200 mm from the 

loading point, which closely matches the concrete crushing locations noted in 

the experiments. The slab's flexural zone stress could indicate the range of crack 

development, but the finite element results were unable to accurately predict the 

location and width of cracks or the crushing phenomenon of the concrete in the 

top surface of the slab's compression zone. This discrepancy arises primarily 

attributed to the limitations of the adopted concrete constitutive model, which 

does not account for the development of concrete cracks and shear transfer.  

The load-displacement curves obtained from the finite element analysis 

(FEA) of the three specimens were compared with the test results, as illustrated 

in Fig. 17. For specimen CWSA140, the finite element model effectively 

simulated the specimen's stiffness during the initial loading stage and the bearing 

capacity at the yield stage but failed to simulate the increase in bearing capacity 

observed during the later loading stage of loading. For specimens CWSA120 

and CWH130, the finite element model effectively simulated the specimens' 

stiffness at the initial loading stage but was unable to simulate the load decline 

observed in the tests. The bearing capacities obtained from the FEA for 

specimens CWSA140, CWSA120, and CWH130 were 49.59kN, 44.86kN, and 

48.49kN, respectively. These values represent a decrease of 9.47%, 6.05%, and 

1.66% compared to the test results. The discrepancies between the FEA results 

and the test results is within an acceptable range, supports that the modeling 

method used in this study accurately reflects the failure mode and bearing 

capacity of the new assembled wall-slab joints.
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(a) CWSA140  

 

 

          

  

(b) CWSA120  
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(c) CWH130  

Fig. 16 Comparison of the overall deformation of test results and finite element results 

 

  

(a) CWSA140 (b) CWSA120  

 

(c) CWH130  

Fig. 17 Comparison of load-displacement curves between test specimens and finite element results 
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5.  Calculation of bending capacity 

 

Structural integrity is critically dependent on the performance of 

connections. A compromised connection can lead to the collapse of an entire 

structure. The Technical Requirements for Steel Plate Shear Walls [16] and the 

Code for Seismic Design of Buildings[26], both emphasize the principle of “strong 

connections and weak members” at shear wall joints. In light of these 

requirements, the pure bending capacities of two newly assembled wall-slab 

joints were calculated, adhering to these existing codes. These calculations were 

conducted to assess the applicability of the current formula to the two newly 

assembled wall-slab joints.  The results serve as a crucial reference for the 

design of such connections in future projects. 

To accurately simulate the stress states of the joint specimens under normal 

operating conditions, the specimens were inverted during the testing phase. The 

configuration of the force application is illustrated in Fig. 18. The specimen's 

bottom supports are hinged, and the vertical load is applied at two quartile points 

along the specimen. This setup ensures that the section for the specimen between 

these two loading points is subjected exclusively to a pure bending state. 

 

 

(a) force diagram 

 

(b) bending moment distribution 

Fig. 18 The force diagram and bending moment distribution 

 

The relationship between the vertical load (F) and the bending moment 

(M) of the specimen is expressed as follows: 

 

max / 4M Fl=                                                      （4-1） 

 

Failure in specimens typically occurs at the connection positions on the 

floor slab adjacet to either side of the loading point. As a result, cross-section of 

the floor slab at these locations is the weakest section when subjected to bending 

moment loads. To calculate bending moment bearing capacity of these joint 

specimens, the calculation incorporates the maximum bending moment that the 

floor slab's cross-section is capable of bearing the bending capacity of the 

specimens. Fig. 19 illustrates the stress distribution across the floor section when 

it is subjected to a bending load. 

 

 

Fig. 19 Calculation diagram of floor cross section under bending moment 

 

According to the cross-section stress balance: 

 

s s s s cA A f bx  = +                                           （4-2） 

 

The ultimate bending capacity under bending load is obtained as follows: 

 

s 0= ( )s sM A h a −                                            （4-3） 

 

where 
s and 

s   are the stresses of longitudinally stressed steel bars in 

the tension zone and the compression zone, respectively; As and A s′ are the 
section areas of the longitudinal reinforced bars in the tension zone and 

compression zone, respectively; x is the distance between the edge of 

compression zone and the point at which the resultant force of the longitudinal 

reinforcement is applied; h0 is the effective height of the section; and 
sa  is the 

distance between the application point of longitudinally stressed reinforcement 

in the compression zone and the edge of the compression zone.  

Strain analysis (Fig. 12) demonstrates the longitudinal stressed steel bars 

(lower rebars of the steel truss) located in the compression zone of the three 

specimens do not attain the yield strain when subjected to the ultimate load. 

Consequently, the concrete range of the compression zone cannot be calculated 

using Eq. (4-2). Conversely, the rebars situated in the joint tension zone do reach 

the yield stress under the conditions of the yield load. Thus, the specimen's 

bearing capacity at yield moment and ultimate bending moment can be 

calculated using the subsequent formula: 

Bearing capacity at yield bending moment: 

 

𝑀𝑦 = 𝑓𝑦𝐴𝑠(ℎ0 − 𝑎𝑠
′ )                                          （4-4） 

 

Bearing capacity at ultimate bending moment: 

 

𝑀𝑝 = 𝑓𝑢𝐴𝑠(ℎ0 − 𝑎𝑠
′ )                                          （4-5） 

 

A comparison analysis of the calculated and test values is presented in Table. 

4. After the vertical bearing capacity (Py, Pp in Table. 3) is obtained, the yield 

bending moment (My)and ultimate bending moment (Mp) for the test specimens 

are calculated using Eq. (4-1). This comparison indicates that the error range for 

the predicted bending capacity of specimens CWSA140 and CWH130 using this 

calculation method is between 3%-8%. For specimen CWSA120, however, the 

error ranges from 11% to 20%. Notably, the predicted values for the ultimate 

bending capacities of all three specimens consistently fall below their test 

corresponding values. Consequently, it is safe to conclude that the calculation 

method proposed in this study is a reliable approach for predicting the ultimate 

bending capacity of the new assembled wall-slab joints for thin double skin 

composite shear walls and steel truss floor slabs. 
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Table 4 

Bend bearing capacity comparison between the calculated results and test results 

Specimens My/(kN·m) My,c/(kN·m)  Mp/(kN·m) Mp,c/(kN·m) My/My,c Mp/Mp,c 

CWSA140 27.22 26.54 40.13 37.39 1.03  1.07  

CWSA120 18.50 20.77 34.98 29.26 0.89  1.20  

CWH130 22.59 23.66 36.12 33.32 0.95  1.08  

 

6.  Conclusions 
 

This study introduced two newly assembled wall-slab joints f aimed at 

enhancing the safety of connection between thin double skin composite shear 

walls and steel truss floor slabs. The mechanical behavior of these joints was 

evaluated through pure bending tests conducted on three specimens with 

different connection structures., This evaluation involved test analysis, finite 

element simulation, and theoretical analyses. The following conclusions were 

reached: 

(1) The two newly assembled wall-slab joints exhibited superior mechanical 

properties under pure bending load. These joints exhibit reliable structure and 

excellent force transfer capabilities. The prefabricated floor slabs were identified 

as the primary failure points under pure bending load, while the joint region 

remained intact, adhering to the design principle of “strong joint and weak 

member”. All three specimens developed significant cracking at the loading 

points of the floor slabs, thus reaching the ultimate load. As a result, the bending 

capacity of these newly assembled wall-slab joints is predominantly dependent 

on the flexural performance of the floor slabs. Specifically, the specimens 

equipped with H-steel joint (CWH130) cracked the latest, exhibiting greater 

deformation resistance than the other two specimens. 

(2) The ABAQUS finite element model proposed in this study effectively 

simulated the mechanical behavior of the newly assembled wall-slab joints 

under pure bending loads. The three-dimensional finite element models 

effectively simulated the entire failure modes for each specimen. Despite the 

model’s limitation in precisely capturing the crack locations and the concrete 

crushing phenomena in the compression zones, it accurately predicted the 

overall bending failure modes. 

(3) Considering the failure section of prefabricated floor slab as the weakest 

section, this study introduces a method to calculate the bending capacity of these 

joints based on the principle of force balance. The deviations between the 

calculation results from this formula and the test results were under 20%. The 

formula's predicted ultimate bending capacities for the three joint specimens 

were conservative compared to the test values. The calculation method presented 

in this article provides a dependable foundation for the future engineering design 

and application of these newly assembled wall-slab joints. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Perfobond strips are integral to composite steel-concrete structures or joints between precast concrete elements. However, 

the diverse boundary conditions and design parameters in various applications have led to numerous empirical and analytical 

methods to investigate their shear behavior. Existing empirical formulas often fail to accurately assess the shear capacity of 

perfobond strip connectors under different conditions. This study addresses this issue by developing a comprehensive 

prediction model for the shear capacity of perfobond strip connectors using a Bayesian -optimized artificial neural network 

(ANN). The proposed model evaluates shear capacity under various conditions, including the presence or absence of 

penetrating rebar in perforations, the use of normal or fiber-reinforced concrete, and various experimental specimen shapes 

applied in different composite structures. By utilizing an extensive dataset of 253 specimens, including 136 previously 

tested by the authors, the model is trained and optimized with a Bayesian optimization algorithm using a Gaussian process 

prior. This approach explores a wide range of hyperparameters to achieve optimal performance. The results show that the 

model excels in predicting the shear capacity of perfobond strip connectors across different design parameters and 

experimental conditions. A subsequent parametric study confirms the model's consistency with the shear-resisting 

mechanism of perfobond strips, underscoring the reliability and effectiveness of the ANN-based model. This model serves 

as a valuable tool for accurately predicting shear capacity in perfobond strip connectors across diverse design scenarios.  
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1.  Introduction 

 

To ensure stress transfer between the steel and concrete components in 

composite structures, it is common to use shear connectors [1]. While headed 

studs have been the most used shear connectors [2, 3], the perfobond strip 

(called Perfobond Lestein in German, abbreviated as PBL) proposed by 

Leonhardt, et al. [4] has been increasingly utilized for various types of 

composite structures due to its unique advantages, such as high stiffness, good 

fatigue resistance [5], simple shape and flexible construction methods. 

Originally developed as a shear connector for composite girders, the PBL 

involves welding a steel plate with multiple perforations onto the top flange of 

the steel girder, as shown in Fig. 1(a). Concrete is then poured onto the concrete 

slab to fill the perforations, providing shear capacity that integrates the steel 

girder and concrete slab. 

Since its development for the first application in composite girder bridge, 

many types of applications of the PBL have been developed. Among them, in 

the corrugated steel web of composite bridges, a PBL is used as shown in Fig. 

1(b) [6-8]. In truss steel web composite bridges, PBL connectors are used at the 

joint between truss steel and concrete members, as shown in Fig. 1(c) [9]. 

Furthermore, in a composite deck designed to reduce the thickness of the bridge 

slabs and improve its fatigue durability, PBL connectors are also commonly 

used, as shown in Fig. 1(d) [10-12]. In these applications, the penetrating rebars 

are often placed in the perforations of the PBL to enhance the shear capacity 

and the stiffness of the shear connectors. In addition, Fig. 1(e) and Fig. 1(f) show 

examples of the PBL application in the rigid connection of the steel girder-

concrete pier [13], and the steel-concrete hybrid pier [14], respectively. 

Furthermore, Fig. 1(g) shows an example of the application of the PBL to the 

joint of a prestressed concrete girder and steel girder in hybrid girder bridges 

with a proven application record in multi-span continuous girder bridges [15, 

16]. Note that, in structures such as those shown in Fig. 1(e)-(g), the PBL is in 

concrete enclosed by a steel shell, so the PBL resists shear forces in the 

condition with the very highly confined condition. 

With the advancements in manufacturing and construction technologies for 

precast concrete components in recent years, developing joints between these 

components has become increasingly important. One perspective-joining 

method that has gained prevalence in recent studies is the utilization of PBL 

connectors. These have been applied to joints between precast reinforced 

concrete slabs [17, 18], precast concrete barriers in bridges [19], and steel 

columns and precast concrete walls in buildings [20], as shown in Fig. 1(h) to 

Fig. 1(k). However, narrow joints are often preferred in these cases, making it 

difficult to arrange the surrounding reinforcement. To address this issue, PBLs 

are often used in conjunction with high-strength steel fiber concrete to ensure 

concrete workability in narrow spaces and prevent brittle joint failure in the 

absence of surrounding reinforcement [21]. 

 

 

Fig. 1 Various applications of the PBLs: (a)  Composite girder bridge; (b) Steel web 

PC bridge, (c) Steel truss web composite bridge; (d) Composite deck, (e) Rigid 

connection between pier and concrete slab, (f) Hybrid pier, (g) Hybrid girder bridge, 

(h) Joint of precast concrete slabs, (i) Joint of precast concrete barriers, (j) Joint between 

steel columns and precast concrete walls, and (k) Joint of precast concrete walls 

 

As previously mentioned, PBL connectors have been utilized in a variety 

of applications, each with different usage conditions. Previous studies [22-28] 

have revealed that the shear capacity of PBL connectors is affected by several 

parameters, including the diameter and the number of perforations, the 

dimensions of perfobond steel plate, the diameter and the yield strength of 

penetrating rebar, the concrete strength, and particularly the confined conditions 

surrounding the PBL. In addition, the confined effect on the connector shear 

capacity depends on various factors, such as the specimen's concrete block 

dimension, specimen shape, support conditions during the loading test, and the 

arrangement of steel hoops or steel shells around the perfobond plate [29, 30]. 

Moreover, using high-strength fiber-reinforced concrete significantly increases 

confined effects in the absence of steel hoops [21]. However, most previous 
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studies offer empirical formulas to assess the shear capacity of PBL connectors 

based on a specific condition, without considering all the above parameters [4, 

22, 23, 30-36]. As a result, these formulas only predict the shear capacity of 

PBL connectors in specific usage cases. Consequently, engineers may find it 

challenging to develop or design new and diverse uses of the PBL, as depicted 

in Fig. 1, using these formulas. Therefore, a more comprehensive prediction 

method is needed that accounts for the influence of a broader range of design 

parameters. 

When a predicted value is influenced by multiple parameters, machine 

learning emerges as a promising method [37]. Recent studies have employed 

this technique to predict the shear capacity of PBL connectors. Allahyari, et al. 

[38] used an artificial neural network (ANN) to construct a prediction model 

based on the results of 90 collected test specimens. Sun, et al. [39] combined 

the backpropagation ANN model, the Genetic algorithm method, and the GSA 

method to develop a prediction model for the shear capacity of PBL connectors 

based on 107 specimens. However, most of the test specimens in these studies 

had a shape that corresponded to the use of the PBL in composite beams (Fig. 

1(a)). This means that two perfobond steel plates were welded on both sides of 

the H-shaped steel, and the concrete slabs were symmetrically poured on both 

sides. As a result, these models fail to account for the shear capacity of PBL 

connectors in scenarios where the surrounding concrete experiences high 

confinement or when PBL is combined with high-strength fiber-reinforced 

concrete. This is because the parameters concerning the shape of the test 

specimens are not readily quantifiable, making it difficult to incorporate them 

into the machine learning models. 

Therefore, this study aims to develop a comprehensive prediction model for 

the shear capacity of PBL connectors using an optimized neural network. While 

most previous studies have only proposed prediction models for the shear 

capacity under specific experimental conditions, including certain shapes and 

sizes of specimens, the novelty of this study lies in developing a model that can 

predict the shear capacity of PBL connectors under extensive experimental 

conditions, such as with or without penetrating rebar in the perforations, using 

normal or fiber-reinforced concrete, and especially for different shapes and 

dimensions of specimens. This allows engineers to use a single model to design 

the perfobond strip under various working conditions, thereby shortening the 

time needed to consider the correlation of each current design formula with the 

working conditions of the designed structure, requiring specialized knowledge 

to avoid errors when selecting inappropriate formulas.  

Initially, a dataset comprising 253 specimens from various studies with 

diverse experimental conditions, including 136 from the authors' tests, was 

compiled, making it the largest dataset used in any study. This dataset was then 

utilized to systematize the shear-resisting mechanisms of perfobond strips, 

providing readers with a more comprehensive understanding of these 

mechanisms across different working conditions. Then, these results are also 

compared with the calculated values of eight existing empirical formulas to 

clarify the correlation between the calculated and experimental values as well 

as the limitations of each formula. To overcome the limitation of the existing 

models, an ANN model is then developed for the prediction of the shear capacity 

of PBL connectors, where a total of 12 input variables are considered in the 

training data. The model is also optimized based on a Gaussian process prior 

through a Bayesian optimization algorithm considering a large range of 

hyperparameters. Since the ANN model has been trained, a comprehensive 

parametric study is finally carried out, where the effectiveness of some primary 

parameters on the shear capacity of PBL connectors is evaluated and discussed 

in detail. 

 

2.  Collection of experimental data from the push-out and pull-out tests 

 

Fig. 1 showcases the versatility of PBLs, widely employed in diverse 

applications. To investigate their shear capacity, researchers have proposed 

various test specimen shapes, as illustrated in Fig. 2. The five commonly used 

types, labeled A, B, C, D, and E, exhibit distinct configurations. While 

parameters like perforation diameter, number, steel plate dimensions, rebar 

diameter and yield strength, and concrete strength are variables across all 

specimens, there are also unique considerations for each type. Differences in the 

effects of confined surrounding concrete and the contribution of the bond 

between the steel plate and concrete contribute to varying shear capacities 

among the different PBL connector specimen types. 

In A and D specimens, the concrete surrounding the PBL is located at the 

center. In contrast, in B and C specimens, the perfobond plate is welded onto a 

base steel plate and positioned at the edge of the concrete block. As a result, the 

confined effect of the surrounding concrete on the connector shear capacity is 

greater in A and D specimens than in B and C specimens, particularly when the 

concrete block is enclosed in a steel shell, as in D specimens [40]. Furthermore, 

the support conditions during the loading test differ across specimens. For A 

and D specimens, the reaction forces appear over the entire bottom surface of 

the concrete block, with the total vector of the reaction force coinciding with 

the loading direction. Conversely, the total reaction force vector of B, C, and E 

specimens is eccentric to the loading direction, inducing a moment on the 

concrete block that may affect the connector shear capacity in these cases [36]. 

Additionally, the interface between the steel plate and concrete is more 

extensive in B, C, and D specimens than in A and E specimens, leading to 

differences in the contribution of the bond between steel plates and concrete to 

the shear capacity of the PBL connector among these specimen types. 

 

 

Fig. 2 Various types of test specimens for the PBL 

 

Due to the variety of factors that affect the shear capacity of PBL 

connectors, most studies have only investigated its capacity within a certain 

range of usage. To construct a comprehensive prediction model that considers 

most of the necessary design parameters, this study collected and constructed a 

dataset of 253 experimental specimens, with a wide range of parameters as 

shown in Table 1 [21, 29, 32, 34-36, 41-53].  

Among these specimens, 136 specimens were collected from the previous 

studies of the authors [21, 29, 34-36], with types A, B, and E, while the 

remaining specimens were collected from other studies. Twelve experimental 

parameters were considered, which is more than any previous model predicting 

the shear capacity of PBL connectors. 

 

Table 1 

Range of experimental parameters 

No. Parameters Notation Range 

1 Specimen type Shape 5 types (A – E) 

2 Perfobond plate thickness 𝑇 (mm) 8-25 

3 Perfobond plate width 𝑎 (mm) 60-300 

4 Perfobond plate length 𝐿 (mm) 100-655 

5 Number of perforations 𝑛 1-5 

6 Perforation diameter  𝐷 (mm) 30-90 

7 Rebar diameter 𝑑 (mm) 0, 10-25 

8 Concrete compressive strength 𝑓𝑐 (MPa) 14-105 

9 Volumetric content of steel fibers 

in concrete  

𝑉𝑓 (%) 0-2.3 

10 Yield strength of penetrating rebar 𝑓𝑦  (MPa) 0, 329-410 

11 Concrete block height 𝐻 (mm) 150-1000 

12 Concrete block width 𝐵 (mm) 150-500 

 

The dataset included 82 specimens that used penetrating rebars in the 

perforations and 172 specimens that did not. In addition, the dataset is composed 

of 5 different specimen shapes, with varying dimensions of the perfobond steel 
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plate, penetrating rebars, and concrete blocks. Notably, the compressive 

strength of the concrete ranged from 14-105 MPa, demonstrating that the dataset 

includes cases where the PBL is used in combination with high-strength 

concrete. 

Fig. 3 displays the distribution of key parameters. It can be observed that 

the data is focused on the range of design parameters commonly used for the 

PBL. Specifically, the data for specimens with perforation diameters is 

uniformly distributed between 30-70mm, while only a few specimens have 

diameters larger than 70mm (Fig. 3(a)). This is because the PBL is typically 

used within the width limit of perfobond steel plates under 150mm, and the 

diameter of the perforation is usually limited to half the width of the perfobond 

steel plate. The diameter of the penetrating rebar is evenly distributed between 

10-25mm in Fig. 3(b), while smaller diameter rebars are not used because they 

do not contribute much to the connector shear capacity. 

  

(a) (b) 

  

(c) (d) 

Fig. 3 Data distribution of main parameters related to shear capacity: (a) Perforation 

diameter, (b) Penetrating rebar diameter, (c) Concrete compressive strength, (d) 

Specimen types 

 

Furthermore, the compressive strength data for concrete is mainly 

concentrated within the range of ordinary concrete, which is 25-60 MPa (Fig. 

3(c)). However, there are also quite a few test specimens using high-strength 

concrete over 60MPa. On the other hand, the amount of data for specimen types 

A, C, and E is higher than that for types B and D. For type D specimens, the 

PBL is enclosed by a steel shell, which corresponds to a scenario where the 

concrete area around it has a very high confined condition, and this is rare in 

practical applications. Type B specimens are also rarely used because the stress 

transmission mechanism of this specimen is relatively similar to that of type C 

specimens. The effects of these parameters on the connector shear capacity, as 

well as the effect of the data distribution on the results of machine learning 

models, will be discussed in subsequent sections of the paper. 

 

3.  Shear resisting mechanism of the PBLs based on previous results 

 

3.1. Affecting mechanism of penetrating rebars 

 

Fig. 4(a), extracted from the authors' previous push-out tests [34, 35], 

presents examples of the relationship between shear force and slip for perfobond 

strips with a perforation diameter of 60 mm, both in cases without penetrating 

rebar (black lines) and with penetrating rebar of 13 mm diameter (red lines). It 

is noticed that other experimental parameters, such as concrete strength and the 

shape and size of the specimens, were kept consistent. The results indicate that 

the presence of penetrating rebar does not significantly influence the behavior 

in the initial stage of shear force, where the slip is below 3 mm; however, it does 

impact the subsequent stages of shear force. Based on this behavior, Fig. 4(b) 

idealizes the typical relationships between shear force and slip for both cases, 

with and without penetrating rebar. 

For a case without penetrating rebar, the shear-resisting mechanism of the 

PBL can be divided into three stages: (1) the linear region, (2) the nonlinear 

region, and (3) the softening region. Fig. 4(c) visually presents stress 

components, revealing key observations: 

In the linear region, PBL force is resisted by the bond at the steel plate-

concrete interface and concrete shear force in the perforation. Initial stiffness is 

high but diminishes in stage (2) when the interface stress exceeds bond strength. 

Variations in specimen behavior arise from the steel plate-concrete interface, 

influencing both initial stiffness and the linear region's endpoint. 

In the nonlinear region, PBL force is chiefly resisted by shear force on two 

concrete surfaces in the perforation. The maximum shear force, defining 

connector shear capacity, occurs upon shear fracture at these surfaces. Factors 

influencing capacity include perforation diameter, concrete strength, steel plate 

thickness, and confined conditions. The shape, size, support conditions, and the 

use of reinforcements or fiber-reinforced concrete also significantly impact 

shear capacity. 

Post-shear fracture in stage (2), concrete confinement around the PBL 

prevents abrupt shear force decline. Greater confinement leads to a gradual 

decrease in shear force. This region's characteristics, often dependent on coarse 

aggregate dispersion in the perforation, are typically modeled as a straight line 

with a negative slope in shear force-slip models. 

 

(a) 

 

(b) 

 

 

(c) (d) 

Fig. 4 Shear force–slip relationship of the PBLs: (a) Examples of the experimental 

shear force–slip relationships of the PBLs, (b) Model for shear force-slip relationship 

of the PBLs, (c) Shear resisting mechanism in the case without penetrating rebar, (d) 

Shear resisting mechanism in the case with penetrating rebar 

 

In the presence of a penetrating rebar in the perforation, the mechanism 

remains similar during stage (1) as previously explained. However, the rebar 

significantly enhances shear capacity in stage (2) and prevents sudden shear 

force reduction after reaching capacity in stage (3). Fig. 4(c) illustrates the 

rebar's action, encompassing the dowel effect from rebar flexural deformation 

and the confined effect in the concrete around the PBL due to the rebar-concrete 

bond. The penetrating rebar's diameter notably impacts shear capacity, while 

the steel plate thickness influences stress distribution and, consequently, the 

rebar's flexural deformation range. Concrete strength also affects this 

deformation. The shear-resisting mechanism with penetrating rebar is more 

intricate than without, with parameters influencing shear capacity mutually. 

Despite this complexity, the rebar arrangement aids in averting brittle failure of 

the shear connector, making it prevalent in PBL applications with low confined 

concrete conditions and convenient rebar arrangement. 

 

3.2. Affecting mechanism of specimen types and block dimensions 

 

Most previous studies have conducted experiments using basic parameters, 
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such as concrete strength, perforation diameter, perfobond steel plate thickness, 

and the diameter of penetrating rebar, on specimens with fixed shapes and 

dimensions. However, even when these experimental parameters are identical, 

the shear capacity of the perfobond strip can still vary. To clarify this, Fig. 5(a) 

[34, 45, 46] illustrates the impact of specimen shape, corresponding to types A, 

B, and C in Fig. 2, while Fig. 5(b) [29] demonstrates the influence of the 

dimensions of the concrete block surrounding the perfobond strip in type A 

specimens. All test samples in these figures were derived from the authors' 

previous tests, with a perforation diameter of 60 mm, perfobond steel plate 

thickness of 12 mm, concrete compressive strength of approximately 30 MPa, 

and no penetrating rebar. It is evident that both the specimen shape and the 

concrete block dimensions significantly affect the shear capacity of the 

perfobond strip. This effect can be explained by the different confinement 

effects exerted by the concrete region surrounding the perfobond strip in the 

various test specimens, as shown in Fig. 5(c). 

When shear force is transmitted to the concrete shear surface within the 

perforation, the uneven surface, caused by randomly distributed aggregates, 

generates a push-out force perpendicular to the perforation shear surface. This 

push-out force causes cracks to propagate into the surrounding concrete around 

the perfobond strip, ultimately reducing the shear capacity. In type A specimens, 

where the perfobond steel plate is centrally located within the concrete region, 

the confinement effect is generated from both sides of the strip, which is 

stronger than the effect generated from one side, as in type B and C specimens. 

This increased confinement effect restricts crack propagation into the 

surrounding concrete caused by the push-out force. Consequently, even with 

identical design parameters for the perfobond strip and concrete strength, the 

shear capacity of type A specimens remains higher than that of types B and C, 

as shown in Fig. 5(a). 

Additionally, the confinement effect increases when the distance from the 

edge of the perfobond steel plate to the outer surface of the concrete block is 

larger. This explains why increasing the width of the concrete block 

significantly enhances the shear capacity of the perfobond strip, as demonstrated 

by the results in Fig. 5(b). 

In summary, in addition to the basic design parameters, such as concrete 

strength, penetrating rebar, and perfobond strip dimensions, the boundary 

conditions and size of the concrete block surrounding the strip also significantly 

impact its shear capacity. This influence mechanism becomes more complex 

when multiple design parameters are varied simultaneously for different 

specimen types. Consequently, most current design formulas can assess the 

shear capacity of the perfobond strip under specific experimental conditions but 

show a low correlation with data when those conditions change, as will be 

discussed in Section 4 of this study. 

 

  
(a) (b) 

 

(c) 

Fig. 5 Affecting mechanism of specimen types and block dimensions: (a) Effects of the 

specimen types on the shear capacity, (b) Effects of concrete block width on the shear 

capacity, (c) Schematics of the affecting mechanism 

 

4.  Evaluation of the existing shear capacity formulas of PBL connectors 

 

4.1. Existing models for predicting the shear capacity of PBL connectors 

 

Accurately predicting the shear capacity of PBL connectors is essential for 

designing shear connectors in composite steel-concrete structures and joints 

between precast concrete components. Consequently, multiple studies have 

focused on developing empirical formulas to predict the shear capacity of PBL 

connectors. Table 2 presents eight formulas proposed in previous studies [4, 22, 

23, 30-36], arranged in chronological order of publication. Most of these 

formulas are based on statistical methods for experimental results, with 

experimental conditions and parameters varying within a specific range. 

Therefore, the range of applicability for each formula is determined based on 

the database used to construct it. However, to assess the applicability of these 

formulas over a broader range, the calculated values are compared with 

experimental results from a wide range of collected datasets, as described in a 

later section. 

 

Table 2 

Existing formulas for predicting the shear capacity of PBL connectors 

1 Leonhardt, et 

al. [4] 

For a case without penetrating rebar: 

𝑉𝑢 = 2.553𝐷2𝑓𝑐  

2 Oguejiofor 

and Hosain 

[22]  

𝑉𝑢 = 4.5ℎ𝑠𝑝𝑇𝑓𝑐 + 0.91𝐴𝑟𝑓𝑦 + 3.31𝐷2√𝑓𝑐 

3 Ahn, et al. 

[23] 
𝑉𝑢 = 3.14ℎ𝑠𝑝𝑇𝑓𝑐 + 1.21𝐴𝑟𝑓𝑦 + 1.895𝜋𝐷2√𝑓𝑐  

4 Chen [30] 𝑉𝑢 = 1.38(𝐷2 − 𝑑𝑟
2)𝑓𝑐 + 1.24𝑑𝑟

2𝑓𝑦 

5 JSCE [31] For a case without penetrating rebar: 

𝑉𝑢 = 1.6𝐷2𝑓𝑐   

For a case with penetrating rebar: 

𝑉𝑢 = 1.85𝐴 − 26.1 × 103 

In which,  

𝐴 =
𝜋(𝐷2 − 𝑑𝑟

2)

4
𝑓𝑐 +

𝜋𝑑𝑟
2

4
𝑓𝑡 

6 He, et al. [32] 𝑉𝑢 = 𝜏𝑏𝐴𝑏 + 1.06𝐴𝑐𝑓𝑐 + 2.09𝐴𝑟𝑓𝑦  

In which,  

𝜏𝑏 = −0.022𝑓𝑐 + 0.306√𝑓𝑐 − 0.573 

7 Zheng, et al. 

[33] 
𝑉𝑢 = 1.76(𝐴 − 𝐴𝑟)𝑓𝑐 + 1.58𝐴𝑟𝑓𝑦 

8 Nakajima 

and Nguyen 

[34-36] 

For a case without penetrating rebar and using normal 

concrete: 

𝑉𝑢 = 0.15𝜅1𝐴𝑓𝑐
0.65𝐴𝑠𝑏

0.43𝑇−0.5  

For the case without penetrating rebar and using high-strength 

steel fiber concrete: 

𝑉𝑢 = 𝜅1𝜅2𝜅3𝐴𝑓𝑐
0.65 

In which,  

𝜅1  = 1.0 or 0.78, 𝜅2  =  22𝑉𝑓  +  0.48 , 𝜅3  =  0.22𝑉𝑏
0.24 

for push-out force, and 𝜅3  =  0.17𝑉𝑏
0.24 for pull-out force 

For a case with penetrating rebar and using normal concrete: 

𝑉𝑢 = 𝑉𝑐 + 𝑉𝑟  

In which,  

𝑉𝑐 = 0.15𝜂𝜅1(𝐴 − 𝐴𝑟)𝑓𝑐
0.65𝐴𝑠𝑏

0.43𝑇−0.5 

𝑉𝑟 = 0.84𝑑𝑟𝑓𝑦𝐷0.1𝑇0.8 

𝜂 = 6.9𝑑𝑟
0.4𝐷−0.7 

Notes: 𝑉𝑢: Shear capacity per one perforation (N); 𝐷: Perforation diameter (mm); 

𝑓𝑐: Concrete compressive strength (MPa); ℎ𝑠𝑝: Width of perfobond steel plate (mm); 

𝑇: Thickness of perfobond steel plate (mm); 𝐴𝑟: Cross section of penetrating rebar 

(mm2); 𝑓𝑦: Yield strength of penetrating rebar (MPa); 𝑑𝑟: Penetrating rebar diameter 

(mm); 𝜏𝑏 : Bond strength between steel plate and concrete (MPa); 𝐴𝑏 : Steel plate-

concrete interface area (mm2); 𝐴𝑐: Area of concrete part in perforation (mm2); 𝐴𝑠𝑏: 

Side area of the concrete block surrounding the PBL (mm2);  𝜅1: Influence coefficient 

of the test specimen’s shape; 𝜅2: Influence coefficient of the volume content inside the 

concrete mixture; 𝜅3: Influence coefficient of the concrete block size; 𝜂:  Interaction 

coefficient between concrete and penetrating rebar 
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Table 2 reveals that the coefficients in the formulas vary, but most formulas 

share a relatively similar form. The formula of Leonhardt, et al. [4], which 

introduced the PBL concept, has the simplest form as it only considers the 

effects of concrete strength and perforation diameter. This is because Leonhardt 

et al. initially developed the PBL concept for composite beams and penetrating 

rebar was not arranged in the perforation. Their formula is based on the results 

of the type C specimen test. However, due to its simplicity and ease of use for 

engineers, the committee on hybrid structures of the Japan Society of Civil 

Engineers [31] has adjusted the coefficients based on this form and incorporated 

them into the corresponding standard to predict the shear capacity of PBL 

connectors without penetrating rebar. 

Oguejiofor and Hosain [22] proposed a method of using PBLs with 

penetrating rebar and intermittently welded perfobond steel plates on the steel 

girder flange, leading to three components that contribute to the connector shear 

capacity. These components include the bearing force at the perfobond steel 

plate's edge, the axial action of the penetrating rebar, and the concrete's shear 

force in the perforation. The contribution of each component is indicated by 

corresponding coefficients. Ahn, et al. [23] also developed a formula based on 

this concept but with coefficients adjusted based on expanded experimental data. 

It should be noted that the bearing force at the PBL edge is not considered in 

the calculation of the connector shear capacity for the specimens collected in 

this study. This is because a gap is established under the perfobond steel plate 

in all test specimens. Chen [30], He, et al. [32], and Zheng, et al. [33] also have 

similar forms but do not account for the end-bearing force at the perfobond 

plate's edge. Among them, the formula developed by He, et al. [32] considers 

the bond stress between the perfobond steel plate and concrete. Nakajima and 

Nguyen's formulas [34-36] have a basic structure that includes the concrete 

shear force in the perforation and the penetrating rebar's contribution. However, 

each component is more complex and considers more parameters than the other 

formulas, which are formulated based on an exponential function to assess the 

mutual influences of the parameters. 

 

4.2. Statistical analysis of the correlation between empirical formulas and 

experimental data 

 

Figs. 6(a)-(h) depict the correlation between the experimental shear 

capacity (target value) and the calculated values (output value) for each of the 

eight formulas presented in Table 2. The regression line is represented by the 

blue line in each figure, while the line 𝑦 = 𝑥 is indicated by the black dotted 

line, signifying the point at which the calculated value equals the experimental 

value. The vertical axis of each figure displays the formula of the regression 

line. Fig. 7 presents the statistical analysis results for the data in Fig. 6, with the 

Min, Max, and Mean ratios indicated by the minus sign for each formula. The 

standard deviation of the data is represented by the height of the blue rectangle, 

while the red plus sign denotes whiskers, signifying the data points that fall 

outside the trend determined by the regression analysis. 

Figs. 6(a)-(c) and Fig. 7 demonstrate that the formula of Leonhardt, et al. 

[4] overestimates the experimental shear capacity, whereas the formulas of 

Oguejiofor and Hosain [22] and Ahn, et al. [23] tend to underestimate the 

experimental values. The formula of Leonhardt, et al. [4] considers only the 

effects of perforation diameter and concrete strength and is based on a limited 

experimental dataset, which explains the discrepancy with the results of a more 

extensive dataset. In contrast, the formulas of Oguejiofor and Hosain [22], as 

well as Ahn, et al. [23], were developed based on specimens that include the 

end bearing force at the perfobond steel plate's edge. However, the calculated 

values in Figs. 6(b) and 6(c) do not account for this contribution since the test 

specimens used in this study have a gap established under the perfobond steel 

plate. Consequently, the resisting mechanism of the specimens in the database 

used to formulate the formulas of Oguejiofor and Hosain [22], as well as Ahn, 

et al. [23], differs from that of the specimens collected in this study, leading to 

a significant difference between the calculated and experimental values. 

Fig. 7 indicates that the remaining formulas have average values in the 

range of 0.75 to 1.1, while Figs. 6(d) to 6(h) reveal that the correlation 

coefficients differ among the formulas. The formula proposed by Chen [30] 

exhibits the lowest average ratio due to the limited dataset used to develop their 

formula. Conversely, the formula proposed by JSCE demonstrates a high 

average ratio and the most skewed data, as it only considers the basic parameters 

and reference structure of the Leonhardt et al. formula, leading to a low 

correlation with the large experimental dataset that accounts for many complex 

influencing factors. The average values corresponding to the recently proposed 

formulas by He, et al. [32], Zheng, et al. [33], and Nakajima and Nguyen range 

from 0.8 to 1.0, as they are based on larger experimental datasets than previous 

formulas. However, the standard deviation of the data using He et al.’s formula 

is relatively high because of the bond strength between the steel plate and 

concrete, which has a large experimental error. 

  

(a) (b) 

  

(c) (d) 

  

(e) (f) 

  

(g) (h) 

Fig. 6 Statistical analysis of the shear capacity ratio from existing formulas and 

experimental data: (a) Leonhardt et al., (b) Oguejiofor and Hosain, (c) Ahn et al., (d) 

Chen, (e) JSCE, (f) He et al., (g) Zheng et al., and (h) Nakajima and Nguyen. 

 

On the other hand, Nakajima and Nguyen’s formula indicates the best 

correlation with the experimental data based on all statistical parameters, such 

as the average value, correlation coefficient, standard deviation, and the number 

of skewed specimens, as it is based on a large database, considers many 

influencing factors by analyzing the PBL connector mechanism, and is suitable 

for the parameters of the connector within the common range. Nevertheless, the 

correlation coefficient in Fig. 6(h) is only 0.900, and there are still many skewed 

data points, especially those in the experimental shear capacity range above 300 

kN and below 80 kN. This may be attributed to the fact that Nakajima and 

Nguyen’s formula focuses only on the parameters of the connector within the 

common range, without considering cases where the perforation is too small or 

too large. 

In conclusion, the correlation of most current experimental formulas with 

the experimental dataset is not high, primarily due to (i) the limited dataset used 

in the statistical analysis to develop the formulas and (ii) the difficulty in 
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considering all the influencing factors based on conventional statistical methods. 

Hence, machine learning may provide a feasible solution when the influencing 

factors are complex, and the experimental dataset is large enough. 

 

 

5.  Optimization of neural network model 

 

5.1. ANN training data and feature selection 

 

In the literature, various machine-learning models have been employed to 

tackle regression problems [40]. In this study, an ANN model is utilized for 

prediction purposes. The ANN architecture, as illustrated in Fig. 8, includes an 

input layer, one or more hidden layers, and an output layer, with fully connected 

neurons. The input layer is comprised of n neurons, which correspond to the 

input variables of the training data. The hidden layers can contain one or 

multiple layers, and each layer consists of several neurons. The selection of the 

number of hidden layers and neurons per layer is based on the complexity of the 

problem and performance evaluation. The output layer is made up of one or 

more neurons, with each neuron representing a predicted output. During the 

training process, the ANN adjusts the weights of the connections between 

neurons to minimize the difference between the predicted outputs and actual 

outputs of the training data. 

The ANN model excels in capturing complex and nonlinear relationships 

between input variables and outputs. Prediction accuracy depends on the quality 

and quantity of training data, as well as model parameter selection. A well-

trained and optimized ANN model can offer precise and robust predictions for 

regression problems. 

 

 

Fig. 8 Example of ANN architecture 

 

This study uses 253 test results as training data, with 12 input variables and 

connector shear capacity as the output. Table 1 details the parameters and their 

ranges, with only specimen type labeled; other parameters are numeric. The data 

is split into a training set (85% or 215 data) and a test set (15% or 38 data). 

While the parameters in Table 1 are more comprehensive than in prior studies, 

some are not included. The yield or tensile strength of the steel plate is omitted, 

as failures primarily involve concrete shear or rebar fracture. Additionally, the 

reinforcement arrangement in the concrete block, a crucial parameter, varies 

widely in applications, complicating data collection. Furthermore, prior 

research by the authors has shown that this factor primarily contributes to 

preventing brittle failure rather than directly enhancing shear resistance [29, 34]. 

Hence, this parameter has been omitted. The influence of frictional force 

between the perfobond steel plate and concrete can be represented by 

parameters such as perfobond plate width and length. However, since the effect 

of frictional force between the base steel plate and concrete only appears in type 

B, C, and D specimens, and not in type A and E specimens, thereby it is not 

included. For type D specimens, this effect can be indirectly considered through 

the width and height of the concrete block. For type B and C specimens, as the 

width of the base plate varies minimally among specimens with the same type, 

the differences in the frictional force between the base steel plate and concrete 

among the specimens can also be indirectly assessed through the height of the 

concrete block. Therefore, the parameters related to the dimensions of the base 

steel plate are not listed. 

 

 

Fig. 9 Feature important scores sorted by the MRMR algorithm 

 

The feature selection is first performed to identify the important score of 

each input feature on the response variable. The MRMR algorithm is used [54]. 

This algorithm seeks to identify an optimal feature set that is both maximally 

dissimilar and mutually exclusive, and that can effectively represent the 

response variable. The primary objective of the MRMR algorithm is to identify 

an optimal feature set 𝑆 that maximizes the relevance of 𝑆 to the response 

variable 𝑦 while minimizing the redundancy of 𝑆. These two objectives are 

quantified using mutual information 𝐼. The optimal set 𝑆 can be obtained by 

considering all 2|𝛺| possible feature combinations, where 𝛺 is the entire set 

of available features. However, the MRMR algorithm uses a forward addition 

scheme to rank features, which reduces the computation cost to 𝑂(|𝛺| · |𝑆|) by 

utilizing mutual information quotient (MIQ) values, 

 

𝑀𝐼𝑄𝑥 =
𝐼(𝑥,𝑦)

1

|𝑆|
∑ 𝐼(𝑥,𝑧)𝑧∈𝑆

, 
(1) 

 

where the numerator and denominator are the relevance and redundancy of a 

feature, respectively, and |𝑆| is the number of features in 𝑆. 

The function can be used to rank all features in 𝛺. The computation cost 

for this function is 𝑂(|𝛺|2), and it uses a heuristic algorithm to quantify the 

importance of each feature, returning a score that indicates the significance of 

each predictor. 

MRMR analysis findings in Fig. 9 reveal the influence of 12 input 

parameters on connector shear capacity. Beyond parameters like perforation 

diameter and concrete strength, those linked to the confined condition around 

the PBL (e.g., block width or specimen type) significantly affect shear capacity. 

Neglecting this can lead to deviations in calculated values. Dimensions of the 

perfobond steel plate, like thickness and width, exert substantial influence due 

to the bond with concrete. Steel plate thickness impacts stress distribution and 

shear surface formation, influencing capacity. Parameters related to specimen 

height have a lower impact, suggesting that multiple perforations on the steel 

plate minimally affect shear capacity per perforation. 

 

5.2. Optimizable neural network 

 

During the process of training a machine learning model or neural network, 

a crucial step is selecting values for parameters such as learning rate, epochs, 

number of layers, and hidden units. The selection of reasonable parameters often 

relies on experience, and for each set of parameters, we must train the model, 

observe the results achieved, evaluate the results, adjust the parameters, and 

repeat the process. To automate this process, search algorithms such as Grid 

Search or Random Search are used [55]. However, these algorithms are only 

effective with a small number of parameters because the search space increases 

rapidly with many parameters, making the search time-consuming. Bayesian 

optimization is an algorithm that optimizes effectively for objective functions 

with large evaluation costs (such as training a neural network) based on the 

Bayesian theorem [56]. Bayesian optimization significantly reduces the number 

of trials compared to Grid Search or Random Search [56]. The following is an 

algorithm for Bayesian optimization with a Gaussian process prior: 

 

Fig. 7 Descriptive statistics of the ratio between the existing models and experimental 

data 
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Define the objective function 𝑓(𝑥) and specify the prior distribution over 

the objective function. This is typically done by assuming a Gaussian process 

prior over 𝑓(𝑥). 

Define an acquisition function 𝛼(𝑥) that measures the utility of sampling 

𝑥 . Popular acquisition functions include upper confidence bound, expected 

improvement, and probability of improvement. 

For 𝑡 =  1, 2, . . . , 𝑡𝑚𝑎𝑥 (𝑡𝑚𝑎𝑥 is the maximum number of iterations): 

Fit a Gaussian process model to the available data (𝑥, 𝑦), where 𝑦 =
 𝑓(𝑥)  +  𝑛𝑜𝑖𝑠𝑒. The model provides a posterior distribution over 𝑓(𝑥) given 

the observed data. 

Select the next point to sample by maximizing the acquisition function: 

𝑥𝑡  =  𝑎𝑟𝑔𝑚𝑎𝑥 𝛼(𝑥|𝐷𝑡−1), where 𝐷𝑡−1 is the data up to time 𝑡 − 1. 

Sample the objective function at 𝑥𝑡: 𝑦𝑡  =  𝑓(𝑥𝑡) +  𝑛𝑜𝑖𝑠𝑒. 

Add the new data point (𝑥𝑡, 𝑦𝑡) to the observed data. 

Finally, return the best-observed value of 𝑓(𝑥). 

 

Table 3 

Optimization analysis result 

Hyperparameter Value 

Number of hidden layers 2 

Activation function Relu 

Layer biases initializer Ones 

Layer weights initializer He 

Regularization strength  2.549 

Number of neurons per hidden layers 1-2 210, 58 

 

  

(a) (b) 

Fig. 10 Regression plot of the calculated and actual values 

 

To optimize the ANN model, a range of hyperparameters needs to be 

defined. In this study, the range of hyperparameters for the ANN model is 

introduced including the number of hidden layers (1, 2, and 3), the first, second-, 

and third-layer size (1-253 neurons), the activation function (ReLU, Tanh, 

Sigmoid), the layer biases initializer (Zeros, Ones), layer weights initializer 

(Glorot, He) [57, 58]  and the regulation strength (1𝑒−5/𝑛, 1𝑒5/𝑛), 𝑛 is the 

number of observations. The iteration limit is fixed to 1000, and the train neural 

network regression model is adopted; this model is used to train a feedforward, 

fully connected neural network. The number of iterations of the Bayesian 

optimization is set as 100, and the acquisition function is selected as the 

expected improvement. For the validation, 5-fold cross-validation is used [59]. 

The result of the Bayesian optimization as the optimal hyperparameter for the 

ANN model is shown in Table 3, which comprises an optimal ANN model for 

the prediction. 

 

Fig. 11 Descriptive statistics of true and predicted values for specimen types 

In addition to the validation using the 5-fold cross-validation on the training 

set, a separate test set of 15% data is used to test the model performance. The 

regression plots of the predicted and actual values from the 5-fold cross-

validation and the test set are shown in Fig. 10 and an example of descriptive 

statistics of true and predicted values for specimen types is shown in Fig. 11. 

As observed from the figures, 𝑅2 values are 0.924 and 0.948 for both the cross-

validation and the separate test set, respectively, remarkably higher than that of 

the existing models previously mentioned. This demonstrates the high 

performance of the ANN model in predicting the shear capacity of PBL 

connectors in steel-concrete composite structures. 

 

6.  Effectiveness of primarily design parameters on shear capacity 

 

The influence of key parameters on connector shear capacity was 

investigated using the developed model in Section 4. Figs. 12(a) to 12(e) present 

the impact of perforation diameter, penetrating rebar diameter, concrete 

compressive strength, perfobond plate thickness, and concrete block width. 

Type D specimens were excluded due to their limited quantity. 

 

  

(a) (b) 

  

(c) (d) 

 

(e) 

Fig. 12 ANN model-based parametric study results in terms of (a) Perforation 

diameter (b) Rebar diameter, (c) Concrete compressive strength, (d) PBL thickness, 

and (e) Block width 

 

Results in Fig. 12 show that, with identical design parameters, type A has 

the highest shear capacity, followed by types B and C, with type E having the 

lowest. This aligns with load-bearing mechanisms discussed in Sections 2 and 

3.1, emphasizing the importance of selecting an appropriate specimen type 

matching real conditions for accurate shear capacity calculations in design. 

Observations in Fig. 12(a) indicate a non-linear increase in shear capacity 

with perforation diameter, suggesting expression in terms of the perforation area 

or square of the diameter, common in empirical formulas (Table 2). Conversely, 

the relationship between shear capacity and penetrating rebar diameter is nearly 

linear across all specimen types. Thus, it's recommended to express this 

relationship in terms of the diameter, reflecting the dowel action's dependence 

on rebar flexural deformation and diameter, as demonstrated in Nakajima and 

Nguyen's proposed formula. 

Fig. 12(c) shows a nearly linear relationship between shear capacity and 

concrete compressive strength, consistent across normal-strength and high-

strength concrete. Empirical formulas in Table 2 use various approaches to 

represent this effect, such as square root or exponential functions. However, the 

combined influence of concrete compressive strength on shear strength in the 

perforation and the confined effect on surrounding concrete is evaluated through 

its actual value. 
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Equations (1) to (7) in Table 2 overlook the impact of perfobond steel plate 

thickness on the shear force in the perforation and the contribution of the 

penetrating rebar. Conversely, Nakajima and Nguyen's formula highlights that 

increasing steel plate thickness reduces shear force but enhances the dowel 

effect. The observed trend in Fig. 12(d) aligns with Nakajima and Nguyen's 

study and emphasizes the importance of steel plate thickness. 

Concrete block width consistently influences confined effects around the 

PBL, enhancing shear stress on two shear surfaces. This effect is neglected in 

Equations (1) to (7) but considered in Equation (8), making Nakajima and 

Nguyen's formula more correlated with the experimental data. 

In summary, the parametric study aligns with the shear-resisting 

mechanism explained in Sections 2 and 3.1, confirming the reliability of the 

proposed machine learning-based model for a large experimental dataset, both 

statistically and in terms of the PBL's shear-resisting mechanism. 

 

7.  Conclusions 

 

This study aims to develop a comprehensive prediction model for the shear 

capacity of PBL connectors using an optimized neural network. The research 

conducted a thorough investigation and meticulous data collection to create a 

dataset of 253 specimens from various sources, including 136 contributed by 

the authors, which is more than any other previous study. Based on this 

extensive dataset, the research systematically examined the shear-resisting 

mechanism of the perfobond strip and critically analyzed eight existing 

empirical formulas. This helps engineers gain a more comprehensive and deeper 

understanding of the shear resistance mechanism of the perfobond strip, as well 

as the strengths and limitations of the existing design formulas. The comparative 

analysis revealed inherent limitations in existing formulas, attributing their 

diminished correlation with experimental values to the challenges posed by a 

limited dataset and the complexity of incorporating all influencing factors 

through conventional statistical methods. 

While most previous studies have only proposed prediction models for the 

shear capacity under specific experimental conditions, including certain shapes 

and sizes of the specimens, the novelty of this study lies in developing a model 

that can predict the shear capacity of PBL connectors under more 

comprehensive working conditions, such as with or without penetrating rebar in 

the perforations, using normal or fiber-reinforced concrete, and especially for 

different shapes and dimensions of test specimens. To achieve this objective, a 

feature selection analysis identified 12 input parameters and found that 

perforation diameter, block width, specimen type, and PBL thickness are 

significant contributors to the shear capacity of PBL connectors. Employing the 

Bayesian optimization algorithm, an optimized ANN model with a two-layer 

architecture demonstrated exceptional predictive performance, attaining an 

impressive 𝑅2 value of 0.949 on a separate test set. This result demonstrates 

superiority over most existing prediction models, especially since this model 

can also predict the shear capacity of the perfobond strip with a more 

comprehensive range of applications. 

The parametric study results consistently aligned with the shear-resisting 

mechanism of PBL, reinforcing the credibility and applicability of the proposed 

machine learning-based model across a broad experimental dataset. In light of 

these findings, this study not only advances the understanding of PBL connector 

behavior but also contributes a comprehensive prediction model with practical 

implications. This model stands poised for integration into engineering practices, 

offering a valuable tool for optimizing the design and analysis of concrete 

structures. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The brake ring, an essential buffer and energy dissipator within flexible protection systems for mitigating dynamic impacts 

from rockfall collapses, presents notable design challenges due to its significant deformation and strain characteristics. This 

study introduces a highly efficient and precise neural network model tailored for the design of brake rings, utilizing BP 

neural networks in conjunction with Particle Swarm Optimization (PSO) algorithms. The paper studies the key geometric 

parameters, including ring diameter, tube diameter, wall thickness, and aluminum sleeve length, with performance 

objectives centered on starting load, maximum load, and energy dissipation. A comprehensive dataset comprising 576 

samples was generated through the integration of full-scale tests and simulations, which facilitated the training of the neural 

network for accurate forward predictions linking physical parameters to performance outco mes. Furthermore, a PSO-based 

reverse design model was developed to enable effective back-calculation from desired performance outcomes to specific 

geometric configurations. The BP neural network exhibited high accuracy, evidenced by a fit of 0.991, and the mechanical 

performance of the designed products aligned with target values in over 90% of cases, with all engineering errors remaining 

within acceptable limits. The proposed method significantly reduces the design time to under 5 seconds, thereby vastly 

improving efficiency in comparison to traditional approaches. This advancement offers a rapid and reliable reference for 

the design of critical components in flexible protection systems. 
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1.  Introduction 

 

Flexible protection systems are widely used in rockfall protection projects 

along transportation routes [1-3], with the energy dissipator serving as a critical 

component. When subjected to dynamic impacts, the energy dissipator is 

activated by the high tension in the ropes, functioning similarly to the hydraulic 

buffering devices in aircraft carrier arresting systems. Its simplicity and 

efficiency make it an indispensable part of flexible protection systems.  
Muraishi et al.[4] demonstrated that energy dissipators could enhance the 

protective performance of flexible protection systems by more than threefold,  

with the contribution ratio of energy dissipators to the performance of flexible 

protection systems exceeding 60%. Therefore, energy dissipators are essential 

for flexible protection systems under strong impacts, making their proper design 

crucial for protection success. Currently, brake rings are commonly used as 

energy dissipators in flexible protection systems. They consist mainly of 

circular steel tubes and aluminum sleeves (see Fig. 1). When the wire ropes pass 

through these tubes and are pulled tight, they cause them to bend and deform, 

creating an energy-absorbing mechanism that enhances the system's protective 

performance (see Fig. 2). 

Numerous scholars have extensively researched various forms to advance 

the scientific design of energy dissipators. Fresno et al.[5] performed 

mechanical experiments on double U-shaped energy dissipators, exploring their 

energy absorption capabilities and conducting finite element analysis. Their 

findings suggest that these energy dissipators exhibit enhanced energy 

absorption under asymmetric tensile loads at a 2/3 ratio. Lamber et al.[6] 

investigated a novel tubular buckling energy dissipator through model tests and 

numerical simulations. They discovered this new dissipator type is more 

effective and exhibits greater energy absorption than friction-type dissipators. 
J.J.Del Coz Díaz et al.[7] used numerical simulations and model experiments to 

study the mechanical behavior of U-shaped ring energy dissipators. They 

identified that the failure mode was due to the compression damage of the 

aluminum sleeves. Castanon-Jano et al.[8] systematically analyzed the roles and 

mechanical behaviors of various energy dissipators in flexible protection 

systems. Qi Xin et al.[9] conducted drop-weight impact dynamic tests on brake 

rings and proposed a four-stage mechanical model under dynamic loads. The 

aforementioned studies have revealed the quasi-static and dynamic mechanisms 

of various energy dissipators. They have identified key parameters affecting 

mechanical performance and addressed challenges in simulating large 

deformations, geometric nonlinearity, and material nonlinearity. These insights 

provide a solid foundation for designing energy dissipators. However, existing 

design methods are limited by high experimental costs and complex theoretical 

calculations, hindering the practical application of energy dissipators. A fast and 

precise design method has long been lacking in engineering. 

 

Fig. 1 The brake ring 

 

 

Fig. 2 Deformation of flexible protection systems by impact 

 

The application of artificial intelligence (AI) technology in structural 

engineering design has witnessed a significant surge in recent years, thus 

emerging as a prominent area of research focus[10-15]. The AI algorithms, with 

their self-learning and parallel processing capabilities, effectively establish 

mathematical models linking complex input parameters to design outcomes. 
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This approach circumvents the decoupled calculations of complex engineering 

mechanics [16-18], freeing engineers from intricate computations and enabling 

efficient, accurate designs. Among various AI algorithms, the backpropagation 

(BP) neural network stands out for its ability to automatically optimize models 

through the backpropagation algorithm, requiring only the forward process to 

be differentiable. Ma Gao et al.[19] used a BP neural network to predict the 

compressive strength of CFRP-confined concrete. The number of data points 

with an error within 15% was increased by 20% compared to traditional 

statistical regression. Zhou Zhong et al.[20] successfully used a BP neural 

network optimized with Particle Swarm Optimization (PSO) to predict the 

turbidity levels of wastewater from tunnel construction processes. 

In the field of flexible protection engineering, LIAO et al.[21] have 

pioneered the application of neural networks, developing an intelligent 

computational method that achieves complex nonlinear mapping between 

system performance and structural components. Given the strong non-linear 

characteristics of flexible protection engineering, neural networks offer a more 

efficient and comprehensible means to map the intricate relationships between 

protection performance and various structural parameters [22,23]. Despite these 

advancements, intelligent design methods for both individual components and 

entire flexible protection systems remain largely unexplored. Therefore, 

researching intelligent design methods for flexible protection engineering is 

crucial for developing precise and efficient protection solutions. 

Consequently, this paper centers on energy dissipators in flexible protection 

systems, providing a theoretical analysis of their contribution to the system and 

the influence of their structural parameters on protection performance. In 

practical application, this study integrates finite element analysis with 

intelligent algorithms, employing LS-DYNA software for simulations and 

analyzing data using BP neural networks and particle swarm optimization (PSO) 

algorithms. A novel data-driven energy dissipator design method was 

developed, validated through physical testing to enhance design precision and 

efficiency. Compared to traditional methods, the proposed approach offers high 

efficiency and automation. The comprehensive process comparison illustrated 

in Fig. 3. 

 

 

Fig. 3 Comparison of technical approaches  

 

 Fig. 4 The Trilinear model of the load-displacement curve and its corresponding stage deformation of brake ring 

 
2.  Data set creation 

 

2.1. Principle of brake ring operation 

 

When the system impacts, the rope experiences high tension, which 

activates the brake ring. Despite variations in construction, different types of 

energy dissipators generally absorb energy through friction and plastic 

deformation. For instance, the brake ring's working phase primarily involves 

the bending-straightening deformation of the steel tube and the sliding friction 

deformation through the aluminum sleeve, collectively forming a pseudo-

plastic P-D mechanism. When the steel tube stretches to its maximum length, 

the brake ring will strengthen and eventually break. In practical engineering, the 

effective sliding distance  is typically considered to be 0.7 times the 

circumference of the brake ring. The energy absorption process of the brake 

ring can be divided into three distinct stages. Phase One: The tensile force of 

the steel wire rope rapidly increases, overcoming the friction between the 

aluminum sleeve and the steel tube. During this phase, minimal displacement 

occurs as static friction is overcome, with corresponding displacement at 0-0.1Δ. 

Phase Two: The tensile force of the steel wire rope overcomes static friction, 

causing relative displacement between the steel tube and the aluminum sleeve. 

Overcoming static friction results in a sudden drop in the load. As the relative 

displacement progresses, the diameter of the brake ring gradually decreases, 



Ze-Huan He et al.  387 

 

while the stiffness and constraining ability of the aluminum sleeve increase, 

causing a slow increase in load, with corresponding displacement at 0.1-0.8Δ. 

Phase Three: When the brake ring contracts to a certain extent, the steel tube 

undergoes torsional deformation, increasing the contact force between the 

aluminum sleeve and the steel tube. This leads to a significant increase in load 

during the final phase, with displacement increasing slowly until failure occurs, 

corresponding to a displacement of 0.8-1Δ (see Fig. 4). 

The main factors influencing friction energy dissipation include the 

compression force Pt during deformation, the dynamic friction coefficient μ, the 

length of the aluminum sleeve L, the diameter of the steel tube ring D, and the 

diameter of the steel tube d. The specific geometric parameters are depicted in 

Fig. 5. 

 

Fig. 5 Structural parameters of the brake ring 

 

As the dynamic friction coefficient 𝜇 remains constant, the compressive 

force during deformation is primarily determined by the dimensions of the steel 

tube and the aluminum sleeve. Therefore, the friction energy dissipation W1 can 

be represented as a function related to time t: 

 

1 ( , , , , , )tW f P L D d T t=  (1) 

 

In the deformation energy dissipation phase, the steel tube experiences 

bending and straightening deformation. The primary factors influencing this 

process are the wall thickness 𝑇 and the diameter 𝑑 of the steel tube. 
Consequently, the deformation energy dissipation W2 can be described as a 

function of time t: 

 

2 ( , , )W g T d t=  (2) 

 

In conclusion, the total energy dissipation W of the brake ring can be 

expressed as: 

 

1 2 ( , , , , , ) ( , , )tW W W f P L D d T t g T d t= + = +  (3) 

 

From the above equation, the primary factors influencing the protective 

performance of the brake ring, considering its structural dimensions, are the ring 

diameter 𝐷, tube diameter 𝑑, steel tube wall thickness 𝑇, and length of the 

aluminum sleeve 𝐿. 

 

2.2. Calibration of numerical models 

 

The elongation process of the brake ring exhibits large deformation effects 

and involves complex forces, addressing issues of geometric and material 

nonlinearity. This paper employs the numerical simulation method for brake 

rings using LS-DYNA, as applied in several studies[24-26]. 

In the numerical simulation, the aluminum sleeve is modeled using solid 

elements with the default single-point integration algorithm. The steel tube is 

modeled using shell elements with the default Belytschko-Tsay single-point 

integration algorithm. The wire rope, subjected only to axial loads during 

tension and not to bending moment loads, is modeled using beam elements with 

the truss integration algorithm. 

During the deformation of the brake ring, there is a complex contact 

relationship between the steel tube, aluminum sleeve, and wire rope. In LS-

DYNA software, automatic surface-to-surface contact is used to account for all 

possible contact surfaces between different parts. This approach significantly 

aids in calculating the large deformations of the brake ring and enhances 

computational accuracy. The static and dynamic friction coefficients between 

steel tubes and wire ropes are 0.15 and 0.1, respectively, while those between 

steel tubes and aluminum sleeves are 0.18 and 0.15, respectively. 

In selecting material models, an elastic material model is used for the wire 

rope, which often remains in the elastic stage. In contrast, elastoplastic material 

models are applied for the aluminum sleeve and steel tube, which undergo 

significant plastic strain during deformation. During the calculation process, the 

effects of the material hardening stage are not considered. The tangent modulus 

for both the steel tube and aluminum sleeve is assumed to be zero. 

When the brake ring stretches at a lower speed, numerical calculations 

closely match the mechanical test results[11]. Considering the relevant brake 

ring experiments and computation time, a loading speed of 5 m/s is adopted to 

simulate the mechanical testing process. 

Table 1 shows the material model parameters used in the calibration model 

for the numerical simulation. The geometric dimensions of the brake ring used 

in the numerical simulation calibration are: ring diameter 450 mm, tube 

diameter 25 mm, tube wall thickness 2.5 mm, aluminum sleeve length 60 mm, 

and sleeve thickness 15 mm. 

Fig. 6 compares the load-displacement curves between the numerical 

simulation and test results. The errors for the three mechanical properties of the 

brake ring between the numerical simulation and test results were 9.0%, 3.7%, 

and 2.6%, respectively, all within the acceptable range for engineering 

applications. Table 2 presents the error analysis of the numerical simulation and 

experimental results. Following the calibration of the numerical model, 

parameter analysis is performed based on four influencing factors of the brake 

ring's structural dimensions:  ring diameter D, tube diameter d, wall thickness 

T, and aluminum sleeve length L. Based on the calibrated model, sixteen 

different analysis models numbered E1 to E16 are established, with their 

specific parameters and performances summarized in Table 3. 

 

Table 1 

Parameters of material mechanical properties 

Component Elastic 

modulus 

(GPa) 

Density 

(kg·m-3) 

Yield 

strength 

(MPa) 

Poisson's 

ratio 

limit 

strain 

Steel tube 210 7850 300 0.3 0.38 

Aluminum 

sleeve 
70 2700 235 0.3 -- 

wire rope 112 7850 1082 0.3 -- 

 

 

Fig. 6 Load-displacement curves from mechanical tests and numerical simulation of 

brake ring[24] 

 

Table 2 

Analysis of mechanical test and numerical simulation results of brake ring 

Item Starting load F1 Maximum load F3 Energy dissipation E 

Test 1 28.0 27.3 45.0 

Test 2 25.4 26.0 46.0 

Test Average 26.7 26.7 45.5 

Simulation 24.3 27.7 46.7 

error -9.0% 3.7% 2.6% 
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2.3. Effect of ring diameter on the performance of brake ring 

 

The ring diameter D determines the the maximum displacement stroke of 

the brake ring and influences the friction and deformation energy consumption 

of the steel tube. Fig. 7 illustrates the load-displacement curves for four different 

steel tube diameter models, E1 to E4. 

 

Fig. 7 Load-displacement curves of brake ring with different ring diameters 

 

As shown in Fig. 7, within the effective displacement range, brake rings 

with smaller diameters D exhibit a more distinct three-phase trend in the load-

displacement curve. For the two larger ring diameters, the third-phase trend is 

less distinct and resembles the slope of the second phase. Table 3 indicates that 

as the ring diameter increases, the starting load and maximum load decrease, 

while the energy dissipation slightly increases. These results suggest that 

increasing the diameter of the brake ring increases the effective displacement 

stroke but reduces the stiffness, leading to a reduction in load. Since the 

effective displacement is 0.7 times the circumference, larger ring diameters 

result in more redundant displacement, leading to less pronounced constraints 

in the third phase and a less evident rapid load increase. 

 

2.4. Effect of tube diameter on the performance of brake ring 

 

The tube diameter d of the steel pipe determines the contact area with the 

aluminum sleeve and the stiffness of the cross-section, impacting friction and 

deformation energy dissipation. Fig. 8 illustrates the load-displacement curves 

for six models with different tube diameters: E2 and E5-E9. 

 

Fig. 8 Load-displacement curves of brake ring with different tube diameters 

 

As shown in Fig. 8, within the effective displacement range, smaller tube 

diameters display a clear three-phase characteristic in the load-displacement 

curve. With increasing tube diameter, the load-displacement curve's second 

phase exhibits a 'bulging' phenomenon, where the load initially increases and 

then decreases. As shown in Table 3, with an increase in the steel tube's diameter, 

the contact area with the aluminum sleeve expands, the starting load rises, and 

energy dissipation increases from 40.8kJ to 59.4kJ, marking a 45.6% rise. For 

larger tube diameters, the steel tube is more severely flattened in the second 

phase, leading to a greater reduction in stiffness. Consequently, the load 

decreases, forming a convex curve. These results indicate that while increasing 

the tube diameter significantly enhances the brake ring's starting load and 

energy dissipation capacity, an excessively large diameter causes the convex 

curve phenomenon, lacking a distinct three-phase characteristic. 

 

2.5. Effect of wall thickness on the performance of brake ring 

 

The wall thickness of the steel tube influences its cross-sectional stiffness 

and the amount of energy dissipated through deformation. Fig. 9 illustrates the 

load-displacement curves of four models with different steel tube wall 

thicknesses, E2 and E10-E12. 

 

Fig. 9 Load-displacement curves of brake ring with different wall thickness 

 

As shown in Fig. 9, the load-displacement curves of the two models with 

thinner walls clearly exhibit three distinct phases. For models with thicker steel 

tube walls, the increased sectional stiffness results in more pronounced 

aluminum sleeve deformation in the later stages. This reduces the aluminum 

sleeve's ability to restrain the steel tube during the third phase, leading to the 

absence of a clear third phase in the load-displacement curve. Results in Table 

3 indicate that increasing the wall thickness of the steel tube significantly raises 

the starting load, maximum load, and energy dissipation. When the wall 

thickness increases from 2mm to 5mm, the starting load, maximum load, and 

energy dissipation rise by 140.2%, 20.9%, and 53.7%, respectively. These 

results demonstrate that increasing the wall thickness of the steel tube 

significantly enhances the brake ring's energy dissipation capacity. 

 

2.6. Effect of aluminum sleeve length on the performance of brake ring 

 

 

Fig. 10 Load-displacement curves of brake ring with different aluminum sleeve lengths 

 

The length of the aluminum sleeve determines the contact area between the 
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steel tube and the aluminum sleeve and its ability to constrain the steel tube, 

thereby influencing the brake ring's friction and energy dissipation. The load-

displacement curves for five models with varying aluminum sleeve lengths (E2, 

E13-E16) are shown in Fig. 10. 

Fig. 10 shows that the load-displacement curve of the brake ring generally 

follows a three-phase change pattern. Longer aluminum sleeves exert stronger 

constraints on the steel tube, enabling earlier restraint during displacement 

compared to shorter sleeves. Therefore, the three models with longer aluminum 

sleeves exhibit weaker third-phase characteristics compared to the two models 

with shorter sleeves. Table 3 shows that the starting load, maximum load, and 

energy dissipation significantly increase with the length of the aluminum sleeve. 

However, for aluminum sleeve lengths within the range of 50-80mm, changes 

in the brake ring's starting load, maximum load, and energy dissipation are more 

pronounced. Beyond 80mm, the performance of the brake ring shows little 

change. 

 

Table 3 

Partial data set input and output parameters 

 

Model Variables 
Brake ring dimensions  Mechanical properties 

D(mm) d(mm) T(mm) L(mm)  F1(kN) F3(kN) E(kJ) 

E1 

Ring diameter 

D 

400 36 4 80  37.2  99.1 50.7 

E2 450 36 4 80  38.3 96.8 55.0 

E3 500 36 4 80  36.4 88.3 56.7 

E4 550 36 4 80  28.0  82.5 58.3 

E5 

Tube diameter 

d 

450 30 4 80  26.3 73.4 40.8 

E6 450 33 4 80  33.0  97.4 49.0  

E2 450 36 4 80  38.3 96.8 55.0 

E7 450 44 4 80  43.3 80.1 57.8 

E8 450 47 4 80  45.9 85.9 57.5  

E9 450 50 4 80  46.7  85.3 59.4  

E10 

Wall thickness 

T 

450 36 2 80  16.9  76.1 36.1 

E11 450 36 3 80  23.7  59.7 45.7 

E2 450 36 4 80  38.3 96.8 55.0 

E12 450 36 5 80  40.6 92 55.5 

E13 

Aluminum 

sleeve length 

L 

450 36 4 50  28.7  67.9 38.3 

E14 450 36 4 65  32.6 77.5 45.4 

E2 450 36 4 80  38.3 96.8 55.0 

E15 450 36 4 90  39.8 105.1 57.5 

E16 450 36 4 100  42.7  115 59.5 

 

3.  Data set creation 

 

3.1. Combination of parameters 

 

As analyzed in the previous section, the four structural dimension 

parameters of the brake ring each impact its performance differently. However, 

discerning the actual trends based solely on single-parameter analysis is 

challenging. For example, the significant impact range of the aluminum sleeve 

length on the brake ring's performance may vary with changes in the steel tube's 

diameter and wall thickness. Single-parameter analysis fails to describe the 

variation patterns when multiple parameters are coupled. Therefore, 

establishing a dataset with extensive parameter variations is more helpful for 

studying the patterns of how the brake ring's structural dimensions affect its 

performance. 

 

 

Fig. 11 Brake ring structure size combination of the numerical simulation data set 

 
In establishing the brake ring dataset, commonly used engineering 

specifications were thoroughly considered. Among the structural dimensions, 

increasing the tube diameter decreases cross-sectional stiffness. Therefore, for 

larger tube diameters of 44mm, 47mm, and 50mm, greater wall thickness and 

longer aluminum sleeves are used to enhance sectional stiffness and 

constraining ability. Based on this, combinations of the four structural 

dimension parameters are illustrated in Fig. 11 and Table 4. After combining 

various structural dimensions, a total of 576 calculation conditions were 

obtained. 

 

Table 4 

Brake ring structure dimension parameters of numerical simulation 

D(mm) 
d(mm) T(mm) L(mm) 

d1 d2 T1 T2 L1 L2 

400 30  2  50  

450 33  3 3 65 65 

500 36  4 4 70 80 

550  44 5 5 80 90 

  47  6 90 100 

  50   100 110 

      120 

 

After completing the numerical calculations, extract the load-displacement 

curve results for all calculated conditions and fit the tri-linear load-displacement 

curve within the effective sliding distance[6]. Here, F1 represents the starting 

load to activate the brake ring; F3 is the maximum load within the effective 

sliding distance; the energy dissipation E is derived from the area under the 

load-displacement curve. For F2, it must ensure that the area enclosed by the 
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three linear segments and the load-displacement curve equals the area above the 

displacement axis. Finally, the starting load F1, maximum load F3, and energy 

dissipation E are selected as the mechanical performance indicators. The curve 

fitting results of the numerical simulation are shown in Fig. 12. 

 

3.2. Normalization of data sets 

 

Considering the significant variation in the magnitudes of parameters in the 

dataset, it is a common practice to normalize the data before training the neural 

network. This study employs the Min-Max Scaling method to normalize 

features to the [0-1] range. This normalization simplifies the complexity of 

model training, enables rapid and stable training of the neural network, prevents 

gradient issues, and enhances the model's generalizability and interpretability. 

 

min

max min

norm

x x
x

x x

−
=

−
 (4) 

 

where, xnorm is the normalized feature value; x is the actual feature value; 

xmax and xmin are the maximum and minimum values of the feature, respectively. 
 

Fig. 12 Trilinear load-displacement curve within effective displacement of brake ring 

 

  

(a) BP neural network structure 

 

(b) BPNN Flowchart 

Fig. 13 Network structure and flow chart of BPNN 
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4.  BP neural network prediction modeling 

 

4.1. BP neural network 

 

The Backpropagation (BP) algorithm is a fundamental training method in 

deep learning, especially used in Multilayer Perceptrons (MLP). Its 

fundamental principle relies on supervised learning, calculating the error 

between the network's output and the actual target, and then adjusting the 

network's weights layer by layer from the output back to the input layer based 

on this error. This process uses the chain rule to differentiate the error, 

determining the direction for weight updates. 

The BP neural network is composed of three types of layers: input, hidden, 

and output layers (see Fig. 13). Each iteration of the BP algorithm involves two 

main phases: forward propagation and backward propagation.  
During forward propagation, sample data passes from the input layer, 

through the hidden layer, to the output layer (Equations 5 and 7). Activation 

functions (Equations 6 and 8) are then applied to generate predictions. 
 

h h hz W x b=  +  (5) 

 
( )h ha z=  (6) 

 

o o h oz W a b=  +  (7) 

 
( )o oa z=  (8) 

 
where, zh is the weighted input for the hidden layer; Wh is the weight matrix 

from the input layer to the hidden layer; x is the input vector; bh is the bias vector 

for the hidden layer; ah is the activation output of the hidden layer, and σ is the 

activation function; zo is the weighted input for the output layer; Wo is the weight 

matrix from the hidden layer to the output layer; bo is the bias vector for the 

output layer, and ao is the final output of the network. 

During backward propagation, the error between the predicted values for 

sample 𝑥 and the actual labels is calculated based on the current network weights 

(Equations 9 and 10). The weights and biases of each layer are then updated in 

reverse to adapt to changes in the external environment (Equations 11 and 12). 
Training is considered complete after multiple cycles, ensuring that the final 

output closely matches the target value. 

 
'( ) ( )o o oa y z = −   (9) 

 
'( ) ( )T

h o o hW z  =    (10) 

 
T

o o o hW W a = −    (11) 

 
T

h h hW W x = −    (12) 

 

where, δo is the error of the output layer; y is the actual label; ' is the derivative 

of the activation function of the output layer; δh is the error of the hidden layer;
T

oW is the transpose of the weights from the output layer to the hidden layer; 
 is the learning rate. 

The neural network models presented in this study were developed and 

tested using the MATLAB 2022a software  (MathWorks, Natick, MA, USA) 

environment.[27] 

 

4.2. BP neural network structure selection 

 

Hecht-Nielsen laid a robust theoretical foundation for single-hidden-layer 

feedforward neural networks. He posits that such networks can approximate any 

continuous function on a finite closed set with arbitrary accuracy, given a 

sufficient number of hidden layer neurons and an appropriate activation 

function. To mitigate model complexity and prevent overfitting, this study 

employs a single hidden layer. Insufficient neurons in the hidden layer can cause 

underfitting, whereas an excessive number may lead to overfitting. The hidden 

layer neuron count was determined using the empirical formula (13) [28]. 

 

ln m n a= + +  (13) 

 

where,
ln is the number of neurons in the hidden layer; m is the number of 

neurons in the input layer of the network; n is the number of neurons in the 

output layer of the network; a is an integer between [1-10]. 

To improve the network's capability in managing nonlinear expressions and 

to enhance its generalization, this study employs the tansig function as the 

activation function for the hidden layer and the pureline function for the output 

layer[29,30]. 

 

2

2
tansig( ) 1

1 x
x

e−
= −

+
 (14) 

 

purelin( )x x=  (15) 

 

The BP neural network prediction model presented in this paper takes four 

structural dimension parameters that influence the mechanical performance of 

the brake ring as input values: ring diameter D, tube diameter d, tube wall 

thickness T, and aluminum sleeve length L. The model outputs three mechanical 

performance indicators derived from the trilinear load-displacement curve 

within the effective displacement range of the brake ring: starting load F1, 

maximum load F3, and energy dissipation E. 

Given the simple data structure in this project, the dataset is divided into 

85% for training and 15% for testing, based on random selection. The training 

set includes the training sample set X1 and the training label set Y1. The test set 

comprises the test sample set X2 and test label set Y2. X1 and Y1 contain 489 

pairs of samples and labels, while X2 and Y2 contain 87 pairs of samples and 

labels. The number of training iterations is set to 1000, and the learning rate is 

set to 0.01. 

 

 

Fig. 14 MSE under different number of hidden layer neurons 

 

To determine the optimal number of neurons within the range determined 

by empirical formulas, the Mean Squared Error (MSE) values (Formula 16) for 

multi-output with different neuron counts, ranging from 3 to 15, were plotted in 

Fig. 14. Based on the experimental data, the minimum multi-output Mean 

Squared Error occurs when the hidden layer contains six neurons. Therefore, 

the optimal number of neurons for the hidden layer is determined to be 6ln = , 

at which the MSE is minimized. The BP neural network model structure in this 

paper is 4-6-3. 

 

( )
2

'

1 1

1 1S N

ki ki

k i

MSE y y
S N= =

 
= − 

 
 

   (16) 

 

where, N is the number of samples;
kiy is the kth predicted output parameter in 

the ith sample;
'

kiy is the kth actual output parameter in the ith sample; S is the 

number of neurons in the output layer, and S is 3 in this paper. 

 

5.  Validation of the model for predicting mechanical properties of the 

brake ring 

 

5.1. Indicators for the assessment of the model 

 

The evaluation metrics for the BP neural network model primarily involve 

the measurement of prediction accuracy and the model's generalization ability. 

This paper uses the Root Mean Square Error (RMSE) and the Coefficient of 

Determination (R²) as the performance evaluation indicators for the BP neural 
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network model. The calculation formulas for RMSE and R² are: 

 

( )
2

'

i 1

1 N

i iRMSE y y
N =

= −  (17) 
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2 1
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1

1
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i

i

y y
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y y

=
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−

= −

−




 (18) 

 

where, N is the number of samples;
iy is the predicted value by the model;

'

iy  
is the actual target value of the sample; y is the average actual target value of 

the samples. 

 

5.2. Validation of the model 

 

The accuracy of the BP neural network prediction model is crucial for 

subsequent reverse structural dimension design based on target mechanical 

performance. To precisely design brake ring dimensions, it is necessary to adjust 

neural network parameters multiple times and select the prediction model with 

the highest accuracy. The training results shown in Fig. 15 indicate that the 

coefficient of determination (R²) for all samples reached 0.991, demonstrating 

high model fidelity. The predicted output values can be approximately 

considered as the actual outputs of a nonlinear function, meeting the accuracy 

requirements of the training. 

Fig. 16 shows the test set prediction results for various mechanical 

performance parameters. In the test set, the Root Mean Square Errors (RMSE) 

for the starting load F1, maximum load F3, and energy dissipation E were 1.76 

kN, 3.23 kN, and 1.57 kJ, respectively, with prediction accuracies of 97.6%, 

96.5%, and 98.8%. 

 

 

Fig. 15 BP neural network all sample regression results 

 

In the final stages of stretching, the brake ring undergoes significant 

deformation, with most materials entering the plastic phase. Once the steel 

tube's diameter reduces to a certain extent, torsional deformation increases 

component stiffness, significantly increasing the maximum load. Significant 

deformation in the final calculation stages leads to instability issues, causing 

variability in the maximum load and greater errors compared to the starting load. 
However, the energy dissipation of the brake ring is mainly due to the sliding 

deformation before the load reaches F2. Therefore, the error from the abrupt 

change in maximum load has little impact on energy dissipation. 

 
(a) Starting load F1 

 

(b) Maximum load F3 

 

(c) Energy dissipation E 

Fig. 16 BP neural network prediction and label comparison 

 

6.  Reverse design of brake ring based on PSO algorithm 

 

6.1. Particle Swarm Algorithm 

 

Particle Swarm Optimization (PSO) is a heuristic global optimization 

technique inspired by the foraging behavior of bird flocks[31,32]. In the PSO 

algorithm, each "bird" is termed a "particle," and a certain number of particles 

are randomly generated initially to form a population. Each particle in the 

population is a vector with multiple spatial dimensions, each having a position 

and velocity within the search space. Each particle in the population is a vector 

with multiple spatial dimensions, each having a position and velocity within the 

search space. The detailed process is illustrated in Fig. 17. 

 

1 1

2 2

( 1) ( ) ( ( ))

( ( ))

i i i i

i

v t w v t c rand pbest x t

c rand gbest x t

+ =  +   − +

  −
 (19) 

 

( 1) ( ) ( 1)i i ix t x t v t+ = + +  (20) 

 

where, ( )iv t represents the velocity of particle xi at time t; ( )ix t represents the 

position of particle i at time t; is the inertia weight; 1c and 2c are learning fac-

tors; rand is a random number within the interval [0,1]; ipbest and gbest  re-

spectively represent the best position encountered so far by particle i and the 

best position encountered by all particles to date. 
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Fig. 17 Flowchart of PSO algorithm 

  

Fig. 18 Flowchart of BPNN-PSO Reverse Design 

 

The fitness value represents the quality of each particle as the best structural 

dimension design result that matches the target mechanical performance. This 

paper employs Eq. (21) as the fitness function. A lower fitness value indicates 

that the particle is closer to the optimal solution. Through multiple iterations of 

updates, the particle closest to the target is identified. 

 

' 2

1

1
( ) ( ( ) )

S

k k

k

fit x y x y
S =

= −  (21) 

 

where, x is the input parameter vector; S represents the number of neurons in 

the output layer, which in this paper is set to 3; ( )ky x is the kth predicted output 

value for the input parameter x ;
'

ky is the kth value of the target mechanical 

performance parameters. 

 

6.2. PSO parameters selection 

 

In the forward prediction model, inputting four structural dimension 

features allows the prediction of three mechanical performance indicators of the 

brake ring. In the reverse design problem, which targets optimal structural 

dimensions based on desired mechanical performance, a population of structural 

dimension parameters is randomly generated using the forward prediction 

model. The individual and global optimal particles are determined based on 

each particle's fitness value within the population. Finally, through continuous 

iterations and optimization, the structural dimension parameters that best match 

the target mechanical performance are obtained. 

From the input parameters of the BP neural network prediction model, the 

spatial dimension number 𝑀 for the PSO algorithm's particle swarm is 

determined to be four dimensions. This means the position vector of particle 

individuals can be represented as
1 2 3 4( , , , )i ix x x x x= , and the velocity vector as 

1 2 3 4( , , , )i iv v v v v= . Both the individual learning factor and the social learning 

factor are set to 2. The inertia weight is set to a constant value of 1. The particle 

swarm size is set to 5, and the number of iterations to 100[33]. 

 

6.3. Structural dimension design of brake ring based on target mechanical 

performance 

 

The ring diameter of the brake ring determines its effective sliding distance 

during stretching process. To systematically categorize brake rings with 

different effective sliding distances, the reverse design model discretizes the 
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ring diameter, fixing the values at 400mm, 450mm, 500mm, and 550mm, 

corresponding to effective sliding distances of 900mm, 1000mm, 1100mm, and 

1200mm, respectively. Typically, brake rings with different structural size 

combinations can have similar mechanical properties. This means that for 

specific mechanical performance, there is no unique optimal solution for the 

brake ring; multiple local optima can exist. 

In the reverse design model, the basic process is: ①  Specify the 

mechanical performance indicators of the brake ring, including the required 

starting load, maximum load, and energy dissipation; ② Import the forward 

mechanical performance prediction model of the brake ring, randomly 

generating a population of potential optimal structural dimensions; ③ Set up a 

fitness function, calculate the fitness value of each particle, and use the Particle 

Swarm Optimization algorithm to iteratively update to the optimal solution; ④ 

Repeat the above process to output multiple design dimensions. The key step in 

this process is introducing the trained neural network as the fitness calculation 

function in the PSO optimization algorithm, as shown in Fig. 18. 

For a specific target mechanical performance, such as a starting load of 

40kN, a maximum load of 85kN, and energy dissipation of 54kJ, the reverse 

design model outputs four different structural dimension combinations, as 

shown in Table 5. The fitness iteration curve of the design process is shown in 

Fig. 19. 

 

Table 5 

Design of brake ring structure size 

Number D/mm d/mm T/mm l/mm 

1 450 41.96 3.49 80.25 

2 450 41.73 4.40 66.67 

3 500 36.23 2.58 120.00 

4 550 30.00 4.07 120.00 

 

 

Fig. 19 Fitness value iteration curve 

 

6.4. Mechanical Testing and Numerical Simulation Validation of the Brake Ring 

Design Model 

 

To verify the effectiveness of the reverse design model, two sets of 

mechanical tests and numerical simulations were conducted using the structural 

dimension combination with serial number 1 as an example. The designs of the 

remaining serial numbers were verified for validity using numerical simulations. 

During the mechanical testing process, the actual structural dimensions of 

the brake ring were: ring diameter of 450 mm, tube diameter of 42 mm, tube 

wall thickness of 3.5 mm, and aluminum sleeve length of 80 mm. The testing 

equipment utilized a vertical tensile testing machine with a capacity of 150 tons 

and a hydraulic cylinder travel of 2500 mm. It was equipped with force and 

displacement sensors, as shown in Fig. 20. The lower end of the brake ring's 

wire rope was attached to a shackle fixed to a steel beam anchored to the ground, 

while the upper end was connected to a shackle fixed to the tensile arm of the 

testing machine. During the stretching process, force and displacement data 

were recorded every 0.2 seconds, resulting in the force-displacement curve 

shown in Fig. 21. Concurrently, a numerical model was established using the 

designed structural dimensions to perform a numerical simulation analysis of 

the brake ring, comparing and verifying the reliability of the reverse design 

model. 

 

 

Fig. 20 Quasi-static tensile testing machine 

 

 

Fig. 21 Comparison of the target, mechanical tests, and simulation results of brake ring 

 

 

Fig. 22 Comparison of test and simulation deformation for brake ring No. 1 
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As shown in Table 6, the errors between the experimental results and the 

target performance for the three mechanical indicators in Design 1 are -0.25%, 

-9.29%, and -8.89%, respectively, based on both experimental and numerical 

simulation analysis. Additionally, the numerical simulation aligns with the 

experimental results, further validating the effectiveness of the design method. 
For Designs 2, 3, and 4, only numerical simulation validation was conducted. 

The comparisons of their load-displacement curves with the target performance 

are shown in Fig. 23, and the result analysis is provided in Table 7. 

In summary, the structural dimensions of the brake ring designed according 

to specific mechanical performance criteria result in actual products whose 

mechanical performance indicators and numerical simulation results have errors 

within 10% of the required targets, all within an acceptable engineering range. 

This achieves a high-precision design, ensuring that the actual structural 

dimensions of the brake ring meet the required mechanical performance targets. 

 

Table 6 

Mechanical test, numerical simulation and target performance analysis of the 

designed brake ring 

Case F1(Kn) F3(kN) E(kJ) 

Test 1 41.8 80.8 50.2 

Test 2 38.1 73.4 48.3 

Test Average 39.9 77.1 49.2 

Simulation 38.0 78.3 49.2 

Target 40.0 85.0 54.0 

Test results and 

target error 
-0.25% -9.29% -8.89% 

Table 7 

The numerical simulation results analysis of other designs 

Case F1(mm) F3(mm) E(mm) Error F1 Error F3 Error E 

Design 2 39.0 87.1 55.5 -2.50% 2.47% 2.78% 

Design 3 37.3 88.6 58.2 -6.75% 4.23% 7.78% 

Design 4 37.7 87.8 58.0 -5.75% 3.29% 7.41% 

Target 40.0 85.0 54.0 -- -- -- 

 

 

(a) Design 2                                                                                          (b) Design 3 

 
(c) Design 4 

Fig. 23 Numerical simulation results of remaining designs compared to target performance. 

 

7.  Conclusions 

 

This paper establishes a brake ring mechanical performance prediction 

model and a reverse design model based on target mechanical performance 

using the BP neural network and PSO optimization algorithm, leading to the 

following important conclusions: 

(1) The mechanical performance of the brake ring is mainly influenced by 

its structural dimensions, including ring diameter, tube diameter, tube wall 

thickness, and aluminum sleeve length. The BP neural network designed in this 

study, with an input layer of 4 nodes, a hidden layer of 6 nodes, and an output 
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layer of 3 nodes, effectively reflects the nonlinear mapping relationship between 

the brake ring's structural dimensions and mechanical performance. 

(2) Through comparison and verification between actual product tests and 

numerical simulation results of the brake ring, the BP neural network-based 

prediction model and the PSO algorithm-based reverse design model proposed 

in this paper can design brake rings that meet specific mechanical performance 

requirements for engineering projects, offering a practical method for selecting 

energy dissipators in flexible protection systems. 

(3) The successful application of the automated design method for energy 

dissipators in flexible protection systems proposed in this paper can be extended 

to other components. Future research will focus on the automated design of both 

individual components and the overall structure of flexible protection systems. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper presents a novel prefabricated steel beam-to-column connection with a replaceable U-shaped plate (PSCU) aimed 

at enhancing the seismic resilience of steel structures and enabling expedited assembly, disassembly, and post -earthquake 

recovery. The structural design of the PSCU is delineated, along with the articulation of seismic design objectives and 

methodologies. A sophisticated finite element (FE) model for PSCU is constructed utilizing solid elements, and the fidelity 

of this modeling paradigm is validated against documented experimental findings. Quasi-static numerical simulations are 

conducted for 11 connection patterns with varying U-shaped plate thickness, T-shaped plate thickness and bolt quantity. 

Comparative investigations into hysteresis curves, failure modes, skeleton curves, and ductility coefficients affirm the 

precision of the seismic design objectives and methodologies. The findings underscore a pronounced ductile failure in this 

connection, characterized by a discernible four-stage failure progression: elastic, slip, elastic-plastic, and plastic stages. The 

post-earthquake recovery method for PSCU was proposed and verified, and recommendations for the design of PSCU were 

put forward. This research offers a robust scientific basis for the expeditious post-earthquake functional recovery in steel 

frame structures. 
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1.  Introduction 

 

The prefabricated steel structure, regarded as a sustainable building with a 

complete lifecycle, offers advantages such as standardized production, a short 

construction period, flexible space layout, and substantial economic benefits. It 

has evolved into a pivotal structural form in developed nations such as Europe, 

America, and Japan [1,2]. To circumvent brittle failure at the root weld of beam-

column connections and adhere to seismic design criteria emphasizing "strong 

column and weak beam, strong connection and weak connected members," 

traditional steel frame beam-column connections have historically employed 

two primary methods to shift the plastic hinge outward. One approach involves 

weakening the beam section, for example, by utilizing a dog bone section to 

ensure the appearance of plastic hinges at the weakened segment [3-5]. The 

alternative strategy is to reinforce the connection at the beam root [6,7]. 

However, in experimental investigations, the primary components of these 

connections often sustain severe damage upon connection failure, rendering 

conventional steel frame structures challenging to repair and restore to 

functional capacity post-earthquakes [8,9]. 

In pursuit of enhanced damage control and expeditious post-earthquake 

recovery for steel beam-column connections, scholars have proposed an 

earthquake-resilient structure [10]. This innovation aims to minimize 

earthquake disaster losses and reduce post-earthquake recovery time, with 

specific applications to beam-column connections [11-15]. However, early-

stage earthquake-resilient connections introduced by scholars were generally 

intricate, involving cumbersome and costly replacement processes after 

earthquakes. Consequently, domestic scholars proposed simplified forms of 

connections [16,17]. For example, Zhang and Jiang et al. [18-24] devised a 

series of earthquake-resilient prefabricated beam-column connections, ensuring 

the primary structure remains in the elastic stage during earthquakes and can be 

restored post-earthquake by replacing the flange cover plate. In summary, 

earthquake-resilient beam-column connections can be effectively repaired by 

substituting energy-dissipating members or dampers with concentrated 

deformation. Nevertheless, these connections exhibit notable drawbacks. Firstly, 

the installation of energy-consuming components is intricate, demanding 

extensive disassembly and temporary support during replacement. Secondly, 

the larger connection area raises the complexity and cost of repair. Furthermore, 

other components of the connection may suffer some degree of damage, 

resulting in a decline in connection performance [25,26]. 

Addressing the limitations of existing research, this paper introduces a 

novel prefabricated steel beam-to-column connection with a replaceable U-

shaped plate (PSCU) aimed at enhancing both seismic and post-earthquake 

recovery performance. The components of this connection include frame 

columns, H-shaped frame beams, T-shaped plates, and U-shaped plates. In 

comparison to traditional beam-column connections, the incorporation of the U-

shaped plate in this connection enables yielding first and facilitates plastic 

damage control. Following an earthquake, only the U-shaped plate and high-

strength bolts require replacement to achieve rapid functional recovery of PSCU. 

The paper delves into the theoretical design methodology, numerical simulation, 

and parametric analysis of PSCU, offering a dependable and cost-effective 

option to further realize swift assembly, high ductility, and prompt recovery of 

steel structures post-earthquakes. 

 

2.  Structure design and seismic design method of PSCU 

 

2.1. Structure design for PSCU 

 

The PSCU comprises four primary components: frame columns, frame 

beams, T-shaped plates, and U-shaped plates, as illustrated in Fig.1(a). Within 

the column, two vertical internal partitions are pre-welded at the level aligned 

with the T-shaped plate, ensuring even load transfer from the end of beam to the 

column and preventing stress concentration on the column wall. The frame 

beam adopts a configuration that widens the flange width at the beam end, 

causing the plastic hinge to manifest away from the end of beam and ensuring 

ample ductility for the connection. During the factory prefabrication process, 

two T-shaped plates are symmetrically welded on one side of the column. The 

U-shaped plate, fabricated from three perforated steel plates with a Q235 steel 

grade (lower than that of other components), undergoes yielding first and 

concentrates connection deformation under seismic actions. This guarantees 

that the main components remain free from plastic deformation. Following an 

earthquake, the post-earthquake recovery of this connection is easily achieved 

by replacing the U-shaped plate and reseting the bolt connections. 

All fabrication and welding of components for this connection are executed 

in the factory. The contact surfaces of the bolt connections undergo sandblasting 

to augment the frictional energy dissipation capacity of the connection. No 

special treatment is applied between the frame column and the U-shaped plate 

or frame beam, thereby enhancing the rotational capacity and post-earthquake 

recovery performance of the connection. Furthermore, in comparison to other 

prefabricated beam-column connections, this design incorporates a finite 

connection area set at the root of the beam. This feature facilitates rapid recovery 

after an earthquake without compromising the overall structural strength. 

On-site assembly involves solely bolt connections for each component, 

ensuring swift and efficient installation and replacement. The assembly process 

of PSCU is shown in Fig.1(b). The on-site assembly process of the connection 

can be delineated into three steps: Initially, lift the frame beam to the 
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predetermined position of the T-shaped plate and secure the beam to the T-

shaped plate using lower flange bolts. Subsequently, place the U-shaped plate 

onto the upper flange of the beam and the outer side of the T-shaped plate. 

Sequentially connect the U-shaped plate to the beam and the U-shaped plate to 

the T-shaped plate using bolts. Finally, apply pretension to all bolts. 

 

 

(a) Exploded drawing 

 

(b) Assembly process diagram 

Fig. 1 PSCU construction diagram 

 

Owing to the absence of a direct connection between beams and columns 

in this configuration, intricate stress transmission is circumvented, and the force 

transmission path is illustrated in Fig.2. The vertical load (F) acted at the beam 

end is initially conveyed along the beam to the connecting area. As a 

consequence of the two bolted connections at the widened end of the beam, a 

part of the beam end load is successively transmitted to the U-shaped plate and 

T-shaped plate along the blue arrow, while the remaining load is directly 

transmitted to the T-shaped plate along the orange arrow. Both segments of the 

load traverse through the frictional force between the plates. Ultimately, the load 

transmitted via these two paths to the T-shaped plate is directly conveyed to the 

column. 

 

 

Fig. 2 Load transmission path of PSCU 

 

2.2. Seismic design method of PSCU 

 

The Fig.3 illustrates the connection recover measures required to achieve 

seismic fortification goals under different seismic actions: Under frequent 

earthquakes, since the connection is no slip and all components are in the elastic 

stage, the seismic performance of connection can be completely recovered 

without repair after earthquake. Under fortification earthquakes, the connection 

begins to dissipate energy through the friction between bolted plates and all the 

structural components are still in elastic stage. The seismic performance of 

connection can be restored by only adjusting the bolts after earthquakes. Under 

rare earthquakes, the U-shaped plate yields initially and the structure dissipates 

seismic energy through the friction between contact plates and the plastic 

deformation of U-shaped plates. At this moment, the performance of the 

connection can be restored by replacing the U-shaped plates and reseting bolts. 

Under extremely rare earthquakes, the flange of beam begins to yield and plastic 

hinge appears at the variable cross-section of beam. The seismic performance 

of connection can be restored by replacing the U-shaped plate, deformed beam 

and bolts after earthquakes. To ensure post-earthquake recovery performance of 

the connection, it is essential to prevent or delay the plastic deformation of T-

shaped plates and columns until the latest stage. 

The seismic design of PSCU is oriented towards ensuring that seismic 

energy is predominantly dissipated through slip between contact plates and 

plastic deformation of the U-shaped plate and beam. In accordance with strength 

calculations, section 1-1 in Fig.4 represents the section where the beam end first 

yields, with S1 and S2 denoting the connection area and the transition section of 

the beam, respectively. 

 

PSCU connection

1. Frequent 
earthquakes 

2. Fortification 
earthquakes

3. Rare 
earthquakes

4. Extremely rare 
earthquakes

No slip; 
No yield

Bolt 
connections slip; 

No yield

Slipping 
concludes; 
U-shaped 

plate yields

U-shaped 
plate yields; 
Plastic hinge 
at beam end

Elastic stage Slipping stage
Elastic-plastic 

stage
Plastic stage

Seismic resistance level before earthquake

Design 
criteria

Failure 
mode

Repair 
scheme

No repairs 
required

Reset bolt 
connection

Replace 
U-plate;

Reset bolt 
connection

Replace U-plate 
and beam; 
Reset bolt 
connection

Lateral 
resisting 
stages

 

Fig. 3 Flow chart of seismic design 

 

 

Fig. 4 Bending moment diagram of beam segment 

 

In seismic design, the design formula for bending moment at different 

stages corresponds to the seismic fortification goal under various seismic 

actions. The PSCU should adhere to the requirements of no slip between plates 

during frequent earthquakes, implying that the moment satisfies Eq. (1). Under 

fortification earthquakes, the connection initiates slipping but does not enter the 

yield stage, meaning the moment satisfies Eq. (2). In the event of rare 

earthquakes, the bolts fully slip, the U-shaped plates yield, and the flange of the 

beam section 1-1 undergoes successive yielding before connection damage, 

signifying that the moment satisfies Eq. (3). 
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Where: 

M Design bending moment value of the beam root 

Ms,t Slip bending moment value 
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My,t Yield moment value of the beam root 

Mu,t Ultimate moment value of the beam root 

L1, L2, L Distances from the loading point to section 1-1, to the center of the 

connection area, and to the edge of the column, respectively 

I, If Inertia moment of the total section of the beam and the inertia mo-

ment of the beam flange, respectively 

Myr Yield moment value of the beam section 1-1 

nbf Number of bolts on one side of the splicing center line 

P Pre-tension of high-strength bolt 

µ Anti-slip coefficient 

h Depth of the beam 

 

In Eq. (2), the yield load of the bolt rod My1 and the yield load of the hole 

wall My2 shall be calculated first, with the calculation methods as presented in 

Eq. (4) and Eq. (5), respectively. In Eq. (3), the ultimate load of the bolt rod 

(Mu1) and the ultimate load of the hole wall (Mu2) shall be calculated first, with 

the calculation methods outlined in Eq. (6) and Eq. (7), respectively. 
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Where: 

Ae
b Effective sectional area at the bolt thread 

fy
bo, fu

bo Yield strength and ultimate strength of bolt steel, respectively 

fy
b, fu

b Yield strength and ultimate strength of steel beam, respectively 

α1 Flange friction reduction coefficient 

tf Flange thickness 

D Diameter of the screw hole 

 

3.  The establishment and validation of the FE model for PSCU 

 

3.1. The establishment of the FE model for PSCU 

 

Fig.5 shows the geometric details of PSCU model. The lengths of the 

column and beam are 3000mm and 1835mm, respectively. The steel column 

adopts the tube column of 400mm×350 mm×16 mm. The common section and 

widen flange section of H-shaped beam adopt 300mm×200mm×12mm×8mm 

and 300mm×250mm×12mm×8mm, respectively. All bolts are 10.9 grade high-

strength bolts with a diameter of 20mm, and standard size 22mm diameter holes 

are provided on all components. 

 

 
 

(a) Front view (b) 1-1 Section diagram 

 

(c) Vertical view 

Fig. 5 Geometric dimensions of PSCU 

The developed FE model of PSCU is depicted in Fig.6. The three-

dimensional eight-node reduced integration solid element (C3D8R) was utilized 

for each component of the connection. Mesh sizes, particularly in critical areas 

such as bolt holes and the U-shaped plate, were refined. Contact relationships 

were established among the U-shaped plate, T-shaped plate, beam, and bolts. 

The contact property included tangential behavior with a "Penalty" friction 

formulation and normal behavior with "Hard Contact." The tangential friction 

coefficient between the contact plates was taken as 0.35, while the friction 

coefficients for the bolt-related contact surfaces were all set to 0.05. The 

material properties are shown in Table 1. The value of the ultimate strain is the 

strain measurement recorded when the material reaches its ultimate strength. 

 

Table 1 

Material properties of the steel and bolt 

Materials Q235 Q355 High-strength bolt 

Density ρ (10-9t/mm3) 7.85 7.85 7.85 

E (105MPa) 2.06 2.06 2.06 

Poisson's ratio ν 0.3 0.3 0.3 

Yeild strength fy (MPa) 235 355 940 

Ultimate strength fu (MPa) 375 470 1140 

Yield strain (%) 0.145 0.184 0.470 

Ultimate strain (%) 2.500 2.233 1.470 

 

Hinge constraints were applied to the top and bottom of the column, and 

axial pressure with an axial pressure ratio of 0.3 was applied at one end of the 

column. Additionally, to prevent out-of-plane instability of the beam, lateral 

restraints were implemented at the free end. A rigid plate was introduced at the 

loading point of the beam free end to mitigate stress concentration. The positive 

direction was considered upward, while the opposite direction was deemed 

negative. 

 

 

Fig. 6 FE model of PSCU 

 

The loading process for PSCU was conducted in three sequential steps: 1) 

Applying pretension to the high-strength bolts; 2) Applying axial pressure at the 

top end of column; 3) Applying low-cycle reciprocating load at the center point 

of the top surface of the rigid plate. The loading system for PSCU, as per the 

seismic code of ANSI/AISC 341-16 [27], is illustrated in Fig.7. The cyclic 

displacement loading was controlled by the inter-story drift angle(θ), 

representing the ratio of the beam end displacement to the distance from the 

loading point to the centerline of column (1950mm). 

 

 
Fig. 7 Loading system 
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3.2. Verification of the FE model for PSCU 

 

In order to conduct a comprehensive simulation analysis of the seismic 

performance and post-earthquake reparability of PSCU, it is imperative to pre-

validate the established finite element model for PSCU. To achieve this, the 

same modeling approach employed for PSCU was utilized to model a Z-type 

cantilever beam splices of the column-tree connection test model (CT-SLIP) [28, 

29]. The structural details of CT-SLIP are illustrated in Fig.8. A detailed 

comparison of the modeling parameters between PSCU and CT-SLIP is 

presented in Table 2. 

Table 2 

Model parameters of PSCU and CT-SLIP 

Model 

Steel tube columns H-shaped beams 

High strength 

bolt grade 

Element 

type 

Contact relation-

ships 

Friction coeffi-

cient 
Length 

(mm) 

Section size 

(mm) 

Steel 

grade 
Boundary 

Length 

(mm) 

Section size 

(mm) 
Steel grade Boundary 

PSCU 3000 200×200×16 Q355 Hinge 1950 300×200×8×12 Q235 Lateral restraints 10.9 C3D8R Hard contact 0.35 

CT-SLIP 3000 400×350×16 Q355 Hinge 1835 300×200×8×12 Q235 Lateral restraints 10.9 C3D8R Hard contact 0.35 

 

Upon comparison, it was observed that CT-SLIP differs from PSCU in only 

two aspects: differences in column cross-sectional dimensions and the location 

of the beam-end loading. From the experimental results of CT-SLIP, it is noted 

that the column in CT-SLIP did not undergo plastic deformation throughout the 

entire test. Simultaneously, during result analysis, the numerical values of 

beam-end loading were transformed into moments, serving as the indicator for 

subsequent analyses. Consequently, these two differences do not compromise 

the validation of the finite element modeling approach. All other model 

parameters for both types of connections remain identical. The developed FE 

model of CT-SLIP is depicted in Fig.9. 

 

  

(a) Construction of CT-SLIP (b) Details of CT-SLIP 

Fig. 8 The CT-SLIP connection 

 

 

Fig. 9 FE model of CT-SLIP 

 

The low-cycle reciprocating load, which was shown in Fig.7, was applied 

to the CT-SLIP model, and the finite element results were compared with the 

experimental results in Reference [30]. As depicted in Fig.10, the failure mode 

of the CT-SLIP connection obtained through FE analysis is consistent with the 

experimental failure mode, demonstrating local buckling of the lower flange of 

the cantilever beam. The stress diagram obtained from the finite element 

simulation clearly indicate that the stress levels on the cross-section of the 

column in CT-SLIP consistently remain below the yield strength of the steel. 

The entire cross-section of the column remains in the elastic phase. This 

validates the correctness of the earlier assumptions. 

Comparing the hysteresis curves from tests and FE analysis reveals that the 

FE model accurately predicts the ultimate bearing capacity, initial stiffness, and 

unloading stiffness of CT-SLIP, with only little discrepancies observed in the 

pinching behavior of the hysteresis curve. This is attributed to the finite element 

model neglecting initial defects in geometric, material, and contact relationships, 

along with relatively idealized boundary conditions and uncertainties in material 

and component properties. As a result, the initial slip moment obtained from the 

finite element analysis is slightly larger than the experimental value, and the 

pinching behavior in the finite element curve is slightly less pronounced. 

Nonetheless, both exhibit a good overall consistency, indicating that the main 

characteristics of the finite element curve align well with experimental values, 

affirming the correctness and reliability of the finite element modeling approach 

adopted in this study. 

 

 

(a) Failure models 

 

(b) Moment-Rotation curve under cyclic load 

Fig. 10 Comparison of test results and FE results for CT-SLIP 

 

4.  Numerical analysis of PSCU 

 

4.1. Failure mode of PSCU 

 

The finite element model of PSCU was simulated, and the hysteresis curve 

and skeleton curve of the connection were extracted, as shown in Fig.11. Stress 

diagrams of PSCU, relative displacement diagrams of bolt holes, and PEEQ 

plastic strain diagrams are shown in Fig.12. The analysis reveals the following: 

1) When the connection rotation (θ) is less than 0.004rad, both positive and 

negative skeleton curves exhibit linear variations. The stress in each component 

of the connection area does not reach the yield strength, and there is no relative 

slipping, as shown in Fig.12(a) and (b). Thus, it can be defined as: "When θ < 

0.004rad, PSCU is in the elastic stage." 2) When θ reaches 0.004rad, noticeable 

inflection points appear in both positive and negative skeleton curves, causing 

a sudden drop in connection stiffness. The stress in each component of the 

connection area still does not reach the yield strength, but significant relative 
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slipping occurs between the plates, as shown in Fig.12(c) and (d). Since the 

slipping stage stops at θ = 0.01rad under positive loading, the bearing capacity 

of the connection continues to increase. During negative loading, the slipping 

stage continues until θ = 0.02rad, after which the bearing capacity continues to 

rise. Thus, it can be defined as: "When 0.004 ≤ θ < 0.01rad (under positive 

loading) or 0.004 ≤ θ < 0.02rad (under negative loading), PSCU is in the 

slipping stage." 3) After the slipping stage, the positive and negative load-

carrying capacities of the connection significantly increase. At this point, only 

the maximum stress on the U-shaped plate exceeds its yield strength, and the U-

shaped plate starts to yield, as shown in Fig.12(e) and (f). Until θ = 0.04rad, a 

small yielded area appears at the variable cross-section of the beam end, as 

shown in Fig.12(g) and (h). In this stage, the maximum bearing capacity of 

PSCU has not reached its ultimate bearing capacity, but the difference is small. 

Thus, it can be defined as: "When 0.01 ≤ θ < 0.04 rad (under positive loading) 

or 0.02 ≤ θ < 0.04 rad (under negative loading), PSCU is in the elastic-plastic 

stage." 4) With continued loading, the bearing capacity still slightly increases, 

but the connection rotation significantly increases. Plastic hinges appear at the 

variable cross-section of the beam end and continue developing. Thus, it can be 

defined as: "When θ > 0.04 rad, PSCU is in the plastic stage." The loading 

simulation terminates at θ = 0.07rad due to extremely low efficiency in 

subsequent calculations. 

 

  
(a) Hysteresis curve (b) Skeleton curve 

Fig. 11 FE result curves of PSCU 

 

In light of the foregoing, the entire lateral resistance process of the 

connection can be delineated into four distinct stages: elastic stage, slipping 

stage, elastic-plastic stage, and plastic stage, each corresponding to one of the 

four design criteria depicted in Fig.3. Specifically, under frequent earthquakes, 

it is imperative for PSCU to maintain an elastic state, with a prescribed inter-

story drift angle limit of 0.004rad, a criterion consistent with the stipulations 

outlined in specifications [31]. In the context of seismic design actions, PSCU 

is permitted to transition into the slipping stage, wherein none of the constituents 

within the connection area undergo yield. The connection can exploit frictional 

energy dissipation, necessitating post-earthquake recovery solely for bolted 

connections. Under fortification earthquakes, PSCU can harness the yielding 

behavior of the U-shaped plate for energy dissipation, affording protection to 

other structural elements. Consequently, the connection enters the elastic-plastic 

stage, with post-earthquake recovery limited to the U-shaped plate and its 

corresponding bolted connections. The inter-story drift angle limit at this 

juncture is set at 0.04, manifesting a conspicuous surplus in contrast to the 

elastic-plastic inter-story drift angle limit delineated in specifications [31]. In 

instances of extremely rare earthquakes, the plastic hinge can be formed at the 

variable cross-section of the frame beam, thereby augmenting the structural 

capacity for energy dissipation. Subsequent to seismic occurrences, restorative 

measures might necessitate the replacement of the beam. These deductions 

substantiate the accuracy of the seismic design objectives and post-earthquake 

recovery methodologies expounded in Section 2.2 of this discourse. 

 

 
 

(a) Stress diagrams (θ=0.004rad) 
(b) Relative displacement diagrams of bolt 

holes (θ=0.004rad) 

 
 

(c) Stress diagrams (θ=0.01rad) 
(d) Relative displacement diagrams of bolt 

holes (θ=0.01rad) 

  

(e) Stress diagrams (θ=0.02rad) (f) Plastic strain diagrams (θ=0.02rad) 

  

(g) Stress diagrams (θ=0.04rad) (h) Plastic strain diagrams (θ=0.04rad) 

Fig. 12 FE result diagrams of PSCU 

 

4.2. Seismic performance evaluation of PSCU 

 

 

Fig. 13 Comparison of the hysteretic curves between PSCU and CT-SLIP 

 

Comparing the key performance indicators of PSCU and CT-SLIP as 

presented in Table 3 reveals that the two models differ only in the construction 

at the connection area. Analyzing the hysteresis curves of both models provides 

an effective preliminary assessment of the seismic performance of PSCU. A 

comparison of the hysteresis curves of PSCU and CT-SLIP, as shown in Fig. 

13, yields the following insights: 

1) The hysteresis curve of PSCU exhibits asymmetry in both positive and 

negative directions, attributed to the structural asymmetry of the upper and 

lower parts of the connection area of PSCU. Under positive loading conditions, 

the PSCU undergoes slipping, culminating in the top of the U-shaped plate 

making contact with the column. Subsequently, a substantial portion of 

anticlockwise bending moment is directly transmitted to the column through the 

U-shaped plate. Under negative loading, the PSCU has limited bending moment 

transmission capacity, as only the bottom corners of the U-shaped plate contact 

the column after slipping. Additionally, the longer duration of slipping under 

negative loading results in a noticeably smaller negative ultimate bearing 

capacity compared to the positive one. 

2) The more pronounced pinching effect in the hysteresis curve of PSCU 

indicates a smaller residual displacement after seismic shaking compared to CT-

SLIP. This is advantageous for the post-earthquake recoverability of the 

connection. 

Table 3 provides the key performance indicators for PSCU and CT-SLIP. 
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Among them, the ultimate moment (Mu) represents the moment corresponding 

to the maximum rotation (θu), and the ductility coefficient (μ) is the ratio of the 

maximum rotation to the slipping rotation (θs) [30]. Due to the absence of a 

significant reduction in load-bearing capacity throughout the loading process, 

the actual ductility coefficient of PSCU should be greater than the calculated 

value in the table. A comparison with CT-SLIP reveals that under positive 

loading, PSCU exhibits a significantly higher initial stiffness (K0), and under 

negative loading, its initial stiffness is comparable to that of CT-SLIP. PSCU 

has a smaller slipping moment, indicating a greater tendency for relative 

slipping between its components. Moreover, PSCU demonstrates higher 

ultimate bearing capacity, superior ductility, and comparable energy dissipation 

capacity (E) to CT-SLIP. 

 

Table 3 

Key performance indicators of CT-SLIP and PSCU 

Connection Direction 
K0 

(kN/mm) 

θs 

(% rad) 

Ms 

(kN·m) 

θu 

(% rad) 

Mu 

(kN·m) 
μ 

E 

(kJ) 

CT-SLIP 
Positive 5.65 0.74 149.75 6.88 277.41 9.33 

249.02 

Negative 5.76 0.73 152.65 6.85 252.64 9.32 

PSCU 
Positive 7.56 0.43 107.79 7.00 365.15 >16.27 

252.39 

Negative 5.62 0.50 105.44 6.01 251.46 >12.02 

 

Combining the analysis of the failure mode of PSCU, it is evident that 

PSCU not only effectively fulfills the initial seismic design objectives, meeting 

current standards, but also enhances the ultimate bearing capacity, ductility, and 

post-earthquake repairability of prefabricated steel frame beam-column 

connections while ensuring overall energy dissipation performance. 

 

5.  Parametric analysis of PSCU 

 

Utilizing the PSCU as the foundational model (BASE), this study 

systematically examines the influence patterns of distinct parameters on the 

seismic resistance and post-earthquake functional recovery of this connection. 

The investigated parameters encompass variations in the U-shaped plate 

thickness (tU), T-shaped plate thickness (tT) and the quantity of connecting bolts 

in different orientations. Model designations and their respective parameter 

metrics are delineated in Table 4. 

 

Table 4 

Parameters of FE models 

Model 
tU 

(mm) 

tT 

(mm) 
nu ns nb 

BASE 12 16 6 6 6 

U-10 10 16 6 6 6 

U-16 16 16 6 6 6 

T-12 12 12 6 6 6 

T-18 12 18 6 6 6 

TP-4 12 16 4 6 6 

TP-8 12 16 8 6 6 

WB-4 12 16 6 4 6 

WB-8 12 16 6 8 6 

BT-4 12 16 6 6 4 

BT-8 12 16 6 6 8 

Notes: nu, ns and nb are the number of the upper flange bolts, number of bolts on one side 

and number of the lower flange bolts, respectively. 

 

5.1. U-shaped plate thickness 

 

Through finite element analysis and theoretical calculations on the 11 

models presented in Table 4, key performance indicators for each model were 

obtained, as detailed in Table 5. Failure modes, hysteresis curves, and skeleton 

curves were extracted for the U-10, BASE, and U-16 models, as illustrated in 

Fig.14. Comparative analysis of the finite element simulation results for these 

three models reveals the following: 

1) As the thickness of the U-shaped plate increases, the stress at both the T-

shaped plate and the beam end significantly increases. When the U-plate 

thickness is 16mm, in the final loading stage, certain regions of the T-shaped 

plate also undergo plastic deformation, which contradicts the post-earthquake 

functional recovery requirement; 

2) The increase of U-shaped plate thickness has a negligible impact on the 

initial stiffness (K0) and slipping moment (Ms) of PSCU, with no significant 

effect on the slipping angle (θs); 

3) The ultimate bearing capacity (Mu) of the connection correlates 

positively with the increase in U-shaped plate thickness, especially in the 

negative direction of connection bearing capacity. Enlarging U-shaped plate 

thickness significantly diminishes the discrepancy in positive and negative 

ultimate bearing capacities of PSCU. 

4) A comparative analysis of finite element results and theoretical results 

indicates an error margin generally within 7%, with theoretical results 

consistently undershooting finite element results. This underscores the scientific 

and accurate nature of the theoretical model established in Section 2.2. 

 

Table 5 

Key performance indicators of FE models 

Model Direction 

K0 

(kN/mm) 

θs 

(% 

rad) 

Ms 

(kN·m) 

θu 

(% rad) 

Mu 

(kN·m) 

μ 

E 

(kJ) 

Ms,t 

(kN·m) 

Mu,t 

(kN·m) 

BASE 

Positive 7.56 0.43 107.79 7.00 365.15 >18.7 

204.4 

102.5 360.7 

Negative 5.62 0.50 105.44 6.01 251.46 >12.0 100.6 238.8 

U-10 

P 7.49 0.42 106.83 6.99 357.69 >18.7 

189.2 

101.9 355.3 

N 5.45 0.50 102.68 5.02 214.54 >10.0 100.3 199.6 

U-16 

P 7.69 0.42 109.65 7.01 378.07 >18.7 

225.0 

102.9 370.2 

N 5.88 0.50 108.87 7.00 318.59 >14.0 100.9 308.4 

T-12 

P 6.69 0.43 95.33 7.00 324.99 >18.7 

175.3 

100.6 336.3 

N 5.64 0.50 103.31 7.00 247.36 >14.0 99.1 238.8 

T-18 

P 7.91 0.44 112.34 7.00 365.28 >18.7 

210.6 

103.8 369.1 

N 6.03 0.50 109.08 6.02 258.46 >12.0 102.8 238.8 

TP-4 

P 7.45 0.41 106.28 7.00 361.40 >18.7 

194.7 

102.5 360.7 

N 5.49 0.44 78.32 5.03 249.64 >13.3 84.8 238.8 

TP-8 

P 7.57 0.42 107.94 7.00 370.21 >18.7 

195.5 

102.5 360.7 

N 5.54 0.50 72.02 6.00 245.31 >16.0 80.5 238.8 

WB-4 

P 7.48 0.43 106.62 6.99 363.54 >18.7 

183.4 

102.5 360.7 

N 4.99 0.42 68.09 7.02 245.94 >18.7 67.1 216.9 

WB-8 

P 7.57 0.44 107.82 6.02 363.15 >16.0 

220.8 

102.5 360.7 

N 5.94 0.50 113.62 6.00 262.92 >12.0 119.2 272.6 

BT-4 

P 5.60 0.42 79.82 6.01 327.80 >18.7 

187.4 

74.6 300.6 

N 5.56 0.50 102.26 7.01 248.95 >14.0 100.6 238.8 

BT-8 

P 8.71 0.44 124.21 7.03 397.13 >18.7 

221.2 

122.7 412.3 

N 5.72 0.50 106.98 6.02 260.21 >12.0 100.6 238.8 

Notes: Ms,t and Mu,t are the theoretical results of slip moment and ultimate moment, respec-

tively, which were calculated by Eq.(1)-(3). 

 

 

   

(a) U-10 (b) BASE (c) U-16 
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(d) Hysteretic curves (e) Skeleton curves 

Fig. 14 Failure modes and result curves of FE models 

 

5.2. T-shaped plate thickness 

 

The failure modes, hysteresis curves, and skeleton curves of the models of 

T-12, BASE, and T-18 are extracted, as shown in Fig.15. Combining the key 

performance indicators of these 3 models in Table 5, the analysis indicates that: 

1) As the thickness of the T-shaped plate increases, the stress within the 

plate decreases markedly, the yielding zone in the U-shaped plate remains 

essentially unchanged, and there is a slight decrease in stress at the variable 

cross-section of the beam end; 

2) When the thickness of the T-shaped plate is 12mm, PSCU only exhibits 

a significant decrease in slip load and ultimate bearing capacity under positive 

loading, with the initial stiffness of the overall connection decreasing by 12% 

compared to the BASE model, and a 14.2% decrease in cumulative energy 

dissipation. This indicates that in the design of PSCU, priority should be given 

to ensuring that the T-shaped plate does not yield, thereby ensuring that the 

connection has good seismic performance, which is also an important condition 

for achieving the post-earthquake functional recovery of PSCU; 

 

   

(a) T-12 (b) BASE (c) T-18 

  

(d) Hysteretic curves (e) Skeleton curves 

Fig. 15 Failure modes and result curves of FE models 

 

3) When the thickness of the T-shaped plate is 18mm, PSCU only has a 

slight increase in initial stiffness (4.6% increase in positive direction, 7.3% 

increase in negative direction), and the improvement in other performance 

indicators does not exceed 3%. This indicates that once the T-shaped plate does 

not yield during loading, increasing its thickness does not significantly affect 

the seismic performance of the PSCU; 

4) The error between the finite element results and the theoretical results 

can still be controlled within 10%, indicating that the accuracy of the theoretical 

model can still be ensured after changing the thickness of the T-shaped plate. 

 

5.3. Number of bolts connecting between U-shaped plate and upper flange of 

beam 

 

The failure modes, hysteresis curves, and skeleton curves of the models of 

TP-4, BASE, and TP-8 are extracted, as shown in Fig.16. Combining the key 

performance indicators of these 3 models in Table 5, the analysis indicates that: 

1) The number of connecting bolts on the upper flange of the beam has a 

negligible impact on the initial stiffness and ultimate bearing capacity of the 

PSCU; 

2) Reducing the number of connecting bolts on the beam upper flange has 

a minor effect on the load-bearing capacity of the PSCU under positive loading 

conditions, but it significantly influences the negative slipping process. This 

occurs because a reduction in the number of connecting bolts decreases the 

maximum static friction between the U-shaped plate and the beam upper flange. 

When the external load reaches this maximum static friction force, the U-shaped 

plate slides first between the upper flange of the beam until the bolt rod contacts 

the hole wall, and then the remaining bolt connections begin to slide, forming a 

two-stage slipping phenomenon, as shown by the red curve in Fig.16 (e); 

3) Increasing the number of connecting bolts on the upper flange of the 

beam only does not enhance the slipping load of the PSCU. This is because 

while adding more bolts significantly raises the maximum static friction force 

between the U-shaped plate and the beam upper flange, it also makes sliding at 

that specific connection more difficult. Consequently, other bolt connections 

may experience premature slipping, resulting in minimal overall slipping of the 

beam upper flange throughout the loading process; 

4) Comparing the cumulative energy dissipation, it can be obtained that 

regardless of whether the number of bolts is increased or decreased, the 

cumulative energy dissipation of the connection is reduced (compared to the 

BASE model, TP-4 is reduced by 4.7%, and TP-8 is reduced by 4.4%), 

indicating that appropriate slipping between the components contributes to the 

energy dissipation of PSCU. 

 

   

(a) TP-4 (b) BASE (c) TP-8 

  

(d) Hysteretic curves (e) Skeleton curves 

Fig. 16 Failure modes and result curves of FE models 

 

5.4. Number of bolts connecting between U-shaped plate and T-shaped plate on 

one side 

 

The failure modes, hysteresis curves, and skeleton curves of the models of 

WB-4, BASE, and WB-8 are extracted, as shown in Fig.17. Combining the key 

performance indicators of these 3 models in Table 5, the analysis indicates that: 

1) The influence of increasing the number of bolts connecting the U-shaped 

plate and T-shaped plate on the ultimate bearing capacity, initial stiffness, and 

positive slip load of PSCU remains inconspicuous; 

2) The reduction in the number of bolts connecting the U-shaped plate and 

T-shaped plate has a significant impact on the negative slipping process of 

PSCU. This occurs because a reduction in the number of bolts connecting the 

U-shaped plate and the T-shaped plate directly results in a decrease in the 

maximum static friction force between the two components. When the external 

load reaches this maximum static friction force, slip occurs first between the U-

shaped plate and the T-shaped plate, until the bolt shank contacts the hole wall 

at this point, after which the remaining bolted connections start to slip, thereby 

forming a two-stage slip phenomenon, as shown by the red curve in Fig.17(e); 

3) Only increasing the number of bolts connecting the U-shaped plate and 

T-shaped plate can increase the negative slip load of PSCU, but its effect is 

minimal. The sequence of slipping is characterized by the initial slipping of the 

bolted connections at the upper and lower flanges of the beam, followed by the 

subsequent slipping of the bolted connections between the U-shaped plate and 

the T-shaped plate. This results in a two-stage slip phenomenon, as illustrated 

by the blue curve in Fig. 17(e); 

4) Comparing the cumulative energy dissipation, it can be seen that the 

cumulative energy dissipation of the connection is increased with the increasing 
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of the number of bolts (compared to the BASE model, WB-4 is reduced by 

10.3%, and WB-8 is increased by 8.1%). An observation of the hysteresis curve 

in Fig. 17(d) reveals that the hysteresis curve for WB-4 exhibits significant 

pinching. This phenomenon is attributable to the relatively small number of 

bolts connecting the U-shaped plate and the T-shaped plate in WB-4. With the 

increase of cyclic loading, the loss of bolt pre-tension force and friction 

coefficient is severe, and the slip energy dissipation mechanism basically 

disappears. Therefore, ensuring the reliability of the bolted connection between 

the U-shaped plate and T-shaped plate is beneficial for improving the energy 

dissipation performance of PSCU. 

 

   

(a) WB-4 (b) BASE (c) WB-8 

  

(d) Hysteretic curves (e) Skeleton curves 

Fig. 17 Failure modes and result curves of FE models 

 

5.5. Number of bolts connecting between T-shaped plate and lower flange of 

beam 

 

The failure modes, hysteresis curves, and skeleton curves of the models of 

BT-4, BASE, and BT-8 are extracted, as shown in Fig.18. Combining the key 

performance indicators of these 3 models in Table 5, the analysis indicates that: 

1) As the number of connecting bolts between the lower flange of the beam 

increases, the stress on both the T-shaped plate and the variable cross-section at 

the beam end rises significantly, and the T-shaped plate of BT-8 has already 

yielded after loading, which does not meet the requirement for the post-

earthquake functional recovery of PSCU; 

2) Increasing the number of connecting bolts in the lower flange of the 

beam has little influence on the negative ultimate bearing capacity, negative 

initial stiffness, and negative slip load of PSCU; 

3) Strengthening the connection strength of the lower flange of the beam 

will significantly increase the positive stiffness and slip load of PSCU, and at 

the same time, the positive ultimate bearing capacity of PSCU will also be 

significantly improved, but this will also make the difference in positive and 

negative bearing capacities of PSCU more apparent; 

4) The cumulative energy dissipation capacity of PSCU significantly 

improves with the increase in the number of connecting bolts in the lower flange 

of the beam. This enhancement is attributed not only to the improved positive 

bearing capacity but also to the reduction in hysteresis curve pinching, which is 

effectively mitigated by the greater number of bolts. 

Considering the analysis results of Sections 5.3, 5.4, and 5.5, and taking 

into account the seismic performance and the requirement for post-earthquake 

functional recovery of PSCU, the following design recommendations can be 

made: To prevent yielding of the T-shaped plate, it is recommended that the 

number of connecting bolts on the upper flange, lower flange of the beam, and 

between the U-shaped plate and the T-shaped plate on each side should be kept 

consistent. 

 

   

(a) BT-4 (b) BASE (c) BT-8 

  

(d) Hysteretic curves (e) Skeleton curves 

Fig. 18 Failure modes and result curves of FE models 

 

6.  Conclusion 

 

To investigate the seismic performance and post-earthquake recovery of 

PSCU, this study employed theoretical methods to establish design criteria and 

post-earthquake recovery methods for PSCU, and derived design equations for 

PSCU. Additionally, a refined finite element (FE) model of PSCU was 

developed and validated, and parameterized numerical analysis of PSCU was 

conducted. The main conclusions are as follows: 

(1) The failure mode of PSCU belongs to typical ductile failure, and even 

when the rotation angle reaches 0.07rad, PSCU can still ensure the integrity of 

non-replaceable components, thereby ensuring its good post-earthquake 

recovery performance. 

(2) The entire lateral resistance process of PSCU can be delineated into four 

distinct stages: elastic stage (the connection rotation angle θ < 0.004rad), 

slipping stage (0.004 ≤ θ < 0.01rad under positive loading or 0.004 ≤ θ < 0.02rad 

under negative loading), elastic-plastic stage (0.01 ≤ θ < 0.04 rad under positive 

loading or 0.02 ≤ θ < 0.04 rad under negative loading), and plastic stage (θ > 

0.04 rad). 

(3) PSCU can meet the post-earthquake functional recovery requirements 

through the following measures, namely “no repair is needed in the elastic stage, 

only bolted connection repair is needed in the slip stage, only U-shaped plate 

replacement is needed in the elastic-plastic stage, and U-shaped plate and beam 

replacements are needed in the plastic stage”. 

(4) When designing PSCU, the thickness of the U-shaped plate should not 

exceed that of the T-shaped plate to ensure that the T-shaped plate does not yield 

throughout the entire lateral resistance process. Bolted connections can be 

designed based on the elastic limit of the PSCU, and the number of bolts on 

each connected surface should be as uniform as possible. 

(5) By comparing the finite element (FE) results with the theoretical results 

of all models, it can be obtained that the maximum error is 12%, with an average 

error of less than 3%. The high level of agreement between the FE results and 

the theoretical results indicates that theoretical design equations of PSCU 

established in this paper is relatively scientific and accurate. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

To enhance the overall stability of the glulam reticulated shell, an innovative structural solution, the glulam suspendome, is 

introduced by integrating a cable-strut system. A destructive test utilizing 13 hydraulic jacks was carried out to assess the 

overall stability. This study primarily encompassed analyses of load-displacement curves for nodes, load-strain characteristics 

of structural members, load-cable force assessments of hoop cables, and an investigation into failure mode. The failure mode 

of the structure involved instability around the weak axis of the member near the mid-span node, along with member fracture. 

The structure sustained an ultimate load of 1094.21kN (84.17kN×13). Based on the parameter analysis of the finite element 

model (FEM) of more than 200 cases of glulam suspendome, the ultimate bearing capacity improvement coefficient (k) of the 

suspendome structure compared with single-layer reticulated shell was given. The experimental and numerical analysis on the 

mechanical properties of glulam suspendome serves as a dependable point of reference for the design of other glulam 

suspendome. 
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1.  Introduction 

 

Nowadays, spatial structures employing steel, aluminum alloy, and glulam 

as primary materials, notably single-layer reticulated shells, have gained exten-

sive utilization in contemporary public buildings. Ensuring the static stability of 

spatial structures constitutes an important aspect of structural design. To achieve 

a more comprehensive understanding of the static stability of single-layer retic-

ulated shells, extensive investigations have been conducted through physical 

model testing. Ma et al. [1] conducted an experimental inquiry into a reticulated 

shell made of steel featuring bolt-ball joints, revealing that under the load of 

22.43kN, instability occurred at the mid-span joint. Xiong et al. [2, 3] performed 

an experimental investigation on a reticulated shell connected by aluminum al-

loy gusset joints. Failure was observed in the rods near the mid-span node when 

subjected to a load of 99.7kN. For glulam reticulated shell, Lu et al. [4] carried 

out tests employing various rise-span ratios and bolt arrangement configurations. 

The structure exhibited an ultimate bearing capacity of approximately 5.50kN, 

with the failure mode primarily characterized by parallel-to-grain cracking in 

the compression zone of the glulam members. 

Numerous studies have consistently demonstrated the inherent weaknesses 

in joint stiffness and overall stability within single-layer reticulated shells. To 

enhance the stability of reticulated shells, a novel structural form known as the 

suspendome structure has been developed [5]. The suspendome structure 

achieves higher stiffness and reduces structural deformation under similar loads 

by increasing cable-strut system within the single-layer reticulated shell. Many 

experts and scholars have conducted the static properties of the suspendome in 

detail through model tests, encompassing assessments of structural deformation 

under both design load and excessive load, as well as evaluating the impact of 

asymmetric loading on the structure [5-11]. However, there has been a scarcity 

of experiments conducted to investigate the stability of the suspendome struc-

ture. Zhang et al. [12] conducted tests on a suspendome structure, which expe-

rienced overall instability leading to pronounced collapse of the structure. The 

ultimate bearing capacity of the structure was determined to be 327.34kN. The 

basic profiles of experimental tests are shown in Table 1. 

 

Table 1 

Destructive tests of reticulated shells and suspendome 

Structural form Material Dimension Loading point Ultimate load 

Single-layer cylindrical reticulated shell [1] Steel Span: 5m×6m; Height: 1.25m Single-point 22.4kN 

Single-layer spherical reticulated shell [2, 3] Aluminum alloy Span: 8m; Height: 0.5m Single-point 99.7kN 

Single-layer spherical reticulated shell [4] Glulam Span: 4m; Height: 0.8m/0.4m 7-points 5.50kN 

Suspendome [12] Steel Span: 9.3m;Height: 0.93m 442-points 327.34kN 

To date, research on suspendome utilizing steel and aluminum alloy had 

indicated that the upper members of the structure predominantly experience 

compression. Taking into account the exceptional compressive capabilities of 

glulam, this paper innovatively applied it to the upper reticulated shell, thereby 

introducing a novel type of structure termed as the glulam suspendome. How-

ever, regarding the static properties and the overall stability of glulam sus-

pendome, no experimental investigations have been conducted thus far.  

In this study, the ultimate bearing capacity and the overall stability of glu-

lam suspendome were studied through the destructive test of 13 hydraulic jacks. 

Based on the theoretical analysis of the instability of the glulam members, the 

failure mode of glulam suspendome was investigated. Using finite element soft-

ware, the numerical model of the structure was established, while the parameter 

analysis of the structures was analyzed. Based on the ultimate bearing capacity 

of single-layer glulam reticulated shells, the ultimate bearing capacity improve-

ment coefficient (k) of glulam suspendome was given. The test and numerical 

analysis results of the glulam suspendome have yielded satisfactory outcomes, 

providing valuable assistance to the structural design. 

 

2.  Experimental methods 

 

2.1. Material test 

 

As depicted in Fig. 1, tests were conducted to ascertain the parallel-to-grain 

compressive strength of the glulam material utilized in this study. TCT24 grade 

Douglas Fir glulam conforming to GB/T 50708-2012 [13] standard was used in 

the material test. The specimen was determined in accordance with ASTM 
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D143[14], while testing was conducted using a 100kN-capacity electronic uni-

versal testing machine. The test loading speed was controlled by displacement, 

with a specific speed of 0.3mm/min. The test results are shown in Table 2. 

 

 

Fig. 1 Parallel-to-grain compressive test 

Table 2 

Test results of glulam material properties 

Material properties (MPa) Number of specimens Average value 𝑋̅ Standard deviation 𝑆 Coefficient of variation 𝑣 

Parallel-to-grain elastic modulus 
16 

12254 1769 14.44% 

Parallel-to-grain compressive strength 43.89 3.87 8.81% 

2.2. Specimen design 

 

Serving as the upper structure of the glulam suspendome, the single-layer 

glulam reticulated shell adopts the Kiewitt-6 structural configuration [15]. In 

accordance with the suggestions provided in technical specification [16] and 

relevant literature [17, 18], the design of glulam suspendome in this research 

entailed a span of 6m and a height of 1.2m, resulting a rise-span ratio of 0.2. 

The specimen was characterized by a strut height of 0.6 m, while the sag-span 

ratio was 1/400. The section size and material of each component were shown 

in Fig. 2.  

 

 

Fig. 2 Diagram and dimension of the glulam suspendome 

 

2.3. Measurement layout 

 

To investigate the mechanical properties of the glulam suspendome, it was 

essential to accurately measure the displacement of typical nodes, the strain of 

the members, and the tension of hoop cables. The specific measurement scheme 

followed the same approach as outlined in the reference [15]. 

 

2.4. Prestressed tension and loading scheme 

 

In this research, the prestress ratio was 1:2[19]. LC1 was 4.5kN, while LC2 

was 2.25kN. As depicted in Fig. 3, 13 hydraulic jacks were employed for syn-

chronous loading in the destructive test. 

The destructive test adopted the same loading method as the full-span load-

ing, utilizing 13 hydraulic jacks to execute synchronous loading. At the begin-

ning of the formal loading, the load was set to 0.1 times the predicted ultimate 

load (Pu) until the load reached 0.7 times Pu. When the load is 0.7 to 0.8 times 

Pu, the load for each stage was adjusted to 0.05 times Pu. Once the load reached 

0.8 times Pu, a displacement-controlled loading method was adopted. According 

to ASTM D1761-12 [20], the loading speed was set at 0.9mm/min. 

 

 
 

Fig. 3 Diagram of the formal loading in destructive loading 

 

 

 

3.  Destructive loading 

 

3.1. Failure mode 

 

The load-displacement curve of the 1st node is depicted in Fig. 4, along 

with the corresponding failure modes of the relevant members during the 

loading process. When the load reached 26kN, the first crack appeared in the 

first circumferential member, with the failure location observed in the 4th 

member. When loading to 52kN, the 55th member of the second main rib 

exhibited cracking near the bolts. Subsequently, when the load reached 72kN, 

the 58th member within the same circle sustained damage. The structural 

damage occurred in the upper reticulated shell of the glulam suspendome, while 

the cable-strut system remained undamaged. 

 

 

Fig. 4 Load-displacement curve 

 

The ultimate load capacity of the structure was determined to be 84.17kN, 

with a total load reaching 1094.21kN (84.17kN×13). The displacement recorded 

at the 1st node reached -45.10mm. Upon reaching the ultimate load, the sound 

of crack within the glulam material became apparent. Parallel-to-grain cracking 

was observed in some of the main rib members adjacent to the 1st node. 

Concurrently, the 37th member experienced a fracture, roughly attributed to the 

member buckling. Meanwhile, other members adjacent to the 1st node exhibited 

instability along the weak axis. Members from the 37th to the 42nd rotated 

around the mid-span node. The structural failure mode was depicted in Fig. 5. 

Detailed buckling analysis was presented in Section 3.5. 

 

 

Fig. 5 Failure mode of glulam suspendome 
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3.2. Load-displacement curves 

 

(1) Node displacement 

As shown in Fig. 6a, the displacement of the 2nd, 3rd, 5th and 6th node 

were recorded as -42.9mm, -38.66mm, -31.65mm, and -35.95mm, respectively. 

The displacement of the nodes on the first ring exhibited a smaller magnitude 

compared to that of the 1st node, with a consistent change trend observed across 

these nodes. This observation suggested that the 13-point synchronous loading 

scheme effectively ensured symmetrical deformation of the structure. 

As depicted in Fig. 6b, among the outer ring nodes of the glulam 

suspendome, the 15th node exhibited the largest displacement, measuring -

24.55 mm. Since the main rib node of the second circle was not the loading 

point, its displacement was minimal. The displacement of the 8th, 10th, 14th 

and 16th node were recorded as -2.04mm, -13.14mm, -7.99mm, and -10.12mm, 

respectively. 

 

  
(a) 2, 3, 5, 6 (b) 8, 10, 14, 16, 15 

Fig. 6 Node displacement 

 

(2) Support displacement 

As depicted in Fig. 7, all support displacements were observed to be radial 

outward. The displacement of the 35th support was the smallest, measuring 

3.16mm. The displacements of 21st and 22nd supports were relatively close, 

measuring 7.91mm and 8.38mm, respectively. 

 

 

Fig. 7 Load-displacement curves in support 

 

3.3. Cable tension curves 

 

As shown in Fig. 8, the cable force of hoop cables exhibited a positive linear 

growth relationship with the load. When the structure experienced failure, LC1 

measured 97.12kN, while LC2 was recorded as 24.69kN. LC1 was significantly 

larger than LC2 because nodes in the second circle transferred a greater load to 

the cable-strut system. 

 

Fig. 8 Cable tension 

3.4. Strain distribution curves 

 

To further investigate the mechanical behavior of the glulam suspendome, 

representative members are selected to analyze.  

(1) Reticulated shell member 

The main rib members of reticulated shell were analyzed, and their load-

strain curves were presented in Fig. 9. Throughout the loading process, the main 

rib members primarily experienced compression. As illustrated in Fig. 9b and d, 

the strain of the 39th and 37th member was recorded as -1388.95με and -

2186.53με, respectively. The 39th and 37th members of the first circle exhibit 

the highest force, followed by the members of the second circle, and finally, the 

outermost ring members displayed the least force. 

 

  
(a) 52, 76 (b) 39, 49, 71 

  
(c) 58, 86 (d) 37, 43 

Fig. 9 Load-strain curves in radial members 

 

As depicted in Fig. 10, an analysis of the circumferential members of the 

reticulated shell was conducted. The members of the first ring experienced 

compression, while members of the second ring underwent strain. The strain of 

the 6th and 18th member at failure state was recorded as -930.64με, 189.57με, 

respectively. 

 

  
  (a) 6 (b) 18 

Fig. 10 Load-strain curves in circumferential members 

 

As depicted in Fig. 11, an analysis of the diagonal members of the 

reticulated shell was conducted. Obviously, all diagonal members were 

subjected to compression, with the pressure trend of symmetric members 

exhibiting consistency. As shown in Fig. 11a, the strain of the 60th and 59th 

member was recorded as -1106.38με and -584.26με. As depicted in Fig. 11b, 

the strain of the 87th and 90th member approached -1800με, while the strain of 

the 88th and 89th member was close to -850με. The compressive strain of the 

90th member was the largest, measured at -1865.93με. 
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(a) 59, 60 (b) 89, 87, 90, 88 

Fig. 11 Load-strain curves in diagonal members 

 

(2) Vertical strut 

As illustrated in Fig. 12, the struts of the glulam suspendome experienced 

compression during loading. The force on the 91st and 92nd struts was nearly 

identical, with their strain measuring close to -190με. Among the struts 

corresponding to the third circle nodes, the 97th strut exhibited the largest force, 

while the 98th strut had the smallest force. The maximum compressive strain 

was recorded at -242.23με. 

 

  
(a) 91, 92 (b) 97, 98, 99 

Fig. 12 Load-strain curves in vertical struts 

 

(3) Radial cable 

The radial rods corresponding to the main rib members of the reticulated 

shell were analyzed, as shown in Fig. 13a. The strain of the 127th and 128th 

member was recorded as 408.35μεand 497.82με, respectively.  

As shown in Fig. 13b, radial cables in the third circle were all tensioned, 

with a relatively consistent changing trend. Among them, the strain of the 151st 

rod was the largest, measuring 838.26με. The strain of the 161st and 164th rods 

was approximately 400με, while the strain of the 163rd rod was the smallest, 

measured at 85.62με. 

 

  
(a) 127, 128 (b) 161, 163, 164, 151 

Fig. 13 Load-strain curves in radial cables 

 

3.5. Analysis of the member buckling 

 

As depicted in Fig. 14, an assessment was conducted to ascertain whether 

any glulam member became buckled by calculating the axial force of the main 

rib member. The approach to determining member instability is as follows: the 

axial force of the member should exceed the stable bearing capacity of a single 

member, calculated under standard hinged conditions at both ends, yet remain 

below the stable bearing capacity calculated assuming fixed joints at both ends. 

Additionally, the load-axial force curve of the member must exhibit a 

decreasing section after reaching its maximum value.  

The stability bearing capacity can be calculated using the following formula 

[13]: 

 

𝑁 = 𝜑𝑓𝑐𝐴0 (1) 

𝜑 =
1 + (𝑓𝑐𝐸/𝑓𝑐)

1.8
− √[

1 + (𝑓𝑐𝐸/𝑓𝑐)

1.8
]2 −

𝑓𝑐𝐸/𝑓𝑐
0.9

 

(2) 

𝑓𝑐𝐸 =
0.47𝐸

(𝑙0/𝑏)
2
 

(3) 

𝑙0 = 𝑘𝑙𝑙 (4) 

 

Where, 𝑓𝑐 is the parallel-to-grain compressive strength of the glulam; 𝐴0 

is the area of the cross section of the member; 𝜑 is the stability reduction co-

efficient of axially loaded compression; 𝐸 is the parallel-to-grain elastic mod-

ulus of the glulam; 𝑏 is the width of the cross section; 𝑙0 is the calculation 

length; 𝑘𝑙 is the effective length factor, which is valued as 1.0 for the member 

which has hinge joint at both ends and is valued as 0.65 for the member which 

has fixed joint at both ends. 

In this study, under conditions where both ends are hinged, the ultimate 

bearing capacity of the axial compression member is determined to be 109.14kN. 

Conversely, when both ends are fixed, the ultimate bearing capacity of the axial 

compression member is calculated to be 204.86kN. As illustrated in Fig. 14c 

and d, the axial forces acting on the 37th, 58th, and 86th members all adhere to 

the initial criterion of the judgment principle. Compared with the axial force of 

the 58th and 86th members, the axial force of the 37th member was greater. 

Therefore, it can be concluded that the 37th member experienced instability first, 

consequently leading to structural damage. 

 

  
(a) 52, 76 (b) 39, 49, 71 

  
(c) 58, 86 (d) 37, 43 

Fig. 14 Load-Axial Force curves in radial members 

 

In Fig. 15a, the failure mode of the aluminum reticulated shell depicted 

members near the loading point buckling around the weak axis, leading to the 

inclined failure of the structure [21]. As shown in Fig. 15b, it is evident from 

the literature [12] that the failure of the steel suspendome was attributed to the 

buckling of the local member. This phenomenon further highlights the im-

portance of considering member stability and selecting appropriate slenderness 

ratios in the design of suspendome. 

 

  
(a) Aluminum reticulated shell (b) Steel suspendome 

Fig. 15 Failure mode of the members in the reticulated shell and suspendome 

 

4.  Parameter analysis 
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4.1. Validation of the FEM 

 

The numerical model of the glulam suspendome was constructed using the 

ANSYS software. The glulam members were represented using BEAM188 

elements. The vertical struts and radial cables were modeled using Link180 

elements. Additionally, the hoop cables were represented using Link10 

elements. The constraints applied to the finite element model included 

circumferential and vertical constraints on the outermost node. Prestress was 

applied to the structure by setting the initial strain of hoop cables. 

As depicted in Fig. 16, the analysis focused on the 1st node to compare the 

test results with the results obtained from FEM. The structural deformation 

observed in the finite element model closely matched the experimental findings. 

The relative error of ultimate bearing capacity calculated by the FEM was 

9.16%, compared with the experimental results. 

 

  

(a) Load-Displacement Curve (b) Node Displacement 

Fig. 16 Comparison between FEM and test 

 

4.2. Parameter analysis 

In the parameter analysis, this paper selected the structural prestress, span 

and span-ratio, height of vertical struts, initial defections to analyze the overall 

stability of glulam suspendome. Table 3 showed the structural size and the 

section size of glulam member. The upper structure of glulam suspendome 

adopted K6-type reticulated shell, while each ring was built with a hoop cable. 

The prestress of the structure was applied by adjusting the cable force of hoop 

cables. Refer to relevant practical projects, the constraints were typically 

defined as radial sliding and circumferential constraints to reflect this design 

approach in FEM. Only the parallel-to-grain compressive strength is considered 

in this analysis, reflecting the primary loading condition of the glulam members. 

The key parameters include the prestress ratio (the ratio of the cable force 

of each ring) and the prestress amplitude (the prestress of the outermost hoop 

cable). Fig. 17a showed the naming rules of the finite element model (FEM), 

while Fig. 17b showed the diagram of the FEM. The selection of parameters 

was as follows: 

Span: 30m, 45m, 60m, 75m, 90m, 105m, 120m; 

Span-Ratio (f/L): 1/5, 1/6, 1/8, 1/10, 1/12, 1/15; 

Length of vertical struts(m): 2.0, 2.5, 3.0, 3.5, 4.0, 5.5, 6.0, 6.5, 7.0, 7.5; 

Prestress Ratio: Ratio of the number of nodes corresponding to each loop 

cable; 

Amplitude of prestress (kN): 90 (30m, 45m, 60m), 120 (75m, 90m, 105m, 

120m); 

Section of member: Vertical strut (φ219×7), Radial cable (φ80), Hoop 

cable (φ7×73). 

 

Table 3 

Structural parameters 

Span (m) 30 45, 60 75, 90 105, 120 

Section of glulam members (mm) 180×540 240×720 300×900 360×1080 

Rings 5 7 9 11 

 

  
(a) Naming rules of FEM (b) Diagram of FEM (600530) 

Fig. 17 Finite element model (FEM) 

4.2.1. Prestress Amplitude and Initial Defection 

Based on the glulam suspendome named “600530”, the initial prestress of 

the structure was changed to explore the influence of different prestresses on 

the overall stability of the structures. Concurrently, the influence of initial 

defects on the overall stability of glulam suspendome was studied by setting the 

initial defection values of different sizes. 

As shown in Fig. 18a, different prestress amplitude had little effect on the 

ultimate bearing capacity of glulam suspendome. When the cable force of the 

outermost ring cable was 90kN (A), the ultimate bearing capacity of the 

structure was the maximum, which was 11.46kN/m2. When the cable force of 

the outermost ring cable was increased to 1.4A, the ultimate bearing capacity of 

the structure was the smallest, which was 11.00kN/m2. The ultimate bearing 

capacity of the structure was reduced by about 4.18%.  

Damage to the upper reticulated shell occurred prior to the full activation 

of the load-bearing capacity of the lower cable-strut system. With greater 

prestress amplitude, the structural stiffness is enhanced, leading to reduced 

deformation under identical loading conditions. However, variations in 

prestress amplitude exert little influence on the stress distribution within the 

upper glulam members. As structural failures predominantly occur in the glulam 

components, often due to premature instability, the ultimate bearing capacity of 

the glulam suspendome is relatively insensitive to changes in prestress 

amplitude. 

As depicted in Fig. 18b, different initial defections also had little influence 

on the ultimate bearing capacity of glulam suspendome. When the structure had 

no initial defection, the ultimate bearing capacity was 11.46kN/m2. When the 

structural defection was L/100, the ultimate bearing capacity was 11.00kN/m2, 

which was reduced by about 4.18%. 

 

  

(a) Prestress Amplitude (b) Initial Defection 

Fig. 18 Results of parameter analysis 

 

4.2.2. Span, Span-ratio and Height of vertical struts 

As shown in Fig. 19a, more than 200 cases of glulam suspendome with 

different span, span-ratio and length of struts were analyzed in order to explore 

the influence of structural span and span-ratio on structural stability bearing 

capacity. As shown in Fig. 19b, the ultimate bearing capacity of the structure 

decreased with the reduction of the span-ratio. Taking span-75m as an example, 

the ultimate bearing capacity of the structure was 125.31kN/m2 when the span-

ratio was 1/5. When the span-ratio is 1/15, the ultimate bearing capacity of the 

structure was 39.03kN/m2, which decreased by 72.05%. With the decrease of 

the span-ratio, the force of the upper reticulated shell was more, which leaded 

to the easy destruction of glulam material. 

 

 
 

(a) Parameter design (b) Span and Span-ratio 

Fig. 19 Span, Span-ratio and Height of vertical struts 

 

As shown in Fig. 20a, as the length of the struts increased, the ultimate 

bearing capacity of the structure gradually increased. For example, when the 

length of the strut was 2.0m, the ultimate bearing capacity of the structure is the 

lowest, which was 22.78kN/m2. When the strut length was 4.0m, the ultimate 

bearing capacity of the structure was the highest, which was 28.33kN/m2, an 

increase of 24.36%. As shown in Fig. 20b, the ultimate bearing capacity of the 
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glulam suspendome with a span of more than 75m did not increase significantly 

with the increase of the length of the struts. This indicated that the overall 

stability of glulam suspendome with small span can be effectively improved by 

increasing the length of struts. However, for the structure with large span, it is 

necessary to increase the section size of the glulam members to improve the 

overall stability of the structure. 

 

  
(a) 30m, 45m, 60m (b) 75m, 90m, 105m, 120m 

Fig. 20 The length of vertical struts 

 

4.3. Estimation of ultimate bearing capacity of glulam suspendome 

 

At present, there were few theoretical studies on the overall stability 

performance of suspendome structure, and there was no corresponding 

calculation formula of ultimate bearing capacity. Based on the calculation of 

ultimate bearing capacity of single-layer glulam reticulated shells, the 

reinforcement factor “ k” was proposed to estimate the ultimate bearing capacity 

of K6-type glulam suspendome. It is worth noting that the ultimate bearing 

capacity of K6 single-layer glulam reticulated shell was also calculated by FEM 

in Section 4.1. 

 

𝑘 =
Λsuspendome

Λshell

 (5) 

 

suspendome  is the ultimate bearing capacity of glulam suspendome, kN/m2；

shell  is the ultimate bearing capacity of the single-layer glulam reticulated 

shell corresponding to the suspendome, kN/m2. 

According to the parameter analysis in Section 4.2, the prestress and initial 

defection had little influence on the ultimate bearing capacity, while the span, 

span-ratio and strut length had great influence on the ultimate bearing capacity. 

Therefore, this paper carried out numerical simulation analysis on several 

groups of glulam suspendome with different spans, span-ratios and strut lengths, 

and put forward the growth coefficient table of K6-type structures (Table 4-10). 

The enhancement coefficient which was not given in the table can be calculated 

by interpolation. It can be inferred from the data that the smaller of the span-

ratio and the longer the length of struts, the more obvious tension system can 

improve the overall stability of the structure. 

 

Table 4 

k- (Span= 30m) 

Length of 

vertical struts (m) 

Span-Ratio 

1/5 1/6 1/8 1/10 1/12 1/15 

2 1.75 1.82 1.91 2.03 2.24 2.83 

2.5 1.97 2.01 2.15 2.29 2.57 3.29 

3 2.12 2.20 2.38 2.54 2.84 3.66 

3.5 2.30 2.40 2.58 2.78 3.12 4.06 

4 2.48 2.59 2.79 3.03 3.39 4.45 

 

Table 5 

k- (Span= 45m) 

Length of 

vertical struts (m) 

Span-Ratio 

1/5 1/6 1/8 1/10 1/12 1/15 

2 1.27  1.27  1.30  1.38  1.45  1.67  

2.5 1.34  1.34  1.37  1.46  1.55  1.81  

3 1.42  1.41  1.44  1.53  1.64  1.94  

3.5 1.50  1.49  1.50  1.60  1.73  2.06  

4 1.57  1.55  1.57  1.66  1.82  2.20  

 

Table 6 

k- (Span= 60m) 

Length of 

vertical struts (m) 

Span-Ratio 

1/5 1/6 1/8 1/10 1/12 1/15 

2 1.24  1.23  1.28  1.31  1.43  1.52  

2.5 1.29  1.28  1.34  1.38  1.52  1.64  

3 1.35  1.34  1.41  1.45  1.61  1.76  

3.5 1.40  1.40  1.47  1.52  1.70  1.87  

4 1.48  1.46  1.52  1.59  1.78  1.99  

 

Table 7 

k- (Span= 75m) 

Length of 

vertical struts (m) 

Span-Ratio 

1/5 1/6 1/8 1/10 1/12 1/15 

5.5 1.10  1.09  1.18  1.23  1.29  1.33  

6 1.10  1.11  1.18  1.24  1.30  1.34  

6.5 1.10  1.10  1.17  1.24  1.30  1.34  

7 1.12  1.11  1.18  1.24  1.31  1.35  

7.5 1.12  1.12  1.19  1.25  1.31  1.36  

 

Table 8 

k- (Span= 90m) 

Length of 

vertical struts (m) 

Span-Ratio 

1/5 1/6 1/8 1/10 1/12 1/15 

5.5 1.12  1.13  1.23  1.34  1.41  1.45  

6 1.14  1.14  1.24  1.33  1.41  1.46  

6.5 1.14  1.14  1.24  1.33  1.42  1.46  

7 1.14  1.14  1.25  1.34  1.42  1.47  

7.5 1.15  1.16  1.25  1.34  1.42  1.49  

 

Table 9 

k- (Span= 105m) 

Length of 

vertical struts (m) 

Span-Ratio 

1/5 1/6 1/8 1/10 1/12 1/15 

5.5 1.15  1.18  1.27  1.40  1.52  1.51  

6 1.15  1.18  1.33  1.42  1.54  1.51  

6.5 1.16  1.19  1.33  1.42  1.55  1.52  

7 1.17  1.19  1.34  1.46  1.56  1.52  

7.5 1.17  1.20  1.34  1.47  1.56  1.52  

 

Table 10 

k- (Span= 120m) 

Length of 

vertical struts (m) 

Span-Ratio 

1/5 1/6 1/8 1/10 1/12 1/15 

5.5 1.17  1.20  1.42  1.56  1.64  1.64  

6 1.17  1.20  1.42  1.57  1.68  1.65  

6.5 1.18  1.20  1.42  1.58  1.69  1.65  

7 1.18  1.20  1.42  1.60  1.71  1.66  

7.5 1.18  1.22  1.43  1.61  1.73  1.67  
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5.  Conclusions 

 

In this study, a novel type of glulam suspendome is proposed. A destructive 

test with 13-point synchronous loading is conducted on a structural model with 

a span of 6m and a height of 1.2m. Based on the analysis of structural failure 

mode, load-displacement curves and load-strain curves, the mechanical 

properties of glulam suspendome are investigated. Based on the analysis of 

structural parameters, the method of estimating the ultimate bearing capacity of 

the structure and the improvement coefficient (k) are proposed. The following 

conclusions are drawn:  

(1) In the destructive test, the failure load recorded at each loading point is 

84.17kN, resulting in a total load received by the glulam suspendome of 

1094.21kN (84.17kN×13). The failure mode of the structure involved instability 

around the weak axis of the member near the mid-span node, along with member 

fracture. The displacement of the mid-span node is the largest, measuring -

47.10mm. The compressive strain of the main rib member of the first layer is 

the largest, measured at -2186.53με (-160.76kN). This suggests that the 

importance of considering member stability and selecting appropriate 

slenderness ratios in the design of the glulam suspendome. 

(2) In the destructive test, the second ring members in the reticulated shell 

are subjected to tension. Consequently, the corresponding position of the 

vertical struts experiences greater pressure, resulting in higher tension in the 

outer ring radial rods. This observation indicates that the load of the glulam 

suspendome is primarily transmitted downwards to the cable-strut system 

through the outer ring nodes. In the design of the glulam suspendome, the load 

dispersion effect of the outer cable-strut system should be taken into 

consideration. 

(3) The parameter analysis of more than 200 finite element models showed 

that prestress and initial defections had little influence on the overall stability of 

glulam suspendome. The geometrical dimensions of the structure, such as the 

span-ratio and the length of vertical struts, had a great influence on the overall 

stability of glulam suspendome. It is worth noting that when the span of the 

structure is greater than 75m, the ultimate bearing capacity of the structure 

cannot be effectively improved by increasing the length of the struts.  

(4) By comparing the ultimate bearing capacity of single-layer glulam 

reticulated shell and glulam suspendome of the same size, the reinforcement 

factor “k” of glulam suspendome was given. The results showed that the smaller 

of the span-ratio and the longer the length of the strut, the more obvious tension 

system can improve the overall stability of the structure. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The design of the web-crippling behavior of cold-formed steel elements (CFS), which have been widely used in recent 

years, is essential. The concentrated loads acting on CFS members cause the section's web to crush and buckle. For this 

reason, it is necessary to calculate the web crippling strength correctly in the design of CFS sections. In order to observe 

the web-crippling behavior of CFS channel sections with holes drilled in the webs, this paper presents experimental and 

numerical experiments. Seven sections of the real-world system intended for End Two Flange (ETF) loading scenarios 

underwent testing. The tested cells were simulated by the finite element method with ABAQUS software. As a result of the 

numerical studies, 150 different model finite element analysis results are presented in the parametric study. In addition, th e 

equations proposed by AISI and Eurocode 3 for the web-crippling design of CFS channel sections without web holes are 

analyzed. The findings of parametric investigations are compared with the design equation for sections with web holes 

presented by Uzzaman et al., and new coefficients are suggested for this equation. As a result of the study, the distance from 

the hole to the loading plate of CFS channel sections affects the section bearing capacity. Increasing the hole diameter 

drilled into the section web reduces the bearing capacity of the section. It is seen that h/t and N/t are more effective than R/t 

in the equation proposed by AISI for predicting the web-crippling strength of CFS channel sections. 
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1.  Introduction 

 

In recent years, there has been a significant increase in the use of Cold-

Formed Steel (CFS) elements as load-bearing and supplementary structural 

components. These elements are favored due to their superior strength-to-

weight ratio compared to conventional structural steel and advantages such as 

flexibility in cross-sectional design and ease of assembly. When concentrated 

loads or support responses are applied to Cold-Formed Steel (CFS) sections, a 

failure condition known as "web crippling" can occur (see Fig. 1). The effect of 

such concentrated loads results in the crushing and buckling of the section’s 

web. Therefore, accurate calculation of web crippling strength is crucial in the 

design of CFS sections [1].  

 

Fig. 1 Web crushing at a support point [2] 

 

A theoretical model for predicting the web crippling capacity of Cold-

Formed Steel (CFS) sections has proven challenging due to factors such as non-

uniform stress distribution across the section, local yielding, significant 

deformations, plastic behavior in the section webs, and initial imperfections. In 

order to better understand this phenomenon, research has been conducted since 

the 1940s that have experimentally examined the web-crippling behavior of 

different CFS section forms [3–12]. In order to forecast the web-crippling 

strength of CFS sections, researchers' empirically based formulae have been 

integrated into the AISI [13] and AS/NZS [14] standards. While the North 

American standard offers a more simplified design methodology than Eurocode 

3 [15], both standards’ approaches are limited to specific section types and 

material properties.  

In the following years, researchers conducted studies examining the web-

crippling behavior of Cold-Formed Steel (CFS) sections for each loading 

condition (see Fig. 2), based on the AISI S909 [16] standard web crippling test 

methods [17-21]. 

 

Fig. 2 Four alternative loading types for web buckling analysis [16] 

 

In buildings composed of CFS sections, it is often necessary to create 

openings in the section web to install electrical or plumbing services easily. This 

effort is aimed at facilitating the assembly of structures. Cold-formed steel 

sections typically have web holes that are drilled or punched before being 

unstiffened. However, the portions become more vulnerable to web crippling 

when concentrated loads are applied close to the sites where openings are made 

[22]. 

For channel sections with holes in the web under through interior one flange 

(IOF) and end one flange (EOF) loading situations, Uzzaman et al. offered 

design ideas for web crippling strength reduction factor equations. [23-26] and 

Lian et al [27-30]. Furthermore, a great deal of research has been done to 

examine the web-crippling behavior of CFS sections that include web holes [31-

36]. While the holes drilled on CFS sections are mostly drilled straight, 

nowadays, holes with an edge-stiffened can also be drilled. The combination of 

experimental and numerical investigation conducted by Uzzaman et al. on the 

web crippling capacity of CFS channels with edge-stiffened web holes was only 

documented in the literature [37–40]. They discovered that a CFS channel with 

edge-stiffened web holes has about the same improved web-crippling capability 

as a plain channel. The study by Elilarasi et al. investigates the effects of circular 

web openings shifted in centre or off-axis on the capacity reduction of 

freestanding supported lipless channels subjected to web crushing in two-end 

flange loading cases. Based on the results obtained from the numerical study, 

suitable reduction factor equations are proposed for circular web openings of 

lipless channels located directly under and away from the bearing plate [41]. 

Finally, Gunalan and Mahendran investigated the suitability of existing design 

rules for lipless channels subjected to web-crippling single flange loading cases 

and suggested appropriate adjustments where necessary [42]. In a recent study, 

researchers investigated the web buckling behavior of CFS channel sections 
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under ETF loading conditions, considering the influence of reinforced holes. 

Utilizing a finite element model derived from prior research, they further 

developed and conducted a comprehensive parametric study with this model 

[43]. Another finite element-based study aimed to investigate the web crippling 

behaviour of Sigma sections under ETF load condition. After successfully 

validating the numerical approach, a comprehensive numerical study was 

carried out on Sigma sections made of aluminium, carbon steel and stainless 

steel by creating 1512 numerical models. The results obtained from the 

numerical study were compared using parameters such as section depth, 

thickness, yield strength, bearing length and radius. The numerical results are 

also compared with the existing design equations and modified design 

provisions are proposed considering their inaccuracy in predicting the web 

crippling capacity of Sigma sections made of CF carbon steel, stainless steel 

and aluminium under ETF load case [44]. 

The CFS channel sections with web holes and their web-crippling behavior 

with End Two Flange (ETF) loading were investigated in this study through a 

battery of tests. 7 specimens were prepared with the same cross-sectional shape 

but with different hole sizes and locations. In addition, a finite element model 

of the tested specimens was created using Abaqus software [45]. The FE model 

was verified by comparing it with the test results. After obtaining a satisfactory 

FE model verification, parametric studies were carried out on 150 different 

models including different cross-sectional dimensions and variations of hole 

diameters. The equation proposed by Uzzaman et al. [24, 25] and the predictions 

made using the current AISI [13] and Eurocode 3 [15] standards were compared 

with the web crippling capacity estimates derived from the experimental and 

numerical research. As a result, the coefficients in the equation proposed by 

Uzzaman et al. [24, 25] were updated by regression analysis, and an alternative 

equation was proposed for the estimation of the web crippling capacity of CFS 

sections with web holes under ETF loading conditions. 

 

2.  Experimental study 

 

2.1. Test specimens 

 

This study tested 7 CFS channel sections under ETF loading conditions. 

While one specimen without holes in the web was tested as a reference (see Fig. 

3a), six specimens were tested with web holes (see Fig. 3b). In accordance with 

AISI S909 [16], the length of each specimen was adjusted to be 1.5 times the 

web height in addition to the loading plate width for the ETF loading scenario. 

The holes in the web of the specimens were drilled in two different 

diameters (a), 50 mm and 100 mm. The holes drilled in the web of the sections 

were drilled straight without any stiffening. In addition, the distances (x) of the 

web holes to the loading plate were adjusted as 0, 50 mm, and 150 mm. In the 

study, the width of the loading plate was kept constant at 50 mm. The loading 

plates were fixed to the top and bottom flange of the section with the help of 8 

mm diameter bolts. 

 

 

Fig. 3 Dimensions of CFS sections to be used in the study, a) reference, b) web hole 

specimens, c) side view of specimens (all dimensions in mm) 

2.2. Specimens labelling 

 

The labels of the test specimens are shown in Fig. 4. For example, the 

“ETF_Ref” identifies the reference specimen with the end of two flange 

loadings and no hole in the cross-sectional web. The “ETF_CIRC_50_0” 

indicates the model loaded with end-two flanges with a 50 mm circular hole on 

the web and 0 mm from the loading plate. 

 

 

Fig. 4 Specimens labeling. 

2.3. Material properties 

 

To ascertain the mechanical characteristics of the specimens under 

examination, tensile tests were performed. Four coupons were prepared from 

flat sections of both the web and flange of the channel sections (see Fig. 5). 

These coupon specimens were subjected to tensile tests following EN 10002-1 

[46]. 

 

 

(a) 

 

(b) 

Fig. 5 Tensile test (a) Coupon specimens and (b) test setup tensile coupon test. 

 

The engineering stress-strain curves derived from the specimens following 

the tensile tests are illustrated in Fig. 6. The yield strength (0.2% offset yield 

stress) and tensile strength of the specimens obtained from the tensile tests are 

presented in Table 1. 
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Fig. 6 Stress-strain curves 

Table 1 

Material properties of specimens 

Specimens σy (MPa) σu (MPa) εf (%) E (MPa) 

Web-1 299.75 378.13 28.066 202027 

Web-2 311.78 387.33 29.55 203250 

Flange-1 302.68 379.41 24.49 201768 

Flange-2 308.62 380.98 26.17 205746 

Mean 305.70 381.41 27.07 203197 

 

2.4. Test rig and procedure 

 

The prepared specimens were loaded under the ETF conditions as described 

in AISI S909 [16]. The loading plates were held to the top and bottom flange of 

the section with 8 mm diameter bolts. Semicircular joints were placed on the 

top of the loading plate to provide the bearing condition. Loading was applied 

to these semicircular joints (see Fig. 7).  

A servo-controlled testing machine applied the loading to the specimen at 

0.05 mm/min speed. Displacement transducers (LVDT) were used to measure 

displacements in the horizontal and vertical directions. Measurements were 

taken from the top flange to determine the vertical displacements. For horizontal 

displacements, measurements were taken at the center of the section under the 

loading plate (see Fig. 7).  

During the experiment, load and displacement measurements were 

transferred to the data acquisition unit in such a way that 4 data can be taken per 

second. During the experiment, a video recording of the experiment was taken 

with a high-resolution camera. 

 

 

Fig. 7 Test rig 

2.5. Test results 

 

The web crippling failure loads (PEXP) obtained from the experimental 

studies are given in Table 2. In addition, the effect of the change of the distance 

(x) of the holes drilled on the section web to the loading plate on the capacity is 

shown in Fig. 8-9. The specimens' experimental setup and failure modes are 

shown in Fig. 10-12. 

 

Table 2 

Web crippling capacity of specimens with circle and square web holes 

Specimens Bearing 

length  

LN (mm) 

Web 

hole size 

(mm) 

Distance of web 

holes to the bearing 

plate 

x (mm) 

Web 

crippling 

capacity 

PEXP (kN) 

ETF_REF 50 - - 9.81 

ETF_CIRC_50_0 50 50 0 9.32 

ETF_CIRC_50_50 50 50 50 9.30 

ETF_CIRC_50_150 50 50 150 9.93 

ETF_CIRC_100_0 50 100 0 7.14 

ETF_CIRC_100_50 50 100 50 8.27 

ETF_CIRC_100_150 50 100 150 9.71 

 

An analysis of Table 3 reveals that, as anticipated, the bearing capacity 

diminishes as the proximity of the drilled hole in the web to the bearing plate 

decreases. Furthermore, an increase in hole size also results in a reduction in 

bearing capacity. These findings are consistent with the results reported by 

Uzzaman et al. [24,25]. 

 

 

Fig. 8 The effect of hole location on web crippling capacity for 50 mm size circle hole 

 

 

Fig. 9 The effect of hole location on web crippling capacity for 100 mm size circle hole 

 

The bearing capacity of a CFS channel section with holes measuring 50 

mm in diameter is dependent on the distance between the hole and the loading 

plate. The bearing capacity of the members with the hole next to the loading 

plate was 5% less. When the hole diameter was 100 mm, the section bearing 
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capacity decreased by 27%. Increasing the hole diameter reduces the capacity 

of the section. 

 

 

Fig. 10 ETF_CIRC_50_0 specimen test setup and failure mode 

 

 

Fig. 11 ETF_CIRC_50_50 specimen test setup and failure mode 

 

 

Fig. 12 ETF_CIRC_50_150 specimen test setup and failure mode 

 

3.  Numerical investigation 

 

3.1. General 

 

In this study, a finite element (FE) model was established using ABAQUS 

software [41] to simulate the web-crippling behavior of Cold-Formed steel 

(CFS) sections under End-Two-Flange (ETF) loading conditions. The CFS 

channel section was meticulously transferred to the FE model to ensure precise 

replication of the test case, strictly following the actual dimensions. 

Additionally, the FE model incorporates the connections between the loading 

plates and the CFS section to enhance simulation fidelity. 

 

3.2. Geometry and material properties 

 

The cross-sectional dimensions prepared for the finite element model are 

shown in Fig. 3. The section dimensions used in the laboratory tests were 

modeled precisely in the finite element model. The loading plate was designed 

to be 50 mm x 80 mm. 

The FE model incorporated the mechanical characteristics discovered 

during the tensile test. Considering the studies in the literature [24-30], the 

mechanical properties obtained are included in the model for the whole section, 

while the stress increases occurring at the corner bends and the residual stresses 

in the section are neglected. Engineering stress-strain behavior of the test 

specimens to the model, the true stress-strain curve was transferred to the model 

as described in the ABAQUS manual [42]. To convert the stress-strain curve 

obtained from the experiments to the true stress-strain curve, Eq.1 and Eq. 2. 

 

𝜎𝑡𝑟𝑢𝑒 = 𝜎𝑒𝑛𝑔(1 + 𝜀𝑒𝑛𝑔) (1) 

𝜀𝑡𝑟𝑢𝑒(𝑝𝑙) = ln(1 + 𝜀𝑒𝑛𝑔) −
𝜎𝑡𝑟𝑢𝑒

𝐸
 (2) 

Where E is the Young’s modulus, σtrue and εtrue are the true stress and strain, 

σeng and εeng are the engineering stress and strain. 

 

3.3. Element type and mesh size 

 

S4R shell element was selected in the finite element model of CFS channel 

sections. The S4R is a four-node double, curved, thin, or thick shell element 

with reduced integration and finite membrane strains. It is mentioned in the 

ABAQUS Manual [45] that the S4R element is suitable for complex buckling 

behavior. The S4R has six degrees of freedom per node and provides accurate 

solutions to most applications. The loading plates were modeled with the 

C3D8R element, which is suitable for the three-dimensional modeling of 

structures with plasticity, stress reinforcement, large deflection, and significant 

strain characteristics [45]. 

All sections designed in the finite element model were prepared as a 5 mm 

x 5 mm mesh. In the sections with web holes, it was controlled so that the 

dimensions of the meshes around the hole did not change too much. The mesh 

layout used in the finite element model is given in Fig. 13. 

 

 

Fig. 13 Mesh type 

 

3.4. Loading and boundary condition 

 

The experimental study tested the CFS section in displacement with ETF 

loading mode. In the finite element model, loading was performed by defining 

a displacement of 20 mm in the y-axis perpendicular to the section flange from 

the loading plate connected to the CFS section top flange. Displacement in the 

x and z directions and rotation around the y and z axis of the upper loading 

flange were prevented. The displacements in the x, y, and z directions of the 

loading plate on the lower flange of the section were restricted, as were the 

rotations around the y and z axes (see Fig 14). 

 

 

Fig. 14 Boundary conditions and contact modeling 
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Hard contact with friction (0.3 coefficient) is defined between the CFS 

section and the loading plate. This contact model describes the CFS section as 

slave and the loading plate as master. The CFS section head and the loading 

plate were fixed in laboratory experiments with 8 mm diameter bolts. This 

connection was simulated in the finite element model by defining a fastener 

element with connector properties. 

 

3.5. Initial imperfection and residual stress 

 

Initial geometrical imperfections and residual stresses on the section are 

neglected in FE models of CFS channel sections under the web crippling effect. 

In many studies in literature, there are analyses in which these effects are 

neglected [46-53]. Therefore, the initial geometrical imperfections and residual 

stresses on the cross-section are not considered in the FE model. 

 

3.6. Finite element analysis performance 

 

Finite element analysis was performed for all section types tested in 

laboratory studies. To demonstrate the performance of the prepared finite 

element model, the bearing load values (PFEA) obtained as a result of the finite 

element analysis were compared with the load values (PEXP) measured in the 

experimental studies. The results of this comparison are given in Table 3. The 

experimental load value (PEXP) to the finite element analysis results (PFEA) was 

calculated as 97%. Also, the coefficient of variation was calculated as 0.02. The 

comparison of the load-displacement behavior of the sections between 

experimental and finite element analysis is given in Fig. 15-16 

 

Table 3 

Comparison of web crippling capacity predicted from experiments and FEA 

Specimens Web crippling 

capacity from test 

PEXP (kN) 

Web crippling 

capacity from FEA 

PFEA (kN) 

Comparison 

PEXP/PFEA 

ETF_REF 9.81 10.15 0.96 

ETF_CIRC_50_0 9.32 9.13 1.02 

ETF_CIRC_50_50 9.30 9.60 0.96 

ETF_CIRC_50_150 9.93 10.17 0.97 

ETF_CIRC_100_0 7.14 7.57 0.94 

ETF_CIRC_100_50 8.27 8.41 0.98 

ETF_CIRC_100_150 9.71 9.72 0.99 

Mean   0.97 

COV   0.02 

 

As a result of the finite element analysis, the model prepared approached 

the experimental results by 97%. On the other hand, the COV ratio was obtained 

as 0.02. 

 

 

Fig. 15 Comparison between the web crippling capacity of test and FEA model 

 

Fig. 16 Comparison between the web crippling capacity of test and FEA model 

 

The comparison of the failure modes on the model as a result of the finite 

element analysis with the experimental failures is given in Fig. 17. When the 

pictures are examined; it is seen that in almost all sections, the failure mode 

result of the finite element model is consistent with the experimental collapse 

mode. 

 

 

(a) 

 

(b) 

 

(c) 

 

(d) 
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(e) 

 

(f) 

 

(g) 

Fig. 17 Comparison between the failure modes of the test and FEA model. a) ETF_REF, 

b) ETF_CIRC_50_0, c) ETF_CIRC_50_50, d) ETF_CIRC_50_150, e) 

ETF_CIRC_100_0, f) ETF_CIRC_100_50, g) ETF_CIRC_100_150 

 

4.  Parametric study 

 

4.1. General 

 

After validating the FE models, a parametric study was conducted on the 

variation of some section parameters affecting the web-crippling capacity of 

these sections. In the parametric study, models without web holes were prepared, 

and the FE model was created to estimate the web crippling capacity. The web 

crippling capacity was calculated and compared with the calculation made 

according to the current standard AISI [13]. Similar parametric work has been 

done in elements with web hole. Here, according to the varying web, crippling 

capacities were determined by FEA and Uzzaman et al. compared with the 

inequality they proposed [24,25]. In all parametric studies, 150 models were 

created, and the section parameters affecting the web-crippling behavior of CFS 

channel sections were examined. 

 

4.2. Variation of web crippling strength without holes 

 

To investigate the web-crippling behavior of CFS channel sections, a 

parametric research using the finite element model with sections without web 

holes and with ETF loading was conducted. Considering the equation proposed 

in the AISI S100-16 [13] standard for the prediction of web crippling strength, 

the web crippling behavior is influenced by the ratio of section bend radius to 

thickness (R/t), web height to thickness (h/t), and loading plate width to 

thickness (N/t). The parametric study focuses on the effect of the variation of 

these three section properties on web-crippling behavior. 

First, the change in web crippling capacity was analyzed by varying the 

web height of the CFS channel section between 50 mm and 400 mm. In 

comparison, the section thickness was kept constant at 2 mm, the bend diameter 

at 3 mm, and the loading plate width at 50 mm. The web crippling bearing 

capacity load obtained as a result of the parametric study is given in Table 4. In 

addition, the bearing capacity graph corresponding to varying web height-to-

thickness (h/t) ratio is shown in Fig. 18. 

 

 

Table 4 

Web crippling bearing capacity load of changing h/t 

Specimens 

Web flat 

heigh (h) 

Sectio 

thickness 

(t) 

Section 

bending ra-

dius 

(R) 

Loading 

plate 

width 

(N) 

h/t 

Bearing 

Load (kN) 

(Parametric) 

P1-H50 50 2 3 50 25 16.18 

P1-H60 60 2 3 50 30 15.63 

P1-H70 70 2 3 50 35 15.1 

P1-H80 80 2 3 50 40 14.56 

P1-H90 90 2 3 50 45 14.04 

P1-H100 100 2 3 50 50 13.55 

P1-H110 110 2 3 50 55 13.06 

P1-H120 120 2 3 50 60 12.6 

P1-H130 130 2 3 50 65 12.19 

P1-H140 140 2 3 50 70 11.8 

P1-H150 150 2 3 50 75 11.4 

P1-H160 160 2 3 50 80 11.09 

P1-H170 170 2 3 50 85 10.76 

P1-H180 180 2 3 50 90 10.61 

P1-H190 190 2 3 50 95 10.35 

P1-H200 200 2 3 50 100 10.12 

P1-H210 210 2 3 50 105 9.89 

P1-H220 220 2 3 50 110 9.66 

P1-H230 230 2 3 50 115 9.43 

P1-H240 240 2 3 50 120 9.2 

P1-H250 250 2 3 50 125 8.95 

P1-H260 260 2 3 50 130 8.7 

P1-H270 270 2 3 50 135 8.44 

P1-H280 280 2 3 50 140 8.18 

P1-H290 290 2 3 50 145 7.9 

P1-H300 300 2 3 50 150 7.65 

P1-H310 310 2 3 50 155 7.4 

P1-H320 320 2 3 50 160 7.15 

P1-H330 330 2 3 50 165 6.9 

P1-H340 340 2 3 50 170 6.67 

P1-H350 350 2 3 50 175 6.45 

P1-H360 360 2 3 50 180 6.23 

P1-H370 370 2 3 50 185 6.01 

P1-H380 380 2 3 50 190 5.8 

P1-H390 390 2 3 50 195 5.62 

P1-H400 400 2 3 50 200 5.44 

 

When Fig. 18a is examined, the h/t ratio dramatically affects the bearing 

capacity. The h/t increases from 25 to 200, the cross-sectional web crippling 

load decreases from 16 kN to 5.4 kN. 

The change in capacity by changing the section height with constant section 

thickness, bending radius, and loading plate width on 36 different sections 

without holes in the web was investigated. The bearing capacity decreased by 

57% with the change in section height from 50 mm to 400 mm. 

In the analysis carried out to examine the effect of the width of the loading 

plate on the cross-sectional web crippling bearing capacity, sections with 

loading plate widths ranging from 20 mm to 300 mm were modeled. The 

thickness of the CFS channel section was kept constant at 2 mm, height 150 mm, 

and bend diameter 3 mm. The section length was increased for sections with 

large loading plate widths to meet the ETF loading case conditions. The bearing 

capacity obtained from the parametric study is given in Table 5. Also, the web 
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crippling bearing load corresponding to changing N/t is shown in Fig. 18. 

 

Table 5 

Web crippling bearing capacity load of changing N/t 

Specimens 
Web flat 

heigh (h) 

Sectio 

thickness 

(t) 

Section 

bending ra-

dius 

(R) 

Loading 

plate 

width 

(N) 

h/t 

Bearing 

Load (kN) 

(Parametric) 

P2-N20 150 2 3 20 10 8.87 

P2-N30 150 2 3 30 15 9.48 

P2-N40 150 2 3 40 20 10.5 

P2-N50 150 2 3 50 25 11.4 

P2-N60 150 2 3 60 30 12.48 

P2-N70 150 2 3 70 35 13.53 

P2-N80 150 2 3 80 40 14.62 

P2-N90 150 2 3 90 45 15.7 

P2-N100 150 2 3 100 50 16.76 

P2-N110 150 2 3 110 55 17.8 

P2-N120 150 2 3 120 60 18.77 

P2-N130 150 2 3 130 65 19.77 

P2-N140 150 2 3 140 70 20.67 

P2-N150 150 2 3 150 75 21.56 

P2-N160 150 2 3 160 80 22.41 

P2-N170 150 2 3 170 85 23.4 

P2-N180 150 2 3 180 90 24.03 

P2-N190 150 2 3 190 95 25.12 

P2-N200 150 2 3 200 100 25.6 

P2-N210 150 2 3 210 105 26.59 

P2-N220 150 2 3 220 110 27.27 

P2-N230 150 2 3 230 115 27.91 

P2-N240 150 2 3 240 120 28.54 

P2-N250 150 2 3 250 125 28.8 

P2-N260 150 2 3 260 130 29.39 

P2-N270 150 2 3 270 135 29.98 

P2-N280 150 2 3 280 140 30.56 

P2-N290 150 2 3 290 145 31.46 

P2-N300 150 2 3 300 150 31.97 

 

As the N/t increased from 10 to 150, the web crippling load increased from 

8 to 32 kN. The cross-section of the loading plate width significantly affects the 

web's crippling strength. To determine the effect of the width of the loading 

plate on the bearing capacity, the parametric study examined the change in 

bearing capacity by varying the width of the loading plate from 20 mm to 300 

mm for a section with constant web height, section thickness, and bending 

radius. As a result of the study, the bearing capacity increases as the loading 

plate width increases. 

Thirty-six models were designed by varying the bending radius from 

0.5mm to 5mm to investigate the effect of twist diameter-thickness (R/t) ratio 

on web crippling strength. Web height was kept constant at 150 mm, loading 

plate at 50 mm, and section thickness at 2 mm. The payloads obtained from the 

analysis are given in Table 6. The web crippling bearing load graph for varying 

R/t is shown in Fig. 18. When the graph is analyzed, the increase in the R/t 

caused a decrease in the section-bearing capacity. 

The effect of the change of twist radius on the bearing capacity was found 

to be relatively less effective. Increasing the twist radius from 0.5 mm to 4 mm 

decreased the bearing capacity by 7%. 

 

 

 

 

Table 6 

Web crippling bearing capacity load of changing R/t 

Specimens 

Web flat 

heigh (h) 

Sectio 

thickness 

(t) 

Section 

bending ra-

dius (R) 

Loading 

plate 

width (N) 

h/t 

Bearing 

Load (kN) 

(Parametric) 

P3-R05 150 2 0.5 50 0.25 16.28 

P3-R06 150 2 0.6 50 0.3 16.13 

P3-R07 150 2 0.7 50 0.35 16.04 

P3-R08 150 2 0.8 50 0.4 15.82 

P3-R09 150 2 0.9 50 0.45 15.76 

P3-R10 150 2 1 50 0.5 15.67 

P3-R11 150 2 1.1 50 0.55 15.52 

P3-R12 150 2 1.2 50 0.6 15.34 

P3-R13 150 2 1.3 50 0.65 15.16 

P3-R14 150 2 1.4 50 0.7 14.94 

P3-R15 150 2 1.5 50 0.75 14.73 

P3-R16 150 2 1.6 50 0.8 14.44 

P3-R17 150 2 1.7 50 0.85 14.25 

P3-R18 150 2 1.8 50 0.9 14.01 

P3-R19 150 2 1.9 50 0.95 13.75 

P3-R20 150 2 2 50 1 13.48 

P3-R21 150 2 2.1 50 1.05 13.2 

P3-R22 150 2 2.2 50 1.1 12.98 

P3-R23 150 2 2.3 50 1.15 12.73 

P3-R24 150 2 2.4 50 1.2 12.52 

P3-R25 150 2 2.5 50 1.25 12.3 

P3-R26 150 2 2.6 50 1.3 12.13 

P3-R27 150 2 2.7 50 1.35 11.94 

P3-R28 150 2 2.8 50 1.4 11.76 

P3-R29 150 2 2.9 50 1.45 11.59 

P3-R30 150 2 3 50 1.5 11.43 

P3-R31 150 2 3.1 50 1.55 11.29 

P3-R32 150 2 3.2 50 1.6 11.13 

P3-R33 150 2 3.3 50 1.65 10.95 

P3-R34 150 2 3.4 50 1.7 10.83 

P3-R35 150 2 3.5 50 1.75 10.7 

P3-R36 150 2 3.6 50 1.8 10.57 

P3-R37 150 2 3.7 50 1.85 10.44 

P3-R38 150 2 3.8 50 1.9 10.32 

P3-R39 150 2 3.9 50 1.95 10.23 

P3-R40 150 2 4 50 2 10.15 

 

4.3. Variation of web crippling strength with holes 

 

An equation that computes the reduction coefficient only for the single 

flange loading situation has been proposed by the AISI S100-16 standard [13] 

for the prediction of web crippling strength of CFS channel sections with drilled 

holes in the web. In addition, the Eurocode standard has not made any approach 

in this regard. However, Uzzaman et al. [24,25], in their 2012 study, proposed 

an equation that calculates the web crippling strength for two flange loading 

cases. This equation is based on two parameters: the ratio of diameter of the web 

holes to the section web height (a/h) and the ratio of the loading plate to the 

section web height (N/h). 

In this part of the parametric studies, the web crippling behavior of CFS 

channel sections with varying hole diameter to web height ratio (a/h) was 

investigated, focusing on the attenuation coefficient formula proposed by 

Uzzaman et al. [24,25]. The web height of the section was kept constant at 150 

mm, thickness at 2 mm, bend diameter at 3 mm, and loading plate width at 50 
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mm. Twenty-three models were prepared by varying the hole diameter (a) 

between 10 mm and 120 mm. As a result of the finite element analysis, the web 

crippling bearing load depending on the changing a/h is given in Table 7. The 

comparison graph obtained from parametric study is shown in Fig. 18. 

 

Table 7 

Web crippling capacity load of changing a/h 

Specimens 

Web 

flat 

heigh 

(h) 

Sectio 

thick-

ness (t) 

Section 

bending 

radius 

(R) 

Loading 

plate 

width 

(N) 

Hole 

diameter 

(a) 

a/h 

Bearing 

Load 

(kN) 

(Para-

metric) 

P4-a10 150 2 3 75 10 0.07 13.98 

P4-a15 150 2 3 75 15 0.10 13.7 

P4-a20 150 2 3 75 20 0.13 13.36 

P4-a25 150 2 3 75 25 0.17 13.05 

P4-a30 150 2 3 75 30 0.20 12.76 

P4-a35 150 2 3 75 35 0.23 12.4 

P4-a40 150 2 3 75 40 0.27 12.08 

P4-a45 150 2 3 75 45 0.30 11.75 

P4-a50 150 2 3 75 50 0.33 11.44 

P4-a55 150 2 3 75 55 0.37 11.14 

P4-a60 150 2 3 75 60 0.40 10.84 

P4-a65 150 2 3 75 65 0.43 10.59 

P4-a70 150 2 3 75 70 0.47 10.39 

P4-a75 150 2 3 75 75 0.50 10.18 

P4-a80 150 2 3 75 80 0.53 9.98 

P4-a85 150 2 3 75 85 0.57 9.8 

P4-a90 150 2 3 75 90 0.60 9.61 

P4-a95 150 2 3 75 95 0.63 9.42 

P4-a100 150 2 3 75 100 0.67 9.07 

P4-a105 150 2 3 75 105 0.70 8.7 

P4-a110 150 2 3 75 110 0.73 8.25 

P4-a115 150 2 3 75 115 0.77 7.71 

P4-a120 150 2 3 75 120 0.80 6.98 

 

 

Fig. 18 Web crippling bearing the capacity load of changing parameters 

 

When the graph is analyzed, it is seen that increasing the a/h decreases the 

web crippling bearing load of the CFS channel section. Although the effect of 

the web holes with a/h ratio of 0.2 and less is acceptable, the bearing capacity 

decreases significantly at higher a/h. In the parametric study on the sections with 

web holes, the hole diameter was varied between 10 mm and 120 mm in sections 

where the web height, section thickness, bending radius, and loading plate width 

were kept constant. The increase in hole diameter decreased the bearing 

capacity by 38%. In sections with web holes, the hole diameter was varied 

between 10 mm and 120 mm in sections where the web height, section thickness, 

bending radius, and loading plate width were kept constant. The increase in hole 

diameter decreased the bearing capacity by 38%. The Uzzaman et al. equation 

[24,25] uses the a/h to determine the web crippling strength of perforated CFS 

channel sections. 

 

5.  Current design rules 

 

5.1. Design equations for web crippling strength of CFSS channel sections 

without web holes 

 

Eurocode [15] and AISI [13] design standards are very popular for the 

calculation of web crippling strength of CFS sections. 

 

5.1.1. AISI S100-16 [13] 

The design equation with different coefficients according to the section 

shape, loading condition, and support condition can be obtained from AISI 

S100-16 [13]. The nominal web crippling strength (Pn(AISI)) is given in Equation 

3: 

𝑃𝑛(𝐴𝐼𝑆𝐼) = 𝐶𝑡2𝐹𝑦 sin 𝜃 (1 − 𝐶𝑅√
𝑅

𝑡
) (1 + 𝐶𝑁√

𝑁

𝑡
) (1 − 𝐶ℎ√

ℎ

𝑡
) (3) 

Where is the bearing length, N is the web thickness, t is the web thickness, 

h is the depth of the flat part of the webs, and is the inside bent radius. Fy denotes 

the yield stress, the angle between the web's plane and the bearing surface is 

represented by θ, and the coefficients of inside bent radius, bearing length, and 

web slenderness are represented by CR, CN, and Ch, respectively. Note that 

sections with higher ri/t ratios are not covered by these design formulae. 

 

5.1.2. Eurocode 3 [15] 

Eurocode 3 [15] design standard provides an equation for the calculation of 

web crippling strength of CFS sections in ETF loading case. Unlike the AISI 

standard, this design, which ignores whether the flange is retained in the support 

state, presents a different design equation for each loading case. The following 

formula, based on Eurocode 3, determines the web crippling strength (Pn(EC3)) 

of the CFS channel segment under the ETF loading scenario. 

 

𝑃𝑛(𝐸𝐶3) =
𝑘1𝑘2𝑘3[6.66−

ℎ𝑤/𝑡

64
][1+0.01

𝑠𝑠
𝑡

]𝑡2𝑓𝑦𝑏

𝛾𝑀1
 (4) 

Where, k1, k2, and k3 are the coefficients from Eurocode 3; hw is the web 

height; t is the web thickness; ss is the nominal length of stiff bearing; fyb is the 

basic yield stress. 

 

5.2. Design equations for web crippling strength of CFSS channel sections with 

web holes 

 

The AISI S100-16 [13] and Uzzaman et al. [24, 25] strength reduction 

equations were utilized to determine the web crippling strength of CFS channel 

sections that have web holes. The equations presented in the AISI S100-16 

standard are proposed only for EOF and IOF loading cases. In Eurocode 3, there 

is no recommendation for the calculation of the web-crippling strength of CFS 

sections with holes drilled in the web. 

 

5.2.1. AISI S100-16 [13] 

To determine the web crippling strength of CFS channel sections for EOF 

and IOF loading drums AISI S100-16 [13] the following equations were 

proposed. 

 

𝑅𝑐(𝐴𝐼𝑆𝐼) = 1.01 − 0.325
𝑑ℎ

ℎ
+ 0.083

𝑥

ℎ
 ≤ 1.0    (5) 

𝑅𝑐(𝐴𝐼𝑆𝐼) = 0.90 − 0.047
𝑑ℎ

ℎ
+ 0.053

𝑥

ℎ
 ≤ 1.0    (6) 

Where, dh is the diameter of web hole; h is the depth of flat portion of web 

measured along the plane of web; x is the nearest distance between web hole 

and edge of bearing. 
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5.2.2. Uzzaman et al. [24,25] 

Using bivariate linear regression analysis, design equations were proposed 

to calculate the strength reduction factor (Rp) for CFS channel sections under 

ITF and ETF loading. Equation 7 is proposed for unfastened flange sections in 

ITF loading case and Equation 8 is proposed for fastened flange. Equation 9 is 

proposed for unfastened flange sections in ETF loading case and Equation 10 is 

proposed for the fastened flange. 

 

𝑅𝑝(𝐴𝐼𝑆𝐼) = 1.05 − 0.54
𝑎

ℎ
+ 0.01

𝑁

ℎ
 ≤ 1.0 (7) 

𝑅𝑝(𝐴𝐼𝑆𝐼) = 1.01 − 0.051
𝑎

ℎ
+ 0.06

𝑁

ℎ
 ≤ 1.0    (8) 

𝑅𝑝(𝐴𝐼𝑆𝐼) = 0.95 − 0.49
𝑎

ℎ
+ 0.17

𝑥

ℎ
 ≤ 1.0     (9) 

𝑅𝑝(𝐴𝐼𝑆𝐼) = 0.96 − 0.36
𝑎

ℎ
+ 0.14

𝑥

ℎ
 ≤ 1.0  (10) 

Where, a is the diameter of web hole; h is the depth of flat portion of web 

measured along the plane of web; N is the bearing length; x is the nearest 

distance between web hole and edge of bearing. 

 

5.3. Proposed strength reduction factors 

 

As shown in Table 8, the web crippling strength decreases as the size of the 

web holes increases. Evaluation of the experimental and numerical results 

shows that the a/h ratio is the primary parameter affecting the web-crippling 

behavior of perforated sections. Therefore, based on parametric results obtained 

in this study, a strength reduction factor (Rp) is proposed for the ETF loading 

condition using linear regression analysis. 

 

𝑅𝑝(𝐴𝐼𝑆𝐼) = 0.99 − 0.58
𝑎

ℎ
+ 0.14

𝑥

ℎ
 ≤ 1.0 (11) 

The limits for the reduction factor, given by Equation 11 are as follows: h/t

≤156h/t≤156, N/t≤84N/t≤84, N/h≤0.63N/h≤0.63, a/h≤0.8a/h≤0.8, and 

θ=90∘θ=90∘.  

Comparison graphs were created to observe the performance of the 

reduction factor developed for the prediction of web buckling strength of CFS 

channel sections with web holes. Fig. 19 shows the variation graph of the web 

crippling bearing strength values predicted by the parametric study and the 

bearing strength values obtained by the reduction equation proposed by 

Uzzaman et al. [24,25] according to the a/h. In Fig. 20, the web crippling bearing 

strength values obtained from the parametric study are compared with the 

bearing strength values obtained with the reduction coefficient (Equation 11) 

proposed in this study. 

When Fig. 19 is analyzed, the difference between the bearing capacity 

obtained with the reduction coefficient proposed by Uzzaman et al. [24,25] and 

the bearing capacity obtained in the parametric study is 8%, while the difference 

between the bearing capacity obtained with the reduction coefficient proposed 

in Equation 11 and the parametric study results is 1%. 

 

5.4. Comparison of test results with the design strength 

 

The results of the tests performed to determine the web crippling strength, 

and the prediction results of the design standards are given in Table 8. In the 

table, test results are compared with AISI [13], Eurocode 3 [16] and Uzzaman 

[24,25] predictions. 

When the table is analyzed, the difference between the bearing strength 

values calculated according to AISI and Eurocode 3 with the reference specimen 

without web holes is 34% and 48%, respectively. It is seen that the design 

standards are more conservative in predicting the web-crippling strength of CFS 

channel sections without holes in the web. On the other hand, only a small 

number of test specimens for web portions without holes were used in this 

investigation. No reduction coefficient equation is advised in both AISI [13] and 

Eurocode 3 [16] for the prediction of the web crippling strength of CFS channel 

sections with web holes and ETF loading. For this reason, the reduction 

coefficient proposed in the studies of Uzzaman et al. [24,25] and the equations 

proposed in the study were used. When Table 8 is examined, it is seen that the 

difference between the bearing strength obtained with the reduction coefficient 

proposed by Uzzaman et al.  [24,25] is around 4% when compared with the 

test results. The difference between the web crippling bearing strength values 

obtained with the equation proposed in the study and the results obtained in the 

experimental studies was 1%. 

 

Fig. 19 Comparison between the web crippling capacity of parametric study and 

Uzzaman et al model 

webweb 

Fig. 20 Comparison between the web crippling capacity of parametric and Proposed 

equation model 

6.  Conclusions 

 

In this study, a series of experimental and numerical studies were carried 

out to investigate the web-crippling behavior of CFS channel section's web 

holes under ETF loading. Experimental studies were carried out under ETF 

loading of two sections with different hole diameters. FE analysis of the test 

specimens was carried out with the prepared FE model. The model's 

performance was verified by comparing the finite element analysis with the 

experimental results. The web crippling strength of 150 different CFS channel 

sections with different cross-sectional dimensions and hole diameters was 

determined by the parametric study. The strengths obtained from the parametric 

study are compared with the equations proposed by the current AISI [13] and 

Eurocode [15] design standards and the equations proposed by Uzzaman et al. 

for the calculation of the web-crippling strength of CFS sections with cavities 

in the web. Finally, the coefficients of the equation proposed by Uzzaman et al. 

[24,25] are updated for the present problem using the linear regression method 

and proposed as a new equation. 

• As a result of the experimental studies, it was observed that when the web 

holes were 50 mm in diameter, the bearing capacity decreased by about 5%, 

while when the hole diameter was 100 mm, the bearing capacity decreased 

more than expected and reached 27%. 

• The variance between the bearing capacity outcomes derived from the 

finite element analysis and the experimental test results averaged at 3%. 

This discrepancy is deemed within an acceptable range for estimation. 

• In the parametric study, h/t and N/t were observed as the most influential 

variables on the web crippling strength of CFS channel sections without 

holes in the web. It is seen that the a/h is an important variable in the load-

carrying capacity of CFS canal sections with web holes. 

• Upon comparing the bearing capacity computations derived from the 

prevailing design standards with the experimental test outcomes, it is 

evident that the AISI [13] and Eurocode 3 [15] standards exhibit 

conservative tendencies, showcasing differences of 34% and 48%, 

respectively. Additionally, an average deviation of 4% was noted between 

the web crippling bearing strength equation proposed by Uzzaman et al.  

[24,25] for sections featuring perforations in the web and the corresponding 

test results. 

• In the context of a parametric study, the analysis of results employing the 

proposed equation revealed commendable predictive accuracy, with a 

minimal discrepancy of 1%. 
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Table 8 

Comparison of web crippling capacity predicted from experiments, FEA and design 

Specimen 
Web crippling capacity (kN) 

Column 3 

Column 4 

Column 5 

Column 6 

Comparison 

PEXP PFEA PAISI PEC3 PUz. PProp. PEXP/PFEA PEXP/PAISI PEXP/PEC3 PEXP/PUz. PEXP/Pprop. 

ETF_REF 9.81 10.15 7.31 6.63 - - 0.96 1.34 1.48 - - 

ETF_CIRC_50_0 9.32 9.13 - - 8.73 9.05 1.02 - - 1.06 1.03 

ETF_CIRC_50_50 9.30 9.60 - - 9.12 9.39 0.96 - - 1.02 0.99 

ETF_CIRC_50_150 9.93 10.17 - - 9.52 9.79 0.97 - - 1.05 1.01 

ETF_CIRC_100_0 7.14 7.57 - - 7.71 8.05 0.94 - - 0.93 0.89 

ETF_CIRC_100_50 8.27 8.41 - - 8.11 8.55 0.98 - - 1.02 0.96 

ETF_CIRC_100_150 9.71 9.72 - - 8.50 8.94 0.99 - - 1.14 1.08 

Mean       0.97 1.34 1.48 1.04 0.99 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The parts of the second generation of Eurocodes are continuously published. The full set of the 2nd generation of th ese 

new European standards consists of 68 parts of Eurocodes, 15 Technical Specifications and 5 Technical Reports and they 

will all be available in 2028. The aim of the paper is to bridge the gap concerning one of the newest and the most complex 

UGLI (Unique Global and Local Initial) imperfection methods. According to EN 1993-1-1:2022, ultimate limit state 

design checks may be carried out using methods of analysis named hereafter as M0, M1, M2, M3, M4, M5 or EM. Both 

Eurocodes EN 1993-1-1:2022 and EN 1999-1-1:2023 state, as an alternative that to sway and equivalent bow 

imperfection the new UGLI imperfection method may be employed for global and member analys es. In previous papers, 

plane stability was mostly investigated. The method presented in this paper enables the computing of the amplitude of the 

initial imperfection of elements under compression bending susceptible to out-of-plane buckling, and is a generalization 

of Eurocode rules, which is valid only for members under compression. This work is a continuation of a previous work by 

Agüero, in which the way to compute the UGLI imperfection was generalized for flexural torsional buckling due to 

compression and lateral torsional buckling due to bending. Some examples are presented to show  the agreement with 

GMNIA (Geometrical material nonlinear analysis of imperfect structures), tests and proposals with codes.  
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1.  Introduction 

 

EN 1993-1-1 [1] and EN 1999-1-1 [2] outline the design of metal structures 

with compression elements, and imperfections and their effects must be 

considered. 

1-Indirectly by performing a linear analysis, plus interaction formulae. 

This method includes nonlinearity using buckling curves to obtain reduction 

factor . 

2-Directly by including imperfections in the nonlinear analysis. 

This involves geometrical imperfections and residual stresses. The 

imperfections below must be contemplated: a) global imperfections for bracing 

systems and frames; b) local imperfections for individual members; c) the 

structure’s elastic critical buckling mode cr shape in line with clauses 5.3.2(11) 

of [1] and [2], 7.3.6 of [4] as the geometrical equivalent UGLI (Unique Global 

and Local Initial) imperfection.  

Below are some methods that allow the buckling resistance of sensitive 

beams to lateral torsional buckling according to [1], [2], [3] and [4] to be 

obtained: 

• The indirect method involves a linear analysis. It includes not only 

geometrical, but also material nonlinearity and imperfections, by buckling 

curves to acquire reduction factor LT according to clause 6.3 of [1]. 

• The direct method involves a second-order analysis with equivalent 

geometric imperfections. 

In accordance with clauses 5.3.4(3) in [1,2] and 7.3.4(3) in [4], “Taking 

account of lateral torsional buckling of a member in bending the imperfections 

may be adopted as k·e0, where e0 is the equivalent initial bow imperfection of 

the weak axis of the profile considered. In general, additional torsional 

imperfection does not need to be allowed for. The value k = 0.5 is 

recommended. The National Annex may choose the value of k.” 

In line with 7.3.3.2 in [3], “For a 2nd-order analysis, by taking into account 

the lateral torsional buckling of a member in bending, the equivalent 

imperfection may be determined according to (7.11), where e0,LT is the 

equivalent bow imperfection about the weak axis of the considered profile. In 

general, additional torsional imperfection may be neglected”. 

Here a numerical method permits the equivalent initial imperfection to be 

obtained for beams with a doubly symmetric section susceptible to lateral 

torsional buckling.  

For the elements that form part of the bending-compression combination, 

and with out-of-plane instability, clauses 6.3.3 and 6.3.4 in [1,2], or clauses 

8.3.3 and 8.3.4 in [4], come into play. Interaction formula or a nonlinear 

analysis of the imperfect structure may be used. 

It is possible to express imperfection in the form of single imperfection, as 

in the structure’s buckling mode cr(x) (clauses 5.3.2 (11) in [1-2], 7.3.6(1) in 

[3], 7.3.2(11) in [4]). It is known as the geometrical equivalent UGLI (Unique 

Global and Local Initial) imperfection. See Chladný et al. [5,6,7] for a complete 

description.  

The proposals of [1-4] fall in line with “(1)”, with flexural buckling 

occurring around a strong axis due to compression. 

Imperfections are generally expressed as: 
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For flexural buckling around a strong axis: 
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For flexural buckling around a weak axis: 
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No iteration is needed for prismatic elements with uniform axial forces. 

The critical section occurs where the curvature is maximum. Iteration is needed 

in the majority of practical cases. 

See Chladný et al. [5-7] for further generalization. Flexural buckling takes 

place around both the axes as so “(4)”. 
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Simplifying “(2)”, “(3)” and “(4)” can be done by discarding partial safety 

factor M1.  

This is not advisable because it destroys the method’s basic feature and the 

results differ from those obtained for the equivalent member method for NEd = 

Nb,Rd. 

The novel methodology has emerged in recent times in some publications, 

with examples displaying how to achieve flexural buckling resistance for 

members with arch structures, nonuniform cross-sections and nonuniform axial 

forces [8-11]. According to [8], the amplitude of such imperfection offers a 

different way by comparing it to Chladný̀s method. 

Agüero et al. [9,10] offer a generalization of flexural torsional buckling 

owing to compression, in which an imperfect structure analysis is done as “(5)”. 
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The next equation can be applied in accordance with clause 8.3.1.4 [3] for 

doubly symmetric I- and H-sections. 
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Agüero et al. [9,10] (Fig. 4) present another generalization for lateral 

torsional buckling, which describes the imperfect structure analysis as “(7)”. 
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The curvatures for doubly symmetric sections are taken as the absolute 

value. 

According to clause 8.3.2.3 in [3] for not only fork supports at both ends, 

but also doubly symmetric I and H-sections, the next equation may apply, 

where fM = 1 (Table 8.6 of [3]): 

 

( )

,

,

2

2

,0 1

2 2 2 2

, ,

2 2

, ,

0

, ,

( )

( )

1

1

( ) ( )

( ) ( )

cr

init v

init x

LT LT

LT z LT yLT M

z LT LT LT cr v cr xwz

z Bi
X

cr v cr v

cr x cr x

x

x

f

d dII
E

W dx W dx

x x

x x





 





 

   

     

 


 

  
= 

  

 
 −

−  
  

−     
+   

  

      
=    

      

 (8) 

 

Bijlaard et al. [11] and Wieschollek et al. [12] generalize the equation 

found in Eurocodes [1,3] for lateral torsional buckling cases, when 

cross-section flanges are taken as sensitive members to flexural buckling and 

under compression by applying Chladný’s method. Papp [13] solves buckling 

under bending and compression, and Trahair [14] contemplates beam column 

behavior. 

In the event of out-of-plane instability caused by compression and bending 

in line with clause 6.3.4 in [1], the most recent proposals can be generalized by 

applying exactly the same method as that depicted in [9,10]. A similar equation 

to former ones is obtained: 
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where: 
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The critical section is accomplished as in Agüero [9,10]. 

 

2.  Research significance 

 

This article reports innovation by accomplishing imperfection for beam 

columns with out-of-plane instability that form part of the 

bending-compression combination when only bending “(9)” exists and is the 

equivalent to “(7)”. The means to do so is coherent with the authors’ former 

proposals. 

The inclusions of the equivalent geometric imperfections in nonlinear 

analyses offer these advantages: 

• At the section level, buckling appears as further internal forces and 

displacements. Equilibrium and compatibility equations are checked rather 

than stability checks, which are carried out on members and diminish their 

strength. 

• A global issue is the buckling problem. It is analyzed by bearing in mind 

structures’ members interaction, and not only that of members under 

compression. Here secondary internal forces emerge on either tension members 

or stabilizing beams. 

 

3.  The method followed to know the amplitude of imperfection 

 

Buckling shape is scaled with a maximum value of 1.0; e.g. max[cr,v(x)] = 

1.0. 0, which means the amplitude of imperfection in the shear center. 
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To know imperfection, the next four steps are taken: 

Step 1: compute buckling load αcr and buckling shape cr(x), both of 

which can be calculated by the FEM (Finite Element Method). 

Step 2: compute not only the bending moments around weak axes z, but 

also the bi-moments associated with the buckling mode. Internal 

bending/torsion forces are accomplished as so: 
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Relevant stresses are computed from this equation: 
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Step 3: The first calculation iteration applies the initial guess: 
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To acquire the maximum in“(14)”, a better initial guess can be 

contemplated. To reach cross-section resistance b,1 at the moment when the 

buckling load level is achieved, imperfection (scale factor 1(x)) needs to be 

computed in all the sections. 
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The purpose of the first iteration is to obtain the minimum of these scale 

factors; e.g., 0,1 occurs at critical section xcr,1. 
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Step 4: For the second iteration: 
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Then calculate utilization factor U(x) along the beam: 
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The maximum utilization for doubly symmetric sections is acquired as the 

sum of the absolute values of the partial utilizations. 

Compute the next critical section xcr,2. Utilization factor U is the maximum: 
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Let’s assume that the critical section is the same as in the previous iteration 

event. In this case, critical section xcr is found and, as a consequence, it also 

takes the initial imperfection amplitude η0 value toward initial imperfection. 
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If the critical section’s location is different from the one before, another 

iteration is necessary in Step 4 until the critical section’s position is known: 
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4.  Examples 

 

Comparing the presented out-of-plane instability proposal to the geometric 

equivalent imperfection for bending and compression can solve four examples. 

Current Eurocode, GMNIA (geometric and material nonlinear analysis of the 

imperfect structure) and the test results can be compared by discussing the 

factors that influence differences. 

Applying the Beamcolumnimperfection software by Agüero [15] provides 

the plots below: 

Plot 1:  (lateral displacement), x (torsional rotation), Mz (bending 

moment around a weak axis), B (Bimoment). 

Plot 2: Utilization Mz, B, My (bending moment around a strong axis), N 

(axial force) and a linear interaction formula. 

Plot 3: Tt (Saint-Venant Torsional moment), Tw (Warping torsional 

moment), Vy (shear force that parallels axis y), Vz (Shear force that parallels 

axis z). 

Plasticity is considered concentrated by means of a simplified linear 

interaction equation or with exact curves obtained by linear programming 

(simplex). 

The number of elements used for beams and columns is 20. 

In the portal frame, warping is considered continuous in the beam-column 

connection.  

 

4.1. Example 1 

 

The beam with IPE 200, S235 (Figs. 1-3) is studied with fork supports 

(3.78 m long), compression force and concentrated force at the midspan. The 

impact of the midspan load application on the shear center and top flange is 

examined, and the obtained results are compared to GMNIA Papp [13]. 

 

 

Fig. 1 Example of a figure 
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Fig. 2 Example 1: PEd is applied to the top flange of IPE 200, S235 

 

 

 

 

Fig. 3 Example 1: PEd is applied to the shear center of IPE 200, S235 
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4.2. Example 2 

 

The beam with IPE 500, S235 (Figs. 4 to 10) is examined with not only 

fork supports (8.097 m long), but also the lateral support on the top flange at the 

midspan. A moment is applied to one support and compression force. The 

compression and bending moment combination is studied, and leads to failure 

in this example. The GMNIA results and those in Papp [13] are compared. 

In example 2, the lateral support at the midspan is located on the top flange. 

The compression-bending moment combination fails. 
 

Fig. 4 Example 2: geometry and loadings IPE 500, S235 

 

 

 

 

Fig. 5 Example 2a: Combination of N = 0 kN, My = 480 kNm 
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Fig. 6 Example 2b: Combination of N = 850 kN, My = 0 kNm 

 

 

 

 

Fig. 7 Example 2c: Combination of N = 950 kN, My = 100 kNm 
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Fig. 8 Example 2d: Combination of N = 10000 kN, M y = 200 kNm 

 

 

 

 

Fig. 9 Example 2e: Combination of N = 700 kN, My = 300 kNm 
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Fig. 10 Example 2f: Combination of N = 350 kN, My = 400 kNm 

 
4.3. Example 3 

 

Work is done with the beam by applying HEB 200, fy = 378 MPa (Figs. 

11-15) and fork supports (7.8 m beam column length). Compression force + 

eccentric load applied at the midspan. Eccentricity is ey=100 mm, ez=-150 mm. 

The obtained results and the experimental ones reported in Winkler et al. [16] 

are compared. Two assumptions apply to solve this example with: warping-free 

on supports; restrained warping. 

 
 

Fig. 11 Example 3: geometry and loadings. HEB 200, fy = 378 Mpa 

 

 

 

 

Fig. 12 Example 3: it considers the maximum experimental load and a linear interaction formula 
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c  

Fig. 13 Example 3: it considers a 70% maximum experimental load and a linear interaction formula 

 

 

 

c  

Fig. 14 Example 3: it considers an 80% maximum experimental load and a linear interaction formula with the linear interaction formula utilization factor U = 1.354 with the 

Thinwallsectiongeneral software by Agüero [16]1 

 

 

 
1 A real interaction formula results in utilization factor U = 1/1.052 = 0.95. By including out-of-plane imperfection, the ultimate load exceeds the 80% load 

achieved with the experimental results, and material hardening is also taken into account 
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c  

Fig. 15 Example 3: it applies a 90% ultimate load and warping is taken as restrained. The utilization factor with a linear interaction formula is U = 1.515, but is 1.06 ≈ 1.0 when the 

real interaction is taken into account with the Thinwallsectiongeneral software [16]. 

 
4.4. Portal frame components 

 

The portal frame (Figs. 16-19) is computed by Chladný’s UGLI 

imperfection method. During calculations, safety factor M1 = 1.1 in quantity 

e0,m is employed. This is set out in EN 1999-1-1:2023, EN 1999-1-1:2007 and 

EN 1993-1-1:2005. Safety factor M1 in EN 1993-1-1:2022 lacks e0,m. Fig.17a 

and Fig.17b contain the obtained outcomes. 

 

 

Fig. 16 Investigated portal frame 

 

Applying clause 8.3.3 “Uniform members in bending and axial 

compression” of EN 1993-1-1:2022, which include interaction formulae (8.88) 

and (8.89), results in the internal forces that appear in Fig. 17, as well as these 

utilization factors: a) U = 0.850 for the right column; b) U = 0.653 for the left 

beam part (Fig. 16).  

Examples 4.4a and 4.4b investigate the beam and right column as 

individual members that are loaded by normal forces, end moments and 

uniform loading q to generate exactly the same internal forces as those found 

in Fig. 17. The impact that the out-of-plane UGLI imperfection of both the 

column (example 4.4a) and beam (example 4.4b) has on this portal frame 

components’ behavior and their utilization factors is studied. A comparison is 

made of the utilization factors to the above values of 0.850 and 0.653, 

respectively, for the column and beam. 

 

 

Fig. 17 (a) Distribution of bending moments and normal force; (b) distribution of shear 

forces and deformation of the investigated portal frame due to UGLI imperfection 

 

4.4.a. Portal frame column 

If the column resistance verification is carried out in line with clause 8.3.3 

of EN 1993-1-1:2022, it should be substituted for the calculation in Fig. 18. 

Hence the utilization factor would be 0.817 rather than 0.850. Indeed these 

differing procedures are not completely comparable. 

 

4.4.b. Portal frame beam 

If column resistance verification is performed as in clause 8.3.3 of EN 

1993-1-1:2022, it would be substituted for the calculation in Fig. 19. The 

utilization factor would be 0.596 rather than 0.653. Indeed these differing 

procedures are not completely comparable. 
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c  

Fig. 18 Example 4.4a: Column. HEB 280. Safety factor M1 = 1.1 and imperfection factor  = 0.49. The utilization factor is U = 0.817 

 

 

 

c  

Fig. 19 Example 4.4b: Beam. IPE 550. Safety factor M1 = 1.1 and imperfection factor  = 0.34. The utilization factor is U = 0.596 

 

5.  Comparisons to other authors and GMNIA 

 

Example 1 (Figs. 1 to 3) and Example 2 (Figs. 4 to 10) show results that 

compare to those in Papp [13]. 

Example 1 indicates that the utilization factor in accordance with GMNIA 

is U = 0.89, and is U = 0.933 in accordance with this proposal when the load 

application point is on the top flange surface, and U = 0.846 when load acts in 

the shear center. Further information can be found in Papp’s article in Example 

6, Table 6. 

Example 2 shows how our results are on the safe side by 10% vs. those 

indicated by GMNIA. Further information can be found in Papp’s article in 

Example 7, Fig. 11. 

Example 3 (Figs. 11 to 15) contains results that are comparable to Winkler 

et al. [17]. Our results are on the safe side vs. the experimental results.  
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If the beam end cross-sections on supports are warping-free, our results are 

on the safe side by 20% vs. the test results. If warping is constrained at beam 

ends, our results are also on the safe side by 10% vs. the test results. 

Example 4 is compared to the Eurocode method [18] for designing 

beam-columns after investigating portal frame components: beam (Example 

4.4a); column (Example 4.4b). Comparisons appear in relation to the: (i) results 

in line with interaction formulae (8.88) and (8.89) in [3]; (ii) results acquired 

according to the herein proposed procedure. 

 

6.  Conclusions 

 

A generalization of Chladný’s method is proposed to explain buckling 

resistance in sensitive structures to flexural buckling. This method falls in line 

with the former generalizations to lateral torsion owing to bending and flexural 

torsional buckling given compression. In the present work, the proposed 

imperfection is utilized in out-of-plane owing to compression-bending with the 

reference clause 6.3.4 in [1,2] or 8.3.4 in [3]. 

Five examples are employed to compare the method. It offers good 

agreements with the GMNIA, test and Eurocode 3 design proposals. 

Our method is also applied in four examples: example 1 (Figs. 1-3); 

example 2 (Figs. 4-10); example 3 (Figs. 11-15); example 4 (Figs. 16-20). 

Comparisons are made to Papp [13] by employing GMNIA (examples 1 and 2), 

the test of Winkler et al. [17] (example 3) and the Eurocode procedure [18] 

(example 4), and all with acceptable agreements. 

 

Appendix. Nomenclature 

 

 denotes the imperfection factor related to the flexural buckling curve 

(Tables 6.1 and 6.2 in EN 1993-1-1 [1]; Tables 3.2 and 6.6 of EN 1999-1-1 [2])  

LT represents the imperfection factor for lateral torsional buckling related 

to the buckling curve (Tables 6.3, 6.4 and 6.5 of EN 1993-1-1 [1]; 6.3.2.2 of EN 

1999-1-1 [2])  

cr depicts the minimum load amplifier for axial force configurations in 

members to achieve elastic critical buckling loads (5.2.1(3) of [1]; 5.2.1(3) of 

[2]) 

ult refers to the amplifier for members’ load to accomplish critical 

cross-section resistance (6.3.4(2) in [1]. A more convenient symbol αult,k is 

utilized; [2] is unaware of this quantity/symbol) 

b relates to relative lateral torsional buckling resistance (Eq. 12); [1] and 

[2] do not employ the symbol)   

M0 indicates the partial safety factor for cross-section resistance when the 

Class cross-section is (6.1 in [1]; [2] is unaware of such quantity/symbol)  

M1 refers to the partial safety factor for members that resist instability, 

evaluated by member checks (6.1 of [1] and 6.1.3; Table 6.1 of [2]) 

 denotes the reduction factor for the relevant buckling curve (6.3.1.2 of 

[1]; 6.3.1.2 of [2] 

LT depicts the reduction factor for lateral torsional buckling in relation to 

relative slenderness (6.3.1.2 of [1]; 6.3.1.2 of [2]) 

  indicates the plateau length of buckling curves (for steel [1]: 0.2; for 

aluminum alloy [2]: 0.1 for Buckling Class A, 0.0 for Buckling Class B) 

0  denotes relative slenderness for lateral torsional buckling (6.3.2.2 and 

6.3.2.3 of [1]; 6.3.2.2 of [2]) 

LT  represents the plateau length for lateral torsional buckling curves 

(for steel [1]: 0.2 of 6.3.2.2 and 0.2-0.4 of 6.3.2.3; for aluminum alloy [2]: 0.6 

for Class 1 and 2 cross-sections; 0.4 for Class 3 and 4 cross-sections of 

6.3.2.2) 

op  refers to the relative slenderness for out-of-plane buckling (6.3.4 of 

[1] and [2]) 

 denotes the correction factor for lateral torsional buckling curves (6.3.2.3 

in [1]; [2] is unaware of this quantity/symbol) 

{init} indicates UGLI imperfection in the elastic critical buckling mode 

shape 

{cr} identifies the elastic critical buckling mode shape  

cr,w depicts buckling shape component displacement perpendicularly to 

axis y  

cr,v depicts buckling shape component displacement perpendicularly to 

axis z  

cr,x is related to the torsional rotation of the buckling shape component 

around the shear center axis  

A means the cross-sectional area 

0 denotes UGLI imperfection amplitude  

E stands for the modulus of elasticity (210 000 MPa for steel [1]; 70 000 

MPa for aluminum alloy [2]) 

Iy, Iz respectively reflect the second moments of the area in relation to axes 

y and z  

Iw denotes the warping constant 

Ncr implies the elastic critical force of the relevant buckling mode in 

accordance with gross cross-section properties 

My,Ed represents the design value for the bending moment around axis y 

NRk reflects the characteristic resistance of normal force on critical section 

xcr 

MRk denotes the characteristic resistance of the bending moment on critical 

section xcr 

UN+My+Mz+B respectively indicate the utilization factor given by NEd, My,Ed, 

Mz,Ed, and BEd 

Wz represents the section modulus around axis z 

Wy represents the section modulus around axis y 

WB means the warping section modulus 

xcr depicts the critical section; the utilization factor is higher than the 

factors in all the other sections 

 

Appendix. Background equations to analyze the imperfect structure. 

 

The following equation is used to perform the analysis of the imperfect 

structure; these equations are implemented in the software B̈uckling Beam 

Column N My Mz B T any support & section  ̈ by Aguero [19,20]. Other 

software can be found in [21]: 

 

   ( )      L G ext G init
K K d f K + = +  (24) 

 

Where: 
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