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ABSTRACT

ARTICLE HISTORY

Stainless-steel had the advantages of high strength, high corrosion resistance and easy welding, it was suitable for cold-
formed thin-walled components in marine engineering. However, most cold-formed thin-walled steel components were
single-limb, it had the defect of insufficient stiffness in the weak axis direction. To solve this problem, two stainless-steel
lipped channels were spliced into a rectangular tube through plug welds, and an efficient cold-formed thin-walled
rectangular stainless-steel spliced tubular columns was proposed. By means of splicing, the singly -symmetric cross-sections
such as lipped channel sections could be transformed into doubly-symmetric cross-sections, significantly improving the
axial compression performance and bending performance of the members. Three series of axial compression short column
tests were carried out. The results showed that both the V-shaped stiffeners and the straight ribs played a full stiffening role
in the axial compression test. Compared with the RHS-1 series components, the capacity of the RHS-2 series increased by
46.15%, the capacity of the RHS-3 series components increased by 55.38%. The finite element parameter analysis of axial
compression short columns, compression-bending short columns and median long columns was carried out. The results
showed that for axial compression short columns, V-shaped stiffeners and the width-thickness ratio had a great influence
on failure modes. When the depth of the V-shaped stiffener was 32 mm and the angle was 90°, the section performance was
optimal. When the slenderness ratio was in the range of 33.55-147.56, the overall buckling failure occurred. For
compression-bending short columns and median long columns, the eccentricity ratio and the slenderness ratio had a great
influence on failure modes. When the eccentricity ratio increased from 0.1 to 2.0, the ultimate compression-bending capacity
decreased by 72.14% and 69.01% respectively. When the slenderness ratio was in the range of 14.81-98.73, the
compression-bending stability capacity decreased significantly with the increase of the slenderness ratio. A modified
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calculation formula for the compression-bending capacity was proposed, with high accuracy.

Copyright © 2025 by The Hong Kong Institute of Steel Construction. All rights reserved.

1. Introduction

With the rapid development of marine steel structures, the corrosion
problem became the greatest weakness in marine engineering [1-3]. Compared
with austenitic stainless-steel, the high-strength stainless-steel not only had high
strength, but also had low manufacturing costs [4-6]. Cold-formed thin-walled
components could effectively improve the stability performance and capacity
[7-11]. However, the cold-formed thin-walled high-strength stainless-steel
columns had few research.

With the development of cold-formed thin-walled technology, the research
on cold-formed thin-walled steel columns began to be widely carried out [12-
16]. Generally, there were three buckling modes for cold-formed thin-walled
steel axial compression columns, including local buckling failure, distortional
buckling failure and overall buckling failure [17-19]. D.A. Padilla-Llano [20]
analyzed the overall buckling, distortional buckling and local buckling
behaviors of single-limb C-shaped steel components under cyclic loading. The
results showed that under the two different loading conditions, the initial
stiffness of the components had little difference. When the load was greater than
the peak load, the stiffness decreased significant under the cyclic load. Y. Lu
[21] conducted axial compression tests on 18 single-limb cold-formed thin-
walled C-shaped steel components, providing theoretical basis for the
subsequent axial compression test. H.X. Niu [22] carried out axial compression
numerical simulation of components with four stiffening methods. The results
showed that under the same steel consumption, the axial compression ultimate
capacity of the components with V-shaped stiffeners increased most
significantly. B. Young [23] conducted axial compression performance test on
the "bow" shaped high-strength cold-formed thin-walled steel double-limb
column. The results showed that using the direct strength method to calculate
the axial compression ultimate load of the column had certain safety. Reyes [24]
studied the box-section axial compression components of welded double-limb
C-shaped cold-formed thin-walled steel. The results showed that when
calculating its capacity using the specification AISI S100-2007, the slenderness

ratio of the components needed to be corrected compared with median long
columns. I. Georgieva [25] conducted compression-bending test on double-limb
Z-shaped section columns. The results showed that when the slenderness ratio
was large, out-of-plane instability would occur, and the overall initial defects
had a great influence on the ultimate capacity. J. Zhang [26] conducted axial
compression test on I-shaped section columns formed by two web-stiffened C-
shaped steel, and proposed four models for solving and calculating the critical
buckling load of the section. F. Liao [27] conducted axial compression test on
short columns composed of C-shaped steel and U-shaped steel through self-
tapping bolts. The results showed that the short columns all suffered from local
buckling and distortional buckling failure. In the current research, most of the
cold-formed thin-walled components were formed by connecting two or more
single-limb components through bolts or welding, while no experts conducted
research on welded high-strength stainless-steel columns.

This paper proposed a cold-formed thin-walled rectangular high-strength
stainless-steel spliced tubular columns. Experiments of axial compression short
columns, finite element analysis of axial compression of short columns,
compression-bending short and median long columns were carried out. Key
parameters that affect the structural performance was studied, and the
calculation formula for the ultimate capacity of compression-bending columns
was proposed.

2. Axial compression test of short columns
2.1. Design and fabrication of specimens

The duplex stainless-steel had higher yield strength, lower strain
strengthening coefficient and stronger corrosion resistance than austenitic
stainless-steel, and the material properties were as shown in reference [28]. The
axial compression short column specimens in the experiment were shown in
Fig.1.
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Fig. 1 Detailed dimensions of components

Fig. 2 Axial compression short columns

The specimens could be divided into three groups, namely RHS-1, RHS-2,
and RHS-3. The thickness of the plate was 3mm, and the length of the short
column was 3 times the length of the web of the lipped channel steel, that is,
480mm. The lipped length of the RHS-3 series was 26mm. The same metal and
the same technological equipment were used to manufacture a total of 9
components. The fabricated components were shown in Fig.2.

Due to the limitations of the manufacturing process, there were differences
between the actual components and the design dimensions. The actual
dimensions were shown in Table 1. To accurately obtain the specific detailed
dimensions of the test components, the average value of the three measurement
results were taken as the actual dimension of the component to avoid accidental
errors during the measurement process. Through defect measurement, it was
found that the initial geometric defects of the component along the length
direction were much smaller than those caused by the protrusions on the weld
edges, and the defect amplitude did not exceed 1 mm. Therefore, the initial
geometric defects along the length direction did not affect the axial compression
performance of the component.

Table 1
Measured dimensions of the components
Specimen number H(mm) B(mm) a(mm) t(mm) Length of the V-shaped stiffeners (mm) L (mm)

RHS-1-1 162.0 139.0 20 2.97 - 479.5
RHS-1-2 162.5 139.0 20 3.02 - 479.0
RHS-1-3 162.0 139.0 20 3.00 - 479.0
RHS-2-1 164.0 142.0 20 3.04 30 479.0
RHS-2-2 164.0 141.5 20 3.00 30 479.5
RHS-2-3 164.5 142.0 20 3.02 30 479.0
RHS-3-1 163.5 143.0 26 2.95 30 479.0
RHS-3-2 162.0 143.0 26 2.98 30 479.0
RHS-3-3 164.0 142.5 26 2.98 30 479.5
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2.2. Test equipment and loading test scheme

2.2.1. Test preparation

The specimen was divided into square meshes at intervals of 30mm along
the length direction to facilitate the observation and measurement of the
deformation of the plate during the test process. For axial compression short
columns, the most likely position for its local buckling was in the middle of the
component. Displacement meters were set in the direction perpendicular to the
plate at the middle section. A total of 3 displacement meters were set at the
middle section of the RHS-1 series component, of which one displacement
meter was arranged in the middle of the long side, and one displacement meter
was arranged in the middle of the two sub-plates on the short side respectively.
The RHS-2 and RHS-3 series were similar, and the displacement meters were
all arranged in the middle of the sub-plates on the long side and the short side.
The RHS-1 series components pasted 3 strain gauges at the middle section and
the sections at B/2 from the ends at the upper and lower parts, and a total of 9
strain gauges were pasted on the entire component. The RHS-2 series
components pasted 4 strain gauges at the middle section and the sections 80mm
from the ends at the upper and lower parts, and a total of 12 strain gauges were
pasted on the entire component. The RHS-3 series components pasted 4 strain
gauges at the middle section and the sections at B/2 from the ends at the upper
and lower parts, and a total of 12 strain gauges were pasted on the entire
component.

2.2.2. Loading equipment and loading system

The loading equipment was a 1000T microcomputer-controlled electro-
hydraulic servo pressure-shear testing machine, and the test device is shown in
Fig.3. The short column components were arranged in the center of the loading
platform through the end plates welded at both ends, and the load was
transmitted through the end plates. The minimum displacement control speed
was 0.5mm/min. The test process was displacement-controlled loading, and the
loading process was continuous. The loading process could be divided into three
stages. The first stage: The test system was debugged through preloading. The
loading speed was 0.05mm/s (3mm/min) to 5kN to make the end plate and the
test platform closely connected, and then the load was reduced to OkN, that is,
the load and displacement data were cleared, and then the readings of the strain
gauge and the displacement meter were cleared. The second stage: The formal
loading stage, the testing machine was controlled to move downward at a speed

of 0.01mm/s (0.6mm/min), until the capacity of the component reached the peak.

The third stage: The post-loading stage, when the load reached 80% of the
estimated load, the moving speed was changed, and the loading was carried out
at a speed of 0.05mm/s (3mm/min) to make the capacity of the component reach
the ultimate capacity, and the component was damaged. Until the axial
compression capacity dropped to about 80% of the peak load, the loading was
stopped and the test ended.

Fig. 3 Loading equipment

2.3. Test results and analysis

2.3.1. Test process and main phenomena

As the load increased, the intervals of the "click-click" sounded emitted by
the components gradually became longer, and gradually accompanied by small
concave-convex local buckling of the components. When local buckling first
occurred, the buckling shape was symmetrically distributed. As the load
increased, the buckling half-wave gradually increased. When the ultimate load
was reached, the buckling deformation of the plates expanded faster and the
deformation degree was more obvious. The typical failure states of different

184

series of components were shown in Fig.8. It could be seen no damage occurred
at the weld position and the end of the component, the strength of the plug weld
was sufficient, and the end restraint was sufficient. One half-wave buckling
occurred on the long side of the RHS-1 component, and one half-wave buckling
occurred on the short side. One half-wave buckling occurred in each of the two
sub-plates on the long side of the RHS-2 component, and one half-wave
buckling occurred in the middle of the short side. One half-wave buckling
occurred in each of the two sub-plates on the long side of the RHS-3 component,
and two half-waves buckling occurred on the upper part of the short side.

The failure modes were in line with the main objectives of component
design. By comparing the members of the RHS-1 series with those of the RHS-
2 series, it was found that the V-shaped stiffeners with a side length of 20 mm
had sufficient stiffness to divide the lipped channel web members into two sub-
plates. These two sub-plates buckled similarly to stiffened plates respectively.
When comparing the members of the RHS-2 series with those of the RHS-3
series, by increasing the length of the lips, the height of the straight ribs on the
short side of cold-formed thin-walled members formed by the lips was increased,
so that the stiffness of the straight lips met the minimum stiffness requirement
for intermediate stiffeners. However, since the straight ribs on the short side
were connected by one-side plug welds through the lips, although the stiffness
of the straight ribs formed by the two lips met the requirements, the width-
thickness ratio exceeded the minimum width-thickness ratio limit for plates
without local buckling. But because there was a certain margin in the code's
limitation on the width-thickness ratio, the width-thickness ratio of the 26-mm
lips in this paper only slightly exceeded the limit, and the lips did not buckle
preferentially during the actual test process.

2.3.2. Test data and analysis

The comparison of the axial displacement-load curves of 9 components was
shown in Fig.4. As the load gradually increased, the gap between the component
section and the indenter gradually disappeared, and the component gradually
transformed into full-section compression. The elastic modulus of the
component gradually increased and stabilized, which was manifested in the
curve as a linear increase in load with displacement. As the load increased
further, the component undergone concave and convex deformation, the slope
of the curve decreased and became negative, and the load began to decrease
after reaching its peak load.
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Fig. 4 Comparison of axial displacement-load curves

A displacement meter was installed in the middle of the component to
record the variation of the lateral displacement at the measuring point in the
middle of the component with the load during the axial compression process.
The curves of lateral displacement-load of three series components were shown
in Fig.5. It could be found that for the series of RHS-1 components, a relatively
obvious lateral displacement occurred on surface B at around 300 kN, and local
buckling occurred. The local buckling on surface B occurred earlier than that on
surface C. For the series of RHS-2 components, a relatively obvious lateral
displacement occurred on surface C at around 900 kN, indicating local buckling.
The local buckling on surface C happened earlier than that on surface B. For the
series of RHS-3 components, a relatively obvious lateral displacement occurred
on surface C at around 1150 kN, meaning local buckling occurred. The local
buckling on surface C occurred earlier than that on surface B. This thus proved
that the installation of V-shaped stiffeners improved the local stability
performance of the long sides of the spliced tubular columns, causing the
location of local buckling to shift from the long sides to the short sides. The
optimization of the flange length further enhanced the local stability
performance of the short sides of the built-up members.



Jun Zhao et al.

Load (kN)

Load (kN)

Load (kN)

900
800 |
700 |
600
500 |
400
300
200 | = RHS-1-1DI
e RHS-1-2 DI
100 | & RHS-1-3DI
0 1 1 1 I I 1 1 1 1 1 1
-12 -10 -8 -6 -4 -2 0 2 4 6 8 10 12
Lateral displacement (mm)
(a) Surface B of RHS-1 series components
1400 [
1300
1200
1100
1000
900
800 fle
700 } 1|
600 |-
ol "'" = RHS-2-1DI
1 ‘ e RHS-2-1 D2|
100 | 4 RHS-2-2DI
s 1 v— RHS-2-2 D2|
+
200 | [ 4 RHS-2-3 DI
100 | “! < RHS-2-3 D2
1 1 1 1 1 1 1 1 1 1
-2 <10 8 6 -4 -2 0 2 4 6 8 10 12
Lateral displacement (mm)
(c) Surface B of RHS-2 series components
1400 -
1300
1200 -
1100
1000 g
900
800 -
700
600 |-
c00 L = RHS-3-1 DI
’ *  RHS-3-1 D2
100 4 RHS-3-2DI
2l v— RHS-3-2 D2
200 - 4 RHS-3-3 D1
100 < RHS-3-3D2
1 1 1 1 1 1 1 1 1 1
-12 <10 -8 -6 4 2 4 6 8 10 12

Lateral displacement (mm)

(e) Surface B of RHS-3 series components

900
800 [ e
O
o0 4 AR Ve X AN
600 - :
z
2 500
S
B
S wor —=— RHS-1-1 D2
~ ol e RHS-1-1 D3
—4&— RHS-1-2 D2
200 | ¥ RHS-1-2 D3
4 RHS-1-3 D2
100 | < RHS-1-3 D3
0 1 1 1 1 1 d. 1 1 1 1 1 1
-2 <10 -8 -6 -4 -2 0 2 4 6 8 10 12
Lateral displacement (mm)
(b) Surface C of RHS-1 series components
1400
1300
1200 <%
1100 .
1000 F -
— 900 | 5 !
Z sl ¥/ :
— y
o 700 F If
S 60|
= ol T = RHS-2-1D3
b | | ® RHS-2-1D4
00 A RHS-2-2D3
o] s | v— RHS-2-2 D4
200 | _‘ 4 RHS-2-3 D3
100 | i < RHS-2-3 D4
0 1 1 1 1 1 ? 1 1 1 1 1 1
-2 -0 -8 6 -4 -2 0 2 4 6 8§ 10 12
Lateral displacement (mm)
(d) Surface C of RHS-2 series components
1400
1300 |
1200
1100
1000
—. 900
E 800 ‘
—
- 700 -“
S 600 i
2 ol | | = RHS-3-1D3
" L [ ®  RHS-3-1 D4
00 4 RHS-3-2 D3
2l I v RHS-3-2D4
200 | * 4 RHS-3-3 D3
100 i 4 RHS-3-3 D4
0 1 1 1 1 1 s 1 1 1 1 1 1
-12 -10 8 6 -4 -2 0 2 4 6 8 10 12

Lateral displacement (mm)

Fig. 5 Load-lateral displacement curve of different series of components

(f) Surface C of RHS-3 series components
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Table 2
Mechanical properties of axial compression specimens
Extreme
. . Section area Ultimate . Ultimate strength Ny .
Specimens Section form (mm?) capacity (kN) dlsp(llf;c;r;lent (MPa) oo, Failure mode
RHS-1-1 T 799 4.34 408.49 0.68
RHS-1-2 1955.98 765 4.98 391.11 0.65
Local buckling;
A half-wave on the long side;
M A half-wave on the short side
RHS-1-3 734 4.84 374.26 0.62
Average value 766 4.72 391.62 0.65
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RHS-2-1 I 1207 522 586.59 0.97
RHS-2-2 2057.67 1219 5.72 592.42 0.98 Local buckling;
Two half-waves on the long
side;
RHS-2-3 1 1113 6.28 540.90 0.90 A half-wave on the short side
Average value 1180 5.74 573.30 0.95
RHS-3-1 I 1321 5.55 620.29 1.03
Local buckling;
RHS-3-2 2129.65 1292 5.48 606.67 1.00 Two half-waves on the long
side;
m Two half-waves on the short
id
RHS-3-3 1295 6.62 608.08 1.01 side
Average value 1303 5.88 611.68 1.01

2.3.3. Results of the test

Analyzed the axial displacement-load curve, the mechanical properties
such as the initial elastic modulus and ultimate capacity of the components were
obtained, as shown in Table 2.

For the RHS-1 series components, the capacity was about 766 kN. The
capacity of the RHS-2 series components reached 1180 kN. The capacity of the
RHS-3 series components was about 1303 kN. The bearing performance of the
RHS-2 series components was improved by about 46.15% compared with the
RHS-1 series components, and the capacity of the RHS-3 series components
was improved by about 55.38% compared with the RHS-1 series components.
The method of setting V-shaped stiffeners at the web of the stainless-steel lipped
channel and extending the length of the lipped part could effectively improve
the bearing performance.

3. Finite element modeling and validation
3.1. Establishment of the FEM

For the short column, the mesh size was selected as 10mmx10mm, while
for the median-long column, since its model was simple and regular, its mesh
size was also selected as 10mmx>10mm. For the welded end plates, the mesh
size was selected as 20mmx20mm. The mesh division schematic diagram of
short columns was shown in Fig.6. For the contact area at the lipped joint, the
normal behavior adopted the surface-to-surface hard contact. The tangential
behavior adopted the isotropic friction analysis, in which the anti-slip
coefficient was taken as 0.25. As for the welding at the splicing of the
components, the binding (Tie) was used to constrain all degrees of freedom.
Boundary conditions and loading diagram was shown in Fig.7.

3.2. Verification of the FEM

The final failure modes of the three series of RHS-1, RHS-2 and RHS-3
short columns were all local buckling. The finite element simulation results
were in good agreement with the test results, and the comparison results were
shown in Fig.8.

The load-axial displacement curves of the three series of short columns
were shown in Fig.9. The load-displacement curves of the short columns
obtained by FEM were in good agreement with the test results.

Fig. 6 Model grid division diagram

Fig. 7 Boundary conditions and loading diagram
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(c) RHS-3 series

Fig. 8 Comparison of failure modes of axial compression short columns
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4. Numerical analysis of structural performance and compression-bending
capacity calculation

4.1. Analysis of the influence of main parameters of short columns
4.1.1. The influence of the size of V-shaped stiffeners

Ensuring the parameters such as the length of the component being 480mm,
the section thickness being 3mm, and the lipped width being 26mm remained

unchanged, the depths of the V-shaped stiffeners were 20mm, 23mm, 26mm,
29mm, 32mm, and 35mm respectively, and the angles were 30°, 45°, 60°, 75°,
90°, 105°, and 120° respectively, with a total of 42 components. The ultimate
axial compression capacity of all components was obtained through ABAQUS,
and the relationship curves between the depth and angle of the V-shaped
stiffeners and the ultimate axial compression capacity were plotted, as shown in
Fig.10.
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Fig. 10 Influence of V-shaped stiffeners on ultimate capacity of axial compression columns

It could be seen from Fig.10, the axial compression ultimate bearing
capacity of the spliced tubular columns increased linearly with the increase of
the depth of the V-shaped stiffeners. When the depth of the V-shaped stiffeners
increased from 20 mm to 35 mm, the axial compression ultimate bearing
capacity was enhanced by approximately 2.79%-7.41%. On the other hand, the
axial compression ultimate bearing capacity decreased linearly with the increase
of the angle of the V-shaped stiffeners. Moreover, the smaller the depth of the
V-shaped stiffeners was, the gentler the decreasing trend was. For different
depths of the V-shaped stiffeners, when the angle of the V-shaped stiffeners
increased from 30° to 120°, the axial compression ultimate bearing capacity was
reduced by approximately 3.08%—7.79"/N / Ao

The capacity performance index =~ “ 02 of the short column was
calculated, and the scatter diagram between it and the width-thickness ratio of
the V-shaped stiffeners was plotted to further analyze the influence of the V-
shaped stiffeners on the axial compression performance of short columns, as
shown in Fig.11.
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Fig. 11 The scatter diagram of the capacity performance index and the width-thickness ratio

When the width-thickness ratio of the V-shaped stiffeners plate was less
than 15.08, the capacity performance index N,/Aoc,, increased with the
increase of the width-thickness ratio, and the growth trend gradually slowed
down. When the width-thickness ratio was greater than 15.08, the capacity
performance index N, /Ao, fluctuated slightly with the increase of the width-
thickness ratio. When the width-thickness ratio was greater than 19.33, the
capacity performance index N,/A4o,, decreased significantly. The reason was
that the width-thickness ratio of the V-shaped stiffener plates was relatively
large and exceeded the width-thickness ratios of the web sub-plates and the
flange plates. This caused the V-shaped stiffeners to experience local buckling
prior to the web and the flange, further leading to a significant reduction in the
capacity performance index N,/Ado,, of the load-bearing capacity. When
designing the V-shaped stiffeners, it was recommended that the width-thickness
ratio be controlled between 14 and 18, and should not exceed 19.33.

‘When the width-thickness ratio was 15.08, the capacity performance index
N, /Ao, reached the maximum, that is, the utilization efficiency of the section
and the material reached the highest. Therefore, the width-thickness ratio of all

components in the subsequent parameter analysis was controlled to be 15.08,
that is, the depth of the V-shaped stiffeners was 32mm and the angle was 90°.

4.1.2. The influence of the height-thickness ratio

According to the regulations on the lipped width in CECS 410: 2015 [29],
the optimized setting range of the lipped width was 20-36mm, with a total of 9
components. The ultimate axial compression capacity was obtained through
ABAQUS, and the relationship curve between the lipped width and the ultimate
axial compression capacity was plotted, as shown in Fig.12.
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Fig. 12 Effect of lipped width on ultimate capacity of axial compression columns
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Fig. 13 Point-line diagram of the capacity performance index and height-thickness ratio

The ultimate axial compression capacity increased with the increase of the
lipped width, and as the lipped width increased, the growth trend gradually
flattened. When the lipped width increased from 20mm to 23mm, 26mm, 29mm,
31mm, 32mm, 33mm, 35mm, and 36mm respectively, the ultimate axial
compression capacity of short columns increased by 2.57%, 7.25%, 9.89%,
11.69%, 12.76%, 13.28%, 14.51%, and 14.71% respectively. The capacity
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performance index N,/A4o,, was calculated, and the dot-line graph between it
and the height-thickness ratio was plotted to further analyze the influence of the
lipped part on the axial compression performance, as shown in Fig.13.

When the lipped width was less than 32mm, that is, height-thickness ratio
was less than 10.67, the capacity performance index N,/Ao,, increased with
the increase of the height-thickness ratio. When the lipped width was greater
than 32mm, that is, the height-thickness ratio was greater than 10.67, as the
height-thickness ratio continued to increase, the capacity performance index
N,/Ao,, gradually decreased. When the lipped width was 32mm, that is, the
height-thickness ratio was 10.67, the capacity performance index N, /Ao,

140

160|

(a) RHS-160-140-A
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reached the maximum, that is, the utilization efficiency of the section and the
material reached the highest.

4.1.3. The influence of the width-thickness ratio

In this section, finite element modeling and calculation were carried out
respectively for two short columns of the same height-width ratio but different
sizes. The section forms were shown in Fig.14. According to the actual
engineering application, the selection range of the section thickness was 1.0mm
to 4.0mm, and the corresponding range of the maximum width-thickness ratio
(flange width-thickness ratio) was 10.0 to 87.5, with a total of 60 columns.
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(b) RHS-200-175-A

Fig. 14 Section schematics for plate width-thickness ratio parameter analysis
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Fig. 15 Relationship curve between ultimate capacity and width-thickness ratio of plates

The ultimate axial compression capacity was obtained through ABAQUS,
and the relationship curve between the maximum width-thickness ratio of the
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plate (flange width-thickness ratio) of the cold-formed thin-walled rectangular
tubular column and the ultimate axial compression capacity was plotted, as
shown in Fig.15.

When the width-thickness ratio increased, the ultimate axial compression
capacity of all short columns gradually decreased, and the decreasing trend
gradually flattened with the increase of the width-thickness ratio. When the
maximum width-thickness ratio increased from 17.5 to 70, the ultimate axial
compression capacity of the RHS-160-140-A series short columns decreased by
about 85.9%. When the maximum width-thickness ratio increased from 21.9 to
87.5, the ultimate axial compression capacity of the RHS-200-175-A series
short columns decreased by about 88.3%. The scatter diagram N, / Af, with the
width-thickness ratio according to the most unfavorable plate in the section was
drawn, as shown in Fig.16.

For the critical width-thickness ratio limits of stiffened and unstiffened
plates, the stipulated values in the Chinese code CECS 410: 2015 were rather
conservative and had large differences. In order to make full use of the
characteristics of the stainless-steel material and achieve a more economical and
reasonable design purpose, take the value of 1 on the ordinate of the fitting curve
as the width-to-thickness ratio limit of the compression plate element, and round
it to an integer. It was recommended that the critical width-thickness ratio of the
stiffened plates be 34, and that of the unstiffened plates be 15.
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Fig. 16 Recommended critical width-thickness ratio of compressed plates

4.1.4. The influence of the slenderness ratio

At present, the Chinese code stipulated that the allowable slenderness ratio
of the axial compression component was 150. Therefore, the length was selected
to vary from 480mm to 7200mm, and the variation range of the slenderness ratio
was 9.82-147.56, with a total of 33 components. The ultimate axial compression

capacity of all components was calculated. The relationship curves between the
slenderness ratio and the ultimate axial compression capacity, the relationship
curves between the slenderness ratio and the capacity performance index
N, /Ao, were plotted, as shown in Fig.17 and Fig.18.
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When the slenderness ratio 4<32.74, the ultimate axial compression
capacities were similar, indicating that within this slenderness ratio range, the
slenderness ratio had a small influence on the ultimate axial compression
capacity, the failure mode was still local buckling. When the slenderness ratio
increased from 32.791 to 147.56, the ultimate axial compression capacity of the
RHS-160-140-A series components decreased from 1258.31 kN to 218.348 kN,
with a reduction of 80.26%. When the slenderness ratio increased from 33.55 to
117.85, the ultimate axial compression capacity of the RHS-200-175-A series
components decreased from 1971.34 kN to 522.495 kN, with a reduction of
73.49%. The relationship curves of the ultimate axial compression capacity of
different series of components all had inflection points. The slenderness ratio
had a significant influence on the ultimate axial compression capacity of the
short columns, the failure mode was the overall instability. When the
slenderness ratio 4<32.74, because the failure mode was local buckling, the
capacity performance index N,/A4o,, was close. When the slenderness ratio
A>33.55, because the failure mode was overall buckling, the capacity
performance index N,/Ao,, gradually decreased as the slenderness ratio
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increased, and as the slenderness ratio increased, the decreasing trend gradually
flattened.

4.2. Analysis of the influence of main parameters of compression-bending short
columns and median long columns

4.2.1. The influence of the relative eccentricity of the load

In practical engineering applications, the compression-bending members
were mostly in the state of eccentric compression around the strong axis.
Therefore, in this section, only the finite element parametric analysis of spliced
tubular columns under eccentric compression around the strong axis would be
carried out. And the analysis will be conducted with two commonly used
member lengths (900 mm and 3000 mm) in practical engineering. Ensuring that
the section thickness was 3mm, the width-thickness ratio of the V-shaped
stiffeners plate was 15.08, and the height-thickness ratio was 10.67 remained
unchanged, only by changing the eccentricity of the load, the influence of the
relative eccentricity of the load on the compression-bending performance of the
cold-formed thin-walled rectangular high-strength stainless-steel spliced
tubular columns was studied. The load eccentricities were respectively set to
8mm, 16mm, 32mm, 64mm, 96mm, 128mm, and 160mm, and the
corresponding relative eccentricities of the load were respectively 0.1, 0.2, 0.4,
0.8, 1.2, 1.6, and 2.0. And two commonly used component lengths (900mm,
3000mm) in actual engineering were selected, with a total of 14 components.
The ultimate compression-bending stability capacity under different relative
eccentricities of the load was obtained, and the relationship curve was plotted,
as shown in Fig.19.

When the slenderess ratio 4 =14.81 and A =48.79, as the relative
eccentricity of the load increased, the ultimate compression-bending capacity
gradually decreased, and as the relative eccentricity of the load increased, the
decreasing trend of the ultimate capacity gradually flattened. When the relative
eccentricity of the load increased from 0.1 to 2.0, the ultimate compression-
bending capacity eccentrically compressed around the strong axis decreased by
72.14% and 69.01% respectively, indicating that the relative eccentricity of the
load had a significant influence on the ultimate capacity of the compression-
bending column.
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Fig. 19 Relationship curve between relative eccentricity of load and ultimate capacity
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Fig. 21 Stable capacity N-M correlation curve of spliced components

4.2.2. The influence of the width-thickness ratio

The section thicknesses were 2.5mm, 3mm, 3.5mm, and 4.0mm, that is, the
maximum width-thickness ratio of the plate (flange width-thickness ratio) was
25.6,21.3, 18.28, and 16. The analysis was carried out with two commonly used
component lengths (900mm, 3000mm), with a total of 56 components. The
ultimate compression-bending stability capacity of the cold-formed thin-walled
components with different section thicknesses was obtained, as shown in Fig.20.
Considering that the section thickness had a direct influence on the cross-
sectional area, in order to eliminate the influence of the cross-sectional area, the
finite element calculation results were sorted and plotted into the axial force-
bending moment correlation curve, as shown in Fig.21. As the bending moment
M increased, the spacing of the N-M curve under the same abscissa gradually
increased, indicating that as the relative eccentricity of the load increased, the
influence of the width-thickness ratio on the ultimate compression-bending
stability capacity gradually strengthened. In other words, as the width-thickness
ratio of the flange increased, the downward trend of the N-M curve gradually
became gentler, also represented the influence of the width-thickness ratio on
the ultimate compression-bending stability capacity gradually strengthened.

4.2.3. The influence of slenderness ratio

Ensuring that the section thickness was 3mm, the width-thickness ratio of
the V-shaped stiffeners plate was 15.08, and the height-thickness ratio was 10.67
remained unchanged, only by changing the component length, the influence of
the slenderness ratio on the compression-bending performance of the cold-
formed thin-walled high-strength stainless-steel spliced was studied. The
component length varied from 900mm to 6000mm, and the corresponding
variation range of the slenderess ratio was 14.81 to 98.73, with a total of 35
components. The compression-bending stability capacity with different
slenderness ratios was obtained, and the relationship curve between the
slenderness ratio and the compression-bending stability capacity was plotted, as
shown in Fig.22.
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Fig. 22 Relationship curve between ultimate capacity and slenderness ratio

With the slenderness ratio increased, the compression-bending stability
capacity decreased significantly, and as the relative eccentricity of the load
increased, the decreasing trend flattened. Longitudinally comparing the
compression-bending stability capacities of components with different relative
eccentricities of the load, it could be found that as the slenderness ratio increased,

the influence of the relative eccentricity of the load on the compression-bending
stability capacity gradually decreased. The reason was that as the slenderness
ratio increased, the overall stiffness significantly attenuated, and the final failure
mode was mainly overall buckling.

4.3. Recommendation of compression-bending capacity calculation formula

According to the calculation formulas for the compression-bending bearing
capacity in the Chinese code CECS 410:2015 [29] and the American code AISI
S100-16 [30], the ultimate compression-bending stability bearing capacity of
the spliced tubular columns was calculated respectively, as shown in Fig.23.
Then, a comparative analysis was carried out between the calculation results of
the codes and those of the finite element simulation. The average value of the

ratio N, /Nu between the finite element simulation result N, and the

calculation result N, of the Chinese code was 1.127, with a standard deviation
of 0.151 and a coefficient of variation of 0.134. The average value of the ratio
Nzt /N, between the finite element simulation result N, and the

calculation result N, of the American code was 1.133, with a standard

deviation of 0.115 and a coefficient of variation of 0.102. Overall, the
calculation results of the American code, which adopted the load and restraint
factor design method, were more accurate than those of the Chinese code, which
adopted the effective width method. However, compared with the finite element
simulation results, the calculation results of both the Chinese and American
codes had relatively large differences, a high degree of dispersion, and the
calculation results of some spliced tubular columns tended to be unsafe.
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Fig. 23 Scatter diagram of compression-bending capacity of spliced tubular columns
calculated by Chinese and American codes

Made appropriate modifications to the calculation formula for the ultimate
bending-compression stability bearing capacity proposed in the Chinese code,
so that it could be applicable to the new high-strength stainless-steel spliced
tubular compression-bending columns proposed in this paper. The Chinese code
CECS410: 2015 stipulated that for the strength of compression-bending
components, it could be calculated according to the Eq.(1):

o=t at oy m
AE)’I WEILX‘ VVeny ‘

Where: N -Axis compressive pressure;



Jun Zhao et al.

A, -Effective cross-section area of the component;
M M y -The bending moment around the main axes x-axis and y-axis;

W._ , W __-The effective net section modulus for the main axes x-axis and

enx’ eny
y-axis.
When calculating the stability of compression-bending components, when
within the plane of the bending moment action, it can be calculated according
to the Eq.(2) and Eq.(3):

1\1’4 U <f
0.4, [1_% N,]Vn @
NE
, _ mEA 3)
£116542

Where, 3, -Equivalent bending moment coefficient, £, =1.0 ;

M -Calculating the bending moment;

N/, -Euler critical load;

W, -The effective section modulus of the maximum compression edge in
the bending plane.

When the bending moment is outside the plane of action, the stability of the
compression-bending component can be calculated according to the Eq.(4):

N M
(DJ,A(» oW,

Where, @, -Overall stability coefficient of the bending component out of
bending moment;

1 -Cross section influence coefficient, for the rectangular section column,
n=0.7,

@, -Overall stability coefficient of the bending component, for the
rectangular section, because of its large torsional stiffness, ¢, =1.0.

Referring to the form of the calculation formula of the in-plane
compression-bending capacity of ordinary steel, the calculation formula of the
compression-bending capacity in the Chinese code was modified. According to
the finite element simulation results, the least square method was used for
multiple linear regression fitting, and the modified formula was obtained as Eq.
(5) and Eq. (6):

?

e l—p,— W, 5
e ®

y=1245+1.97x107 "’ (6)

As for the calculation formula of the compression-bending capacity outside
the plane of the bending moment action, since the rectangular tubular column
proposed was not a completely rectangular section, and according to the finite
element simulation results, the section influence coefficient was adjusted and
taken as 77=0.85. According to the modified calculation formula of the
compression-bending capacity in the Chinese code, the calculation of the cold-
formed thin-walled rectangular compression-bending column was carried out.
The results were compared with the finite element simulation results, as shown
in Fig.24, where N/ was the calculated result after the modification of the
Chinese code.

It could be concluded that the average value of the ratio N, /N, was
1.034, the standard deviation was 0.022, the coefficient of variation was 0.021,
and the maximum difference was only 8.5%. This indicated that the calculated
results of the modified compression-bending capacity were very close to the
finite element simulation results and were feasible for calculating the ultimate
compression-bending  stability capacity of the cold-formed thin-walled
rectangular tubular column.
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Fig. 24 Compression-bending capacity calculated by the Chinese code after revision
5. Conclusions

This paper designed a cold-formed thin-walled rectangular high-strength
stainless-steel spliced tubular columns to meet the requirements of the marine
steel structure. Experiment of axial compression short columns, finite element
analysis of axial compression short columns, compression-bending short
columns and median long columns was carried out. The main conclusions were
as follows:

(1) Two stainless-steel lipped channels spliced into rectangle columns
effectively enhanced the stable capacity of short columns. Compared with the
RHS-1 series short columns, the capacity of the RHS-2 series increased by
46.15%, the capacity of the RHS-3 series increased by 55.38%. The V-shaped
stiffeners and the straight ribs played a full stiffening role in the axial
compression test, improving the final buckling mode of the short columns and
reflecting the efficiency of the spliced section.

(2) The main failure mode of the axial compression short columns was the
local buckling failure. The V-shaped stiffeners changed the position where local
buckling occurred from the long side to the short side, and the two sub-plates
on the long side buckled respectively. Optimizing the length of the straight ribs
formed by the lipped edge changed the buckling half-wave of the short side
from one buckling half-wave to two buckling half-waves.

(3) For rectangular spliced axial compression short columns, the V-shaped
stiffeners and the slenderness ratio had a great influence on failure modes. When
the depth of the V-shaped stiffener was 32 mm and the angle was 90°, the section
performance was optimal. When the slenderness ratio was in the range of 33.55-
147.56, the overall buckling failure occurred.

(4) For rectangular spliced compression-bending short columns and median
long columns, the eccentricity ratio and the slenderness ratio had a great
influence on failure modes. When the eccentricity ratio increased from 0.1 to
2.0, the ultimate compression-bending capacity decreased by 72.14% and 69.01%
respectively. When the slenderness ratio was in the range of 14.81-98.73, the
compression-bending stability capacity decreased significantly with the
increase of the slenderness ratio.

(5) A modified calculation formula for the ultimate capacity of compressio
n-bending columns was proposed, it can be used to expand the application sco
pe of Chinese code and American code, with high accuracy.

In the future, experimental research on median long spliced tubular
columns is recommended. Moreover, only V-shaped stiffeners are installed in
the middle of the web to improve the axial compression bearing capacity, more
composite section forms can be explored to promote the application of stainless-
steel in load-bearing members in offshore steel structures.
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ABSTRACT
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This study proposed to apply T-shaped shear connectors to join prefabricated concrete slabs with H-beams and thereby
ensure the overall working performance of building floor systems. The push-out tests on T-shaped connector specimens
with different flange and web thicknesses were conducted aiming to investigate the shear behavior of this connector. Then
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the finite element software ABAQUS was used to establish test models, and the accuracy of the established models were

verified according to the comparative experimental results to analyze the stress development process and key parameters
influencing connector shear behavior. The results showed that the T-shaped connector with high initial stiffness and shear
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capacity, and its characteristic displacement complied with the lower limit value of permissible slip specified for the

flexible shear connector in Eurocode 4, confirming its excellent ductility. The connector web thickness had the greatest
effect on shear capacity, the second was the steel yield strength, whereas the connector width had the least influence.
Finally, the recommended cross-sectional dimensions for the T-shaped connector were given, as well as the shear bearing
capacity equation for this connector was derived, which could provide theoretical basis and design suggestions for its

application in prefabricated concrete composite floor structure.
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1. Introduction

The prefabricated steel structure—composite slab system offers advantages
such as rapid constructability, controllable quality, and structural stability [1].
The prefabricated concrete floor slab of this system has been widely applied as
it provides excellent integrity, suitable crack resistance, and high stiffness while
realizing a large net interior space. As a result, prefabricated slabs have become
one of the widely used floor forms in composite steel structures [2]. However,
the bond between the prefabricated floor slab and steel beam is insufficient to
bear the longitudinal shear force generated under large load. Therefore, shear
connectors must be set between them to ensure the integrated working
performance of composite system [3].

The primary function of a shear connector is to resist the longitudinal shear
and horizontal uplifting force between the prefabricated floor slab and
supporting section steel [4]. Studs are the traditional form of shear connector
and are widely used in practical engineering applications [5-6]. However, with
the rapid development of composite structures, scholars from all over the
world have successively proposed different forms of shear connectors and
applied them to various building structures, including perforated Perfobond
Leisten (PBL) shear connector as well as truss shear connector, channel steel,
and angle steel. Notably, the angle steel connector can be provided in more
configurations, realizes more convenient construction, uses less material,
exhibits superior shear behavior compared to the channel steel connector, and
the mechanical performances of its connection can be guaranteed by fixing the
steel plate on to the flange of steel beam using a fillet weld applied by
conventional welding equipment; as a result, the angle steel connector is widely
applied in structures with high shear capacity requirements [7].

At present, numerous researchers have studied various aspects of angle
shear connectors. For example, Viest et al. [8] firstly performed the push-out
and bending tests of channel steel connectors in the 1950s, providing a valuable
reference for the subsequent research of assorted section steel connectors.
Based on the results of monotonic push-out and cyclic loading tests, Shariat et
al. [9] observed that the shear capacity of angle steel were lower than that of
channel steel, but the shorter angle connectors and longer channel connectors
exhibited superior ductility. Furthermore, Haroon et al. [10]. Arévalo etal. [11]
and Hajime et al. [12] respectively analyzed the section size, arrangement angle
steel connectors and arrangement spacing of angle connectors, and put forward
some corresponding design suggestions. Zhou et al. [13] conducted push-out
tests of angle steel and determined that the equation provided by American
Code for calculating the bearing capacity was too conservative; they proposed
an empirical equation for shear bearing capacity that is suitable for concrete
strengths greater than 20 MPa and connector thicknesses greater than 6 mm.
Notably, Cui et al. [14] conducted beam tests indicating that angle steel
connectors can replace slab reinforcement; concrete slabs welded with angle
connectors exhibited excellent overall performance with higher stiffness and
lower cost than traditional prefabricated slabs. Tang et al. [15] experimentally

and theoretically determined that the connection position of the upper flange of
steel beam and angle steel connector in a tunnel structure was prone to concrete
void formation, and this phenomenon will seriously affect the shear stiffness
and bearing capacity of the angle steel, but improved its deformation capacity.
In addition, a few scholars have studied other forms of connection. Soty et al.
[16] found that the thickness to height ratio of shear connectors and orientation
angle of L-shaped connectors would affect the final failure form and shear
resistance mechanism of L-shaped connectors, considered the effect on
material strength, connector size, and orientation angle on its shear capacity.
Wang et al. [17] analyzed the mechanical performances of angle steel, channel
steel and T-shaped PBL connectors under repeated loading, and found that the
stiffness of them decreased continuously; the PBL connector exhibited
particularly obvious shear stiffness degradation.

Unlike prior studies on angle or channel steel connectors, this study
focuses on T-shaped shear connectors, which offer advantages in ductility,
stiffness, and ease of construction, as well as provide a long welding length
and large contact area with the H-beam that result in strong shear and uplift
resistance (see Fig. 1). Various T-shaped shear connector configurations with
different web and flange thicknesses were accordingly subjected to push-out
tests to determine their failure modes, whole loading process and load—slip
curves. These results were subsequently applied to verify finite element
simulation and further analyze the influence of the component sizes of
T-shaped connector and material strength on the shear behaviors of the
connectors. Finally, the shear bearing capacity calculation formula of the
T-shaped connector was put for word according to the simulation results,
providing a reference for the application of this connector in future buildings.

Fig. 1 T-shaped shear connector
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2. Experiment materials and methods
2.1. Specimen design

According to EN 1994-1-1(EC 4) [18], the design of test specimens was
shown in Fig. 2. Each specimen comprised a 300 mm x 300 mm x 10 mm x 15
mm H-beam, 500 mm x 150 mm % 400 mm concrete slab (cast-in-place and
prefabricated), and 700 mm x 350 mm x 100 mm cast-in-place concrete base.
An end plate is welded at the loading position of H-beam to make that the
components are stressed uniformly in the loading project, and the size is 350
mm x 35 O0mm x 20 mm. In this test, the thickness of the shear connector flange
and web plate were the influencing factors, resulting in eight specimens in the
four groups detailed in Table 1.
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Fig. 2 Test specimen dimensions and structural diagram

Table 1
Parameters of tested T-shaped shear connectors

195

cast-in-place slab and base were made of C45 concrete; According to
compressive strength test of concrete cube (150mm). The average compressive
strength of C30 concrete was 30.0 MPa and its elastic modulus was 3.00x10*
MPa; the average compressive strength of C45 concrete was 45.3 MPa and its
elastic modulus was 3.35x10* MPa.

Table 2
Material properties of steel

Thickness of steel plate(mm) Type f{(MPa) fu(MPa) Ey(GPa)
6 Q235B 413.3 480.0 206
8 Q235B 425.6 483.7 204

Distribution
reinforcement

Note: f;, f, and E are the yield strength, tensile strength and elastic modulus of
steel, respectively.

2.3. Loading device and scheme

A 100t jack was selected for force loading in the test as shown in Fig. 3.
The loading scheme comprised a monotonic concentrated-load static test with
preloading and formal loading stages. This scheme was consistent with that
used in [19].

Transom

(b) Test device

(a) Schematic presentation of test setup

Fig. 3 Test setup

2.4. Measurement system

The response of each specimen to the applied load was determined by
measuring its strain and deformation. Fig. 4 (a) depicts the arrangement of the
connector strain gauges. Strain rosette T1 was located on the web of T-shaped
connector, near the weld at the flange of H-beam, rosette T2 was located in the
middle of the web, and rosettes T3—T5 were located on both sides and at the
middle of the flange. The equivalent strain values for the rosettes were
calculated from the strain values in three directions [19]. Fig. 4 (b) depicts the
displacement meter arrangement. In order to obtain the relative slip value
between H-beam and T-shaped connector as well as the vertical displacement
of H-beam relative to composite slab, two displacement meters were placed in
the middle of the H-beam, one parallel and one perpendicular to the weld
between the connector and H-beam.

Specimen H D L tw t Ly
number (mm) (mm) (mm) (mm) (mm) (mm)
TG-1 100 100 75 6 8 75
TG-2 100 100 75 6 8 75
TG-3 100 100 75 8 8 75
TG-4 100 100 75 8 8 75
TG-5 100 100 75 6 10 75
TG-6 100 100 75 6 10 75
TG-7 100 100 75 8 10 75
TG-8 100 100 75 8 10 75

Note: H, D and L are the height, width and length of the T-shaped connector,
respectively; f is the web thickness; ¢ is the flange thickness; /, is the weld length.

2.2. Material properties

Table 2 lists the material parameters of the steel components: the
T-shaped shear connectors, H-beams, and end plates were all made of Q235B
grade steel. The slab reinforcement was made of HPB300 grade steel with ¢68
threaded bars in the stressed direction and ¢6 threaded bars in the distributed
direction. The prefabricated slab was made of C30 concrete, and the
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Fig. 4 Measurement layout
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3. Experiment results
3.1. Test phenomena and failure modes

The failure modes of the specimens with different parameters were
similar, exhibiting an obvious slip between the prefabricated concrete floor
slab and H-beam. Failure occurred at the weld between the H-beam and
T-shaped shear connector, accompanied by wide cracks in the nearby concrete
slab.

The observed test phenomena are described in this section considering
TG-8 as a typical specimen. The specimen showed no obvious change in the
initial loading stage. The first crack appeared on the CR-1 plane when the load
reached 75% of the peak value (see Fig. 5(a)). The length and width of this
crack gradually extended with further increase in load, followed by the
appearance of a second crack on the C-1 plane (see Fig. 5(b)). The specimen
suddenly exhibited a large displacement when the peak load was achieved, at
which time a third crack appeared on the C-2 plane and multiple microcracks
appeared near the second and third cracks (see Fig. 5(c)). As the contact
surface between the concrete slab and H-beam was completely disconnected
at this time, the loading was stopped. The observed crack pattern of the
specimen presented local spalling of the concrete slab on plane C-2 (see Fig.
5(d)). The maximum crack widths of 1.5 and 0.9 mm on planes CR-1 and C-1,
respectively, a number of 0.12-0.35 mm wide microcracks between the
concrete slab and T-shaped connector on the C-2 surface, and a fourth crack
on the concrete base that was only 0.15 mm wide.

(a) CR-1 plane fracture

(d) The concrete block on side C-2 falls
off

(c) C-2 plane fracture

Fig. 5 Specimen failure mode

3.2. Load-slip curves

Fig. 6 shows the comparison of load-slip (P—0) curves of specimens. Each
group of specimens reached yield at 70-75% of their peak load. Different
degrees of fracture appeared between the prefabricated floor slab and H-beam
at peak load, the loading was stopped, and the slip value increased slowly with
the subsequent decrease in applied load. The characteristic slip values for the
specimens were within 15.67-30.56 mm, exceeding the lower limit for flexible
connectors in Eurocode 4 (> 6 mm) [18]. When the connector web thickness
was 6 mm, a thicker flange increased the yield and peak loads; the yield and
peak loads of TG-5 were 11.6% and 24.4% higher, respectively, than those of
TG-2. When the web thickness was 8 mm, the change of flange thickness had
little effect on its yield load, but its peak load increased by 15.4%. When the
flange thickness was 8 mm, the yield and peak loads increased by 30.6% and
21.4% with the increase of web thickness, respectively, and when it was 10 mm,
by 22.7% and 13.5%.

The ultimate shear capacity versus ductility coefficient (D.) curves shown
in Fig. 7 [20]. The D, values of each specimen were 39.2,21.8, 94.5, and 61.3.
After reaching the yield load, each P curve exhibits a long plateau, indicating
excellent ductility. Changing the flange thickness had a great effect on the D.:
when the web thickness was 6 mm and 8 mm, an increase in flange thickness
from 8§ mm to 10 mm increased the D, value by 2.4 times and 2.8 times,
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respectively. Compared with traditional bolted connectors [21], its D, values
were within 1.97-2.07, while the D, values of T-shaped shear connectors were
within 21.8-94.5, indicating that T-shaped shear connectors have better
ductility.
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3.3. Load-strain curves

Fig. 8 compares the load-strain curves of the evaluated specimens, and the
strain value was negative under compression and positive under tension. The
curves for rosettes T1 and T2 exhibit the same trends in each group, and the
strain in the connector flange of each group exhibited no obvious change during
the entire loading process, indicating that no yield phenomenon occurred within.
The connector webs were consistently in tension, and the bottom of the web
connecting with the H-beam was the first to yield. The yield strain was attained
at the center of the connector webs in specimens TG-2 and TG-5, but not at
those in specimens TG-4 and TG-8. This phenomenon indicates that an increase
in web thickness can effectively delay the yield of the shear connector, whereas
an increase in flange thickness has little influence.
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4. Finite element analysis
4.1. Model establishment and verification

The finite element analysis (FEA) software ABAQUS was used to
perform refined and expanded numerical simulations evaluating the shear
behavior of T-shaped connector specimens subjected to push-out loading.

4.1.1. Material constitutive models

For concrete, the concrete plastic damage model provided in ABAQUS
was selected for analysis. As shown in Fig. 9 (a), the inelastic stage was
defined using the stress—strain curve provided in the Code for design of
concrete structures [22]. The double-fold elastic—plastic constitutive model
was defined for the steel material [23] as shown in Fig. 9 (b).

E=0.01E,

(9 0 ey &

(a) Stress-strain curve of concrete (b) Stress-strain curve of steel

Fig. 9 Material constitutive models

4.1.2. Finite element type and component mesh division

The FEA model established in this study comprised a prefabricated
concrete slab, cast-in-place concrete slab, H-beam, T-shaped shear connector,
and steel reinforcement; the geometric size of each component was consistent
with those of the push-out specimen evaluated in Section 3. The concrete
slabs, H-beam, and T-shaped shear connector components were modeled
using the C3D8R reduced integral eight-node solid element; the reinforcement
bars were modeled using the T3D2 truss element [24]. The general mesh
division in the model was 20 mm with a refined mesh of 10 mm at locations
where the stress was concentrated, such as the T-shaped connector and the
opening of cast-in-place concrete slab, to accurately simulate the stress
development process while limiting the computational burden and facilitating
model convergence. The complete mesh is shown in Fig. 10.

4.1.3. Boundary conditions and loading methods

Binding constraint was applied between the prefabricated concrete slab
and cast-in-place concrete slab and between the H-beam and T-shaped shear
connector. Hard contact was applied between the prefabricated floor slab and
H-beam. Surface-to-surface contact was applied between the cast-in-place
concrete slab and H-beam and between the cast-in-place concrete slab and
T-shaped shear connector with penalty friction [25-26] coefficients of 0.2 and
0.4, respectively, in the tangential direction. Embedded constrain was applied
to the reinforcement. The bottoms of the cast-in-place and prefabricated
concrete slab were completely fixed, and the upper surface of H-beam was
coupled to simulate the applied displacement loading. The completed FEA
model is shown in Fig. 10.

Embedded

Bindin,
% constraints

constrainis

Displacement loading

%,

Prefabricated
concrete slab

Slab reinforcement

ES £Ee
‘ Ea — o
I Binding canstraints
—— Complete
fixation

T-shaped connector

Fig. 10 FEA model boundary conditions and mesh division

4.1.4. Model validation

The test and FEA-obtained P—J curves are compared in Fig. 11 and the
detailed results are provided in Table 3. The P—d curves obtained by the FEA
simulation were basically consistent with those determined by testing,
showing relative errors of less than 10% between peak loads, confirming the
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accuracy of the FEA modeling approach.
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Fig. 11 Comparison of test and FEA-obtained P—d curves

Table 3
Comparison of test and FEA-obtained results

Specimen Test Results Simulation results
Pus/Puy
number  p (kN)  Mean value Pus(kN)

TG-1 511.4

546.1 555.61 1.02
TG-2 580.8
TG-3 848.1

799.8 747 0.93
TG-4 751.5
TG-5 768.3

725.4 726.99 1.0
TG-6 682.5
TG-7 797.8

843.2 820.36 0.97
TG-8 888.6

Note: P, and P, are the shear bearing capacity obtained by test and numeri-
cal simulation, respectively.

4.2. Analysis of the stress development process

The numerical analysis model of specimen TG-2 is used as an example in
this discussion of the stress development process. As shown in Fig. 12, the
FEA-obtained P—o curve can be divided into three stages between points O, A,
B, and C: the elastic working stage in segment OA, elastic—plastic working
stage in segment AB, and strengthening stage in segment BC. Point O denotes
the beginning of loading, point A denotes when the T-shaped connector
reaches the yield load, point B denotes as the entire section at the bottom of
the web reaches the tensile limit (i.e., strain rosettes T1 and T2 fail), and point
C denotes when the shear connector reaches its peak load (P,;) and loading is
stopped. The stress and strain nephograms of each component at these
characteristic points are shown in Figs. 13—15.

In segment OA, the connector is within the elastic working range, and the
initial stiffness of the specimen was large. When the curve reached point A,
considerable stress was present at the weld between the H-beam and
connector (see Fig. 13(b)) and extrusion contact occurred between the side of
the web of connector close to H-beam and the cast-in-place concrete slab,
which slab experienced large local strain, while the prefabricated concrete
slab experienced almost no strain (see Fig. 13(c)). The shear connector began
to yield locally from the lower part at the position of the welding surface
between the web and H-beam (see Fig. 13(d)) when the load was 0.49 P, and
the displacement was 0.42 mm.
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Next, the specimen entered the elastic—plastic working stage in segment
AB. At point B, the stress at the weld between the bottom of the shear
connector and H-beam was close to the yield value (see Fig. 14(b)),
corresponding to the considerable compressive strain in the concrete slab at
the shear connector web, which locally exceeded the ultimate compressive
strain by 0.0033, indicating concrete slab cracking (see Fig. 14(c)).
Furthermore, the entire bottom section of the connector web reached the
ultimate tensile stress (480 MPa). At this time, obvious shear deformation
appeared at the weld joint, and the shear force was transmitted to the flange
plate from the web plate, and the stress began to occur at the connection
position between the flange and the web (Figure 14d).

Finally, the specimen entered the strengthening stage in segment BC. At
point C, the stress in the middle-lower part of the weld between T-shaped
connector and H-beam reached yield (Fig. 15(b)), and the concrete slab below
the connector web reached the ultimate compressive strain. At this time, the
concrete slab was crushed, which coincided to the observed experimental
phenomenon (Fig. 15(c)), the top of the joint between T-shaped connector
flange and web yielded locally, also the web completely reached the ultimate
tensile stress from the side near the H-beam to the middle. Eventually the
connection lost its shear capacity (see Fig. 15(d)).
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Fig. 12 TG-2 load-slip curve
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4.3. Extended parameter analysis

The influence law of different parameters on shear behavior of the
T-shaped shear connector was further investigated using 48 numerical models
with web thicknesses #, of 6-14 mm, flange thicknesses ¢ of 6-14 mm,
connector lengths L of 65-95 mm, web heights / of 42-92 mm, connector
widths D of 80-110 mm, prefabricated concrete compressive strength f;, of
30-70 MPa, cast-in-place concrete compressive strength f;, of 30-70 MPa,
and steel yield strengths f, of 235-460 MPa, as detailed in Table 4.

4.3.1. Effect of web thickness

The bearing capacity of T-shaped connector increased slightly as #, was
increased from 6 to 7 mm, then increased in an approximately linear fashion at
an average rate of 6.5% when ¢, was increased from 7 to 13 mm, and finally
decreased when #, was increased from 13 to 14 mm (see Fig. 16(a)).
Therefore, increasing the web thickness within a specified scope can
effectively enhance the shear capacity of this connector, but it should not
exceed 13 mm.

4.3.2. Effect of flange thickness

The bearing capacity of T-shaped connector continuously improved as ¢
was increased from 6 to 11 mm, then decreased at higher thicknesses (see Fig.
16(b)). The primary reason for this change was that the increase in load began
to transmit the shear force through the web to flange. Once the web
completely yielded from the bottom near the H-beam, the load could not be
effectively transmitted to the flange, causing the impact of changing ¢ on the
bearing capacity of the connector to gradually reduce. These results suggest
that the flange thickness should not exceed 11 mm.

4.3.3. Effect of connector length

The bearing capacity of T-shaped connector improved as L was increased
from 65 to 95 mm, and its most significant improvement of 10.2% occurred
with the increase in L from 85 to 95 mm (see Fig. 16(c)). The primary reason
for this result was that a longer connector increased the weld area, effectively
improving the shear capacity of the connection.

4.3.4. Effect of web height

The bearing capacity of T-shaped connector increased by 9.9% and
14.1% when h was increased from 42 to 52 mm and 62 mm, respectively,
above which further increase in / had no significant effect (see Fig. 16(d)).
Therefore, it indicates that increasing the web height in a certain range has
almost no impact on the bearing capacity, and it is recommended that the web
height need not exceed 62 mm.

4.3.5. Effect of connector width

The bearing capacity of T-shaped connector only increased by 0.2% when
D was increased from 80 to 90 mm, and improved only slightly more when it
was increased to 100 mm (see Fig. 16(e)). Therefore, the connector width has
little influence on its shear capacity, and can be set as required to satisfy the
structural design requirements, particularly regarding the required lifting
resistance.
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4.3.6. Effect of prefabricated concrete compressive strength

When f;, was between 30 MPa and 70 MPa, its shear capacity enhanced
negligibly, and only when f;, was increased from 30 to 40 MPa, its shear
capacity enhanced by 2.1% (see Fig. 16(f)). Therefore, considering the effects
on bearing capacity as well as economy, the strength of the prefabricated
concrete should be 40 MPa.

4.3.7. Effect of cast-in-place concrete compressive strength

Increasing f;, effectively improved the bearing capacity of T-shaped
connector. The improvement effect of bearing capacity gradually decreased
with increasing f;, from 30 to 60 MPa, but remained generally consistent
thereafter (see Fig. 16(g)). Therefore, the strength of the cast-in-place concrete
need not exceed 60 MPa.

4.3.8. Effect of steel yield strength

199

the web thickness, flange thickness, connector length, web height and material
strength, all significantly influence the shear behavior of T-shaped connector.
These results suggest that T-shaped connector designs should consider a web
thickness less than 13 mm, flange thickness less than 11 mm, and web height
less than 62 mm and should provide a connector width and length meeting the
structural requirements of the Specifications for hot rolled section steel [27]
and the Code for design of concrete structures [22]. Considering both
economic and structural design requirements, the proposed size selection of a
T-shaped shear connector is shown in Table 5.

Table 5
Size selection of T-shaped shear connector

Influencing parameter Selection range Optimum value

. . . tw(mm 6<ty<13 13
The shear capacity of T-shaped connector increased by varying degrees w(mm) v
with increasing f;. Each subsequent increase in f; from 235 to 275, 355, 390, #(mm) 6<i<11 10
420, and 460 MPa increased the shear capacity by 4.9%, 6.4%, 2.4%, 2.6%,
and 2.2%, respectively. (see Fig. 16(h)). Therefore, the optimal shear capacity L(mm) design requirements 75
can be realized using a connector steel strength of 355 MPa.
g g h(mm) £2<h<62 62
4.4. Design recommendations for T-shaped shear connectors D(mm) design requirements 80
The results of parameter analysis obtained in Section 4.3 demonstrate that
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Table 4
Specimen details for FEA evaluation

Numerical model

number HxDxL(mm) tw(mm) t(mm) feu(MPa) feu(MPa) Sf(MPa) h(mm) Pug(kN)
TGS-1-1 100x100x75 6 8 30 40 235 92 472.8
TGS-1-2 100x100x75 7 8 30 40 235 92 491.4
TGS-1-3 100x100x75 8 8 30 40 235 92 550.9
TGS-1-4 100x100x75 9 8 30 40 235 92 585.6
TGS-1-5 100x100x75 10 8 30 40 235 92 6222
TGS-1-6 100x100x75 11 8 30 40 235 92 659.6
TGS-1-7 100x100x75 12 8 30 40 235 92 693.1
TGS-1-8 100x100x75 13 8 30 40 235 92 725.5
TGS-1-9 100x100x75 14 8 30 40 235 92 720.5
TGS-2-1 98x100x75 6 6 30 40 355 92 473.2
TGS-2-2 99x100x75 6 7 30 40 355 92 487.2
TGS-2-3 100x100x75 6 8 30 40 355 92 527.4
TGS-2-4 101x100x75 6 9 30 40 355 92 542.1
TGS-2-5 102x100x75 6 10 30 40 355 92 554.5
TGS-2-6 103x100x75 6 11 30 40 355 92 559.4
TGS-2-7 104x100x75 6 12 30 40 355 92 558.1
TGS-2-8 105x100x75 6 13 30 40 355 92 557.5
TGS-2-9 106x100x75 6 14 30 40 355 92 556.6
TGS-3-1 100x100x65 6 8 30 40 235 92 444.4
TGS-3-3 100x100x85 6 8 30 40 235 92 493.8
TGS-3-4 100x100x95 6 8 30 40 235 92 539.1
TGS-4-1 50x100x75 6 8 30 40 235 42 408.8
TGS-4-2 60x100x75 6 8 30 40 235 52 449.4
TGS-4-3 70x100x75 6 8 30 40 235 62 466.3
TGS-4-4 80x100x75 6 8 30 40 235 72 466.4
TGS-4-5 90x100x75 6 8 30 40 235 82 468.7
TGS-5-1 100x80x75 6 8 30 40 235 92 467.3
TGS-5-2 100x90x75 6 8 30 40 235 92 468.5
TGS-5-4 100x110x75 6 8 30 40 235 92 463.5
TGS-6-2 100x100x75 6 8 40 40 235 92 482.8
TGS-6-3 100x100x75 6 8 50 40 235 92 486.5
TGS-6-4 100x100x75 6 8 60 40 235 92 489.2
TGS-6-5 100x100x75 6 8 70 40 235 92 489.6
TGS-7-1 100x100x75 6 8 30 30 235 92 452.1
TGS-7-3 100x100x75 6 8 30 50 235 92 486.2
TGS-7-4 100x100x75 6 8 30 60 235 92 500.6
TGS-7-5 100x100x75 6 8 30 70 235 92 507.6
TGS-8-2 100x100x75 6 8 30 40 275 92 495.9
TGS-8-3 100x100x75 6 8 30 40 355 92 527.4
TGS-8-4 100x100x75 6 8 30 40 390 92 540.0
TGS-8-5 100x100x75 6 8 30 40 420 92 553.9
TGS-8-6 100x100x75 6 8 30 40 460 92 566.2

Note: TGS-1-1 is regarded as a standard part, which is the same parameter as TGS-3-2, TGS-4-6, TGS-5-3, TGS-6-1, TGS-7-2 and TGS-8-1, so only one set of
data is listed.
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5. Calculation of shear bearing capacity

5.1. Calculating methods of shear bearing capacity

Nie et al. [28] analyzed the mechanical behaviors of 49 channel steel
connectors and proposed an equation:

P, =(0.6df, +(6t +0.15b) f,)L M

where d and ¢ are the web and flange thickness, b is the flange width, L is the
channel steel length, f, and f. are the steel yield strength and concrete
compressive strength, P, is the shear bearing capacity.

The Code for design of steel and concrete composite bridges [29]
provided an equation to calculate the bearing capacity of a channel steel that
considers the simultaneous shear forces on the channel web and flange as
follows:

P, =0.26(t+0.5,)L\[E.f. 2)

where ¢ and ¢, are the flange average thickness and web thickness, L is the
channel steel length, £, and E. are the concrete compressive strength and elastic
modulus.

The shear bearing capacity calculation equation given in AISC/ANSI
360-10 [30] takes into account the impact of the flange thickness of angle
steel connector on its shear strength as follows:

P,.=03(t, +0.5,)L\[E /. 3)

where #, t, and L are the average thickness flange, web thickness and angle
steel length.

Table 6
Comparison results of shear bearing capacity
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Notably, the equation given in Eurocode 4 [18] for obtaining the bearing
capacity of angle steel does not consider the interaction between the connector
and concrete, only considers the influence of the weld strength as follows:

J

Af,
N )

1.5

P, =min(Q,, = .0, =al

where 4 is the angle steel area and « is the theoretical thickness of weld.

Comparing the T-shaped connector shear bearing capacity calculated
using the national codes with the test and FEA results in Table 6, the results
obtained using Eqs. (1)—(3) are clearly too conservative, Egs. (2) and (3) do
not consider the impact of the steel strength of connector on bearing capacity.
Furthermore, the values obtained by Eq. (4) are higher than those determined
by the FEA with considerable errors and dispersions. This occurred because
the shape and size of T-shaped connector have different effects than those of
the angle steel connector on shear capacity.

5.2. Calculation formula of shear bearing capacity

The equation for the shear bearing capacity of channel steel proposed by
Nie [28] was modified by using the multiple linear regression analysis based
on the FEA results given in Section 4 to obtain the following shear bearing
capacity equation for the T-shaped connector:

P, =(0.75t,f, +(0.52¢ +0.96L) £ )h )

Table 6 compares the values calculated using Eq. (5) with those obtained
by the experiment and FEA, indication suitable agreement with an average
error less than 10% and a standard deviation of 0.23. Therefore, the
calculation formula established in this paper can be used for predicting the
shear capacity of the T-shaped shear connector.

Number Pui(kN) Mean value a 0 w U4 n

TGS-1-1 236.4 0.65 0.71 0.82 1.76 0.97
TGS-1-2 245.7 0.67 0.72 0.83 170 1.00
TGS-1-3 275.5 0.63 0.67 0.77 1.53 0.95
TGS-1-4 292.8 0.63 0.66 0.76 1.45 0.95
TGS-1-5 3111 0.63 0.64 0.74 1.37 0.95
TGS-1-6 3298 0.63 0.63 0.73 1.30 0.94
TGS-1-7 346.6 0.63 0.62 0.72 1.24 0.94
TGS-1-8 362.8 0.63 0.61 0.71 1.19 0.95
TGS-1-9 360.3 0.66 0.64 0.74 1.21 1.00
TGS-2-1 236.6 0.71 0.58 0.67 1.74 1.18
TGS-2-2 243.6 0.73 0.63 0.73 1.70 1.15
TGS-2-3 263.7 0.71 0.64 0.74 1.58 1.06
TGS-2-4 271.1 0.72 0.68 0.78 1.55 1.04
TGS-2-5 2773 0.73 0.72 0.83 1.52 1.02
TGS-2-6 279.7 0.76 0.77 0.89 1.51 1.01
TGS-2-7 279.1 0.79 0.83 0.95 1.53 1.02
TGS-2-8 278.8 0.82 0.88 1.02 1.54 1.02
TGS-2-9 2783 0.85 0.94 1.08 1.55 1.03
TGS-3-1 2222 0.60 0.66 0.76 1.64 0.96
TGS-3-3 246.9 0.71 0.78 0.90 1.89 1.00
TGS-3-4 269.6 0.72 0.79 0.92 1.92 0.98
TGS-4-1 204.4 0.75 0.83 0.95 2.04 0.51
TGS-4-2 224.7 0.68 0.75 0.87 1.85 0.58
TGS-4-3 2332 0.66 0.72 0.84 1.79 0.67
TGS-4-4 2332 0.66 0.72 0.84 1.79 0.77
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TGS-4-5 234.4 0.66 0.72 0.83 1.78 0.88
TGS-5-1 233.7 0.64 0.72 0.83 1.78 0.99
TGS-5-2 2343 0.65 0.72 0.83 1.78 0.98
TGS-5-4 231.8 0.67 0.73 0.84 1.80 0.99
TGS-6-2 241.4 0.64 0.70 0.81 1.73 0.95
TGS-6-3 243.3 0.63 0.69 0.80 1.71 0.95
TGS-6-4 244.6 0.63 0.69 0.80 1.70 0.94
TGS-6-5 244.8 0.63 0.69 0.80 1.70 0.94
TGS-7-1 226.1 0.58 0.62 0.72 1.38 0.87
TGS-7-3 243.1 0.71 0.79 0.91 2.07 1.06
TGS-7-4 250.3 0.77 0.85 0.98 2.40 1.16
TGS-7-5 253.8 0.84 0.92 1.06 2.73 1.26
TGS-8-2 248.0 0.66 0.68 0.79 1.68 1.00
TGS-8-3 263.7 0.71 0.64 0.74 1.58 1.06
TGS-8-4 270.0 0.72 0.63 0.72 1.54 1.09
TGS-8-5 271.0 0.74 0.61 0.70 1.50 1.11
TGS-8-6 283.1 0.76 0.60 0.69 1.47 1.14

AVE 0.69 0.71 0.82 1.68 0.97
STE 0.07 0.09 0.10 0.29 0.14
ol 237 273.05 0.77 0.66 0.76 1.93 1.39
TG-2 290.4
TG-3 424.1

399.9 0.63 0.49 0.57 1.33 1.11
TG-4 375.8
165 3842 362.7 0.64 0.59 0.68 1.47 0.83
TG-6 341.3
167 3989 421.6 0.67 0.54 0.63 1.27 1.03
TG-8 4443
AVE 0.67 0.57 0.66 1.50 1.09
STE 0.06 0.06 0.07 0.26 0.23

Note: z; to u are the ratio of the calculated value obtained by Eq. (1) to Eq. (5) to P, respectively; AVE is the average value, STE is the standard deviation.

6. Conclusion

This study completed eight push-out tests and established larges of
accurate numerical models on the T-shaped shear connectors in prefabricated
concrete composite floor slabs to determine the effect of different parameters
on their shear behavior, and put for word a design equation of shear bearing
capacity. The following conclusions were obtained:

1) The T-shaped shear connector had a large initial stiffness and excellent
ductility during the service stage. The characteristic slip values of the
evaluated specimens were between 15.67 and 30.56 mm, meeting the
requirements of Eurocode 4 for flexible connectors (> 6 mm).

2) The failure mode of each specimen exhibited shear failure at the
connection between T-shaped shear connector and H-beam, obvious fracture
between the H-beam and composite slab, and multiple cracks in the
prefabricated concrete slab with a maximum width of 1.5 mm.

3) The section dimension of T-shaped connector and material strength
had different degrees of impact on its shear capacity: the web thickness had
the greatest influence whereas the connector width and prefabricated concrete
compressive strength had almost no influence. On the premise of considering
shear behavior, economy and structural requirements, some suggestions on the
optimal selection of cross-section size of T-shaped connectors are given.

4) The results of extensive FEA simulations were analyzed using the
multiple linear regression method to propose a formula for the shear bearing
capacity of a T-shaped connector, which are expected to provide theoretical
basis for the application of this shear connectors in prefabricated concrete
composite floor system so as to improve the overall performance and
economy of structures.
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ABSTRACT

ARTICLE HISTORY

Previous studies have primarily focused on the performance of screw single-shear connections (SSCs) and rarely
investigated the performance and calculation methods of screw double-shear connections (DSCs). The first study examines
the effect of various parameters on the shear capacity of single-screw DSCs. The results indicate that the steel strength, steel
plate thickness, screw diameter, and connection method have significant effects on the shear capacity of thin steel screw
DSCs. Specifically, when the steel strength increases from 235 MPa to 550 MPa, the maximum increase in the shear
capacity is 81.2%. An increase in steel plate thickness from 0.8 mm to 3.0 mm results in a minimum increase of 34.6% in
shear capacity. Similarly, increasing the screw diameter from 3.5 mm to 6.3 mm leads to at least a 35.2% increase in shear
capacity. Moreover, changing from the SSC to DSC can result in a maximum increase of 95.4% in shear capacity. Next,
the shear performance of screw group DSCs is analyzed parametrically. It is found that when the steel plate thickness is 3.0
mm and the number of screws increases to 3, the failure mode transitions from a coupled bearing and shear failure to bearing
failure. Additionally, when the number of screws increases from 2 to 5, the shear capacity of screw group DSCs increases
by at least 9.6%. The effect of screw spacing on shear capacity decreases as the number of screws increases, while variations
in screw arrangement have minimal impact on shear capacity. Furthermore, increasing the steel plate thickness from 0.8
mm to 1.2 mm results in a minimum 51.1% increase in shear capacity, and increasing the thickness from 1.2 mm to 3.0 mm
leads to at least an 88.0% increase in shear capacity. Finally, the results of the parametric analyses are used to evaluate the
applicability of design equations for screw DSCs. The findings indicate that the AISC specification provides accurate
predictions for single screw DSCs, regardless of whether bearing or shear failure occurs. In contrast, for screw group DSCs,
the AISC predictions tend to be conservative when the specimen experiences coupled bearing and shear failure, and unsafe
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1. Introduction

Cold-formed steel (CFS) structures are widely used in low-rise buildings
around the world [1]. However, key challenges in the development of mid- and
high-rise CFS buildings include the low shear capacity and inadequate lateral
stiffness of combined shear walls [2]. The lateral resistance of these walls is
directly influenced by the diaphragm effect of the sheathings, and reliable screw
connections between the sheathings and light-gauge steel studs are crucial to
ensuring the diaphragm effect functions properly, thereby guaranteeing the
structural load-carrying capacity [1]. As a critical shear connection element, the
shear performance of screw connections significantly impacts the load-carrying
capacity of the entire connected system. Therefore, examining the shear
performance of screw connections is essential.

Considerable efforts and contributions have been made by numerous
scholars in investigating the shear performance of screw connections. Pekoz [3]
summarized the results of over 3500 tests on screw connections and developed
design provisions. Rogers et al. [4] found that the predicted values from
AS/NZS4600, CSA-S136, and AISI codes were unsafe when fastening two steel
plates with different thicknesses. Laboube and Sokol [5-7] revealed a significant
“screw group effect” in screw connections. Experimental research by Roy et al.
[8]and Huynh et al. [9] demonstrated that screw arrangement affects the strength
of the connection. Moreover, Huynh et al.[10] proposed a modified design
formula for screw connections. Vy et al. [11] concluded that the tilting and
bearing capacity design methodologies for screw connections in current
standards are reliable at ambient temperatures. For elevated temperature, the
shear capacity must be multiplied by a reduction factor accounting for the
temperature effect. Lu et al. [12] presented modified equations for determining
the shear capacity of screw connections at both ambient and elevated
temperatures. Chen et al. [13] experimentally examined the single-shear
behavior of screw connections between CFSs at different temperatures and
explored the influence of screw diameter, steel type, and plate thickness on shear
capacity. Guan et al. [14] developed a detailed FE model to investigate the effect
of various parameters on the shear behavior of screw connections. Chen et al.
[15] conducted experimental studies on the shear capacity and failure modes of
screw connections between steel-timber composite structures. Feng et al. [16]
concluded that the screw diameter and plate thickness greatly affect the shear
capacity of screw connections. Lu et al. [17] identified limitations in the design
equations of existing codes for predicting the shear capacity of screw groups.

Through literature research, the authors have found that screw DSCs are

primarily used in midply shear wall (MSW) structures [2, 18-25], as illustrated
in Fig. 1. In MSWs, the sheathing is placed in the center of the wall, sandwiched
between the two side studs and the upper and lower tracks. Notably, the studs in
MSWs are rotated by 90° relative to those in traditional shear walls, with screws
passing through the studs, sheathing, and studs in sequence. This change results
in a shift from single-shear to double-shear force mechanisms, significantly
enhancing the shear capacity and lateral stiffness of MSWs [18-21].
Experimental studies by Varoglu et al. [18-19] revealed that the shear capacity
and lateral stiffness of wood MSW are 2 to 3 times greater than those of
traditional wood shear walls. Zhou et al. [22] and Briére et al. [23] investigated
the seismic performance of CFS-MSWs and concluded that their shear capacity
and lateral stiffness are 2 to 4 times higher than those of traditional CFS shear
walls. Based on the theoretical design equations proposed by Yanagi et al. [26]
for determining the shear capacity of steel plate shear walls, it can be concluded
that using design equations for screw SSCs to estimate the shear capacity of
MSWs is conservative.

However, existing studies have predominantly focused on the shear
performance of screw SSCs, with limited attention given to screw DSCs. Zhou
et al. [27] conducted monotonic and cyclic loading tests on the shear
performance of nail SSCs and DSCs, demonstrating that the shear capacity and
stiffness of nail DSCs are significantly higher than those of nail SSCs. Liu [28]
performed an experimental study on single-screw DSCs for thicker steel plates
and derived corresponding design equations. However, the influence of various
parameters on the shear capacity of single-screw DSCs remains unclear. Despite
the aforementioned research efforts, there is a lack of studies addressing the
shear performance of screw group DSCs, and the existing shear capacity design
equations are applicable only to screw SSCs. Further verification is required to
assess whether these equations are suitable for predicting the shear resistance of
screw DSCs.

Based on the problems mentioned above, this study aims to adopt the
verified FE model to investigate the shear performance of both single screw and
screw group DSCs. The study explores the influence of various parameters,
including sheet strength and thickness, screw diameter, screw connection type,
number of screws, screw spacing, and screw arrangement, on the failure modes
and shear capacity of single screw and screw group DSCs. Finally, the results of
the parametric analyses are used to evaluate the applicability and feasibility of
the design formulas for single screw or screw group DSCs, as proposed by AISI
S100-2016 [29], GB 50018-2002 [30], EN 1993-1-3:2006 [31], and AISC 360-
16 [32].
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Fig. 1 Application of screw DSCs
2. Modeling and validation
2.1. FE model

The FE models of screw DSC and SSC were established based on the test
specimen geometry in the literature [28]. The dimensions of the steel plate were
220 mm x 50 mm, with sheet thickness (7) ranging from 3.0 mm to 6.0 mm. The
steel plate was made of Q235 steel, and the mechanical properties were obtained
from tensile coupon tests [28]. It is noted that the overlap length between steel
plates was 60 mm, and three different screw diameters (D) were used: 4.8 mm,
5.5 mm, and 6.3 mm. To prevent tearing failure at the ends and edges of the
plates, the screw end and edge distances were 30 mm and 25 mm, respectively.
Notably, the distance from the center of the screw hole to the end of the plate
satisfies the general code requirement of being greater than 3D.

The FE model of screw DSC and SSC is shown in Fig. 2. Due to the
complex structure of the screw, modeling and meshing become challenging.
Additionally, the intricate contact between the threads and the steel plate may
cause convergence issues in the calculation, leading to significantly higher
computational costs. To address these challenges, simplifications were made to
the screw solid model, based on the screw modeling methods outlined in the
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literature [8,33]. The simplifications include: (1) treating the screw and washer
as a single solid unit; (2) simplifying the screw head and threaded shank into a
cylinder shape; (3) neglecting any damage to the steel plate or the screw during
the drilling process; and (4) disregarding the preload force generated in the steel
plate by the screw.

Comment 3: The manuscript mentions several simplifications in the FE
model (e.g., ignoring the preload force, thread interactions, and damage to the
steel plates during drilling). While these are justified for computational
efficiency, the potential impact of these assumptions on the accuracy of results
should be discussed more explicitly.

During modeling, C3D8R elements are used for all model components. The
steel constitutive model adopts an ideal elastic-plastic model, considering
material hardening effects. The elastic modulus (£) was set at 206 GPa, the
second modulus was 0.01F, and Poisson's ratio (v) was 0.3. Since self-drilling
screws are primarily made of carbon steel, which exhibits brittle fracture when
the ultimate strength is reached, the ductile damage criterion is adopted for the
screws. The fracture strain and stress triaxiality values were referenced from the
literature [8, 34]. After repeated trial calculations and calibration, the fracture
strain and stress triaxiality values in this study were 0.762 and 0.207,
respectively. Moreover, the elastic modulus and ultimate strength of the screws
were 206 GPa and 1250 MPa, respectively [1]. Considering the stress
concentration caused by the screw threads, the stress concentration factor was
set at 1.79 [35], and the effective ultimate strength was taken as 700 MPa.
Contact pairs are defined between steel plates and between steel plates and self-
drilling screws. The contact properties include hard contact in the normal
direction and tangential behavior governed by the penalty method, with a
friction coefficient of 0.3. In the screw DSC model (see Fig. 2(a)), the right ends
of the upper and lower steel plates are fully fixed, and a displacement load was
applied in the U1 direction at the coupling point RP-1 on the left end of the
middle plate. The boundary constraints and applied loads for the screw SSC
model (see Fig. 2(b)) are identical to those for the screw DSC model. The
maximum displacement, based on the load-displacement curves derived from
the tests, was applied to the FE model. For consistency, the displacement load at
RP-1 is set to 6 mm. It should be noted that the mesh was refined at the locations
where the stresses are concentrated, and coarser mesh elements were used in
areas of lower stress. To capture the stress concentration area effectively, the
area had a side length of 30 mm, as shown in Fig. 2. To avoid convergence issues
due to complex interactions between the screws and the holes in the steel plate,
an explicit dynamic solver was employed.

Self-drilling screw Upper steel plate

‘ Loading direction
' S

Fixed ||

Middle steel plate I Lower steel plate
‘ I 60 mm i

Self-drilling screw
Loading direction

Upper steel plate  Fixed

Lower steel plate

60 mm

(b) SSC

Mesh size: 0.6 mm

Mesh size: 2.0 mm

50 mm

Mesh size: 0.4 mm

220 mm

Fig. 2 FE model

2.2. Model validation

To further validate the accuracy of the established FE model, the numerical
results were compared with the experimental results.

2.2.1. Failure modes

Experimental studies [28] have shown that the failure modes of single screw
DSCs can be classified into three types: bearing failure, coupled bearing and
shear failure, and shear failure. When bearing failure occurred in screw DSCs
(see Fig. 3(a)), the middle steel plate near the screw hole experienced significant
plastic deformation along the thickness direction, while the screw shank
produced notable bending without shearing. This failure mode exhibits clear
warning signs before the specimen fails, indicating ductile damage. When
coupled bearing and shear failure occurred in screw DSCs, self-drilling screw
shear fracture was accompanied by noticeable deformation near the hole wall of

the middle steel plate, the shear failure surface formed at the junction of the steel
plates, as depicted in Fig. 3(b). When shear failure occurred in screw DSCs, the
screw shank developed two shear failure surfaces, and these failure surfaces are
smooth. The failure surfaces occurred in the junction of the steel plates. In
addition, as demonstrated in Fig. 3(c), when shear failure occurred, the screw
head remained perpendicular to the steel plate, while the screw bottom tilted
slightly. There is no significant deformation of the screw holes, and no clear
warning signs precede the failure, indicating a brittle failure.

In addition, experimental studies have shown that the failure modes of
single-screw SSCs can be classified into two types: shear failure and screw
tilting accompanied by steel plate warping, as illustrated in Fig. 4. It is found
that there is no noticeable deformation near the screw hole before screw shear
failure, and no warning signs are evident, indicating brittle failure. When screw
tilting and steel plate warping occurred, the screw shank produced significant
plastic deformation, with the screw shank tilting in the direction of the applied
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force.

Compared to the failure modes of screw SSCs, screw DSCs exhibit a key
difference: during bearing failure, the middle steel plate near the screw holes
undergoes significant plastic deformation along the thickness direction. As
shown in the stress distribution diagram, the screw-bearing region in DSCs is
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triangular. For screw DSCs, the specimen typically experiences coupled bearing
and shear failure, the phenomenon not observed in single-screw SSCs. In the
case of shear failure, DSCs have two smooth shear failure surfaces, while SSCs
only have one.

Comparing the failure modes concluded from the tests and simulations, it is

approximately rectangular, whereas the screw-bearing region in SSCs is found that the failure modes of the two are in good agreement.

Significant
deformation of screw
hole

m Screw shearing
I» ri

(b) Combined bearing and shear failure (c) Shear failure

Plastic deformation of
screw hole

No deformation of
screw holes

Screw shearing and
tilting

(a) Bearing failure

Fig. 3 Failure modes validation for DSCs

No deformation of

screw holes

=

(a) Shear failure

(b) Screw tilting and steel plate warping

Fig. 4 Failure modes validation for SSCs
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Fig. 5 Comparison of load versus displacement curves

2.2.2. Load versus displacement curves

Fig. 5 compares the load versus displacement curves obtained from tests
and simulations. It can be observed that the load-displacement curves for screw T
DSCs or SSCs can be classified into three phases. Initially, during the loading 30
phase, the screw connections behave elastically. As loading continues, the
stiffness of screw connections gradually decreases, plastic deformation increases,

and SSCs with high accuracy.

—=a— Experiment
—=o— Simulation

and the load grows nonlinearly with the displacement, which corresponds to the E 2
plastic phase. Finally, when the shear capacity of screw DSCs reaches its peak ;
value, displacement and deformation continue to increase, but the shear capacity 'g 20
suddenly decreases, and the stiffness becomes negative, signaling the failure g
stage. These findings are generally consistent with the analyses presented in the ; 15
literature [28]. Due to the inevitable damage during specimen fabrication, the (%’

simulation results tend to be higher than the test results. Overall, the load-
displacement curves for both screw DSCs and SSCs are well simulated using
the FE method.

10

2.2.3. Shear capacity

Fig. 6 compares the shear capacity of single screw DSCs and SSCs obtained
from both tests and simulations. It is seen that the test and FE values for both
screw DSCs and SSCs are in good agreement. Statistical analysis indicates that
the average value of Pr./Pre of screw DSCs is 1.01, with a coefficient of
variation of 2.67%, and the absolute value of the error does not exceed 5%. The
average value of Prey/Prr of screw SSCs is 1.00, with a coefficient of variation
of 0.93%, and an absolute value of error does not exceed 2%. These results
demonstrate that the FE model can simulate the shear capacity of screw DSCs

Data point

Fig. 6 Comparison of test values with FE values

2.2.4. Summary

Based on the analysis in subsections 2.2.1 to 2.2.3, the results demonstrate
that the FE model accurately replicates the shear performance of screw DSCs
and SSCs, making it suitable for subsequent parametric studies.
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3. Shear capacity analysis for single screw DSCs

This section discusses the influences of steel strength, sheet thickness,
screw diameter, and screw connection types on the shear capacity of specimens,
based on validated FE models. The steel strengths considered are Q235, Q345,
Q460, and Q550, with corresponding material properties provided in Table 1.
Four different sheet thicknesses are used: 0.8 mm, 1.2 mm, 3.0 mm, and 6.0 mm.
The screw diameters considered are 3.5 mm, 4.8 mm, 5.5 mm, and 6.3 mm. The
screw connection types include single-shear and double-shear configurations.

Table 1
Material properties of steel [36-37]
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3.1. The influence of steel strength

The relationship curves of the shear resistance of screw DSCs with the
change of steel strength are plotted in Fig. 7. It is observed that for 7" not
exceeding 3.0 mm, the shear capacity of screw DSCs increases with steel
strength. This is primarily due to bearing failure being the dominant mode of
failure for smaller values of 7, where the shear capacity is mainly controlled by
the plate strength. A minimum of 7.9% increase in shear capacity is achieved
when the steel strength is increased from 235 MPa to 550 MPa. In addition, as
D increases, the influence of steel strength on the shear resistance becomes more
pronounced. The maximum increase in shear capacity from 235 MPa to 550
MPa was 81.2% when D was increased to 6.3 mm. However, when T exceeds

Steel strength Jy (MPa) Ju(MPa) £ (GPa) & b 3.0 mm, shear failure becomes more prevalent, and the shear capacity is
Q235 235 305 206 0.0011 0.0351 primarily determined by the screw strength. In this case, the effect of steel
Q345 1345 448 206 0.0017 0.0517 strength on the shear capacity of single screw DSCs is minimal, with a change

’ ' in shear capacity of less than 5%.
Q460 460 550 206 0.0022 0.0459
Q550 550 670 206 0.0027 0.0609
10
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Fig. 7 The influence of steel strength

3.2. The influence of sheet thickness

Fig. 8 gives the relationship curves of the shear capacity of single screw
DSC specimens with sheet thicknesses (7). It is found that the shear capacity
rises with the increase of 7 and eventually stays almost unchanged. Specifically,
the shear capacity of screw DSCs increases by at least 34.6% and up to 241.8%
as T grows from 0.8 mm to 3.0 mm. This increase is attributed to the larger
bearing area provided by the thicker plate, which significantly enhances the
shear capacity. However, as T exceeds 3.0 mm, the influence of further increases
in 7 on shear capacity becomes negligible. This is because, beyond this threshold,
shear failure becomes the dominant failure mode, and the shear capacity is
controlled by the screw strength. Specifically, when T increases from 3.0 mm to
6.0 mm, the maximum increment in shear capacity is only 9.8%.

3.3. The influence of screw diameter

The relationship curves between shear capacity and screw diameter (D) are
presented in Fig. 9. It is seen that the shear capacity of screw DSCs rises almost
linearly with an increase in D. From Fig. 9(a)-(b), it is noticed that when D
increases from 3.5 mm to 6.3 mm, the shear capacity increases by at least 35.2%
and 62.2%, respectively. This is due to the increased bearing area resulting from
the larger screw diameter, which in turn enhances the shear capacity. The
influence of increasing D on shear capacity is more pronounced as the steel
strength increases, as the shear capacity under bearing failure is positively
correlated with both the steel strength and bearing area. As shown in Fig. 9(c)-
(d), when T exceeds 3.0 mm, the shear capacity curves of different steel strengths
almost overlap, indicating that the influence of increasing D on shear capacity
becomes similar across different steel strengths. This is mainly because, for T
exceeding 3.0 mm, the screw shank is exposed to shear failure.
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3.4. The influence of screw connection type

To investigate the influence of screw connection type on the shear behavior,
54 specimens were prepared for comparative analysis in this subsection. The
steel strengths used were Q235, Q345, and Q420, the sheet thicknesses were 0.8
mm, 1.2 mm, and 2.0 mm, and the screw diameters included three types: 4.8 mm,
5.5 mm, and 6.3 mm. The screw connection types considered were single-shear
and double-shear configurations. Figs. 10-12 illustrate the impact of different
screw connection types on shear capacity for various parameters. These figures
show that the shear capacities of single-screw DSCs are significantly higher than
those of single-screw SSCs. In addition, Table 2 lists the FE values of shear

10
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capacity for 54 sets of specimens. It is observed that when the screw connection
type changes from single-shear to double-shear, the shear capacity increases by
at least 30.9%, with a maximum increase of 95.4%. During bearing failure, the
middle steel plate of DSCs is constrained by the upper and lower steel plates,
allowing for a more efficient utilization of the steel strength. In the case of shear
failure, DSCs have two shear surfaces, while SSCs only have one, resulting in a
significantly higher shear capacity for DSCs compared to SSCs. Notably, the
screw connection type also changes the failure mode of specimens. Specifically,
when T increases to 2.0 mm, screw SSCs experience coupled bearing and shear
failure, while screw DSCs mainly undergo bearing failure.
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Table 2
The effect of screw connection type on shear capacity and failure modes
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No. Specimen name ) Failure mode —PWDSC — Rkssc x100%
DSC SsC DSC SsC u—SSC

1 Q235-D4.8-T0.8 6.30 4.14 B B 52.2%
2 Q235-D4.8-T1.2 9.39 6.13 B B 53.2

3 Q235-D4.8-T2.0 13.76 7.04 B B+S 95.5%
4 Q235-D5.5-T0.8 6.48 4.59 B B 41.2%
5 Q235-D5.5-T1.2 10.08 7.04 B B 43.2%
6 Q235-D5.5-T2.0 16.60 8.69 B B+S 91.0%
7 Q235-D6.3-T0.8 6.65 5.08 B B 30.9%
8 Q235-D6.3-T1.2 10.68 7.38 B B 44.8%
9 Q235-D6.3-T2.0 19.71 10.69 B B+S 84.4%
10 Q345-D4.8-T0.8 8.06 5.45 B B 48.0%
11 Q345-D4.8-T1.2 11.32 7.02 B B 61.3%
12 Q345-D4.8-T2.0 14.04 7.29 B B+S 92.4%
13 Q345-D5.5-T0.8 8.68 6.06 B B 43.3%
14 Q345-D5.5-T1.2 13.17 8.66 B B 52.1%
15 Q345-D5.5-T2.0 17.34 9.17 B B+S 89.1%
16 Q345-D6.3-T0.8 9.00 6.75 B B 33.4%
17 Q345-D6.3-T1.2 13.75 9.64 B B 42.6%
18 Q345-D6.3-T2.0 21.49 11.49 B B+S 87.1%
19 Q420-D4.8-T0.8 8.44 6.14 B B 37.6%
20 Q420-D4.8-T1.2 11.51 7.07 B B 62.9%
21 Q420-D4.8-T2.0 14.00 7.35 B B+S 90.4%
22 Q420-D5.5-T0.8 9.64 6.83 B B 41.3%
23 Q420-D5.5-T1.2 14.00 9.10 B B 53.8%
24 Q420-D5.5-T1.2 17.53 9.30 B B+S 88.4%
25 Q420-D6.3-T0.8 10.39 7.70 B B 35.0%
26 Q420-D6.3-T1.2 15.80 10.70 B B 47.7%
27 Q420-D6.3-T2.0 21.56 11.67 B B+S 84.7%

Notes: “B” represents bearing failure; “S” denotes shear failure. P,.psc and P,.ssc denote the shear capacity of screw DSCs and SSCs, respectively.

4. Shear capacity analysis for screw group connections

Although Section 3 provided a parametric analysis of the shear capacity of
single-screw DSCs, in practical engineering, components are typically
connected using two or more screws. Previous research has demonstrated a
remarkable group effect on the shear capacity of screw group SSC specimens
[5-7]. To gain a deeper understanding of the shear performance of screw group
DSCs, this section discusses the effects of various parameters on shear capacity
and failure modes.

4.1. Model parameters

In this study, four parameters are considered: the number of screws, screw

spacing and arrangement, and steel plate thickness. The number of screws () is
2,3, 4, and 5. The screw spacing (s) is defined as 2D, 3D, and 4D, where D
adopts 4.8 mm. The screw arrangement is divided into two types, A and B, as
indicated in Fig. 13. The steel plate thicknesses (7) are 0.8 mm, 1.2 mm, and 3.0
mm, respectively, with Q235 steel strength. As an example, S2-A-3D-T3.0
indicates a configuration where S2 denotes 2 screws with arrangement A, 3D
represents a screw spacing of 3 times the screw diameter, and T3.0 denotes a
steel plate thickness of 3.0 mm. It is noted that when # is increased to 5 and s is
raised to 4D, the screw connection no longer satisfies the specification
requirements. Therefore, when n reaches 5, only s of 2D and 3D are considered.
In total, 42 specimens were prepared to investigate the shear performance of
screw group DSCs with different parameters.
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Fig. 13 Number and arrangement of screws

4.2. Failure modes

Based on the FE results, the failure modes of screw group DSCs can be

classified into two categories: bearing failure and coupled bearing and shear
failure. Fig. 14 exhibits typical failure modes for 14 specimens. When 7 is less
than 3.0 mm or n exceeds 2, the specimen primarily experiences bearing failure.
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When T reaches 3.0 mm and 7 is 2, the specimen mainly undergoes coupled
bearing and shear failure. As indicated in Fig. 14(a), when n = 2, the screw
arrangement is A, and 7= 0.8 mm, the specimen is primarily subjected to bearing
failure. In this case, the deformation of screw holes in the middle plate, near the
forced end, is larger than that of the screw holes farther from the forced end, and
there is no significant deformation of the screw shank. However, when the screw
arrangement is changed to B, the deformation of the two screw holes in the
middle steel plate remains almost identical, with no noticeable deformation of
the screw shank, as illustrated in Fig. 14 (b). When T increases to 3.0 mm, the
specimen undergoes coupled bearing and shear failure, as displayed in Fig. 14
(c)-(d). In this failure mode, the screw holes in the middle steel plate experience
significant plastic deformation, the screws exhibit a shear failure surface, and
the failure surface occurs at the junction of the upper and the middle steel plates.
In addition, a significant shear deformation in the screw shank is observed at the
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junction of the lower and the middle steel plates. When n exceeds 2, the
specimens primarily experience bearing failure, as shown in Fig. 14(e)-(n). In
this case, the screw holes in the middle steel plate near the forced end undergo
obvious plastic deformation, while those farther from the forced end deform less.
The screw holes in the upper and lower plates show no visible deformation. As
T increases (see Fig. 14(f), (h), (j), (1), and (n)), the screw shank produces
significant bending deformation. However, as n increases, the bending
deformation of the screw shank decreases.

It is concluded that both # and T significantly influence the failure mode of
screw group DSCs. However, when the number of screws exceeds 2, further
increases in the number of screws do not affect the failure mode. Within the
specified range of screw spacing, neither the spacing nor the arrangement has a
significant impact on the failure mode. However, it is noted that the screw
arrangement affects the degree of plastic deformation in the screw holes.

Upper steel plate  Lower steel plate Upper steel plate  Lower steel plate

Upper steel plate

e <

Upper steel plate  Lower steel plate

Lower steel plate

Upper steel plate  Lower steel plate

Middle steel plate

4]

Middle steel plate

i

Middle steel plate

R g
5

Middle steel plate Middle steel plate

=41

ki

(a) S2-A-2D-T0.8

(b) $2-B-3D-T1.2

(c) S2-A-3D-T3.0

(d) S2-B-3D-T3.0 (e) S3-A-3D-T0.8

0

o

]

.

i

() $3-A-3D-T3.0 (g) S4-A-2D-T0.8

(j) S4-B-3D-T3.0

(k) S5-A-2D-T3.0 (1) S5-A-3D-T3.0

(m) 85-B-2D-T3.0

Fig. 14 Failure mode of screw group DSCs

45— - 45
40 - 40 -
'

~35 Failure mode change —— A-3D-T0.8 ~35L Failure mode change —&— B-3D-T0.8
Z —eo—A3DTI2 | & —8—B-3D-T1.2
30F ——A3DTI0 | 530 —A—B-3D-T3.0
R3] £
8 <
S25+ o5t
o Q
S0t 520t
2 . . & . .

5 5

10— 0 ob———=

2 3 4 5 2 3 4 5

The number of screw

(a) Arrangement A

The number of screw

(b) Arrangement B

Fig. 15 Effect of n on shear capacity

4.3. Parametric analysis

4.3.1. The influence of the number of screws

Fig. 15 presents the relationship curves for the variation of shear capacity
of screw group DSCs with 7. It is observed that the shear capacity increases as
n increases. When 7'is 0.8 mm or 1.2 mm, the effect of increasing # on the shear
capacity is minimal. Specifically, when » increases from 2 to 5, the shear
capacity increases by 12.1% and 9.6% for screw arrangement A, and by 10.5%

and 10.2% for screw arrangement B, respectively. This indicates that for smaller
values of 7, the specimens primarily experience bearing failure, and the screw
strength is not fully utilized, so increasing » has a limited effect on the shear
capacity. However, when 7 increases to 3.0 mm and 7 rises from 2 to 3, the shear
capacity increases by 38.7% and 40.2% for screw arrangements A and B,
respectively. When the number of screws increases further from 3 to 5, the shear
capacity remains largely unchanged. This suggests that at 7 = 3.0 mm,
specimens connected with 2 screws experience coupled bearing and shear failure,
and the shear capacity is mainly governed by the screw strength. However, when
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n increases to 3, the failure mode changes from coupled bearing and shear failure
to bearing failure, which is mainly controlled by the strength of the steel plate.
Therefore, the increase in shear capacity is notably influenced when 7 rises from
2 to 3, but further increases in n (from 3 to 5) have little impact, as the failure
mode remains bearing failure.

4.3.2. The influence of screw spacing

Fig. 16 presents the relationship curves showing the variation in the shear
capacity of screw group DSC specimens to screw spacing. From Fig. 16(a)-(b),
it is observed that when 7 is 2 and 7'is 0.8 mm or 1.2 mm, the shear capacity of
screw group DSCs increases as s increases. Specifically, when s increases from
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2D to 4D, the shear capacity increases by up to 15.2%, with a minimum increase
of 12.1%. When T is increased to 3.0 mm, the effect of s on shear capacity
becomes negligible, with the maximum change in shear capacity being only
2.0%. From Fig. 16(c)~(d), it is seen that when 7 is increased to 4, the effect of
s on shear capacity diminishes, with the maximum amplitude change being only
7.4%. Similarly, from Fig. 16 (e)-(f), when # is raised to 5 and s is increased
from 2D to 3D, the maximum increase in shear capacity for screw group DSCs
with different plate thicknesses is 7.1%, 9.6%, and 1.5%, respectively. Overall,
it can be concluded that the effect of screw spacing on the shear capacity of
screw group DSCs decreases as the number of screws increases.
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Fig. 16 Effect of s on shear capacity

4.3.3. The influence of the screw arrangement

Table 3 presents the influence of screw arrangement on the shear capacity
and peak displacement of the screw group DSCs. It can be observed from the
table that, when s and 7 are held constant, changing the screw arrangement has

negligible impact on the shear capacity but a noticeable effect on the peak
displacement. When 7 is 2, the peak displacement in arrangement A is generally
greater than in arrangement B. However, as n increases to 4 or 5, the peak
displacement in arrangement B becomes greater than in arrangement A. This can
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be attributed to the fact that when # is 2 and the screw arrangement is B, the
displacements of the two screw holes are independent of each other, with each
screw sharing half of the external load, resulting in nearly identical
displacements for the screw holes. In contrast, when the screw arrangement is
A, the displacements between the two screw holes are interdependent. The
displacement in the screw holes near the tensile side is larger, while the
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displacement in the hole away from the tensile side is suppressed. Moreover,
when multiple screws are used for the connection, a shear lag effect occurs,
causing the screw holes near the tensile side to experience larger shear forces
and greater deformation. As a result, for n = 4 or 5, the peak displacement in
arrangement B generally exceeds that in arrangement A.

Table 3
Effect of screw arrangement on shear capacity and peak displacement
. |PB — PAl
Specimen name Pa/kN Aa/mm Ps/kN Ap/mm ———=—x100%
A
S2-2D-T0.8 9.25 6.41 9.33 4.92 0.9%
S2-3D-T0.8 10.05 6.50 10.20 6.11 1.5%
S2-4D-T0.8 10.38 7.04 10.48 6.35 1.0%
S2-2D-T1.2 14.00 5.84 13.79 6.12 1.5%
S2-3D-T1.2 15.47 6.78 15.38 6.12 0.6%
S2-4D-T1.2 15.70 6.49 15.88 6.33 1.2%
S2-2D-T3.0 30.47 2.87 30.47 237 0.0%
S2-3D-T3.0 30.81 2.30 30.47 2.04 1.1%
S2-4D-T3.0 30.99 232 29.86 2.05 3.7%
S4-2D-T0.8 10.41 4.39 10.58 5.75 1.6%
S4-3D-T0.8 11.18 5.06 10.92 5.34 2.3%
S4-4D-T0.8 10.71 4.65 11.16 5.60 4.2%
S4-2D-T1.2 15.84 5.25 16.14 6.15 1.9%
S4-3D-T1.2 16.84 5.53 16.78 543 0.4%
S4-4D-T1.2 16.61 5.30 16.91 5.84 1.8%
S4-2D-T3.0 41.74 6.33 43.62 6.89 4.5%
S4-3D-T3.0 4322 6.53 43.62 6.89 0.9%
S4-4D-T3.0 43.16 6.33 43.22 6.47 0.1%
S5-2D-T0.8 10.52 4.18 11.13 536 5.8%
S5-3D-T0.8 11.27 5.36 11.23 5.38 0.4%
S5-2D-T1.2 15.46 6.49 16.71 5.34 8.1%
S5-3D-T1.2 16.95 5.49 16.94 5.68 0.1%
S5-2D-T3.0 42.67 6.04 43.01 6.40 0.8%
S5-3D-T3.0 43.30 6.16 43.30 6.19 0.0%

4.3.4. The influence of sheet thickness

Fig. 17 displays the relationship curves between shear capacity and sheet
thickness (7). It is observed that the shear capacity increases almost linearly with
T. Specifically, the shear capacity of screw group DSCs increases by at least

Shear capacity (kN)

51.1% when T rises from 0.8 mm to 1.2 mm. When T increases from 1.2 mm to
3.0 mm, the shear capacity increases by a maximum of 176.0% and a minimum
of 88.0%. These results demonstrate that the sheet thickness has a remarkable
impact on the shear capacity of screw group DSCs.
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5. Evaluation of design formulas P =37 ,t3df and B, <2.4udf (8)

5.1. Design formulas for single screw SSCs

Currently, design formulas for predicting the shear capacity of single screw
SSCs are available in AISI S100-2016 [29], GB 50018-2002 [30], EN 1993-1-
3:2006 [31], and AISC 360-16 [32]. The specific forms of these formulas are as
follows.

5.1.1. Screw shear failure
AIST S100-2016, GB 50018-2002, and EN 1993-1-3:2006 specify the shear
capacity of single screw SSCs as shown in Eq. (1):

By = Az Fy 1)

where A4, indicates the screw cross-sectional area, F,, is the screw shear capacity,
taken as 225MPa [28].

AISC 360-16 [32] specifies that the design shear capacity of the connections
as:

By =@AnFuy ?2)
Where F,,,=0.45F, ¢=0.75.

5.1.2. Screw tilting accompanied by bearing failure

AISI S100-2016 defines the shear capacity as follows:

(1) When #,/t; < 1.0, the shear capacity of single screw SSCs takes the
minimum value of Egs. (3)~(5).

R, = 4.2\ft§’dFu2 3)

B, =2.74dF,
n 145l 4)

P, =2.7t,dF,; (%)

where d denotes the nominal screw diameter, #; and #, represent the sheet
thickness in contact with and away from the screw head, respectively, and Fy,
and F, denote the sheet strength in contact with and away from the screw head,
respectively.

(2) When 5/t; > 2.5, the shear capacity of single screw SSCs takes the
minimum value of Egs. (6)~(7).

By =2.74dFy ©)

7
B, =2.7t2dFu1 )

(3) When 1.0 < t,/t, <2.5, the shear capacity of single screw SSCs is a linear
interpolation of the two aforementioned scenarios.

GB 50018-2002 states:

(1) When #,/¢ = 1.0, the shear capacity of single screw SSCs is calculated by
Eq. (8).

where ¢ represents the thinner plate thickness, respectively, #; denotes the thicker
plate thickness; f indicates the design tensile strength of the steel plate being
connected.

(2) When t,/t > 2.5, the shear capacity of single screw SSCs is derived by
Eq. (9).

By <2.4udf ©)

(3) When 1.0 <#/t<2.5, the shear capacity of single screw SSCs is a linear
interpolation of the two aforementioned scenarios.

EN 1993-1-3:2006 provides for the shear capacity for screw SSC specimens
as determined by Eq. (10).
B, =aF,dt (10)
Where
a=32 i /d <2.1, l‘2/[1 =1.0;

a=32yf/d <21, th/t,22.5 #<1.0mm;
a=2.1, 15 /tl >2.5, Il >1.0mm;
When 1.0 < t,/t; <2.5, a is determined by linear interpolation.
AISC 360-16 specifies that the shear capacity of single screw SSCs is
calculated by Eq (11).

an
By =2.4¢pF,dt

where ¢ = 0.75, F, denotes the sheet strength.
5.2. Design formulas for screw group SSCs

The shear capacity and reduction coefficient for the screw group SSC
specimens can be derived from Eq. (12) and Eq. (13), respectively.

P=nBR, (12)

R =(0.535+ 0'467js 1.0 (13)

NG

where P; stands for the shear capacity of single screw SSCs; P represents the
shear capacity of screw group SSCs; n denotes the number of screws; Ry
represents the group effect reduction coeftficient.

5.3. Comparison of FE values with predicted results

5.3.1. Comparison of shear capacity of single screw DSCs

Since the shear capacity formulas of the current specifications are only
applicable to screw SSCs, the shear capacity of single screw DSCs can be
calculated by adapting the formulas for screw SSCs and DSCs. Specifically, the
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shear capacity of screw DSCs is obtained by multiplying the SSCs shear
capacity formulas by a coefficient n,, where n, = 2, indicating the presence of
two shear surfaces. In addition, it is noticed that when shear failure or coupled
bearing and shear failure occurs, the difference in the shear capacity between the
specimens is not significant, so the same calculation formula is applied to both
failure modes.

Table 4 provides a statistical analysis of the FE and theoretical shear
capacity of screw DSCs, where P, and P, denote the FE and theoretical values,
respectively. Table 4 shows that the design formulas of the GB, EN, and AISC
specifications tend to be conservative when specimens undergo bearing failure.
Specifically, the shear capacity of screw DSCs is underestimated by 19%, 38%,
and 13%, respectively, with the average predicted shear capacity from the AISC
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specification being closest to the FE values. In addition, as shown in Fig. 18(a),
when specimens experience bearing failure, the errors between the FE and
theoretical values can reach up to 20%. Although the Chinese, American, and
European specifications tend to be more conservative, some predicted values are
biased towards being unsafe. Overall, the AISC specification provides a better
agreement with the FE values. In cases of shear failure, the AISI, GB, and EN
specifications are excessively conservative, with the shear capacity being
underestimated by 86%. As seen in Fig. 18(b), the predicted values from the
AISC specification align well with the FE values, with errors between the two
being less than 20%. In conclusion, the AISC specification is more suitable for
evaluating the shear capacity of single screw DSCs, regardless of whether
bearing or shear failure occurs.

Table 4
Statistical characteristics on P,/P, for single screw DSCs
Pu/Py
Failure modes Number of specimens
AISI GB EN AISC
Mean 1.05 1.19 1.38 1.13
Bearing failure 47
COV/% 26.4% 26.5% 26.5% 18.5%
Mean 1.86 1.86 1.86 0.99
Shear/Coupled bearing and shear failure 16
COV% 4.8% 4.8% 4.8% 4.8%
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Fig. 18 Comparison of FE values with theoretical values for single screw DSCs

5.3.2. Comparison of shear capacity of screw group DSCs

Table 5 provides the statistical results of the FE versus predicted values of
screw group DSCs. In addition, Fig. 19 shows the comparison of FE values with
predicted values. Combined with Table 5 and Fig. 19, it is observed that when
the specimen experiences bearing failure, the predicted shear capacity is
insecure, with the average shear capacity being overestimated by 26% and the
coefficient of variation reaching 27.11%. When the specimen undergoes coupled
bearing and shear failure, the predicted shear capacity is more conservative, with
the mean capacity underestimated by 16% and the coefficient of variation
reduced to 1.16%. Therefore, the prediction equations can be employed to
evaluate the shear capacity of specimens under coupled bearing and shear failure.
However, for specimens undergoing bearing failure, the errors between most
predicted and FE values exceed 20%, indicating that the existing prediction
formulas are not suitable for assessing the shear capacity of screw group DSCs.

Table 5
Statistics on the ratio of FE values to predicted values for screw group DSCs

Number of

Failure mode . Py/Py Py/Pe
specimens
Mean 0.74 1.25
Bearing failure 36
COV/% 27.11 29.62
Coupled bearing and 6 Mean L16 /
shear failure COV% 1.16 /

60

50 F Bearing failure
z
240
E VY
< : .
> o : '
] 30 ' a
151 : :
= A Al
B2 ia
& e .- "Combined bearing and shear failure

10 |
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Fig. 19 Comparison of FE values with predicted values for screw group DSCs
5.4. Design formula modification

From the analyses in subsection 5.3.3, it is found that when the specimen
undergoes bearing failure, the calculated shear capacity of screw group DSCs
tends to be unsafe. Therefore, the existing equations for calculating the shear
capacity of screw group DSCs have been modified, as shown in Eqs. (14)-(15).
The comparison between the calculated values from the modified formula and
the FE values is presented in Fig. 20. It can be observed that when the specimen
experiences bearing failure, the calculated values from the modified formula are
conservative.

PC = an[’['Rl‘n
(14)
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R = [0.535+ 0'467J <10

V2n
(15)

where P, represents the shear capacity of single screw DSCs, and « indicates
the shear capacity modification factor. When 7= 3.0 mm and » > 2, the specimen
primarily experiences bearing failure, with the screw shank undergoing
significant shear deformation, in which case o = 0.9. For all other cases, a = 0.6.
P, denotes the modified shear capacity of screw group DSCs, where # is the
number of screws, and 2# indicates the number of screw shear surfaces. Ry, is
the modified group effect reduction factor.
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Fig. 20 Comparison of FE values and modified shear capacity of screw group DSCs
6. Conclusion

This study investigated the shear performance of screw DSCs using a
validated FE model. The effects of steel strength, sheet thickness, screw diameter,
screw connection types, number of screws, screw spacing, and screw
arrangement on the failure modes and shear capacity of screw DSCs were
discussed. Finally, the results of the parametric analyses were used to evaluate
the applicability and feasibility of existing design formulas for predicting the
shear capacity of single screw and screw group DSCs. The main conclusions are
as follows:

(1) The parametric analysis results show that the shear capacity increases with
steel strength when the sheet thickness is less than 3.0 mm. The shear
capacity initially increases with sheet thickness and eventually stabilizes.
Additionally, the shear capacity increases almost linearly with screw
diameter. Notably, the shear capacity of screw DSCs is significantly higher
than that of screw SSCs, although the relationship is not a simple twofold
correlation.

(2) The failure modes of screw group DSCs can be classified into two types:
bearing failure and coupled bearing and shear failure. Both the number of
screws and the steel plate thickness significantly influence the failure
mode of screw group DSCs. However, when the number of screws exceeds
2, further increases in the number of screws do not affect the failure mode.
Screw spacing and screw arrangement have a minimal effect on the failure
mode.

(3) The shear capacity of screw group DSCs increases with the number of
screws. When the sheet thickness reaches 3.0 mm and the number of
screws increases to 3, the failure mode changes from coupled bearing and
shear failure to bearing failure. Beyond this point, further increases in the
number of screws have minimal impact on the shear capacity. The effect
of screw spacing on the shear capacity diminishes as the number of screws
increases. While the screw arrangement has little effect on the shear
capacity, it significantly impacts the peak displacement. Additionally, the
shear capacity of screw group DSCs increases almost linearly with an
increase in plate thickness.

(4) The evaluation results show that the predictions from the AISC
specification formulas agree well with the FE values, regardless of whether
bearing or shear failure occurs in single-screw DSCs. Therefore, the AISC
specification is more suitable for evaluating the shear capacity of single-
screw DSCs. In addition, the current specifications tend to be more
conservative when evaluating the shear capacity of single-screw SSCs.

(5) When evaluating the shear capacity of screw group DSCs, it is found that
the predicted shear capacity is not conservative in cases of bearing failure.
However, the modified shear capacity for screw group DSCs is
conservative, ensuring compliance with the requirements for a biased safe
design. In cases of coupled bearing and shear failure, the predicted shear
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capacity remains on the conservative side.
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ABSTRACT

ARTICLE HISTORY

This study aims to providing in-depth insights into the local buckling mechanisms of cold-formed steel built-up box
section (CFSBBS) columns. The CFSBBS is constructed from C- and U-section components that are connected using
self-drilling screws at the flanges. The investigation encompasses both experimental and numerical analyses of buckling
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behaviors, failure characteristics, the interaction of plates, and the ultimate bearing capacity of the columns. The

dimensions of the specimens were meticulously designed to facilitate the examination of pure local buckling modes,
utilizing finite strip software CUFSM and the direct strength method. A finite element model was established to perform
parametric studies aimed at elucidating the impact of the built-up flange plates on the buckling performance of CFSBBS
columns. Three cross-sectional types were developed to assess the effect of screw spacing on the failure modes and
ultimate bearing capacities of the CFSBBS columns. The results indicate that the in-plane deformation of the C-section
flanges is partially constrained by the U-section flanges. The shape of the local buckling half-wave of the C-section may
change due to the interaction of buckling between the C- and U-section component. Nevertheless, the influence on the
ultimate bearing capacity is relatively small, within 10%. The findings of this research will serve as a foundational basis

for future investigations.

Copyright © 2025 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Local buckling represents a common challenge that differentiates
cold-formed steel (CFS) from hot-rolled steel sections. Notably, CFS members
retain their load-bearing capacity even after experiencing local buckling,
attributable to the membrane effect inherent in CFS materials. Research on
local buckling has its origins in the analysis of individual thin plates, with a
primary focus on assessing their stability performance at the point of branch
buckling. Numerous scholars have investigated the buckling modes of CFS
built-up columns [1-6]. The ultimate bearing capacity of the CFS built-up
columns was studied through experiment, numerical simulation, and theory
[7-9]. The influence of the mutual effect between the plates and components in
the CFS built-up members was not ignored [10,11]. However, few scholars
analyze this key factor from the instability mechanism.

The majority of research concerning local buckling has primarily
concentrated on individual thin plates, with analyses focusing on stability at
the bifurcation point. Timoshenko [12] conducted a comprehensive
investigation into the critical buckling load (CBL) of plates subjected to
various boundary conditions and loading scenarios. Nonetheless, it is
important to note that the plates within an actual cross-section are not
independent entities. The plates constituting compression members exert a
mutual constraint during local buckling, a phenomenon referred to as the "plate
group effect" [13]. This effect serves to restrict the initial buckling of certain
plates, ultimately leading to simultaneous buckling across all plates. To
account for this interaction, a theoretical formula was proposed for calculating
the local CBL of compressed members, incorporating the "plate group effect"
[14]. Szymczak and Kujawa [14] further explored the theoretical aspects of the
local CBL in simply supported channel steel, emphasizing the significance of
the "plate group effect" [15,16]. CFS built-up box-section columns, which are
comprised of multiple plates, also experience this mutual constraint, thereby
influencing their buckling modes and ultimate strength. The buckling modes
and the ultimate strength of CFS built-up columns will be affected by this
factor. Consequently, it is imperative to consider the stability of the individual
panels when designing such columns. However, there exists a paucity of
research addressing the "plate group effect" specifically in the context of CFS
built-up columns.

Several studies have examined the behavior of CFS built-up columns,
primarily emphasizing the effects of geometric dimensions, screw spacing,
screw arrangement, and cross-sectional types on the load-bearing capacity of
these columns [17-20]. Fratamico [21] conducted experimental investigations
into the buckling and failure behavior of composite columns, quantifying the
ultimate strength, built-up actions, buckling interactions, and collapse
behaviors of CFS built-up members. Kherbouche [5] performed both

experimental and numerical analyses to assess the ultimate strength,
deformation patterns, and lateral displacements of CFS closed-section columns,
while also evaluating the impact of the thickness of the built-up components on
bearing capacity and proposing a calculation method based on the direct
strength approach. Chen [22] explored CFS back-to-back built-up columns
with varying cross-sectional types, analyzing how the form of stiffening and
the dimensions of web openings affect the bearing capacity of the CFS built-up
columns. The majority of research concerning screw spacing has concentrated
on the bearing capacity and failure modes of CFS built-up members [19-23].
Comprehensive investigations into the influence of screw spacing on the
interaction between assembled plates are limited. Existing research indicates
that the assembly effect does not enhance the ultimate capacity of CFS built-up
box sections or built-up I-section members that are subjected to local buckling.
Members characterized by partially built-up sections are prone to distortional
buckling in the open component and local buckling in the closed component.
Consequently, the relationship between various buckling modes and the
ultimate capacity of built-up members is intricate [24-28]. Most studies yield
only qualitative findings, which lack consistency. Both experimental and
theoretical analyses have been performed to assess the mechanical
performance and load-bearing capacity of CFS columns across different
built-up configurations [29-33]. Lu [34] conducted a theoretical examination of
the bearing capacity of CFS C-section columns subjected to local buckling and
subsequently proposed a method for calculating this capacity. However, a
systematic approach to adequately account for the "plate group effect" within
the effective width method (EWM) remains unresolved.

This study presents an experimental and numerical investigation into the
local buckling mechanisms and ultimate load-bearing capacity of CFSBBS
columns. The research examines the effects of various factors on the buckling
mode and overall bearing capacity of the built-up columns. A precise finite
element model was developed and validated against experimental data to
facilitate subsequent finite element parameter analyses. The findings of this
research offer valuable insights for the design of cross-sectional dimensions of
CFSBBS columns and establish a foundational basis for future investigations.

2. Experiment
2.1. Material properties

The experimental specimen utilized in this study was composed of the
CFS galvanized steel plate, specifically of steel grade S280, sourced from the
web of a CFS column from the same production batch, with a thickness of 1.2
mm. All tensile testing of the steel was performed based on the standard
(GB/T228.1-2010) for tensile testing of materials. The apparatus employed for
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material property testing is illustrated in Fig. 1. The experimental setup
incorporates a displacement-controlled loading system, operating at a loading
rate of 1.5 mm/min. The testing machine autonomously manages the loading
procedure and systematically records pertinent data throughout the duration of
the test. A strain gauge, as depicted in Fig. 1(a), is affixed to both the front and

(a) Tensile testing device
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back sides of the specimen at the midpoint of the original gauge length. Data
collection is facilitated by the DH3820 high-speed static strain testing and
analysis system. The outcomes of the material properties assessment are listed

in Table 1.
T1.2-3 [

(b) Testing specimen

Ti.2-1] T1.2-2

Fig. 1 Material properties test

Table 1
Results of the material properties test

Yield stress(N/mm?)

Ultimate stress(N/mm?)

Elastic modulus(10°N/mm?) Elongation(%)

Specimens
Jy Mean fu Mean E Mean 0 Mean
T1.2-1 295.53 344.53 1.959 45
T1.2-2 293.28 292.95 348.02 345.53 1.915 1.939 44 45.33
T1.2-3 290.04 344.05 1.943 47

2.2. Experimental specimens

2.2.1. Section design of specimens

Three distinct types of cross-sectional members were subjected to testing,
specifically C-section, U-section, and built-up box-section, as illustrated in Fig.
2(a). The local CBL (P.) and the distortional CBL (P.p) for each specimen
were calculated utilizing the CUFSM software [35], ensuring that the columns
experienced buckling and failure in a purely local mode. The dimensions of the
cross-section must satisfy the conditions P <0.5P.p and Py <Pup, Where Py

I y
b
[ h — Ry ‘ = ’m:i:'"'""
;Itl'
x x
= o - - | 4 P,

ol ] o

Built-up section

C-section U-section

(a) Section type of test specimens

represents the ultimate capacity of local buckling determined through the DSM
[36]. To further confirm that the designed specimens would undergo pure local
buckling, finite element analysis was conducted using ABAQUS software. The
nomenclature for the specimens is detailed in Fig. 2(b). For example, in
B120-45-Al, The letter B represents built-up; the number 120 indicates the
height of the web; the second number 45 refers to the screw spacing; the letter
A represents axial compression; the last number 1 represents the number of
repeated specimens.

BD—D—AF

—®Repeat number
= Screw spacing

= Width of web

(b) Naming of test pieces

Fig. 2 Overview of test piece

The CFSBBS column was assembled using ST4.8 self-drilling screws,
which were strategically positioned at the center of the flanges. The
half-wavelength of the specimen obtained by the software CUFSM was used
as the design basis for the length of specimens and the screw spacing.
According to the height of the web, two types specimens of 120 series and 140
series were studied in this paper. The local buckling half-wavelengths of 120
series and 140 series specimens obtained from CUFSM were 89.9mm and
104.2mm, respectively. The specimen is subjected to fixed-end boundary
conditions at both extremities. The specimen's length was approximately three
times greater than the height of the web as advised by the Structural Stability

Research Council (SSRC) [37]. Consequently, the lengths of the test
specimens are 360 mm and 420 mm, respectively. Furthermore, the
arrangement of the screws was established based on the buckling
half-wavelengths, which include measurements of 45 mm, 90 mm, 150 mm, as
well as 50 mm, 100 mm, and 150 mm, respectively, as illustrated in Fig. 3.

In Fig. 2(a), the variables 4, b, and d denote the height of web, the width
of flange, and the length of lip, respectively. The variable ¢ signifies the
thickness of the plate, while R indicates the outer radius of the bending angle.
The actual cross-sectional dimensions of all specimens, as detailed in Table 2,
have been measured to accurately reflect the real conditions.
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(a) B120 series column (L=360mm) (b) B140 series column (L=420mm)
Fig. 3 Layout of self-drilling screw spacing (unit: mm)
Table 2
Measured dimensions of the CFS built-up box-section column (unit: mm)
Specimens Part L h b b2 di da t R PJ/kN Pre/kN Pre/Py
a 113.0 45.5 46.0 12.5 15.0 1.16 4.0
B120-45-A1 361 92.05 100.93 1.096
b 117.0 49.0 48.0 \ \ 1.17 3.5
a 114.5 46.0 45.0 13.0 16.5 1.17 3.8
B120-45-A2 364 91.04 97.70 1.073
b 116.0 47.5 50.0 \ \ 1.16 3.5
a 116.5 47.0 46.0 12.0 13.5 1.16 2.8
B120-45-A3 365 86.93 94.95 1.092
b 118.0 49.0 47.0 \ \ 1.14 3.0
a 115.0 45.0 47.0 11.5 12.5 1.18 3.5
B120-90-A1 350 92.02 100.25 1.089
b 116.0 48.0 51.0 \ \ 1.17 3.5
a 115.0 46.5 44.5 12.5 14.0 1.16 3.5
B120-90-A2 360 89.85 98.24 1.093
b 118.0 50.0 47.0 \ \ 1.16 3.0
a 115.0 47.5 46.5 13.5 12.0 1.18 4.0
B120-90-A3 365 94.84 100.10 1.055
b 118.0 46.5 50.0 \ \ 1.17 2.8
a 115.5 45.5 45.0 13.0 12.5 1.16 3.8
B120-150-A1 362 97.18 99.35 1.022
b 118.0 47.5 50.5 \ \ 1.14 3.5
a 115.5 46.0 46.0 16.5 13.0 1.14 33
B120-150-A2 363 86.61 95.29 1.100
b 118.0 47.5 49.0 \ \ 1.16 3.0
a 114.5 46.0 46.5 14.5 12.5 1.17 33
B120-150-A3 362 89.03 97.37 1.094
b 113.0 45.5 46.0 12.5 15.0 1.16 4.0
a 136.5 45.0 46.0 21.0 17.5 1.17 2.8
B140-50-A1 420 95.63 98.85 1.034
b 137.0 47.0 47.0 / / 1.16 4.0
a 138.0 46.5 47.0 21.0 17.0 1.17 3.8
B140-50-A2 421 93.74 98.70 1.053
b 139.0 45.5 47.0 / / 1.16 3.5
a 135.0 47.0 45.5 20.5 17.5 1.17 3.0
B140-50-A3 422 86.61 88.66 1.024
b 138.0 46.5 47.0 / / 1.14 3.5
a 135.0 45.5 45.5 16.5 20.0 1.15 3.5
B140-100-A1 421 88.28 95.47 1.081
b 136.0 46.5 48.0 / / 1.16 4.5
a 135.0 41.0 46.5 21.0 17.0 1.21 3.5
B140-100-A2 420 93.09 102.26 1.099
b 138.0 46.5 47.0 / / 1.18 3.5
a 135.0 445 45.0 17.0 20.0 1.17 3.8
B140-100-A3 420 95.77 104.84 1.095
b 137.5 47.5 47.5 / / 1.15 3.8
a 136.0 44.0 45.0 21.5 16.5 1.17 3.0
B140-150-A1 420 91.98 98.74 1.073
b 137.0 45.5 50.0 / / 1.16 4.0
a 134.5 45.0 44.5 17.0 18.5 1.15 3.5
B140-150-A2 415 95.82 101.17 1.056
b 138.0 45.0 47.0 / / 1.15 3.8
a 135.0 45.5 46.0 17.0 20.5 1.17 3.5
B140-150-A3 420 103.40 105.61 1.021
b 137.5 47.5 46.0 / / 1.17 3.8
Mean 1.069
SD 0.028
2.2.2. Initial geometrical imperfection influenced by initial geometric imperfections. Consequently, it is essential to

The buckling mode and load-bearing capacity of CFS members are assess the initial geometric imperfections of the specimen prior to applying any
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load. The procedure commenced with the placement of the specimen on a
measuring platform, followed by the positioning of a rigid rod on a designated
plate. A measurement was then obtained using a dial gauge (refer to Fig. 4(a)),
after which the rigid rod was removed to facilitate the measurement of an
additional value. The dial gauge utilized has a measurement range of 50 mm
and an accuracy of 0.01 mm. The difference between the two recorded values
represents the unflatness of the plate. The symbols denoting the measured

/ﬂ) Dial gauge

e
" ~

Rigid rod

L7 I L

(a) Initial imperfection device
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locations and imperfection parameters are depicted in Fig. 4(b). The results of
the measurements are presented in Table 3. dy,11/%, dw,12/t, OrLi/t, 012/t Tepresent
the ratio of local initial imperfection to the thickness of the specimen. The
maximum values of dy.1/t, dw12/t, drri/t, drra/t are 0.417, 0.500, 0.500, 0.333,
respectively, as shown in Table 3. The data indicate that the initial geometric
imperfections for these specimens are minimal, thereby satisfying the quality
standards for steel structure construction.

w,L2

(b) Imperfection parameter symbols

Fig. 4 Initial imperfection measurement

Table 3
Initial imperfection of the CFS built-up box-section column

Bending/mm (Concavet, convex-)

Specimens t/mm Web of ] Right OwLi/t OwL2/t SeLi/t OrLalt
C-section(d1) Web of U-section(dy,12) Left flange(dgL1) flange(dr12)

B120-45-Al 1.2 0.5 0.4 0.2 0.3 0.417 0.333 0.167 0.250
B120-45-A2 1.2 0.3 0.6 0.2 0.2 0.250 0.500 0.167 0.167
B120-45-A3 1.2 0.2 0.3 0.1 0.3 0.167 0.250 0.083 0.250
B120-90-A1 1.2 0.2 0.3 0 0.3 0.167 0.250 0.000 0.250
B120-90-A2 1.2 -0.1 -0.6 -0.4 -0.3 -0.083 -0.500 -0.333 -0.250
B120-90-A3 1.2 0.3 0.4 0.5 0.2 0.250 0.333 0.417 0.167
B120-150-A1 1.2 0.5 0.3 0.3 0.3 0.417 0.250 0.250 0.250
B120-150-A2 1.2 0.5 0.4 0.6 0.3 0.417 0.333 0.500 0.250
B120-150-A3 1.2 0.5 0.4 0.2 0.3 0.417 0.333 0.167 0.250
B140-50-A1 1.2 0.3 0.4 0.5 0.3 0.250 0.333 0.417 0.250
B140-50-A2 1.2 0.4 0.2 0.2 0.4 0.333 0.167 0.167 0.333
B140-50-A3 1.2 0.2 0.5 0.2 0.4 0.167 0.417 0.167 0.333
B140-100-A1 1.2 0.3 0.5 0.2 0.3 0.250 0.417 0.167 0.250
B140-100-A2 1.2 0.5 0.4 0.3 0.4 0.417 0.333 0.250 0.333
B140-100-A3 1.2 0.3 0.5 0.6 0.3 0.250 0.417 0.500 0.250
B140-150-A1 1.2 0.3 0.6 0.6 0.3 0.250 0.500 0.500 0.250
B120-90-A3 1.2 0.3 0.4 0.5 0.2 0.250 0.333 0.417 0.167
B120-150-A1 1.2 0.5 0.3 0.3 0.3 0.417 0.250 0.250 0.250
B120-150-A2 1.2 0.5 0.4 0.6 0.3 0.417 0.333 0.500 0.250
B120-150-A3 1.2 0.5 0.4 0.2 0.3 0.417 0.333 0.167 0.250
B140-50-A1 1.2 0.3 0.4 0.5 0.3 0.250 0.333 0.417 0.250
B140-50-A2 1.2 0.4 0.2 0.2 0.4 0.333 0.167 0.167 0.333
B140-50-A3 1.2 0.2 0.5 0.2 0.4 0.167 0.417 0.167 0.333
B140-100-A1 1.2 0.3 0.5 0.3 0.3 0.250 0.417 0.250 0.250
B140-100-A2 1.2 0.4 0.4 0.3 0.4 0.333 0.333 0.250 0.333
B140-100-A3 1.2 0.3 0.5 0.6 0.3 0.250 0.417 0.500 0.250
B140-150-A1 1.2 0.3 0.6 0.6 0.3 0.250 0.500 0.500 0.250
B140-150-A2 1.2 0.3 0.3 0.4 0.1 0.250 0.250 0.333 0.083
B140-150-A3 1.2 0.2 0.3 0.2 0.2 0.167 0.250 0.167 0.167
MAX 0.417 0.500 0.500 0.333
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2.3. Loading preparation

The specimen undergoes axial compressive loading via a testing apparatus,
as illustrated in Fig. 5. The CFSBBS column was constructed with an end plate
measuring 360 mm X 280 mm X 16 mm, which was secured using fillet welds.
Subsequently, the assembly was positioned on the apparatus depicted in Fig. 5
to establish the boundary conditions necessary for a fixed joint at both ends of
the column.

In this study, strain gauges and Linear Variable Differential Transformers
(LVDTs) were strategically positioned on all test specimens to facilitate precise
measurements of strain and displacement variations during the loading process.
Furthermore, strain gauges were installed at corresponding locations both
internally and externally at the same cross-sectional position to assess the CBL

{
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e

Fig. 5 Test loading device

2.4. Experimental results and discussion

2.4.1. Buckling behaviors of test members

Figs 7~8 show the buckling behaviors of B120 and B140 series built-up
columns. The local buckling occurred first in Figs 7~8(Buckling) as the
compression load increased, regardless of the specimen section types. As the
idea of designing the specimen, there are three local buckling half waves in the
experimental phenomenon. It can be observed that the specimens with screw
spacing of 45 mm and 50 mm appear convex-concave-convex waves from the
top to the bottom of the column. While the phenomena of the
concave-convex-concave waves appear on the specimens with 90 mm, 100
mm, and 150 mm screw spacing.

As can be seen in Figs 7~8(Buckling), the U-section part buckled locally
with the flange outwards, while the corresponding C-section part buckled
locally with peaks and valleys from top to bottom on its web. It should be
pointed out that the inward deformation of the U-section part can not be
overserved for all the investigated members. The reason for such a
phenomenon can be ascribed to the built-up interaction effect, i.e., the existing

9

\

A

' 4

Buck}fngr

(a) B120-45

i 58

Arrangement of strain gauges

(b) B120-90
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of the specimens, as depicted in Fig. 6. Specifically, strain gauges were placed
at one-quarter, mid-point, and three-quarters along the length of the column to
effectively capture the peaks and troughs of the buckling wave. Initially, a
vertical alignment instrument was employed to ensure geometric alignment of
the specimen post-installation. Following this, a preload of 1 kN was applied to
monitor strain value changes at the symmetrical measurement points of the
specimen, thereby achieving physical alignment. Upon completion of both
geometric and physical alignment, formal loading commenced, with an initial
loading amplitude set at 5% of the estimated ultimate load for each loading
increment. Once 80% of the estimated ultimate load was attained, the loading
amplitude for subsequent increments was adjusted to 2% of the estimated
ultimate load.

!L Test machine
Z D1
Endplate
(Upper)
14
1 1
la Built-up column 25
2 2 '
14
D2 D4
o o
3 3
JIZ! )
Endplate % D3
< (Bottom) 2.9
& \ N Arrangement of LVDT
Y transducers

Fig. 6 Arrangement of strain gauges and LVDT transducers

C-section part constrains the corresponding U-section part’s flange inwards
deformation while its flange can deform outwards freely. Additionally, for the
specimens whose failure positions are close to the end plate, it is mainly
caused by artificial welding errors or initial defects, but the load-bearing
capacity of the three specimens is basically the same.

Nonetheless, given that the constructed members exhibit a consistent
reserve of strength following local buckling, the column remains capable of
supporting the additional compressive load. As the load continues to escalate,
the out-of-plane deformation resulting from local buckling becomes markedly
pronounced, as illustrated in Fig. 7~8(Peak). Ultimately, it was observed that
columns failed in the local buckling mode Figs. 7~8(Failure). Similarly with
the buckling occurring stage in Figs 7~8(Buckling), all the investigated
members in the failed stage with their web buckled inwards and flange buckled
outwards, 1i.e., the built-up interaction effect also exists in the
post-local-buckling bearing stage. As a result, the existence of a built-up
interaction effect makes the local buckling deformation mechanism of such
built-up members different from that of the single limb member.

(c) B120-150

Fig. 7 Buckling mode and failure characteristic of B120 series specimens
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(a) B140-50

(b) B140-100

(c) B140-150

Fig. 8 Buckling mode and failure characteristic of B140 specimens

2.4.2. lateral deflection

The lateral deflection of the specimen provides a more precise
representation of the specimen's buckling throughout the loading process. The
lateral deflection & load-bearing capacity curves of the webs and flanges were
illustrated in Fig. 9. The displacement gauges D3 and DS, positioned on the
flanges of specimens B120-45-A1 and B120-90-Al, yield positive values,
while gauge D2 on the web of the U-section and gauge D4 on the web of the
C-section produce negative values. This indicates that the flanges of the
U-section at the mid-span location are experiencing outward buckling, whereas
the webs are undergoing inward buckling, which aligns with the observed
experimental phenomena. Conversely, for specimens C4-L120-150-A1 and

C4-L140-150-Al, the displacement gauges D3 and D5 register negative values,
while D2 and D4 yield positive values. This suggests that the flanges of the
U-section at the mid-span location are buckling inward, while the webs are
buckling outward, a pattern that is similarly observed in the C-section. This
behavior is consistent with the experimental findings. Notably, for specimen
B140-50-Al, the flanges exhibit outward buckling during the initial buckling
phase; however, upon reaching the load-bearing capacity, the flanges
ultimately attempt to buckle inward. This behavior may be attributed to the
post-buckling strength inherent in the specimen, which contributes to
re-stability. Fig. 9(e) indicates that the displacement recorded by gauge D3 is 0,
which may be attributed to a failure of the displacement gauge D3.
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Fig. 9 Load-deflection curve of the built-up columns

2.4.3. Buckling pattern

The possible local buckling modes of CFS built-up box section columns
under axial pressure can be predicted from the experimental phenomena.
Generally, webs and flanges buckle inward and buckle outward for single-limb
members (see Fig.10(a)-10(b)). The two flanges must be symmetrically
outward to ensure the 90-degree angle comer if the web buckles inward, as
presented in Fig.10(a) and Fig.10(b). However, such local buckling phenomena
will not be uniform for CFS built-up specimens, especially for CFS built-up
columns with different screw spacing. The possible local buckling modes of
the CFSBBS columns by the experimental investigation are presented in
Fig.10(c-f). (i) Two types of local buckling modes in the flanges between the
screws are defined: (1) web buckling outward and the flanges will buckle
inward (see Fig.10(c)); (2) web buckling inward and the flanges will buckle
outward (see Fig.10(d)). It is worth noting that the deformation of the built-up
flanges is coordinated buckling (the degree and direction of the out-of-plane
deflection of the two single plates are basically the same) whether it is buckling
inward or buckling outward. The results indicate that the C-section has a
coordinated and supportive effect on the deformation of the U-section. (ii)
Fig.10(e) presents the buckling modes of the built-up section close to the screw
position. The two flanges of the C-section buckle outward and the web tries to

buckle inward. The two flanges of the U-section buckle outward and the web is
slightly buckling inward, due to the coordination effects. It is worth
mentioning that the two flanges are attached together that the distance from the
screw to the intersection line between the flange and the web of the U-section
(see Fig.10(e)). It indicates that the constraint effect of screws. (iii) The local
buckling modes of the built-up section away from the screw position are
shown in Fig.10(f). The two flanges of the C-section buckle inward and the
web try to buckle inward. The two flanges of the U-section buckle inward and
the web is slightly buckling outward, due to the coordination effects. (iv)
Someone may feel that the C-section and U-section flanges in the CFS built-up
box section will be tightly bonded together at the screw position. However, the
experimental phenomena show that this is not the case ( see Fig.10(g) ). There
is only one type of local buckling mode for the two flanges of the C-section,
that is, webs buckling inward and flanges try to buckle outward. This is due to
the effect of the screw thread on its drawing, so that the buckling modes of
webs buckling outward and flanges buckling inward cannot appear. It should
be noted that the test showed that the screw would tilt, but it was not pulled out
and cut. This also shows that the shear slip occurs in the built-up flange plates.
From the mechanical point of view, the axial pressure will produce a lateral
force when the column is buckling. Due to the screw tilting, it is impossible to
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effectively resist this part of the new lateral force, which makes the local force
of the member nonuniform, and may produce stress concentration in some
parts. It accelerates the material to enter the yield stage and reduces the
load-bearing capacity of the column.

It can be seen that the buckling mode of the U-section is affected and

(a) Local buckling
pattern in C-section

(d) Cross-section view
of local buckling where

there is no fasteners there is no fasteners

(b) Local buckling
pattern in U-section

I

(e) Cross-section view  (f) Cross-section view of (g) Cross-section view of
of local buckling where local buckling where
there is close to fasteners is away from fasteners
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determined by that of the C-section. The mechanism of local buckling
instability of the CFSBBS column is revealed, which further shows that the
cooperative working performance of the built-up members is better and is
conducive to the stability of the structure.

T/

(c) Local buckling pattern
of CFSBBS columns

\

——

(h) Cross-section view of
local buckling where there local buckling at fasteners
connection locations

Fig. 10 Possible local buckling failure modes in CFSBBS columns
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Fig. 11 Bearing capacity distribution of B120 and B140 members

2.4.4. Ultimate bearing capacity

The test results pertaining to the load-bearing capacity of the CFSBBS
columns are presented in Table 2 and Fig. 11. The following key conclusions
can be drawn from the analysis:

(1) The CBL and load-bearing capacity of CFSBBS are influenced by the
spacing of the screws. Specifically, an increase in screw spacing correlates
with a decrease in ultimate bearing capacity, suggesting that the effectiveness
of the built-up section diminishes as screw spacing increases.

(2) For B120 series specimens, the variation in ultimate capacity due to
different screw spacings ranges from 3% to 8%. Conversely, for the B140
series specimens, this variation is observed to be between 3% and 13%.

(3) The load-bearing capacity of specimens with a web height of 140
exceeds that of those with a web height of 120. Additionally, the B120 series
specimens exhibit a greater sensitivity to changes in the screw spacing

compared to the B140 series specimens.
3. Numerical simulation

The finite element (FE) software ABAQUS [38] was used to develop the
linear and nonlinear numerical models of the CFSBBS columns, as illustrated
in Fig.12. The geometric dimensions, initial imperfection, and material
properties of FE models were all based on experimental data. The critical
buckling load, elastic buckling state, failure characteristics, and the
relationship between ultimate bearing capacity and axial displacement of the
test specimens are obtained. The verified FE model also lays the foundation for
the subsequent analysis of a large number of parameters.

3.1. Element and mesh

The finite element (FE) model utilized the S4R shell element,
characterized as a four-node linear reduced integration element. Each node
within this element possesses six degrees of freedom, encompassing
translations along the x, y, and z axes, as well as rotations about these axes, as
illustrated in Fig.12. For the modeling of the self-drilling screw ST4.8, an
8-node hexahedral linear reduced integration solid element, designated as
C3DS8R, was employed.

The mesh division of the FE model has two objectives: creating a
sufficiently fine mesh to simulate the basic features of the deformation, and
minimizing the number of elements to reduce the computational time. It is
worth mentioning that the flange section of the built-up column is a perforated
section with a hole in the middle, as provided in Fig.12. Therefore, the built-up
flange section was divided into several regions. The 'Free Grid' command was
applied to the screw area for fine meshing. A fine mesh was created near the
screw hole to interpret the stress concentration. The maximum size of the shell
element was 5 mmx5 mm. The mesh size of the self-drilling screw was about
0.68 mmx0.68 mm.
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Constraint Load
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Fig. 12 Finite element model

3.2. Material properties

The material properties of the FE models were entirely derived from the
experimental results. It is important to note that there exists a discrepancy
between the engineering stress-strain curve obtained from the tensile testing of
the material and the actual stress-strain behavior of the material. Consequently,
the measured engineering stress (o) and strain (¢) curve was converted into the
true stress ( O =0(1+&)) and strain ( g, =In(l+s)-o,,./ E)
curve of the steel in accordance with the specifications of ABAQUS software.
The true stress-strain curve for the CFS, as obtained through this conversion, is

illustrated in Fig. 13.
3.3. Initial imperfections

CFS inevitably has certain imperfections in processing and manufacturing
as other types of metal materials. These imperfections mainly include
geometric imperfections and material imperfections of members. Schafer [39]
proposed several modeling methods when accurate data of geometric
imperfection distribution cannot be obtained. The initial imperfections may be
integrated into the numerical model through the superposition of various
buckling modes, with their magnitudes regulated via Fourier transformation.
Schafer [39] proposed the application of a maximum deviation, roughly
equivalent to the thickness of the plate, as a straightforward heuristic. In the
present study, the initial eigenvalue buckling analysis of the ideal member was
conducted utilizing ABAQUS software to investigate the potential buckling
modes. The initial eigenvalue buckling mode shape was appropriately scaled
and subsequently incorporated into the ideal geometry, ensuring that the
maximum imperfection remained below the section thickness. This approach
effectively integrated the initial imperfections into the FE model. Following
this, a geometric nonlinear load-displacement analysis was conducted on the
member exhibiting imperfections to ascertain its failure characteristics and
load-bearing capacity.

3.4. Boundary conditions, contact, and loading

(a) B4-L120-45

(b) B4-L120-90
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Fig. 13 Stress vs strain curve of the CFS

The end of the specimen was connected with the steel end-plate of the
analytical rigid body through a “Tie”, as shown in Fig.12. The reference points
RP1 and RP2 were established on the end-plate along the axial direction at
each extremity of the column. The boundary conditions of fixed connections at
both ends are achieved by regulating the degrees of freedom of the reference
points RP1 and RP2, as illustrated in Fig.12. The six degrees of freedom
associated with RP2, comprising three translational and three rotational
degrees of freedom, were restricted. In contrast, five degrees of freedom for
RP1 were constrained, with the exception of the directional freedom (Uz)
along the length of the column, as illustrated in Fig. 12.

The interface between the screw and the screw hole is characterized by
surface-to-surface  contact, as illustrated in Fig.12. Furthermore,
surface-to-surface contact was also established between the upper and lower
flanges to prevent interpenetration of the contact surfaces of the two flanges, as
depicted in Fig.12. Research findings presented in reference [40] suggest that
the tangential friction force has a negligible effect on the assembled flanges;
consequently, this frictional influence was disregarded in the contact settings.
The FE analysis was conducted in two phases: eigenvalue analysis and
nonlinear analysis. The eigenvalue analysis employed a concentrated load
application method, while the nonlinear analysis utilized a displacement load
application method. The loading was applied at the reference point RP1 in the
axial direction along the column.

3.5. Numerical results and validation

3.5.1. Buckling and failure modes

The buckling modes, failure modes, and the failure location of the FE
simulation were the same as those of the test results, as presented in Fig. 14. It
showed that ripples were observed on the web of the C-section of the specimen
before the local buckling failure of the flanges. And the peaks and troughs of
the ripples were almost consistent with the position of the screw, as shown in
Fig. 14. The verification results indicate that the FE model in this paper is
accurate.

(c) B4-L120-150
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(d) B4-L140-50 (e) B4-L140-100 (f) B4-L140-150

Fig. 14 Comparison of the failure modes

Therefore, the stress distribution plots from the FE analysis are used to
explain the mechanism of stress redistribution and the interaction effect. Take
the 120 series columns as an example. The local buckling stress distribution
plots of the single-limb C-section, U-section, and built-up section are presented
in Fig. 15(a) - 15(c) respectively. The internal stress of the specimen is
relatively evenly distributed according to the overall stress condition before
local buckling. When the local buckling begins to occur, the stress state in the

buckling region changes significantly, and the uniformly distributed stress will
transfer to the surrounding region without buckling. The maximum stress
occurs in the web for single C-section column, as presented in Fig. 15(a). The
maximum stress mainly occurs on both sides of the flange for single U-section
column, as shown in Fig. 15(b). However, the maximum stress and the
buckling position of the CFS built-up box-section column assembled by C- and
U-section mainly occur in the middle of the web, as plotted in Fig. 15(c).

S, Mises S, Mises S, Mises
SNEG, (fraction = -1.0) SNEG, (fraction = -1.0) SNEG, (fraction = -1.0)
(Avg: 75%) (Avg: :5;/;; o (Ava: 75%)
et 15:979e 101 +1a5eet02
+1.498e+02 +9.075e+01 13130103
+1.3508-+02 +8.172e+01 tlelzerls
+1.202e+02 +7.269e+01
+1.054e+02 +6.366e+01 +9.706e+01
+9.063e+01 +5.463e+01 +8.493e+01
+7.5846+01 +4.560e+01 +7.280e+01
+6.105e+01 +3.657e+01 +6.067e+01
+4.6256+01 +2.754e+01 +4.854e+01
+3.146e+01 +1.850e+01 +3.641e+01
+1.6676+01 +9.473e+00 +2.4286+01
+1.882e+00 +4.412e-01 +1.215e+01
+1.855e-03
(a) C-section (b) U-section (c) Built-up section
Fig. 15 Stress distribution plots of the C-section, U-section, and Built-up section columns
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Fig. 16 Comparison of the axial load-displacement



Yan-Chun Li et al.

3.5.2. Bearing capacity and load-axial displacement curve

The load-bearing capacities obtained from the FE (Pgg) and test (P,) are
listed in Table 2. The mean value of Prp/P, is 1.07, with a standard deviation of
0.03. The FE simulation results were close to the experimental values, and the
discreteness was small. Fig. 16 shows the load-axial displacement curves of
the FE results and the experimental results. The slope of the curve of the FE
specimen was basically the same as that of the test specimen before the
specimen reached the ultimate bearing capacity. However, the test curve was
relatively flat at the beginning of the curve in comparison. This is principally
because there was a gap between the specimen and the device before loading.
The trend of the load-axial displacement curve of the FE was basically
consistent with that of the experimental specimen when the specimen was
compacted. The peak point was also basically close. It is indicated that the
accuracy and reliability of the FE model in this paper.

4. Discussion on the buckling mechanism
4.1. Built-up interaction effect on buckling strength

The different cross-sectional dimensions are listed in Table 4. Four series
specimens are designed based on the height of the web (90mm. 120mm.
150mm and 200mm). The height-width ratio of the parameters varies from 1 to
13. The critical buckling stresses of the C- and U-section are analyzed by
GBTUL software [41]. The ratio of ouiy t0 ouic is analyzed to study the
influence of the coordination between the two single-limb members on the
built-up effect of the built-up columns. This paper could provide suggestions
for the design of specimens in practical engineering. In addition, the ultimate
capacities of the built-up columns with different height-width ratios are listed
in Table 5. Taking 150 series of specimens as an example, the failure mode of
the built-up column is shown in Fig 17.

(1) From Table 4, it can be observed that the ey /oarc ratios of all

Table 4
Critical local buckling stress of the C-section and U-section for CFSBBS columns
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specimens are on the rise for the width-to-thickness ratio b/h < 5. Nevertheless,
the ocu /oc-c ratios of 90 series specimens are on the decline for the
width-to-thickness ratio b/A<<5. The o1 /oe1-c ratios of 120 series specimens
are on the decline for the width-to-thickness ratio 6<b/h<11. However, the
OuL-U /0cn-c 1atio begins to show an upward trend for the width-to-thickness
ratio b/h>12. The oy /ocnc ratios of 150 series specimens are on the decline
for the width-to-thickness ratio 6<b/h<10. However, the our.u /OcL.c ratio
begins to show an upward trend for the width-to-thickness ratio b/h>11. The
main reason may be that the flange width of the C-section is too narrow, and
the lip length is much longer than the flange width, resulting in the C-section
quickly reaching yield strength and buckling. Interestingly, the oui-u /Ouic
ratio of the 200 series specimens is unique. Like the observed specimens, the
Oaru /Oaic ratio is on the rise for b/h<5. However, the ratio our.u /Gei-c
changes irregularly with the increase of width-to-thickness ratio.

(2) From Table 5, the load-bearing capacity of the built-up column
decreases by about 28.9% -37.1% for the column with a thickness of 1.0mm.
While the load-bearing capacity of the built-up column decreases by about
31.9%~46.3% for the column with a thickness of 1.2mm. The ultimate
capacity of each group of specimens decreases significantly with the increase
of the height-width ratio. Except for individual specimens, the load-bearing
capacity of the built-up column decreases by about 20% for every 2 times
increase in the height-width ratio. Therefore, the height-width ratio of the
cross-section is an important factor affecting the ultimate capacity of the CFS
built-up box section column.

(3) The height-width ratio of the cross-section is also an important factor
affecting the buckling mode of the CFS built-up column. In this study, local
and distortional interactive buckling occurs in the CFSBBS columns with
height-width ratios of 1 and 10, as presented in Fig. 17(a) and Fig. 17(d). The
CFSBBS columns undergo local buckling with the height-width ratio of 2 and
5, as presented in Fig. 17(b) and Fig. 17(c).

h*b*d*t OcrL-C Ocrl-U OcrL-U/OerL-C h*b*d*t Ocrl-C OcrL-U OcrL-U/OarL-C
90-90-15-1 41.6 5.16 0.12 150-150-15-1 22.17 3.11 0.14
90-45-15-1 70.58 11.11 0.16 Rise 150-75-15-1 40.72 6.72 0.17 Rise
90-18-15-1 77.46 14.79 0.19 150-30-15-1 46.56 8.95 0.19
90-15-15-1 79.34 13.68 0.17 150-25-15-1 47.91 8.37 0.17
90-12.9-15-1 81.36 12.89 0.16 150-21.4-15-1 49.45 7.90 0.16
90-11.3-15-1 83.38 12.20 0.15 150-18.8-15-1 50.97 7.52 0.15
90-10-15-1 85.47 11.58 0.14 150-16.7-15-1 52.45 7.18 0.14
Decline Decline
90-9-15-1 87.39 11.05 0.13 150-15-15-1 53.68 7.07 0.13
90-8.2-15-1 89.13 10.58 0.12 150-13.6-15-1 12.88 6.66 0.52
90-7.5-15-1 90.83 10.08 0.11 150-12.5-15-1 11.88 6.47 0.54
90-6.9-15-1 92.40 9.36 0.10 150-11.5-15-1 10.99 6.28 0.57
120-120-15-1 29.21 3.88 0.13 200-200-15-1 15.66 2.33 0.15
120-60-15-1 53.13 8.38 0.16 Rise 200-100-15-1 28.44 5.06 0.18 Rise
120-24-15-1 60.98 11.15 0.18 200-40-15-1 31.62 6.73 0.21
120-20-15-1 62.93 10.38 0.16 200-33.3-15-1 32.30 6.30 0.20
120-17.1-15-1 65.21 9.79 0.15 200-28.6-15-1 12.30 5.96 0.48
120-15-15-1 67.11 9.29 0.14 200-25-15-1 34.00 5.67 0.17
120-13.3-15-1 69.19 8.87 0.13 200-22.2-15-1 34.83 5.43 0.16
Decline Decline
120-12-15-1 70.96 8.51 0.12 200-20-15-1 35.46 5.32 0.15
120-10.9-15-1 72.34 8.20 0.11 200-18.2-15-1 10.15 5.07 0.50
120-10-15-1 13.77 7.93 0.58 200-16.7-15-1 10.15 4.93 0.49
120-9.2-15-1 12.74 7.66 0.60 200-15.4-15-1 9.33 4.80 0.51
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(a) B150-15-1.2

(b) B150-30-1.2

(c) B150-75-1.2 (d) B150-150-1.2

Fig. 17 Failure modes of the B150-1.2series specimens

Table 5
Ultimate capacity of different height-width ratio of CFSBBS columns

Specimens h/b Pa/kN Specimens h/b Pa/kN
B90-90-1 1 75.8 B90-90-1.2 1 109.1
B90-45-1 2 70.5 B90-45-1.2 2 102.7
B90-18-1 5 57.5 B90-18-1.2 5 76.6
B90-9.0-1 10 47.7 B90-9.0-1.2 10 58
B120-120-1 1 79.9 B120-120-1.2 1 112.7
B120-60-1 2 75.3 B120-60-1.2 2 105.8
B120-24-1 5 63 B120-24-1.2 5 85
B120-12-1 10 52.9 B120-12-1.2 10 63.5
B150-150-1 1 82 B150-150-1.2 1 114.1
B150-75-1 2 78.4 B150-75-1.2 2 107.5
B150-30-1 5 68.3 B150-30-1.2 5 90.7
B150-15-1 10 56.9 B150-15-1.2 10 74.8
B200-200-1 1 85.2 B200-200-1.2 1 118.3
B200-100-1 2 81.3 B200-100-1.2 2 111.9
B200-40-1 5 74.8 B200-40-1.2 5 99.4
B200-20-1 10 60.6 B200-20-1.2 10 80.6

4.2. Influence of screw spacing on the ultimate capacity

The significant difference between the specimen composed of two or more
single limbs and the whole specimen is the fastener. This has also become a
key factor affecting their carrying capacity. Therefore, in this study, three kinds
of FE models (see Fig. 18) are developed to study the influence of screw
spacing on the local buckling bearing capacity of the CFSBBS column. The
sectional dimension of the specimen is shown in Table 6. The comparison
results of the local buckling ultimate capacity are shown in Table 6 and Fig. 19.
The ultimate capacities of the B type model are mostly higher than the A type
model and smaller than C type model. However, it is interesting that the
ultimate capacity of the four series of specimens in Table 6 does not decrease
with the increase of screw spacing, but fluctuates repeatedly. The reason for the
fluctuation in the local buckling ultimate capacity may be attributed to the
screw spacing being related to the buckling half-wavelength of the specimen.

Table 6 indicates that the mean value of the P./Pp ratio is 0.972,
accompanied by a standard deviation (SD) of 0.079. In contrast, the mean

vk b1 y hp2
L — o —

i Rl
| x
ﬂyi’

e

value of the Pc¢/Pg ratio is 1.224, with a standard deviation of 0.067. The
analysis reveals a minimal dispersion associated with the increase in screw
spacing. Fig. 9 illustrates that the curve representing the B type model closely
resembles that of model A while diverging from model C. This observation
suggests that variations in screw spacing exert a negligible influence on the
local buckling ultimate capacity of CFSBBS short columns, and the
strengthening effect on the cross-section is not pronounced. When the screw
spacing is less than the buckling half-wavelength, the screws effectively
constrain the number of buckling half-waves along the specimen's length,
thereby enhancing its ultimate capacity. However, this constraint effect
diminishes as screw spacing increases. The ultimate capacity experiences a
slight increase when the screw spacing equals the buckling half-wavelength.
Moreover, when the screw spacing exceeds the buckling half-wavelength, the
constraining effect of the screws on the specimen weakens progressively with
further increases in spacing, leading to a gradual decline in the specimen's
ultimate capacity.

N L
S

Fig. 18 Three calculation models
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Table 6

Influence of screw spacing on the local buckling bearing capacity of CFS columns
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Specimens Pr/kN Pa/kN Pc/kN PA/Ps Pc/Py
B90-25-1 93.12 0.952 1.187
B90-50-2 92.37 0.960 1.197
B90-70-3 93.11 88.67 110.53 0.952 1.187
B90-100-4 91.88 0.965 1.203
B90-150-5 91.90 0.965 1.203
B120-25-6 110.97 0.925 1.272
B120-55-7 106.07 0.968 1.331
B120-91-8 109.68 0.936 1.287
102.68 141.16
B120-120-9 105.22 0.976 1.342
B120-150-10 105.51 0.973 1.338
B120-180-11 106.46 0.965 1.326
B150-25-12 111.77 0.941 1.129
B150-55-13 107.99 0.974 1.169
B150-85-14 105.53 0.997 1.196
B150-117-15 110.69 105.21 126.23 0.950 1.140
B150-150-16 106.87 0.984 1.181
B150-180-17 106.95 0.984 1.180
B150-210-18 107.65 0.977 1.173
B200-25-19 115.78 0.971 1.147
B200-75-20 114.30 0.984 1.162
B200-125-21 113.96 0.986 1.165
B200-156-22 114.68 112.42 132.80 0.980 1.158
B200-180-23 113.64 0.992 1.169
B200-210-23 113.54 0.990 1.170
B200-240-24 113.14 0.994 1.174
Mean 0.972 1.224
SD 0.079 0.067

Note: Pa+ P Pcrepresent the ultimate capacity of finite element for A, B and C models, respectively.

@ Atype model
|@ B type model
|@ C type model
|

(o)) Anoeded aewnin

<

Fig. 19 Influence of screw spacing on the bearing capacity of CFS columns

5. Conclusion and discussion

This study examines the local buckling mechanism through both
experimental and numerical simulations, focusing on various aspects such as
buckling behavior, buckling modes, load-bearing capacity, post-buckling
strength, and the interaction effects of the CFSBBS columns. The influence of
screw spacing on the buckling mechanism was thoroughly analyzed through
comprehensive parametric studies. The following significant conclusions have
been drawn:

(1) The local buckling patterns of the CFSBBS column were clarified.
There are 5 types of buckling modes (see Fig.11(d)-(h)) for the same specimen

with different cross-sections. This deformation process reveals the mechanism
of local buckling instability of the CFSBBS columns.

(2) The smaller the ratio ouiu /0uic, the greater the deformation
coordination effect of the C-section on the U-section, and the more likely the
built-up part of the CFSBBS column is to undergo coordinated deformation,
and the more obvious the built-up effect is.

(3) Screw spacing can not make a large gap in the bearing capacity of the
CFS built-up box section columns. However, the buckling mode of the CFS
built-up column will change with the increase of the screw spacing. In addition,
almost all of the built-up plates are coordinated buckling deformation, which
also lays the foundation for the theoretical study of the CFSBBS column
subjected to local buckling by the author's team. The author will carry out
experimental and theoretical research on the buckling mechanism of different
built-up sections.

(4) When the screw spacing is less than the half-wavelength (A.), the local
buckling ultimate capacity of the CFS built-up box section column decreases
with the increase of the screw spacing. When the screw spacing is equal to the
A, the ultimate capacity does not increase significantly. While the ultimate
capacity shows a downward trend when the screw spacing is greater than the
Ae.

(5) Appropriate screw spacing can ensure that the connection between
adjacent components can adapt to this buckling and avoid local stress
concentration leading to failure. In the processing stage of CFS members, the
use of high-precision equipment can ensure the dimensional accuracy and
shape regularity of the steel and reduce the defects caused by the quality
problems of the material itself. The research results are beneficial to the
popularization and application of CFSBBS column in the field of residential
and industrial buildings.
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ABSTRACT

ARTICLE HISTORY

Local instability (LI) and ultralow-cycle fatigue (ULCF) are two potential failure modes of steel piers subjected to strong
earthquakes. Steel bridges constructed in highly seismic regions must account for both failure modes in their seismic design
calculations. While the issue of LI has largely been addressed, with preventive measures incorporated into various bridge
design codes, the ULCF assessment remains challenging due to its high computational cost. Therefore, investigating the
conditions under which the ULCF assessment can be avoided is of great significance for simplifying the seismic design of
steel bridges. To this end, this study focuses on the damage occurrence priority of the two failure modes of steel piers. The
proposed simplified seismic design method is the avoidance of ULCF check by constructing piers with the failure
occurrence priority of LI. Taking the widely used box section single-column steel pier as an example, 90 piers with different
structural parameters, representative of practical engineering applications, were designed in this paper. Based on a
hypothetical cyclic loading protocol, the parameter ranges of steel piers with different damage priorities were determined.
Discussion on the seismic performance of piers showed that the order of failure occurrence sequence is controlled by the
mechanical properties of pier structure, rather than the load conditions it is subjected to. A dditionally, the credibility of the
derived damage occurrence sequence and the simplified seismic design method was verified through dynamic analyses
using real seismic wave inputs. The work shown in this paper can serve as a reference to simplify the seis mic design process
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of steel piers.
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1. Introduction

The local instability (LI) and the ultralow-cycle fatigue (ULCF) are two
typical failure modes of steel piers exposed to strong earthquakes. The LI
damage is characterized as the bending of steel plates accumulated in a local
area of flange or web, which eventually results in the significant deterioration
of the bearing capacity. While, the ULCF damage starts from the premature
cracks aroused by several cycles of extremely large strain loops, followed by
the stable growth of cracks and the sudden crack propagation under subsequent
cyclic loads. The ULCEF life of steel structures is within the range of very few
cycles, that is, usually less than 20 loading cycles [1-2]. The plasticity of steel
cannot be fully utilized until the final failure. Severe damage, including these
two failure modes, was widely observed during the Northridge earthquake in
1994 and the Kobe earthquake in 1995 [3-5]. Since then, extensive experimental
and analytical investigations on the seismic performance of steel piers have been
conducted [4-12]. Up to now, researchers have reached the consensus of the
coexistence of LI and ULCF and the fatality of the two failure modes.

During the past 30 years, scholars have conducted various studies on the LI
failure of steel piers. For example, based on experimental findings, Ge et al.
defined the point at which the bearing capacity of steel piers reaches its
maximum value and subsequently decreases to 95% as the limit state to
determine the initiation of LI damage in pier structures [13]. Goto et al.
proposed a limit state criterion for steel piers from an energy prospect by testing
pier specimens under different loading histories [14]. Based on the numerical
investigation, Gao et al. established several empirical formulae of the limit state
values for providing guidance of seismic design of steel piers [15]. At present,
the LI failure of steel piers has been basically solved, and the relevant provisions
can be found in bridge design codes of various countries [16-18].

Great efforts have been devoted to developing effective ULCF assessment
methods, which can be divided into two categories according to their analytical
dimension. One category involves the empirical methods modified from the
Coffin-Manson law [19-20] applied in the low-cycle fatigue field (LCF).
Examples of these methods include the Tateishi model [21], the Xue model [22],
and the macro deformation history-based assessment method [23]. However,
Tamura et al. have demonstrated that the triaxial stress states within the damage
area has significant influence on the material ductility from the tensile-shear
tests of structural steels [24-25], which is contrary to the practice of using plastic
strain as the only calculation factor adopted in the empirical methods. Direct
application of the empirical methods in engineering structures lacks sufficient
credibility. Another category of ULCF assessment method includes the stress
triaxiality-associated prediction formulaec and micro-damage mechanisms-
based damage models, such as the large-range stress triaxiality-adaptive ductile
fracture prediction model [26], the continuous damage model (CDM) [27] based

on the continuum damage mechanisms, and the cyclic void growth model
(CVGM) [28] developed from the void growth theory. These methods can take
into account the influence of stress triaxiality on the ductile damage of materials,
which are logically clear and suitable for precise ULCF evaluation under
complex loading conditions. Nevertheless, the computation of the stress
triaxiality needs very refined numerical simulation with solid elements, wherein
the mesh size should be set to be consistent with the material characteristic
length (usually 0.2-0.4mm for commonly used steel [2, 29-30]). The great
discrepancy between the structural dimensions and the mesh size of the refined
solid elements imposes great computational burden. Thus, the ULCF
assessment is difficult to be popularized in practical engineering.

Due to the fatality of LI and ULCEF, steel bridges constructed in seismically
active areas should take both failure modes into account in their seismic design
calculations. However, as mentioned above, such a seismic design process is
difficult to apply in practical engineering because of the high computational
costs involved in ULCF assessment. Currently, there is no appropriate approach
available to efficiently process the seismic design. To this end, this paper
proposed a simplified seismic design method that can avoid the burdensome
ULCF calculations. Focusing on the damage occurrence priority of the two
failure modes, the proposed method assumes that the ULCF assessment can be
exempted by constructing piers with the failure occurrence priority of LI
Taking the widely used box-section single column steel pier as an example, the
implementation and the credibility of the proposed method were illustrated.
First, 90 piers with different structural parameters, representative of practical
engineering applications, were designed. Then, based on a series of numerical
work, the empirical formulae for the limit states of the LI failure of piers, such
as the critical displacement and critical load, were fitted. After that, the ULCF
assessment of piers under a hypothetical cyclic loading protocol were conducted
to determine the damage occurrence priority. The seismic behavior of steel piers
was also discussed to explain the mechanisms of different failure occurrence
orders. Finally, dynamic analyses with real seismic wave inputs were conducted
to verify the credibility of the proposed seismic design method.

2. Failure assessment methods for LI and ULCF
2.1. LI

Fig. 1 shows a typical hysteretic curve of a single-column steel pier under
a constant axial load P and lateral cyclic displacement J. In this figure, H
represents the horizontal bearing capacity and the solid line indicates the
hysteresis envelope. (dm, Hn) represents the peak point of the bearing capacity,
and (dos, Hos) signifies the critical state where the bearing capacity begins to
drop sharply. The entire envelope can be divided into three stages according to
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the structural mechanical degradation: In stage I, the structure is in the elastic
and strengthening stage when the top displacement is less than J,, and no
stiffness deterioration occurs; in stage 11, its bearing capacity and stiffness begin

P
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to deteriorate slightly when the top displacement is between dy, and dos; in stage
111, the bearing capacity and stiffness start to degrade significantly when the
lateral displacement J exceeds dos.

Eh
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Fig. 1 Typical hysteretic curve of the single-column pier under cyclic lateral loads

Ge et al. summarized the experimental and theoretical results, and
suggested the point (dos, Hos) that reduces to 95% of the peak bearing capacity
as the critical state of LI [13]. Usami et al. conducted a series of tests and
numerical analyses on the seismic performance of steel piers, and found that
after reaching a certain critical state, the buckling instability of the structure
initiates, and the bearing capacity begins to degrade rapidly, which leads to the
final failure [31]. Generally, points (0w, Hm) and (Jdos, Hys) are always accepted
as the vital limit state points for evaluating the seismic performance of steel
piers, and the point (dos, Hos) is regarded as the LI damage initiation point [31-
32].

2.2. ULCF

Under cyclic loading, complex and multidimensional stress states are
involved in the vulnerable sites of piers. As mentioned above, among the two
categories of assessment methods, the multi-dimensional methods that could
take into account the effect of stress triaxiality can have a better interpretation
for the ULCF fracture mechanism of the metal. Credible ULCF predictions can
be obtained through precise material parameter calibration. The CVGM [28],
which is developed from the micro-void growth mechanism, is a typical
example. Applications of CVGM on different steel connections and steel piers
for ductile fracture prediction have confirmed its feasibility and serviceability
[33-37]. In this study, the CVGM was selected as a reference for initial cracking
life assessment of steel piers.

The main content of this method includes a nonnegative cyclic void growth

index VGl.yqic and a cyclic void capacity index VGI, fyr:ffcal , which are formulated

as follows:

VGl = 2 [“exp(L5T])de, = X [“exp(|1.571)ds, 20 (1)
tensile © %1 compressive ~ °1

VG, Iccyn'cll,izal =75-exp (_ y) g:ccumulaled) (2)

where the upper and lower limits of Eq. (1), & and &,, are the equivalent plastic
strains at the beginning and end of each tensile or compressive cycle,
respectively; T'is derived by the ratio of hydrostatic pressure o, and mises stress

0Ocq, termed as stress triaxiality; dg,=,[(2/3)dslds) denotes the equivalent

plastic strain; # and A are two material constants governing the material
toughness and damage degradation, respectively. It is assumed that ULCF

fractures occurs when VGI_ ;. 2 VGI:;C'I',? . According to our previous study

[23], the two constants of Q345qC steel are taken as #=2.03 and 1=0.10,
respectively.

3. Pier structure and FE model
3.1. Steel pier

The single-column steel pier with a stiffened box section was selected as
the research object in this study. Its outline and sectional details are shown in
Fig. 2. Piers are made of Q345qC steel, which is a commonly used material in
Chinese steel bridges; full penetrating weld process is applied to connect the
stiffening plates and the end plates, and the yellow part shown in Fig. 2
represents the welded area. The main structural parameters of steel piers include
the slenderness ratio Ag, width-to-thickness ratio Rg, axial compression ratio
P/Py and the relative stiffness of the stiffeners. The /g and Ry calculations are
expressed as [38]:

2h1 |o,
& ZT;E )

2
o B 12(1-v*) [o, @
o\ 4 \NE

where £ is the height of the piers, » denotes the radius of gyration in the
deformed direction, B is the width of the flange, ¢ is the thickness of the
stiffening plate, n, is the number of regions divided by stiffeners in the stiffening
plate, v=10.3 is the Poisson's ratio. Stipulated by the codified standards [18], the
relative stiffness of the stiffener is defined and limited as:

T e S|

y BD'y (5)
7:EI| 1+ny

" BD'” 4(a/B)
by, 345 (6)
t, o,

where y and y; denote the relative stiffness of the longitudinal stiffeners and
diaphragms, respectively; /; and /; are the bending moments of inertia of a single
longitudinal stiffener and a single diaphragm, respectively; D" is the bending
stiffness of the steel plates per unit width; a is the spacing of the transverse
partitions; ¢, and b, are the thickness and width of the vertical stiffener,
respectively; y” represents the optimal stiffness ratio of stiffeners, which is
defined as:
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where o = a/B. According to the ranges of the structural parameter values in
practical projects, 0.25<15<0.50, 0.30<Rz<0.50 and 0.10<P/P,<0.30 were
selected. Table 1 presents the geometric characteristics of the designed 90 piers,

7= 1 ) bt s 2 ™ using the free combination of these three parameter ranges. Each row of data
nﬂznr (1 +, ;3; Ja - 1} - 1} a>{I+ny listed in this table represents three pier working conditions (P/Py=0.1, 0.2, and
' 0.3). Some constant variables, such as flange width B (0.45m), sectional aspect
ratio W/B (1.0), diaphragm spacing a (0.45m), and optimal stiffness ratio y/y"
(1.5), are not included in Table 1.
Table 1
Geometric dimensions and structural parameters of piers
No. h(m) B Rr #(m) t(m) bs(m)
$25-30 1.61 0.250 0.298 0.0110 0.0110 0.083
$25-35 1.63 0.250 0.349 0.0094 0.0094 0.073
$25-40 1.64 0.250 0.395 0.0083 0.0083 0.066
S25-45 1.65 0.250 0.449 0.0073 0.0073 0.060
$25-50 1.66 0.250 0.504 0.0065 0.0065 0.055
S30-30 1.95 0.302 0.298 0.0110 0.0110 0.083
S30-35 1.96 0.301 0.349 0.0094 0.0094 0.073
S30-40 1.98 0.301 0.395 0.0083 0.0083 0.066
S30-45 2.00 0.302 0.449 0.0073 0.0073 0.060
S30-50 2.00 0.301 0.504 0.0065 0.0065 0.055
$35-30 2.26 0.350 0.298 0.0110 0.0110 0.083
S35-35 2.29 0.351 0.349 0.0094 0.0094 0.073
S35-40 2.30 0.350 0.395 0.0083 0.0083 0.066
S35-45 2.31 0.349 0.449 0.0073 0.0073 0.060
$35-50 2.31 0.348 0.504 0.0065 0.0065 0.055
S40-30 2.59 0.402 0.298 0.0110 0.0110 0.083
S40-35 2.62 0.402 0.349 0.0094 0.0094 0.073
S40-40 2.63 0.400 0.395 0.0083 0.0083 0.066
S40-45 2.65 0.401 0.449 0.0073 0.0073 0.060
S40-50 2.65 0.399 0.504 0.0065 0.0065 0.055
S45-30 291 0.451 0.298 0.0110 0.0110 0.083
S45-35 2.95 0.452 0.349 0.0094 0.0094 0.073
S45-40 297 0.452 0.395 0.0083 0.0083 0.066
S45-45 2.99 0.452 0.449 0.0073 0.0073 0.060
S45-50 3.00 0.451 0.504 0.0065 0.0065 0.055
S50-30 3.16 0.490 0.298 0.0110 0.0110 0.083
S50-35 3.19 0.490 0.349 0.0094 0.0094 0.073
S50-40 3.21 0.490 0.395 0.0083 0.0083 0.066
S50-45 3.25 0.491 0.449 0.0073 0.0073 0.060
S50-50 3.25 0.490 0.482 0.0065 0.0065 0.055

Note: Taking S25-30 as an example, S indicates steel pier; 25 means Ag = 0.25 and 30 represents Rg = 0.30.
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Fig. 2 Schematic diagram of steel pier
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3.2. FE Model

The operation of CVGM requires the results of stress triaxiality, where
local solid modelling is required, and the solid element size should be consistent
with the characterized length L’ (0.2 mm) of Q345qC steel [28, 36].
Experimental investigations of steel piers have shown that the welded corners
are the most vulnerable sites of ductile crack initiation [6, 10-12], which is the
region where local refinement is imposed. Given the significant difference
between the characteristic length L" and the structural dimensions of piers, the
two-level zooming sub-model strategy was adopted to pursue a cost-effective
simulation process.

The FE simulation process is carried out on the ABAQUS 6.14-4 platform.
As illustrated in Fig. 3, the first-level zooming consists of the global model and
the subl model; the second-level zooming consists of the subl model and the
sub2 model. In the global model, the pier bottom is completely fixed and the
basic geometric content of the pier structure is included. The whole model is
modelled by the 4-node reduced integral shell element S4R, except that a short
range at the top is simulated by the 2-node linear beam element B31 to transfer
the horizontal cyclic deformation J and axial force P. The multi-point coupling
(MPC) is exerted between shell elements and beam elements for consolidating
their boundary. The followed subl model, representing a part of the bottom of

P
Beam element
'fx 5

Shell element

1.5B

<

First-level Zooming
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the pier, is entirely modelled by the 8-node reduced integral brick element
C3D8R, in which the geometry of the weld joints is reflected. Owing to the
restriction of element characteristics, at least four layers of solid elements is
divided along the thickness direction of the plates to cater to the change in
bending stress [39], as depicted in Fig.3(b). The final sub2 model only contains
a weld corner of the subl model, which is also modelled by solid element
C3D8R. The mesh size of the solid element in the vulnerable sites corresponds
to the material characteristic length L, controlled at 0.2 mm [30]. These three
models present a progressive relationship towards the refined simulation of
weld toe. For each sub-model, the displacement solution generated from the
previous-level model is converted to the enforced displacement acted on its
exposed surfaces as the driven load. Weld details are ignored in the global model
because that it has no effect on the nodal displacement of the driven surface
between the global model and the subl model. To ensure the reliability of the
stress and strain results, the exposed surfaces of each sub-model are kept at least
1.5 times the width or thickness away from the areas of concern, such as 1.58
or 1.5¢ shown in Fig. 3(b, ¢). The Chaboche hybrid hardening constitutive model
is applied for the accurate expression of cyclic metal plasticity. The constitutive
parameters of Q345qC steel have been calibrated in the previous study [30] and
are listed in Table 2.

t: Thickness of Flange or Web (at
least 4 layer elements)

[ 1|:Base Material
[ ]: Weld Material

Solid Element
X Height of
2 Base Material
Height of
Welded Material

Calculate Site
(Element Size: 0.2mm)

(a) Global model (b) Subl model

(c) Sub2 model

Fig. 3 Schematic diagram of FE model

Table 2
Parameters of the Chaboche constitutive model of Q345qC steel [30]

Material olo(MPa) O~(MPa) biso Ci1(MPa) b2l C>(MPa) y2 C3(MPa) 73
Base Material 354.10 13.2 0.6 44373.7 523.8 9346.6 120.2 946.1 18.7
Weld Material 428.45 17.4 0.4 12752.3 160.0 1111.2 160.0 630.5 26.0

Note: o]y is initial yield stress; Q. is the maximum variation of yield surface; bis, is the change ratio of the yield surface with the plastic strain; C;, C; and Cj are initial
kinematic moduli of the three back stress components; y;, y, and y; are kinematic moduli of the three back stress components.

3.3. Experimental verification

Three cyclic loading tests that were conducted in our previous experimental
investigation [10, 40] are applied here to examine the validity of the above
analytical system. Geometrics of these three piers are listed in Table 3. Cyclic
displacement was set along the 45 ° direction of the main sectional axis, with
the loading protocol of displacement amplitude increasing by 0.5 times of J;

(the yield displacement) per cycle. The weld corner at pier bottom was
repeatedly pulled and compressed under this loading condition, making it the
vulnerable site to fracture. The damage phenomena of these three piers were
basically the same: micro cracks were firstly observed at the weld corner and
propagated stably under the subsequent cyclic loads, followed by the sudden
fracture and accompanied with the slight curvature of steel plates, as shown in
Fig. 5(b). See references [10, 40] for more experimental details.

Table 3

Geometric dimensions and structural parameters of pier specimens [ 10, 40]
No. H(m) B(m) W/B s R PPy a(m) #(m) t(m) by(m)
SP-1 2.00 0.45 1.00 0.32 0.467 0.2 0.45 0.008 0.008 0.049
SP-2 1.25 0.32 1.00 0.31 0.332 0.2 0.16 0.0074 0.0074 0.039
SP-3 0.65 0.20 1.00 0.29 0.311 0.2 0.10 0.0074 0.0074 0.034

The purpose of using the two-level zooming analytical system in this paper
is to judge the damage occurrence sequence of the two failure modes of steel
bridge piers. Thus, the experimental verification of the analytical system starts

from these two parts. Comparations were made between the numerical and
experimental hysteretic curves of pier specimens to verify the reliability of LI
assessment, as shown in Fig. 4. The maximum relative errors between the
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experimental and numerical results are 7.6%, 10.9%, and 22.6% for SP-1, SP-2
and SP-3, respectively. The larger error shown in specimen SP-3 may be caused
by the sliding between the fixture and pier base, as illustrated in the previous
research [10]. Other key properties, such as the structural stiffness revolution
and skeleton curve shape, are in good agreement with the test, which supports
the reliability of the analytical system for LI assessment. Besides, the
experimental ULCF fracture initiation results N, and the cracking life N,
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predicted by CVGM are presented in Table 4, in which only slight errors exist.
The contour plot of the equivalent plastic strain of the sub2 model shown in Fig.
5 reveals that the calculated element has the highest plastic concentration,
corresponding to the first occurrence position of ULCF cracks, which indicates
the acceptable convincement of applying the two-level zooming strategy for
ULCEF assessment.
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Fig. 4 Comparison of hysteretic curves obtained from tests and numerical analyses
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(a) Contour plot of equivalent plastic strain

(b) ULCEF initiation observed in tests

Fig. 5 Plastic strain accumulation and ULCF initiation at the weld corner
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Table 4
Comparation of experimental and numerical ULCF life

Specimen Ne (Cycle) N, (Cycle) Relative Error
SP-1 8 7 12.5%
SP-2 7 8 14.3%
SP-3 7 7 0.0%

2571

4. Quasi-static analysis

4.1. Limit states

As illustrated earlier in Section 2.1, H,, dn, and dos are the vital limit state
points for evaluating the LI failure of steel piers, which also serve as the
intermediate variables for the subsequent failure sequence judgment in this
study. Elastoplastic analyses were carried out for the designed 90 piers with the
load protocol shown in Fig. 6(a) [41-42] to acquire these limit states. Results

are shown in Tables 5-7.
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(a) Used for limit state analyses (b) Used for damage priority determination
Fig. 6 Loading protocols
Table 5
Limit states of box section steel piers (P/P,=0.10)
7=0.25 4=0.30 1=0.35
No. No. No.
Hw/Hy Om/dy 095/y Hw/Hy Om/Oy 095/y Hw/Hy Om/dy 095/dy
$25-30 2.03 4.74 5.88 S30-30 2.02 4.95 5.87 $35-30 2.00 4.78 5.62
S25-35 1.93 4.26 5.15 S30-35 1.91 4.12 4.86 S35-35 1.89 3.96 4.58
$25-40 1.87 3.87 4.47 S30-40 1.85 3.71 4.26 S35-40 1.83 3.48 4.08
S25-45 1.80 3.14 3.61 S30-45 1.79 2.97 3.48 S35-45 1.77 2.89 3.40
$25-50 1.74 3.06 343 S30-50 1.72 2.89 3.24 $35-50 1.71 2.80 3.13
7=0.40 4=0.45 4=0.50
No. No. No.
Hw/Hy Om/dy 095/0y Hw/Hy Om/dy 095/0y Hw/Hy Om/dy 095/0y
S40-30 1.97 4.59 5.28 $45-30 1.95 4.42 5.17 S50-30 1.94 4.03 5.01
S40-35 1.87 3.71 4.43 S45-35 1.86 3.74 4.17 S50-35 1.83 3.57 4.18
S40-40 1.81 3.40 3.92 S45-40 1.79 3.21 3.79 S50-40 1.77 3.21 3.71
S40-45 1.75 2.80 3.30 S45-45 1.73 2.72 3.25 S50-45 2.68 3.18 1.71
S40-50 1.69 2.71 3.02 S45-50 1.67 2.66 2.99 S50-50 1.69 2.71 3.02
Table 6
Limit states of box section steel piers (P/Py=0.20)
=025 =0.30 4=0.35
No. No. No.
Hw/Hy Om/dy 095/0y Hw/Hy Om/dy 095/0y Hw/Hy Om/dy 095/0y
$25-30 2.18 4.80 5.66 $30-30 2.16 4.48 5.35 $35-30 2.14 4.40 5.39
$25-35 2.08 4.12 4.79 S30-35 2.06 3.93 4.54 S35-35 2.03 3.82 4.39
S525-40 2.01 3.71 4.28 S30-40 1.99 3.57 4.09 S$35-40 1.96 3.50 3.96
S25-45 1.95 3.23 3.62 S30-45 1.93 3.15 3.49 S35-45 1.91 3.06 3.42
$25-50 1.87 3.15 3.44 S30-50 1.86 3.06 3.32 $35-50 1.83 2.97 3.24
7=0.40 4=0.45 4=0.50
No. No. No.
Hw/Hy Om/dy 095/0y Huw/Hy Om/dy 095/0y Hw/Hy Om/dy 095/0y
S40-30 2.10 4.25 4.92 $45-30 2.07 4.12 4.79 S50-30 2.05 3.96 4.55
S40-35 2.00 3.63 4.27 S45-35 1.98 3.67 4.04 S50-35 1.94 3.46 4.03
540-40 1.93 3.40 3.85 S45-40 1.90 3.30 3.74 S50-40 1.88 3.14 3.63
S40-45 1.88 2.97 3.35 S45-45 1.86 2.89 3.31 S50-45 1.83 2.80 3.27
S40-50 1.81 2.80 3.09 $45-50 1.78 2.71 3.01 S50-50 1.78 2.80 3.11
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Table 7

Limit states of box section steel piers (P/Py=0.30)
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=0.25 4=0.30 4=0.35
No. No. No.
Huw/Hy Om/dy 095/y Hw/Hy Imldy J95/dy Hw/Hy Om/dy 995/dy
$25-30 2.36 4.56 5.42 S30-30 233 4.41 5.11 $35-30 1.96 2.97 3.21
$25-35 2.24 4.06 4.64 S30-35 222 3.86 4.42 S35-35 2.18 3.74 4.28
S25-40 2.17 3.74 4.19 S30-40 2.14 3.58 4.01 S35-40 2.11 3.50 3.90
S25-45 2.11 3.35 3.63 S30-45 2.08 3.15 3.50 S35-45 2.05 3.10 3.40
$25-50 2.02 3.17 343 S30-50 1.99 3.01 3.30 S35-50 1.96 2.97 3.21
7=0.40 4=0.45 4=0.50
No. No. No.
Huw/Hy Om/dy 095/y Huw/Hy Omldy J95/dy Hw/Hy Om/dy J95/dy
S40-30 2.25 4.16 4.74 S45-30 2.20 3.96 4.60 S50-30 2.20 393 4.46
S40-35 2.14 3.65 4.15 S45-35 2.11 3.58 3.99 S50-35 2.06 3.48 3.94
S40-40 2.07 341 3.81 S45-40 2.02 332 3.69 S50-40 1.99 3.23 3.60
S40-45 2.01 297 3.34 S45-45 1.98 2.97 3.32 S50-45 1.94 2.93 3.27
S40-50 1.92 2.88 3.14 S45-50 1.88 2.79 3.04 S50-50 1.88 2.80 3.13

From Tables 5-6, it is obvious that higher piers with thinner plates are more
prone to suffering LI failure. The statistical analysis software IBM SPSS
Statistics [43] was used to perform the nonlinear multivariate regression of the
empirical limit state formulae of piers. The fitted empirical formulae are
expressed as Eq. (8):

0.819

H, N 0384 5 0.1 57\ 004 2 _
Hy_1.163[1+Ny] R ™MA(A) T, (R=0.991)
s v

m_1267| 1+ | R0 (2)T, (R?=0.965 8
5y [ Nyj ‘ & ( S) ( ) )
5 —0.347

(;5 -1 328(1 +] RR—7.92AB—0.248 (%)"'6]6 , (R2 = 0.979)

y y

where, / is the modified slenderness ratio parameter of the stiffener defined by
Ge et al. [38]; R? is the determinant coefficient. A value of R? closer to 1
indicates a better fit between the data and model. These formulae work for piers
with stiffened box section within the parameter case 0.25<15<0.50,
0.30<Rg<0.50, 0.10<P/Py<0.30 and y/y"=1.5, providing an empirical reference
for quick evaluation of LI damage of piers. Fig. 7 depicts the empirical curves,
wherein the discrete points are the FE results listed in Tables 5-7. The agreement
between the numerical data and regression curve suggests the high credibility

of the empirical formulae.
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Fig. 7 Fitting results of the regression formula for the limit state values
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4.2. Damage occurrence priority

Given that the ULCF life is usually less than 20 loading cycles [1-2], the
constant amplitude cyclic loading protocol shown in Fig. 6(b), which is
characterized by the displacement amplitude of each pier’s dos and the total
loading cycle of 20, was adopted as the loading strategy for determining the
failure occurrence priority of LI and ULCF. And there is a logical explanation
for this selection. If a steel pier does not experience ULCF failure by the end of
loading, that is, the structure is subjected to the LI failure for 20 times without

Table 8
Predicted ULCEF life versus structural parameters under P/P,=0.10 (Unit: cycle)
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undergoing the ULCF failure, it can be considered that the damage occurrence
priority is L1. Otherwise, the damage occurrence priority is ULCF. Since the LI
calculation is necessary whether LI or ULCF occurs first, this loading protocol
is considered conservative to determine the damage priorities. Tables 8-10 list
the estimated ULCEF life of the 90 piers, in which “-” indicates that no ULCF
fracture occurs until the end of the load. Furthermore, a dotted polyline is
attached to each table to have a more intuitive distinguishment of different
damage sequence.

A

Re 0.25 0.30 0.35 0.40 0.45 0.50
0.50 - - - - - -
0.45 - - - - - -
0.40 - - - - -
0.35 0.73 1.76 1.77 2.79 2.81
0.30 0.65 0.65 0.65 0.69 0.73 0.71
Table 9
Predicted ULCF life versus structural parameters under P/P,=0.20 (Unit: cycle)
A
R 0.25 0.30 0.35 0.40 0.45 0.50
0.50 - - - - - -
0.45 - - - R - N
0.40 - - - R - N
0.35 2.76 2.81 0.71 4.80 ; - -
0.30 0.75 1.67 1.69 1.81 2.76 3.77
Table 10
Predicted ULCF life versus structural parameters under P/P,=0.30 (Unit: cycle)
A
R 0.25 0.30 0.35 0.40 0.45 0.50
0.50 - - - - - -
0.45 - - - - - -
0.40 - - - - - -
0.35 - - - - - -
0.30 2.79 2.77 ; - - - -

20" Cycle
(a) S50-40P20 (thin-walled)

Initial Condition

Initial Condition

ULCEF Cracking
(b) S25-35P20 (thick-walled)

Fig. 8 Deformation diagram
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Fig. 10 ULCF calculation process

It is obvious from the data presented in the tables that shorter piers with
thicker plates are more inclined to ULCF damage, which is consistent with the
qualitative relationship derived by Ge. et al. based on pier tests [11]. Also, it is
found that with the increase of P/P,, the damage occurrence priority tends to be
the LI failure. An insight into the ULCF assessment process indicates that for
piers with the ULCF life of “-”, the absence of ULCF failure is not caused by
the limited loading cycles (only 20 cycles) of the loading assumption. As shown
in Fig. 10(a), the cyclic void growth index VGl seems never exceeds the

cyclic void capacity index VGl . In other words, the ULCF failure will

never occur. To have a better explanation of the mechanism of this phenomenon,
the ULCF damage evolution is discussed with the LI damage aggravation.
Taking piers S50-40 with P/P,=0.20 (abbreviated as S50-40P20) and S25-35
with P/Py, =0.20 (abbreviated as S25-35P20) as the representatives of the two
different failure priorities, the deformation diagram of the overall structure at
the instant of ULCF initiation or the end of the load, as well as the plastic
displacement history of the weld corner are depicted in Fig. 8 and Fig. 9,
respectively. Fig. 10 also depicts the evolution of the cyclic void growth index

critical
cyclic

VGl.yaic and the cyclic void capacity index VGI of the two piers. It is

found that for the typical thin-walled member (S50-40P20), the LI damage is
particularly dominant, indicated by the steeply curved flange and web (Fig. 8(a)).
Moreover, with the accumulation of LI damage, the amplitude of plastic
displacement at the weld corner gradually decreases (Fig. 9(a)). Thus, it is of a
rational deduction that the cyclic displacement transmitted from the
superstructure is concentrated at a local area of the flange or web and is no
longer transmitted downward. Correspondingly, the repeated expansion and
compression of micro-voids within the metal of weld corner slows down,
resulting in the prolonged ULCF life (Fig. 10(a)). In contrast, for the thick-
walled member (S25-35P20), due to the absence of LI damage (Fig. 8(b)), the
amplitude of plastic displacement at the weld corner remains constant until the
final fracture (Fig. 9(b)), resulting in the continuous damage of ULCF (Fig.
10(b)). Apparently, it is the deformation characteristics of the structure, which
is the comprehensive reflection of the relative thickness (width-to-thickness
ratio), bending tolerance (slenderness ratio) and the degree of compression
(axial compression ratio), that determine the different deformation patterns and

further control the failure priorities.

In practical engineering, the structural parameters of steel pier can be set
following the derived damage priorities, by which the designed pier will be
prone to suffering LI damage. Thus, it is unnecessary to perform the
burdensome ULCF assessment, and the seismic design calculations can be
simplified.

5. Dynamic analysis

The derived damage occurrence priority is based on the quasi-static
analyses under the assumed load protocol. To verify its reliability and
applicability, nonlinear dynamic time-history analyses of steel piers with real
earthquake wave inputs were performed.

5.1. Seismic excitation

To ensure the coexistence of LI and ULCF damage during time-history
analyses, the selected seismic excitation should be destructive. In this study, the
Northridge earthquake recorded at the LDM station in 1994, the Chi Chi
earthquake recorded at the Caotun station in 1999 and the Lushan earthquake
recorded at the 51BXD station in 2013 were used as ground motion inputs. The
LDM station of the Northridge earthquake is located on the hanging wall of the
fault; the Caotun station of the Chi Chi earthquake is located in the northwest
of the source, which is near the rupture surface of the fault and is located on the
footwall of the fault; the 51BXD station of the Lushan earthquake is located in
the northwest of the source and on the hanging wall of the fault. These three
seismic records are typical near-field motions. Among them, the seismic waves
recorded at the LDM and Caotun stations have obvious pulse effects, and the
ground motion in the long period range is dominant. While for the Lushan
earthquake recorded at the 51BXD station, its pulse effect is not obvious and
the ground motion in the short-period range is dominant. The acceleration time
histories of these three records are presented in Fig. 11, where a, represents the
ground acceleration and ¢ represents time.
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5.2. Seismic performance of piers

Owing to the space limitation of the paper, only three piers, namely S40-
45P20, S30-35P10, and S30-35P30, were applied as examples for validating the
reliability of the derived damage occurrence priority. The structural parameters
of these three piers are located near the dotted polylines attached in Tables 8-10
for the sake of effective verification. Results of the hysteresis curves and the

CVGM indices evolution of these three piers under seismic

presented in Figs. 12-14. Initiations of LI failure and ULCF failure are
determined by the limit state point (dos, Hos) and CVGM criterion

respectively, which are marked in the figures. It is shown

VGICychc > VGI critical

cyclic >

5 10 15 30
1(s)
(c) the Lushan earthquake

Fig. 11 Seismic waves

piers S40-45P20 and S30-35P30, and ULCF damage-dominant for pier S30-
35P10, indicating the good consistency with the damage occurrence listed in
Tables. 8-10.

The dynamic analyses conducted in this paper were only examples to verify
the reliability of the simplified seismic design method using the damage
occurrence sequence. Due to the assumed loading protocol, the determination
of whether ULCF checking is necessary, as discussed in this paper, is
conservative. The piers prioritized for ULCF damage in this study may undergo
LI damage before ULCF under actual seismic loading. However, piers designed
using the simplified design method proposed in this paper are considered to be
on the safer side under such a situation.

excitations are

that the computed damage occurrence priorities are LI damage-dominant for

500 H(kN) 1000 [ H(kN) 1000 H(kN)
25 50
-0.06  -0,03 0.03 0.06 -0.06 0.06 -0.05 -0.0 0.025 0.05
d(m) o(m) d(m)
. I life: 17.3s I life: 15.4s
500 I life: 15.3s 1000 1000
3 [ critical 4 [ critical 3 [ critical
” 7VGIcyclic ,,,,,,,,,VG[Cychc ” 7VGIcyclic T VG[cyclic . 7VG[cyclic o VGIcyclic
g — % S
RS = ULCEF life: 9.4s =
21t ULCEF life: Infinity s 1t
O Olr O
0 10 20 30 0 10 2 30 0 10 20 30
Loading Cycles Loading Cycles Loading Cycles

(a) S40-45P20

(b) S30-35P10 (c) $30-35P30

Fig. 12 Seismic performance of piers under Chi Chi earthquake
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A simplified seismic design method of steel piers is presented in this study

by investigating the failure occurrence priority of LI and ULCF, which are two
main potential failure modes of steel piers under severe earthquake. Based on
the derived failure occurrence sequence, it is possible to construct piers with the
LI failure occurrence priority in the potential seismic area, avoiding the
burdensome ULCF check. The main conclusions of this study which could be
drawn are as follows:

The constant amplitude cyclic loading protocol, with the displacement
amplitude of each pier’s critical displacement dys and the total loading cycle
of 20, can serve as the loading assumption to determine the failure
occurrence priority. The qualitative regulation of the failure occurrence
priority derived in this paper is the same as that reported in the literature
[11].

The quantitative relationship between the structural parameters and the
failure occurrence priority of box section single-column Q345qC steel
constructed steel pier, within the structural parameter ranges of
0.25<4p<0.50, 0.30<Rg<0.50, 0.10<P/P,<0.30 and y/y’=1.5, was
established.

1000 fH(kN)
-0.1 -0 -0.06 - 0 .03 0.06 -0.08
bo o(m)
p No obvious LI
-600 - -1000*
3r 4 r 4r
—VGl cyclic T VGI :yrgl:f:al § 3| - VG]cyclic """""" VGI :\;gl:f:al § 7VGIcyclic —VGI :yritll!ial
b Z e E
=2 3 =
O O i
: 2 — . >
- Olr | ULCF life: 6.6s OLlf . ULCF life: 6.5s
) 0 A L L ) 0 J L L J
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Loading Cycles Loading Cycles Loading Cycles
(a) S40-45P20 (b) S30-35P10 (c) S30-35P30
Fig. 13 Seismic performance of piers under Northridge earthquake
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Fig. 14 Seismic performance of piers under Lushan earthquake
Conclusions ® Discussions on the seismic performance of steel piers prove that the

regulation of the failure occurrence sequence is determined by the

mechanical properties of the pier structure, rather than the loading condition.
® Dynamic time-history analyses with real seismic wave inputs were

conducted to verify the results of the failure occurrence priority derived by
the quasi-static analyses. The damage sequences derived from the two kinds
of analyses show good consistency, indicating the reliability of the
simplified seismic design method proposed in this study.

Due to the assumed loading protocol applied in this paper, the judgment on
the necessity of ULCF checking in this paper is conservative. Piers with the
damage priority of ULCF in this study may experience the LI damage before
the ULCF under real seismic motion. Although the piers designed using the
proposed method are considered to be on the safer side under such a situation,
the available structural parameter range is narrowed. In future research, further
refinement of the assumed quasi-static loading protocol can be performed to
pursue a more accurate relationship between damage priorities and structural
parameters according to the seismic motion characteristics of different seismic
regions, such as the magnitude, fault parameters and seismic propagation paths.
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ABSTRACT
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In long-term aggressive corrosion environments, steel structures are susceptible to corrosion, which can significantly impair their
mechanical performance. The seismic behavior of the corroded double-steel-plate composite shear wall (DSCW) is investigated in this
paper. The parameters investigated include the corrosion rate, steel plate thickness, axial compression ratio, and concrete strength. The
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corroded DSCW model was established using ABAQUS’s secondary development function. The research results show that: local corrosion

under cyclic loading may cause the steel plate to buckle prematurely, resulting in early concrete crushing and failure of the binding bars;
The hysteresis curve of the corroded specimen shows a distinct “pinching” effect; With the increase of corrosion rate, the bearing capacity

KEYWORDS

and ductility of DSCW decrease obviously. The optimal steel plate thickness for seismic performance is identified as 9 mm, while higher

concrete strength correlates with enhanced bearing capacity; Increasing the axial compression ratio leads to a gradual decrease in bearing

Double-steel-plate composite shear

capacity. A shear capacity formula that accounts for corrosion rates is proposed, and the relationship between the residual seismic capacity wall;

and drift, in terms of energy dissipation, is also analyzed. Finally, the study calculates the reinforceable residual drift limits for DSCW

damaged by earthquakes.
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Local corrosion;
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Residual seismic capacity

1. Introduction

The double-steel-plate composite shear wall (DSCW) comprises of exterior
steel plates, in-filled concrete, and mechanical connectors. Recently, DSCW
has become widespread use as lateral force-resisting elements in high-rise
buildings and nuclear power plants [1-2]. However, when exposed to corrosive
environments, the exterior steel plates become susceptible to corrosion, which
causes damage to the surface and makes the DSCW less able to handle
earthquakes. Therefore, we need to explore how DSCW behaves during
earthquakes after it has corroded.

The performance of the DSCW is largely determined by the bond between
the steel plates and the concrete. Insufficient confinement between these
materials may cause premature buckling of the steel plates [3]. Various
connectors have been proposed to enhance the bond, including connectors with
different shapes [4-10]. Zhang and Chen [11,12] proposed DSCW with shear
bolts, stiffeners, and L-shaped connectors. It should be noted that these
connectors require extensive welding, which may induce deformation and
residual stresses. The DSCW connector selected in this study uses a binding bar,
which is a bolt-based connection method. The constraint rod can be installed
quickly and conveniently, without the need for welding. Zhu et al. [10] proposed
the DSCW with binding bars and found that reducing the spacing between the
binding bars effectively enhances the seismic performance of the DSCW.
Although the seismic performance of DSCW has attracted significant attention,
research on their seismic performance after corrosion remains limited.

Corrosion seriously affects the strength of steel, leading to significant
degradation. A lot of research has been done to understand how corrosion
affects steel. Imperatore et al. [13] studied how even corrosion affects the
constitutive relationships of steel rebars. Sun et al. [14] found that in addition to
uniform corrosion, random pitting corrosion also occurred in steel rebars.
Pitting damage caused stress concentrations in steel bars, leading to varying
degrees of degradation in their mechanical properties. Qin and Jin [15,16]
conducted both experimental investigations and numerical simulations to assess
the impact of corrosion on steel. Their results indicated that the decrease in the
mechanical properties of the steel was linked to the loss of cross-sectional area
in the steel, leading to substantial changes in the yield plateau, which ultimately
resulted in decreased strength and ductility. Ren et al. [17] highlighted that the
presence of pitting, particularly under conditions of nonuniform corrosion,
caused localized stress concentrations, which expedited the failure of the steel.
These studies, employing both experimental and numerical approaches, offer
valuable insights into the degradation patterns of corroded steel. Although most
of these studies have focused on the corrosion of individual steel members, they
provide a solid foundation for understanding the mechanical behavior of
composite structures exposed to corrosion.

Recent years have seen a surge in research examining the performance of
corroded composite structures, particularly targeting Concrete-Filled Steel

Tubes (CFST). Yang et al. [18] investigated the mechanical properties of CFST
subjected to both uniform and local corrosion. Local corrosion is a common
occurrence in practical engineering, prompting numerous studies on the
mechanical behavior of CFST under such conditions [19-23]. Scholars have
simulated local corrosion by introducing surface defects in steel tubes to assess
their impact. Huang et al. [24] found that artificial notches, whether vertical or
slanted, significantly reduced the peak resistance and ductility of the steel tubes.
However, horizontal notches had a lesser impact on peak resistance and ductility,
primarily causing global flexural buckling. Zhong et al. [25] observed that local
defects in the steel tubes causing a shift in the specimen’s centroid and a
subsequent decrease in the bearing capacity of CFST. While simulating local
defects effectively replicated the mechanical properties after local corrosion, it
differed significantly from the damage observed in CFST under real corrosion
environments. To bridge this gap, Xue et al. [26] designed CFST specimens
subjected to NaCl solution and atmospheric corrosion. An accurate finite
element (FE) model was developed based on 3D scanning profile data, revealing
that corrosion exhibited fractal characteristics and significantly reduced the
specimen’s ductility. Corrosion-induced circumferential expansion often led to
steel pipe fractures, further diminishing ductility. Zhang et al. [27] found that
corrosion of the outer steel pipe significantly reduced the axial bearing capacity
and plastic deformation capacity of CFST. As the corrosion ratio increased, the
mechanical properties further decreased. Significant progress has been made in
the aforementioned literature, which is critical for improving the design of
CFST. However, few studies have been conducted on corroded DSCW in steel-
concrete structures. Therefore, investigating the seismic performance of
corroded DSCW is essential for evaluating its service life. Current codes also
lack design methods for corroded DSCW. Therefore, studying the seismic
performance of corroded DSCW is of significant meaning for assessment the
service life of corroded DSCW.

DSCW are critical components in resisting lateral forces and are subjected
to cyclic loading, necessitating a thorough investigation into their seismic
performance after corrosion. This paper mainly studies the seismic performance
of corroded DSCW with binding bars. Corrosion patterns were categorized into
uniform corrosion and random pitting, based on relevant standards and
corrosion tests on steel plates. Consequently, the model considers local uniform
corrosion and random pitting on the exterior steel plates. A detailed parameter
analysis is subsequently conducted to examine the mechanical characteristics of
the corroded DSCW. Based on finite element calculations, a formula for
calculating corroded DSCW bearing capacity is proposed. Considering the risk
of seismic events affecting already damaged members, the study proposes a
seismic damage evaluation method for DSCW, based on residual drift and
residual seismic capacity post-earthquake. Furthermore, the study proposes
limit values for evaluation indices to ensure the reinforced capacity of these
structural members post-earthquake.
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2. FE model establishment and verification
2.1. Design of 'local corrosion specimen model

Research on DSCW has primarily focused on their seismic performance
with various connectors. However, a gap remains in understanding the
mechanical behavior and failure modes of these shear walls under cyclic loading
in corrosive environments. This study investigates the seismic performance of
DSCWs with binding bars under cyclic loading after corrosion. Nonlinear static
analysis methods were employed to comprehensively explore and elucidate the
seismic behavior of these shear walls under varying corrosion levels. Under
typical atmospheric conditions, steel plates corrode initially, forming areas with
specific maximum residual thicknesses that later develop local pitting corrosion.
According to the studies by Wang et al. [28] and using formulas derived from
the mean values of corrosion pits, equations were fitted to estimate the uniform
corrosion thickness and the diameter of pitting pits as the corrosion rate varies,
shown in Fig. 1 and Eq. (1). Using these formulas, the uniform corrosion
thickness and mean values of pitting pits for steel plates with corrosion rates of
10%, 15%, and 25% were determined. To realistically simulate the seismic
performance of DSCWs under local corrosion, random functions in Python
software were used to generate random corrosion pits on steel plates, as shown
in Fig. 2. This approach ensures that the corrosion simulation captures the varied

and unpredictable nature of pitting corrosion’s effects on structural performance.
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Fig. 1 The uniform corrosion thickness changes with the corrosion rates to fit the formula
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Fig. 2 The Python software’s random function generates random rust pits on the steel plate

1, =0.729+0.041p, R*=0.713 (la)

0, =0.526+0.034p, R=0,789 (1b)

where up is the average diameter of the corrosion pits, op is the standard
deviation of the diameter of the pit, py is the local volume loss rate.

We focus on the numerical simulation of pitting randomness during the
construction of the geometric model. Geometric modeling serves as the core of
the simulation methodology. Previous studies have shown that the shape of
corrosion pit has little effect on the mechanical properties of the structure.
[29,30], so we chose a circular pit to simulate pitting. The locations of these pits
were determined using Python’s Random function, which defined the
distribution of pitting. A Boolean operation was subsequently applied to
generate the final geometric model, based on the relationship between the
generated array of storage forms and the corresponding position vector array.
The flowchart is shown in Fig. 3.
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( Tnput the geometric and pitling parameters )

¥

The number of pits (Np) is determined based on the corrosion
area and pit corrosion index

'

The location of the first pitting corrosion within a given
range is determined

'

The location of theN-th corrosion pit is randomly generated )

F ‘

The spatial distance is defined, and it is determined

whether theN-th corrosion pit coineides with any
previously generated corrosion pits

The generated parts are moved according to the corresponding
position vector, and a Boolean operation is performed

Fig. 3 The flow chart of modeling process

2.2. Material properties

2.2.1. Steel

In this study, steel was modeled using the isotropic elastic-plastic model in
ABAQUS software. This model effectively describes the metal’s plastic
characteristics and satisfies the Von-Mises stress yield criterion. The stress-
strain relationship follows the five-fold line model detailed in "Steel Pipe
Concrete Structures" [31] by Zhong.

2.2.2. Concrete

In order to simulate the mechanical behavior of concrete, the concrete
damage plasticity model in ABAQUA is adopted. This model was chosen based
on yield surfaces proposed by Lubliner [32] and Lee [33], with an additional
cracking energy criterion defined by Hillerborg et al. [34]. Han’s [35] stress-
strain relationship for concrete tension was adopted. The tensile cracking and
compressive failure of concrete can be well simulated by using the
corresponding stress-strain relationship in ABAQUS.

2.2.3. Element type and interaction

During the meshing process, the end plates, binding bars, and concrete were
meshed using hexahedral elements. Due to pitting corrosion on the steel plate’s
surface, hexahedral meshing was applied to the non-corroded areas, while
tetrahedral meshing was used for the corroded regions of the steel plates. The
meshing of each part is shown in Fig. 4.

Binding bar

: End plate

In-fill concrete

Exterior stell plate

Fig. 4 FE model
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The following interaction relationships were defined: “Tie” constraints
were applied between the end plates and the concrete, still between the end
plates and the steel plate. Frictional constraints were applied between the steel
plate and concrete, with the coefficient of friction set to 0.6. The same contact
setting was applied between the binding bars and the concrete. Frictional contact
was defined between steel plates and binding bars, with the coefficient of
friction is set to 0.3.

2.3. Boundary conditions

The loading process takes place in two stages. In the first stage, axial
pressure is applied, followed by the application of horizontal load in the second
stage. The lower end plate of the shear wall is fully fixed to prevent any
movement. The upper end plate is coupled to the reference point. To prevent
out-of-plane instability of the DSCW, a displacement constraint of out-of-plane
is applied at the reference point.

2.4. Model verification

Based on the above Settings, SCSW4 specimens in reference [36] were
selected for modeling to ensure correctness of parameters of the FE model. The
size and loading mode of the FE model are same with test.

The failure mode and steel plate buckling position of the finite element
analysis results are very similar to those of the test (Fig. 5). Both FE model and
experimental test showed steel plate local buckling at the end of the specimen.
This confirms the accuracy and reliability of the finite element simulation in
predicting the failure mode of the DSCW. From the comparative analyses of the
hysteresis curves and skeleton curves, it is evident that they all have very similar
trends and the error in the curves is very small. However, during the specimen’s
failure stage, the model predicts a slightly higher bearing capacity compared to
the actual test value. This is caused by defects in the welding of steel plates and
concrete placement during the production of samples.

Ly

(a)Test destructive mode

T |
(b) Finite element destruction model
= 1500 ’
-20 30
S/mm
|—— TEST

|— FEM

(c) Comparison of experimental and FE model hysteresis curves

245

1500 .

1000

500 |

V/KN
(=]
T

-500 -

-1000

1500 1 1 1 1 1 1 1
-20 -15 -10 -5 0 5 10 15 20

A (mm)

(d) Comparison of experimental and FE model skeleton curves

Fig. 5 Model validation

3. Parametric study

After verifying the test results using ABAQUS software, the study
proceeded to investigate the seismic performance of DSCW with varying
parameters. he effects of different parameters such as corrosion rate, plate
thickness, concrete strength grade, and axial compression ratio, is examined in
the parametric study. These variables significantly influence the mechanical
properties of DSCW, highlighting the need to quantify their effects accurately.
To realistically simulate the random corrosion scenarios encountered in
practical engineering, corrosion models are generated using the random
function in Python. These models simulate local corrosion rates on steel plates,
ranging from 0% to 25%. This approach allows for a comprehensive evaluation
of how varying corrosion levels affect the structural integrity and seismic
behavior of DSCW.

3.1. Influence of the steel plate thickness

In this section, the influence of steel plate thickness on corroded DSCW
bearing capacity is discussed (Table 1). DSCW specimens with steel plate
thicknesses of 5 mm to 9 mm, and corrosion rates of 0% to 25%, are designed.
The shear walls have a height-to-width ratio of 1.0, a concrete strength grade of
C30, restraining tie bars with diameters of 10 mm, and steel plates made of
Q235 material. FE-CI1 to FE-C3 represent specimens with varying steel plate
thicknesses, while FE-C1-0 to FE-C1-2-25 represent specimens with different
corrosion rates.

Table 1
Design parameters of specimens
Test Stéel plate Concrete Axial compres- Corrosion
. thickness strength . . rates

specimen Cmd arade sion ratio %)
FE-C1-0 5 C30 0.2 0
FE-C1-10 5 C30 0.2 10
FE-CI1-15 5 C30 0.2 15
FE-C1-25 5 C30 0.2 25
FE-C2-0 7 C30 0.2 0
FE-C2-10 7 C30 0.2 10
FE-C2-15 7 C30 0.2 15
FE-C2-25 7 C30 0.2 25
FE-C3-0 9 C30 0.2 0
FE-C3-10 9 C30 0.2 10
FE-C3-15 9 C30 0.2 15
FE-C3-25 9 C30 0.2 25
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Fig. 6 The hysteresis curves of different thicknesses of steel plate
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3.1.1. Hysteresis curve analysis

The hysteresis curve of FE-C3 is fuller than that of FE-C2 (Fig. 6), it shows
that an increase in steel plate thickness may provide greater confinement to the
concrete, thereby reducing concrete cracking. However, the hysteresis curves of
specimens FE-C3-10, FE-C3-15, and FE-C3-25 gradually exhibit reduced
fullness, indicating a weakening of energy dissipation capacity in corroded
specimens. This trend highlights the significant detrimental effect of local
corrosion on DSCW.

Among the specimens listed in Table 2, FE-C3-0 exhibits the highest peak
load of 1343.01 kN. This value is 14.1% higher than that of FE-C2-0. With a
constant corrosion rate, the peak load increases gradually with increasing steel
plate thickness, indicating that a thicker steel plate enhances the shear wall’s
bearing capacity. Specifically, the peak load of FE-C3-0 is 10.2% higher than
that of FE-C3-10. Conversely, with a constant steel plate thickness, the peak
load decreases as the corrosion rate increases, show a reduced bearing capacity
due to increased corrosion. Furthermore, the increase in peak load is more
pronounced for specimens with 9 mm steel plate thickness compared to those
with 7 mm at the same local corrosion rates. This observation underscores that
thicker steel plates contribute to improved seismic performance and energy
dissipation capacity, making them more resilient to corrosion.

3.1.2. Skeleton curve analysis
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Table 2
Peak load
Specimen number Peak load

FE-C1-0 890.80
FE-C1-10 733.45
FE-C1-15 722.42
FE-C1-25 703.17
FE-C2-0 1177.03
FE-C2-10 1050.43
FE-C2-15 1046.11
FE-C2-25 1036.97
FE-C3-0 1343.01
FE-C3-10 1218.33
FE-C3-15 1200.75
FE-C3-25 1189.10
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Fig. 7 The skeleton curve of different thicknesses of steel plate
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By processing the hysteresis curves, the skeleton curves are derived and
shown in Fig. 7. Each specimen’s skeleton curve exhibits three distinct stages.
The following observations can be made from Fig. 7 (a-c): In the elastic stage,
the curvature remains consistent, suggesting that corrosion has minimal effect
on the initial stiffness of the DSCW. In the plastic stage, the curvature the curve
diminishes significantly, and all specimens exhibited inflection points. The
inflection points of specimens with corrosion rates of 10%-25% occurred
significantly earlier than those of the uncorroded specimens. This is due to

corrosion reducing the stiffness of the steel plate, causing it to yield prematurely.

The inflection points of the FE-C3 series specimens occurred later than that of
the FE-C2 and FE-C1 series specimens. This is primarily due to the increased
thickness of the steel plate, which significantly enhances the lateral stiffness of
the DSCW. During the failure stage, the curve shows a progressively steeper
decline with increasing corrosion rates. The strength of the FE-C1-25 specimens
decreased significantly, while the FE-C3-0 and FE-C2-0 specimens performed
the best throughout the failure stage. The results show that increased steel plate
corrosion diminishes the DSCW ‘s peak load, ductility, and deformation
capacity. Increasing the thickness of steel plate can significantly improves the
seismic performance of corroded DSCWs, but it reduces ductility. In practice,
the thickness of steel plate can be appropriately increased to mitigate the
negative impact of corrosion and enhance seismic performance of DSCW.

3.2. Influence of the concrete strength grade

In this section, the influence of concrete strength on corroded DSCW
bearing capacity is discussed. DSCW specimens are designed using FE-C1 as
the base model, with local corrosion rates of 0%, 10%, 15%, and 25%, and
concrete strength grades of C30 to C50. The parameters for each model are
shown in Table 3.
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3.2.1. Hysteresis curve analysis

An increase in the concrete strength grade from C30 (FE-C1-0) to C40 (FE-
E1-0) resulted in a rise in the overall stiffness of the specimens, as well as a
significant increase in the peak load, which increased by 11.18% (Fig. 8, Table
4). However, when the concrete strength was further elevated from C40 (FE-
E1-0) to C50 (FE-E2-0), the peak load showed only a modest increase of 1.53%.
With the increase of concrete strength, the effect on the peak load of DSCW
decreases gradually. In the case of corroded DSCWs, when the corrosion rate
increased from 0% to 10%, the peak horizontal bearing capacity of specimens
with concrete strengths ranging from C30 to C50 decreased by 17.66%, 17.43%,
and 12.44%, respectively. The reduction in peak load of corroded DSCW was
effectively mitigated with the concrete strength grade added.

1000

600

400

200

Table 3
Design parameters of specimens
Test Ste_el plate Concrete Axial compres- Corrosion
i thickness strength K . rates
specimen (mm) grade sion ratio <%)
FE-C1-0 5 C30 0.2 0
FE-C1-10 5 C30 0.2 10
FE-C1-15 5 C30 0.2 15
FE-C1-25 5 C30 0.2 25
FE-E1-0 5 C40 0.4 0
FE-E1-10 5 C40 0.4 10
FE-E1-15 5 C40 0.4 15
FE-E1-25 5 C40 0.4 25
FE-E2-0 5 C50 0.2 0
FE-C3-10 9 C30 0.2 10
FE-C3-15 9 C30 0.2 15
FE-C3-25 9 C30 0.2 25
Table 4
Peak load
Specimen number Peak load
FE-C1-0 890.80
FE-C1-10 733.45
FE-C1-15 72242
FE-C1-25 703.17
FE-E1-0 990.38
FE-E1-10 817.73
FE-E1-15 827.90
FE-E1-25 824.51
FE-E2-0 1005.5
FE-E2-10 880.37
FE-E2-15 871.23
FE-E2-25 858.40
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Fig. 8 The hysteresis curves of different concrete strength grades

3.2.2. Skeleton curve analysis

The elastic and plastic stages of the skeleton curve are similar (Fig. 9). The
peak load of the FE-E1 series specimens exceeds that of the FE-C1 series, but
is lower than that of the FE-E2 series specimens. This suggests that, for the same
corrosion rates, an increase in concrete strength grade gradually improves the
peak load of the DSCW. Under non-corrosive conditions, the elastic and plastic
stages of the skeleton curve exhibit similar characteristics, with a gradual
decline observed in the failure stage. However, at corrosion rates of 10%, 15%,
and 25%, the disparity in the skeleton curves increases as the concrete strength
grade increases. This indicates that higher concrete strength, combined with
increased corrosion rates, leads to greater variations in the shear wall’s bearing
capacity.
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Fig. 9 The skeleton curve of different concrete strength grades

3.3. Influence of the axial compression ratio

In this section, the axial compression ratio is the primary research
parameter, while other parameters remain constant. DSCW specimens are
designed with local corrosion rates of 0%, 10%, 15%, and 25%, and axial
compression ratios from 0.2 to 0.6. The parameters for each model are provided
in Table 5.

3.3.1. Hysteresis curve analysis

As shown in Fig. 10, In the case of no corrosion, the hysteresis loop
pinching phenomenon more serious with the increase of axial compression ratio.
This suggests that the energy dissipation capacity of DSCW decreases with the
increase of axial compression ratio. Upon examining the hysteresis curve of FE-
F1-0, an upward phase is observed after the initial decline. This phenomenon is
caused by the buckling of the steel plate and the crushing of concrete in the
DSCW. However, the binding bars continue to restrain the steel plate after
buckling, preventing excessive deformation and extensive concrete crushing.
Therefore, the bearing capacity has an upward trend when the shear wall
continues to load.
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Fig. 10 The hysteresis curves of different axial compression ratios
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Table 5§
Design parameters of specimens
Steel plate Concrete X Corrosion
Test . Axial compres-
. thickness strength . . rates
specimen sion ratio
(mm) grade (%)
FE-C1-0 5 C30 0.2 0
FE-C1-10 5 C30 0.2 10
FE-C1-15 5 C30 0.2 15
FE-C1-25 5 C30 0.2 25
FE-F1-0 5 C30 0.4 0
FE-F1-10 5 C30 0.4 10
FE-F1-15 5 C30 0.4 15
FE-F1-25 5 C30 0.4 25
FE-F2-0 5 C30 0.6 0
FE-F2-10 5 C30 0.6 15
FE-F2-15 5 C30 0.6 15
FE-F2-25 5 C30 0.6 25
oo T T T T T T
800 |- e
600 e
400 e
200 e
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Table 6
Peak load
Specimen number Peak load
FE-C1-0 890.80
FE-C1-10 733.45
FE-C1-15 722.42
FE-C1-25 703.17
FE-F1-0 799.91
FE-F1-10 698.94
FE-F1-15 693.97
FE-F1-25 689.18
FE-F2-0 779.59
FE-F2-10 719.64
FE-F2-15 743.38
FE-F2-25 700.07

At an axial compression ratio of 0.6, an increase in corrosion rates result in
a marked reduction in the specimen’s peak load, as indicated by the steeper
descending section of the hysteresis curve. This trend indicates that higher axial
compression ratios accelerate the decline in bearing capacity under seismic
loading, potentially resulting in brittle failure. Consequently, in the practical
engineering design of shear walls, it is advisable to regulate the axial
compression ratio to mitigate substantial reductions in both bearing capacity and
energy dissipation.

3.3.2. Skeleton curve analysis

The effect of the axial compression ratio on the seismic performance of the
specimen is evident from the skeleton curve (Fig. 11). During cyclic loading,
failure occurs in the corroded sections of the steel plate, resulting in buckling
and reduced ductility of the DSCW. Comparing skeleton curves at different
corrosion rates shows that corrosion significantly impacts the plastic phase.
However, the trend in the failure phase shows minimal variation with increasing
corrosion rates.
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Fig. 11 The skeleton curves different axial pressure ratios

4. Calculation of shear capacity of DSCW

Currently, the research on the shear capacity of DSCW has received
widespread attention in both domestic and international academic circles.
However, no existing specification specifically addresses the horizontal bearing
capacity of corroded DSCW with binding bars. Therefore, a shear capacity
formula specifically for DSCW with binding bars was proposed and assesses its
effectiveness in predicting their shear capacity.

4.1. Calculation of shear capacity formula for DSCW

This paper studied the mechanical properties of DSCWs consisting of steel
plates, concrete, and binding bars. These components work together to enhance
the shear bearing capacity of the DSCW. While steel plates and concrete directly
offer to the shear capacity, the binding bars provide indirect protection to the
concrete by restricting steel plate buckling, a factor critical to maintaining shear
capacity.

Finite element analysis shows that parameters significantly influence the
seismic performance of these shear walls. To accurately quantify the shear
bearing capacity, the formula from the specification [37] is modified to include
the contribution of binding bars. This modification is based on least squares
fitting of finite element simulation data using SPSS software, as detailed in Eq.
(2) of this paper.

0.2f,4,h,
y< L | 0120b0, 00361bh, 02/, Ak, o\ fud, |R*=095 (2)
7ee| (A=05)  (1-0.5) H e

Where ygr is seismic adjustment factor for load capacity, f; is design value of
axial tensile strength of concrete, b, is thickness of DSCW, A,, width of DSCW,
A is shear span ratio, f. is design value of axial compressive strength of concrete,
A 1s full cross-sectional area of steel plate in section, H is height of DSCW, f;,
is design value of tensile strength of binding bars, Ay is cross sectional area of
binding bars.

The calculation of the above specimens was performed using Eq. (1), and
the calculating results were compared with the FE values (Table 7).

The comparison reveals that the average ratio between finite element
calculated values and the theoretical formula results is 0.930. The calculated
value from the finite element method good agreement with the value obtained
from the formula. Therefore, Eq. (2) for shear capacity is highly applicable,
accurately estimating the shear capacity of the DSCW.

Table 7
Comparison of the finite element calculated values and calculated values of the
formula

Specimen num- Finite element calculated value Formula value

ber Vi(kN) V/(kN) Vive
FE-C1-0 812.37 890.80 0.91
FE-F1-0 812.37 799.91 1.02
FE-C2-0 1021.35 1170.03 0.88

FE-E1-0 899.46 990.38 0.91
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4.2. Calculation of shear capacity formula of DSCW after partial corrosion

An extension of Eq. (2) for the shear capacity of DSCW has been developed
to account for corrosion. This extension involves fitting a formula to express the
horizontal bearing capacity of corroded DSCW. To quantify the influence of
corrosion on shear capacity, the average ratio of the shear capacity of each
corroded model relative to the uncorroded model has been determined.
Subsequently, an equation has been derived to describe how this average ratio
varies with the corrosion rate (Eq. (3)).

N!

v =1-2.02x> +1.521x—0.899y/x R*=0.92 3)

Where N’ is the corrosion of the DSCW combination of shear capacity, N is the
shear capacity of the uncorroded DSCW combination. x is the corrosion rate.

Eq. (2) and (3) have been combined to derive Eq. (4), which describes shear
capacity of the corroded DSCW. The specific parameters of 16 specimens were
substituted into Eq. (4) to calculate the horizontal bearing capacity of the DSCW,
shown in Table 8.

N < (1-2.0257 +1.521x - 0.899)

1 {O.l2f,bwhu 0.036/.b,h, 02f,Ah,
— + +
VrE (1_0-5) (’1_0-5)

Q)

+O.16f;,?Aw}

Table 8
Comparison the finite element calculated values and theoretical formula results

Specimen num- Finite element calculated value Formula value

Vil Ve
ber Vi/(kKN) Ve/(KN)
FE-C1-0 812.37 890.8 0.91
FE-C1-10 688.58 733.45 0.94
FE-C1-15 677.94 722.42 0.94
FE-C1-25 653.55 703.17 0.93
FE-C2-0 1021.35 1063.66 0.96
FE-C2-10 865.71 954.94 0.91
FE-C2-15 852.34 951.01 0.90
FE-C2-25 821.68 942.70 0.87
FE-E1-0 899.46 990.38 0.91
FE-E1-10 762.39 817.73 0.93
FE-E1-15 750.61 827.9 0.91
FE-E1-25 723.61 824.51 0.88
FE-F1-0 812.37 799.91 1.02
FE-F1-10 688.58 698.94 0.99
FE-F1-15 677.94 693.97 0.98
FE-F1-25 653.55 689.18 0.95
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Fig. 12 Verification of calculation model

Table 8 compares the calculated values from the formula with those
obtained through finite element analysis. The average ratio of the finite element
calculation values to the theoretical formula results is 0.93. The finite element
analysis data and formula calculation data are utilized to assess the accuracy of
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Eq. (4). The proposed formula clearly and accurately calculates the shear
capacity of corroded DSCW, with a deviation of less than 17% (Fig. 12). In
general, the theoretical formula can effectively calculate the shear capacity of
DSCW. This formula provides a reliable basis for future engineering
applications. It should be noted that the shear capacity formula for corroded
DSCW proposed in this paper is specifically applicable to DSCW with local
corrosion.

5. Residual seismic capacity

The seismic performance of buildings is reduced due to earthquakes, initial
defects, and durability concerns. Assessing the residual seismic capacity of
damaged structures is essential for preparing them for future earthquakes.
Currently, the assessment of residual seismic capacity mainly involves
assessing cracks and the post-earthquake behavior of structural components.
This approach is subjective and requires extensive field investigations.
Therefore, this study based on the energy dissipation capacity of DSCW to
analyze their residual seismic capacity at each loading stage. The aim is to
develop a seismic performance evaluation method for earthquake-damaged
shear walls, using residual drift as the primary evaluation criterion.

5.1. Relative residual side shift and relative side shift correspondence

In the investigation of the seismic capacity of DSCW, residual drift is a
crucial indicator for evaluating their resilience. A normalization approach is
employed to conduct a quantitative analysis of residual drift. This involves
dividing the drift (d4) and residual drift (J,) at each loading stage by their
respective values at the failure state. This normalization results in the relative
drift (a/Oar faiture) and relative residual drift (6,e/0ye winie). A model (Eq. 5) was
developed to assess the characteristics of residual drift in shear wall specimens
subjected to cyclic loading, as shown in Fig. 13(a).

2

10160 )

dr, failure

5re =0.84 é:ir

dr, fuilure

re, failure

The formula’s coefficient of determination R’ is 0.94, confirming the
accuracy and applicability of predicting the residual drift of specimens at
different drift states. To further validate the formula’s applicability in predicting
the relationship between relative residual drift and drift in DSCWs, test results
from three specimens subjected to low cyclic loading, as reported in the
literature [34], were selected for model validation (Fig. 13(b)). The
computational analysis model shows a relatively small difference when
compared to the relationship between relative residual drift and relative drift
proposed in this paper, demonstrating that the model can be broadly applied to
predict residual drift in various types of DSCW with ductile failure.
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(a) Proposal of calculation model
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Fig. 13 The relationship of relative residual drift and relative drift for DSCW
5.2. Residual seismic capacity and reinforcement analysis

For assessment of the residual seismic capability of DSCW after earthquake
damage, the residual seismic capacity discount factor R, put forward by JBDPA
and Geng [38,39], is calculated based on Fig. 14, as shown in Eq. (6). The area
under the skeleton curve from initial loading to the damaged state represents the
total energy E,. At any loading level, the area enclosed by the drift and residual
drift on the skeleton curve represents the absorbed energy E, The residual
absorbed energy E. is then determined by subtracting the absorbed energy from
the total energy.

— EV
E,+E, ®

Skeleton curve of a double steel
plate combination shear wall

Load

The total energy that can be
absorbed by the specimen from
the beginming of loading to the

state of destruction.

-

Lateral displacement

(a) Total absorbable energy

A Skeleton curve of a double steel
plate combination shear wall

Load

The energy that can be
absorbed by the specimen
dioa when it continues to be
certain loading loaded from this loading
level stage until it reaches the
state of destruction

Energy absorbed
by the specimen

»

Lateral displacement
(b) Already absorbed energy

Fig. 14 Seismic capacity reduction factor for damaged DSCW

The residual seismic capacities of all shear wall specimens at different
loading levels are combined (Fig. 15(a)). A fitting formula for the relative value
of residual drift and residual seismic capacity is proposed, on the basis of the
data degradation analysis method, as shown in Eq. (7). The coefficient of
determination R’ for this formula is 0.95, indicating that the results of DSCW
calculated by this method’s error is small.

To evaluate the accuracy and applicability of Eq. (7) in predicting the
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residual seismic capacity of earthquake-damaged shear walls using relative
values of residual drift, shear wall specimens from the literature [37] are
selected to validate the calculation model. The data points, shown in Fig. 15(b),
are compared with the analytical model proposed in Eq. (7). This establishes the
corresponding relationship between residual drift and residual seismic capacity
in earthquake-damaged shear walls. Although the calculation model may
slightly underestimate the average residual seismic capacity of earthquake-
damaged shear walls approaching failure, it provides a more conservative and
secure conclusion when assessing the safety of these shear walls.
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Fig. 15 Calculation model for the relationship of residual seismic capacity with relative
residual drift for DSCW

Table 9
Evaluation index of damage evaluation for DSCW

Damage level Residual seismic capacity Relative Residual Side Shift

minimal R>0.95 Orel Ore fuiture<0.06
general 0.75<R<<0.95 0.06 <<0ye/0re fuiture<0.30
medium 0.50<R<<0.75 0.30<<0ye/0refuiture<0.60
severity R<C0.50 OrelOre faiture=>0.60

To further investigate the post-earthquake reinforcement of earthquake-
damaged DSCW, residual drift is used as the control criterion. A proposed
relationship between shear wall failure grades and residual seismic capacity is
presented in Table 9. The medium failure grade of the shear wall is designated
as the benchmark for reinforcement assessment, with an average value of 0.45
being the recommended threshold for determining reinforcement needs.
Therefore, when the relative value of residual drift exceeds 0.45, it indicates that
the earthquake-damaged shear wall may no longer significantly benefit from
continued reinforcement. Fig. 16 shows the residual drift of the shear wall at
different corrosion rates in relation to the reinforcement limit based on residual
drift.
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Fig. 16 The reinforcement limit based on residual drift

Compared to the uncorroded specimen, Corrosion of steel plate reduces its
inhibition on internal concrete compared with non-corroded specimens. This
results in less drift of the corroded specimen and less residual drift upon failure.
The limit value of reinforced residual drift for the corroded specimen is also
significantly reduced, with the reduction increasing as corrosion rates rise. At
constant corrosion rates, both the thickness of the steel plate and the axial
pressure ratio significantly affect the limit value of reinforced residual drift.
Specifically, thicker steel plates gradually increase the limit value, although
their impact diminishes as corrosion rates increase. Conversely, higher axial
pressure ratios reduce the limit value. In practical applications, increasing the
thickness of exterior steel plates in DSCW can enhance the limit value of
reinforced drift. It is recommended to avoid components with high axial
pressure ratios and to promptly assess reinforcement needs for corroded
DSCWs in actual projects.

6. Conclusion

A detailed FE model of the corroded DSCW is developed in this paper. The
model was validated through previous cyclic tests. On the basis of validation,
different parameters were investigated. Based on the theoretical analysis, a
formula for calculating corroded DSCW bearing capacity is proposed. The
residual seismic capacity of the corroded DSCW is evaluated based on the
energy dissipation, and the reinforced residual drift limit of the corroded DSCW
after an earthquake is proposed. The main conclusions are drawn:

(1) The finite element analysis results demonstrate that corrosion significantly
impacts the seismic performance of DSCW specimens, leading to
consistent degradation in their bearing capacity. Corrosion diminishes
energy dissipation, shear capacity, and ductility.

(2) The seismic performance of DSCW is primarily depends on variations in
the constraint strength between the steel plate and concrete. The thickness
of the steel plate is a crucial factor in determining the bearing capacity. As
the thickness increases from 5 mm to 9 mm, shear capacity increases by
32.1% and 50.8%, respectively. Furthermore, the shear capacity of DSCW
decreases linearly with increasing corrosion rates, regardless of other
parameters.

(3) As corrosion levels rise, the bearing capacity of shear wall specimens
decreases significantly, with a more pronounced reduction in displacement
ductility compared to bearing capacity. Furthermore, increasing the axial
compression ratio in corroded specimens leads to reductions in both
bearing capacity and ductility. For DSCW subjected to significant
corrosion, it is recommended that the axial pressure be controlled below
0.6 at the time of design.

(4) Considering both the effects of corrosion and the binging bars to bearing
capacity, a shear capacity formula for DSCW incorporating both factors is
proposed. Numerical simulation results validate the accuracy and
applicability of this formula, with the maximum deviation remaining
below 17%. Thus, the theoretical formulas can reliably predict the shear
bearing capacity of DSCW.

(5) The residual seismic capacity at each loading stage for 28 specimens is
evaluated using a modeling method based on the energy dissipation
capacity of shear walls. The effectiveness of the proposed method is
evaluated by calculating the relevant experiments. Additionally, a lateral
displacement limit for DSCW after an earthquake is proposed, which can
aid in the design of reinforcements for these structures.
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ABSTRACT

ARTICLE HISTORY

To study the fracture behavior of circular hollow section (CHS) X-joints with weld defects, an axial tensile static load test
was performed on one penetration welding specimen and two non-penetration welding specimens. The VUSDFLD
subroutine in the ABAQUS software is utilized to perform finite element analysis (FEA) of CHS-X joints with weld

defects. The simulation is based on micromechanical fracture models (VGM model and SWDM model). The results

demonstrate that both VGM and SWDM models can precisely forecast the fracture of CHS-X joints, regardless of the
presence or absence of weld defects. The accuracy of the simplified weld defects model using the equivalent width
method and equivalent area approach is confirmed by comparing it with the test findings. In the comparison of fracture
displacement and ultimate load error between FEA and testing, it was shown that the error of the VGM model is within
21%, and the error of the SWDM model is within 17%. The numerical simulation of the SWDM model is closer to the
test results than that of the VGM model, which can be well applied to the fracture prediction and fracture path simulation
of CHS-X joint defective weld. This paper provides a new method and perspective for analyzing and evaluating the weld
fracture behavior of CHS-X joints with weld defects, serving as an important reference for predicting the bearing capacity
of CHS-X joints with non-penetration welding in actual engineering applications.
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1. Introduction

The possible defects in the welding process of the CHS-X joints seriously
affect the quality and performance of the joints. In engineering practice,
welding is a common method of metal connection for joining two or more
metal parts together. Research has demonstrated that the quality of welding has
a direct impact on both the quality and lifespan of the workpiece [1-4]. The
presence of welding defects in the CHS-X joints will have a detrimental impact
on the strength and stability of the welded components, perhaps resulting in
their failure. Thus, it is crucial to possess thorough comprehension and
efficient measures to prevent these weld defects. Insufficient tool current or
excessive gun movement speed during welding might lead to incomplete
penetration weld defects. Incomplete penetration defects are a type of weld
defect that occurs when there is insufficient fusing of the weld metal, leading
to an incomplete fusion area at the root of the welding section [5-7]. Hence, it
is of great significance to comprehensively detect and analyze the welding
defects of CHS-X joints to improve the overall welding quality.

Traditional fracture mechanics methods, including stress intensity factor,
crack tip opening displacement (CTOD), and J-integral approach, have been
extensively employed in the investigation of fracture issues in steel structures
throughout the last few decades [8—10]. Currently, the predominant
micromechanical fracture model used for predicting monotonic tensile fracture
is the Void Growth Model (VGM) established by Rice et al. [11]. This model
characterizes the stress state of materials by examining changes in stress
triaxiality. The accuracy of the VGM model criterion is verified through a
sequence of tests and FEA [12—18]. Yin et al. [19] performed monotonic tensile
fracture tests on specimens with single-sided U-shaped and V-shaped notches.
The VGM model and VGM-based continuous damage criterion were employed
to simulate the ductile fracture of these specimens. The FEA accurately
predicted the load-displacement curve, which was confirmed by the test data,
thus validating the correctness of both fracture criteria. Kanvinde et al. [20]
proposed a Cyclic Void Growth Model (CVGM) by studying the positive and
negative changes of triaxial stress under cyclic loading. Han et al. [21] studied
the influence of hysteresis characteristics of circular hollow section (CHS) X
joints on the seismic performance of steel pipe structures by using the CVGM
model. Through experiment and FEA, the hysteresis curve and crack
propagation of the joints under cyclic load are evaluated. The results show that
the experiment and FEA results are highly consistent, and the error of crack
load is 10.8% and 5.7%. Recent research in fracture mechanics has
demonstrated that, apart from stress triaxiality, the Lord's angle parameter is
also a significant determinant of the plastic flow and toughness failure of
metallic materials. Smith et al. [22] introduced the Lord's angle parameter
based on the CVGM model and proposed the Stress Weighted Damage Model
(SWDM). He et al. [23] designed five monotonic tensile specimens under
different stress states, extracted the stress triaxiality, Lord's angle parameters,
and equivalent plastic strain at the initial fracture point of each specimen, and

calibrated the unknown parameters of the VGM model and SWDM model for
Q355B steel base metal and weld metal.

While the study of micromechanical fracture models has reached a high
level of development, research on steel structures with defects is limited. Steel
structures are prone to various defects, which will affect their safety
performance [24-28]. Arandelovi¢ et al. [29] fabricated different combinations
of defects and performed tests and numerical simulations. They found that the
welded joints with misalignment and insufficient root penetration were the
weakest and could be affected by internal defects. Zhu et al. [30] analyzed the
effects of circumferential weld defects on the fracture behavior of X80 pipes
under internal pressure and bending forces using ABAQUS. The findings
indicate that the impact of defect depth on performance is more substantial
than that of defect perimeter. Geng et al. [4] studied the linear elasticity of
welded thin-walled steel tubes with circular arc weld defects under bending
loads, modelling these defects as circular arc cracks. They calculated the
energy release rate (J-integral) using finite element methods and found that the
arc length influences the stress intensity factor. Mazurkiewicz et al. [31]
examined how multiple defects—such as misalignments, undercuts,
incomplete root penetration, and excess weld metal—affect the performance of
welded joints, revealing that stress concentration from different defects
significantly impacts yield stress and plasticity, especially in misaligned joints.
Lai et al. [32] investigated butt fusion-welded MDPE tube joints with varying
sizes of spherical and planar defects, addressing inadequate adhesion during
welding in their tests and simulations. Research indicates that defects
measuring 15% of the tube wall thickness do not affect pipeline strength.
However, as defect sizes increase to 30% and 45% of the wall thickness,
failure strain decreases significantly. Wang et al. [33] found that incomplete
penetration weld defects reduce both the average tensile and impact strength in
316L welded joints. Yan et al. [34] showed that high-temperature defects in the
weld zone cause stress concentration and decrease yield strength, leading to
brittle fractures. Arandjelovic et al. [35] found that secondary defects
combined with vertical misalignment are most likely to cause welding failures.
Most studies on welding defects focus on their impact on mechanical
properties, with little research on fracture behavior. Liao et al. [36] used
J-integral, VGM, and SMCS models to predict fractures in Q460C
beam-column joints with initial defects, while Xing et al. [37] assessed Q235
steel corrosion, finding a ductility reduction of about 36.811%, with SWDM
and LOU models outperforming VGM in fracture predictions. While Liao and
Xing studied initial defects and corrosion, they did not address fractures in
CHS-X joints with weld non-penetration defects. Given the prevalence of
incomplete penetration during welding and its tendency to cause cracks during
cooling, further investigation into the fracture performance of CHS-X joints
with incomplete weld penetration is necessary.

To study the fracture properties of CHS-X joints with initial defects, three
joints were designed: one with a penetration weld and two with incomplete
penetration welds, all for axial loading tests. All joints were made from Q355B
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steel. The simulation of these joints utilized the Void Growth Model (VGM)
and Stress Weighted Damage Model (SWDM) within the VUSDFLD
subroutine of ABAQUS software using Fortran. The study evaluated the
accuracy of both models in predicting fractures by comparing simulation
results with actual test specimens. This research provides valuable insights for
the safety analysis of CHS-X joints with weld defects.

2. Micromechanical fracture model
2.1. VGM model
Rice [11] et al. pointed out that the cavity expansion rate is exponential

with the triaxiality of the stress state and finally derived the VGM criterion,
which is expressed as:

=ed, D)

where  is a material property constant, R is the instantaneous hole
diameter, 7 is stress triaxiality, is average stress, o is
equivalent stress, C and 4 are parameters to be fitted, is the equivalent
plastic strain increment. Equation (1) can be expressed by the following
damage variable:

= e

_ @

When damage variable D=1, the material can be considered to break.
2.2. SWDM model

Smith et al. [22], based on the CVGM model, considered the damage
accumulation problem of members under low-stress triaxial degree, introduced
the Lode angle parameter to describe the partial stress state, and used the

hyperbolic sine function to replace the exponential function to adjust the
fracture model, and proposed SWDM model, which is expressed as:

= pop( -7 ) p 3

.
= 3 ) =232 4

where A represents the cyclic degradation rate, while £ denotes the relative
rate of damage, with its value fixed at 1.0. The material parameters, 4%, 4-, and
x, can be determined through test calibration. The lode angle parameter &
varies within the range of —1 to 1, where ¢=1 signifies the axisymmetric tensile
state, and ¢=0 corresponds to the plane strain state. € is the Lode angle, and J>
and J; represent the second and third invariants of the deviator stress tensor,
respectively.

Rewrite Eq. (3) into incremental form, and express SWDM fracture model
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in the form as:
= r -7 ) B (5

Eq. (5) is simplified to the monotonic load form of the SWDM model, as
presented in Eq. (6).

When D=1, the material can be considered to start to break.

Reference [23] predicted the fracture behavior of both the base metal test
piece and the weld metal using two models. The results showed that the VGM
model is primarily applicable to test pieces under high-stress triaxial states and
is not applicable to test pieces under low-stress triaxial states or shear states
with complex stress distributions. In contrast, the SWDM model, which
considers the effect of the Lord's angle parameter, can accurately simulate the
damage extent of the joint under various stress triaxial states.

Under monotonic loading, a material point in an element reaches the
critical ductile fracture state when it satisfies Eq. (2) and (6), initiating fracture.
Notably, the joints maintain their bearing capacity even after cracking. Thus,
post-cracking, a detailed analysis of the joint's mechanical properties is crucial
for assessing its limit state. To replicate crack evolution, we undertake
secondary development of the finite element (FE) software by integrating the
VGM and SWDM models into the VUSDFLD subroutine using Fortran and
embedding them in the ABAQUS interface. This setup allows the simulation of
crack initiation and propagation within the joints.

The VUSDFLD subroutine mainly defines the state variables, and the state
variables of the unit material points need to be updated during each calculation
and analysis. In order to realize the crack propagation behavior of the joints
after cracking, the method of birth and death element is adopted. When the
state variables of the element material point meet the micromechanical fracture
criterion, they will be deleted from the whole model and no longer participate
in the subsequent calculation. The method of birth and death element first
needs to define the deleted state variables in the VUSDFLD subroutine. It
needs to be set in the property column of ABAQUS software before the formal
analysis. Typically, a value of 1 for the deletion state variable indicates that the
unit material point is active and actively participates in the model calculation.
Conversely, a value of 0 for the deletion state variable signifies that the unit
material point is in a failed state and does not contribute to the model
calculation.

3. CHS-X joints fracture test
3.1. Design of joints specimens

Design three CHS-X joints, where specimen GX-1 is fillet weld without
weld defects, specimen GX-2 is fillet weld with weld defects, and specimen
GX-3 is butt weld with weld defects. The chord and brace of these joints
consist of cylindrical steel tubes, and the steel tubes of specimens are Q355B
steel tubes. Refer to Table 1 for the dimensions and geometric parameters of
these test joints, and consult Fig. 1 for the geometric dimensions.
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Fig. 1 Geometric dimension of specimen GX-1(unit: mm)
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Table 1
Dimension and geometrical parameters of test joints

Weld form Weld
defects

Specimen  Chord Brace hy B y
d2xtl dlxtl (mm)

GX-1 180X6  121X5 9 0.67 15 Fillet weld No
GX-2 219X7  121X6 9 0.55 15.64 Fillet weld Yes
GX-3 245X8  121X7 9 0.49 15.31 Butt weld Yes

Where f is the ratio of brace diameter to chord diameter, y is the chord
radius-to-thickness ratio, and /,is the weld size.
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3.2. Material characteristics

As shown in Fig. 2, the micromechanical fracture parameters and true
stress-plastic strain of Q355B steel calibrated by reference [22] are adopted.
The elastic modulus of steel tube base material is 210392 MPa, yield strength
is 355.49 MPa, the elastic modulus of weld metal is 206651.71 MPa, yield
strength is 384.44 MPa, and Poisson's ratio is taken as 0.3. The fracture
parameters of the VGM model and SWDM model are shown in Table 2 and
Table 3.
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400 4
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Fig. 2 Real stress- plastic strain curves

Table 2

Parameters of VGM model

Material C A K
Base metal 0.466 1.232 --
Weld metal 0.255 1.537 -
Table 3

Parameters of SWDM model

Material C A K
Base metal 0.844 0.635 0.081
Weld metal 0.802 0.771 -0.381

3.3. Loading mode

This test is carried out with the designed triangular reaction frame. The
triangular reaction frame is securely fastened to the laboratory floor using

N /
b
s

Counterforce Floor

==
=
T

s

(a) Test field

ground anchor bolts. The brace of the test joint specimen is securely fastened
to the triangle reaction frame at one end using bolts, while the other end is
bolted to the MTS servo actuator. The actuator is attached to the laboratory
reaction wall. The two ends of the chord are free and placed vertically. Fig.3
displays the test loading equipment.

The unidirectional axial tensile load is applied to the right brace, and
displacement control is used. To ensure the smooth development of
deformation and stress in the joints, as well as to monitor and obtain the
real-time response of the structure under various load levels, the strain rate
should be less than 0.00007 s/, the loading rate is set at 0.75 mm/min,
according to the strain rate requirements specified in the Chinese and European
tensile test specifications for metallic materials [38-39]. The test process is
divided into two stages: preloading and formal loading. The purpose of
preloading is to verify that the testing instrument can perform normally. During
the formal loading stage, a loading speed of 0.75 mm/min is used to observe
the deformation of the joint specimens and the process of crack propagation as
the joints sustain damage. The load-displacement curve is monitored in
real-time, with particular attention to the peak point of the curve until joint
failure occurs.

Counterforce wall

(b) Diagram of test loading device

Fig. 3 Test loading device
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3.4. Test process and failure phenomenon of joints

Fig. 4 illustrates the fracture condition of specimen GX-1. A crack was
observed at the saddle point of the weld where the brace and the chord
intersected on the right side of the front side of the test piece. As the load
increases, the crack propagates from the saddle point of the weld to the crown
point on both sides. The crack propagation process is shown in Fig. 4. The
gradual increase of load leads to large dent deformation of the chord wall and
gradual flattening of the chord. At the same time, the crack on the right side of

(c) Crack propagation increase
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the brace in front of the joint also spreads from the saddle point to the crown
point, the crack length gradually increases, and the crack width gradually
increases along the axial direction of the brace. When the load reaches 421 kN,
there is obvious dent deformation of the chord, the crack on the weld expands
to the crown point, the crack width is significantly increased, and the joint
loses the ability to continue bearing, that is, the maximum bearing capacity is
reached, and the joint is damaged, which belongs to the weld failure form [32].
The destruction of the joint test piece is shown in Fig. 5.

Crack propagation|

(b) Crack propagation

Crack fully developed

(d) Crack fully developed

Fig. 4 GX-1 Crack propagation process

Fig. 5 Failure mode of joint specimen GX-1

Fig. 6 illustrates that as the load increases, specimen GX-2 has large dent
deformation, resulting in the eventual flattening of the chord. At the moment
the load hits 383.04 kN, an abrupt and distinct sound will be audible, indicating
the sudden separation of the chord and brace. At this time, the brace of the
joint is separated from the weld, and it is difficult to capture the picture of the

weld crack from appearing to fracture during the failure process. Fig. 6 shows
the final failure form of the joint, in which the failure mode is weld penetration
zone fracture and incomplete penetration zone separation.

For joint specimen GX-3, no significant flattening of the chord occurred as
the load applied to both ends of the specimen increased. When the load is
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loaded to 334.72 kN, a crisp sound is heard, the bearing capacity drops sharply,
and the specimen is damaged. At the saddle of the weld in front of the
specimen, the brace is separated from the weld, and there is no fracture crack
at the weld behind the specimen. The failure mode of the weld joint of
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specimen GX-3 is fracture of the weld penetration zone, separation of the
non-penetration zone, and short failure time. It is difficult to accurately record
the crack growth in the process of weld crack from appearance to failure, and
the final failure form of the joint is shown in Fig. 7.

(a) Damage pattern in front of the joint

(b) Damage form behind the joint

(c) The chord deformation morphology

Fig. 6 Failure mode of joint specimen GX-2

(a) Damage pattern in front of the joint

(b) Damage form behind the joint

(c) The chord deformation morphology

Fig. 7 Failure mode of joint specimen GX-3

3.5. Test results discussion

Due to the complete penetration of the weld seams in specimen GX-1,
stress concentration was high at the joint saddle during the tensile process.
Therefore, the cracking point first appeared at the joint saddle, and then the
weld crack propagated along the intersecting line, ultimately causing the
specimen to lose its bearing capacity and fail. In contrast, although specimen
GX-2 has defective welds, its load-displacement curve show a plastic stage,
and the chord undergoes significant deformation, with an ultimate bearing
capacity of 383.04 kN. The time from cracking to fracture in the saddle weld of
specimen GX-2 joint is short. Although the deformation of the chord can serve
as a precursor to fracture, sudden fracture still poses a potential danger to the
engineering structure. The reason for the failure of specimen GX-2 is that there
is a small area of incomplete fusion between the weld and the brace. As for
specimen GX-3, due to the small penetration area of the weld and the large
non-penetration area, the weld defects were significant. The load-displacement
curve did not show obvious plastic deformation, and the chord did not undergo
dent deformation after fracture. Specimen GX-3 fractured at a load of 337.42
kN, with a rapid failure time and no signs of pre-fracture.

Fig.8 displays the load-displacement curves for the three specimens.
From the load-displacement curve of specimen GX-2, it can be seen that it
shows a plastic phase, while specimen GX-3 does not exhibit obvious plastic
deformation. Observing the deformation of the chord, it is evident that the
chord of specimen GX-3 undergoes no significant deformation. Regarding the
form of fracture, the time from cracking to joint fracture in the weld of both
specimens is very short, indicating sudden fracture. However, specimen GX-2
has a larger weld penetration area, and its chord exhibits concave deformation,
which can serve as a precursor to joint fracture. In contrast, the joint fracture of
specimen GX-3 is sudden, with no precursors before fracture. These
differences are primarily attributed to the larger weld penetration area in GX-2
compared to the smaller area in GX-3, and they are quite similar to those
observed by Lai [32], who studied butt fusion welded MDPE pipe joints with
spherical and planar defects of various sizes through tensile tests and finite
element analysis. That is, when the weld penetration area is large, the joint
strength decreases slightly, whereas when the weld penetration area is small,
the joint strength decreases significantly. In order to enhance the performance

of joints and prevent similar issues, it is imperative to study CHS-X joints with
weld defects, verify that the design satisfies the load-bearing criteria, and carry
out comprehensive quality inspection and monitoring to guarantee the safety
and stability of the structure.
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Fig. 8 Load-displacement curve of test specimens

4. Simplification of weld defects and finite element modelling
4.1. Weld defects analysis

The weld defects of specimen GX-2 are shown in Fig. 9, and the brace
breaks at three positions, which indicates that the three welds are fused with
the brace. The first weld penetration zone fracture occurs at the crown point,
and the fracture point size is 36.8 mm long and 8.6 mm wide. The second weld
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penetration zone fracture occurs at the saddle point, and the fracture point size
is 12.2 mm long and 4 mm wide. The third weld penetration zone fracture point
is located at the crown on the other side, and the fracture point size is 19.4 mm
long and 4 mm wide. Other weld penetration areas are the bright areas shown

by the red curves in the figure. The weld penetration widths of these areas vary.
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The average width of the weld penetration area on the front side of the joint is
5.2 mm, while the average width of the weld penetration area on the behind
side of the joint is 5.24 mm. In addition, the front of the joint has an 18 mm
long weld penetration area at the saddle point.

(a) Brace and weld penetration breakpoints

(b) Weld defects in the front side of joint

(c) Weld defects in the behind side of joint

Fig. 9 Weld defects distribution of specimen GX-2

Fig. 10 Simplified weld defects finite element modelling of specimen GX-2

(a) Weld defects in the front side of joint

(b) Weld defects in the behind side of joint

(c) Simplification of weld defects

Fig. 11 Incomplete penetration weld zone of GX-3 and simplified finite element model

The weld defects of specimen GX-3 are shown in Fig. 11. The failure form
is the separation between the weld and brace at the saddle point. The red curve
light area in the figure is the part of weld and brace penetration. There was an
area of about 23 mm in length at the saddle of the brace without any traces of
light or fracture, suggesting that this part of the weld was not fully fused with
the brace. There is no fracture crack on the rear weld of specimen GX-3,
indicating that the rear weld of specimen GX-3 is fused with the brace.
Therefore, during finite element modelling, only the defects of welds on the
front side of the specimen are considered.

4.2. FEA and welds simplification

The FEA software [40] ABAQUS was used to create solid element models
of the chords, braces, and welds. The test piece GX-1 is modeled by directly
merging the weld, parent tube, and brace. The element type selected is C3D8R.
0.5 mm is taken as the root clearance between the chord and brace. In order to
meet the requirement of feature-length L*, local refinement is applied to the
joints weld and its surroundings. The grid size is set at 0.3 mm away from the
weld-seam area, and the grid size gradually increases to 6 mm. The joint
constraint condition and load action mode are that the chord end is free, the

symmetric axial monotonic load is applied to the section of the brace end, and
the symmetric constraint condition is applied to the symmetric surface. Figs.
12 and 13 show the finite element modelling of fillet and butt welds, while the
saddle and crown points of the weld model are illustrated in Figs. 14 and
15. The finite element model of the test specimens is shown in Fig. 16.

Due to the highly irregular welding defect areas in specimens GX-2 and
GX-3, which include variations in weld penetration size and incomplete
penetration areas, creating an accurate finite element model that simulates the
actual shape of weld defects is very complex and difficult to realize. Drawing
on the simplified methods for assessing weld defects found in the literature
[41-44], this study proposes the equivalent width method and the equivalent
area method. These approaches overlook the geometric characteristics of weld
defects, focusing instead on the impact of their location and area on the
specimens. The primary goal is to simplify the analysis of weld defects, reduce
model complexity, and facilitate the construction of finite element models for
analysis and calculations. Both methods operate under the assumption that the
stress concentrations arising from the actual shape and the equivalent shape of
a defect have an equal effect on the ultimate bearing capacity at fracture.
However, this assumption overlooks variations in fracture-bearing capacity due
to shape differences, which may potentially lead to certain errors. These
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discrepancies will be explored in relation to both test and FEA results. When
employing the equivalent width and equivalent area methods, the shape of the
weld defect is simplified to a regular form without detailed consideration of its
specific geometric characteristics. For example, as illustrated in Fig. 10, the
test specimen GX-2 depicts the weld defects simplified as weld seams with a
width of 5.22 mm at the bottom of the brace, both in front of and behind the
joint. In this region, these weld seams are entirely fused with the brace. During
finite element modelling, the braces of the penetration part shall be bound with
the welds, and the parts without penetration shall not be subject to any
constraint treatment.

For specimen GX-3, a 23 mm long weld at the saddle is not penetrated.
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During modelling, this weld and brace at the corresponding position should not
be subjected to any constraint treatment. The total length of the front weld
fracture area of specimen GX-3 is 170.5 mm, and the sum of the areas of the
front penetration areas is calculated to be 347.82 mm? The weld width of the
weld penetration area is calculated to be 2.04 mm based on the area equivalent
principle. As shown in Fig. 11, in the finite element modelling, the weld joint
with a front length of 170.5 mm and a width of 2.04 mm is considered to be
connected to the brace. The rest of the front weld of the joint is not subject to
any constraint, and all welds at the back of the joint are fully penetrated and
connected with the brace.

Fig. 12 Three-dimensional diagram of fillet weld

v Z)

(a) Fillet weld at crown point

Fig. 13 Three-dimensional diagram of butt weld

(b) Fillet weld at saddle point

Fig. 14 Geometric dimension of fillet weld

w350

(a) Butt weld at crown point

(b) Butt weld at saddle point

Fig. 15 Geometric dimension of Butt solid welds
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(a) GX-1 (b) GX-2 and GX-3

Fig. 16 FE model of specimens

Crack initiation

(a) Crack initiation (FEA)

Crack propagation

(c) Crack propagation (FEA)

Crack fully developed

> ™

Wl
AW

(e) Crack fully developed (FEA) (f) Crack fully developed (Test)

Fig. 17 Crack propagation comparison of GX-1
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4.3. Comparison between numerical simulation results and test results

Based on the analysis of the crack point in the specimen GX-1 model, it is
observed in Fig. 17 that the crack propagation path of the FEA results is
consistent with the test results, and the failure of the joint is the failure of the
weld. Since the stress concentration at the joint saddle point is relatively
serious, the weld crack occurs at the joint saddle point. As the load continues to
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increase, cracks will propagate from the saddle point along the intersection line
of the CHS-X joint to the crown point, and the length and width of the cracks
will gradually increase, ultimately leading to fracture and failure of the joint
and loss of bearing capacity. The crack propagation process and ultimate
bearing capacity of the CHS-X joint, as predicted by the VGM and SWDM
models, show a strong agreement with the test data. This finding aligns with
the conclusion stated in reference [45], demonstrating the accuracy of FEA.

(a) Fracture point (Test)

(b) Fracture point (FEA)

Fig. 18 Weld fracture comparison of GX-2

(a) Fractured in the front side (Test)

(b) Fractured in the front side (FEA)

(c) Specimen in the behind side (Test)

(d) Specimen in the behind side (FEA)

Fig. 19 Weld fracture comparison of GX-3

As shown in Figs. 18 and 19, the FEA results of specimens GX-2 and
GX-3 are basically consistent with the fracture phenomenon of the test results.
The stress concentration at the joint’s saddle point is relatively severe, causing
weld cracking at the CHS-X joint's saddle point. For specimen GX-2, the
dimensions and positions of the chord deformation and brace fracture points
simulated by FEA are basically the same as those of the test. The FEA and test

of GX-3 indicate that the front side of the joint has experienced a fracture,
while the rear of the joint does not show obvious failure characteristics except
for large stress concentration. This proved that the simplified weld defects of
the specimens GX-2 and GX-3 and the constraint imposed between the weld
and the brace after the simplified weld defects were reasonable.
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4.4. Load-displacement curves

The load-displacement curves for the FEA and test, as depicted in Figs.20,
21, and 22, exhibit similar trends and consistency. As shown in Table 4, the
displacement error of the joints simulated by the VGM model without weld
defects of GX-1 and with weld defects of GX-2 and GX-3 welds is 19.5%,
19.49%, and 19.97%, respectively, the load error is 19.48%, 20.45%, and 21%
respectively, and the error is within 21%. The displacement error of the joints
simulated by the SWDM model without weld defects of GX-1 and with weld
defects of GX-2 and GX-3 welds is 5.77%, 8.67%, and 7.62%, respectively,
and the load error is 11.92%, 16.93%, and 16.12% respectively, with the error
within 17%. It can be seen that both the SWDM model and the VGM model
can be used to predict the ultimate bearing capacity of CHS-X joints with weld
defects. This is consistent with the conclusion that the micromechanical
fracture models VGM and Stress Modified Critical Strain (SMCS) discussed in
the literature [28] are applicable to the fracture prediction of beam-column
joints with initial defects. SWDM model performs better than the VGM model
in CHS-X joint fracture prediction.
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This article employs the equivalent area method and the equivalent width
method to simplify the analysis of weld penetration depth. The influence of
Fig. 20 FEA and test load-displacement curves for GX-1 weld defect shapes on the joint is primarily attributed to specific stress
concentrations caused by irregular shapes, which have not been fully
considered. Instead, the focus is on the impact of incomplete fusion locations
600 T T T T T and areas within the weld seam on the joint. Additionally, securing the end of
| : : the chord during load testing can be challenging. As the load increases, the
so b L T fixed reaction frame tends to slide, introducing a certain degree of error into
L / i the test. Finite element modelling and simulation operate under ideal
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400 - : ] results. Specifically, the finite element simulation results indicate that the
é VGM model has an error of nearly 20%, whereas the SWDM model exhibits
§ 300 d an error of approximately 17%.
H ‘ 1 By comparing joint test and FEA results, VGM and SWDM models are
900 b LA Test | used to predict the crack propagation process of joints and the ultimate bearing
—— VGM with weld defect capacity of joints, which are in good agreement with the test results, proving
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6 2 4 6 8 10 12 14 16 18 20 22 by 189.7%. It can be seen that the existence of weld defects greatly influences
GX-2 Displacement/mm the ultimate bearing capacity and fracture displacement of the CHS-X joints.
Studying the impact of weld imperfections on the load-bearing capability of
. CHS-X joints can offer valuable insights for the safety assessment of CHS-X
Fig. 21 FEA and test load-displacement curves for GX-2 .. ;
joints with weld defects.
Table 4
Load-displacement comparison between test and FEA results
FEA (VGM) Test ]
Specimen Ultimate load Ultimate load Displacement boad
AZ/mm A;/mm error error
(kN) (kN)
GX-1 503.67 18.63 421.55 15.59 19.5% 19.48%
GX-2 with weld defects 530.79 18.52 - - - -
GX-2 without weld defects 461.37 13.79 383.04 11.54 19.49% 20.45%
GX-3 with weld defects 719.83 26.45 - - - -
GX-3 without weld defects 408.39 9.13 337.42 7.61 19.97% 21%
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FEA (SWDM) Test )

Specimen Displacement Load

P Ultimate load Agjmm Ultimate load Ayjmm error error

(kN) (kN)

GX-1 471.81 16.49 421.55 15.59 5.77% 11.92%
GX-2 with weld defects 515.95 16.30 - - -
GX-2 without weld defects 447.89 12.54 383.04 11.54 8.67% 16.93%
GX-3 with weld defects 641.05 23.45 - - -
GX-3 without weld defects 391.82 8.19 337.42 7.61 7.62% 16.12%

5. Conclusion

In order to study the fracture behavior of the CHS-X joints with initial
defects, an axial test is designed for one weld penetration test piece and two
test pieces without weld penetration. The Void Growth Model (VGM) and
Stress Weighted Damage Model (SWDM) are programmed into the program of
ABAQUS software VUSDFLD by Frotran language. The FEA of the CHS-X
joints with initial defects was carried out, and the applicability of the two
models in the fracture prediction of CHS-X joints with initial defects is
discussed by comparing them with the test results. The following main
conclusions are drawn from this study:

(1) The FEA of the GX-1 specimen with no weld defects is in good agreement
with the test results, which indicates that the VGM and SWDM models
can be used to predict the fracture of the joints effectively.

(2) Based on the irregularity of weld defects, finite element modelling is
difficult. According to the actual welding condition of the weld, the
equivalent width method and the equivalent area method are used to
simplify the weld defects and establish the corresponding finite element
model. VGM and SWDM models are used to predict the crack
propagation process and the ultimate bearing capacity of the joints, which
are in agreement with the test results, and the fracture phenomenon is
basically the same. It is proved that the two models can effectively predict
the fracture of the joints weld with defects and the rationality of
simplifying the weld defects.

(3) By comparing the fracture displacement and ultimate load of the test and
FEA, it can be found that the error of the VGM model is within 21%, and
the error of the SWDM model is within 17%. The fracture prediction
results of weld fracture of the CHS-X joints by the SWDM model are
closer to the test results than those of the VGM model. This shows that the
SWDM model can be well applied to the fracture prediction and fracture
path simulation of the CHS-X joints defects weld.
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ABSTRACT

ARTICLE HISTORY

Traditional steel structures often use full penetration welding for square steel tube column-to-column connections, which is
labor-intensive and challenging to quality control. Prefabricated connections using high-strength bolts reduce welding but
require drilling holes in the columns, potentially compromising stiffness and load -bearing capacity. To mitigate these issues,
this paper introduces a novel fully bolted connection joint for square core tube square steel tube columns. This joint
comprises outer extension end plates for both the column and the core tube, which are secured together using high-strength
bolts. No holes needed in the steel tube wall, which ensures the stiffness and load-bearing capacity of the connection area,
and allows for fully prefabrication. To reveal the working mechanism of proposed joint, finite element models were
established using ABAQUS software. The entire stress process of the joint under low-cycle reciprocating loads was
analyzed. The analysis examined how parameters like core tube strength, thickness, square steel tube column strength, axial
compression ratio, and bolt pre-tension affected key mechanical performance indicators such as plastic deformation, failure
modes, hysteresis, and energy dissipation. The results indicate that the core tube can increase the stiffness at the connection
location, causing the plastic development region to be far from the connection area, achieving the seismic design goal of
‘strong joints, weak members’. Meanwhile, the joint’s hysteresis curves exhibit fullness without evident pinching, with
ductility coefficients ranging from 2.66 to 3.79, inter-story displacement angles fall ranging from 1/98 to 1/71, which meets
the GB50011-2010 specifications. Optimal design suggests a square steel tube to core tube strength ratio of 1.5-1.78, core
tube to column strength ratio of 0.22-0.66, and axial compression ratio of 0.3-0.5. The core tube to column thickness ratio
and bolt type should be selected based on structural needs. The research confirms the joint’s feasibility and provides design
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1. Introduction

In prefabricated steel structures, the mechanical behavior of column base
connections is vital for structural integrity. These joints bear vertical and lateral
loads. Traditional connection methods usually involve equal-strength welding
and high-strength bolts[1-3]. Equal strength welding, with its strong integrity,
still risks stress concentration and pre-existing defects at the welds[4-7]. The
adoption of high-strength bolts in connections enhances the structural safety
margin and reduces on-site installation duration, facilitating full assembly on-
site[8,9].

In the current landscape of prefabricated steel structure design, column-to-
column connection joints are primarily classified into flange connection joints
[10-14] and sleeve-type connection joints [15-18]. Wang et al [10, 11] studied
steel tube flange connections through experiment and finite element methods.
A practical design method for circular steel tube flange joints was developed
using the virtual work principle and T-shaped end plate model. Couchaux et
al[12] conducted experimental investigations on 6 flange column connection
joints, resulting in the development of an analytical model for the compression
deformation of flange connection joints. This model incorporates considerations
of the flange’s bending-torsional behavior and the opening-closing actions of
the joints. Huang et al[13] experimentally and numerically studied two types of
specimens: one for upper column base joints and another for lower column top
joints. The study’s outcomes revealed that both specimens exhibited bending
failure in the concrete column sections. Furthermore, the high-strength bolt
flange connection specimen demonstrated hysteresis performance comparable
to that of the steel tube full-length specimen, categorizing it as an “equal
strength connection.” Zhang et al[14] thoroughly investigated beam-column to
column flange joints in prefabricated steel structures, proposing design
parameter adjustments for effective damage control. The results demonstrate
that the proposed design optimizations can safeguard structures during extreme
scenarios such as earthquakes, mitigate component failure, and facilitate rapid
functional recovery. Flange-type column connection joints are crucial in
prefabricated steel structures, and their appropriate design and construction are
vital for ensuring structural safety and stability. In conclusion, flange
connection joints exhibit a range of desirable attributes, including broad
applicability, convenient installation and maintenance, and high levels of
reliability. Nonetheless, further comprehensive research is required to enhance
the understanding of the systematic testing and theoretical aspects of both
flexible and rigid flange connection joints.

In the context of sleeve-type connection joints, Qiu et al[l5] have

investigated a flange splicing joint designed for the connection of tubular fiber
reinforced polymer (FRP) components. Their research findings suggest that an
insertion depth of 100mm for square steel tubes into FRP tubes is optimal,
guaranteeing adequate bonding strength and load-bearing capacity. Chu et al[16]
have introduced a novel double-flange sleeve-type column-column-beam
connection joint. Combining experiments and simulations, their research
examines how factors like axial compression ratio, sleeve wall thickness, and
height affect joint seismic performance. Furthermore, simplified formulae were
proposed to determine the yield and ultimate load-bearing capacities of this
innovative connection joint. Wu et al[17] created a fully bolted joint for planar
modular steel structures. The joint features square steel tube columns with built-
in sleeves, connected to H-shaped beams using angle steels and plates. The
study shows that the joint displays semi-rigid behavior, and using high-strength
bolts for vertical joints and thicker angle steels improves its seismic resistance.
Xia Junwu et al[18] conducted comprehensive experimental investigations on a
novel spliced outer sleeve joint. The findings highlight the exceptional
rotational capability of this joint, with the beam-column angle surpassing 0.06
radians, signifying a high level of flexibility. In conclusion, the advantages of
sleeve connection joints are their straightforward construction and cost-
effectiveness, which enhance the construction efficiency of light steel structures,
achieve superior fastening outcomes, and facilitate full bolt connections in
closed cross-sections. Dai et al. [19] developed an innovative insertion-type
self-locking connection joint and conducted thorough experimental research on
its performance. Drawing from their experimental findings, a simplified
mechanical model was proposed and design recommendations for the joint were
offered, aiding in its effective implementation. Lancy et al. [20] have introduced
a novel modular interlocking connection joint designed for modular steel
building structures. This joint integrates bolts with interlocking components,
thereby enhancing construction efficiency and significantly improving the
joint’s resistance to slippage. Sendanayake et al[21] introduced two types of
modular joints with extra steel plates and elastic layers, aiming at transferring
the potential failure points of the structure from the columns to the modules,
facilitating elastic deformation of the interconnection joints.

Building on current research, this paper introduces a novel design for a fully
bolted connection joint in square core tube square steel tube columns, which
facilitates full assembly while ensuring structural stiffness and load-bearing
capacity. This design represents an improvement over previous flange and
sleeve connection methods, as it maintains structural integrity and load-bearing
capacity while prioritizing full prefabrication and enabling rapid post-
earthquake repairs. The study utilizes ABAQUS software to develop 14 finite
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element models, investigating how key parameters such as core tube strength,
thickness, square steel tube strength, bolt type, and axial compression ratio
influence the seismic performance of the proposed joint. The findings are
anticipated to provide new insights for the advancement of prefabricated steel
structures.

2. Joint design and working principle
2.1. Joint design

The prefabricated joint is consist of upper and lower square steel tubes, a
square core tube equipped with external end plates, and high-strength bolts. An
external end plate connects the upper and lower columns by high-strength bolts.
A core tube within the column strengthens the joint, improving its bending and
shear resistance. The construction of this connection joint is illustrated in Fig.
1.

2.2. Stress analysis and force transmission path

Analyzing the stress distribution at a 4% inter-story displacement reveals
the vertical stress S33 distribution of the component, depicted in Fig. 2, and the
horizontal stress S11 distribution, illustrated in Fig. 3. The vertical stress S33
distribution within the square core tube joint indicates that the bending moment

266

is effectively converted into a tension-compression couple, which is transmitted
through the column walls on either side. The couple passes through the bolt
holes to the square core tube, then via its flange to the lower section, and along
the core tube’s wall to the column foot.

Square steel tubes
High-strength bolts

Square core tube

Fig. 1 Schematic of the square core tube square steel tube column fully bolted connection
joint
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Fig. 4 Force transmission path
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As shown in Fig. 3, the stress distribution at node S11 indicates that the
horizontal shear force at the column top is transmitted through the upper steel
tube to the bolt holes. This force is subsequently transmitted through the bolts
to the square core tube wall, then to the lower steel tube wall, and continues its
transmission along the column wall to the column base. Fig. 4 illustrates the
force transmission path of the joint.

3. Model establishment
3.1. Model geometry

A total of 12 joint models have been designed across 4 groups, with
comprehensive parameter details provided in Table 1. The first-floor column of
the prototype structure, made from a 500mmx500mmx 16mm square steel tube,
stands at a height of 4200mm. Fig. 5 shows the detailed dimensions of the
column base joint.

Additionally, the core tube inside the joint serves to increase the stiffness
of the column’s joint area. The core tube’s dimensions must be chosen based on
the balance between its bending strength and that of the outer steel tube to
prevent joint interface damage.

(b)Details of core tube dimensions

Fig. 5 Section sizes of core tube components(mm)

Table 1
Details of joints parameters (mm)

Model No. Steel tube size(mm) Core tube size(mm) Steel tube grade Core tube frade Axial compression ratio Bolt type
ID-1 500x500%16 468x468x10 Q355 Q235 0.3 M24
ID-2 500%500%16 468x468x10 Q420 Q235 0.3 M24
ID-3 500x500x16 468x468x10 Q460 Q235 0.3 M24
ID-4 500x500x16 468x468x10 Q355 A6061 0.3 M24
ID-5 500x500x16 468x468x10 Q355 LY160 0.3 M24
ID-6 500%500x16 468%x468x10 Q355 Q355 0.3 M24
ID-7 500%x500x16 468%x468x10 Q355 LY160 0.2 M24
ID-8 500x500x16 468%x468x10 Q355 LY160 0.4 M24
ID-9 500x500x16 468x468x10 Q355 LY160 0.5 M24
ID-10 500x500x16 468x468x10 Q355 LY160 0.6 M24
ID-11 500x500x16 468x468x12 Q355 LY160 0.3 M24
JD-12 500%500%16 468x468x14 Q355 LY160 0.3 M24
JD-13 500%500%16 468%x468x10 Q355 Q235 0.3 M27
JD-14 500%500%16 468x468x10 Q355 Q235 0.3 M30

The design choices for the strength ratios, axial compression, and thickness
ratios of the column and core tube, as well as the selection of bolt sizes, are the
result of a meticulous engineering process aimed at optimizing the joint’s
structural performance, safety, and cost-effectiveness. The strength ratio of the
column to the core tube, ranging from 1 to 4.4, is carefully selected to ensure
that the column can withstand the expected loads without excessive material use,
while also providing a sufficient safety margin against failure. This range allows

for a graduated response to varying load conditions, preventing over-strength
columns that could be unnecessarily costly and heavy. The core tube’s strength
ratio to the column, varying between 0.22-1, is set to ensure that the core tube
contributes adequately to the overall stiffness and load-bearing capacity of the
joint, without being so strong as to be wasteful or so weak as to become a
potential point of failure. The axial compression ratio, which spans from 0.2 to
0.6, is chosen to maintain a balance between the column’s ability to resist
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compressive forces without experiencing buckling and its capacity to support
the joint’s weight and environmental loads. This range provides a buffer against
both the risks of structural collapse and the potential for excessive deformation
that could affect the joint’s functionality. The column to core tube thickness
ratio, established between 0.625 and 0.875, is a critical parameter that influences
the joint’s performance and the overall efficiency of the structure. This ratio
ensures that the core tube is sufficiently thick to provide the necessary strength
and stiffness while avoiding the use of excessive material, which could increase
the structure’s weight and cost. The selected range is a balance between
structural requirements and economic considerations. Finally, the use of bolts
sizes M24 to M30 for the connections between the column and core tube is a
design choice that takes into account the mechanical properties of the fasteners,
such as tensile strength and shear capacity. These bolt sizes are commonly used
in structural applications and offer a range of options that can be tailored to the
specific load requirements at each joint, ensuring that the connections are
neither under-strength, which could compromise safety, nor over-strength,
which could lead to unnecessary costs and complications during construction.
The selection of bolt sizes is also influenced by the ease of installation, the
availability of materials, and the potential for future maintenance or
modifications to the joint.

3.2. Element type and meshing

The finite element model incorporates C3D8R solid elements for all
components, with considerations for integration and hourglass effect[22]. To
account for the complex forces present at the joint, the mesh in the flange area
is densified to ensure the accuracy of the analysis data. Smaller mesh sizes are
employed for high-strength bolts and core tubes during mesh generation, with
the mesh size for high-strength bolts set at 10mm and that for core tubes at
20mm. The model components are shown in Fig. 6.

Fig. 6 Meshing

3.3. Constitutive models

The steel material’s elastic modulus is taken as Es=2.06x105 N/mm?
poison ratio is 0.3. The constitutive model of high-strength bolt adopts multi-
linear isotropic strengthening model[23]. The nominal value of 10.9 grade high
strength boltis adopted as f,, = 980 MPa. f, = 1100MPa. The constitutive
model for ordinary strength steel and low yield strength steel utilize the
framework proposed in literature [24], which incorporates plateau and
hardening segments. An initial 100kN pre-tightening force is applied to the bolt,
then increased to 240kN for model convergence. Subsequently, the bolt rod
dimensions are maintained at their current lengths throughout the analysis steps,
ensuring that the bolt pre-tightening force adjusts dynamically with the model’s
displacement response.

3.4. Boundary conditions and loading approach
Fig. 7 illustrates the specific configurations for contact and boundary

conditions of the model, the interaction between the bolt, nut, and the steel tube
and core tube is characterized by “hard contact”. Additionally, the tangential
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interaction among these components adopted coulomb friction model[2], with
a specified coefficient of friction of 0.45. To ensure a fully rigid connection at
the column foot, fixed boundary conditions are implemented at this location.
The high-strength bolt connections are restrained to prevent lateral instability of
the components. A coupled reference point is positioned at the column top,
through which both horizontal and vertical loads are applied, with a
compressive load of 0.3 times the column’s axial compression ratio applied at
the top.

Following AISC seismic specifications, a displacement-controlled variable
amplitude loading method is used for horizontal loading. Each loading level
encompasses two cycles, with the levels progressively increasing to 0.00375,
0.005, 0.0075, 0.01, 0.02, 0.03, and 0.04 rad. The loading protocol is outlined
in Fig. 8 for clarity.

Cyclic loading

-8

Normal direction:Hard contact
Tangent direction: Friction

Ul=U2=U3=UR1=UR2=UR3=0

Fig. 7 Boundary conditions

200
—— Loading
150 F

A (mm)

[

i

=]
T

0 20 40 60 80

Cycle number
Fig. 8 Loading system

4. Model validation
4.1. Failure mode

To verify the finite element model’s accuracy, a comparative simulation
analysis was conducted using the test case from literature [25]. The test joint
configuration in the referenced literature closely mirrors that of the joints in the
present study, with the element selection and mesh division in the validation
model aligning with those reported above. Fig. 9 compares the failure modes in
the finite element simulation with the experimental results from the literature.

The joint underwent cyclic loading as described, reaching a 7% inter-story
displacement. Fig. 9 shows a significant bulge in the eastern steel tube wall at
the column base, which is in substantial agreement with the column wall bulging
observed in the experimental setup.
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Fig. 9 Comparison of failure mode

4.2. Verification of hysteresis curves and skeleton curves

Fig. 10 provides a comparative analysis of the hysteresis and skeleton
curves of experiment and simulation results. Fig. 10 illustrates that the
hysteresis and skeleton curves from the finite element analysis closely align
with the experimental results, particularly in the aspect of initial stiffness. The
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(a) Hysteresis curves

finite element analysis reveals that the positive and negative peak bearing
capacities from the model are lower than the experimental results by
approximately 7.1% and 9.8%, respectively, with both differences falling within
a 10% margin. The results suggest that the finite element modeling approach
employed is effective in simulating the mechanical properties of proposed joint
under cyclic load conditions.

1500

+P,=1097.2kN

1000 - +P,=1026.1kN

500

=]

M /KN-mm

-500 4 / A

-1000 4 { -P,=1035.9kN
+P=11384KN o FEA

—0— Experiment
T T T

-1500 T T T T T
-0.08 -0.06 -0.04 -002 000 002 004 006 0.08

Inter-layer displacement angle/rad

(b) Skeleton curves

Fig. 10 Comparison of calculation results

5. Mechanical performance of core tube
5.1. Failure mode

Fig. 11 displays the equivalent plastic stress contours for various
parameters at a 4% inter-story displacement angle, revealing significant bulging
in the steel tube column walls at the column foot. This observation indicates the
potential for local deformation and failure under seismic loads, highlighting the
need for robust design and construction practices to prevent such issues.

The relationship between the grade upgrade of the square steel tube and the
corresponding increase in plastic stress levels at the column foot, as shown in
Fig. 11(a), suggests that material selection is crucial. Higher-grade materials can
withstand greater stresses but may also be more prone to brittle failure.
Therefore, a balance must be struck between material strength and ductility to
ensure the joint’s performance under seismic events.

Fig. 11(b) demonstrates that with the increase in core tube strength, the
plastic stress level at the column foot decreases. This finding implies that
strengthening the core tube can enhance the joint’s overall seismic performance.
It suggests that optimizing the core tube’s design, rather than simply increasing
the strength of the square steel tube, may be a more effective strategy for
improving joint performance.

The axial compression ratio’s significant effect on the mechanical

properties of the joints, as highlighted in Fig. 11(c), indicates that proper
consideration of this parameter is essential. A higher axial compression ratio
increases the vertical load on the column, which can lead to higher stress
concentrations and potential failure modes. The axial compression ratio should
be carefully evaluated in the designing process to ensure the joint can safely
withstand expected loads.

Fig. 11(d) emphasizes the importance of the core tube thickness and bolt
model in enhancing the joint’s performance. Increasing the core tube thickness
improves its contribution to the square steel tube column, while upgrading the
bolt model increases the bolt pre-tension force, improving the stress level at the
column base. However, the modest influence of the bolt model upgrade on
seismic performance suggests that other factors, such as material selection and
joint geometry, may have a more significant impact.

In summary, the strength ratio of the square steel tube column in relation to
the core tube, as well as the thickness ratio of the core tube to the square steel
tube, significantly affect the plastic stress levels at the column foot in column-
to-column connection joints. The understanding of these relationships is crucial
for designing joints that can withstand seismic loads and prevent failure modes
such as local deformation, brittle failure, and stress concentrations.
Considerations of these factors and ensure proper reinforcement and detailing
to enhance the joint’s overall performance and safety are needed in the practical
designing.
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5.2. Stress analysis

Fig. 12 presents the stress diagram obtained from the lower column’s S1
path. It is observed that the column base undergoes yielding with stresses above
355 MPa. As the strength ratio of the square steel tube relative to the core tube
increases, there is a corresponding increase in stress at the column base, with
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Fig. 11 Comparison of equivalent plasticity
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the impact remaining within a 10% range. As illustrated in Fig. 12(c), the stress
at the column base increases continuously with the axial compression ratio, with
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the increment ranging from 11% to 24%. Furthermore, Figs. 12(d) and 12(e)
demonstrate that under a 4% inter-story drift, the thickness ratio between the
column and core tube and the bolt model exert a relatively small effect on the
stress at the column foot, within a 5% limit.
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Fig. 12 Stress analysis

5.3. Hysteresis performance

Fig. 13 displays the hysteresis curves for models JD1-JD14. It is apparent
from the figure that these curves are robust and exhibit no significant pinching
phenomena, indicating that the connection joints possess a high capacity for
energy dissipation. The strength ratio of the column to the core tube, as shown
in Fig. 13(a), directly effects the bearing capacity and the completeness of the

hysteresis curves. This suggests that strengthening this ratio effectively improve
the hysteresis performance of the joints. In Fig. 13(b), the models’ ultimate
bearing capacity increases with the core tube-to-column strength ratio, highest
when strengths match. Fig. 13(c) shows joint capacity reduction with axial
compression ratio, 21% less at 0.6 than 0.3, recommending a ratio between 0.3
and 0.5. Figs. 13(d) and 13(e) suggest minimal influence of thickness ratio and
bolt preload force on joint properties.
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Fig. 14 Schematic of determining yield point by yield moment method

5.4. Skeleton curves

In accordance with the guidelines provided in the JGJ101-2015 code [26],
it is essential to accurately determine the yield load, yield displacement, failure
load, and failure displacement for the column-to-column connection joints. The
yield load is ascertained through the application of the yield moment method.
In Fig. 14, a tangent line, labeled OA, is drawn on the initial segment of the
skeleton curve. Additionally, a horizontal line is constructed at the peak of the
curve. The intersection of OA with the horizontal line occurs at point A. A
perpendicular line is then drawn through point A, intersecting the skeleton curve
at point B. By connecting points OB and extending this line to intersect the
horizontal line at the peak, the x-coordinate at this intersection, point C, denotes
the yield displacement(A,), the y-coordinate of the skeleton curve indicates the
yield load(P,). The coordinates of the peak point denote the ultimate load(B,)
and ultimate displacement(A,,). The coordinate values corresponding to 0.85
times the P, are designated as the failure load P, and the failure displacement
A,. This facilitates the identification of the characteristic points on the P — A
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relationship curve.

Fig. 15 presents the skeleton curves for the various models studied. The
initial stiffness remains stable despite variations in the column to core tube
strength ratio, axial compression ratio, column thickness ratio, and bolt model.
However, the strength ratio of the core tube to the column notably influences
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the initial stiffness of the specimens. A significant change in stiffness is
observed at a 1% inter-story displacement angle, with stiffness decreasing
progressively as the inter-story displacement angle increases. Following the
peak load, there is a decreasing trend in the load as displacement continues to
increase.
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5.4.1. Load capacity

Fig. 15 Comparison of skeleton curves

A detailed comparison of the structural integrity of different models has

the importance of carefully considering these design parameters to achieve the
desired balance between yield and ultimate bearing capacities, ensuring the

been carried out, with a focus on parameters such as stiffness, ductility, and
inter-story displacement angle. This analysis is based on the calculation results
of key mechanical indicators from the skeleton curve, as detailed in Table 2.
The data illustrates that as the ratio of column strength to core tube strength
increases, there is a noted enhancement in the yield bearing capacity of the
model by 6.71% and 9.05%, respectively. Conversely, the ultimate bearing
capacity experiences a decrease of 1.14% and 1.17%. This trend indicates that
an escalation in the column to core tube strength ratio is inversely proportional
to the model’s overall bearing capacity. As the column to core tube strength
ratio increases, the model exhibits varying degrees of change in yield bearing
capacity, including a decrease of 2.58%, an increase of 2.32%, and a substantial
increase of 27.87%. Conversely, the ultimate bearing capacity shows a
significant reduction, with decreases of 24.48%, 17.19%, and 0.51%. As the
axial compression ratio of the model increases, the yield bearing capacity
progressively enhances by 10.92%, 8.85%, 5.17%, and 4.48%. Conversely, the
ultimate bearing capacity undergoes a significant reduction, with decreases of
11.87%, 13.98%, 18.33%, and 21.95%. To ensure optimal structural integrity,
maintaining the axial compression ratio within the range of 0.3 to 0.5 is
recommended. In addition, as the thickness ratio of the core tube to the columns
increases, the model’s yield bearing capacity is notably enhanced, with
increases of 2.34% and 19.96% observed. Furthermore, an increase in the bolt
pretension force leads to improvements in yield bearing capacity by 15.51% and
16.42%.

The analysis reveals intricate trends in the seismic performance of the joint,
with the column to core tube strength ratio showing a significant influence on
the yield bearing capacity, which enhances as the ratio increases. However, this
comes at the expense of a decrease in the ultimate bearing capacity, indicating
an inverse relationship. The axial compression ratio also plays a critical role,
with an increase leading to enhanced yield bearing capacity but a notable
reduction in ultimate bearing capacity, suggesting a balance is necessary for
optimal structural integrity. Furthermore, the thickness ratio of the core tube to
the columns emerges as a more influential factor than the bolt pretension force,
with increases in this ratio resulting in substantial improvements in yield bearing
capacity. Although the bolt pretension force has a moderate impact, it still
contributes to enhancements in yield bearing capacity. The findings underscore

safety and integrity of the structure under seismic conditions.

Table 2
Key mechanical indicators
Dis-
lace-
Load-  Yieldca-  Ultimate  Yield  © acet Yield dis-
men
Model ing pacity capacity displace- ductil place-
uctil-
No direc- Py Pu ment it ment an-
ity co-
tion (kN) (kN) Ay (mm) Y gle 6,
effi-
cient p
JD-1 + 607.8 950.2 53.99 2.92 1/78
JD-2 + 648.6 939.4 55.68 2.87 1/75
JD-3 + 662.8 933.7 59.27 2.66 1/71
JD-4 + 592.1 717.6 51.92 3.04 1/81
JD-5 + 621.9 786.9 54.31 291 1/77
JD-6 + 777.2 955.0 56.71 2.79 1/74
JD-7 + 674.2 837.4 50.42 3.13 1/83
JD-8 + 661.6 817.4 48.99 3.23 1/86
JD-9 + 638.6 776.0 43.06 3.67 1/98
JD-10 + 635.0 741.6 41.74 3.79 1/80
JD-11 + 622.0 900.2 54.12 2.92 1/78
JD-12 + 729.1 909.0 54.28 291 1/77
JD-13 + 702.1 875.8 53.85 2.93 1/78
JD-14 + 707.6 869.5 52.70 3.00 1/80

5.4.2. Ductility and inter-story displacement angle
The ductility of a structure is commonly assessed using two key parameters:
the displacement ductility coefficient and the rotation ductility coefficient. The
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displacement ductility coefficient £ can be calculated with Eq. (1), where 4,
and A, are displacements of the column ends when structure fails:

p=A, /A, (1)

Utilizing the data for yield and failure displacements from Fig. 15, the
coefficient is computed in accordance with Eq. (1), with the comprehensive
results presented in Table 2. In compliance with GB50011-2010 code, the
permissible elastic displacement angle for steel structures is 1/250. The results
presented in Table 2 indicates that the positive yield displacement angles for the
integrated square core tube joints fall within the range of 1/71 to 1/98, adhering
to the code’s requirements for elastic inter-story displacement angles.

The data presented in Table 2 indicates that the ductility coefficients for the
models with various parameters span from 2.66 to 3.79. Notably, the strength
ratio of the columns to the core tube has a significant influence on the model’s
ductility, with a range of variation from 2.66 to 2.92. It is reccommended that the
strength ratio of the columns to the core tube be maintained within the range of
1.5 to 1.78. The continuous increase in the core tube’s strength leads to a
decrease in the model’s ductility and deformation capacity. Consequently, it is
suggested that the strength ratio of the core tube to the columns be no greater
than 0.66. The axial compression ratio’s increase is observed to enhance the
model’s ductility coefficient, while factors such as the thickness ratio of the core
tube to the columns and the bolt pretension force type exert a relatively minor
impact on the mechanical properties of the joints.

5.5. Energy dissipation capacity

The column base joint, when subjected to seismic forces, must exhibit a
high capacity for energy dissipation, primarily through the plastic deformation
of its components. This research employs the cumulative energy dissipation of
hysteresis loops to conduct a quantitative analysis of the joint, as depicted in
Fig. 16 and detailed in Eq. (2):

E= S(ABC+CDA) 2)

S

(OBE+ODF)

In which:

S (apc+cpa) - area encompassed by the hysteresis loop at each load level,

corresponding to the energy dissipation value at the joint.
S (oBe+opr) -the area encompassed by the triangles OBE and ODF during
one loading cycle.

50— 1500
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Fig. 16 Energy dissipation coefficient calculation diagram

Fig. 17 depicts the cumulative energy dissipation for the various models
examined. It is evident that as the strength ratio of the columns to the core tube
increases, there is a corresponding decrease in the model’s cumulative energy
dissipation. Compared to the JD-1 model, the cumulative energy dissipation for
JD-2 and JD-3 is reduced by 4.2% and 6.8%, respectively. Contrarily, the
analysis reveals that an increase in the strength ratio between the core tube and
the column results in a significant enhancement of the joint’s cumulative energy
dissipation, with increases of 21.6%, 3.1%, and 2.2% observed relative to JD-1.
This emphasizes the critical role of the core tube in energy dissipation within
column-to-column connections and underscores the importance of the core
tube’s strength as a key parameter affecting the seismic resilience of proposed
joints. Therefore, it is recommended to maintain the strength ratio of the core
tube to the columns no less than 0.22. The analysis further reveals that the
energy consumption ratio of the models initially increases and then decreases
with the rising axial compression ratio. Consequently, it is advisable to maintain
the axial compression ratio within the range of 0.3 to 0.5 for optimal
performance. Additionally, the analysis indicates that the thickness ratio of the
core tube to the columns has a negligible effect on the cumulative energy
dissipation, with variations within a 3% range. Hence, this ratio can be
determined based on specific structural design requirements. Furthermore, the
models exhibit a decrease in cumulative energy dissipation during early loading
stages as bolt strength increases. However, at a displacement angle of 4%, the
cumulative energy dissipation among all models remains consistent, suggesting
that while the bolt type significantly influences the initial energy dissipation, its
effect on the model’s behavior during the plastic-elastic phase is relatively
minor.
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Fig. 17 Cumulative energy dissipation
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5.6. Stiffness degradation

Upon the occurrence of damage within a structure or component, the P —
A curve transitions from linear growth to a pattern of diminishing bearing
capacity increments. Concurrently, the structural or component stiffness
exhibits signs of degradation. The reduction in stiffness serves as a reflection of
the cumulative damage progression within a structure, prompting the utilization
of the stiffness degradation curve in this study to assess the seismic performance
of column-to-column joints. The present work employs the secant stiffnessk;,
as recommended by the standard, to quantify the stiffness degradation of the
joints with an integrated square core tube. This secant stiffness is defined as the
slope of the line joining the peak load points under the same level of cyclic
loading, with the calculation formula detailed in Eq. (3).
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K;-The secant stiffness for the ith cycle
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Fig. 18 Stiffness degradation comparison

Fig. 18 illustrates the stiffness degradation of each joint. It is obvious that
prior to the 1% displacement angle, the stiffness of the models remains largely
unchanged, indicating no significant degradation. However, beyond this
threshold, a notable decline in stiffness is observed, with a reduction of 27% to
43%. The main factors influencing stiffness degradation include the strength
ratio between the core tube and the column, the axial compression ratio, and the
bolt pre-tension force. Conversely, the thickness ratio of the core tube to the
columns has a lesser effect.

6. Conclusions

The study introduces a square core tube square steel tube column fully
bolted connection joint, elaborating on the design principles and assembly
process. Through ABAQUS software, finite element analysis models of the
joint were created. The models facilitated the analysis of stress distribution
within the joint under cyclic loading, elucidating the joint’s failure mechanism
and load transfer path. Subsequently, a parametric analysis was conducted to
evaluate how key design parameters influence the joint’s seismic
performance.These parameters included the strength ratio of the column to the
core tube, the axial compression ratio, the thickness ratio of the core tube to the
column, and the bolt pre-tension force. The specific conclusions drawn from the
study are as follows:

(1) A comprehensive finite element model of the joint was meticulously
constructed. The accuracy of the finite element simulation was validated
through a comparative analysis of the simulated hysteresis curves, skeleton
curves, and failure modes against experimental data from pertinent studies.

(2) Detailed analysis was conducted to examine the plastic evolution and
ultimate failure modes of the square core tube throughout the entire loading

phase. The vertical and horizontal load transfer mechanisms of the column-to-
column joint were identified. Throughout the loading process, the joint
connections remained elastic, with plastic deformation confined to the bottoms
of the core tube and the column, which adhered to the seismic design principle
of “strong joints, weak members”.

(3)The proposed joints have successfully realized the seismic design
objective, conforming to the specified requirements for elastic and elastic-
plastic inter-story displacement angles. The ductility coefficients across the
models range from 2.66 to 3.79, with the elastic inter-story displacement angle
varying between 1/98 and 1/71.

(4) The seismic performance of the joint is primarily influenced by three
factors: the strength ratio of the column to the core tube, the strength ratio of the
core tube to the column, and the axial compression ratio. Additionally, the bolt
pre-tension force significantly affects the initial stiffness and energy dissipation
capacity of the column, although the cumulative energy dissipation capacity
remains consistent in the later stages. The recommended ranges for these
parameters are as follows: the strength ratio of the column to the core tube
should be between 1.5 and 1.78, the strength ratio of the core tube to the column
should range from 0.22 to 0.66, and the axial compression ratio should be within
the range of 0.3 to 0.5. Furthermore, the ratio between the core tube and the
column thickness and the bolt type should both be selected based on the specific
structural design requirements.
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