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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study focuses on the analysis of combining the advantages of steel and wood. And then, we propose a new 

thin-walled H-section steel-wood combination beam, which is connected by a mixture of epoxy resin adhesive and 

self-tapping screws. In this paper, the bending capacity test is carried out on 7 steel-wood combination beams with the 

screw spacing, steel profile thickness, web height, and flange board thickness as the influencing factors, and analyze by 

finite element software modeling. The results show, that the overall performance of the combined beams is good, and the 

final failure mode of the combined beams is typical bending tensile damage with the tensile cracking of the planks on the 

tensile side. The change of self-tapping screw spacing on the flange of the combined beam has no obvious influence on 

the bending load capacity. The increase in the thickness of the flange plank, the thickness of the thin-walled steel section, 

and the height of the web of the combined beam has a significant increase in the bending load capacity. The adopted finite 

element model is reasonable and effective, and the calculation results are in good agreement with the test results. 
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1.  Introduction 

 

Wood can be recycled many times, which is representative of 

environmentally reusable building materials. Its processing is convenient and 

can also be assembled in the field construction. Steel has high strength, good 

plasticity, and toughness properties. When connecting with different materials 

or components, it can be connected by bolts, rivets, and other strong and 

reliable connections. It is a kind of economic, sustainable development of 

environmentally friendly building materials. Cold-formed thin-walled 

steel[1-2] is used as a 1.5mm~5mm thin steel plate in the cold state directly 

bent and processed into a variety of cross-sectional shapes of the steel. 

However, due to the thin wall thickness, high strength of large cross-sectional 

openings, and other characteristics, thin-walled steel is prone to instability 

when subjected to pressure or bending. Steel-wood combination structure 

combines the good performance of the two, can let them bear the load together, 

through different ways of combining can play the role of different materials in 

the structure. 

Therefore, scholars at home and abroad began to study the use of wood in 

combination with steel or other materials to form a combination of members. 

Shen Yan[3] conducted three sets of tests using three different connections to 

investigate the full range of behavior of steel beam-column connections. After 

performing a number of tests, it was found that the variability stems from 

random changes in geometry and material properties. Guzman[4] had analyzed 

space lattices with triangular and rectangular cross sections, obtaining a 

continuous representation model from the energy approach, as well as 

modeling the lattice as an equivalent property for beams and columns. The 

results allow us to establish the excellent performance of the equivalent 

properties obtained for each lattice pattern considered. With the advantage of 

low computational costs involved in implementation, modeling and processing, 

a point that deserves more research. Linjie Tian[5] was developed analytical 

and numerical models for predicting the LTB (The lateral torsional buckling) 

strength of I-beams arranged by different numbers of lateral braces. And they 

subjected to two movable concentrated loads during the pre-bending phase. An 

improved Rayleigh-Ritz method was proposed based on the confinement 

effect of neighboring beam segments. It was used for parameter selection and 

LTB strength prediction in the pre-bending stage of steel I-beams, providing a 

theoretical basis for research in this direction. Haixu Yang[6]  studied a new 

type of cold-formed thin-walled steel and glued laminated timber combination 

of box girders, the composite beams exhibit higher shear strength than a steel 

or timber beam.Exploring the effect of parameters on the shear capacity of 

combined beams, where the shear span ratio has the greatest effect on the 

shear capacity of combined beams.In the steel skeleton in the form of a 

box-shaped combination of the cross-sectional shear stiffness does not change 

much. But shear load carrying capacity than the “I” shaped combination form 

by 12%. E. McConnell[7], used a series of four-point bending tests that were 

conducted, under service loads and to failure, found that the stiffness and 

bending properties of prestressed tendon-wood composite beams were greatly 

improved compared with pure glued-laminated timber beams, and the effect of 

load-carrying capacity improvement was significant. Marco Corradi[8], 

applied in the region where tensile stresses, with significant cost‐savings and 

higher charac teristics in term of “minimum intervention”. The improvement 

of the bending capacity of timber beams under static loads was reinforced with 

FRP [9-11]. There was a significant improvement in the bending performance 

of wooden beams under FRP. It was analyzed that imperfections such as 

cracks and knots in wood beams can make them deform and crack prematurely 

during the stressing process. He[12], used a general theoretical model 

considering the typical tensile failure mode, found that the reinforced glulam 

beams are featured with relatively ductile bending failure, compared to the 

brittle tensile failure of the unreinforced ones. Hassanieh[13], empirical 

formulas and load-slip for corrected orthotropic anisotropic glued timber 

(CLT)-steel composite nodes were obtained by performing indoor pushover 

tests on CLT-steel-CLT specimens. Wang[14], proposed an approach to 

improve the bending capacity of wood beams under static loads through the 

use of self-tapping screws across the beam inclined and staggered along the 

longitudinal axis of the beam for steel-wood composite connection members. 

It was shown that the screws have a significant effect on the shear capacity of 

the members when driven into them at different angles and that they reduce 

the resisting stiffness. Chiniforush[15], numerical simulation of long-term 

performance of steel-wood composite structural beams under sustained 

loading, the results of parametric studies suggest a creep coefficient of 0.35 for 

50-years’ design life of STC beams. Zhao[16], by three groups of four-point 

bending tests and finite element simulations, increasing the number of 

hybrid-anchored screws can significantly improved the slip stiffness of the 

connection interface of STC beams and reduce the slip. Song[17], proposed a 

wood-steel tube composite beam consisting of wood and cold-formed 

thin-walled rectangular steel. The experiments showed that the epoxy adhesive 

connection alone had better deformation capacity and load-carrying capacity 

compared to the beam connected by a composite of screws and epoxy 

adhesive. 

Li[18] found that for every 200% increase in glued wood section, the 

flexural capacity of the composite beam increased by 16.08%-20.70%, and for 

a 50% increase in steel thickness, the flexural capacity of the composite beam 

increased by 33.73%-37.69%. The overall performance of the H-beam larch 

composite beam was good. Duan[19]，  three hot-rolled H-beam-larch 

composite beams and one pure steel beam were tested for bending capacity，

found that bonding wood panels to both sides of the steel beam web could 

increase the load capacity, and the shape of the member was more reasonable 

and effective. R[20] three hot-rolled H-beam-larch composite beams and one 

pure steel beam were tested for bending capacity， showed a "two-hinge" 

yielding mode for all the specimens considered and found that the bolted 

connection was lower than the self-tapping screw connection in terms of 

stiffness and ductility. Chen[21]  used a four-point bending test to measure 
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the bending performance of steel-wood composite I-beams under various 

connection methods, showed that compared to steel-concrete structures, 

steel-wood hybrid structures have a good performance in terms of flexural 

load-carrying capacity. Structures, steel-wood hybrid structures have shorter 

construction times and good seismic performance. 

Duan[22] proposed a kind of combined beam with an I-beam 

cross-section by bonding wood plates at the upper and lower flanges of 

H-shaped steel, which proved that the combined effect of steel-wood 

combined beam was significant, the overall synergistic stress performance was 

good, and the final damage mode of the member was the fracture of wood at 

the lower flange. Liu Degui[23] designed the thin-walled H-shaped steel 

wrapped around the wood plate combination beam, compared with pure wood 

beam combination beam ductility, section stiffness, and bending performance 

in the presence of steel are greatly increased. 

Based on domestic and foreign scholars[24-25] for steel-wood 

combination beam cross-section combination form, a combination of 

connection and force performance[26-29], and other research. This paper 

proposes two back-to-back and stands U-beams as the skeleton, in the middle 

of the U-beam, a plank, steel plate, and plank using epoxy resin AB 

glue[30-32] to combine the initial formation of the steel—wood combination 

body. Next, in the formation of the combination of the skeleton flange on the 

superior and lower sides. Respectively, with the structural bonding agent two 

wooden plates are bonded to form an H-shaped cross-section. Then 

self-tapping screws and bolts are driven into the flange and web respectively 

to form a steel-wood combination beam as shown in Fig. 1. To verify the 

reasonableness of the designed combined beam, the three-point bending test is 

carried out on the combined beam. The parameters such as self-tapping screw 

spacing, profile thickness, web height, and flange board thickness of the 

combined beam are used to study the flexural load capacity of the combined 

beam. The corresponding finite element simulation analysis is carried out to 

verify its reasonableness by comparing numerical simulation and test.

 

 

 

 

(a) Cross-section of steel-wood combination beam 

 
(b) Three-dimensional drawing of steel-wood combination beam 

Fig. 1 Steel-wood combination beam 

 
2.  Test overview 

 

2.1. Specimen design 

 

This test will design 7 thin-walled H-shaped steel-wood combination 

beams (Specific parameters are shown in Table 1) for bending capacity test, 

the test to the combination of beam cross-section dimensions like width and 

height, shear connectors spacing, and the combination of beam steel plate 

thickness as a parameter to start. Seven thin-walled H-shaped steel-wood 

combination beam specimens numbered L-1 to L-7. The combination of 

beams are 2.5m in length and the calculation of the span of 2.3m. Study the 

damage process, damage characteristics, and failure modes of the combined 

beams.

 

Table 1  

Specific parameters of thin-walled H-shaped steel-wood combination beams 

Serial number Plate thickness(mm) Steel thickness(mm) Section dimensions of steel 

sections(mm) 

Pitch of 

nails(mm) 

Combined beam cross-section 

dimensions(mm) L-1 30 1.5 30×125×30 240 80×185×80 

L-2 30 1.5 40×125×40 240 100×185×100 

L-3 30 1.5 40×125×40 180 100×185×100 

L-4 30 1.5 40×125×40 120 100×185×100 

L-5 30 2.0 40×125×40 120 100×185×100 

L-6 40 1.5 40×125×40 120 100×205×100 

L-7 30 1.5 40×165×40 120 100×225×100 

Note: The thickness of the test beam web planks are 20mm, the axial spacing of the web connecting bolts are 240mm and the height direction spacing is half of the height of the web; the 

cross-section size of the steel section is the size of the outer edge of the U-type steel plate. 
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2.2. Specimen production 

 

Timber: Choose Douglas fir timber, the surface of the timber is flat, and 

no prominent defects or other phenomena.Steel: use Q 235 thin-walled steel, 

through cold processing into the required U-shaped steel size. Binder 

(two-component epoxy resin glue): E44 two-component AB epoxy resin glue 

is used. Connectors: bolts with a diameter of 5mm and a length of 35mm 

(M5×35mm), countersunk head self-tapping screws with a diameter of 5mm 

and a length of 50mm (M5×50mm). Step 1: Make the timber boards and 

galvanized thin-walled steel plates needed for the combination beam for the 

test to the required size. Step 2: The surfaces of the timber and thin-walled 

steel profiles to be sanded were leveled and smoothed. Then wipe off the dust 

from the surface of the wood. Step 3: Apply the structural adhesive on the 

surface of steel and wood and maintain the combined beam specimen. Step 4: 

After the maintenance retains a certain strength, in the combination of beams 

on the upper and lower flange according to the design spacing into the 

self-tapping screws, in the web according to the design spacing holes and 

tighten the bolts. At this point, the whole steel-wood combination beam 

specimen production is completed. The complete specimen of the combined 

beam is shown in Fig. 2. 

 

 

Fig. 2 Finished steel-wood combination beam member 

 

2.3. Mechanical properties test of epoxy resin adhesive 

 

2.3.1. Determination of modulus of elasticity, tensile strength 

The modulus of elasticity and tensile strength of the epoxy resin AB 

adhesive material used in the test were determined as follows. The dimensions 

were designed in accordance with the General Principles of Test Methods for 

Properties of Resin Casting Bodies (GB/T 2567-2008) and Test Methods for 

Tensile Properties of Resin Casting Bodies (GB/T 2568-2008). The production 

requires mixing the two at 1:1 and pouring them into the mold when uncured. 

At room temperature 25°, leave for 2 days to fully cure, during which time it 

should not be moved. 

The tensile strength of epoxy resin AB adhesive is calculated according to 

eq. 1: 

 

t

F

bh
 =                                                       （1） 

 

Where, σt is tensile strength of epoxy resin AB adhesive,units is MPa; F 

is destructive load, units is kN; b is width of the specimen, units is mm; h is 

thickness of the specimen, units is mm. 

The modulus of elasticity of the epoxy resin AB adhesive is calculated by 

eq. 2: 

 
Fl

E
A l

=


                                        （2）  

 

Where, E is modulus of elasticity of epoxy resin AB adhesive,units is 

MPa; F is destructive load, units is kN; A is cross-sectional area of the 

specimen, units is 𝑚𝑚2; l is original length of the specimen, units is mm; ∆l 

is elongation of the specimen, units is mm. 

As shown in Table 2, the average tensile strength of the epoxy resin 

adhesive was calculated to be 14.99 MPa and the modulus of elasticity was 

1110 MPa. 

 
Table 2   

Test results of epoxy resin adhesive specimens 

Specimen 

Number 

Thickness 

(mm) 

Breaking 

Load 

(kN) 

Tensile 

Strength 

(MPa) 

Average 

Tensile 

Strength 

(MPa) 

Modulus Of 

Elasticity 

(MPa) 

1 5.1 0.76 15.21 

14.99 1110 

2 4.9 0.55 11.22 

3 4.8 0.64 13.33 

4 4.6 0.93 20.22 

5 4.7 0.70 14.89 

6 5.0 0.75 15.00 

7 5.1 0.73 14.31 

8 4.9 0.72 14.69 

9 4.8 0.77 16.04 

 
2.3.2. Epoxy resin adhesive load-displacement curve 

The load-displacement curve relationship of the epoxy resin adhesive 

specimen is shown in Fig. 3. From the load-displacement curve, it can be seen 

that the curve shows a linear relationship. The damage of the epoxy resin 

specimen is sudden brittle damage and the yield point before fracture is not 

obvious. After fracture, the bearing capacity will drop to 0. From the test, it 

can be seen that the epoxy resin adhesive belongs to the brittle material.
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（a） （b） 

Fig. 3 Load-displacement graphs 

 

2.4. Determination of material mechanical properties 

 

2.4.1. Adjustment of wood parameters considering defects 

Wood is an anisotropic material, and defects are not obvious in the small 

sizes of specimens used in wood properties tests, but are inevitable in full-size 

specimens. Timber material defects will produce uncertainty in the use of 

structural safety, the need to reduce the timber parameters. The main factors 

affecting the discount factor are natural defects in the specimen (knots, insects, 

cracks, etc.), long-term loading, drying defects (drying inhomogeneity), 

dimensional effects. Reduction factor reference Eq. 3： 
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1 2 3 4Q Q Q Q QK K K K K=
                                          

（3） 

 

Where, 𝐾𝑄1is influence coefficient of natural defects in wood; 𝐾𝑄2 is 

influence coefficient of drying defects of wood; 𝐾𝑄3 is influence coefficient 

of long-term loading strength of wood; 𝐾𝑄4  is influence coefficient of 

dimensions of wood. The reduction coefficient for different impact factors are 

shown in the table 3. 

 

Table 3 

Reduction coefficient for different impact factors 

Stress State Of Wood 

Compressive 

Strength Of 

Smooth Grain 

Parallel Grain 

Tensile Strength 

Bending 

Strength 

Effects Of Natural 

Wood Defects 𝐾𝑄1 
0.66 0.80 0.75 

Effects Of Wood 

Drying Defects 𝐾𝑄2 
0.90 —— 0.85 

Long-Term Load 

Strength Effects 𝐾𝑄3 
1.0 1.0 1.0 

Wood Size Effects 𝐾𝑄4 0.75 —— 0.89 

Discount Factor 𝐾𝑄 0.446 0.80 0.567 

Note: This factor is 1.0, because the wood used in this test was new and not subjected to 

long-term loading. 

 

Due to the wood itself defects and volume effect will have an impact on 

the mechanical properties, wood damage belongs to the empirical judgment, 

the discount factor is taken as 0.6 for discounting. The test results of wood 

material properties after discounting are shown in Table 4: 

 
 
 

 
Table 4  

Mechanical parameters of wood 

Wood 

Parallel-To-Grain 

Compressive 

Strength /MPa 

Tensile 

Strength 

Parallel to 

Grain /MPa 

Flexure 

Strength 

/MPa 

Elastic 

Modulus 

/MPa 

Douglas Fir 34.18 50.96 36.08 10290 

 
2.4.2. Mechanical parameters of thin-walled steel 

The ultimate strength and yield strength of the specimen are calculated as 

shown in eq. 4. Where, σ is yield strength and ultimate strength of the 

specimen, units is MPa; F yield load and ultimate load of the specimen, units 

is kN; A is section area of the specimen, units is 2mm . 
 

F

A
 =                                          (4)                                                 

 

The modulus of elasticity for the design is shown in equ. 5. Where, E is 

modulus of elasticity of the specimen, units is MPa; F is the specimen is 

subjected to axial tension, units is kN; l is original scale distance of the 

specimen, units is mm; A is the cross-sectional area of the specimen, units is; 

∆l is elongation of the specimen, units is mm. 

 

Fl
E

A l
=


                                       

(5) 

 

According to the relevant data of the specimen automatically collected by 

the computer, the load-displacement curve of the specimen is drawn, as shown 

in Fig.4 and Fig.5. Then the obtained data are substituted into equ. 4 to 

calculate the strength of the specimen. The relevant data are substituted into 

equ. 5 to calculate the modulus of elasticity of the specimen. The calculation 

results are shown in Table 5. 
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Fig. 4 Load-displacement curve of 1.5mm thick Q235 thin-walled steel section 
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Fig. 5 Load-displacement curve of 2mm thick Q235 thin-walled steel section 
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Table 5  

Mechanical parameters of thin-walled steel 

Thicknesses（mm） Serial Number 
Yield Strength

（MPa） 

Average Yield 

Strength（MPa） 

Ultimate Yensile 

Strength（MPa） 

Average Limit 

Tensile Strength（MPa） 

Modulus Of Elasticity

（MPa） 

1.5 1 278.67 

272.00 

318.24 

311.64 2.03×105 

1.5 2 283.00 321.16 

1.5 3 289.33 331.34 

1.5 4 265.33 303.09 

1.5 5 277.00 316.12 

1.5 6 238.67 279.86 

2 1 253.06 

256.85 

346.62 

360.15 1.99×105 

2 2 260.69 365.50 

2 3 254.87 357.45 

2 4 260.01 365.31 

2 5 247.43 361.34 

2 6 265.02 364.66 

 

Materiality test data, the average yield strength of Q235 steel 1.5mm thick 

is 272.00 MPa, the average yield strength of 2mm thick steel is 256.85 MPa. 

1.5mm thick average ultimate tensile strength is 311.64 MPa, the average 

ultimate tensile strength of 2mm thick is 360.15 MPa. The average elasticity 

modulus is 𝟐. 𝟎𝟑 × 𝟏𝟎𝟓 MPa. 

 

2.5. Test loading and determination 

 

The thin-walled H-shaped steel-wood combination beam test belongs to 

the static loading test, and the bending loading test is performed on the 

supported beam specimen. The distribution beam support is 350mm in the 

span of the test beam. The combined beam test was carried out by 

displacement loading at a 1 mm/min speed. After loading a grade load, it was 

necessary to allow the load to act on the combined beam for about 3-5 minutes. 

Then the next load application after the value on the collector was stabilized, 

and the data collection was done by computer. However, it was necessary to 

record the deformation state and the development of cracks in the test beams 

under different loads. During the loading process, pressure transducers are 

used to determine the load values, and displacement gauges are arranged in the 

span, crotch, and support of the combined beam to determine the vertical 

displacement of the beam. The load, displacement, and strain measurement 

points of the mid-span section are shown in Fig. 6. The combined beam test's 

loading program is divided into preloading and formal loading.   

The devices and tools to be used in the combined beam test include: 

model YAW-2000 static hydraulic loading device to apply load to the member, 

model BZ1403 load cell to collect the load applied to the specimen, model 

5G106 displacement transducer to collect the vertical deflection of the member, 

model DH3816N static collection system to collect the signal and output the 

data through the computer, computer to process the data, model 120-5AA and 

120-3AA strain gauges, rulers, supports, reaction frame devices and so on. 

data, Model 120-5AA and 120-3AA strain gauges, rulers, supports, and 

reaction frame devices.

 

 

(a)Front elevation loading schematic 

               
                  (b) Side elevation loading diagram                                                (c) Strain gauge arrangement 

Fig. 6 Bending loading diagram of a combined beam 
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3.  Test loading and damage process description 

 

The damage process and damage form of the seven combined beams are 

similar. All of them are cracked by the structural adhesive between the steel 

and wood interface at the flange in the elastic stage. To the buckling of 

thin-walled steel at the flange in the elastic-plastic stage. Then the final 

destruction of wood at the lower flange to reach the destructive load of the 

damage process of cracking. The final damage pattern of the combined beam 

is a typical bending tensile damage. In this section, typical L-5 and L-6 

specimens are selected as research objects to analyze the test phenomena. 

 

3.1. L-5 combined beam 

 

L-5 steel-wood beam specimen: Steel thickness specification is 2.0mm, 

the whole combination of beam cross-section dimensions of 100mm × 185mm 

× 100mm (width × height × width), and the wing self-tapping screws spacing 

is 120mm. The web bolts along the height of the web plate, three equal parts 

of the web plate along the length of the beam spacing of 240mm, the 

combination of the beam total length of 2500mm. 

L-5 combination beam loading early, steel and wood are in the elastic 

stage. When the load increased to 17kN, the combination of beams 

occasionally issued a "click" the slight sound, observed and found that the 

epoxy resin adhesive was not coated with a uniform cracking sound. With the 

increase in the load to 30 ~ 35kN, the occasional slight sound changes into a 

crunchy sound and becomes Intensive and increasingly large. Considering due 

to the force develops into large combined beam steel-wood connection glue 

cracking in large areas as shown in Fig. 7(a). When the load reaches 48kN, the 

combination of beams that appeared to the naked eye can be observed in the 

test phenomenon, spanning the upper and lower edge of the self-tapping 

screws by the shear tilt as shown in Fig. 7(b). The right side of the centralized 

loading point of the pressurized side of the thin-walled steel wing edge 

flexures outward bulge in the concentration of the loading point. Also 

accompanied by the pressurized area of the plank pressure deformation, planks, 

and steel sections have a greater separation. Load continues to increase to 54 ~ 

63kN, the combination of beams spanning the three-point centralized load at 

the tensile side of the edge of the plank due to defects in its wood joints, first 

produced small cracks and then issued a "boom" sound, through the wood 

joints appear large cracks, and cracks along the beam width and length 

direction continue to extend, widening the formation of longer split cracks and 

transverse cracks as shown in Fig. 7(c) and Fig. 7(d). The transverse cracks are 

shown in Fig. 7(c) and Fig. 7(d). At this time, the load of the combined beam 

is no longer increased but can still withstand a certain load, and the damage 

test of the combined beam is declared to be finished.

 

  

(a) Adhesive mass cracking observed at the L-5 beam steel-to-wood connection 
(b) Flange damage in the tensile zone of the L-5 beam and large separation of the planks 

and sections were observed 

  

(c) Oblique shear damage of planks between self-tapping screws observed at L-5 beam webs 
(d) Further destruction of the planks between the self-tapping screws along the smooth 

grain observed at the web of the L-5 beams  

Fig. 7 L-5 Beam Failure Phenomenon 

 

3.2. L-6 combined beam 

 

L-6 steel-wood beam specimen: Steel thickness specification is 1.5mm, 

the whole combination of beam cross-section dimensions of 100mm × 205mm 

× 100mm (width × height × width). The wing self-tapping screw spacing is 

120mm, the web bolts along the height of the web plate, three equal parts of 

the web plate along the length of the beam spacing of 240mm, and the 

combination of the beam total length of 2500mm. 

L-6 combination beam loading initial, steel and wood are in the elastic 

phase of the common force. When the load increased to 33 ~ 45kN, the 

combination of beams occasionally issued a "click" of the slight crunching 

sound and no traces of destruction. After observing the combination of beams 

for the steel and wood connection of the epoxy resin adhesive cracking ringing 

sound.With the increase in the load to 55kN, the combination of beams with 

the increase of load to 55kN. The combined beam made a continuous 

crunching sound and got bigger and bigger. At this time, due to the 

consideration of the force becomes a big combined beam steel-wood 

connection at the adhesive film layer peeling as shown in Fig. 8 (a). When the 
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load reached 72kN, the combined beam appeared obvious naked eye as 

observed in the test phenomenon. The upper and lower flange of the span of 

the self-tapping screws tilted in the shear. The middle of the span and the two 

concentrations of force loading point of the compression side of the adhesive 

layer peeling of thin-walled steel flanges in many places to the outward 

projection of the yielding of the flange as shown in Fig. 8 (b). Fig. 8 (b) 

showed that the three-point centralized loading point is also accompanied by 

the section steel web buckling outward buckling bulge as shown in Fig. 8 (c). 

Load continues to increase to 88kN, the combination of beams on the right 

side of the loading point of the tensile side of the flange planks issued a 

"booming" loud sound, and crack along the width of the beam continues to 

extend. After widening to form a through crack, the crack extends along the 

length direction as shown in Fig. 8 (d). At this point, the load of the combined 

beam is no longer increased but still able to withstand a certain load. And the 

damage test of the combined beam is declared to be over.

 

  
(a) Peeling of adhesive film layer observed at L-6 beams (b) Buckling of the profile flange observed in the L-6 beam compression zone 

  

(c) Buckling of the section web observed at the L-6 beam   

 
(d) Cracking of planks along the width observed on the tension side of L-6 beams 

Fig. 8 L-6 beam failure phenomenon 
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Fig. 9 Comparison of load-deflection curves 

 

4.  Results and analysis of test influencing factors 

 

4.1. Influence of cross-section change of combined beam 

 

4.1.1. Influence of flange width of combined beams 
Member L-1 combined beam cross-section size of 80mm × 185mm × 

80mm, L-2 combined beam cross-section size of 100mm × 185mm × 100mm. 

L-2 combined beam compared to the L-1 combined beam in other conditions 

are the same under the premise of the beam width changed to 100mm. 

As shown in Fig. 9, by comparing the effect of different flange widths on 

the flexural capacity of the combined beams. From the load-deflection curve, 

it can be seen that when the flange width of the combined beams is changed 

from 80mm to 100mm. The slope of the load-deflection curve of the combined 

beams changes similarly to the flexural capacity from 43.57kN to 47.08kN. 

And the maximum flexural capacity is increased by 8.06%. With the increase 

in the width of the combined beams, the maximum flexural capacity is also 

increased, and the maximum bending capacity is increased. With the gradual 

increase of the flange width of the combined beam, the maximum bending 

capacity also increases but the increase is not large. So the flange width of the 

combined beam has a small effect on the bending capacity. 

 

4.1.2. Influence of section height of combined beams 

Component L-4 combination beam selection of steel section size 40mm × 

125mm × 40mm flange plank thickness of 30mm. L-6 composite beam 

selection of steel section size 40mm × 125mm × 40mm flange plank thickness 

of 40mm. L-7 composite beam selection of steel section size 40mm × 165mm 

× 40mm flange plank thickness of 30mm. Combination beam L-4 and 

composite beam L-6 are compared for the composite beam section height from 

185mm to 205mm. Combination beam L-4 and combination beam L-6 for the 

combination beam section height from 185mm to 205mm. Combination beam 

L-4 and composite beam L-6 for the composite beam section height from 

185mm to 205mm. L-4 compared with the combination beam L-6 for the 

flange plank thickness changes in the combination beam section height from 

185mm to 205mm. Combination beam L-4 compared with the built-up beam 

L-7 for the steel section size changes in the composite beam section height 

from 185mm to 225mm. 

By comparing the effect of different section heights on the flexural load 

capacity of the combined beams, as shown in Fig. 10. Through the 

load-deflection the curve can be seen that the flexural load capacity of the 
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combined beams L-4 compared with the combined beams L-6 increased from 

57.23kN to 89.13kN. The maximum flexural load capacity was increased by 

55.74%. The flexural load capacity of the combined beams L-4 compared with 

the combined beams L-7 increased from 57.23kN to 83.34kN, the maximum 

bending capacity increased by 45.63%. The slope of the load-deflection curve 

of the two groups of specimens is almost the same at the beginning of loading. 

However, with the increase of the load, the stiffness of the specimen of the 

combined beam L-4 reaches the yielding load. And the slope of the curve 

starts to degrade and tends to flatten. In summary, due to the different heights 

of the combined beam section, the corresponding maximum flexural load 

capacity is different. Combined beam L-6 and combined beam L-7 for the 

specimen flexural load capacity increase are more obvious. Specimen L-6 and 

specimen L-7 damage process is similar. They are with the increase in load 

combination of the beam across the upper edge of the beam began to flex after 

the lower edge of the timber tensile rupture. But specimen L-6 than the 

corresponding cracking load L-7 is larger. However, the cracking load of 

specimen L-6 is larger than that of L-7. From the perspective of the overall 

load deflection of the specimen and the amount of steel used. It is relatively 

optimal to choose the combination of specimen L-6 and the load deflection of 

the combined beam. 
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Fig. 10 Comparison of load-deflection curves 

 
4.2. Combination of beams nail spacing change effect 

 

Combined beam L-2, L-3, and L-4 cross-section dimensions are 100mm × 

185mm × 100mm. In the case of other conditions are the same combination of 

the upper and lower flange of the beam into the self-tapping screw spacing is 

different, respectively, for 240mm, 180mm, and 120mm. 

By comparing the effect of different self-tapping screw spacing on the 

flexural load capacity of the combined beam, as shown in Fig. 11. Combined 

beam L-2 flexural load capacity of 47.08kN, combined beam L-3 flexural load 

capacity of 52.19kN, combined beam L-4 flexural load capacity of 57.23kN. 

Combined beam L-3 than the maximum bending capacity of the L-2 increased 

by 10.08%. Combined beam L-4 than the maximum bending capacity of the 

L-3 increased by 10.08%, combined beam L-4 than the maximum bending 

capacity of the L-2 increased by 10.08%, combined beam L-4 than L-3 

increased by 10.08%, combined beam L-4 than L-4 increased by 10.08%, 

combined beam L-4 than L-3 increased by 10.08%. 3. The maximum bending 

capacity of the combined beam L-3 was increased by 10.08%, and the 

maximum bending capacity of the combined beam L-4 was increased by 9.7%. 

From the specimen load-deflection curves, the overall load deformation of the 

three groups of specimens was similar. The change in the spacing of the 

self-tapping screws increased the bending capacity of the combined beam by a 

small amount. In summary, with the increase of load, the tapping screw 

spacing decreases, and the phenomenon of tapping screw shear damage 

gradually increases, which indicates that the interface shear force borne by the 

tapping screw increases. The combination of adhesive and shear-resistant 

connection of tapping screws is gradually reflected.  
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Fig. 11 Comparison of load-deflection curves 

 

4.3. Influence of beam thickness 

 

Combined beam L-4 and combined beam L-5 cross-section size of 80mm 

× 185mm × 80mm. The difference is that the combined beam L-4 selection of 

thin-walled steel thickness of 1.5mm. Combined beam L-5 selection of 

thin-walled steel thickness of 2mm and other conditions are the same. 

As shown in Fig. 12, after comparing the steel-wood beam in the steel 

thickness of the different steel on the steel-wood beam bending capacity. 

When L-4 combined beams and L-5 combined beams are compared, the 

degree of thinness of the steel is thickened from the specification of 1.5mm to 

the degree of thinness of the steel 2mm specification. The bending capacity of 

L-5 steel-wood beams rises from 57.23kN of L-4 steel-wood beams to 

64.09kN, and the peak load of the steel-wood beam specimens rises by about 

12%. From the load-deflection curve and test phenomena, the beginning of the 

loading of the two groups of specimens' load deflection was linear growth. 

With the increase in load, adhesive peeling gradually increased after the 

combination of beams L-4 first reached the slope of the yield curve. With the 

increase in the thickness of the steel, the combination of beams compressed 

flange compression curvature phenomenon gradually became less obvious, 

which indicates that increasing the thickness of thin-walled steel can reduce 

the combination of beams thin-walled steel compression buckling generation. 

The damage phenomenon is also different when the bearing capacity is 

reduced. Through the above analysis, it can be seen that the steel thickness 

specification in the steel-wood beam specimen has a certain degree of 

influence on the peak load-carrying capacity of the steel-wood beam specimen. 

When the steel thickness specification of the steel-wood beam specimen is 

increased from 1.5 mm to 2 mm. The peak load carrying capacity of the 

steel-wood beam specimen is proportional to the thickness of the steel and the 

increase in peak load is not significant. However, the overall performance 

exhibited by the combined beam L-5 is better than that of the combined beam 

L-4. Therefore, it can be seen from the experimental analysis that the steel 

thickness specification of 2 mm in the steel-wood beam specimens is better for 

the overall performance of the steel-wood combination beam. 
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Fig. 12 Comparison of load-deflection curves 

 

Yield point was a key factor in the design and research of engineering 

structures, and also a key factor in the measurement of structural ductility. 

Based on the method of P. Feng[33] for the definition of yield point. This 
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paper adopted the energy equivalent area method for the definition of yield 

displacement to determine the yield load 𝑃𝑦, the yield displacement ∆𝑦, and 

the ultimate load 𝑃𝑢 , the ultimate displacement ∆𝑢  are taken from the 

specimen to reach the peak load in the falling section of the curve with a load 

of 85% of the maximum load and the displacement value corresponding to this 

load (Fig. 13). The displacement value corresponding to this load (Fig. 13), 

and its deformation index ductility coefficient µ is calculated by using eq.6. 

Table 6 gives the mechanical properties of the combined beams from the test 

and calculation. 

 

u

y




=


                                                     (6) 

 

Where, ∆𝑢 is ultimate displacement of the specimen; ∆𝑦 is yield 

displacement of the specimen. 

 

 

Fig. 13 Equal energy method 

Table 6 

Mechanical properties of combined beams 

Specimen 

Number 

Yield Load Ultimate Load Ductility 

Factor  μ Py/kN Δy/mm Pu/kN Δu/mm 

L-1 34.06 13.93 41.04 25.67 1.84 

L-2 40.07 15.23 44.51 25.28 1.66 

L-3 44.05 13.44 42.29 26.43 1.97 

L-4 48.01 15.73 52.97 34.96 2.22 

L-5 56.16 11.86 52.67 18.98 1.60 

L-6 72.18 12.47 70.04 23.51 1.89 

L-7 62.08 9.57 55.32 15.21 1.59 

 

From Table 6, it can be seen that the ductility coefficient of L-4 

combination beam is the largest, and the ductility is better. The ductility 

coefficient of L-7 combination beam is the smallest. As a whole, all the 

steel-wood combination beam specimens have better ductility under bending. 

According to the load-displacement relationship curves of thin-walled 

H-section steel-wood combination beams. It can be seen that all the 

combination beams are in the elastic stage of the load-displacement curves. It 

can be assumed that the thin-walled H-section steel-wood combination beams 

are in the elastic stress stage under the limit state of normal use. Therefore, 

based on the deflection calculation equation for simply supported beams, the 

deflection calculation equation for thin-walled H-shaped cross-section 

steel-wood combination test beams can be given. Substituting the sectional 

flexural stiffness into the mid-span deflection calculation equation for 

single-span simply supported beams yields eq. 7: 

 

( )
2

23 4
48

s

FaL
f

EI
 = −                                          (7) 

 

Where: f is Beam mid-span deflection; 𝛽𝑠 is deformation development 

factor; F is value of elastic phase load; a is distance of the point of action of 

the concentrated force from the support; EI is total stiffness of the combined 

beam section; L is span of the combined beam; α = a/L. 

As the main bending load-bearing member in the building structure, the 

deformation development in the span of the beam needs to meet the limit 

values specified in the code under the normal use of the limit state when 

designing. In order to ensure the safety performance of the structure in use. In 

this paper, steel-wood combination beams should also meet the requirements. 

According to the relevant provisions of the Code for the Design of Steel 

Structures (GB 50017-2017)[34] and the Code for the Design of Wood 

Structures (GB/T 50005-2017)[35]. The combined beam specimens in the 

normal range of use, the control of deflection of the bending member of the 

maximum allowable deflection of L/250. 7 steel - wood combined beam 

specimens are 2.5 meters in length after removing the spacing of the supports, 

the length is 2.3 meters. The total length of the 7 steel-wood beam specimens 

is 2.5 meters after removing the spacing between the supports. The length is 

2.3 meters, which can be calculated by the formula of the specification to 

obtain the deflection limit value corresponding to the limit state of normal use 

of the 7 steel-wood beam specimens as 9.2 mm. The 9.2 mm is substituted into 

the eq. 7 to calculate the 7 steel-wood beam specimens in the deflection of the 

specified value of 9.2 mm, when the corresponding loading force for the. The 

test deflections corresponding to the normal service limit states were found in 

the load-deflection curves of each specimen. Comparison of the theoretical 

and experimental values of the deflection of the combined beam under normal 

use limit state are analyzed as shown in Table 7. The error is within the 

permissible range and the theoretical calculated value is conservative enough 

to meet the needs of engineering use. 

 
Table 7 

Comparison of theoretical and experimental values of normal service limit 

state deflection 

Specimen Number 

Theoretical 

Deflection 

(mm) 

Test 

deflection 

(mm) 

Theoretical 

Deflection/ 

Test 

Deflection 

L-1 9.20 8.65 1.06 

L-2 9.20 9.67 0.95 

L-3 9.20 9.11 1.01 

L-4 9.20 9.04 1.02 

L-5 9.20 8.85 1.04 

L-6 9.20 8.16 1.13 

L-7 9.20 8.01 1.15 

 

 

 

Fig. 14 Grid division  
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5.  Finite element analysis 

 

5.1. Establishment of finite element model 

 

In the finite element modeling, the required two material parts as well as 

other components. They are established as solid models, and the 8-node 

hexahedral linear reduced integral C3D8R unit is selected as the unit. Among 

them, a simplified isotropic ideal elastic-plastic trilinear model is used for the 

steel principal structure. The anisotropic simulation of wood in the elastic and 

plastic phases is realized by using the "engineering constants" and Hill's yield 

criterion of the finite element software, respectively. The mesh size of the cells 

is 10 mm, and the cell division of the model is shown in Fig. 10. The loading 

mode is consistent with the experimental loading. The boundary conditions are 

consistent with the experimental boundary conditions, simply supported on 

one side and hinged on the other side. 

The physical significance of each parameter of wood material properties 

is shown in Table 8. The definition of each parameter is clarified in Table 9. 

The calculation method of the wood plastic yield strength coefficient is shown 

in Eq. (8): 

 

ij 0

ij 0

σ / σ ( )

σ / τ ( )
ij

i j
R

i j

=  
=  

  
                            

(8) 

 

Material plasticity is defined with reference to yield stress 0 , yield 

strength values for each material ij . Moreover,the shear stress is , 

which is shown in Eq. (2): 

 

0 0τ σ / 3=

                                     

(9)

 

Table 8   

Finite element coordinate system and wood orthogonal triaxial correspondence 

Input Value Representative Value Physical Meaning 

1E
 

LE
 

Longitudinal modulus of elasticity of the smooth grain 

2E
 

RE
 

Radial modulus of elasticity of cross-grain 

3E
 

TE
 

Transverse tangential modulus of elasticity 

12υ
 

TLυ
 

Transverse radial principal Poisson's ratio 

13υ
 

LRυ
 

Transverse tangential principal Poisson's ratio 

23υ
 

RTυ
 

 

12G
 

LTG
 

Shear modulus on combined longitudinal and tangential surfaces 

13G
 

LRG
 

Shear modulus on combined radial and longitudinal surfaces 

23G
 

RTG
 

Shear modulus on combined radial and tangential surfaces 

 
Table 9  

Wood elasticity parameters 

LE

(MPa) 

RE

(MPa) 

TE
 

(MPa) 
RT

 LR
 LT

 

LTG
 

(MPa) 

LRG
 

(MPa) 

RTG
 

(MPa) 

11319 1131.9 565.95 0.63 0.27 0.43 679.14 849.93 203.74 

 

The simulation of the mixed connection of epoxy resin glue and 

self-tapping screws between the thin-walled beam flange and the wood plate is 

the key to the simulation analysis of the thin-walled steel-wood beam. From 

the test phenomenon of the combined beam, it can be seen that there is a slip 

between the thin-walled beam flange and the wood plate in the descending 

section of the load-displacement curve of the combined beam. In the late 

loading period, a large separation between the two materials of the combined 

beam occurs, and the self-tapping screws show a shear tilt performance.  

 

5.2. Finite element model validation 

 

The simulation of the combined beams adopts the displacement loading 

method, which sets a collection of reference points in the span of the specimen. 

Then set the course outputs of the corresponding loads and displacements to 

ultimately obtain the term load-deflection curves of each finite element model. 

Numerical simulation of seven combined beams is carried out by comparing 

the mid-span load-deflection curves of numerical analysis data and test 

information. 

From the combined view of the curves as shown in Fig. 15 (The 

horizontal axis is the span-to-span displacement of the combined beam 

specimen, and the vertical axis is the load applied to the combined beam.) In 

the elastic phase, the slope of the test and simulated values is in a linearly 

increasing direction. In the elastoplastic phase, the growth of the slope of the 

curves starts to slow down. It can be seen in the graphs of the two curves that 

the overall error of the two data is small. It shows that the model unit selection, 

the definition of material parameters, cohesive contact model used for the 

interface connection can be used in the simulation of this model. The finite 

element can well simulate the whole process of steel-wood combination beam 

bending deformation. The maximum load values of the finite element 

simulations are a little higher compared to the tests. The reason for this is that 

from the numerical simulation point of view. The wood properties in the 

numerical simulation are different from the actual wood. Secondly, from the 

experimental point of view, the original defects and dimensional defects of the 

wood were not taken into account, and the processing of the specimens also 

had an influence. However, the errors are within the allowable limits.
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Fig. 15 Comparison of experimental and numerical simulation load-deflection curves 
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Fig. 16 Comparison of load-deflection curves at different yield strength spans 

5.3. Parametric analysis of factors affecting the flexural performance of 

combined beams 

 

5.3.1. Influence of steel yield strength 
To study the effect of different yield strengths of steel on the bending 

performance of the combined beam. The Q235, Q345, and Q390 were selected 

as three kinds of steel with different yield strengths to simulate and analyze. 

Simulation of the three specifications of steel were taken as the yield strength 

of the yield strength value, modulus of elasticity, and Poisson's ratio are 

selected to take the value of the specification. As shown in Fig. 16, the 

load-displacement curves of the combined beams with different yield strengths 

of steel are compared. 

As can be seen from the curve, the pre-loading period is characterized by 

an elastic trend of the three yield strengths of the combined beams in a line of 

linear development. The late loading of the combined beams to reach their 

respective yield strengths after the curve began showing non-linear 

development. With the increase of the yield strength, the load-carrying 

capacity of the combined beam also rises, when the steel specification changes 
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from Q235 to Q345. The load-carrying capacity of the specimen increases 

significantly, while when the steel specification changes from Q345 to Q390, 

the load-carrying capacity of the specimen increases by a small amount. 

Therefore, the increase in yield strength of steel is not obvious to improve the 

load-carrying capacity of the combined beam but will cause material waste. 

 

5.3.2. Influence of the thickness of the combined beam flange planks 

To study the influence of different thicknesses of flange planks on the 

bending performance of combined beams, Q235 specification, thickness of 

1.5mm. And section size of 40mm×125mm×40mm were selected under the 

premise of the flange were 30mm, 35mm, and 40mm three plank thicknesses 

to simulate and analyze. As shown in Fig. 17, the load-displacement curves of 

the combined beams with different thicknesses of the flange planks are 

compared. 

From the specimen load-deflection curves, it can be obtained that the 

maximum load-carrying capacity of the combined beam flange plank 

thickness increases from 30mm to 35mm and 40mm. Its maximum 

load-carrying capacity is also raised with the growth in the thickness of the 

flange plank. This is because of the increase in the thickness of the plank from 

30mm to 35mm and 40mm when the specimen's cross-sectional stiffness 

changes, and there is a significant boost in the bending load-carrying capacity 

of the steel-wood beams. 
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Fig. 17 Comparison of mid-span load-deflection curves for different thicknesses of wing 

planks 

 

5.3.3. Combined beam thin-walled steel thickness effect 

In order to study the combined beam, thin-walled steel thickness on the 

combined beam bending performance of the impact of different thicknesses. In 

the steel is selected Q235 specifications, the thickness of the wing edge board 

selection 30mm, and the steel size of 40mm × 125mm × 40mm under the 

premise of thin-walled steel thickness were selected 1.5mm, 2mm and 2.5mm 

thickness of the three kinds of simulation and analysis. As shown in Fig. 18, 

the load-displacement curves of combined beams with different thicknesses of 

thin-walled steel sections are compared. With the increase of the thickness of 

thin-walled steel sections in the combined beam, its flexural load capacity also 

has a large increase. The increase is about 10%. 
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Fig. 18 Comparison of load-deflection curves at mid-span for different thicknesses of 

thin-walled sections 

 

 

6.  Conclusion 

 
Since the strength of wood is much greater in the smooth grain than in the 

cross grain. The tensile strength is greater than the compressive strength. Steel 

has high strength, good plasticity and toughness properties, but thin-walled 

steel due to the thin wall thickness leads to its weak stability and other 

limitations of the material itself. A new thin wall H-section steel-wood 

composite beam member is proposed by combining the characteristics of the 

two materials, and seven different combination beams are tested for flexural 

performance. At the same time, ABAQUS finite element software is used to 

simulate the steel-wood combination beam and analyze its bending 

performance. The effects of the changes of the above factors on the bending 

capacity of steel-wood combination beams are analyzed. The following 

conclusions are obtained: 

(1) The thin-walled steel profiles and wood are connected by epoxy resin 

glue and shear-resistant screws, which makes the combined beams have better 

integrity and give full play to the compressive and tensile properties of wood 

and thin-walled steel profiles. The stress process of the combined beam is 

mainly divided into three stages, i.e. elastic stage, elastic-plastic stage, and 

damage stage. In the elastic stage, the stiffness of the combined beam is large, 

and the steel and wood are jointly stressed. With the increase of load, when the 

combined beam reaches the elastic-plastic stage, the flange thin-walled steel 

appears local buckling; when the ultimate load is reached, the final damage 

phenomenon of the combined beam is the tensile bending damage of the lower 

flange board, and the combined beam damage mode is finally ductile damage. 

(2) By analyzing the test data, it can be seen that under the same 

conditions. The change in the cross-section width of the combined beam has 

less influence on the bending capacity. The reduction of the shear screw 

spacing of the wing edge of the combined beam has no obvious effect on the 

load-carrying capacity but improves the connection performance of the 

interface. Changes in the height of the section of the combined beams had a 

significant effect on the load-carrying capacity. An increase in the thickness of 

the upper flange planks and an increase in the web height of the specimens 

resulting in a 52% and 45% increase in the load-carrying capacity, respectively. 

The change in the thickness of the flange planks had a greater effect on the 

load-carrying capacity than the change in the height of the webs. In the case 

where the thickness of the flange planks are 30mm, the increase in the 

thickness of the thin-walled steel sections results in a greater increase in the 

load-carrying capacity of the combined beams. 

(3) A numerical simulation of seven combined beams was carried out 

using finite element software ABAQUS, and some factors affecting the 

bending performance of the combined beams, such as the yield strength of 

steel, thickness of the flange planks of the combined beams, and thickness of 

the thin-walled steel sections of the combined beams, were parametrically 

analyzed. The cohesive contact unit and modeling methods, such as load 

application and model boundary conditions are explored for simulation. The 

damage morphology and damage process of the steel-wood beams are verified 

more intuitively and the numerical simulation is compared with the test to 

verify its reasonableness. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study focused on improving the structural design and reducing the costs of steel arched pedestrian bridges through 

detailed analysis and practical application. Optimization techniques were applied to identify the best sectional sizes and 

configurations for steel arch bridges, revealing that the arch ribs were sensitive to lateral buckling due to their high 

slenderness. To counter this and enhance the load-carrying capacity and stability, the arch ribs were proposed to be encased 

with Ultra-High-Performance Concrete (UHPC), especially near the bearings where the free length is substantial. Through 

non-linear finite element analysis, this study assessed the method's impact on buckling behavior, strength enhancement, and 

stress distribution within the arch ribs. The application of this solution in an actual construction project highlights its 

practicality and efficiency for pedestrian bridge development. Furthermore, the research contributes significantly to creating 

specialized manufacturing and construction methods for steel arched bridges, presenting an encouraging strategy for future 

applications. 
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1.  Introduction 

 

Steel arch constructions are highly preferred for pedestrian bridges, not 

only for their visual appeal but also for their structural effectiveness. The arch 

elements are crucial in bearing external forces, highlighting the importance of 

finding optimal designs that feature compact sections. This approach enhances 

the resistance to buckling and optimizes the structure's capacity to support loads. 

Addressing the risk of buckling in steel arch bridges is vital for maintaining 

structural integrity, safety, and overall functionality. Buckling, a frequent issue 

in such structures, occurs when slender arch components are subjected to 

compressive stress along their length. Maintaining stability to avert sudden and 

catastrophic failures is imperative. Extensive research has been dedicated to 

exploring the buckling behavior of steel arches, including studies on both in-

plane and out-of-plane inelastic buckling. These efforts aim to refine predictive 

models for accurately determining the buckling strength of steel arches [1-5]. 

Buckling directly influences the load-carrying capacity of a steel arched 

bridge. Understanding the critical buckling modes and loads allows engineers 

to determine the maximum loads that the bridge can safely withstand without 

experiencing structural instability. This information is important for the design 

and assessment of the bridge's capacity to support various loads. Explorations 

into the impact of buckling on the load-carrying capacity of steel arches have 

been conducted. Pi et al. [6] explored the nonlinear in-plane buckling and post-

buckling behavior to investigate influences of pre-buckling deformations on the 

overall behavior of steel arches. Multiple inquiries have examined the impact of 

bracings on the buckling strength of steel arches. Pi et al. [7] and Dou et al. [8, 

9] focused on the influence of bracing stiffness from both lateral and rotational 

braces, on the elastic out-of-plane flexural-torsional buckling of steel circular 

arches. The research has revealed that enhancing bracing stiffness could 

effectively improve the strength of steel arches emphasizing that the slenderness 

of the arches is the pivotal factor in preventing buckling. 

Optimization studies have been conducted to improve the structural 

performance of steel arched bridges, including the analysis of different arch 

geometries, support systems, and load distribution mechanisms. Finite element 

analysis (FEA) and computational tools effectively aid in assessing and refining 

these structures such as advanced analysis of inelastic buckling and post-

buckling behavior. By understanding the buckling behavior, engineers can 

explore design modifications, such as adjusting the arch geometry, combining 

materials, or incorporating additional structural elements, to enhance the overall 

performance of the steel arched bridges. Nazmy [10] introduced an optimal 

methodology that comprehensively accounts for the impacts of diverse design 

parameters on both the strength and stability of steel arch bridges. Additionally, 

the optimal design of steel arch bridges has been addressed through the 

application of genetic algorithms, aiming to minimize the dimensions of the 

primary steel members [11, 12]. Numerous other investigations on optimization 

have been performed for various types of arched bridge, including arched 

trusses and funicular twin arches [13-15]. 

Extensive research has been dedicated to enhancing the materials used in 

steel arched bridges, with a focus on incorporating advanced materials such as 

high-strength steels, high-performance concrete, and fiber-reinforced 

composites. The aim is to improve the performance of steel arch bridges by 

achieving higher strength-to-weight ratios and enhancing their resistance and 

durability. This effort seeks to prolong the operational lifespan of bridges, 

addressing the critical need for sustained structural functionality. Researchers 

are exploring the optimal application of composite materials to boost the 

structural efficiency and carrying capacity of these bridges. This includes 

investigating various configurations, cross-sectional shapes, and combinations 

of materials to attain optimal performance under different loading scenarios. 

The study of composite arch members, which combine steel with materials like 

concrete or fiber-reinforced polymers, is particularly active. This research 

examines the structural behavior, load distribution, and longevity of composite 

arch elements versus traditional steel-only versions. Concrete-filled steel 

tubular arches, which blend steel's strength and durability with concrete's load-

bearing capacity, represent a significant innovation in structural engineering. 

These arches feature a steel tube filled with concrete to create a composite 

structure that leverages the benefits of both materials. Additionally, this 

approach allows for efficient material use, leading to more sustainable and cost-

effective construction practices [16-21]. The synergy of material properties in 

these arches enables them to cover large spans with few supports, offering an 

efficient and aesthetically pleasing solution for infrastructure projects. 

Discussions have also covered the advantages and limitations of Ultra-High-

Performance Concrete (UHPC) in bridge construction. UHPC's exceptional 

mechanical properties and durability enhance the structural integrity of bridge 

connections, mitigate deformation and cracking in bridge pavements, and 

increase the load-bearing capacity of bridges [22]. 

The use of UHPC in structural design has been increasingly supported by 

life-cycle cost analysis (LCCA) to highlight its economic and sustainability 

benefits. A key study by Hossain and Chang [23] demonstrated that UHPC 

significantly reduces maintenance frequency and overall life-cycle costs in 

bridge retrofitting compared to conventional concrete alternatives. Their 

analysis showed that despite higher initial costs, UHPC's extended service life, 

up to 80 years compared to 30 years for conventional concrete, substantially 

decreases long-term expenditures. Similarly, Dong [24] evaluated UHPC's 

performance in terms of cost-effectiveness, environmental impacts, and 

durability. The study emphasized UHPC's ability to reduce CO2 emissions and 

maintenance requirements over the lifecycle of structures, making it a 

sustainable alternative for infrastructure projects. The application of UHPC in 

precast girders demonstrated reductions in material volume and associated 

environmental impact. Furthermore, Stengel and Schießl [25] conducted an 

extensive LCCA to compare UHPC with traditional materials in various 

structural applications, including bridges. Their findings indicated that UHPC's 

higher strength and durability enable smaller cross-sections, reducing material 

consumption and long-term costs despite the energy-intensive production 



Canh-Tuan Nguyen  381 

 

process. These studies collectively support the economic and environmental 

viability of UHPC in modern construction, particularly for projects emphasizing 

durability and cost-efficiency in constrained environments. Such findings align 

with the methodology and outcomes of this study, reinforcing the relevance of 

UHPC in sustainable infrastructure development. 

This study aims to address this gap by proposing a novel design and 

construction scheme that integrates Ultra-High-Performance Concrete (UHPC) 

with steel arches, optimizing both performance and cost for a specific project in 

a remote mountainous region. Unlike previous research, which primarily 

focuses on large-scale infrastructure or generalized design improvements, this 

study is tailored to the unique constraints of constructing pedestrian bridges in 

challenging environments. By leveraging finite element analysis and practical 

construction methods, we developed an optimized configuration for steel-

UHPC composite arch structures. This approach not only enhances load-

carrying capacity and stability but also minimizes costs, making it an accessible 

solution for underprivileged communities. Additionally, the research 

demonstrates the feasibility of implementing such designs under strict financial 

and temporal constraints, contributing to a broader understanding of how 

advanced materials like UHPC can be utilized in cost-sensitive applications. 

The project is distinguished by its focus on practical application, culminating in 

the successful construction of a pedestrian bridge that serves as a vital 

connection for a remote community. This achievement underscores the potential 

for replicating and scaling the proposed methodology in similar contexts, 

addressing a critical need for sustainable and affordable infrastructure. 

 

2.  Optimum design of the steel arched structure 

 

2.1. Structural optimization approach   

 

The collapse of an existing suspension bridge posed a significant divide 

between communities on either side of the spring, necessitating a new bridge 

for the local people. A steel tied arch bridge, chosen for its aesthetic appeal that 

enhances the local tourism landscape, was proposed. This new bridge, designed 

to be 39 meters long and 2.3 meters wide for walkway, could support a standard 

pedestrian load of 4.3 kN/m in accordance with the LRFD Guide Specifications 

for the Design of Pedestrian Bridges [26]. Owing to various constraints at the 

site of construction, the height of the steel arch should be restricted to 5.0 meters, 

resulting in a height-to-span ratio for the steel arch of only 0.128. The objective 

of this study was to identify a design solution that not only meets the criteria for 

cost efficiency but also ensures practicality in construction processes and strict 

compliance with project schedule within four months. To accommodate the 

transportation and erection requirements under local conditions, it was 

determined that the steel arch structure needs to be segmented into pieces no 

longer than 6.0 meters each. A thorough cost analysis, considering the 

fabrication expenses of the steel structures, the costs associated with structural 

connections, and the erection method, was conducted. The general alignment of 

the bridge is illustrated in Fig. 1. 

 

 

Fig. 1 General alignment of the steel arch bridge 

 
The optimization of arch structures can be approached through various 

methods, each with its unique focus and application. These methods often aim 

at enhancing structural efficiency, reducing material usage, or improving the 

overall performance of the structure under different loading conditions. In the 

design of the steel arch structure, which comprises arch ribs, tie girders, floor 

beams, and hangers, structural analyses and partial optimization process was 

undertaken. This process was grounded in the principle of balancing 

construction costs while ensuring structural integrity and efficiency. The 

general process of the structural optimization process is described in Fig. 2. 

 

 

Fig. 2 Optimization process of the steel arch bridge 

 
The optimization process was efficiently conducted with the aid of the finite 

element analysis program MIDAS CIVIL. To accurately simulate the structural 

components, beam elements were employed for arch ribs, tie girders and floor 

beams; tension-only truss elements for hangers; and truss elements for bracing 

components. Subsequently, internal forces were carefully obtained to facilitate 

the design of each section. The configuration of the simulation model is 

presented in Fig. 3. 
 

 

Fig. 3 Finite element model for optimization analysis 

 

2.2. Results of optimal design 

 

2.2.1. Floor beams and concrete slab 

The parametric optimization method was conducted to find the best 

combination of the number and dimensions of floor beams, the thickness of the 

concrete slab, and the amount of reinforcing bar (rebar) within the slab. The 

number of floor beams was also found to have a significant impact on the 

alignment of the hanger system. The optimal design should be achieved not only 

to meet structural integrity and safety standards but also to minimize 

construction and material costs. 

A target function for the optimal cost is defined from the total construction 

costs of floor beams and the concrete slab as follows: 
 

( )b sminC C C= +  (1) 

 
Where 𝐶𝑏 = 𝑓(𝑞𝑃𝐿 , 𝑁𝑏, 𝐿𝑏, 𝐴𝑏, 𝑆𝑥,𝑏, 𝑓𝑦, 𝑐𝑏) is the cost of floor beams, and 

is a function of the pedestrian load 𝑞𝑃𝐿, number of floor beams 𝑁𝑏, length of 

floor beams 𝐿𝑏, sectional area of floor beams 𝐴𝑏, section modulus 𝑆𝑥.𝑏, yield 

strength 𝑓𝑦 = 250 MPa, and unit cost for fabrication and construction of steel 

beams 𝑐𝑏; 𝐶𝑠 = 𝑓(𝑞𝑃𝐿, 𝑆𝑏 , 𝑏𝑠 , 𝑡𝑠 , 𝐴𝑟 , 𝑓𝑦, 𝑓𝑐
′, 𝑐𝑐 , 𝑐𝑟) is the cost of the reinforced 

concrete slab, and is a function of the pedestrian load, floor beam spacing 𝑆𝑏, 

slab width 𝑏𝑠, slab thickness 𝑡𝑠, rebar area 𝐴𝑟, yield strength of rebar 𝑓𝑦 = 400 

MPa, compressive strength of concrete 𝑓𝑐
′ = 28 MPa, unit cost for concrete 𝑐𝑐 

and for rebar 𝑐𝑟. 

To obtain the optimal design, strength constraints for floor beams and the 

slab should be defined. For the reinforced concrete slab, the factored bending 

moment in the slab 𝑀𝑆𝑡𝑟,𝑠 at the Strength Limit State should satisfy: 
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For floor beams, the factored bending moment in floor beams 𝑀𝑆𝑡𝑟,𝑏 at the 

Strength Limit State should satisfy: 
 

, ,Str b y x bM f S  (3) 

 
Additional contraints for cross-section proportion limits including web and 

flange of floor beams should be considered in accordance with Clause 6.10.2 

from AASHTO LRFD design code [27] for I-section flexural members. 

In the process of parametric optimization, the characteristics of floor beams 

and slabs were directly influenced by a specific set of parameters which were 

optimized using an iteration method to satisfy the constraints from Eqs. (2) and 

(3) with minimum cost. This optimization could identify the minimum cost from 

these sets by using Eq. (1). The sequence of steps taken in this optimization 

process is clearly outlined in Fig. 4, and the results of the optimal design 

parameters for varying numbers of floor beams are detailed in Table 1. 

 

 

Fig. 4 Parametric optimization process for floor beams and slab 

 
Table 1 

Design data for cost optimization of floor beams and reinforced concrete slab 

Variables Optimal parameters for floor beams and slab 

𝑁𝑏 40 33 29 25 23 21 19 17 16 

𝑆𝑏 (m) 1 1.2 1.4 1.6 1.8 2 2.2 2.4 2.6 

𝑡𝑠 (m) 0.08 0.08 0.1 0.12 0.12 0.15 0.15 0.18 0.18 

𝐴𝑟 (mm2) 159 230 236 253 321 320 388 396 464 

ℎ (mm) 100 100 100 125 125 150 150 150 175 

𝑏𝑓 (mm) 51 63 80 71 82 77 86 103 91 

𝑡𝑓 (mm) 8 8 8 8 8 8 8 8 8 

𝑡𝑤 (mm) 5 5 5 5 5 5 5 5 5 

 
It was observed that increasing the number of floor beams led to a reduction 

in the span length of the slab. This adjustment had a dual effect on the cost 

structure: while the cost associated with the floor beams increased due to the 

higher quantity required, there was a consequential decrease in the cost of the 

concrete slab. The reduction in slab cost can be attributed to the decreased span, 

which in turn reduces the slab thickness and the amount of rebar needed to meet 

structural demands. Through a detailed examination depicted in Fig. 5, the 

minimum total cost could be identified when the ideal number of floor beams is 

set to 25, with the slab spanning intervals of 1.6 meters and having a thickness 

of 120 mm. 
 

 

Fig. 5 Variation of optimal cost with different number of floor beams 

 
2.2.2. Hanger members 

The optimization of the hanger system in steel arch structures was evaluated 

by comparing the structural performance of lattice and vertical arrangements in 

the same loading condition. Two different finite element models were adopted 

to non-linear analyses to verify the structural performance using ABAQUS [28]. 

Fig. 6 reveals that the lattice configuration offers effective load distribution 

capabilities, with buckling confined to the arch ribs near the bearing locations 

after peak loads are applied. In contrast, the vertical hanger system fails to 

provide adequate load-carrying capacity, resulting in global buckling across the 

entire structure. Further comparative analysis, as shown in Fig. 7, demonstrates 

that the lattice system significantly outperforms the vertical system, with a load 

capacity of 1760 kN compared to the vertical system's 996 kN, showing a nearly 

77% increase in capacity with a similar quantity of materials used. Based on 

these findings, the lattice system is identified as the optimal solution for steel 

arch structures, offering superior structural performance and efficiency. 
 

 

Fig. 6 Buckling of arch ribs with hanger arrangements: (a) lattice type; (b) vertical type 

 

 
Fig. 7 Load-deflection curves of the steel arch bridge with different types of hangers 

 

2.2.3. Arch ribs and tie girders 

After successfully optimizing the floor beams, slab, and hanger system, the 

overall alignment of the structure was clearly established. It was assumed that 

cross beams of arch ribs and bracing components were excluded from the 

optimization process. The next step was to identify the ideal dimensions for arch 

ribs and tie girders. Critical analyses in the structural optimization of arch 

bridges revealed a significant correlation between tie girders and arch ribs 

concerning load distribution, particularly in relation to their rigidities. 

Applying Clause 6.8.2.3 and Clause 6.9.2.2 from AASHTO LRFD Design 

Specification [27] for strength constraints, tie girders subjected to combined 



Canh-Tuan Nguyen  383 

 

tension and flexure and arch ribs subjected to combined axial compression and 

flexural shall satisfy: 
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Where k  is the strength factor that should not exceed 1.0; Pu  is the 

ultimate axial force (kN); Pr is the factored axial resistance (kN) which defined 

from Clause 6.8.2.1 for tension and Clause 6.9.4.1 for compression respectively 

[24]; Mux and Muy are the ultimate bending moments about x axis and y axis, 

respectively (kN.m); Mrx  and Mry  are factored flexural resistances about x 

axis and y axis, respectively (kN.m). The calculations of Mrx and Mry are 

detailed in the commentary C6.8.2.3 [27]. 

Local buckling of arch ribs in compression should be controlled through 

the limits of the slenderness in accordance with Clause 6.9.4.2 from AASHTO 

provision [27]. The slenderness of web plates shall satisfy: 
 

0/ /w w s yD t k E f =   (5) 

 
Where 𝐷 is web depth (mm); 𝑡𝑤 is web thickness (mm); and 𝑘0 is the 

plate buckling coefficient, 𝑘0 = 1.49. 

The slenderness of the half-width flanges of built-up I-sections shall satisfy: 
 

/ 2 0.64 /ft f f c s yb t k E f =   (6) 

 
Where 𝑏𝑓  is flange width (mm); 𝑡𝑓  is flange thickness (mm); and 

0.35 0.76ck   in which 4 / /c wk D t= . 

In addition, the structure should satisfy the constraint for the vertical 

deflection which is specified in Clause 2.5.2.6.2 [24] using load combination at 

the service limit state. The maximum deflection of the bridge shall not exceed 

1/1000 of the span length. Vibrations shall be investigated as a service limit 

state. Vibration of the structure shall not cause discomfort or concern to users 

of a pedestrian bridge. The fundamental frequency in a vertical mode of the 

pedestrian bridge without live load shall be greater than 3.0 Hz to avoid the first 

harmonic [26]. 

A vector representing types of I-shaped sections is defined as follows: 
 

  T

1 2, ,..., n=I I I I  (7) 

 
Where 

, , ,, , ,T

i i ft i ft i w ih b t t =  I  is a vector of the ith sectional dimensions; 

ℎ𝑖  is the height (mm); 𝑏𝑓,𝑖  is the flange width (mm); 𝑡𝑓,𝑖  is the flange 

thickness (mm); and 𝑡𝑤,𝑖 is the web thickness (mm). 

Vectors of internal forces, deflections, and natural frequencies 

corresponding to the ith combination of sections as input parameters for 

optimization process are defined as follows: 
 

, , , , ,T rib rib tie tie

i i i i i i iN M N M f =  F   (8) 

 
Where 𝑁𝑖

𝑟𝑖𝑏 is the maximum factored axial compression force in arch ribs 

(kN); 𝑀𝑖
𝑟𝑖𝑏  is the maximum factored bending moment in arch ribs (kN.m); 

𝑁𝑖
𝑡𝑖𝑒 is the maximum factored axial compression force in tie girders (kN); 𝑀𝑖

𝑡𝑖𝑒 

is the maximum factored bending moment in tie girders (kN.m); 𝛿𝑖  is the 

maximum vertical deflection (mm); 𝑓𝑖  is the natural frequency of the first 

vertical vibration mode. It is noted that internal forces, deflections, and natural 

frequencies are outputs of finite element analyses which can be automatically 

performed by a self-developed coding program including optimization 

algorithms using Matlab. However, developing such a program would be 

considered in another study. 

Vectors of output results corresponding to the ith combination of sections 

including slenderness ratios, strength factors, deflections, and natural 

frequencies for checking violation condition are defined as follows: 
 

, , , ,, , , , , , ,T w rib fl rib w tie fl tie rib tie

i i i i i i i i ik k f =      K  (9) 

 
Where 𝜆𝑖

𝑟𝑖𝑏  and 𝜆𝑖
𝑡𝑖𝑒  are slenderness ratios of webs and flanges 

corresponding to the ith combination of sections; kirib and kitie are strength 

factors of arch ribs and tie girders, respectively. 

Fig. 8 describes the process of parametric optimization for tie girders and 

arch ribs. From given sets of sectional parameters, trial sections were assigned 

to tie and rib members in the finite element model. Factored axial compression 

forces and factored bending moments were extracted to calculate strength 

factors of tie girders and arch ribs. Variations in strength factors of tie girders 

and arch ribs according to Eq. (4) with different section properties were 

investigated. The optimization algorithm was developed to find a range of 

section geometries that could satisfy the strength, slenderness, and deflection 

constraints with minimum weight of steel material of arch ribs and tie girders. 

In the analysis of arch rib and tie girder structures, a comprehensive 

investigation was conducted to find the most effective section combinations that 

would satisfy design constraints while optimizing strength and minimizing 

weight. From Table 2, a series of sectional dimensions were given as an initial 

source of data for optimization analyses to find ideal sections for tie girders and 

arch ribs. Utilizing finite element analysis, a total of 64 combinations of sections 

for the arch ribs and tie girders were evaluated. Key structural responses 

including deflections, natural frequencies, axial forces, and bending moments 

were subsequently extracted from the analysis. Strength factors were then 

calculated to assess the adequacy of each combination under applied loads. 
 

 

Fig. 8 Parametric optimization process for tie girders and arch ribs 

 
Table 2 

A source of sectional parameters for optimization 

No. 
ℎ 

(mm) 

𝑏𝑓 

(mm) 

𝑡𝑤 

(mm) 

𝑡𝑓 

(mm) 

𝐴 

(mm2) 

𝐼𝑥 

(mm4) 

𝐼𝑦 

(mm4) 

1 150 125 8.5 14 4,537 17.5×106 4.56×106 

2 200 150 9 16 6,312 44.3×106 9.01×106 

3 250 125 10 19 6,870 71.4×106 6.20×106 

4 300 150 10 18.5 8,180 125×106 10.4×106 

5 350 150 9 15 7,380 151×106 8.45×106 

6 400 150 10 18 9,040 237×106 10.1×106 

7 450 175 11 20 11,510 387×106 17.2×106 

8 600 190 13 25 16,650 966×106 28.7×106 

 
The results, given in Fig. 9, present the distribution of strength factors 

corresponding to various section combinations, with the total weight of the arch 

ribs and tie girders plotted on the horizontal axis against the strength factors on 

the vertical axis. Particularly notable are the results highlighted by red dots for 

section numbers 6, 7, and 8, delineating combinations that not only provide 

sufficient strength factors but also comply with all design constraints, as shown 

in Fig. 9a. To identify a target efficient section combination, a search algorithm 

was applied to detect the most optimal configuration among 64 evaluated 

combinations. This optimal combination was found to consist of section number 

6 for the arch ribs and section number 2 for the tie girders, achieving a minimum 

structural weight of 96.8 kN. The optimal dimensions and section properties for 

the arch ribs and tie girders were presented in Table 3 as a benchmark to select 

target sections for the detailed design. 
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Table 3 

Optimal section properties for arch ribs and tie girders 

Items 
ℎ 

(mm) 

𝑏𝑓 

(mm) 

𝑡𝑤 

(mm) 

𝑡𝑓 

(mm) 

𝐴 

(mm2) 

𝐼𝑥 

(mm4) 

𝐼𝑦 

(mm4) 

Tie girder 200 150 9 16 6,312 44.3×106 9.01×106 

Arch rib 400 150 10 18 9,040 237×106 10.1×106 

 

 
(a) 

 
(b) 

Fig. 9 Variation of strength factors in correlation with total weight: 

(a) for arch ribs; (b) for tie girders 
 
2.2.4. Design of steel arch structures 

The detailed design of the steel arch bridge progressed by finalizing 

sections that met the specified benchmarks for section properties as determined 

by optimization results. Table 4 provides a comprehensive overview of 

dimensions and section properties for all bridge components. Specifically, the 

section of the arch ribs was configured to have equal area and second moment 

of inertia compared to the optimal section, with an increased flange width aimed 

at enhancing out-of-plan bending stiffness. Furthermore, the design for tie 

girders exceeded the dimensions suggested by optimization results, driven by 

considerations of aesthetics and the need to mitigate deflection within the 

structure. 
 

Table 4 

Dimensions of structural components for detailed design 

No. 
ℎ 

(mm) 

𝑏𝑓 

(mm) 

𝑡𝑤 

(mm) 

𝑡𝑓 

(mm) 

𝐴 

(mm2) 

𝐼𝑥 

(mm4) 

𝐼𝑦 

(mm4) 

Arch rib 390 200 10 14 9,220 237×106 18.7×106 

Tie girder 300 200 10 14 8,320 131×106 18.7×106 

Floor beam 200 100 5.5 8 2,612 17.6×106 1.33×106 

Cross beam 250 160 10 10 5,500 56.2×106 6.84×106 

Top brace 90 90 8 - 1,376 1.066×106  

Bottom brace 60 60 6 - 684 0.233×106  

Hanger rod 22 - - - 380 0.115×106  

 
Fig. 10 illustrates the overarching configuration of the steel arch structure, 

which incorporates approximately 17 tons of steel material. The selection of this 

material not only conferred a lightweight attribute upon the structure but also 

simplified logistical management throughout the construction phase. The I-

shaped section of the arch rib was found to have a large slenderness which is 

sensitive to lateral buckling. Therefore, arch ribs, with large free length near 

bearings, were partially encased with UHPC to effectively improve the 

structure's stability and load-carrying capacity. 
 

 

Fig. 10 General arrangement of steel structures: arches, girders, and cross beams 

 
Fig. 11 shows the cross-sectional details of the steel arch ribs, illustrating 

both the steel section and the UHPC-encased section derived from the built-up 

I section design. The critical interaction between the UHPC and the steel section 

is achieved through the utilization of shear connectors positioned along the webs, 

ensuring an integrated structural behavior. The UHPC used in this design boasts 

a compressive strength of 100 MPa, providing exceptional durability and load-

bearing capacity. This UHPC is made from a pre-mixed mortar and carefully 

cast in place to align precisely with the steel sections. This can improve the 

structural efficiency and strength of the arches. 
 

 

Fig. 11 Cross sections of arch ribs: (a) steel section; (b) UHPC encased section 

 
3.  Buckling analysis and verification 

 

3.1. Finite element modeling 

 

The steel arch structure, optimized in design, was analyzed using ABAQUS 

[28], to assess stability before construction. Models included steel sections and 

UHPC-encased sections to compare their instability behaviors. Steel arch 

members were modeled using 4-node quadrilateral stress/displacement shell 

elements (S4R) employing reduced integration and a large-strain formulation. 

The concrete parts were modeled using 8-node linear brick elements (C3D8R) 

with reduced integration and hourglass control. The hanger rods and bracing 

members of the vertical beams and arch were simplified using three-

dimensional, 2-node truss elements (T3D2). For the UHPC encased parts, 

interaction between UHPC parts and arch ribs was controlled by using tie 

constraints along webs of arch ribs simulating shear connectors with the 

assumption that slip between the UHPC parts and steel web was negligible. 

Fig. 12 illustrates the overall finite element model of the steel arch structure. 

The initial imperfection was considered as out-of-plan deformation 𝛿0 = 20 

mm (0.05% of total span length) in the z-axis direction at the middle of the arch 

ribs. Boundary conditions were modeled according to the actual design with 
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four bearing positions. The entire arch system was supported by one fixed 

bearing, two unidirectional movable bearings, and one bidirectional movable 

bearing to ensure a simple support condition. Concentrated loads applied in 

finite element analysis were imposed in the middle of the span. To facilitate 

nonlinear analysis, a displacement-based method was utilized instead of force 

application. The imposed displacement values were gradually increased until 

structural failure occurs. Reaction forces measured at the displacement-

controlled locations represented the corresponding forces acting on the structure. 

Fig. 13 illustrates parts of the finite element models of the arch members 

simulating the steel section, UHPC encasement, and tie constraints to generate 

composite interactions between steel web and concrete parts. 
 

 

Fig. 12 General model of the steel arch with boundaries, loads, and imperfection 

 

 

Fig. 13 Finite element models for steel arch members: 

(a) steel section; (b) UHPC encased section; (c) tie constraints 
 
Nonlinear analyses were conducted to investigate the steel arch's behavior 

considering nonlinear material modeling and applying large strain theory. The 

structural components, including the steel arch members and longitudinal beams, 

were constructed from SM490 steel plates, characterized by a yield strength of 

𝑓𝑦  = 390 MPa and a tensile strength of 𝑓𝑢  = 560 MPa. The cross beams 

featured an I-shaped section and, along with the bracing members which are 

made of equal angle sections for both the arches and beam system, were 

fabricated from SS400 steel. This material was chosen for its yield strength of 

𝑓𝑦 = 290 MPa and ultimate strength of 𝑓𝑢 = 460 MPa. Additionally, the hanger 

components were crafted from C45 steel bars, 22 mm in diameter, boasting a 

yield strength of 𝑓𝑦 = 360 MPa and an ultimate strength of 𝑓𝑢 = 610 MPa. The 

Young’s modulus for all the steel materials used in the project was estimated to 

be 210,000 MPa, with a Poisson’s ratio of 0.3. To ensure accuracy and reliability, 

stress-strain relationships for the verification models were derived from actual 

stress-strain curves obtained through material testing, whenever such data were 

available. Fig. 14 presents the stress-strain characteristic curves for the steel 

materials, utilizing a model that divides the curve into three linear segments. 

These curves, essential for the finite element analysis, were obtained from 

detailed studies on the steel materials' behavior. Initially, the material exhibits 

elastic behavior up to the yield strength and corresponding yield strain. Beyond 

this point, the material enters a yield plateau, maintaining the yield strength until 

the strain escalates to ten times the initial yield strain. Subsequently, the curve 

progresses to the tensile strength at an equivalent strain of 0.1. The Von-Mises 

yield criterion and isotropic hardening rule were used to model steel's behavior 

under different loads, providing a clear framework to predict its response to 

stress. 
 

 

Fig. 14 Stress-strain relationship of steel materials for FEM analysis 

 
In this study, UHPC was applied for composite interaction as encasement 

to improve the performance of steel arch members under compressive stresses. 

CEB-FIP Model Code [29] has proposed material models to simulate the 

behavior of the UHPC. The relation between stress σc and strain εc for short-

term uniaxial compression is approximated by the following equation: 
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where, 𝜂 = 𝜀𝑐/𝜀𝑐1   and 𝑘 = 𝐸𝑐𝑖/𝐸𝑐1 ; 𝑓𝑐𝑚  is the actual compressive 

strength of concrete at an age of 28 days, 𝑓𝑐𝑚 = 𝑓𝑐𝑘 + 8  (MPa); 𝑓𝑐𝑘  is a 

specific characteristic compressive strength (MPa); 𝜀𝑐1  is the strain at 

maximum compressive stress; 𝐸𝑐1 is the secant modulus from the origin to the 

peak compressive stress. 

Crack opening was assumed to be small and was not considered in the 

analysis. For the uncracked normal weight concrete subjected to tension, a 

bilinear stress-strain relation is given as follows: 
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Where, 𝐸𝑐𝑖 is the tangent modulus of elasticity (MPa); 𝜀𝑐𝑡 is the tensile 

strain; 𝜎𝑐𝑡 is the tensile stress (MPa); 𝑓𝑐𝑡𝑚 is the tensile strength (MPa). 
 

Table 5 

Material parameters of UHPC grade C100 given by Model Code [29] 

Concrete grade 𝑓𝑐𝑘 

(MPa) 

𝑓𝑐𝑡𝑚 

(MPa) 

𝐸𝑐𝑖 

(GPa) 

𝐸𝑐1 

(GPa) 

𝜀𝑐1 

(‰) 

𝜀𝑐,𝑙𝑖𝑚 

(‰) 

C100 100 5.2 47.5 36 3.0 3.0 

 
 The compressive strength of UHPC which was considered for the optimal 

design and finite element analyses was 100 MPa. Table 5 shows material 

parameters of UHPC grade C100 given by the Model Code [26] to construct the 

stress-strain diagrams in compression and tension. It is assumed that the 

maximum stress, 𝑓𝑐𝑚 = 108 MPa, was obtained at the proportional limit strain 

𝜀𝑐,𝑙𝑖𝑚 = 0.003. The value of tensile strength was approximated as 𝑓𝑐𝑡𝑚 = 5.2 

MPa to construct the stress-strain relation for UPHC in tension. Fig. 15 presents 

the approximated stress-strain diagrams of the UHPC derived from Eqs. (10) 

and (11) for the compressive strength and the tension strength, respectively. 
 

 
(a) 
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(b) 

Fig. 15 Stress-strain diagrams of UHPC grade C100: (a) in compression; (b) in 

tension 
 

3.2. Analysis results and verification 

 

Fig. 16 illustrates the analytical outcomes derived from finite element 

analyses for two distinct scenarios involving arch ribs: one with a non-

composite section and the other with a section encased in UHPC. The 

significance of points (a) and (c) lies in their representation of critical structural 

behaviors under peak loading conditions. Point (a) corresponds to the maximum 

load-carrying capacity of the non-composite section, recorded at 1,768.1 kN. 

This value indicates the limit at which the steel arch ribs begin to experience 

lateral buckling, leading to a rapid decrease in structural stability. Point (c), on 

the other hand, highlights the performance of the UHPC-encased section, with 

a maximum load-carrying capacity reaching 2,676.7 kN, an improvement of 

approximately 50% compared to the non-composite section. This significant 

increase is attributed to the UHPC encasement's ability to enhance the stiffness 

and reduce the susceptibility to lateral buckling, particularly in the critical 

regions near the bearings. 

The comparison underscores the effectiveness of the UHPC encasement in 

mitigating lateral deformation and improving the overall structural resilience of 

the arch ribs. The inclusion of UHPC not only increases load-bearing capacity 

but also delays the onset of instability, thereby extending the operational safety 

margin of the structure. These findings validate the proposed design 

methodology and its potential applicability to similar projects requiring 

enhanced performance under constrained resources. By clearly indicating the 

importance of these points, Fig. 16 provides a visual representation of the 

substantial benefits achieved through UHPC integration in the design of steel 

arch bridges. 
 

 

Fig. 16 Comparison of load-carrying capacity between steel section and UHPC encased 

section 
 
In the study of a non-composite section under peak load conditions, Fig. 17 

illustrates the progression of deformation in the steel arch alongside the 

corresponding loading states. Initially, it was observed that lateral buckling 

began to manifest subtly within the arch ribs. Specifically, the onset of yielding 

stress was identified at the edge regions of the top flange in designated areas (1) 

and (3), as depicted in Fig. 17a. This early sign of stress concentration was a 

precursor to more significant structural changes. 

As the loading continued, these initial instances of lateral buckling evolved 

into pronounced out-of-plane deformations. These deformations were most 

notable in the middle sections of regions (1) and (3), where they expanded 

rapidly, as shown in Fig. 17b. This escalation in deformation led to a marked 

decrease in the structural integrity of the steel arch, culminating in an 

approximate 30% reduction in its load-carrying capacity. 

The culmination of these structural changes led to the eventual failure of 

the steel arch. The complete breakdown was attributed to the lateral 

deformations within the steel arch members, specifically in the regions with 

large effective lengths - regions (1) and (3). These sections were identified as 

particularly susceptible to lateral buckling due to their structural characteristics. 

The sequence of deformation and failure, captured in Fig. 17c, underscores the 

critical impact of lateral buckling on the stability and performance of steel arch 

structures under significant load conditions. 
 

 

Fig. 17 Deformation and buckling behaviors of the steel arch: 

(a) at peak load; (b) after 30% drop; (c) at failure 
 
In the case of the UHPC encased sections, the more vulnerable areas of the 

arch ribs were identified in region (2), where lateral buckling was a potential 

risk, particularly in unbraced sections of the arch. Observations from Fig. 18 

indicate that the overall stiffness of the structure experienced a minor reduction 

starting from point (b), which corresponded to a total applied load of 2,535 kN. 

At this juncture, minor out-of-plane deformations began to manifest in the mid-

sections of the arch ribs, accompanied by yielding of the top flanges because of 

maximum axial compression combined with bending, as illustrated in Fig. 18a. 

As the stress continued to accumulate, it progressed toward the center of 

the web, peaking at point (c). This transition marks a critical phase where 

yielding stresses developed significantly between points (b) and (c), without the 

arch ribs undergoing instability, as depicted in Fig. 18b. Upon reaching peak 

load, out-of-plane deformations increased, especially in unbraced arch rib areas, 

reducing load capacity by 47% due to yielding and buckling effects (see Fig. 

18c). 

The most pronounced lateral deformations were observed in region (2), 

culminating in structural failure due to buckling in the sections comprised solely 

of steel, as evidenced in Fig. 18d. The analysis showed that encasing arch ribs 

in UHPC greatly improved stability and load-bearing capacity in regions (1) and 

(3), proving its effectiveness in strengthening these critical areas. 
 

 

Fig. 18 Deformation of the steel arch with UHPC encased section: 

(a) at first yield; (b) at peak load; (c) after 47% drop of strength; (d) at failure 

 
Figs. 19 and 20 illustrate the stress development and distribution within the 

steel arch under different scenarios: non-composite sections and UHPC-encased 

sections. These figures provide critical insights into how the integration of 

UHPC improves structural performance and mitigates vulnerabilities. To assess 

the impact of buckling in arch ribs, a critical location where buckling occurred 

was chosen for a comparative analysis of stress development between non-

composite and UHPC encased sections. The analysis recorded stresses at seven 

points within these sections, correlating them with out-of-plane deflection. 



Canh-Tuan Nguyen  387 

 

In Fig. 19a, the stress distribution for the non-composite section shows 

significant disparities between the left and right sides of the arch ribs. This 

uneven stress distribution leads to pronounced in-plane and out-of-plane 

deformations, ultimately resulting in lateral buckling at peak load. Key stress 

concentrations are observed at points corresponding to the edges of the top 

flange, where instability initiates. The progression of stress and deformation 

underscores the limitations of the non-composite design in maintaining 

structural stability under high loads. Using the Von-Mises stress criterion, the 

stress in the non-composite section showed significant differences between the 

arch's sides as it approached 70 MPa, causing out-of-plane deformation and 

signs of instability. This instability was more pronounced with stresses reaching 

90 MPa and 150 MPa at specific points, exacerbating the arch's in-plane and 

out-of-plane bending. At peak load, out-of-plane displacement reached 55 mm, 

and yielding started at around 150 mm, showing that arch instability was the 

main failure cause. 

Fig. 19b shows the stress in the UHPC-encased section. UHPC reduces 

stress levels and distributes them more evenly, lowering bending effects and 

delaying buckling. At peak load, encased sections deflect about 20 mm, 

compared to 55 mm in the non-composite design, proving UHPC's effectiveness 

in improving structural strength. The results clearly demonstrate the 

effectiveness of UHPC encasement in reducing the stress experienced by the 

steel section. It was observed that the variation in stress levels between points 1 

and 3, as opposed to points 2 and 4, attributable to transverse bending, was 

minimal. The peak load condition resulted in out-of-plane deformation of 

approximately 20 mm. Notably, the regions of the arch ribs reinforced with 

UHPC encasement showed no signs of instability, allowing the structure to 

reach its maximum load-bearing potential. Figure 20 shows the stress 

distribution at peak load for both scenarios. The non-composite section has high 

stress concentrations beyond the yield limit, causing rapid failure. In contrast, 

the UHPC-encased section keeps stress within safe limits, improving load 

capacity and stability. This highlights the benefits of UHPC encasement in 

enhancing the safety and durability of steel arches. 
 

 

(a) 

 

(b) 

Fig. 19 Stress development: (a) Non-composite section with deformation; (b) UHPC-en-

cased section with improved uniformity and reduced deformation 
 

 

Fig. 20 Stress distribution at the peak load: (a) Non-composite section with high stress; 

(b) UHPC-encased section with improved stress 
 

4.  Application to a pilot construction project 

 

4.1. Strength test for UHPC 
 
The encasement process for the UHPC involved the use of a pre-mixed 

mortar that met the specified compressive strength requirements. This specific 

UHPC mix was developed through a prior study by Vinh et al. [30] and was 

selected for its robust characteristics for this pilot project. To ensure the 

material's strength met necessary standards, axial compression tests and tension 

tests were carried out before the UHPC was manufactured and transported to 

the site. The stress-strain relationships observed in these tests, as illustrated in 

Fig. 21, were then compared to theoretical predictions provided by the Model 

Code. The UHPC demonstrated a remarkable 28-day compressive strength of 

118 MPa and a tensile strength of 6.8 MPa. The experimental results showed 

that the pre-mixed UHPC exceeded design standards and was approved for 

construction. A manually controlled intensive mixer ensured consistent quality 

and integrity during the mixing process. 
 

 
(a) 

 

(b) 

Fig. 21 Strength tests for pre-mixed UHPC: (a) compression test; (b) tension test 

 
4.2. Fabrication of steel structures 

 

Fig. 22 shows the steel structure manufacturing process in a factory. As this 

was the first use of the design, the process was carefully monitored, especially 

the welding. Non-destructive tests like ultrasonic testing (UT) and magnetic 

particle testing (MT) ensured the welds' quality. Furthermore, a trial assembly 

of the steel arch structure was carried out at the factory. This step was crucial 

for verifying the overall geometric accuracy and ensuring the compatibility of 

the various components that make up the steel arch. Considering the adoption 

of the incremental launching method for the structure's installation, a launching 
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nose equipped with a truss system was integrated with the steel arch during 

assembly. This procedure allowed for the testing of the structural launching 

process right at the factory, aiming to confirm both the feasibility of 

construction and the safety of the methodology. 
 

 

Fig. 22 Fabrication and trial assembly of the steel structures at the factory 

 
4.3. Construction implementation 

 

Fig. 23 provides a visual guide to the steel arched bridge's erection sequence. 

Faced with several site-specific constraints, the construction team opted to 

assemble the steel structure entirely from one bank of the spring. This method 

effectively utilized the incremental launching technique, which was essential 

under the given conditions. A lightweight truss-equipped launching nose played 

a key role, while counterweights at the rear-maintained balance during 

construction. Pre-mixed UHPC mortar, produced in a factory, was intensively 

mixed to ensure quality and consistency before being delivered to the site. After 

assembling the steel framework, the UHPC encasement was carefully applied 

by hand, highlighting the precision and craftsmanship needed for this stage. 

Figure 23 shows the UHPC encasement in excellent condition at the end of 

construction, reflecting high-quality materials and workmanship. Load tests 

with actual service loads followed, ensuring the bridge's safety and functionality. 

These tests confirmed the structure's readiness for operation, marking a smooth 

transition from construction to service. 
 

 

Fig. 23 Construction sequence of the pedestrian steel arched bridge 

 
5.  Conclusions  

 

This study has presented an optimized design and construction scheme for 

steel arch pedestrian bridges enhanced with UHPC encasement, specifically 

developed to meet the demands of a resource-limited project in a remote area. 

By integrating UHPC with steel arches, the proposed method effectively 

mitigates lateral buckling and improves the load-carrying capacity and stability 

of the structure. Unlike prior studies, which often focus on large-scale or generic 

applications, this research uniquely addresses the practical challenges of 

constrained budgets and timelines, providing a tailored solution for 

underprivileged communities. 

The successful implementation of the proposed design in an actual 

construction project highlights its practicality and impact. The bridge serves as 

a testament to the feasibility of advanced composite materials in addressing real-

world challenges, offering a sustainable and cost-effective alternative to 

traditional construction methods. Furthermore, the findings provide a 

foundation for preliminary design guidelines, enabling practitioners to apply 

similar techniques in analogous projects. These contributions pave the way for 

future research aimed at refining the methodology and expanding its 

applicability to a broader range of infrastructure needs. 

Looking forward, we acknowledge the need for further experimental 

validation and expanded case studies to enhance the robustness of the proposed 

approach. The research offers a foundational reference for engineers and 

designers seeking to explore innovative solutions in bridge construction, 

highlighting the potential for cost-effective, stable, and durable pedestrian 

bridge designs. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

EN 1992-4:2018 covers the design of post-installed steel screw anchors considering the tensile failure modes such as concrete cone failure, 

pull-out failure, concrete splitting failure, and steel failure. However, recent findings from the literature have shown that the prediction from 

the Concrete Capacity Design method, which is the basis for EN 1992-4:2018, may overpredict the resistances of screw anchors due to 

unique mechanical characteristics and failure behaviour of the screw anchor. Given that screw anchors are widely used in structural and 

non-structural applications, a graphical tool is presented in this paper that aims to review the design for screw anchors in EN 1992-4:2018 

in order to bridge the gap in research knowledge. A novel approach through the introduction of a graphical tool (called nomogram) is 

proposed by collecting 197 experimental data and verified with four models from product European Technical Assessment (ETA) to provide 

a rapid and reliable estimation of the resistances (i.e., tensile and shear) of screw anchors for concrete-related failures. The predicted 

resistances are corroborated with experimental results, and it was shown that approximately 48% to 69% of the predicted results exceeded 

the experimental results if the coefficient of variation is ranging from 10% to 15%. In the majority of cases, the Concrete Capacity Design 

method can be unconservative compared to the experimental results. The nomogram is foreseen to be useful for quick preliminary estimation 

of screw anchor capacities without the need to use detailed design software. It can also serve as an independent verification tool for senior 

engineers reviewing designs prepared by junior engineers in consulting offices. 
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1.  Introduction 

 

Fasteners, also known as anchors, are used in steel-concrete connections to 

create robust joints that effectively transfer forces from steel elements to 

surrounding concrete [1, 2]. A steel screw anchor is a type of post-installed 

mechanical anchor in which the load is transferred through the mechanical 

interlock over the anchor threads and concrete. Screw anchors are relatively new 

compared to the more conventional expansion and undercut anchors. The use of 

screw anchors in concrete construction has gained popularity due to their 

advantages of reliable performance, convenience, and speed of installation [3]. 

Expansion anchors transfer the load to concrete through the expansion and 

friction forces at the interface between the anchor and the side wall of the drilled 

hole in the concrete [4]. On the contrary, undercut anchors transfer the load to 

concrete through the mechanical interlock at the tip of the anchor.  

However, the load transfer mechanism of screw anchors is different from 

expansion or undercut anchors, and it can be complicated given that there will 

be multiple struts forming perpendicular to the surface of the screw threads, as 

compared to concentrated strut at the tip of common mechanical anchors. 

Kuenzlen and Eligehausen [5] pioneered experimental tests of 500 screw 

anchors of 8 mm to 18 mm diameter with embedment depth ranging from 30 

mm to 110 mm installed in cracked and uncracked concrete of cube compressive 

strength of 30 MPa. It was observed that the failure modes of screw anchors are 

similar to bonded anchors, which are concrete cone failure (see Fig. 1(c)) and 

combined failure (see Fig. 1(e)), depending on the embedment depth of the 

anchors. Concrete cone failure is characterised by the formation of cone-shaped 

fractures in concrete, while combined failure is the combination of the pull-out 

of an anchor with a shallow cone-shaped concrete. The failure loads increased 

proportionally to ℎef
1.5  (where, ℎef  is the effective embedment depth of the 

anchor), which is about 20% less than expansion and undercut anchors under 

the same embedment depth. Based on the Concrete Capacity Design (CCD) 

method, Kuenzlen [6] proposed an equation to calculate the reduced effective 

embedment depth for screw anchors (see Eq. (1)) and incorporated it into an 

equation developed by Fuchs et al. [7] for expansion and undercut anchors (see 

Eq. (2)), to predict the characteristic tensile resistance of screw anchors for 

concrete cone failure [3, 8]. 

 

ℎef = 0.85(ℎnom − 0.5ℎt − ℎS) (1) 

 

where, ℎnom is the overall depth of the screw anchor embedded into the 

concrete, ℎt is the distance of the thread pitch, and ℎs is the distance between 

the tip of the screw anchor and first thread. 

 

𝑁u,c
0 = 𝑘c(√𝑓ck)(ℎef

1.5) (2) 

 

where, 𝑘c is taken as 14.64 for uncracked concrete in SI units, 𝑓ck is the 

characteristic concrete cylinder compressive strength, and ℎef is the effective 

embedment depth of the anchor. 

Olsen et al. [3] further expanded the database evaluated by Kuenzlen and 

Eligehausen [5] by considering another 353 tension tests. The diameter of screw 

anchors ranged from 6.35 mm to 19.05 mm with ℎef ranged from 25.4 mm to 

 

Fig. 1 The failure modes of post-installed screw anchors under tensile load: (a) steel 

failure, (b) pull-out failure, (c) concrete cone failure, (d) concrete splitting failure, (e) 

combined pull-out and concrete failure (*Note: This failure mode is not explicitly 

mentioned in EN 1992-4:2018), and under shear load: (f) steel failure with a lever arm, 

(g) steel failure without a lever arm, (h) concrete pry-out failure, (i) concrete edge failure 

Tensile failure modes 

 

 

Shear failure modes 

  

(a) (b) (c) 

(f) (g) (h) (i) 

(d) (e)* 
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127 mm. It was concluded in the study that the modified CCD method proposed 

by Kuenzlen [6] fits their experimental results. Moreover, it was recommended 

to limit the design model for the spacing between two anchors (minimum 

spacing taken as the maximum of 0.6ℎef or 3.5D) and the embedment depth (40 

mm < ℎnom < 11D). Mohyeddin et al. [9] also concluded that the modified 

CCD method shows a good agreement with their experimental results based on 

70 tension tests on screw anchors in early age concrete (24 hours, 36 hours, 48 

hours, 72 hours, 7 days, 14 days and 28 days). 

Mohyeddin et al. [8] stated that the modified CCD method by Kuenzlen [6] 

included the results from both concrete cone failure and combined failure. 

Hence, the tensile resistance of the anchor might be overestimated due to 

combined failure, and the resistance may be underestimated due to concrete 

cone failure. Mohyeddin et al. [8] further conducted 182 tension tests and 

proposed a prediction model based on individual failure modes (i.e., pull-out, 

combined, and concrete cone failures). The database consists of screw anchors 

with a diameter ranging from 6.5 mm to 16 mm and ℎef ranging from 38 mm 

to 115 mm. In their study, about 60% of the specimens failed in a combined 

failure followed by pull-out failure. Chen et al. [10] further proposed a 

prediction model on combined failure modes. The proposed model was based 

on the database of 144 tension tests on three types of screw anchors with a 

diameter ranging from 6.35 mm to 12.7 mm and ℎnom ranging from 38.1 mm 

to 101.6 mm. The concrete strengths are between 31.4 MPa and 32.4 MPa. The 

combined failure dominated about 80% of the test results for both shallow and 

deep embedment depths. 

These experimental works have led to the inclusion of screw anchors in 

design standards (e.g., EN 1992-4:2018 [11]) for use in normal concrete. The 

screw anchor design, in accordance with EN 1992-4:2018 [11], follows the post-

installed mechanical anchor design. However, the screw anchor may exhibit a 

similar failure behaviour to bonded anchor, which is a combined pull-out and 

concrete failure. Even though the CCD method adopted in EN 1992-4:2018 [11] 

has accounted for combined pull-out and concrete failure, however, recent 

studies [8, 10] have shown that it may still overpredict the resistance of the 

screw anchors. The design process stipulated in EN 1992-4:2018 [11] appears 

to be complicated for engineers who are not familiar with the anchor design, 

particularly in countries where EN 1992-4 was recently adopted, such as 

Malaysia [12]. Consequently, Ng et al. [13, 14] developed two-dimensional 

graphical tools for quick estimation of tensile and shear resistances of post-

installed mechanical and bonded anchors. The studies discovered that the 

controlling failure mechanisms were found varied according to the types of 

anchors (mechanical or bonded) and the embedment depth of the anchor. It was 

foreseen that the graphical tools would be useful for practicing engineers for 

quick estimation of anchor resistances; however, the graphical tools were 

limited to anchors installed in C30/37 cracked concrete with 125 mm thick 

concrete members. In addition, there is no reported study to provide generalized 

solutions for screw anchor design. 

This paper reviews the design methodology for screw anchors outlined in 

EN 1992-4:2018 [11] and introduces a novel graphical tool, referred to as a 

nomogram, for estimating screw anchor resistances in tension and shear. The 

nomogram represents anchor resistance as a function of the normalised effective 

embedment depth and edge distance, with details provided in subsequent 

sections. While not intended to replace detailed design software (e.g., Hilti 

PROFIS Engineering [15] or C-Fix Online by Fischer [16]), the nomogram 

offers a rapid preliminary estimation tool for screw anchor resistances and 

serves as an independent verification method for completed designs. 

 

2.  Design philosophy in EN 1992-4:2018 for anchors 

 

The design principles in accordance with EN 1992-4:2018 [11] involved 

the calculation of the characteristic resistance (i.e., tensile and shear) of the 

anchor for each of the potential failure modes that could occur. The failure mode 

with the lowest resistance will govern the anchor design. Fig. 1 shows the 

schematic diagrams of the relevant failure modes for screw anchors under 

tensile and shear loads. The tensile failure modes are steel failure, pull-out 

failure, concrete cone failure, concrete splitting failure, and combined pull-out 

and concrete failure. It should be noted that combined pull-out and concrete 

failure is not explicitly mentioned in EN 1992-4:2018 [11]. On the other hand, 

the shear failure modes are steel failure with or without a lever arm, concrete 

pry-out failure, and concrete edge failure. The characteristic resistance of steel 

failure (under tensile and shear loads) and pull-out failure (under tensile load) 

is dependent on the material and mechanical properties of the anchors, which 

can be acquired from the relevant European Technical Assessment (ETA) 

reports. This work focuses on anchors without a lever arm. Hence, the steel 

failure with a lever arm is omitted in the present investigation. 

Eqs. (3 to 21) are the equations to calculate the characteristic tensile and 

shear resistances for relevant concrete-related failure modes adopted from EN 

1992-4:2018 [11]. The design in EN 1992-4:2018 [11] caters for the concrete 

strength classes ranging from C12/15 to C90/105, where the first number with 

a prefix ‘C’ denotes the characteristic concrete cylinder compressive strength 

and the second number denotes the characteristic concrete cube compressive 

strength. However, the characteristic concrete cylinder compressive strength 

(𝑓ck) shall not exceed 60 MPa even if a higher concrete strength class is used. 

 

2.1. Tensile failure modes 

 

(a) Concrete cone failure (𝑁Rk,c) 

 

The concrete cone failure (𝑁Rk,c) is calculated using Eq. (3). 

 

𝑁Rk,c = 𝑁Rk,c
0 (

𝐴c,N

𝐴c,N
0 ) (𝜑s,N)(𝜑re,N)(𝜑ec,N)(𝜑M,N) (3) 

 

where, 𝑁Rk,c
0  is calculated using Eq. (4). 

 

𝑁Rk,c
0 = 𝑘1(√𝑓ck)(ℎef)

1.5 (4) 

 

where, 𝑘1  is taken as 7.7 for cracked concrete and 11.0 for uncracked 

concrete. 𝐴c,N
0  is calculated as 𝑠cr,N

2, where 𝑠cr,N is considered as 3ℎef (where 

ℎef is the effective embedment depth of the anchor). 𝐴c,N is calculated using 

Eq. (5). 

For single anchor, 

 

𝐴c,N = (𝑐1 + 0.5𝑠cr,N)(𝑐2 + 0.5𝑠cr,N) (5) 

 

𝜑s,N is calculated using Eq. (6). 

 

𝜑s,N = 0.7 + 0.3 (
𝑐

𝑐cr,N
) ≤ 1 (6) 

 

where, 𝑐 is the smallest edge distance and 𝑐cr,N is considered as 1.5ℎef. 

𝜑re,N is calculated using Eq. (7). 

 

𝜑re,N = 0.5 +
ℎef

200
≤ 1 (7) 

 

𝜑re,N is taken as 1 if the provided spacing of the reinforcement is more than 

150 mm for reinforcement size with any diameter or the provided spacing of the 

reinforcement is more than 100 mm for reinforcement size with diameter of 10 

mm or smaller. 

𝜑ec,N is taken as 1 if there is no tensile load eccentricity, otherwise it shall 

be calculated using Eq. (8). 

 

𝜑ec,N =
1

1 + 2(𝑒N / 𝑠cr,N)
≤ 1 (8) 

 

where, 𝑒N is the eccentricity of resultant tensile force of anchors in respect 

to the centre of gravity of the anchors. 

𝜑M,N is the factor to cater for the effect of a compression force between 

fixture and concrete in cases of bending moments with or without axial force. 

For single anchor, 𝜑M,N can be taken as 1. The remaining symbols have been 

defined previously. 

 

(b) Concrete splitting failure (𝑁Rk,sp) 

 

The concrete splitting failure (𝑁Rk,sp) is calculated using Eq. (9). 

 

𝑁Rk,sp = 𝑁Rk,sp
0 (

𝐴c,N

𝐴c,N
0 ) (𝜑s,N)(𝜑re,N)(𝜑ec,N)(𝜑h,sp) (9) 

 

where, 𝑁Rk,sp
0 = min {𝑁Rk,p ;  𝑁Rk,c

0 } . 𝐴c,N , 𝐴c,N
0 , 𝜑s,N , 𝜑re,N , and 𝜑ec,N  shall be 

calculated according to concrete cone failure (refer to Eqs. (5 to 8)), however 

the values 𝑐cr,N and 𝑠cr,N shall be replaced by 𝑐cr,sp and 𝑠cr,sp, which is acquired 

from the relevant ETA reports. 

𝜑h,sp is calculated using Eq. (10). 

 

𝜑h,sp = (
ℎ

ℎmin
)
2/3

≤ max {1 ;  (
ℎef+1.5𝑐1

ℎmin
)
2/3

} ≤ 2 (10) 
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where, ℎmin is the minimum allowed thickness of the concrete member. 

The remaining symbols have been defined previously. 

 

2.2. Shear failure modes 

 

(a) Concrete pry-out failure (𝑉Rk,cp) 

 

For anchor without supplementary reinforcement, the concrete pry-out 

failure (𝑉Rk,cp) is calculated using Eq. (11). 

 

𝑉Rk,cp = 𝑘8 (𝑁Rk,c) (11) 

 

where, 𝑘8 is acquired from the relevant ETA reports. 𝑁Rk,c is calculated 

using Eq. (3). 

 

(b) Concrete edge failure (𝑉Rk,c) 

 

The concrete edge failure (𝑉Rk,c) is calculated using Eq. (12). 

 

𝑉Rk,c = 𝑉Rk,c
0 (

𝐴c,V

𝐴c,V
0 ) (𝜑s,V)(𝜑h,V)(𝜑ec,V)(𝜑α,V)(𝜑re,V) (12) 

 

where, 𝑉Rk,c
0  is calculated using Eq. (13). 

 

𝑉Rk,c
0 = 𝑘9(𝑑nom)

α(𝑙f)
β(𝑓ck)

1/2(𝑐1)
1.5 (13) 

 

where, 𝑘9  is taken as 1.7 for cracked concrete and 2.4 for uncracked 

concrete. α is calculated as 0.1(𝑙f/𝑐1)
0.5, and β is calculated as 0.1(𝑑nom/

𝑐1)
0.2. 𝑑nom and 𝑙f are acquired from the relevant ETA reports; the limiting 

values of 𝑙f is shown in Eqs. (14) and (15). 

For case 𝑑nom ≤ 24 mm, 

 

𝑙f = ℎef  ≤ 12𝑑nom (14) 

 

For case 𝑑nom > 24 mm, 

 

𝑙f = ℎef  ≤ max {8𝑑nom ; 300 mm} (15) 

 

𝐴c,V
0  is calculated as 4.5𝑐1

2 and 𝐴c,V is calculated using Eqs. (16) and (17). 

For single anchor, 

 

If ℎ ≥ 1.5𝑐1;  𝐴c,V = 1.5𝑐1(𝑐2 + 1.5𝑐1) (16) 

 

If ℎ < 1.5𝑐1;  𝐴c,V = ℎ (𝑐2 + 1.5𝑐1) (17) 

 

𝜑s,V is calculated using Eq. (18). 

 

𝜑s,V = 0.7 + 0.3 (
𝑐2

1.5𝑐1
) ≤ 1 (18) 

 
𝜑h,V is calculated using Eq. (19). 

 

𝜑h,V = (
1.5𝑐1

ℎ
)
0.5

≥ 1 (19) 

 

𝜑ec,V is taken as 1 if there is no shear load eccentricity, otherwise it shall be 

calculated using Eq. (20). 

 

𝜑ec,V =
1

1 + 2(𝑒V / 3𝑐1)
≤ 1 (20) 

 

where, 𝑒V is the eccentricity of resultant shear force of anchors in respect 

to the centre of gravity of the anchors. 

𝜑α,V is calculated using Eq. (21). 

 

𝜑α,V = (
1

(cos αV)
2 + (0.5 sin αV)

2 
)
1/2

≥ 1 (21) 

 

where, 𝛼V  is the angle between design shear load 𝑉Ed  and a line 

perpendicular to the verified edge (0° ≤ 𝛼V ≤ 90°). 

𝜑re,V  shall be taken as 1 for anchor in uncracked and cracked concrete 

without edge reinforcement or stirrups, and 1.4 for anchor in cracked concrete 

with edge reinforcement and closely spaced stirrups or wire mesh with spacing  

𝑎 ≤ 100 mm and 𝑎 ≤ 2𝑐1. It is noted that a factor 𝜑re,V > 1 for applications in 

cracked concrete shall only be applied, if the ℎef of the anchor is at least 2.5 

times the concrete cover of the edge reinforcement. The remaining symbols 

have been defined previously, in a consistent manner. 

 

3.  Nomogram for screw anchors design 

 

The equations in EN 1992-4:2018 [11] can be complicated for many 

engineers, given that many parameters are required in the design. Hence, this 

work aims to develop a new graphical diagram (called nomogram) for a quick 

estimation of the preliminary design of screw anchors. The nomogram provides 

the resistances (i.e., tensile and shear) of the screw anchor encompassing all 

concrete-related failures based on the effective embedment depth of the anchor 

(ℎef), and edge distance (𝑐), in a cracked concrete condition. 

 

3.1. Parameters selection 

 

Table 1 shows the range of parameters adopted from various ETA reports 

for post-installed screw anchors. Based on Table 1, typical anchor sizes of M6, 

M8, M10, M12, M14, and M16 are selected in this research. The effective 

embedment depth ratio (ℎef/𝐷) ranges from 3 to 16. The minimum allowable 

thickness of the concrete member (ℎmin) is taken as the maximum of 100 mm 

Table 1 

Range of parameters for post-installed screw anchors 

ETA Anchor size ℎef/𝐷 ℎmin (mm) 𝑐cr,sp (mm) 𝑘8 𝑑nom (mm) 𝑙f (mm) 

ETA-08/0307 [17] M6, M8, M10, M14 3.7 to 7.5 max (100 mm; 

1.8ℎef to 2.7ℎef) 

1.5ℎef to 1.8ℎef 1.5 to 2 Equal to 𝐷 Equal to ℎef 

ETA-13/1038 [18] M6, M8, M10, M14 3.5 to 7 max (80 mm; 2.2ℎef 

to 2.7ℎef) 

1.5ℎef to 2ℎef 1 to 2 Equal to 𝐷 Equal to ℎef 

ETA-19/0170 [19] M8, M10 5.9 to 6.5 max (100 mm; 

2.2ℎef) 

1.3ℎef to 1.5ℎef 2 Equal to 𝐷 Equal to ℎef 

ETA-20/0867 [20] M8, M10, M12, 

M14, M16 

3.5 to 8 max (80 mm; 1.8ℎef 

to 2.7ℎef) 

1.5ℎef to 1.8ℎef 1 to 2 Equal to 𝐷 Equal to ℎef or 

ℎnom 

ETA-15/0352 [21] M6, M8, M10, M12, 

M14 

3.5 to 7.3 max (80 mm; 1.8ℎef 

to 2.5ℎef) 

1.5ℎef 1 to 2 Equal to 𝐷 Equal to ℎnom 

ETA-17/0740 [22] M8, M10, M12 3.9 to 6.8 max (100 mm; 

1.8ℎef to 2.5ℎef) 

1.5ℎef 1 to 2 Equal to 𝐷 Equal to ℎnom 

ETA-16/0043 [23] M6, M8, M10, M12, 

M14 

4.1 to 7.3 max (80 mm; 1.5ℎef 

to 2.6ℎef) 

1.4ℎef to 1.9ℎef 1 to 2 Equal to 𝐷 Equal to ℎef 

ETA-20/0731 [24] M6, M8, M10, M12, 

M14 

4.1 to 7.3 max (80 mm; 1.5ℎef 

to 2.6ℎef) 

1.4ℎef to 1.9ℎef 1 to 2 Equal to 𝐷 Equal to ℎef 

Notes: 𝐷 is the diameter of the anchor, 𝑑nom is the outer diameter of the anchor, ℎef is the effective embedment depth of the anchor. 
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or two times the effective embedment depth of the anchor (2 ℎef ). The 

characteristic edge distance for concrete splitting failure (𝑐cr,sp) is taken as 1.5ℎef. 

According to EAD 330232 [25], the resistance to pry-out failure test is optional, 

and default values of 𝑘8 (i.e., 𝑘8 equals 1 if the effective embedment depth 

(ℎef) is less than 60 mm, and 𝑘8 equals 2 if the effective embedment depth (ℎef) 

is equal to or greater than 60 mm) can be used if the tests are not performed. It 

is noted that this assumption might give a lower bound of characteristic 

resistance of concrete pry-out failure. 𝑑nom is taken as 𝐷 (diameter of the 

anchor), and 𝑙f is taken as ℎef with limitation as shown in Eqs. (14) and (15). 

Importantly, cracked concrete was assumed, given that it is challenging to 

ensure concrete will not crack in the actual construction and also throughout the 

service life of the connection. Also, dense reinforcement is assumed, as most 

concrete structures are provided with reinforcements. This assumption will give 

more conservative results. 

 

3.2. Development of nomogram 

 

The conceptual flowchart for creating the nomogram is shown in Fig. 2. As 

mentioned earlier, the characteristic resistance of steel failure (under tensile and 

shear loads) and pull-out failure (under tensile load) depends on the material 

and mechanical properties of the anchors, which can be acquired from the 

relevant ETA reports. 

The graphs in the nomogram provide the characteristic resistances of the 

screw anchor for relevant concrete-related failures (i.e., concrete cone failure 

and concrete splitting failure under tensile load, and concrete pry-out failure and 

concrete edge failure under shear load) in terms of the effective embedment 

depth of the anchor (ℎef) and edge distance (𝑐), in a cracked concrete condition 

with the material partial safety factor excluded. User of the nomogram is 

required to apply the safety factor after getting the characteristic values, to arrive 

at a design resistance. A design spreadsheet is first created to automate the 

computation of the characteristic resistance (i.e., tensile and shear) of screw 

anchors for each concrete-related failure. The design spreadsheet was verified 

using commercial software, e.g., Hilti PROFIS Engineering [15] or C-Fix 

Online by Fischer [16]. Then, the characteristic resistance is rationalised into 

xy-plane (x-axis is ℎef/𝐷  and y-axis is 𝑐/𝐷 ). Lastly, a smoothened and 

harmonised line is drawn on the data to represent the generalised solution for 

screw anchor design. Nomograms for tensile and shear resistances for different 

anchor sizes are presented in Appendix A and Appendix B, respectively. 

  

3.3. Verification of the nomogram 

 

An explicit check on the screw anchor design that incorporates the 

nomogram is proposed and discussed here. Four models were verified using 

variables such as anchor size, concrete cylinder compressive strength (𝑓ck), 

effective embedment depth of the anchor (ℎef), edge distance (𝑐), and concrete 

member thickness (ℎ). An example of details for Model 1 is shown in Fig. 3. 

The edge distance for Models 1 and 3 is less than the characteristic edge distance 

(𝑐 < 𝑐cr,N), while for Models 2 and 4, the edge distance is equal to or greater 

than the characteristic edge distance (𝑐 ≥ 𝑐cr,N). Table 2 shows a summary of 

the details and compares the results from the commercial software with those 

from the nomogram.  

From Table 2, it can be seen that the results of the explicit checks concur 

well (within 7%) with the results obtained from the commercial software. The 

discrepancy in the results could be due to the smoothened line in producing the 

nomogram, as the round-off values for the reading were done manually. In 

subsequent discussions (see Section 5), the effect of the coefficient of variation 

(𝐶𝑉F ) was found to range from 10% to 15%. Therefore, the observed 7% 

discrepancy using the nomogram falls within the allowable variation range for 

anchor capacity and is deemed acceptable, making it suitable for preliminary 

estimation purposes. In the case of shear resistance for Model 2, the proposed 

nomogram underestimated the shear resistance for concrete pry-out failure. It is 

due to assumptions made for the 𝑘8 values (𝑘8 value is equal to 1 for ℎef < 

60 mm, and 2 for ℎef ≥ 60 mm). A higher 𝑘8 value is expected if the anchor 

product is tested for pry-out failure. Hence, readers are advised to obtain the 

tested 𝑘8 value from the relevant ETA reports and incorporate it into Eqs. (22) 

and (23), if more accurate prediction is required. 

 

For ℎef < 60 mm, 𝑉Rk,cp (modified) = 𝑉Rk,cp(𝑘8 (ETA)) (22) 

Table 2 

Details for verification of nomograms 

Model Anchor 

size 

𝑓ck 

(MPa) 

ℎef 

(mm) 

𝑐  

(mm) 

ℎ  

(mm) 

Tensile Shear 

Design resistance (kN) 
𝑁sw
𝑁nom

 

Failure mode Design resistance (kN) 
𝑉sw
𝑉nom

 

Failure mode 

𝑁sw 

software 

𝑁nom 

nomogram 

Software Nomogram 𝑉sw 

software 

𝑉nom 

nomogram 

Software Nomogram 

1 M8 30 56.1 50 150 5.1 5.3 0.96 C or SP C 2.7 2.7 1.00 CE CE 

2    200 250 9.2 9.3 0.99 C C 16.6 9.2* 1.80 CE CP* 

            16.9+ 0.98  CE+ 

3 M12 50 79.9 80 500 14.6 15.7 0.93 C C 7.4 7.8 0.95 CE CE 

4    300 300 23.3 23.9 0.97 C C 35.9 35.9 1.00 S S 

Notes: 

The anchor size is equal to the diameter of the anchor (𝐷); S is steel failure; C is concrete cone failure; SP is concrete splitting failure; CE is concrete edge failure; CP is concrete pry-out 

failure. 
* The result is based on the default value of 𝑘8 assumed in the nomogram. 
+ The result is based on the 𝑘8 value obtained from ETA. 

 

Fig. 3 Details of Model 1 

 

Fig. 2 Flowchart of the procedure for creating the nomogram 
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For ℎef ≥ 60 mm, 𝑉Rk,cp (modified) = 𝑉Rk,cp (
𝑘8 (ETA)

2
) (23) 

 

where, 𝑉Rk,cp  is the characteristic resistance of concrete pry-out failure 

obtained from the nomograms. 𝑘8 (ETA)  is acquired from the relevant ETA 

reports. 

 

3.4. Applicable range and limitations of the nomogram 

 

Some assumptions were made while developing the nomograms. The 

applicable range and limitations of the nomogram are highlighted below: 

(a) applicable for the design of single screw anchor sizes of M6, M8, M10, 

M12, M14, and M16 in cracked concrete with no eccentricity; 

(b) effective embedment depth ratio (ℎef/𝐷) ranges from 3 to 16; 

(c) edge distance (𝑐) ranges from 2𝐷 to greater than 𝑐cr,N. One edge distance 

in the x-direction and one edge distance in the y-direction, which are not 

less than 𝑐cr,N or 𝑐cr,sp. Edge distance in the x-direction is equal to edge 

distance in the y-direction; 

(d) dense reinforcement is assumed (i.e., spacing between reinforcements < 

100 mm for reinforcement diameter ≤ 10 mm, or spacing between 

reinforcements < 150 mm for others reinforcement diameter); 

(e) the minimum thickness of the concrete member allowed is assumed as 

ℎmin = max (100 mm ; 2ℎef); 

(f) characteristic edge distance for concrete splitting failure (𝑐cr,sp) is assumed 

equal to concrete cone failure, which is 1.5ℎef; 

(g) default values of 𝑘8 were assumed. 𝑘8 value is equal to 1 for ℎef < 60 

mm, and 2 for ℎef ≥ 60 mm; and 

(h) applicable for concrete-related failures, i.e., concrete cone failure and 

concrete splitting failure for tensile, and concrete pry-out failure and 

concrete edge failure for shear. 

 

4.  Guide and a worked example of using the nomogram 

 

The use of the proposed nomograms for screw anchor design is herein 

demonstrated. Flowcharts are provided in Fig. 4 for tensile resistance and Fig. 

5 for shear resistance to facilitate the explanation. 

 

4.1. Tensile resistance for screw anchor 

 

Refer to Fig. 4, the tensile resistance of screw anchors can be estimated in 

6 steps. 

Step 1: Select the type of screw anchor prior to calculating the anchor 

resistance.  

Step 2: Define the anchor diameter (𝐷), characteristic concrete cylinder 

compressive strength (𝑓ck), effective embedment depth (ℎef), edge distance (𝑐), 

and concrete member thickness (ℎ). 

Step 3a: Obtain the characteristic resistance (𝑁Rk,s) and partial factor (𝛾Ms,N) 

for steel failure. 

𝑁Rk,s  is dependent on the material and mechanical properties of the 

anchors, which shall be acquired from the relevant ETA reports. 

Step 3b: Calculate the design resistance of steel failure (𝑁Rd,s) using Eq. (24).  

 

𝑁Rd,s =
𝑁Rk,s

𝛾Ms,N
 (24) 

 

Step 4a: Obtain the characteristic resistance (𝑁Rk,p) and installation factor 

(𝛾inst) for pull-out failure. 

𝑁Rk,p is dependent on the material and mechanical properties of the anchors, 

which shall be acquired from the relevant ETA reports. It should be noted that 

an influence factor of concrete strength (𝜑fck) shall be multiplied, and as shown 

in Eq. (25). 

 

𝑁Rk,p = 𝜑fck
(𝑁Rk,p (C20/25)) (25) 

 

Step 4b: Calculate the design resistance of pull-out failure (𝑁Rd,p) using Eq. 

(26). 

 

𝑁Rd,p =
𝑁Rk,p

𝛾Mp
 (26) 

 

 

Fig. 4 Flowchart of using the nomogram for tensile resistance 

 

 

 

 

Fig. 5 Flowchart of using the nomogram for shear resistance 
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where, 𝛾Mp = 𝛾c(𝛾inst). The value 𝛾c can be taken as 1.5 in accordance with 

EN 1992-1-1. 

Step 5a: Determine the influence factor of concrete strength (𝜑fck). 

𝜑fck is determined using the nomogram proposed in Appendix A (refer to 

the bottom left diagram in Figs. A1(a) to A6(a), where the details for Figs. A1 

to A6 will be demonstrated in a worked example later). As mentioned earlier, 

the characteristic concrete cylinder compressive strength (𝑓ck) shall not exceed 

60 MPa even if a higher concrete strength class is used. 

Step 5b: Determine the characteristic resistance for concrete-related failure 

(𝑁Rk,i
0 ). 

𝑁Rk,i
0  is determined using the nomogram proposed in Appendix A (refer to 

the top right diagram in Figs. A1(b) to A6(b)). First, the normalised effective 

embedment depth ( ℎef/𝐷 ) and edge distance ( 𝑐/𝐷 ) are calculated. The 

identified point is the value of 𝑁Rk,i
0 . 

Step 5c: Determine the modification factor (𝜑M). 

𝜑M is determined using the nomogram proposed in Appendix A (refer to 

the middle right diagram in Figs. A1(c) to A6(c)). First, the 𝑁Rk,sp (C20/25)
0  and  

ℎef/𝐷 are located. The identified point is the value of 𝜑M. 

Step 5d: Determine the influence factor of member thickness for the tensile 

load (𝜑hb,N). 

𝜑hb,N is determined using the nomogram proposed in Appendix A (refer to 

the bottom right diagram in Figs. A1(d) to A6(d)). Two identified points are 

positioned. The first identified point is based on ℎef/𝐷  and 𝑐/𝐷 , another 

identified point is based on ℎef/𝐷 and ℎ. The identified point with the lowest 

value is taken as 𝜑hb,N. 

Step 5e(i): Calculate the characteristic resistance for concrete cone failure 

using Eq. (27). 

 

𝑁Rk,c = 𝜑fck
(𝑁Rk,i

0 ) (27) 

 

Step 5e(ii): Calculate the characteristic resistance for concrete splitting 

failure using Eq. (28). 

 

𝑁Rk,sp = 𝜑fck
(𝑁Rk,i

0 )(𝜑M)(𝜑hb,N) (28) 

 

Step 5f: Obtain the 𝑁Rk,i. 

𝑁Rk,i is obtained as the minimum of 𝑁Rk,c and 𝑁Rk,sp calculated in Eqs. (27) 

and (28), respectively. The lowest resistance is chosen and will govern the 

concrete-related failure. 

Step 5g: Calculate the design resistance of concrete-related failure (𝑁Rd,i) 

using Eq. (29). 

 

𝑁Rd,i =
𝑁Rk,i

𝛾Mc
 (29) 

 

where, 𝛾Mc = 𝛾c(𝛾inst). The value 𝛾c can be taken as 1.5 in accordance 

with EN 1992-1-1. 

Step 6: Compute the tensile resistance of the screw anchor. 

The tensile resistance of the screw anchor is obtained by comparing the 

design resistance of steel failure, 𝑁Rd,s (Eq. 24), pull-out failure, 𝑁Rd,p (Eq. 26), 

and concrete-related failure, 𝑁Rd,i (Eq. 29). The tensile failure mode with the 

lowest resistance will govern the design. 

 

4.2. Shear resistance for screw anchor 

 

Refer to Fig. 5, the shear resistance of screw anchors can be estimated in 5 

steps. 

Step 1: Select the type of screw anchor prior to calculating the anchor 

resistance. 

Step 2: Define the anchor diameter (𝐷), characteristic concrete cylinder 

strength (𝑓ck), effective embedment depth (ℎef), edge distance (𝑐), and concrete 

member thickness (ℎ). 

Step 3a: Obtain the characteristic resistance of a single anchor (𝑉Rk,s
0 ) and 

partial factor (𝛾Ms,V) for steel failure. 

It should be noted that the characteristic resistance for steel failure (𝑉Rk,s) is 

taken as 𝑉Rk,s
0 , as the ductility factor (𝑘7) for single anchor is taken as 1. 𝑉Rk,s

0  is 

dependent on the material and mechanical properties of the anchors, which shall 

be acquired from the relevant ETA reports. 

Step 3b: Calculate the design resistance of steel failure (𝑉Rd,s) using Eq. (30).  

 

𝑉Rd,s =
𝑉Rk,s

𝛾Ms,V
 (30) 

 

Step 4a: Determine the influence factor of concrete strength (𝜑fck). 

𝜑fck is determined using the nomogram proposed in Appendix B (refer to 

the top right diagram in Figs. B1(a) to B6(a), where the details for Figs. B1 to 

B6 will be demonstrated in a worked example in Section 4.3 in this paper). As 

mentioned earlier, the characteristic concrete cylinder compressive strength (𝑓ck) 

shall not exceed 60 MPa even if a higher concrete strength class is used. 

Step 4b: Determine the characteristic resistance for concrete pry-out failure 

(𝑉Rk,cp0 ). 

𝑉Rk,cp
0  is determined using the nomogram proposed in Appendix B (refer to 

the bottom left diagram in Figs. B1(b) to B6(b)). First, the normalised effective 

embedment depth ( ℎef/𝐷 ) and edge distance ( 𝑐/𝐷 ) are calculated. The 

identified point is the value of 𝑉Rk,cp0 . 

Step 4c: Determine the characteristic resistance for concrete edge failure 

(𝑉Rk,c
0 ). 

𝑉Rk,c
0  is determined using the nomogram proposed in Appendix B (refer to 

the bottom middle diagram in Figs. B1(c) to B6(c)). The ℎef/𝐷 and 𝑐/𝐷 are 

located, and the identified point is the value of 𝑉Rk,c
0 . 

Step 4d: Determine the influence factor of member thickness for the shear 

load (𝜑hb,V). 

𝜑hb,V is determined using the nomogram proposed in Appendix B (refer to 

the bottom right diagram in Figs. B1(d) to B6(d)). The 𝑐/𝐷 and ℎ are located, 

and the identified point is the value of 𝜑hb,V. 

Step 4e(i): Calculate the characteristic resistance for concrete pry-out 

failure using Eq. (31).  

 

𝑉Rk,cp = 𝜑fck
(𝑉Rk,cp

0 ) (31) 

 

Step 4e(ii): Calculate the characteristic resistance for concrete edge failure 

using Eq. (32). 

 

𝑉Rk,c = 𝜑fck
(𝑉Rk,c

0 )(𝜑hb,V) (32) 

 

Step 4f: Obtain the 𝑉Rk,i. 

𝑉Rk,i  is obtained as the minimum of 𝑉Rk,cp  and 𝑉Rk,c , where they can be 

calculated in Eqs. (31) and (32), respectively. The lowest resistance governs the 

concrete-related failure. 

Step 4g: Calculate the design resistance of concrete-related failure (𝑉Rd,i) 

using Eq. (33). 

 

𝑉Rd,i =
𝑉Rk,i

𝛾Mc
 (33) 

 

where, 𝛾Mc = 𝛾c(𝛾inst). The value 𝛾c can be taken as 1.5 in accordance to 

EN 1992-1-1. 

Step 5: Compute the shear resistance of the screw anchor. 

The shear resistance of the screw anchor is obtained by comparing the 

design resistance of steel failure, 𝑉Rd,s (Eq. 30), and concrete-related failure, 

𝑉Rd,i (Eq. 33). The shear failure mode with the lowest resistance will govern the 

design. 

 

4.3. Design example 

 

Detailed calculations on the nomogram used to calculate the tensile and 

shear resistances of screw anchors are demonstrated in Appendix C. The design 

example refers to a single post-installed screw anchor used in a reinforced-

concrete structure, as shown in Fig. 3. The details are based on Model 1, as 

shown in Table 2. The considered concrete grade is C30/37. The anchor size is 

M8 (D = 8 mm), with effective embedment depth, ℎef = 56.1 mm, and edge 

distance, 𝑐 = 50 mm. The structure has a thickness, ℎ = 150 mm. 

 

5.  Corroboration of predicted resistance in EN 1992-4:2018 with 

experimental results 

 

A total of 197 test results were collected and used for further analysis in 

this study. The experimental test databases were collected from previous works 

of literature [8, 9, 10, 26, 27, 28, 29, 30, 31], and only the tensile resistance of 

the screw anchors have been compared with nomograms developed as a part of 

this study. It is known that shear failure of screw anchors is unlikely, except for 

situation where the anchors are located near the edge. Also, there are limited 

data available in the literature for shear tests of screw anchors. Table 3 shows 

the summary of the screw anchor database. The analysis focuses on concrete-

related failures under tension, which include concrete cone failure, and 

combined pull-out and concrete failure. This is because the steel failure and 

pull-out failure due to the material and mechanical properties of anchors were 

excluded in the nomogram; hence is also excluded in the screw anchor database. 

The cracked or uncracked concrete conditions are also documented in Table 3. 
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The resistance obtained using EN 1992-4:2018 [11] is the characteristic 

value. Hence, a conversion from the characteristic to the mean value of 

resistance is required to corroborate with the experimental results. EAD 330232 

[25] stipulated 𝐹u,5% = 𝐹u,m(1 − 𝑘s𝐶𝑉F) . The ratio of mean resistance to 

characteristic resistance is very much dependent on the coefficient of variation 

(𝐶𝑉F) of the failure load in the test. As stipulated in EAD 330232 [25], the 𝐶𝑉F 

value shall not exceed 30%. However, from the author’s experience [8, 9, 28, 

29], the 𝐶𝑉F value for screw anchor typically ranges from 10% to 15%. Fig. 6 

shows the comparison of results between the nomogram and the experimental 

results. For a fair comparison, the characteristic values obtained from the 

nomogram for cracked concrete condition were converted to uncracked concrete 

condition using a linear conversion (i.e., Eq. (4) stipulated 𝑘1  = 7.7 for 

uncracked concrete and 𝑘1  = 11 for cracked concrete, then the linear 

conversion factor to get the uncracked concrete condition is 11/7.7 = 1.43). 

Assuming a small variation of 𝐶𝑉F = 10% (see Fig. 6(a)), the mean resistance 

is about 1.2 times the characteristic resistance (𝐹u,m/𝐹u,5% = 1.197). Comparing 

the nomogram results with the experimental results, the average is good, but 

approximately 48% of the nomogram results overestimated the resistance of the 

screw anchor. The overestimation percentage is increased to approximately 69% 

if the 𝐶𝑉F = 15% (see Fig. 6(b)), and further increased to 83% if the 𝐶𝑉F = 

20% (see Fig. 6(c)). If the failure load results are very scattered in the tests, i.e., 

𝐶𝑉F = 30% (see Fig. 6(d)), the mean value is about two times the characteristic 

resistance (𝐹u,m/𝐹u,5% = 1.974), which is unlikely to occur, with 100% of the 

results being unconservative. In general, the modified CCD method adopted in 

EN 1992-4:2018 [11] seemingly overestimated the resistance of the screw 

anchor, which may lead to unconservative results. 

 

6.  Conclusions 

 

Screw anchors exhibit a different failure behaviour (i.e., combined pull-out 

and concrete failure) as compared to other post-installed mechanical anchors 

(e.g., undercut anchor and expansion anchor with steel failure, pull-out failure, 

concrete cone failure, and concrete splitting failure being the common failure 

modes). The screw anchor design following the post-installed mechanical 

anchor design in EN 1992-4:2018 may lead to unconservative resistance 

predictions. Hence, this paper has reviewed the screw anchor design in EN 

1992-4:2018 and corroborated with experimental results. 

A novel graphical tool (called nomogram) is proposed to facilitate the quick 

estimation of the characteristic resistances (tensile and shear) of screw anchors 

for concrete-related failures in EN 1992-4:2018, for cracked concrete condition. 

The effectiveness of the proposed nomograms was demonstrated and illustrated 

with an example. The authors anticipate that the proposed nomograms could 

serve as a useful tool for practising engineers to obtain a quick and reliable 

estimation of screw anchor resistance within the limitations of the nomograms. 

The readers are advised to obtain the tested 𝑘8 value from the relevant ETA 

reports and incorporate it into Eqs. (22) and (23) for a more accurate prediction 

of shear resistance for concrete pry-out failure. 

This study demonstrated that the modified CCD method adopted in EN 

1992-4:2018 seemingly overestimated the resistance of the screw anchor. 

Approximately 48% to 69% of the predicted results exceeded the experimental 

results if 𝐶𝑉F is ranging from 10% to 15%. Hence, further research is required 

for a better method to design the screw anchors; for example, a mechanical 

model can be developed. In addition, the proposed nomogram can be further 

extended to group anchors or other specific conditions, such as anchors with a 

lever arm, different reinforcement configurations or more complex loading 

conditions. 
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Appendix A 

 
In this section, six nomograms for screw anchors design under tensile load are reported by varying the anchor size (i.e., M6, M8, M10, M12, M14, and M16). 
 

 

Fig. A1 Nomogram for tensile resistance for anchor size M6 

  

Tensile resistance - 6 mm 
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Fig. A2 Nomogram for tensile resistance for anchor size M8 

  

Tensile resistance - 8 mm 
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Fig. A3 Nomogram for tensile resistance for anchor size M10 

  

Tensile resistance - 10 mm 
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Fig. A4 Nomogram for tensile resistance for anchor size M12 

  

Tensile resistance - 12 mm 
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Fig. A5 Nomogram for tensile resistance for anchor size M14 

  

Tensile resistance - 14 mm 
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Fig. A6 Nomogram for tensile resistance for anchor size M16  

Tensile resistance - 16 mm 
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Appendix B 

 
In this section, six nomograms for screw anchors design under shear load are reported by varying the anchor size (i.e., M6, M8, M10, M12, M14, and M16). 
 

 

Fig. B1 Nomogram for shear resistance for anchor size M6 
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Fig. B2 Nomogram for shear resistance for anchor size M8 
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Fig. B3 Nomogram for shear resistance for anchor size M10 
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Fig. B4 Nomogram for shear resistance for anchor size M12 
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Fig. B5 Nomogram for shear resistance for anchor size M14 
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Fig. B6 Nomogram for shear resistance for anchor size M16
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Appendix C 

 

An example of calculating the tensile and shear resistances using the proposed nomogram is presented here. The example refers to the details of Model 1, as shown 

in Table 2. 

Dimensions and details 

Anchor size = M8 (D = 8 mm); 𝑓ck = 30 MPa; ℎef = 56.1 mm; 𝑐 = 50 mm; and ℎ = 150 mm 

Tensile resistance of screw anchor 

Step 1: Product A prequalified as per EAD 330232 [25] and designed to EN 1992-4:2018 [11] is selected as an example. 

Step 2: 𝐷 = 8 mm;  𝑓ck = 30 MPa; ℎef = 56.1 mm; 𝑐 = 50 mm; ℎ = 150 mm 

Step 3a: From the ETA of Product A, 𝑁Rk,s = 36.0 kN; 𝛾Ms,N = 1.5 

Step 3b: 𝑁Rd,s =
𝑁Rk,s

𝛾Ms,N
=

36.0

1.5
= 24.0 kN 

Step 4a: From the ETA of Product A, 𝑁Rk,p (C20/25) ≥ 𝑁Rk,c
0 , so it is conservatively taken as equal to 𝑁Rk,c

0  = 14.5 kN; 𝛾inst = 1.0 

 𝑁Rk,p = 𝜑fck
(𝑁Rk,p (C20/25)) = 1.22(14.5) = 17.7 kN 

Step 4b: 𝑁Rd,p =
𝑁Rk,p

𝛾Mp
=

17.7

1.5(1.0)
= 11.8 kN 

Note: For Steps 5a to 5d, an example of using the nomogram is shown in Fig. C1. 

Step 5a: 𝜑fck
 = 1.22 

Step 5b: ℎef/𝐷 = 7; 𝑐/𝐷 = 6.3, 𝑁Rk,i
0  = 6.5 kN 

Step 5c: 𝑁Rk,sp (C20/25)
0  = 14.5 kN, 𝜑M = 1.0 

Step 5d: 

 For ℎef/𝐷 = 7; 𝑐/𝐷 = 6.3, 𝜑hb,N = 1.09 

 For ℎef/𝐷 = 7; ℎ = 150 mm, 𝜑hb,N = 1.20 

 Hence, 𝜑hb,N = 1.09 (lowest value is chosen) 

Step 5e(i): 𝑁Rk,c = 𝜑fck
(𝑁Rk,i

0 ) = 1.22(6.5) = 7.9 kN 

Step 5e(ii): 𝑁Rk,sp = 𝜑fck
(𝑁Rk,i

0 )(𝜑M)(𝜑hb,N) = 1.22(6.5)(1.0)(1.09) = 8.6 kN 

Step 5f: 𝑁Rk,i = min  {𝑁Rk,c ; 𝑁Rk,sp} = min  {7.9 ; 8.6} = 7.9 kN (Governed by concrete cone failure) 

Step 5g: 𝑁Rd,i =
𝑁Rk,i

𝛾Mc
=

7.9

1.5(1.0)
= 5.3 kN 

Step 6: The tensile resistance of the screw anchor = min  {𝑁Rd,s ; 𝑁Rd,p ;  𝑁Rd,i} = min  {24.0 ; 11.8 ; 5.3} = 5.3 kN (Governed by concrete cone failure) 

Shear resistance of screw anchor 

Step 1: Product A prequalified as per EAD 330232 [25] and designed to EN 1992-4:2018 [11] is selected as an example. 

Step 2: 𝐷 = 8 mm;  𝑓ck = 30 MPa; ℎef = 56.1 mm; 𝑐 = 50 mm; ℎ = 150 mm 

Step 3a: From the ETA of Product A, 𝑉Rk,s
0  = 21.9 kN, hence 𝑉Rk,s = 21.9 kN; 𝛾Ms,V = 1.25 

Step 3b: 𝑉Rd,s =
𝑉Rk,s

𝛾Ms,V
=

21.9

1.25
= 17.5 kN 

Note: For Steps 4a to 4d, an example of using the nomogram is shown in Fig. C2. 

Step 4a: 𝜑fck
 = 1.22 

Step 4b: ℎef/𝐷 = 7; 𝑐/𝐷 = 6.3; 𝑉Rk,cp
0  = 6.7 kN 

Step 4c: 𝑉Rk,c
0  = 3.4 kN 

Step 4d: 𝜑hb,V = 1.0 

Step 4e(i): 𝑉Rk,cp = 𝜑fck
(𝑉Rk,cp

0 ) = 1.22(6.7) = 8.2 kN 

Step 4e(ii): 𝑉Rk,c = 𝜑fck
(𝑉Rk,c

0 )(𝜑hb,V) = 1.22(3.4)(1.0) = 4.1 kN 

Step 4f: 𝑉Rk,i = min  {𝑉Rk,cp ; 𝑉Rk,c} = min  {8.2 ; 4.1} = 4.1 kN (Governed by concrete edge failure) 

Step 4g: 𝑉Rd,i =
𝑉Rk,i

𝛾Mc
=

4.1

1.5(1.0)
= 2.7 kN 

Step 5: The shear resistance of the screw anchor = min  {𝑉Rd,s ;  𝑉Rd,i} = min  {17.5 ; 2.7} = 2.7 kN (Governed by concrete edge failure) 

Summary of screw anchor design 

The design tensile resistance = 5.3 kN (Governed by concrete cone failure) 

The design shear resistance = 2.7 kN (Governed by concrete edge failure)  
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Fig. C1 An example of using the nomogram under tensile load 
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Fig. C2 An example of using the nomogram under shear load 
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STUDY ON THE AXIAL COMPRESSION PERFORMANCE OF CONCRETE FILLED CIRCULAR 

ALUMINUM ALLOY TUBULAR COLUMN WITH BUILT-IN HOLLOW STEEL TUBE 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

In this paper, longitudinal compression tests were conducted on 8 concrete filled aluminum alloy tubular (CFAT) columns 

with built-in hollow steel tube, and their failure modes, load-strain curve, transverse deformation coefficient, load-

displacement curve, axial compressive stiffness and strength coefficient were analyzed. The results show that each 

component of the specimens have a good deformation coordination. The type of concrete has a notable impact on the bearing 

capacity and stiffness of member, when the hollow ratio is 0.72, 0.61, and 0.39, the bearing capacity of specimens with 

ordinary concrete as the sandwich concrete is 43.4%, 37.0%, 39.7% larger than specimens with lightweight concrete as the 

sandwich concrete, and the axial compression stiffness is 4.8%, 11.3%, and 25% greater than them. The strength coefficients 

SI of 8 specimens were greater than 1, which indicate a good composite effect between the components. A full-scale finite 

element model was set up through using ABAQUS software, through numerical simulation, it is found that the load will be 

mainly borne by the sandwich concrete and aluminum alloy tube, in addition, the analysis of contact stress indicates that 

there is minimal interaction between the sandwich concrete and the steel tube. To quantify the effects of factors such as the 

nominal aluminum ratio, compressive strength of the concrete cubes, hollow ratio, and yield strength of the internal tube 

on axial compressive performance indicators, parametric analyses were conducted. The method suggested for assessing 

bearing capacity demonstrates good applicability to CFAT column with built-in hollow steel tube. 
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1.  Introduction 

 
The Concrete Filled Double-Skin Steel Tube (CFDST) member represents 

an innovative structural configuration that entails the substitution of the solid 

concrete core in a traditional Concrete Filled Steel Tube (CFST) with a hollow 

steel tube, thereby enhancing the overall structural efficiency and design 

versatility, The special hollow structure inside not only make the member itself 

lighter in weight, but also reduce the dosage of concrete, and it has the feature 

of good ductility, high stiffness, high bearing capacity, and good seismic 

performance, so it is widely used in piers of viaduct, transmission towers as well 

as some towering structures or buildings [1-4]. However, in practical 

engineering applications, due to the influence of external environment, 

especially in moist environment, the exterior surface of the steel tube is easily 

corroded owing to long-term contact with moisture in the air, if improper 

operation and maintenance are not carried out or corresponding measures are 

not taken in a timely manner, it will have a specific level of detrimental impact 

on the structure, thereby affecting the service life of the building or structure. 

Therefore, under the premise of not affecting the mechanical indicators of the 

member, the selection of materials with strong corrosion resistance to replace 

external steel tube needs to be given priority consideration.  

Aluminum alloy is currently one of the most widely used metal materials, 

the amount of usage is second only to steel. It was found that its surface has a 

dense Al2O3 protective layer by tracing its chemical essence, which can 

effectively block the further reaction between air and internal aluminum, 

therefore, its corrosion resistance is strong, meanwhile, its weight is relatively 

light. With the support of the above advantages, it ultimately became the 

preferred choice among numerous corrosion-resistant materials. This composite 

component composed of aluminum alloy pipes, concrete, and steel is called 

CFAT member with built-in hollow steel tube. Due to the good corrosion 

resistance and small self-weight of aluminum alloy, they not only meet the 

durability performance of the structure or components, but also satisfy the 

demands of lightweight design of the structure, meanwhile, the application of 

aluminum alloy materials greatly reduces the incremental costs caused by 

frequent replacement of accessories, while also reducing the consumption of 

steel. 

Researchers in the relevant discipline have undertaken exhaustive research 

on the behavior under single or multiple load conditions and the design principle 

of aluminum-concrete composite structural systems. Zeng et al[5] examined the 

mechanical characteristics of aluminum alloy tube-encased concrete short 

columns subjected to axial compression ， their findings indicate that the 

aluminum alloy tube and concrete interact synergistically throughout the stress 

process, and the proposed method for calculating bearing capacity provides a 

reasonable estimation of the specimen's relevant mechanical properties. Li et al 

[6] utilized finite element simulations to analyze the axial compression 

mechanical properties of 7075 high-strength aluminum alloy tubular concrete 

columns, and introduced a practical calculation method for bearing capacity 

based on pertinent steel tube structural specifications. Chen et al. [7] performed 

axial compression tests on 16 seawater sea-sand concrete-filled aluminum alloy 

circular tubular columns, exploring their compressive working mechanism and 

synergistic behavior. Additionally, references [8-13] offer detailed analyses of 

the related properties of aluminum alloy tube-concrete composite members, 

with the resulting research contributions serving as valuable references for 

future studies. 

  Nowadays, the Investigations into the axial compression mechanical 

properties of CFAT columns has been relatively mature, however, there have 

been no reports on the research of CFAT with built-in hollow steel tube 

proposed in this article, therefore, this paper designed a total of 8 specimens for 

axial compression testing research, analyzed the failure modes of specimens, 

and further studied the mechanical performance indicators such as load-strain 

curve, load-displacement curve, stiffness, and bearing capacity. Due to 

constrained by test conditions and number of specimens, this paper conducted 

finite element simulation calculations on the basis of experimental research, 

analyzed the working mechanism of the specimens, include analysis of the 

whole stressing process and contact stress analysis. Furthermore, the influence 

of diverse parameters, including nominal aluminum ratio, concrete cube 

compressive strength, hollow ratio, and yield strength of internal steel tube on 

the bearing capacity, axial compressive stiffness, and ductility of specimens has 

been investigated. Eventually, a streamlined approach for assessing bearing 

capacity was suggested based upon relevant technical regulations and parameter 

analysis. 

 

2.  Basic situation of the experiment  

 

2.1. Design and processing of specimens 

 
Before the experiment is conducted, a total of 8 CFAT column with built-

in hollow steel tube were designed. The components that make up the specimen 

are aluminum alloy tube, sandwich concrete, and steel tube from the outside to 

the inside in sequence, In the diagram presented in Fig.1. All specimens have 

been designed with a height of 720mm. (H=720mm), the cross-sectional 

diameter is 240mm (Do=240mm), and the wall thickness of aluminum alloy tube 

is 5.5mm (to=5.5mm). The experimental parameters include hollow ratio  , the 

wall thickness ti of internal steel tube , and concrete type. Table1 provides a 

comprehensive overview of the parameter specifications and significant 

outcomes obtained from the conducted tests. 

Depending on the type of sandwich concrete, two series of specimens were 

designed in this test，they are respectively the HACSC series with ordinary 

concrete as sandwich concrete and the HALCSC series with lightweight 

concrete as sandwich concrete. The processing steps of the specimen need to be 

implemented in the following sequence: (1) Placing the rolled steel tube on the 
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bottom end plate and continuously adjusting its position until the centerline of 

the steel tube aligns with the centroid of the bottom end plate, and ensuring that 

the steel tube is perpendicular to the bottom end plate, then, welding the steel 

tube and bottom end plate together. (2) Concentrically place the aluminum alloy 

tube on the outside of the steel tube, and angle steel and self-tapping nails are 

used to achieve the effective connection between the aluminum alloy tube and 

bottom end plate, the connection form is shown in Fig.2(a). (3) The concrete is 

poured into sandwich area of aluminum alloy tube and steel tube by using a 

layered pouring method and vibrates continuously to guarantee the compactness 

of concrete (In order to prevent concrete from shrinkage due to chemical 

reactions during the curing stage, the final batch of poured concrete is slightly 

higher), subsequently, it is cured for 28 days under specific conditions. (4) The 

excess slurry accumulated on the top of the specimen is chiseled to achieve a 

level surface that aligns with the aluminum alloy tube and steel tube, then polish 

the specimen's surface. The polished specimen is depicted in Fig.2(b). 

 

 

Fig. 1 Internal cavity structure of the specimen and detailed schematic of each part

 

Table 1  

Specimen parameter information and test results (finite element results) 

Specimen number D0/mm t0/mm Di/mm ti/mm H/mm    Concrete type 
Test and finite element calculation results 

Nue test（kN） Nue FEM(kN) Nue FEM/Nue test 

HACSC1-1 240 5.5 165 4 720 0.72 Ordinary concrete 2782.6 2693.7 0.97 

HACSC2-1 240 5.5 140 4 720 0.61 Ordinary concrete 2863.2 2775.6 0.97 

HACSC3-1 240 5.5 89 4 720 0.39 Ordinary concrete 3115.2 3066.6 0.98 

HACSC3-2 240 5.5 89 3 720 0.39 Ordinary concrete 3023.2 3001.4 0.99 

HALCSC1-1 240 5.5 165 4 720 0.72 Lightweight concrete 1939.8 2039 1.05 

HALCSC2-1 240 5.5 140 4 720 0.61 Lightweight concrete 2089.6 2121.4 1.02 

HALCSC3-1 240 5.5 89 4 720 0.39 Lightweight concrete 2229.9 2214.6 0.99 

HALCSC3-2 240 5.5 89 3 720 0.39 Lightweight concrete 2184.2 2132.9 0.98 

Average value          0.99 

Standard deviation                   0.04 

  
 

 
 

(a) Connection between aluminum alloy and end plate (b) Polished specimens 

Fig. 2 Sketch map of the key processes during specimen processing 

 
2.2. Properties of materials 

 

2.2.1. The aluminum alloy  
The aluminum alloy tube type for making the specimens is 6061-T6. 

Pursuant to the Chinese standard GB/T 228.1-2010 regulation， the tensile 

coupon tests will be implemented, 4 tensile coupons are cut from the raw 

materials used to make the specimen. Within a period of time after starting the 

tensile test, there is no change in the appearance of the tensile coupon, As the 

force applied by the tensile testing machine gradually increases, when the 

tensile force reaches a certain value, the middle of the tensile coupon suddenly 

fractures without any signs, and the elongation is small. From the failure of the 

specimen, it can be seen that the fracture section is perpendicular to the length 

direction of the coupon, and the size of the fracture section remains almost 

unchanged. After the experiment is completed, the data collected from 4 sets of 

samples will be processed, the relevant mechanical properties indicators of 

aluminum alloy tube are shown in Table 2, which involves nominal yield 

strength (the point of conditional yield at which residual strain reaches 0.2%), 

ultimate strength, elastic modulus and Poisson's ratio. 

 

Table 2  

Mechanical property index of aluminum alloy tube 

Material type 
Nominal yield 

strength/MPa 

Ultimate 

strength/MPa 

Elastic mod-

ulus/MPa 

Poisson's 

ratio 

Aluminum 

alloy 
210.9 252 69645 0.35 

 
2.2.2. Sandwich concrete 

Two types of sandwich concrete were used during the specimen fabrication 

process, which includes ordinary concrete and lightweight concrete, the mixture 

proportions of the above two types of sandwich concrete are shown in Table 3. 

Based on the guidance of the Chinese standard GB/T50081-2019, the real 

strength of the above two types of concrete has been determined, common 

concrete and lightweight concrete is 43.8Mpa and 22.1Mpa respectively
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Table 3  

Mixture proportions of different types of sandwich concrete 

The type of con-

crete 
cement sand fly ash Cobble 

large particle 

ceramsite 

Medium size ce-

ramic particles 

Small particle 

ceramsite 

tail mineral  

fly-ash 

Water re-

ducer 
water 

Ordinary concrete 284 795 72 1124 -- -- -- -- 5 150 

Lightweight con-

crete 
486 389 -- -- 83 122 122 85 5.8 170 

 
2.2.3. Steel tube 

The steel type with built-in steel tube is Q235B. Based on the Chinese 

standard GB/T 228.1-2010 regulation [14], the mechanical properties of steel 

tube are obtained by pull-out Test, the tensile coupon are taken from steel tubes 

of different sizes, the mechanical properties indicators pertaining to steel tubes 

of differing sizes are detailed in Table 4, fy and fu represent the yield strength 

and ultimate strength of steel tube respectively in Table 4. 

 

Table 4  

Mechanical properties indicators of steel tube 

Material fy/MPa fu/MPa 
Poisson's 

ratio 

Steel plate (ti=4mm) 327.7 460.3 0.297 

Steel plate (ti=3mm) 321.4 440.5 0.301 

 

2.3. Test preparation 

 

2.3.1. Layout of data collection points 
To analyze the deformation law of the aluminum alloy tube, strain gauges 

were positioned in the midsection of aluminum alloy tube, both transverse and 

longitudinal. The setup of the gauges is portrayed in Fig.3(a) and (b), where 

AL1-L ～ AL4-L denote the longitudinal gauges, and AL1-T ～  AL4-T 

represent the transverse gauges affixed to the exterior of the aluminum alloy 

tube. 

 

2.3.2. Experimental loading scheme and loading system 

The experiment was executed in the structural laboratory of Liaoning 

provincial transportation planning and design institute, 500T hydraulic testing 

machine was used for graded loading. Four displacement gauges are arranged 

perpendicular to specimen to measure the transverse displacement, which are 

arranged in a ring with an interval angle of 90 °, and the longitudinal 

displacement is measured by two displacement gauges arranged on the diagonal 

of the loading plate. Pre-loading is recommended to be done before formal 

loading to ensure good contact between the components of the specimens and 

the normal operation of the machine. In this experiment, the load value of pre-

loading was approximately 10% of the estimated ultimate bearing capacity (The 

result of Numerical simulation calculation), after verifying that there were no 

other issues, the pre-loading was unloaded and then formally loaded. During the 

formal loading stage, a graded loading system was implemented, incrementally 

applying a load that is roughly 10% of the estimate ultimate load-bearing 

capacity at each stage, and the load of each level was sustained for a period of 

2 to 3 minutes.

 

 

 

 

 

 

 

 

(a) Schematic diagram of the test device (b) Strain gauge placement (b) the test device 

Fig. 3 Measurement point arrangement and test loading device 

 

3.  Analysis of experiment results 

 
3.1. Failure mode of the specimen 

 

Axial compression tests were conducted on 8 CFAT columns with built-in 

hollow steel tube. Through observation, it was found that the test phenomena 

and final failure modes of the 8 specimens from the beginning of loading to the 

end of the test were basically similar. This paper introduces two specimens 

numbered HACSC1-1 and HALCSC1-1 as examples. 

During the inception phase of the loading, because of the small load, all 

components of the specimen are in a uniaxial compression state, and the 

specimen will make a slight sound under axial compression, and the specimen's 

exterior exhibits no apparent alterations; As the load progressively rises, 

reaching approximately 0.7Nue, the specimen produces audible cracking sounds, 

aluminum alloy tube begin to occur local bulging phenomenon, which is mostly 

appears near the height of H/2, the root cause for this destructive phenomenon 

primarily hinge on two aspects, on the one hand, under axial compressive 

loading, the middle section of the member typically bears the maximum 

compressive stress, due to the effect of stress concentration, the aluminum alloy 

tube and concrete in this area are more prone to deformation. On the other hand, 

when the concrete is compressed, the aluminum alloy tube provides lateral 

confinement to prevent lateral expansion of the concrete. However, when the 

compressive stress exceeds a certain limit, the lateral deformation of the 

concrete increases, leading to buckling of the aluminum alloy tube; As the load 

increases from 0.7Nue to Nue, the outward deformation of the aluminum alloy 

tube becomes more noticeable, with the concrete at the deformed position being 

crushed simultaneously; The load gradually decreases after exceeding the 

ultimate bearing capacity Nue, however, the axial deformation and section 

transversal deformation of the specimen continue to increase, eventually, the 

aluminum alloy at H/2 height is torn, which marks the complete destruction of 

the specimen, the final destruction phenomenon is shown in Fig. 5 (a). For the 

purpose of further observing the failure mode of the sandwich concrete and the 

internal steel pipe, the specimen is dissected, it is found that the concrete 

corresponding to the bulging position of the aluminum alloy tube is crushed, 

and the inner wall of steel tube in the corresponding position will also be sunken 

inward. 

Moreover, an assessment was performed on the failure behavior of 

specimen HALCSC1-1, with Fig.5(c) and 5(d) illustrating the failure mode of 

the specimen and its constituent component. Upon close examination, it was 

determined that the failure modes of specimens HACSC1-1 and HALCSC1-1 

showed a high degree of consistency. The experimental phenomena of specimen 

HACSC1-1 and HALCSC1-1 show that aluminum alloy tube and sandwich 

concrete have a good deformation coordination under axial compression, which 

exhibit a good composite effect.
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(a) Failure mode specimen numbered HACSC1-1 (b) Final phenomenon of sandwich concrete and steel tube(HACSC1-1) 

  

 

 

 

 

(c) Failure mode specimen numbered HALCSC1-1 (d) Final phenomenon of sandwich concrete and steel tube(HALCSC1-1) 

Fig. 5 Failure mode of typical specimen 

 

 

3.2. Strain analysis 

 

3.2.1. Load-strain curve 

The Fig.6 illustrates the rule of longitudinal and transverse strain variations 

in specimens featuring ordinary and lightweight concrete as sandwich materials 

under axial loading. These strain measurements are derived by averaging the 

data collected by strain gauges AL1-L to AL4-L and AL1-T to AL4-T, which 

are symmetrically positioned at a height of H/2. By examining the load-strain 

curves depicted in figure 6 for the eight specimens, the following concise 

summary of the observed rules can be provided:(1) Early on in the loading 

process, the strain is approximately linear with the load, following the 

attainment of peak bearing capacity, the longitudinal and transverse strains 

increase rapidly, this is because when the load approaches the ultimate bearing 

capacity, the sandwich concrete in the middle of the column expands laterally, 

causing the aluminum alloy tube to be compressed by the sandwich concrete, 

accelerating its lateral deformation, and the lateral deformation will have a 

certain impact on the longitudinal strain; (2) With the decrease of the hollow 

ratio, the buckling longitudinal strain of the aluminum alloy tubes of the 

HACSC series and HALCSC series gradually increases; (3) When other 

conditions remain constant, the transverse deformation of the specimen using 

lightweight concrete as sandwich concrete is faster than the specimen using 

ordinary concrete, the slope of the load-strain curve is reduced, and the stiffness 

is smaller.

 

  

(a) HACSC1-1 (b) HALCSC1-1 
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(C) HACSC2-1 (d) HALCSC2-1 

  
(e) HACSC3-1 (f) HALCSC3-1 

  

(g) HACSC3-2 (h) HALCSC3-2 

Fig. 6 Load-strain curve 

 
3.2.2. Transverse deformation coefficient 

Continuously increase the load until reaching a specific characteristic point, 

aluminum alloy tube has just begun to exert a progressive restraining influence 

on the sandwich concrete. For the further study of confinement mechanism of 

aluminum alloy tube on sandwich concrete at different stress stage, the 

transverse deformation coefficient is introduced[16-17], it is the ratio of the 

transverse strain (
AL T −

) and the longitudinal strain(
AL L −

)of the aluminum 

alloy tube. The relationship curves of the transverse deformation coefficient 

(εAL-T/εAL-L) with the load of the HACSC series and HALCSC series specimens 

are exhibited in Fig. 7(a) and (b).  

The diagram in Fig.7(a) illustrates that at the inception phase of loading, 

the transverse deformation coefficient rises and gradually converges towards 

the Poisson's ratio of aluminum alloy materials. During this phase, the 

interaction between the aluminum alloy tube and the sandwich concrete is 

negligible, and the entire specimen undergoes uniaxial compression. As loading 

progresses to later stages, the transverse deformation coefficient surpasses the 

intrinsic Poisson's ratio of the aluminum alloy tube and continues to climb. This 

is due to the progressive increase in plastic deformation of the sandwich 

concrete with rising loads, resulting in greater transverse deformation of the 

concrete at the column's center compared to the aluminum alloy tube. Upon 

reaching the ultimate bearing capacity, the transverse deformation coefficient 

decreases, which is attributed to internal buckling of the steel tube, causing the 

specimen's transverse deformation to develop inwardly. 

When Fig.7(a) is compared with Fig.7(b), it becomes apparent that the 

HALCSC series specimens exhibit a lower transverse deformation coefficient 

compared to the HACSC series, this is because the transverse and longitudinal 

deformation of the specimen using lightweight concrete as sandwich concrete 

is faster than the specimen using ordinary concrete, however, the longitudinal 

strain exhibits a quicker rate of increasing than the transverse strain. 
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(a) HACSC series (b) HALCSC series 

Fig. 7 Load- transverse deformation coefficient curve 

 

3.3. Representative axial compression mechanical performance indicators 

 

3.3.1. Load-displacement curve 

Fig.8 displays the load-displacement profiles for specimens, while Table 1 

outlines the ultimate bearing capacities derived from these profiles. The 

graphical representation in Fig.8 clearly indicates that eight specimens exhibit 

a largely similar trend in their load-displacement curves, progressing 

sequentially through a linear increase, a nonlinear increase, and a descent or 

stabilization phase. These phases are classified as the elastic stage, the elastic-

plastic stage, and the plastic stage, respectively. 

The rules drawn from comparing the ultimate bearing capacities of 

specimens across various parameters listed in Table 1 are as follows. (1) Upon 

decreasing the hollow ratio from 0.72 to 0.61 and further to 0.39, the HACSC 

series (and HALCSC series) specimens showed an increase in their ultimate 

bearing capacities by 3.28% and 12.38% (7.72% and 14.95%), respectively. 

This suggests that, while reducing the hollow ratio does enhance the bearing 

capacity somewhat, its impact is relatively modest when the geometric 

dimensions and material strength of the specimens remain unchanged. (2) When 

the wall thickness ti of the steel tube was incremented from 3mm to 4mm, the 

ultimate bearing capacity of the HACSC series (and HALCSC series) 

specimens rose by 3.04% (2.09%). This is because the interaction between the 

steel tube and the sandwich concrete remains limited throughout the loading 

process, and the steel tube experiences inward local buckling during the later 

stages of loading. Consequently, augmenting the wall thickness of the steel tube 

contributes only marginally to the bearing capacity of the specimens. (3) In 

comparison to the HALCSC series specimens, the HACSC series specimens 

with hollow ratios of 0.72, 0.61, and 0.39 demonstrated significant increases in 

their bearing capacities by 43.4%, 37.0%, and 39.7% respectively. This is due 

to the superior composite strength exhibited by the aluminum alloy tube and 

sandwich concrete in the HACSC series specimens, which surpasses that of the 

HALCSC series specimens.

 

  

(a) HACSC series (b) HALCSC series 

Fig. 8 Load-displacement curve 

 

3.3.2. Axial compressive stiffness 

Axial compression stiffness is a key indicator reflecting the ability of 

specimens to resist axial deformation, it can be calculated based on Ref. [18], 

the calculation formula can be expressed as follows: 

 

ue 0.40.4 /EA N H=                                             （1） 

 

Where EA represents the axial compression stiffness, 
ueN is the ultimate 

bearing capacity, H represents the height of the column ,
0.4 represents the 

longitudinal displacement when the bearing capacity reaches 0.4
ueN . 

Fig.9 illustrates the axial compressive stiffness of specimens with varying 

parameters, Fig. 9(a) reveals a negative correlation between the hollow ratio and 

the axial compressive stiffness of the specimen. Specifically, as the hollow ratio 

rose from 0.39 to 0.61 and then to 0.72, the axial compressive stiffness of the 

HACSC series decreased by 20% and 27.7%, respectively, while the HALCSC 

series exhibited reductions of 10.2% and 13.9%. The underlying reason for this 

is that, during the elastic stage, the components of the specimen undergo 

uniaxial compression without significant interaction among them, consequently, 

the axial compressive stiffness of the specimen can be approximated by 

summing the stiffness of its individual components, an increase in the hollow 

ratio leads to a reduction in the sandwich concrete's area and a corresponding 

increase in the internal steel tube's area. Calculations indicate that the stiffness 

loss due to the decreased cross-section of the sandwich concrete outweighs the 

stiffness gain from the expanded steel tube area. Fig.9(b) displays the axial 

compressive stiffness of specimens with different wall thicknesses. It is 

apparent from Fig.9(b) that an increment in the steel tube's wall thickness from 

3 mm to 4 mm results in a 21.6% increase in the axial compressive stiffness of 

the HACSC series and a 4.3% increase in the HALCSC series. This occurs 

because augmenting the wall thickness of the steel tube expands its cross-

sectional area, subsequently boosting the specimen's capacity to withstand axial 

deformation. 

In conclusion, the axial compressive stiffness is significantly influenced by 

the cross-sectional area, making it imperative to thoroughly consider the cross-

sectional area ratio of each component during the structural design phase to 

guarantee that both strength and stiffness meet the required safety standards.
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(a) Effect of hollow ratio on the axial compression stiffness (b) Effect of the wall thickness of steel tube on the axial compressive 

stiffness 

Fig. 9 axial compressive stiffness 

 

3.3.3. Strength coefficient 

The strength coefficient SI can reflect the composite effect of the specimens, 

the paper adopts the method recommended in Ref. [19] for calculation, the 

representation of SI is outlined below: 

 

0.2

ue

A a ck c yi s

N
SI

f A f A f A−

=
+ +

                         (2) 

 

Where 0.2Af − is the nominal yield strength of the aluminum alloy tube, aA is 

the area of the aluminum alloy tube's cross-section, ckf is the axial compressive 

strength of the concrete, cA is the area of sandwich concrete's cross-section, 

yif is the yield strength of the internal steel tube, sA is the area of the internal 

steel tube's cross-section. 

Fig.10 presents the strength coefficients SI of the specimens under different 

parameters. As illustrated in Fig.10, the SI of the HACSC series (HALCSC 

series) specimens is in the range of 1.322～1.411(1.080～1.339)，which 

indicates that the specimen has a good composite effect. In addition, it can also 

be found from Fig.10 that the SI of the HACSC series (HALCSC series) 

specimens increases by 0.38% and 5.75% (8.4% and 20.5%) when the hollow 

ratio decreases from 0.72 to 0.61 and 0.39 respectively, the SI increase rate of 

the HALCSC series specimens is faster than the HACSC series specimens, this 

is because the confinement effect coefficient  (
0.2 /n A ckf f  −= , 

/n a ceA A = ,
n is the nominal aluminum ratio,

ceA is the nominal cross-

sectional area of sandwich concrete) increased from 0.71 to 1.40 when the 

ordinary concrete in the sandwich area is replaced by lightweight concrete, 

therefore, the aluminum alloy tube of the HALCSC series specimens has a 

stronger confinement effect on the sandwich concrete. 

 

 

Fig. 10 the strength coefficients SI 

 

4.  Numerical simulation analysis 

 

4.1. Establish finite model 

 

4.1.1. The stress-strain relationship of each component material 

4.1.1.1. Aluminum alloy 

The distinctive mechanical features of aluminum alloys set them apart from 

steel produced through hot-rolling of low-carbon and standard low-alloy steel, 

as they exhibit no pronounced yield point. On that account, the stress-strain 

characteristics of aluminum alloys are captured using the isotropic elastoplastic 

constitutive model outlined in Reference [20], and this model can be 

mathematically expressed through Equ (3)： 

 

a

0.2

0.002

n

a a

a AE f

 


−

 
= +  

 
                            (3) 

 

where
a and

a represent the stress and strain of the aluminum alloy 

respectively, and aE is the modulus of elasticity of the aluminum alloy 

(Ea=70000MPa), n is the parameter describing strain hardening, Eq.(4) is 

applied to calculate it. 

 

( )0.210 An f MPa−=                               (4) 

 

4.1.1.2. Sandwich concrete 

Sandwich concrete is primarily constrained by aluminum alloy tubes, 

which have the difference constraining effect compared to steel tubes on 

concrete, therefore, the constitutive relationship of sandwich concrete adopts 

the equivalent compressive stress-strain model proposed in Ref. [5], which can 

be expressed by Eq. (4), and Fig. 11 depicts the stress-strain curve. 
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where '

cf represents the compressive strength of the concrete cylinder, the other 

indicators(
rf ,

co ,
cc ,

rpf , k ,  ) included in equation (5) can be calculated 

by equation (6)~(11). 

 
'0.25r cf f=                                    (6) 
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In the Equ(6)-(11), 
rf  represents the compressive strength of concrete 

after considering strength reduction, 
co denotes the strain at which peak 

compressive stress occurs, 
cc  is the strain corresponding to the confined axial 

compressive strength of concrete, and   stands for the strain adjustment 

coefficient, which is primarily related to the confinement effect coefficient. 

 

 

Fig.11 Stress-strain relationship curve of sandwich concrete 

 

4.1.1.3. Steel  

The constitutive model chosen for the embedded hollow steel tube is the 

five-stage stress-strain model introduced by Han et al. [21], and its formulation 

is detailed as follows. 
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The indicators involved in formula (12) can be calculated using the 

following formula ： 0.8 /e y sf E = , 
1 1.5e e = , 

2 110e e = , 

3 1100e e = , ( )
2

10.2 /y e eA f  = − , 12 eB A= , 

20.8 y e eC f A B = + − . 

 

4.1.2. Element type, mesh division, constraints and boundary conditions 

In Fig.12, the finite element model constructed through the use of 

ABAQUS is displayed, featuring a specimen that is made up of four distinct 

parts: the upper and lower end plates, an aluminum alloy tube, sandwich 

concrete, and an internal steel tube. During the process of establishing this 

model, 8-node solid elements (C3D8R) were utilized for modeling all four of 

these components. 

The interface model between component surface include tangential and 

normal behaviors, tangential behavior adopts "hard" contact, normal behavior 

adopts "penalty" friction, the friction coefficient is 0.25 [9]. To avoid relative 

slip between the end plate and the end face of the member, “tie” is used between 

the end plates and the specimen end. Mesh segmentation is vital to ensuring 

calculation precision, the size of the mesh is 1/20 of the diameter of each 

component itself. 

To simulate the boundary conditions under test conditions with realism, we 

place reference points RP1 and RP2 at the central points of the upper and lower 

end plates, respectively. We then couple the surfaces of these end plates to RP1 

and RP2, respectively, where RP2 is constrained while an axial displacement is 

imposed on RP1. 

Considering the initial defects caused by the fabrication and modeling 

assumptions of each material constituting the specimen, the initial defects will 

be taken as 1/1000 of the column length and defined in the finite element 

software in the form of low-order global buckling modes during the finite 

element calculation. 

 

 
Fig.12 Schematic diagrams of model 

 

4.2. Finite element verification 

 

The load-strain curves of each specimen obtained through experimental and 

numerical simulation methods are presented in Fig.6 (a) ～ (h). Through 

comparison, it was found that the change trend of the load-strain curves obtained 

by the above two methods is basically consistent, and the ultimate bearing 

capacity attained through the experiment and the finite element calculation is 

listed in Table 1, The mean value and standard deviation
, ,/u FEM u eN N are 0.99 

and 0.04. 

The failure mode using the experiment and finite element calculations are 

exhibited in Fig.5, By observing the failure modes of specimen adopting finite 

element calculation, it is found that the specimen was mainly manifested as 

bulging of the aluminum alloy tube at the middle and end of the column, the 

sandwich concrete at the corresponding position is crushed, and the internal 

steel tube was locally concave inward, which is generally consistent with the 

experimental phenomenon described in chapter 2.1. 

In conclusion, the constitutive model and boundary conditions employed in 

the finite element analysis conducted in this study are dependable, enabling the 

finite element model to provide a more accurate assessment of the specimen's 

various mechanical performance indicators throughout the entire stressing 

process. 

 

4.3. Analysis of working mechanism 

 

According to the technical specification for CADST structures, a full-scale 

finite element model was designed as typical specimen, and the whole stressing 

process analysis and contact stress analysis of typical specimens were carried 

out. The parameter information of a typical specimen is summarized as follows: 

Do=400mm, H=1200mm, Di=195mm, ti=4mm, 0.5 = , fcu=40MPa, fA-

0.2=210MPa, fyi=345MPa. 

 

 4.3.1. Analysis of the whole stressing process 

The figure depicted in Fig. 13 displays the load-displacement curves for a 

typical specimen and its constituent parts. Analyzing the trend of these curves 

reveals three distinct and identifiable characteristic points: Feature point A 

marks the yielding of the internal steel tube and the attainment of ultimate 

bearing capacity by the sandwich concrete; Feature point B signifies the 

achievement of ultimate bearing capacity by the typical specimen; and Feature 

point C indicates that the aluminum alloy tube has reached its ultimate bearing 

capacity. 

The three aforementioned feature points segment the load-displacement 

curve into three distinct phases: the elastic phase (OA), the elastoplastic phase 

(AB), and the strengthening phase (BC). Figure 14 illustrates the distribution of 

longitudinal stresses at each of these feature points. 

During the elastic stage (OA), as the displacement increases, the load rises 

linearly. At feature point A, the longitudinal stress within the sandwich concrete 

exhibits a gradual decline from the outer regions towards the center.； 

Elastoplastic Stage (AB): Once the feature point A is surpassed, the load 
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begins to rise in a nonlinear fashion as displacement increases. When the 

specimen reaches feature point B, it attains its peak bearing capacity, with the 

loads carried by the aluminum alloy tube, sandwich concrete, and steel tube 

making up 31.1%, 53.5%, and 15.9% of the total axial compressive capacity of 

the specimen, respectively. An examination of the stress contour diagram during 

the elastoplastic stage reveals a gradual escalation in the average longitudinal 

stress of the sandwich concrete. The peak longitudinal stress, which occurs on 

the inner surface of the aluminum alloy tube at feature point A, amounts to 1.74 

times the axial compressive strength of the concrete (1.74fck). This is owing to 

the aluminum alloy tube providing the utmost restraint to the sandwich concrete 

in this particular area. 

Strengthening stage (BC): After the feature point B is exceeded, the bearing 

capacity of the specimen gradually decreases, sandwich concrete is constrained 

by aluminum alloy tubes, so its longitudinal stress variation is small; Upon 

attaining feature point C, the maximum longitudinal stress of the sandwich 

concrete is 1.76 times of the axial compressive strength, and the load-bearing 

capacity of the sandwich concrete reaches its peak. 
 

Fig. 13 Load-displacement curves of typical specimen and its components 

 

 

   
(a) feature point A (b) feature point B (c) feature point C 

Fig. 14 Longitudinal stress distribution of sandwich concrete at each feature point 

 
 
4.3.2. Contact stress analysis 

The contact stress-displacement curves of each component at different 

height cross-sections of the typical specimen are shown in the Fig.15, P1 

represents the contact stress between aluminum alloy tube and sandwich 

concrete, and P2 represents the contact stress between steel tube and sandwich 

concrete. As shown in the Fig.15, the contact stress between the steel tube and 

the sandwich concrete is always small throughout the whole stressing process, 

so its contact stress can be ignored, which illustrates that the internal steel tube 

work independently under axial compression; The contact stress value of 

aluminum alloy tube and sandwich concrete in the elastic stage at different 

height cross-sections is 0 (P1=0), and each part of the specimen is in a uniaxial 

compression state, after exceeding the feature point A, the interaction between 

the aluminum alloy tube and the sandwich concrete is gradually obvious, and 

the contact stress between the two increases, when the load of the typical 

specimen reaches the ultimate bearing capacity(At feature point B), the average 

value of the contact stresses / 41HP and / 21HP of aluminum alloy tube and 

sandwich concrete are0.77MPa and 0.99MPa respectively, the contact stress 

distribution is shown in Fig.16 ; After the feature point B is exceeded, the 

contact stress / 41HP and / 21HP still continue to increase. 
 

Fig. 15 The contact stress-displacement curves of each component 

 

  
(a) cross-section at d=H/4 (b) cross-section at d=H/2 

Fig. 16 Cross-section contact stress distribution at different heights under peak loads 
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5.  Parametric analysis 

 

Due to the limitations of current experimental conditions and the number 

of specimens, a lot of parameters cannot be fully covered, for the purpose of 

exploring the law of influence of parameters on the relevant performance of 

specimens，based on the typical specimens mentioned in chapter 3.3, the 

effects of nominal aluminum ratio, hollow ratio, concrete cube compressive 

strength and internal steel tube yield strength on the bearing capacity, axial 

compressive stiffness and ductility of specimens were subjected to detailed 

analysis. 

 

5.1. Nominal aluminum ratio 

 

When the wall thickness of the aluminum alloy tube is 3mm, 5mm, 7mm 

and 9mm, the nominal aluminum ratio of the corresponding specimen is 3.1%, 

5.2%, 7.4% and 9.6% respectively. The effects of nominal aluminum ratio on 

the bearing capacity, axial compressive stiffness and ductility of the specimen 

are shown in Fig.17. When the aluminum ratio
n increased from 3.1% to 5.2%, 

7.4% and 9.6%, the bearing capacity of the specimen increased by 14.8%, 28.9% 

and 43.4%, there is no significant change in axial compressive stiffness, the 

ductility  increased by 59.7%, 124.2% and 174.5%, this is because the 

constraint effect coefficient  increases from 0.24 to 0.41, 0.58 and 0.76 when 

the nominal aluminum ratio
n increases from 3.1% to 5.2%, 7.4% and 9.6%, 

the aluminum alloy tube exerts a greater restraining effect on the sandwich 

concrete, causing an elevation in its strength. Furthermore, as the nominal 

aluminum ratio increases, the cross-sectional area of the aluminum alloy tube 

also increases, thereby improving the specimen's ductility. 

 

   
(a) Load-displacement curve (b) Axial compression stiffness (c) Ductility coefficient 

Fig. 17 The influence of nominal aluminum ratio on axial compression performance indicators 

 
5.2. Hollow ratio 

 

By adjusting the diameter of the internal steel tube, we can achieve 

variations in the hollow ratio of the specimens. Specifically, when the internal 

steel tube's diameter is set to 0mm, 117mm, 195mm, and 273mm, the 

corresponding hollow ratios of the specimens are 0, 0.3, 0.5, and 0.7, 

respectively. Fig.18 illustrates the impacts of these hollow ratios on the 

specimens' bearing capacity, axial compressive stiffness, and ductility. As 

depicted in Fig.18, as the hollow ratio increases from 0 to 0.3, 0.5, and 0.7, the 

ultimate bearing capacity of the specimens decreases by 9.4%, 13.8%, and 

21.8%, respectively, while the axial compressive stiffness decreases by 6.5%, 

8.4%, and 20.2%. Conversely, the ductility increases by 32.9%, 40.3%, and 

97.1%, respectively. This is attributed to the reduction in the sandwich 

concrete's cross-sectional area as the hollow ratio increases, which subsequently 

decreases the bearing capacity and axial compressive stiffness. Simultaneously 

as well, the increase in the hollow ratio enlarges the cross-sectional area of the 

internal steel tube, leading to an increase in the specimen's steel ratio and 

ultimately enhancing its ductility. 

 

 
  

(a) Load-displacement curve (b) Axial compression stiffness (c) Ductility coefficient 

Fig. 18 The influence of hollow ratio on axial compression performance indicators 

 

 
  

(a) Load-displacement curve (b) Axial compression stiffness (c) Ductility coefficient 

Fig. 19 The influence of concrete cube compressive strength on axial compression performance indicators 
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5.3. Concrete cube compressive strength 

 

The graphical representation in Fig.19 illustrates how the compressive 

strength of concrete cubes influences the specimen's load-bearing capacity, 

stiffness in axial compression, and ductility. According to Fig.19, as the 

concrete cube compressive strength fcu rose from 30MPa to 40MPa and then to 

50MPa, the ultimate load-bearing capacity augmented by 12.9% and 26.5% 

respectively. Similarly, the stiffness in axial compression increased by 19.3% 

and 34.3%. Conversely, the ductility coefficient decreased by 37.6% and 57.8% 

respectively. This is because, with the cross-sectional area of the components 

remaining constant, an elevation in the compressive strength of the concrete 

cubes results in an increase in load-bearing capacity. Furthermore, an increase 

in the compressive strength of the concrete cubes leads to a corresponding rise 

in the concrete's elastic modulus, thereby directly enhancing its stiffness in axial 

compression. However, the higher the compressive strength of the concrete, the 

more pronounced its brittle nature becomes, causing a gradual decrease in the 

specimen's ductility. 

 

5.4. Internal steel tube yield strength 

 

Fig.20 demonstrates the influence of the yield strength of the internal steel 

tube on the specimen's bearing capacity, axial compressive stiffness, and 

ductility. According to the data presented in Fig.20, as the yield strength of the 

internal steel tube rose from 235MPa to 345MPa and subsequently to 420MPa, 

the ultimate bearing capacity increased by 5.3% and 9.0%, respectively. 

Similarly, the axial compressive stiffness augmented by 2.7% and 4.2%, and the 

ductility coefficient also rose by 5.6% and 6.7%. The aforementioned research 

findings reveal that the yield strength of the internal steel tube exerts a relatively 

minor influence on the bearing capacity, axial compressive stiffness, and 

ductility coefficient. This is attributed to the lack of substantial interaction 

between the internal steel tube and the sandwich concrete during axial 

compression, as well as the occurrence of concave buckling in the steel tube 

during the later stages of loading. Consequently, enhancing the yield strength 

of the internal steel tube contributes less significantly to improving the bearing 

capacity, axial compressive stiffness, and ductility.

 

   
(a) Load-displacement curve (b) Axial compression stiffness (c) Ductility coefficient 

Fig. 20 The influence of internal steel tube yield strength on axial compression performance indicators 

 

6.  Practical bearing capacity calculation method 

 

Drawing upon the insights from section 3.3.2, it is possible to conclude that 

there is insignificant interaction between the internal steel tube and the sandwich 

concrete. Therefore, the bearing capacity of the specimen can be approximated 

by summing the bearing capacity contributed by the aluminum alloy tube and 

sandwich concrete composite action, and the bearing capacity provided by the 

internal steel tube. Guided by the superposition principle outlined in the 

Technical Specification for CFDST Structures (T/CCES7-2020) [22], we 

propose an equation to determine the axial compressive load-bearing capacity 

of concrete filled circular aluminum alloy tubular column with built-in hollow 

steel tube. 

 

, ,u acs u ac isN N N= +  
 

, ( )u ac oac a cN f A A=  +  
 

is yi sN f A=
 

 

Where
,u acsN is the bearing capacity of CFAT column with built-in hollow 

steel tube,
,u acN represents the bearing capacity of the aluminum alloy tube and 

sandwich concrete composite action, 
,u isN represents the bearing capacity of 

the internal steel tube, oacf is design values for the composite strength of 

aluminum alloy tube and sandwich concrete. 

 Considering that the CFAT column with built-in hollow steel tube is a 

structural design refined from the CFAT column, therefore ,it is necessary to 

first assess the composite axial compressive strength
oacf  of CFAT column, then 

calculating the design value of the composite strength of aluminum alloy tube 

and sandwich concrete oacf . References [5,23-24] conducted experimental 

analysis and theoretical research on CFAT column under different parameters, 

the relationship between the confinement effect coefficient  and /oac ckf f

was obtained by collecting and processing relevant data, through Origin fitting, 

it was found that there is a good linear relationship between  and /oac ckf f , 

the correlation between the composite axial compressive strength
oacf  of CFAT 

column and the confinement effect coefficient   is expressed as follows:   

( )1.1967 1.3631oac ckf f = +  

 
Fig.21 The relationship of /oac ckf f -  

 

 
Fig. 22 /oac oacf f  and   fitting results 
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Furthermore, taking a typical specimen as an example to study the 

correlation between hollow ratio  and /oac oacf f  , the hollow ratio   is 

taken as 0.27, 0.3, 0.45, 0.5, 0.68, 0.7, and 0.82 respectively, the correlation 

between hollow ratio   and /oac oacf f   of the specimen was obtained by 

nonlinear fitting as follows: 

 
0.11465/ 1.4084oac oacf f  =  

 

To summarize, the load-bearing capacity 
,u acN of the aluminum alloy 

tube and sandwich concrete, when subjected to composite action, can be 

formulated as outlined below. 

 

( )0.11465

, 1.4084 1.1967 1.3631 ( )u ac ck a cN f A A = + +  
 

Utilizing the superposition principle, the equation for assessing the load-

bearing capacity of a circular aluminum alloy tube column filled with concrete 

and featuring an integral hollow steel tube is presented below: 

 

( )0.11465

, 1.4084 1.1967 1.3631 ( )u acs ck a c yi sN f A A f A = + + +  

 

The bearing capacity
,

c

u acsN of 8 specimens was calculated using the 

proposed bearing capacity formula, and compared with the test measured and 

finite element simulation results
,

t FEM

u acsN + , The comparison results are shown in 

Fig.23, between the above two have a deviation of 9.9% to -19.4%, this indicates 

that the proposed bearing capacity calculation formula can effectively predict 

the axial compressive bearing capacity of CFAT column with built-in hollow 

steel tube. 

 

 
Fig. 23 Comparison between calculation results and test (finite element) results 

 

7.  Conclusions 

 

Through experiments and numerical simulations, a thorough and 

systematic evaluation has been conducted on the performance indicators of the 

innovative component presented in this paper.   Drawing from current 

research findings, the conclusions can be derived are listed as follows. 

The failure mode of CFAT column with built-in hollow steel tube under 

axial compression is manifested as local bulging at the middle or top of the 

column, aluminum alloy tube exhibit local bulging and even cracking, the 

concrete located at the corresponding area has been fractured, and the internal 

steel tube presents concave buckling, each component demonstrates good 

deformation coordination. 

The type of concrete is pivotal in determining both the load-bearing 

capacity and stiffness of the specimens. When the hollow ratio is 0.72, 0.61, and 

0.39, the bearing capacity of specimens with ordinary concrete as the sandwich 

concrete is 43.4%, 37.0%, 39.7% larger than specimens with lightweight 

concrete as the sandwich concrete, and the axial compression stiffness is 4.8%, 

11.3%, and 25% greater than them. Increasing the wall thickness of the internal 

steel tube has a relatively small impact on the bearing capacity and stiffness of 

the specimen. Through calculation, it was found that the strength coefficients SI 

of two types of specimens (HACSC series and HALCSC series) were greater 

than 1, which indicate a good composite effect between the components 

Through numerical simulation analysis methods, the working mechanism 

of the specimen was studied, including the analysis of the entire stress process 

and contact stress. The study found that most of the load was shared by the 

sandwich concrete during the entire stress process, and The failure sequence of 

the specimen unfolds as follows: The yield of internal steel tube and the ultimate 

bearing capacity of sandwich concrete almost occur simultaneously→ the load 

of the specimen reaches its ultimate bearing capacity→ aluminum alloy tube 

reach their ultimate bearing capacity. Meanwhile, the findings from the contact 

stress analysis demonstrate a nearly absent level of interaction at the interface 

between the inner steel tube and the sandwich concrete. 

The results of parameter analysis reveal that the aluminum ratio exerts the 

most prominent influence on the specimen's load-bearing capacity and ductility. 

Specifically, as the aluminum ratio escalated from 3.1% to 5.2%, 7.4%, and 

9.6%, the specimen's load-bearing capacity augmented by 14.8%, 28.9%, and 

43.4%, respectively, while its ductility coefficient soared by 59.7%, 124.2%, 

and 174.5%. Conversely, fluctuations in the yield strength of the internal steel 

tube had a comparatively minor effect on the specimen's load-bearing capacity, 

axial compression stiffness, and ductility. 

Following a comparison of the results derived from the formula calculation, 

rooted in pertinent technical specifications and parameter evaluations, with the 

experimental (finite element modeling) data for concrete filled circular 

aluminum alloy tubular column with built-in hollow steel tube, it was evident 

that the proposed method for calculating bearing capacity exhibited good 

practical utility, with deviations within a range of -19.4% to 9.9%. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The study conducted push-out tests on seven specimen groups to investigate the load-slip behavior of PBL shear connectors 

affected by hydrochloric acid corrosion. Among them, the corrosion time of PBL shear connectors in specimens was 0, 1, 

4, 12, 24, 48 and 72 h, respectively. Based on the test verification, 147 refined finite element models with varying corrosion 

durations were developed to examine factors such as concrete strength grade, end bearing conditions, penetrated steel bar 

diameter, and hole size in the steel plate. The load-slip characteristics decrease gradually with increased corrosion time. 

When the concrete grade, penetrated steel bar diameter, and steel plate hole size were increased to C60, 25 mm, and 65 mm, 

the slippage decreased by 17.13%, 9.49%, and 11.77%, respectively. Additionally, the slip amount under end pressure was 

8.26% lower compared to that without end pressure. The load-slip formula is proposed by comparing the test findings. 
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1.  Introduction  

 

PBL shear connectors enable the concrete to constrain the steel beam's 

compression flange, thereby improving its stability [1-4]. Meanwhile, tanks 

carrying dangerous chemicals are increasing day by day. When the corrosive 

liquid in the vehicle overturns and penetrates penetrated steel bar. This action 

can lead to the corrosion of shear connectors to diminish their load-slip 

behaviour. Therefore, ductility and durability of the bridge decrease. Hence, it 

is urgent for PBL shear connectors to study the load-slip behaviour with 

hydrochloric acid corrosion. 

At present, load slip properties and fatigue propertiesof PBL shear 

connectors have been studied extensively [5-6]. Yang took the numerical 

regression analysis method to establish the load-slip curve [7]. Xiao analyzed 

the load transfer characteristics, load slip law and mechanical properties [8]. 

Aguiar failure mode, controlled by transverse reinforcement, proposed an 

innovative model to forecast the entire load-slip curve [9]. Le proposed an 

efficient long short-term memory-based model for prediction of the load-

displacement curve of concrete-filled double-skin steel tubular columns[10]. 

While the experimental and numerical investigations provide the load-slip 

curve[11-13], a calculation formula still needs to be established.  

It is well known that different stages of load-slip curves are in various forms. 

Li put forward linear and power law models of elastic and elastoplastic stages 

[14]; Wang also raised linear and log models of the same stages [15]. Cao JX 

predicted the nonlinear behaviour based on load-slip curves of composite 

materials and used a Bayesian method to quantify model parameters [16]. 

Huang selected two introduced position functions to establish the relative slip 

constitutive model [17]. Cao YM posed a descriptive model of shear slip 

characteristics taking into the stiffness of elastic connectors of connectors 

account [18]. In view of the above mathematical models of the load-slip formula, 

scholars also studied the effects of various factors on load-slip, including ultra-

high performance, ordinary, lightweight, high-strength and lightweight high-

strength concrete; bond friction between transverse reinforcement and elliptical 

holes; round and long holes of the connectors [19-23]. However, the load-slip 

behavior of shear link components in a hydrochloric acid environment was not 

considered in the above research. 

To summarize, prior research has been dedicated to investigating the impact 

of atmospheric exposure on the mechanical performance of PBL shear 

connectors, with a focus on developing formulas specific to atmospheric 

corrosion conditions. The research primarily concentrated on the mechanical 

behavior of PBL shear connectors and the influence of parameters such as the 

thickness of perforated steel plates, the size of the openings, the strength grade 

of the concrete, and the diameter of the through-reinforcement. When 36% 

industrial hydrochloric acid contact penetrates the steel bar in a short time, the 

strong-corrosion will affect the overall durability of the composite structure. 

This paper examines the load-slip behavior and formula of PBL shear link 

components corroded by industrial hydrochloric acid, based on push-out tests 

and finite element modeling (FEM). The findings establish a foundation for 

analyzing the structural and mechanical properties following strong acid 

corrosion. 

 

2.  Experimental setup 

 

2.1. Design of test specimens

 

  

(a)Axonometric drawing (b)Main view 
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The design included fourteen specimens arranged into seven groups. The 

main parameter sizes are shown in Fig. 1. The specimen mainly comprises C50 

concrete, φ10mm HPB300 light round steel bar of ordinary steel bars, and φ14 

HRB400 screwed reinforcement. According to the above data, the 

reinforcement rate of the specimen is 0.60% transverse and 0.69% longitudinal. 

In addition, both I-steel and perforated steel plate are Q345q；the size is I-steel 

220mm×160mm×16mm×16mm, and perforated steel plate 160mm×80mm

×16mm. 

The penetrated steel bar was corroded 0, 1, 4, 12, 24, 48 and 72 h, 

respectively. Then, the loss rate with different corrosion times was measured. 

The tensile test, conducted using the CSS-44000 series electronic universal 

testing machine, determined the mechanical properties, including elongation 

and strength. The rate of loading is elastic stage 0.75 mm/min, and yield stage 

5 mm/min. The test procedure strictly adhered to the stipulations of GB/T 228.1-

2021, "Test Method for Metal Tensile Properties"[24]. Table 1 indicated the 

penetrated steel bars’ material mechanical indexes. 

 

Table 1   

The penetrated steel bars’ material mechanics index with different corro-
sion time 

Corrosion 

time/h 

Corrosion 

rate/% 

Ultimate 

strength/MPa 

Yield 

strength/MPa 

Elasticity modu-

lus/Gpa 

0 

0.00 573.78 423.44 218.58 

0.00 578.47 390.67 220.91 

0.00 586.02 388.97 217.61 

1 

0.54 571.69 396.00 217.34 

0.49 578.94 402.72 218.43 

0.46 578.68 402.56 213.34 

4 

1.75 601.03 391.00 208.96 

1.83 555.53 396.00 211.89 

1.80 556.60 403.00 210.83 

12 

3.28 548.57 393.00 206.76 

3.28 546.35 390.00 203.78 

3.35 597.25 392.00 200.74 

24 

6.67 552.82 385.99 202.55 

5.98 556.11 389.39 198.77 

4.36 560.40 392.73 200.69 

48 

5.55 552.82 387.00 198.79 

6.22 556.11 383.00 197.63 

7.80 560.40 381.00 191.97 

72 

9.10 553.20 382.00 190.68 

9.25 552.49 382.00 193.47 

9.47 551.67 383.00 193.14 

 

2.2. Test procedure 

 

The test adopted a 2000 kN hydraulic four-column pressure testing machine 

(see Fig. 2). The loading method was firstly preloading the specimen at 80 kN 

for 3 times. The formal loading rate was adjusted to 1kN/s, and then the 

specimens were yielded at 10% the estimated ultimate load. During the 2 min 

load holding stage of each stage, the load displacement of equipment and the 

cracks of the specimens were needed to record. Subsequently, the loading was 

stopped when the bearing capacity decreased to 70% of the ultimate load, with 

increments of 1 mm. 

 

 
Fig. 2 Test arrangement and instrumentation 

 

3.  Experimental results 

 

3.1. Test phenomena 
 

The load on the I-steel transferred to the concrete plate at the beginning of 

loading. It can be seen that the bottom of the concrete plate has a small part of 

the concrete to produce many tiny cracks. At 0.69 Pu (ultimate load), the 

concrete on the contact surface between the concrete slab and the I-beam starts 

to detach, accompanied by a faint sound. As the loading reaches 0.82 Pu, small 

cracks begin to form in the center and along the bottom edge of the concrete 

slab, indicating that the sample is approaching the yield stage. The cracks are 

about 0.05 mm in width and 4~5 cm in length. After that, if the specimen arrived 

at peak bearing capacity, the sound inside makes a rattling sound, and 45° 

oblique cracks appear inside the concrete slab, extending to the periphery with 

a length of up to 6~7 cm. The cracks of the specimen mainly appear on the 

outside and inside surfaces of the concrete. Fig. 3 explains failure forms of 

specimens. 

After corroded PBL shear link components are shear, the bending angles of 

the penetrated steel bar are 7.8°, 9.5°, 13.0°, 14.9°, 18.5°, 19.7°, and 21.1°, 

respectively (Fig. 4). At the same time, concrete cracks are deepened and 

lengthened. The initial crack load at corrosion time is 306.16, 287.22, 270.35, 

268.33, 264.08, 251.67, and 231.26 kN, respectively. Additionally, The 

maximum bearing capacity with a 45° inclined crack decreases to 332.30, 

311.74, 293.42, 291.24, 286.62, 273.16, 251.00 kN in turn. 

 

 
 

(c)Side view (d)3D view 

Fig. 1 Specimen structure (Units: mm) 
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(a) Front (b) Back 

 

 

(c) Facies medialis (d) Top 

Fig. 3 Failure mode 

 

  

(a) 0 h (b) 1 h 

  

(c) 4 h (d) 12 h 
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(e) 24 h (f) 48 h 

 

(g) 72 h 

Fig. 4 Failure modes of corroded specimens 

 

3.2. Load-slip curves 

 

In evaluating the mechanical properties, the load-slip curve in Fig. 5 

illustrates the relative deformation of steel and concrete as the load varies. It 

highlights the three key mechanical characteristics: ultimate bearing capacity, 

shear stiffness, and deformability of the shear link components. The data 

characteristic points of the curve are demonstrated in Table 2. 

 

 

Fig. 5 Load-slip curves 

 

In table 2, the maximum bearing capacity Pu decreases by 0%, 3.76%, 

6.33%, 9.54%, 13.86%, 17.91%, and 24.57%, respectively; the relative slip 

amount δu increased by 0%, 4.43%, 14.78%, 19.21%, 23.64%, 32.02%, and 

34.48%, respectively; the ultimate slip amount δuk decreased by 0%, 4.75%, 

8.86%, 10.82%, 35.43%, 42.14%, and 59.25%, respectively; shear stiffness ks 

decreased by 0%, 1.56%, 2.69%, 3.77%, 5.22%, 6.37%, and 9.17%, 

respectively; ductility coefficient δuk /δrk decreased by 0%, 29.55%, 39.92%, 

46.65%, 63.46%, 70.03%, and 77.41%, respectively. A contributing factor to 

the decline in mechanical properties is the decrease in the diameter of the 

penetrated steel bar. 

 

 

 

Table 2  

The data characteristic points of the curve in the test 

Corrosion 

time/h 

Bearing  

capacity 

Pu/kN 

Peak 

slip 

δu/mm 

Prk=0.9Pu/k

N 

δrk/m

m 

Ultimate 

slip 

δuk 

Shear stiff-

ness 

Ks/kN·mm 

Ductility 

factor 

δuk /δrk 

0 
378.83 1.96 341.23 1.24 8.74 494.23 6.42 

367.93 2.1 330.85 0.88 8.46 483.99 6.24 

1 
363.84 2.09 323.67 1.43 8.44 486.34 5.14 

336.7 2.15 306.81 1.39 7.98 476.58 3.78 

4 
340.53 2.24 304.67 1.57 8.13 479.82 3.91 

318.85 2.42 288.77 1.65 7.67 472.08 3.69 

12 
332.87 2.38 299.85 1.64 7.91 472.98 3.65 

321.61 2.46 289.17 1.78 7.61 468.4 3.11 

24 
327.65 2.46 292.32 1.94 6.52 466.53 2.42 

316.45 2.56 287.38 1.84 6.18 460.61 2.2 

48 
313.76 2.59 282.54 1.98 6.34 460.54 2.29 

300.08 2.77 269.92 2.3 5.76 455.38 1.51 

72 
298.64 2.66 270.45 2.43 5.54 447.32 1.89 

265.4 2.8 237.19 2.33 5.26 441.16 0.97 

Note: δrk is the slip amount of the load rising to Prk; δuk is the slip amount of the 

maximum load descending to Prk. 

 

3.3. Load-strain curve 

 

Load-strain curves in Fig. 6 shows the internal stress state and yield of shear 

link components. These data in Fig. 6 was collected by the upper and lower of 

penetrated steel bars.
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(a) 0 h (b) 1 h 

  

(c) 4 h (d) 12 h 

  

(e) 24 h (f) 48 h 

 

(g) 72 h 

Fig. 6 Load-strain curves 
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As shown in Fig. 6, the compressive strain increases from -2200 με to -

5300 με, while the tensile strain increases from 2000 με to 4232 με.  

Furthermore, at the beginning of loading stage, the strain rises slowly with the 

load increase. Once the steel bar reaches its yield point, the load starts to 

decrease, and the strain rises rapidly. The strain law is basically the same. 

Furthermore, the compressive strain of measuring points 1 and 2 is negative, 

and the tensile strain of points 3 and 4 is positive. The steel bar is in a 

compression-bending stress state, as its compressive strain is always greater 

than the tensile strain.  The one-side strain value obtained from the penetrated 

steel bar on both sides of A and B is always greater than the other. The main 

reason is that the specimen will produce eccentricity with compression, 

resulting in a large force on one side and a small one on the other.  

 

4.  Finite element models  

 

4.1. Finite element simulation 
 

In order to further study the internal failure mechanism of PBL connectors 

during loading, the software ABAQUS was especially used to simulate tests. 

C3DR8 reduced solid element could simulate I-steel, perforated steel plat, 

concrete, and penetrated steel bar. The T3D2 was used to simulate a stirrup. 

Constraints were applied to bind the concrete tenon with the slab, the concrete 

tenon with the penetrated steel bar, and the perforated steel plate with the I-

beam.  The tangent line adopted the function of friction coefficient 0.904. The 

stirrup and concrete were linked with embedding constraints, symmetric 

constraints were applied at the center of the steel beam web, and fully fixed 

constraints were used for the concrete bottom plate. The displacement was 

imposed on the coupling point to simulate the loading state in Fig. 7. 

 

 

Fig. 7 1/2 model 

 

The mesh of the FEM is fitted with 5 mm concrete tenons, 3 mm penetrating 

steel and 15 mm stirrups(see Fig. 8). C50 concrete use the plastic damage model 

with an expansion angle 30°, an eccentricity rate 0.1, and the viscosity 

coefficient 0.0005. Additionally, the biaxial compressive strength is 1.16 times 

the uniaxial compressive strength, and the constant stress ratio of the tensile 

meridian to the compressive meridian (K) is 2/3.The elastic modulus is 34.523 

GPa, and compressive strength is  53.35 MPa, respectively. The steel exhibits 

a yield strength of 476.26 MPa, an ultimate strength of 613.61 MPa, an elastic 

modulus of 234.96 GPa, and an elongation of 43.30%.

 

 

Fig. 8 Mesh generation 

 

4.2. Finite element results and analysis 

 

Fig. 9 shows that the test values are largely consistent with the finite 

element values in both the linear elastic and nonlinear stages. At ultimate shear 

capacity, the steel reaches its yield strength, and then the load-slip curve slip 

velocity increases with the increasing load. At this stage, there is a slight 

difference between the test and the FEM. The error is less than 10%, mainly 

caused by the construction error. It can be concluded from Fig. 11 that the 

maximum stress position is welding joint between the I-beam and perforated 

steel plate, so does the concrete tenon. Fig. 11 indicates that the FEM can 

accurately simulate the load-slip curve.

 

  

(a) 0 h (b) 1 h 
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(c) 4 h (d) 12 h 

  

(e) 24 h (f) 48 h 

 

(g) 72 h 

Fig. 9 Load-strain curves 

 

4.2.1. Parametrical investigations 

This paper employs software to investigate how various factors affect the 

shear strength and deformation under hydrochloric acid corrosion. 

(1) Concrete strength. For concrete grades C30, C35, C40, C45, C50, C55, 

and C60, the shear bearing capacity decreased by 28.11%, 27.47%, 27.56%, 

25.23%, 24.52%, 23.66%, and 22.92% as the corrosion time increased, 

respectively (Fig. 10(a)). Meanwhile, the slip amount decreased by 41.91%, 

39.64%, 38.20%, 37.85%, 35.67%, 30.24%, and 24.78%, respectively (Fig. 

11(a)). 

 (2) The diameter of Penetrated steel bar. For steel bars with diameters of 

12mm, 14mm, 16mm, 20mm, and 25mm, the shear capacity decreased by 

22.35%, 24.46%, 17.97%, 14.40%, and 12.76%, respectively (Fig. 10(b)), while 

the slippage reduced by 34.75%, 33.72%, 31.46%, 30.11%, and 25.26%, 

respectively (Fig. 11(b)). 

(3) End-bearing mode. Of the non-endbearing structure, the shear capacity 

and the slippage are reduced by 24.47% and 33.72%. The end-bearing structure 

exhibited reductions of 11.16% in shear capacity and 25.46% in slippage (Fig. 

10(c) and Fig. 11(c)), indicating superior anti-corrosion performance compared 

to the non-end bearing structure. 

(4) The diameter of the steel plate holes. With an increase in diameter, the 

shear capacity experienced reductions of 20.35%, 20.70%, 19.75%, 19.28%, 

18.44%, 17.57%, and 17.87%, respectively (Fig. 10(d)). Correspondingly, the 

slippage decreased by 39.80%, 35.23%, 34.35%, 33.57%, 33.72%, 32.50%, 

29.28%, and 28.03%, respectively (Fig. 11(d)).
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(a) Concrete strength (b) Through reinforced 

  

(c) End bearing mode (d) Aperture of open plate 

Fig. 10 Influence factors of the shear capacity 

 

  

(a)Concrete strength (b)Through reinforced 

  

(c)End bearing mode (d)Aperture of open plate 

Fig. 11 Influence factors of the amount of slip of the connector 
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Fig. 12 The connectors’ shear mechanism 

 

5.  Stud load-slip curve calculation method 

 

5.1. Perfobond shear connector force mechanism 

 
The shear mechanism of connectors is studied according to the test, as 

shown in Fig. 12. The load transfer mode at the concrete transfer bar was 

described, and the shear mechanism of the perforated steel bar shear connector 

was discussed. When Load V was applied to I-beams, I-beams transmitted shear 

to perforated steel plates, which in turn transmitted shear to concrete tenons and 

perforated steel bars. The shear and bending deformations increased the 

slippage S between the tenon and the surrounding concrete, producing shear VL, 

VR and moment ML, MR. The resistance of ML and MR was increased by the 

steel bar in the hole, leading to more shear and bending deformation, which in 

turn resulted in greater slippage between the steel bar and concrete. In Fig. 12, 

the load transfer extends outwards at a certain angle. As corrosion time increases, 

the shear link components VL, VR, ML, and MR, along with the yield strength 

of the steel bars, decrease, resulting in a reduction in the shear capacity of the 

composite structure. 

 

5.2. Load-slip curve calculation formula 

 

To sum up, the load-slip trend of each steel-concrete composite structure 

was roughly the same, including three stages: linear elastic, non-linear elastic 

development, and load decline stages. This paper analyzed the curves of the 

plastic and the descending sections. It was found that the load-slip curves could 

be described theoretically by a logarithmic function. Hence, the curves of the 

plastic and descending stages are fitted as Eq. (1): 

 

u

a ln( )
P

s b
P

= +                                                (1) 

 

Where, both a and b are parameters, uP  stands for the ultimate bearing 

capacity, and s  represents the relative slip. 

The origin software was used to fit the plastic and descending sections of 

Eq. (1) to obtain the plastic section a=0.250, b=0.915, and R2=0.96, descending 

section a=-0.071,b=1.057, and R2=0.92. Eq. (2) can be received by putting the 

fitting parameters a and b into Eq. (1). 

 

( )

( )u

0.250ln 0.915

0.071ln 1.057

i p

p

S S SSP

S SSP

 +
= 

− +
             (2) 

 

Where, Si denotes the initial sliding value, roughly 0.2 mm; Sp refers to the 

peak slip amount, and Su represents the ultimate slip value.

 

The test model of linear elasticity stiffness Ks in the rising stage is formula 

(3). 

s

P
K

S
=                                    (3) 

 

The load-slip is shown as Eq. (4). 

 

( )

( )u

0

0.250ln 0.915

0.071ln 1.057

S

u i

i p

p

K S

P S S
P

S S S S
P

S S S


  


= +  
− + 



            (4) 

 

5.3. Calculation formula of perfobond shear connector load-slip curve 

 

The hydrochloric acid corrosion time t of PBL shear link components is 

introduced into the formula (4) to obtain the calculation model, as shown in 

Formula (5). 

 

( )

( )
( )

( )

( )

( )

( )u

0

0.250ln 0.915

0.071ln 1.057

S

u i

i p

u

K t S

P t S S
P

S S S S t
P t

S S S t




 


= +  
− + 



         (5) 

Where, 

 

( ) ( )( )2 20.90 0.09 0.96 0.27 0.14 0.94t

S E d cK t n n E d R= −  + =  

( ) ( ) ( )2 2 2 20.719 0.26 0.98 1.4 1.2 0.94t

u s cd s sdP t d d f d f R= +   − + =  

2( ) 2.71 0.62 0.94                                                                0.94t

pS t R= −  =  

2 2

u ( ) 0.000587 0.08 8.39                                                   R 0.95S t t t= − + =  

 

Fig. 13 and Fig. 14 shows the fitting curves of Sp(t) and Su(t) with different 

corrosion times. 

The comparison of theoretical and test curves is shown in Fig. 15.  

  

Fig. 13 Fitting curve of peak slip Fig. 14 Fitting curve of limit slip 
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(a) 0 h

 

(b) 1 h

 

  
(c) 4 h

 

(d) 12 h

 

  
(f) 24 h (g) 48 h 

 

(h) 72 h 

Fig. 15 Load-slip curve comparison for varying corrosion times 

 

The consistency of the load-slip curve is evident, as the results from the 

formula calculation, testing, and finite element simulation match closely. Hence, 

formula (5) effectively represents the load-slip calculation model for PBL 

connectors subjected to hydrochloric acid corrosion. 

6.  Conclusions 

 

Combined with the experimental research, theoretical analysis and finite 

element method, the following conclusions are drawn from 14 test specimens 
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and 147 finite element models.  

(1) In push-out tests with varying corrosion times, the failure of shear link 

components is directly caused by the bending of steel bars and the cracking of 

concrete. After failure, the bending angle of the penetrated steel bar increases 

by 13.3°, while the cracking load and the load at the 45° inclined crack decrease 

by 74.9 kN and 81.3 kN, respectively. 

(2) The load-slip curve of the PBL shear connector from 0 h to 72 h shows 

a 34.48% increase in the relative slip at maximum load, while the ultimate slip, 

shear stiffness, and ductility coefficient decrease by 59.25%, 8.22%, and 

77.41%, respectively.   

(3) An FEM model from 0 h to 72 h was established to compare with the 

test results. The slip decreased by 17.13% as the concrete strength increased 

from C30 to C60, and by 9.49% when the diameter of the penetrated steel bar 

increased from 12 mm to 25 mm. The slip under end pressure was reduced by 

8.26% compared to non-end pressure, while an increase in the steel plate hole 

diameter from 35 mm to 65 mm led to an 11.77% reduction in slip. 

(4) The failure modes of the shear link components are analyzed to 

understand their failure mechanism, and the load-slip curve is derived from the 

test data. The load-slip formula for the PBL shear connector corroded by 

hydrochloric acid is then developed based on the observed trends. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The increasing prevalence of thin-wall fabricated rack has heightened demands on the load-bearing capabilities of structural 

components, particularly columns. Traditional cold-formed thin-wall single-limb columns are now often inadequate for 

safety standards, prompting the need for innovative column designs and reinforcement techniques. A prevalent 

reinforcement strategy involves transforming single-limb columns into double-limb configurations. This study employs 

experimental and theoretical analyses to evaluate the mechanical properties of both single-limb and double-limb columns, 

proposing reinforcement methods such as force transfer plates. The research includes: (1) designing load-bearing tests for 

both column types to determine load-displacement curves and ultimate capacities; (2) developing an enhanced finite element 

model to validate mechanical performance against experimental data; and (3) conducting a parametric study on factors 

influencing the mechanical behavior of double-limb columns, providing guidelines for their practical application. 

 

 
 

Received: 

Revised: 

Accepted: 

 

 

4 August 2024 

16 January 2025 

6 February 2025 

 K E Y W O R D S 

 
 

Steel storage rack; 

Cold-formed thin-walled; 

Coupled composite column; 

The simulation of the finite element 

model; 

Parametric analysis 

 

Copyright © 2025 by The Hong Kong Institute of Steel Construction. All rights reserved.   

1.  Introduction 

 

In the past, the storage industry was dominated by ordinary warehouses, 

with a single structure and a simple function. With the rapid development of 

other upstream industries, the storage industry has also developed from the 

original single to the diversified, from a simple enclosure stacking to a modern 

material access and invocation, and the utilization efficiency of space has 

greatly improved. Shelves now fall into three main categories: assembled, 

integral, and integrated. 

A cold-formed thin-wall opening multi-rolled edge ohmic column is the 

typical design of a steel shelf construction (Fig.1a), which maximizes material 

performance and improves local buckling bearing capacity. However, continual 

alterations to the steel structural system of storage shelves, such as multi-high-

rise shelves, double-deep shelves, and integrated stereoscopic storage shelves 

have created new demands on the classic single-leg ohmic column form.[1][2][3][4] 

Simply increasing the thickness of the column members can improve the 

structure's bearing performance, but it cannot fundamentally fix the problem, 

and it will cause the size of the column members and other elements to vary, 

resulting in intricate operations. And the columns that need to be improved 

frequently have only a percentage of the area or height, so merely raising the 

thickness of all columns will increase the cost burden. 

There are now engineering efforts in the industry to improve the shelf's 

column shape and innovatively change the single-leg ohmic column into a 

double-leg composite column form consisting of two long and short ohmic 

columns, resulting a novel column section (Fig.1b). The advantage of this 

arrangement is that it allows for full use of the column space perpendicular to 

the direction of the roadway while not taking up shelf storage space. At the same 

time, improve the shelf column's bearing capability. However, this portion has 

not been thoroughly tested or studied theoretically, and experts and academics 

at home and abroad are currently focusing mostly on the typical cold-formed 

thin-wall multi-wound ohm column, with minimal research on the two-limb 

superimposed column. [5][6][7]

 

  

(a) Cold-formed steel storage rack schematic diagram (b) A two-limb superimposed column used in practical engineering 

Fig. 1 Cold-formed thin-wall fabricated rack 

 

Yasar Pala [8] explored the structural performance of cold-formed thin-wall 

steel rack columns, focusing on enhancing their buckling resistance. The study 

involved testing and finite element analysis of columns with varying heights to 

determine critical buckling loads and section sizes. Michael Davies et al. [9] 

assessed column performance using both finite element analysis and ordinary 

beam theory (GBT), introducing the "equivalent thickness method" to simplify 

the modeling of column openings. This approach provides a more accurate 

representation of the column's behavior under load. Shanmugam et al. [10] 

developed formulas to assess the impact of different opening shapes (square, 

circular, and proprietary) on column capacity. Their finite element model 

considered web slenderness, opening geometry, and proposed that web 

slenderness and opening area ratio are key variables affecting column 

performance. Freitas et al. [11] conducted short column tests to establish the 

bearing capacity of open-hole columns, aligning with standards set by the 

American Shelf Manufacturing Association and the American Iron and Steel 

Institute. ANSYS software was used to analyze material and geometric 

nonlinearities, with results compared to empirical data. Moen et al. [12] presented 

a simplified method for estimating buckling loads in open-hole columns and 
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beams of cold-formed thin-wall steel shelves. The study investigated the 

mechanical properties of columns with variable web openings, considering local, 

distortional, and global buckling modes, as well as ultimate and failure strengths. 

Baldassino et al. [13] performed extensive tests (48 axial compression and 24 

bidirectional bending) on both perforated and solid sections. They proposed 

schemes to evaluate the effective second moment of area, addressing gaps in 

standard specifications and highlighting the influence of opening geometry on 

column performance. Talebian et al. [14] proposed a finite element model to 

determine the biaxial bending capacity of cold-formed steel shelf columns. The 

model accurately replicated published test data and was used for parametric 

analysis, providing insights into design optimization. Ren et al. [15] used 

computational methods to investigate the deformation-global buckling 

interactions in cold-formed steel porous columns under axial compression. The 

finite element analysis was validated against the direct strength method (DSM), 

offering a robust framework for design and analysis. 

A new sort of column construction is currently being used in real projects, 

but it has not been extensively analyzed and assessed using numerical 

simulation, and it is merely installed and welded empirically, with uncertain 

ramifications for structural safety. Furthermore, the household shelf structure 

was started late, research on the mechanical performance of the new steel shelf 

column is still in its early phases, and the theory and standards that can be 

utilized in practical engineering are still developing. The absence of 

standardized and appropriate design and processing will also result in a waste 

of economic and time resources for businesses. As a result, this paper will 

conduct experimental research on the mechanical properties of commonly used 

cold-formed thin-wall multi-rolled edge ohm columns and improved two-

legged superimposed columns in order to gain a better understanding of their 

properties and mechanical conditions, as well as provide guidance for 

engineering applications. 

 

2.  Experimental research 

 

2.1. Material properties 

 
This test employed Q345B steel that had been cold bent at the factory. The 

steel was bent repeatedly to form different corners and stiffeners. The cross-

sectional shape was complex, and the bearing capacity was large. The column 

material used for the material test must be from the same batch of steel as the 

bearing capacity test. It should be cut during the rolling process of the steel plate, 

with the direction perpendicular to the rolling direction. The specimen material 

is processed into a plate-shaped lead specimen in accordance with the provisions 

of standard GB/T 228.1-2021 [16]. Three identically sized standard plates were 

given to each group of specimens (Fig.2), and each specimen was subjected to 

uniaxial tensile testing at room temperature in compliance with EN 15512-2022 
[17] standard. Table.1 displays the test results.

 

 

 

(a) Size diagram of material performance test specimen (b) The final failure mode of the material performance test specimen 

Fig. 2 Schematic diagram of material performance test specimen 

Table 1  

Results of material performance test 

Specimen Specimen Number 
Yield Strength 

𝑓𝑦(𝑀𝑃𝑎) 

Average Value 

𝑓𝑦(𝑀𝑃𝑎) 

Plastic Stress 

𝜀𝑝𝑙 

Tension Strength 

𝑓𝑡(𝑀𝑃𝑎) 

Average 

Value 

𝑓𝑡(𝑀𝑃𝑎) 

Plastic Stress 

𝜀𝑝𝑙 

Column 

C-1 352 

363 0 

447 

453 0.016 C-2 365 453 

C-3 371 460 

 

 

Fig. 3 Specimen diagram 

 

2.2. Specimen design 

 

The column specimens（Fig.3）are divided into five types. The first type 

of SJ1 column is a single-limb ohmic column. The N90 segment, which is 

extensively utilized in the market today, is used. The specimen is 1500 mm long 

and has 150 × 150 × 30 mm end plates welded at the upper and lower ends to 
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accommodate the test device's height and space limits. 

The second type of SJ2 column is a double-limb laminated column, which 

was employed in the project. The single-limb ohmic column is converted into a 

double-limb laminated column by immediately splicing a long (1720mm) and a 

short (1500mm) ohmic column, resulting in a closed superposition of an open 

cross-section column. There is no force plate between the long and short 

transition zone. The upper end is welded with a 150 × 150 × 30mm end plate, 

while the lower end is welded with a 200 × 150 × 30mm end plate. 

The third specimen, SJ3, is an optimized version of SJ2. The preliminary 

test demonstrated that the ohm column on the upper half of the transition portion 

of the SJ2 column is susceptible to distortional buckling, resulting in a reduction 

in ultimate bearing capacity. To prevent distortional buckling of the upper 

portion, the SJ3 column is divided into two sections: upper and lower. The upper 

part consists of three 6 mm composite plates enclosed by a 200-mm-high short 

column. The centroid position is same to that of the single limb ohm column. 

The central transition part has a 200 × 150 x 20 mm thick force transmission 

plate. The lower part is a double-limb composite column joined by two 1500 

mm single-limb ohm columns. The splicing component is welded 

discontinuously, causing the top short column and outer limb column of the 

lower double-limb composite column to overlap. The upper end is welded with 

150 × 150 × 30 mm end plate, while the lower end is welded with 200 × 150 × 

30 mm plate.  

The fourth specimen SJ4 simplifies the specimen JS3 by removing the 

upper short column and replacing the middle force transmission plate with a 

30mm thick force transmission end plate. The upper and lower ends are welded 

with plates measuring 200 × 150 × 30mm. 

The fifth specimen, SJ5, has a batten plate attached to both sides of 

specimen SJ4. The batten plate measures 96 × 90 × 5 mm. Two layers are 

welded together, with one layer consisting of the batten plate's two sides that 

have the same height. The center of the first batten plate layer is 150 mm from 

the bottom of the top end plate, and the second layer's center is 400 mm from 

the same place. Welding secures the batten plate to the column. 

 

2.3. Test setup and process 

 

The mechanical performance of the cold-formed thin-walled constructed 

shelf column was assessed at the structural laboratory at Nanjing University of 

Aeronautics and Astronautics. The test platform is a 200t bidirectional loading 

test bench capable of withstanding loads ranging from 0 to 200 t. By reviewing 

the research methodologies of researchers at home and abroad, [18][19][20] it is 

discovered that the use of hinged ends can eliminate the majority of the end 

limitations, allowing the test to more closely imitate the true stress of the column 

in the real project. 

Given the stress situation of cold-formed thin-walled assembly shelf 

columns in engineering practice, the specimen SJ1 column's bearing capacity 

test uses the column's axial compression test technique. The remaining parts are 

double-limb stacked columns. In engineering practice, the compression test 

scheme is used with the upper loading point as the center of the outer limb 

column and the lower connection point as the center of the double limb 

superimposed column. The column compression test loading device is basically 

made up of a two-way hydraulic jack, a pressure sensor, end spherical hinge 

support, a support platform, and other components. The bottom support of the 

column loading device is made up of the end spherical hinge support, steel ball, 

and support platform, which are bolted together. Fig.4(a) displays the schematic 

diagram of the loading device and the support. 

The bearing capacity test primarily uses the load and displacement of the 

two primary mechanical parameters to determine the column's mechanical 

qualities. The vertical displacement primarily measures the displacement of the 

upper and lower end plates, but it also determines the column's vertical 

compression displacement and the end plate's rotation angle. The horizontal 

displacement primarily measures the deformation of the column section.

 

  

(a) Loading device of load test (b) Flow diagram of test loading 

Fig. 4 Loading device and flow diagram 

 

During the test, the jack must be installed and the upper and lower 

platforms' positions adjusted. The column specimen is then put in position, the 

displacement meter is set up, and the wire is connected, followed by the loading 

test and data collection. The specific test process is shown in the Fig.4(b). The 

DH3816 static strain test system automatically collects and summarizes data 

from the load sensor and displacement meter in all directions. 

 

2.4. Analysis of test failure results 

 

The test involved loading five different types of columns and six specimens. 

(Because the first test column may contain test mistakes such as misalignment 

and measurement problems, two SJ1 specimens with the same cross-section size 

were created, designated SJ1-1 and SJ1-2). Because the test conditions for each 

column varies, this section discusses the test phenomena for each specimen 

separately. The test data is collated and calculated to generate several load 

curves, and the variations in each curve are examined. 

 

2.4.1. Single limb Ohm column SJ1 

Fig. 5 shows the failure modes and load-displacement curves for specimens 

SJ1-1 and SJ1-2. The vertical compression displacement of the upper and lower 

end plates is measured at four corner points to provide more precise data; the 

average value is selected as the final value. When the load is first applied to the 

column, it is proportional to the axial displacement, which rises with the load. 

Nevertheless, the displacement rises and the load growth rate falls when the load 

approaches the ultimate load range, or when the load approaches 70% of the 

ultimate bearing capacity. The two are disproportionately huge. The column 

begins to plasticize, and the plastic hinge appears on the failure portion. Local 

bending occurs at the claw hole in the center of the SJ1-1 web, causing the 

specimen to shift to one side. The distortional buckling starts at the central 

flange of SJ1-2 and moves slightly to the exterior. When the load exceeds the 

ultimate bearing capacity range, the load and axial displacement rapidly 

decrease until they approach the critical value or failure condition. The central 

section of the specimen SJ1-1 was noticeably twisted, and there was noticeable 

local buckling at the web claw hole. The test was finished after the central part 

of specimen SJ1-2 demonstrated evident distortional buckling. 

The two single-limb ohm columns SJ1-1 and SJ1-2 rotate in both the X and 

Y axes, but the Y axis rotation is modest, while the X axis rotation is very 

noticeable. The load-rotation curve is given in Fig.6. During the initial loading 

stage, the upper and lower end plates rotate minimally, with no visible 

difference. The specimen's angle remains rather consistent across the range of 

final bearing capacity, with no discernible rotation at the upper and lower ends. 

The angle around the X axis gradually increases after exiting the range of 
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ultimate bearing capacity, and it is evident that the upper and lower end plates 

rotate. The rotation angle varies between 1.0° and 3.0°, and the total angle 

around the X axis, which is the sum of the angles of the upper and lower end 

plates, is 5.0°. 

The column's load-lateral displacement curve describes the change in cross 

section at maximum deformation. The two single-leg ohm columns distort most 

significantly around the middle. When setting the lateral tie rod type 

displacement time, a positive value on the displacement meter indicates that the 

tie rod is pushed back, implying that the plate of the column section is bulging 

or bending outward; a negative value indicates that the tie rod is extended. The 

plate of the column section is concave, meaning it curves inward. Depending on 

the location of the measurement point, the displacement meter at each position 

shows the deformation of various regions. The single limb ohm column's flange 

deformation is measured by displacement meters Nos. 9 and 14. While Nos. 11 

and 12 displacement gauges show section web deformation in the center of the 

column, Nos. 10 and 13 show flange distortion at the web surface in the middle 

of the column（Fig.7）.

 

  

(a) SJ1-1 (b) SJ1-2 

Fig. 5 Load-axial compression displacement curve of specimen SJ1 

 

  

(a) SJ1-1 (b) SJ1-2 

Fig. 6 Load-angle curve of axial compression specimen 

 

The distortion and buckling of the center half of the two single-limb ohm 

columns happened first, followed by the appearance of the specimens' plastic 

hinges and, to some extent, overall instability. The load's lateral displacement. 

The angle curves of the two single-limb ohm columns are generally compatible 

with the test findings, indicating the columns' overall instability. When the load 

exceeds the column's maximum bearing capacity, the deformation speed of the 

central component accelerates, emphasizing the column's overall instability.

 

  

(a) SJ1-1 (b) SJ1-2 

Fig. 7 Load-lateral displacement angle curve of axial compression specimen 

 

2.4.2. Double limb ohm column SJ2-SJ5 

Fig.8 shows the load-vertical displacement curve for SJ2-SJ5. The double-

limb composite column has significantly more bearing capacity than the single-

limb column. At the start of loading, the load is proportional to the axial 

displacement, which increases as the load increases. But when the load 

approaches 80% of the ultimate bearing capacity or enters the zone of ultimate 

load, the displacement rises while the load growth rate falls, and the two are not 

equal. The plastic hinge appears on the failure area as the column starts to 

plasticize. The load and axial displacement rapidly decrease and swiftly reach 

the critical value or failure situation when the load is outside the range of 

ultimate bearing capacity. This marks the end of the test.
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(a) SJ2 (b) SJ3 

  

(c) SJ4 (d) SJ5 

Fig. 8 Load-axial compression displacement curve of double-limb composite column 

 

The mechanical performance of the outer limb ohm column has the greatest 

influence on the bearing capacity of the SJ2 column used in this project. Its 

bearing capacity is not considerably higher than that of a standard single-limb 

cold-formed thin-walled column, and it is reduced due to the eccentricity. With 

an intermediate transition plate, the SJ3 column's bearing capacity has 

significantly enhanced. When the column height, position, and direction of the 

loading point on the upper end plate are all the same, the SJ3 section's bearing 

capacity is 31.4% greater than that of the SJ2 section. 

During the bearing capacity test, all of the double-limb composite columns 

were rotated to varying degrees around the X/Y axis, with the X axis being the 

most visible. As a result, the system's data will be calculated and processed to 

generate the load-rotation curve of the four double-limb composite columns 

around the X axis (Fig.9). Column SJ2's total rotation angle around the X-axis 

is opposite that of the other three columns. The SJ2 column end plate rotates 

around the X-axis at a negative angle, whereas the SJ3, SJ4, and SJ5 end plates 

rotate positively. The bottom end plate of the column rotates at a small angle (± 

0.5 °), whereas the higher end plate rotates the most. When the specimen reaches 

the ultimate load and is destroyed, the one with the SJ4 section has the greatest 

angle of rotation. The SJ4 and SJ5 sections' rotation angle changes very little in 

the first stage, suggesting that the displacement meter's sensitivity is low at the 

beginning of the loading stage and that the section's rotation angle does not 

change significantly. The lower end plate rotates along the X-axis in the 

opposite direction before turning in the positive direction when the load hits 

20kN, causing a significant shift in rotation angle.

 

  

(a) SJ2 (b) SJ3 

  

(c) SJ4 (d) SJ5 

Fig. 9 Load-rotation curve of double-limb composite column under compression 
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The load-lateral displacement curve for the four column specimens is 

shown in Fig. 10. The variation law of the curve in the figure is broadly 

consistent with the test procedure: the column SJ2 does not change appreciably 

before the load is applied to the final bearing capacity. The displacement at the 

deformation increases quickly after reaching the maximum bearing capacity, 

which is broadly consistent with the test's findings. The displacement values 

obtained by symmetrical measuring locations in the other three columns' load-

lateral displacement curves are essentially the same, implying that the shapes 

and changes of No.9 and No.14, No.10 and No.13, and No.11 and No.12 curves 

are all consistent. The local buckling failure deformation of the column is also 

symmetric around the symmetry axis. Consistent with the field test results, the 

displacement range of the No. 11 and No. 12 curves is significantly larger than 

that of the other four displacement meters, indicating that the outer column web 

is more severely deformed than the flange.

 

  

(a) SJ2 (b)SJ3 

  

(c) SJ4 (d) SJ5 

Fig. 10 Load-lateral displacement curve of double-limb composite column under compression 

 

 

 

 

 

 

 

(a) SJ1 (b) SJ2 (c) SJ3 (d) SJ4 (e) SJ5 

Fig. 11 Finite element model of column specimen 
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3.  Finite element analysis 

 

This chapter uses the finite element program ABAQUS to examine the me-

chanical properties of a cold-formed thin-walled assembled shelf column. The 

software compares numerical simulation results to the experimental results and 

investigates stress distribution and column deformation during the stress pro-

cess are examined [25]-[30]. The model's perspective is used to explain the funda-

mental notion of column force change, as well as the essential aspects that may 

affect the mechanical performance of the cold-formed thin-walled constructed 

shelf column. 

 

3.1. Finite element model 

 

This research focuses on cold-formed thin-walled steel members. In this 

paper, the columns, end plates, and batten plates are modeled and analyzed 

using the general shell element S4R (4-node quadrilateral finite film strain linear 

reduction integral shell element), which has the best performance and is 

extensively used in the ABAQUS software element library. 

Because the cross-section curling of the commonly used cold-formed thin-

walled steel shelf column is difficult, the drawing function in AutoCAD must 

be utilized to create the cross-section of the ohm column. The software's 

stretching function transforms the cross-section into a three-dimensional entity, 

after which the column is opened with a Boolean operation. When the column 

member is completed, the component module is imported using the ABAQUS 

software's import system, and the whole column component is received. The 

remaining components, such as the batten plate and end plate, are imported in 

the same way. Fig.11 shows the finite element model for the five column 

specimens under test. 

The nominal stress and strain of elastoplastic materials are determined di-

rectly from the material performance test. However, the material's actual stress 

and plastic strain must be mentioned in the ABAQUS material definition. As a 

result, the nominal stress and strain received from the material property test 

must be converted into real stress and plastic strain (Table.1). In ABAQUS, 

section characteristics with containing material attributes are first established 

and then assigned to each area of the overall model to describe component ma-

terial properties. 

The component's initial geometric defects are introduced utilizing the 

consistent defect mode [21][22] technique in conjunction with the buckling form 

of the test findings, as investigated in this study. Scholars, both domestic and 

international, use the technique's relatively simple and workable approach. In 

the simulation study of this article, the amplitude value of various starting 

defects may be used to derive the load displacement curve and ultimate load of 

the specimen when combined with GB50017-2017 [23] and EN1993-1-5 [24]. A 

minor amount of residual stress will be created during the specimen processing, 

however the effect of taking residual stress into account is more complicated, 

hence the effect is not taken into account in the finite element model used in this 

work. 

Each node in the ABAQUS program has six matching degrees of freedom 

that can be controlled. The real state of the node can be duplicated by defining 

or limiting the degrees of freedom associated with it. The hinge point in this 

simulation initially situated on the end plate, and its six degrees of freedom are 

controlled and restricted. The higher end of the column can be used to simulate 

a test jack by limiting UX and UY's degrees of freedom at the upper end plate's 

loading location. The specimen's flat east in the Z direction and the column's 

rotation in the X, Y, and Z directions. The four degrees of freedom of UX, UY, 

UZ, and ROTZ are thus limited at the lower end plate's hinge point, allowing 

the lower end plate to rotate solely in the X and Y planes. 

When changing the grid control properties, the unit shape is changed to 

quadrilateral to reduce grid distortion and improve simulation computation 

convergence. The neutral axis algorithm is then utilized to choose the minimum 

grid transition to divide the grid freely. The grid is divided according to the 

norm that the approximate global size of the column member is 8 mm, and the 

approximate global size of the end plate and batten plate member is 5 mm, when 

the grid size is established in accordance with the empirical law of the research 

group's previous simulation. Fig.12 shows the divided mesh model.

 

   

(a)The column (b)The end plate (c)The batten plate 

Fig. 12 Meshing Shape of Column Components 

 

3.2. Finite element simulation analysis 

 

The finite element simulation in this study employs nonlinear buckling 

analysis, allowing the deformation of the section entering the post-buckling 

stage to be calculated. In the finite element simulation, 60% of the ultimate load 

is used as the critical value, and the calculation is terminated when the load 

surpasses the ultimate load and reaches the critical value. The simulation result 

represents the final deformation. The load-displacement curve generated from 

the simulation calculation is compared to the experimental result (Fig. 13). The 

overall trend is relatively constant, and the slope of the initial stage is nearly 

identical.
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The compressive specimens of the single-limb Ohmic column have various 

degrees of rotation in the X and Y axes, whereas the compressive specimens of 

the double-limb composite column primarily rotate in the X axis. The curves of 

various columns are summarized using the rotation angle around the X axis, and 

the finite element and experimental data are compared and examined (Fig.14). 

The experimental and finite element values of the load-rotation curves of all 

column specimens are nearly identical; the initial slope of the test curve is 

greater than the initial slope of the simulated value curve, indicating that the 

rotation speed of the test value is slow at the start of the rotation angle. The test 

findings demonstrate that the rotation process is caused by the spherical hinge's 

non-ideal state. The rotation is limited by a certain amount of resistance.

 

  

(a) SJ1-1 (b) SJ1-2 

  

(c) SJ2 (d) SJ3 
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(c) SJ2 (d) SJ3 

  

(e) SJ4 (f) SJ5 

Fig. 13 Finite element results of load-axial compression displacement curve 
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(e) SJ4 (f) SJ5 

Fig. 14 Finite element results of load-rotation curve 

 

3.3. Ultimate capacity analysis 

 

In addition to comparing and assessing experimental and finite element 

values, a finite element model without starting flaws is created for computation, 

with the understanding that adding initial faults results in a lower finite element 

simulation value. The ultimate bearing capacity value P0 is compared to the 

experimental value PT and the finite element value PFE. The results are shown 

in Table.2.

 

Table 2  

The column test results are compared with the finite element analysis results 

Classification 
Specimens Num-

ber 

Mode of Failure 

（D: Distortional buckling； 

L: Local buckling) 

Ultimate Bearing Capacity Error/% 

(𝑃𝑇 − 𝑃𝐹𝐸)/𝑃𝑇 

Test Finite Element 𝑃𝑇/𝑘𝑁 𝑃𝐹𝐸/𝑘𝑁 𝑃0/𝑘𝑁 

Single Limb Column SJ1-1 D D 132.54 129.77 131.36 2.08 

SJ1-2 D D 121.19 111.86 115.31 7.70 

 

Double-leg column 

SJ2 D D 146.42 137.84 141.56 5.86 

SJ3 L L 192.69 176.02 183.64 8.64 

SJ4 L L 191.49 177.11 188.28 7.51 

SJ5 L L 202.24 186.90 195.70 7.59 

Average Error 6.56 

 

The table demonstrates that the final failure modes of each column 

specimen in the test and the finite element simulation results are virtually 

identical. In this test, the variation between column test and simulation results 

ranges from 2% to 9%. The test value for each column's ultimate bearing 

capacity exceeds the simulation value. The lowest error is 2.08% in the single-

limb ohmic column SJ1-1, the worst is 8.64% in SJ3, and the average is 6.56%. 

The error is within the acceptable range. 

By developing a better finite element model of the shell element, column 

tests can be replicated more precisely. A set of load displacement curves can be 

created by converting and computing the data from the finite element simulation 

results. 

 
4.  Research on the influence of parameters 

 

When the finite element simulation results are compared to the real test 

results, they are almost identical, demonstrating that the column may be 

successfully simulated if the column section is carefully drawn and the finite 

element parameters are properly specified. In this chapter, the SJ4 cross-section 

column (cold-formed thin-walled constructed double-limb composite column) 

is used as the main model, and more parametric research is carried out on its 

foundation. 

The slenderness ratio of the column(λ), the number of batten plates(n), the 

thickness of the column(𝑡𝑐), the length(l)and spacing of the discontinuous 

welds(d) , and the thickness of the dowel plate(𝑡𝑑)will all have an impact on 

the ultimate bearing capacity and failure mode of the cold-formed thin-walled 

assembled double-limb composite column. The preceding test and finite 

element analysis results indicate that the column's slenderness ratio will 

influence the component's final failure mode. 

When λ ≤ 85 , the final failure mode is local buckling failure. The failure 

section consists mostly of the column's middle and upper parts, with the upper 

end plate rotating along the X axis. When 85 ≤ λ ≤ 95 , the specimen's final 

failure mode is between local and overall buckling failure. The column's failure 

is influenced by both buckling modes. When  λ ≥ 95, the specimen's final 

failure mode becomes general instability failure, with increased lateral bending 

increases. The column's failure point is predominantly located in the middle, 

with no significant change near the ends. 

The increase in batten plate has a more evident positive influence on local 

buckling instability. Welding the batten plate to the column's local buckling 

failure can increase the final bearing capacity by around 5% while also boosting 

the region's cross-sectional strength. Furthermore, expanding the batten plate 

can have a more noticeable impact on the column's local stability, but the effect 

on the column's overall stability is unknown. 

The following three influencing factors will have a substantial impact on 

the cold-formed thin-walled assembled double-limb composite column's 

ultimate bearing capacity and failure mechanism. As a result, in order to 

accurately analyze the specific change process of each influencing factor on the 

column, as well as provide the influence law and related suggestions for each 

key factor, a detailed parametric analysis of the double-limb composite column 

is required to lay the groundwork for the column's research and design in the 

project. 

 
4.1. Thickness of column(𝒕𝒄) 

 

The average thickness of a steel shelf structure in industry is between 2.0 

mm and 3.5 mm. When the thickness is less than 2.0 mm, the column's bearing 

capacity rapidly drops, resulting in reduced safety performance. If the thickness 

is too large for cold-formed thin-walled steel members, the difficulty of cold-

formed rolling of thick plates in the factory will skyrocket, and when the 

material thickness exceeds 3.5mm, the section will be more likely to produce 

fine cracks after cold bending, which is detrimental to structural safety and 

negates the economic benefits of cold-formed thin-walled members. 

Based on the specimen SJ4, this portion selects component heights H =

1.5m to ensure that the remaining test conditions are identical to the previous 

ones. The specimen's boundary conditions are changed so that it can hinge at 

either end. The spacing between the intermittent welds is 300mm, and their 

length is 50mm.Change the thickness of the component's column and generate 

a collection of finite element parametric models for analysis. 

The simulation results in Fig.15 clearly show that the ultimate bearing 
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capacity of the double-limb composite column gradually increases as the 

column's wall thickness increases, which is essentially linear; however, the 

column's final failure mechanism is independent of wall thickness. 

 

  

(a) Load-axial displacement curves of specimens with different column thick-

nesses 

(b) Comparison curves of ultimate bearing capacity of specimens with different wall 

thicknesses 

Fig. 15 Analysis of the influence of column thickness 

 

Table 3  

Intermittent weld parametric model specification table 

l(mm) d(mm) No. 

10 

750 HF10-1 

500 HF10-2 

300 HF10-3 

30 

750 HF30-1 

500 HF30-2 

300 HF30-3 

50 

750 HF50-1 

500 HF50-2 

300 HF50-3 

 

  

(a) L=10mm (b) L=30mm 

  

(c) L=50mm (d) Ultimate bearing capacity of weld parameters at different heights 

Fig. 16 Analysis of the influence of weld length and spacing 
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4.2. Column weld length(𝑙) and spacing(𝑑) 

 

The load test and finite element simulation analysis of the cold-formed thin-

walled assembly shelf column under consideration in this study show that there 

are no fixed standards or specifications, and the length and intermittent weld 

spacing are empirical values. The estimated values from the project are used in 

the preceding test and finite element analysis. In terms of cross-section, the 

intermittent welding between the inner and outer limb columns provides the 

primary support for the double-limb composite column based on SJ4. Thus, in 

this section, we will look at the bearing capacity of the cold-formed thin-walled 

assembly shelf column, as well as the effects of modifying the weld spacing and 

intermittent weld length. 

The components are divided into three groups based on their weld length: 

10 mm, 30 mm, and 50 mm, in that order. The weld spacing changes from large 

to tiny under the left and right symmetrical intermittent welding arrangements, 

depending on the type of weld length. The column is 2mm thick, and the other 

properties are identical to those of the SJ4 section. Table.3 shows the individual 

model parameter changes. 

As seen in Fig.16, it is:  

(1) When the weld spacing is the same, the constructed double-limb 

composite column's bearing capacity is not improved by the length of a single 

weld, and the weld's length has no effect on the column's final bearing capacity. 

The column's bearing capacity is mostly determined by its own bearing capacity. 

(2) When the same weld length is utilized, the load bearing capacity rises 

as the weld spacing reduces. That is, the ultimate bearing capacity of the column 

increases with a denser surface weld arrangement, but the range of enhancement 

is limited. 

(3) Whether or not there are continuous welds has a considerable impact on 

bearing capacity. At a 1.5-meter column height and a 750-millimeter weld 

spacing, the ultimate bearing capacity of weld lengths of 10 mm, 30 mm, and 

50 mm is 9.2%, 9.1%, and 9.0% higher than that of the non-welded column, 

respectively. 

(4) The weld configuration varies with the height of the column. The final 

bearing capacity of the column is greatest and most cost-effective when the 

spacing between the long column's discontinuous welds is 300 mm and the weld 

length is 30 mm. The short column's discontinuous weld spacing is best 

configured at 500 mm, and the longer the weld length, the greater the ultimate 

bearing capacity. 

 

4.3. Thickness of the dowel plate(𝑡𝑑) 

 

In the previous test, specimen SJ3 had a 31.4% higher ultimate bearing 

capacity than SJ2, demonstrating that adding the dowel plate can significantly 

increase the bearing capacity of the double limb composite column. To fully 

study the influence of dowel plate thickness on the bearing capacity of the SJ3 

section, the column force is measured as the thickness of the dowel plate is 

varied. The thicknesses of the dowel plates are 2mm, 5mm, 10mm, 15mm, 

20mm, 25mm, 30mm, and 40mm, respectively. Aside from the dowel plate, the 

remaining attributes are equivalent to SJ3. The upper short column is 8mm thick, 

while the lower double-limb composite column is 2mm.

 

  

(a)Load-axial displacement curves of specimens with different thickness of force 

transfer plate 

(b)Comparison curves of ultimate bearing capacity of specimens with different 

thickness of dowel plate 

Fig. 17 Analysis of the influence of the thickness of the force plate 

 

As seen in Fig.17, it is： 

(1) At the commencement of loading, the load-axial displacement curve for 

a double-limb composite column with different force plate thicknesses is 

virtually equal to the finite element model. The ultimate bearing capacity 

increases with the thickness of the dowel plate, suggesting that increasing the 

thickness of the dowel plate helps the top structure to distribute the weight more 

uniformly to the double-limb composite column, allowing the column to 

withstand greater load. 

(2) The thickness of the dowel plate impacts the column's final bearing 

capacity in several ways. At 0 ~ 20mm, the curve slopes to a straight line, 

indicating a large improvement in ultimate bearing capacity. At the 20-40mm 

stage, the slope is gentle, and the column's ultimate bearing capacity increases 

slowly. For optimal results, choose a dowel plate thickness of 15-25 mm. 

Because 20 mm is the normal size, it is the most economical to use 20 mm 

thickness. 

 

5.  Conclusions 

 

In summary, the following conclusions can be drawn: 

(1) The cold-formed thin-wall double-limb composite column is suited for 

shelf projects due to its compact design, ease of manufacturing, high 

bearing capacity, and strong anti-side ability. The two-limb composite 

column's force performance is higher after application and testing in the 

actual project, saving cargo storage space in the strong axis while boosting 

lateral stiffness in the weak axis. 

(2) The directly spliced two-limb composite column SJ2 (no force transfer 

plate) has distortion buckling failure in the test, and the ultimate bearing 

capacity is improved to some extent compared to the single-limb ohm 

column, but the co-working performance of the inner and outer limbs of 

the two-limb composite column is not fully realized. The failure of the 

two-legged composite columns SJ3 with force transfer plate and 

composite column, SJ4 with force transfer plate, and SJ5 with force 

transfer plate and composite plate was caused mostly by local buckling. 

In comparison to the SJ1 and SJ2 sections, the ultimate bearing capacity 

is significantly increased. The final bearing capacity of the two-limb 

composite column can be raised to a certain extent by placing plates on 

both sides. 

(3) The bearing capacity of the two-limb composite column increases with the 

thickness of the column plate, and the relationship is nearly linear; 

nevertheless, increasing the thickness does not change the column's final 

failure mode. Columns with 𝜆 ≤ 85 typically fail due to local buckling, 

primarily in the middle and upper sections of the column. A column with 

𝜆 ≥ 95will fail due to overall instability, with the failure spot located in 

the middle. The column section with a thickness of 3.5mm is the most 

efficient and cost-effective. 

(4) The spacing and weld size of the discontinuous welds have no effect on 

the column's ultimate failure mode, but they do have an impact on its final 

bearing capacity. The welding influence of upper and lower end plates 

affects columns with 𝜆 ≤ 85, hence increasing weld spacing and size has 

no effect on the column's final bearing capacity. The column's ultimate 

bearing capacity increases significantly with 𝜆 ≥ 95. The recommended 

spacing for intermittent welds in the project is 300mm-500mm, with a 

weld length of 30mm being the most cost-effective choice. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The Pu–pai Fang-dovetail tenon joint, an enhanced form of the traditional dovetail joint, is commonly used at beam-column 

connections in traditional beam-lifting timber structures. However, long-term environmental exposure and seismic loading 

often lead to wood shrinkage and joint loosening, reducing structural integrity. This study proposes a reinforcement method 

for Pu-pai Fang–dovetail tenon joints with varying degrees of looseness using steel sleeve clamp hoops. Quasi-static tests 

were conducted on one intact specimen and three specimens with different looseness levels to examine their failure modes 

and seismic behavior. Results indicate that tenon pull-out in the reinforced joints causes tearing of wood fibers at the mortise 

and Pu‑pai Fang, yet the flexural capacity continues to increase without exhibiting a descending branch. The energy 

dissipation capacity and stiffness degrade rapidly at first and then stabilize. Compared with unreinforced joints, the 

reinforced specimens exhibited a lower tenon extraction rate and higher ultimate flexural capacity. A finite element model 

was subsequently developed, showing good agreement with the experimental results. Parametric analysis revealed that 

selecting an appropriate friction coefficient (0.3–0.5) and clamp-hoop thickness (5–7mm) can effectively improve the 

seismic performance of Pu-pai Fang–dovetail tenon joints. 
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1.  Introduction 

 

The dovetail tenon joint is a commonly used key joint form for the 

connection between beams and columns in traditional beam-lifting timber 

structures [1]. Under the action of earthquakes, the tenon and mortise effectively 

prevent the tenon from being pulled out and falling off by mutual friction, 

sliding and compression deformation. This structural form belongs to a typical 

"semi-rigid" connection and has a good energy dissipation and shock absorption 

effect [2,3,4,5]. However, the cutting behavior at the end of the column to 

achieve the connection between the column and the beam frame layer 

significantly weakens the load-bearing capacity of the column and also provides 

the initial conditions for the invasion of microorganisms into the wood. Due to 

the long-term exposure of ancient timber structures to the natural environment 

and the characteristic of wood materials that they tend to shrink easily, cracks 

generally occur in the beam and column components under the long-term load 

and the influence of wind and rain, as shown in Fig. 1(a), and the connection 

points of the joints become loose, as shown in Fig. 1(b). These deterioration 

phenomena cause the seismic performance of timber structures to deteriorate, 

making them prone to premature damage during earthquakes. The failure of key 

joints may lead to the overturning and collapse of the entire structure.  

In recent years, some scholars have carried out a large number of 

experimental studies on the mechanical properties and seismic resistance of 

traditional mortise and tenon joints caused by loose damage [6]. The bending 

moment, stiffness and energy dissipation capacity of the loose joints were all 

lower than those of the intact joints. Moreover, the greater the degree of 

looseness of the loose joints, the lower the bearing capacity, and the more 

obvious the degradation of stiffness and strength. However, they still had good 

deformation capacity. Zhang et al. [7] found through numerical analysis that the 

extrusion deformation of the joints was mainly concentrated at the tenon of the 

dovetail tenon, the equivalent plastic strain of the tenon increased linearly, the 

failure at the end of the tenon was the least, and the failure at the neck of the 

tenon was the greatest. Yu et al. [8] established the geometric deformation 

characteristics and geometric model of the dovetail tenon and found that the 

bending moment of the dovetail tenon connection is directly proportional to the 

height and length of the tenon. Considering the gap effect caused by loosening 

is of great significance for performance degradation and the establishment of 

bending moment models [9]. Bai et al. [10,11] explained how loosening damage 

affects the failure mode and mechanical properties of dovetail joints. He et al. 

[12] proposed a theoretical bending moment model for loose joints and verified 

it through the deformation characteristics and lateral resistance of the timber 

frame. At present, the research on loose joints mainly focuses on traditional 

mortise and tenon joints. The ingenious design of ancient architectural timber 

structures is to design Pu-pai Fang on the upper part of beam components to 

enhance the bending resistance of the structure. Such joints are called Pu-pai 

Fang - dovetail tenon joints [13]. At present, some scholars have conducted 

relatively few studies on the mechanical properties of Pu-pai Fang components 

[14,15]. The Pu-pai Fang can significantly enhance the rotational stiffness and 

bending moment of joints. The force mechanism of this type of joint is 

significantly different from that of other traditional joints, but it also faces 

problems such as the deterioration of structural performance state under 

environmental influence, as shown in Fig. 1(c). Therefore, conducting research 

on the Pu-pai Fang-Dovetail tenon joint with different degrees of looseness is 

of great significance for quantitatively assessing the damage state of the timber 

structures of ancient buildings.  

The timber structures of ancient buildings have problems such as 

deformation, cracking, decay, tenon pull-out and damage by wood-boring 

insects during long-term use, which seriously affect the structural safety and 

protection and inheritance [16]. Meanwhile, the damage to timber structures 

often occurs at the joints, which in turn significantly affects the stability of the 

overall structure. Therefore, there is an urgent need to formulate effective 

protective measures for timber structures, especially for joints. The common 

reinforcement methods for joints in ancient buildings mainly include steel 

components [17,18,19], fiber cloth, dampers [20,21,22], et al. By comparing the 

above-mentioned reinforcement methods, it is found that the steel components 

assembled with flat steel, iron hooks and clips are complex and prone to cause 

significant damage to wood. However, CFRP reinforcement usually requires 

wrapping the entire mortise and tenon joint. Dampers are relatively expensive. 

These reinforcement methods are prone to causing damage to the cultural relics 

themselves and subsequent pollution, which is contrary to the principles of 

protection and restoration of cultural relic buildings, and the improvement in 

their mechanical properties is limited. He et al. [23] used wooden wedges to 

reinforce the straight tenons, which did not cause damage to the main body of 

the cultural relic building. The rotational stiffness and load-bearing capacity 

were significantly improved, but new deterioration risks may occur in the 

natural environment. Therefore, it is urgent to provide a reinforcement method 

that is convenient to implement, inexpensive, and does not cause deterioration 

to the main body of cultural relic buildings. 

This paper presents a steel sleeve clamp hoop reinforcement device and 

conducts Quasi-static test tests on one intact specimen and three specimens with 

different loosening conditions. The working mechanism and seismic 

performance of reinforcing the Pu-pai Fang - dovetail tenon joint under different 

loosening degrees are systematically studied. In addition, a finite element model 

was established to conduct parametric analysis on the friction coefficient, bolt 

preload, and thickness of the Pu-pai Fang clamp hoop, and the influence of these 

factors on the seismic performance of the joints was discussed. 
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Fig. 1 Typical damage conditions of mortise‑and‑tenon joints in ancient timber structures  

 

2.  Joint characteristics and force mechanism 

 

2.1. Joint characteristics 

 

According to the records in the Song Dynasty's "Yingzao Fashi" [24], in 

the official-style buildings, the beam and column components were often 

connected by dovetail tenon joints. The column ends were successively stacked 

with Lu-Tou and Tou-Kung and other components upwards through Man-Tou 

tenon joint, forming an important anti-lateral system [25]. The structural 

features are shown in Fig. 2. The tenon has a structure that is wider on the 

outside and narrower on the inside, with the mortise being larger on the inside 

and smaller on the outside. The tenon is precisely embedded into the mortise of 

the column, forming an interlocking connection. The traditional dovetail tenon 

joint, as shown in Fig. 3(a), there is a Pu-pai Fang component designed above 

the dovetail tenon, as shown in Fig. 3(b). The upper part of the Pu-pai Fang 

components can be classified into dovetail tenon joints and Pu-pai Fang-

dovetail tenon joints according to whether they are equipped with Pu-pai Fang-

dovetail tenon joints.. The Pu-pai Fang-dovetail tenon joint suppresses 

rotational deformation through the enhanced stiffness provided by the common 

parapet beam, and the geometric constraints formed effectively prevent the 

tenon from being pulled out. The Pu-pai Fang-dovetail tenon joint is widely 

used in traditional timber structure buildings. 

 

2.2. Force mechanism 

 

For the standardized description, forward loading is defined as the clockwise 

rotation of the beam, reducing the Angle between the beam and the column to 

below 90 °, while reverse loading occurs during counterclockwise rotation, 

causing the Angle to exceed 90 °, as shown in Fig. 4. Under forward loading, 

as shown in Fig. 4 (a), the beam is constrained and rubbed by the mortise during 

rotation, and the tenon is locally embedded and pressed, forming horizontal 

pressure and reverse resistance. The wood in the compressed area is crushed. 

The Pu-pai Fang rotates in the same direction as the beam. Due to the limiting 

effect of the mortise of the Man-Tou tenon joint, the Pu-pai Fang first generates 

reverse resistance and effectively restricts the rotation behavior of the beam. 

This behavior is not tying but eventually leads to the separation of the beam and 

the Pu-pai Fang. Under reverse loading, as shown in Fig. 4(b), during the 

rotation of the Pu-pai Fang, it first comes into contact with the column end and 

forms resistance and horizontal shear force. Meanwhile, the tenon forms an 

outward horizontal shear force on the mortise during the rotation process. This 

behavior also prevents the beam and the Pu-pai Fang from rotating 

synchronously, eventually resulting in the separation at the connection point. 

However, the further increase in the rotation of the joints causes the wood to 

enter the plastic deformation stage. During the mutual compression process 

between the tenon and the mortise, the tenon is gradually pulled out, resulting 

in cumulative plastic deformation of the tenon. Due to insufficient restraint 

capacity, the wood fibers at the mortise tear, as shown in Fig. 4(c). The Pu-pai 

Fang becomes the main load-bearing component during the process of 

restricting the structural rotation. The main occurrence of wood fiber tearing 

and end shear damage along the wood grain direction of the Pu-pai Fang. 

 

Fig. 2 Structural features of timber structures in ancient buildings 

 

(a) Traditional dovetail tenon joint        (b) Designed Pu-pai Fang above the dovetail tenon joint 

Fig. 3 Construction characteristics of Pu-pai Fang-dovetail tenon joints 
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(a) Forward loading                        (b) Reverse loading                           (c) Joint interface 

Fig. 4 Force mechanism of the Pu-pai Fang-dovetail tenon join 

 

3. Quasi-static test 

 

3.1. Specimen design 

 

This test mainly focuses on the use of a steel sleeve clamp hoop 

reinforcement device that is simple, portable, low-cost and will not cause 

secondary damage to the cultural relics buildings themselves. The purpose of 

the test is to research the seismic performance of the steel sleeve clamp hoop 

reinforcement of Pu-pai Fang - dovetail tenon joints with different degrees of 

looseness. The design of the joint reinforcement is shown in Fig. 5. According 

to the secondary wood size standards stipulated in the Song Dynasty 

architectural classic "Yingzao Fashi", the specimens were made at a scale of 

1:3.52. The specific dimensions are shown in Fig. 6. The side view and top view 

of the Pu-pai Fang-dovetail tenon joint are shown in Fig. 6(a) and Fig. 6(b), 

respectively. Due to the fact that bolts have strong ultimate resistance and 

ductility [26]. The joints are fixed by a reinforcing device composed of beam-

column support component, Pu-pai Fang clamp hoops and column clamp hoop. 

The beam-column support component and column clamp hoop are connected 

by movable bolts. The Pu-pai Fang clamp hoops are formed by welding 

rectangular clamps with bolts [27,28]. The Pu-pai Fang clamp hoops and beam-

column support component are connected by welded bolts. The specific 

dimensions are shown in Fig. 7, Fig.8 and Fig.9. The side view, front view and 

top view of the beam-column support component are shown in Fig. 7(a), Fig. 

7(b) and Fig. 7(c), Side view, front view and top view of Pu-pai Fang clamp 

hoop, as shown in Fig. 8(a), Fig. 8(b) and Fig. 8(c), Top view, front view and 

side view of column clamp hoop, as shown in Fig. 9(a), Fig. 9(b) and Fig. 9(c) 

Due to the differences in the degree of shrinkage and aging of wood, the Pu-pai 

Fang - dovetail tenon joints became loose to varying degrees. The specimens 

were made by reducing the length of the tenon to simulate different degrees of 

loosening, and one intact joint and three specimens with different loose joints 

were fabricated (Table 1). 

 

 

Fig. 5 Steel sleeve clamp hoops reinforce the Pu-pai Fang - dovetail tenon joint design 

  

(a) Side view                                     (b) Front view 

Fig. 6 Detailed dimensions of Pu-pai Fang-dovetail tenon joint 

     

(a) Side view                     (b) Front view                       (c) Top view 

Fig. 7 Detailed dimensions of beam-column support component 
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(a) Side view                       (b) Front view                 (c) Top view 

Fig. 8 Detailed dimensions of column clamp hoops 

 

     

(a) Top view                         (b) Front view                    (c) Side view 

Fig. 9 Detailed dimensions of Pu-pai Fang clamp hoops 

 

Table 1 

The degree of looseness of the dovetail mortise and tenon joint 

Specimen  

Dovetail mortise & 

tenon size(mm) Reduction of tenon 

length (mm) 

Degrees of 

loosening(%) 

c a1 a2 

JR1 50 0 — 0 — 

JR2 45 5 10% 5 10% 

JR3 40 10 20% 10 20% 

JR4 35 15 30% 15 30% 

 

3.2. Test scheme 

 

3.2.1. Loading equipment 

The test loading device is shown in Fig. 10. The wooden column is placed 

horizontally on the base platform. Limit covers are installed respectively in the 

middle and at the end of the column to prevent the specimen from overturning 

and twisting during the loading process. The loading point is set at a distance of 

500 mm from the upper edge of the column, and the low-cycle repeated load is 

jointly applied to the beam and the Pu-pai Fang by the test system (MTS 

actuator). To simulate the axial compression load formed by the transfer of the 

self-weight of the frame layer to the wooden columns, jacks are arranged in the 

horizontal direction of the columns, and a constant load of 20 kN is pre-applied 

to the column ends. A stable axial pressure is maintained throughout the entire 

cyclic loading process. 

 

3.2.2. Measurement solution 

The axial pressure of the column is measured by the load sensor integrated 

in the hydraulic jack. The displacement and load at the beam end are recorded 

by the load sensor within the MTS system. The load and displacement data were 

obtained by the DH3816 data acquisition instrument. The layout of the 

displacement meter is detailed in Fig. 10. The joint rotation θ is calculated by 

the difference between displacement meters W1 and W4, and the tenon pull-out 

and extrusion amounts are measured by W2 and W3. 

 

3.2.3. Loading system 

The quasi-static test loading system is designed in accordance with ISO 

16670 [29] and adopts the loading mode of staged displacement control. The 

ultimate displacement of the joint is set at 50 mm, and the displacement 

amplitude is determined based on the ultimate displacement obtained from the 

monotonic loading test of the component. Single cycle loading was carried out 

respectively at 1.25 % (0.625 mm), 2.5 % (1.25 mm), 5 % (2.5 mm), and 10% 

(5 mm) of the set limit displacement. The three cycles of loading were carried 

out at 20 % (10 mm), 40 % (20 mm), 60 % (30 mm), 80 % (40 mm), 100 % (50 

mm), and 120 % (60 mm) of the ultimate displacement respectively. The 

loading system is shown in Fig. 11. 

If the following situations occur during the test: obvious plastic 

deformation or shear tearing occurs at the tenon or mortise; The rotation Angle 

significantly exceeds the limit value of 1/30 stipulated in the "Technical 

Standard for Maintenance and Reinforcement of timber Structures of Ancient 

Buildings" [30]. When the load drops to 80% of the peak load, the test should 

stop loading. 

 

 

Fig. 10 Loading equipment 

 

 

Fig. 11 Loading system 

 

4. Test result and analysis 

 

4.1. Test phenomenon 
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At the initial stage of loading, under the forward loading of JR1, the 

actuator drives the beam components to rotate, and the column and beam 

support components rotate synchronously, generating the sound of the column 

and beam support components being compacted. When reverse loading occurs, 

the tenon and the mortise generate extrusion friction along the contact surface, 

making a slight "creaking" sound of extrusion friction. The joint area remains 

in the elastic stage and no obvious plastic deformation has occurred. 

When the rotation reaches 0.03rad, extrusion deformation occurs between 

the tenon and the mortise during forward loading, accompanied by the 

continuous sound of the column and beam supports being pushed and squeezed, 

as shown in Fig. 12(a). When loading in reverse, as the joints are constantly 

squeezed during the forward loading, only the squeezing and friction sounds of 

the wood being continuously pulled out can be heard during the reverse loading, 

while the clamps of the Pu-pai Fang are in an active state. 

As the rotation continuously increases, the tenon constantly exhibits 

alternating pull-out and insertion behaviors during the loading process, and the 

wood fibers at the mortise are torn, as shown in Fig. 12 (b). At this time, when 

loading in reverse, the clamping members of the Pu-pai Fang and the Pu-pai 

Fang continuously restrain the rotational deformation by adjusting the Angle, 

as shown in Fig. 12 (c). But when a "bang bang" sound was heard from the 

wood, it was speculated that the fibers of the Pu-pai Fang had broken during its 

rotation. 

When the joint rotation reaches 0.12rad, the tenon is continuously pulled 

out, with a tenon pulling amount of 18 mm, as shown in Fig. 12 (d). At the 

mortise, the wood fibers are obviously lifted, resulting in significant 

deformation and damage. A continuous squeezing and stretching sound can be 

heard from the wood fibers of the Pu-pai Fang. During the loading process, the 

clamps of the Pu-pai Fang are in an active state, ensuring that the joints maintain 

the inherent seismic resistance and energy dissipation effect of the wood in the 

early stage of loading. In the later stage of loading, the clamps of the Pu-pai 

Fang can limit the free rotation of the joints through their own adjustment, 

significantly enhancing the tensile strength of the joints and reducing the pulling 

out of the tenons. 

The test phenomena of JR2-JR4 are similar to those of the JR1 model, and 

the wood fibers at the joints all show severe warping. The difference lies in that 

no obvious sound of wood cracking occurred during the loading process. 

Meanwhile, for joints with different degrees of loosening, the pull-out amount 

in the later stage of loading was similar, but the pull-out rate of the tenon kept 

increasing as the degree of loosening increased.

 

    

(a) Initial loading stage     (b) Onset of fiber tearing at the mortise   (c) Progressive tenon pull‑out under cyclic loading   (d) Localized crushing & separation at joint interface 

Fig. 12 Test phenomena of the Pu‑pai Fang–dovetail tenon joint specimens  

 

4.2. Analysis of seismic performance 

 

4.2.1 Moment-rotation hysteretic curve 

The Moment-Rotation hysteresis curves of specimens JR1-JR4 can be 

calculated respectively by Eqs. (1) and (2) : 

 

M FL=  (1) 

 

L



=  (2) 

 

where F is the horizontal load at the loading point of the MTS system, Δ is 

the horizontal displacement at the loading point, and L is the distance from the 

loading point to the surface of the column. 

The moment-rotation hysteresis curves of JR1-JR4 are shown in Fig. 13(a), 

Fig. 13(b), Fig. 13(c) and Fig. 13(d), respectively. It is not difficult to find that 

the hysteresis curves of all joints all present an inverse Z-shaped feature and 

have obvious shrinkage characteristics, which is closely related to the material 

properties of timber structures. The hysteresis curve of the joint is relatively full 

at the initial stage of loading, and it has a good energy dissipation capacity. One 

reason is that during forward loading, the wood structure achieves structural 

energy dissipation through the compression and friction between components. 

On the other hand, during reverse loading, the beam-column support component 

has a large initial stiffness to limit the rotation of the joint. As the rotation of the 

joint increases, the interface sliding effect between the tenon and the mortise 

increases, and stiffness degradation and irreversible plastic deformation occur 

in the joint domain, with the hysteresis curve shrinking and narrowing. However, 

when the joint was loaded to the later stage, it did not enter the descent phase. 

This is because the Pu-pai Fang clamp hoops exerted a constraint on the reverse 

rotation of the joint, further increasing the overall load-bearing capacity of the 

structure. 

By comparing the My and Mu of JR1-JR4 (Table 2), it is found that the yield 

bending moment and ultimate bending moment of JR2 are relatively large due 

to the overly tight installation process of the specimen. The remaining 

specimens show that the greater the degree of looseness of the joint, the greater 

the bending moment when entering the yield state. This is because the reduction 

of the tenon causes the Pu-pai Fang to need to provide greater structural 

resistance. The greater the degree of looseness of the joints, the greater the 

forward ultimate bending moment and the smaller the reverse ultimate bending 

moment. This is because when loading in the forward direction, the tenon pull-

out rate increases, and the contact surface provided by the tenon to resist 

bending moment decreases, forcing the common beam to provide greater 

resistance to bending moment. However, when loading in the reverse direction, 

the tenon pull-out rate of JR1 is smaller, and the tenon can then provide greater 

resistance to bending moment. 

 

Table 2 

Comparison of characteristic values of the specimens 

Specimen 
Yield bending moment  

My (kN·m) 

Ultimate bending moment 

Mu (kN·m) 

Loading 

direction 

JR1 1.09 12.42 Forward  

-4.58 -17.13 Reverse  

JR2 4.01 16.51 Forward  

-6.58 -19.03 Reverse  

JR3 3.00 13.06 Forward 

-4.23 -16.38 Reverse  

JR4 2.72 14.99 Forward  

-6.54 -15.38 Reverse  
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(a) JR1                           (b) JR2                            (c) JR3                           (d) JR4 

Fig. 13 Moment-rotation hysteresis curve of the joints 

 

4.2.2. Moment-rotation skeleton curve 

The envelope curves of the first maximum bending moment point in the 

moment-rotation curve under each stage displacement were taken as the 

skeleton curves, and a comparative analysis was conducted with the skeleton 

curves of the Pu-pai Fang - dovetail tenon joint in reference [13]. The 

comparison of the skeleton curves of JR1-JR4 and DJ1-DJ4 are shown in Fig. 

14(a), Fig. 14(b), Fig. 14(c) and Fig. 14(d), respectively. The positive ultimate 

bending moment and negative ultimate bending moment of the intact joint JR1 

have increased by 51.49% and 60.1% respectively. The positive ultimate 

bending moments and negative ultimate bending moments for the loose joints 

JR2-JR4 are respectively JR2: 96.58% and 89.39%. JR3: 50.89%, 164.58%; 

JR4: 92.16%, 58.96%. Compared with DJ1-DJ4, the bending moment values of 

JR1-JR4 in the early stage of loading are similar. However, in the later stage of 

loading, the overall flexural bearing capacity of the structure is significantly 

improved. The forward and reverse ultimate flexural bearing capacities of the 

reinforced specimens with different degrees of loosening exceed 50% compared 

with the unreinforced specimens. It indicates that the steel sleeve clamp hoops 

reinforcement can fully exert the energy dissipation and vibration reduction 

effect of the timber structure in the early stage of loading, and in the later stage 

of loading, the steel sleeve clamp further enhances the overall seismic 

performance of the structure.

 

 

(a) DJ1 and JR1                       (b) DJ2 and JR2                         (c) DJ3 and JR3                       (d)DJ4 and JR4 

Fig. 14 Moment-rotation skeleton curve of specimens 

 
4.2.3. Energy dissipation capacity 

The equivalent viscous damping coefficient he directly reflects the energy 

dissipation capacity of the joint and can be calculated according to Eq. (3): 

 

( )

( )

1

2

ABC CDA

e

EDO FBO

S
h

S

 +

 +

=  (3) 

 

where S(ΔABC+ΔCDA) represents the area enclosed by the shaded portion of the 

hysteresis loop (Fig 15), and S(ΔEDO+ΔFBO) denotes the triangular area 

corresponding to the hysteresis curve. 

The equivalent viscous damping coefficient curves are shown in Fig. 15. 

The energy dissipation capacity of all specimens evolves similarly, initially 

rising rapidly to a peak value, followed by a gradual decline until reaching a 

stable state. However, when the rotation reaches 0.01 rad, he drops significantly. 

This is because energy dissipation occurs through compression and friction 

between components during rotation; as the gap between mortise and tenon 

gradually increases, the available free movement space expands, causing the 

joint to enter a loose state, thus leading to a progressive reduction in energy 

dissipation capacity. Subsequently, he continues to decrease and eventually 

stabilizes around 0.15. Comparing JR1–JR4 with DJ1–DJ4, it is observed that 

both types of joints exhibit similar trends in he, but the energy dissipation 

capacity of JR1–JR4 is superior to that of DJ1–DJ4, confirming the 

effectiveness of steel sleeve clamp hoops confinement in enhancing energy 

dissipation performance. 

 

 

Fig. 15 Equivalent viscous damping coefficient of the joints 

 

4.2.4. Stiffness degradation 

The variation of secant stiffness at different deformation levels can reflect 

stiffness degradation. The secant stiffness Ki at each deformation level can be 

calculated according to Eq. (4): 

 

i i

i

i i

M M
K

 

+ + −
=

+ + −
 (4) 

 

where Mi is the peak bending moment of the first cycle under the i-th load level; 

θi is the rotation corresponding to Mi. 

The stiffness degradation curve of the joint is shown in Fig. 16. During 

forward loading, the overall variation trends of JR1-JR4 are slightly different. 
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Generally, the initial stiffness of the joints rapidly deteriorates, then slowly 

increases and tends to a stable state to an average of 117.12 kN·m·rad-1. JR1 has 

a relatively high resistance due to the resistance of the beam-column support 

components. Subsequently, during the rotation of the beam components, they 

are embedded with the beam-column support components, causing the material 

to soften and a large movable gap to appear at the contact interface. As a result, 

the stiffness rapidly decreases, among which the initial stiffness of JR1 

deteriorates most obviously. The greater the degree of looseness of the joint, the 

larger the initial gap it already has, so the initial stiffness degradation is not 

obvious. This further indicates that steel sleeve clamp hoops are more suitable 

for reinforcing loose joints and can still maintain a certain initial stiffness at the 

joints. 

When reverse loading is applied, the stiffness degradation trend of JR1-JR4 

is generally consistent. The overall manifestation is that the initial stiffness of 

the nodes rapidly deteriorates, and then the stiffness degradation tends to 

stabilize to an average of 143.15 kN·m·rad-1. This is because the Pu-pai Fang 

clamp hoops and beam-column supports form an active connection, and the 

initial loading does not interfere with the structure. To maximize the energy 

dissipation and shock absorption effect of the timber structure, the stiffness is 

kept stable in the later stage of loading by relying on the constraints of the Pu-

pai Fang clamp hoops. 

 

 

Fig. 16 Stiffness degradation curve of the joints 

 

4.2.5. Deformation ability 

The "GB 50165-2020 Technical Standard for Maintenance and 

Reinforcement of timber Structures in Ancient Buildings" clearly stipulates that 

the limit value of the displacement Angle at the beam-column joints of timber 

structures is 1/30. During the test loading process of JR1-JR4, the maximum 

rotation all reached 0.12 rad, and the joints maintained good bearing capacity. 

Their deformation capacity significantly exceeded the specification limit, fully 

verifying that this reinforcement method has excellent anti-deformation ability. 

Fig. 17 shows the curve graph of the joint rotation and the tenon pull-out 

amount (). The average maximum tenon pull-out amount of JR1-JR4 is only 

20.24 mm, and the tenon pull-out rates are 37.14 %, 50.74 %, 51.44 % and 

54.25 % respectively. The tenon pull-out rate of JR1 is the lowest, indicating 

that the tenoning rate of the joint increases with the increase of the degree of 

loosening. By comparing the tenon pull-out rates of JR1-JR4 with those of DJ1-

DJ4, it is not difficult to find that the overall tenon pull-out rate of JR1-JR4 is 

much lower than that of DJ1-DJ4, reducing by 53.51%, 13.41%, 46.89% and 

46.25% respectively. Except for the fact that DJ2 is installed too tightly, The 

tenon extraction rates of the remaining joints can all be significantly reduced. 

During the reverse loading process of the joint, at the initial stage of loading, 

the joint is used for restraint, and energy is consumed through the compression 

and friction between the joint and the tenon. In the middle stage of loading, the 

Pu-pai Fang can provide resistance to bending moment for the rotation of the 

beam component. As the wood at the joint and the Pu-pai Fang is torn, the Pu-

pai clamp hoop takes effect to achieve the function of constraining the rotation 

of the joint. At the same time, This also indicates that the steel sleeve clamp 

reinforcement has a significant effect on restricting the tenon pull-out. 

 

 

Fig. 17 Curves showing the relationship between joint rotation & tenon pull‑out amount  

 

5.  Establishment of the finite element models 

 

5.1. Model establishment 

 

The finite element model (FEM) material was made of Masson pine. The 

material property parameters were obtained through tests. Its physical and 

mechanical properties were determined and completed by the members of the 

same research group [31] in accordance with the small sample testing methods 

stipulated in the Chinese National standard "Standard Test Methods for Physical 

and Mechanical Properties of Wood" [32-34]. The mechanical property 

parameters of this batch of Masson pine are shown in Table 3. 

The model is established using the C3D8R type 8-node entity unit in 

ABAQUS, as shown in Fig. 18. As wood is an orthotropic material, the 

compression along the grain and transverse grain is simplified to a double-fold 

line model, and the tension is simplified to a single-fold line model. The elastic 

modulus of anisotropic materials in the elastic stage is defined using engineering 

constants. During the plastic stage, the yield stress of the material in different 

directions is determined by combining the potential function in ABAQUS with 

the Hill yield criterion. Steel and bolts are simulated as ideal elastoplastic 

materials. During the assembly process, assembly shall be carried out in 

accordance with the test design. A 2mm contact gap tolerance shall be reserved 

between the Pu-pai Fang and the Pu-pai Fang clamp hoops during the test 

process. The contact attributes between each component of the joint are defined 

through the interaction of surface-to-surface contact. Normal contact adopts 

"hard" contact to allow interface separation. The tangential behavior adopts a 

penalty function friction model. The friction coefficients between woods and 

between woods and steel are set at 0.3, and the friction between steel is set at 

0.15. The model loading mode and boundary constraint conditions are 

consistent with the test conditions. The upper and lower ends of the column are 

respectively set as hinged and fixed connections, and the force application point 

is set at a position 500 mm away from the column surface. The boundary 

conditions are applied by coupling constraints through the initial analysis step. 

The test is divided into 4 analysis steps in total. It includes applying preload to 

the bolts, fixing the bolt length, applying axial load at the column end and low-

cycle repeated load at the loading point, and setting the preload guarantee load 

Fp=25500N for the bolts [35]. 

 

 

Fig. 18 Meshing details of finite element model 
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Table 3 

Mechanical properties of Pinus massoniana Lamb 

Parameter Adopted value in FE model 

Density (kg/m3) =542 

Moisture content (%) W=17 

Elasticity modulus (MPa) EL=19411 ER=1465 ET=762 

Poisson ratio LR=0.28 LT=0.48 RT=0.62 

Shear modulus (MPa) GLR=1456 GLT=1165 GRT=349 

Yield stress (MPa) ftL=120.9 fcL=31.08 fcR=3.62 

Yield stress ratio 
R11=1 R22=0.12 R33=0.12 

R12=0.56 R13=0.56 R23=0.13 

Note:  and W denote the density and moisture content; L, R, and T denote the longitudinal, 

radial, and tangential directions of wood grain, respectively; μ is the Poisson ratio; E is the 

elastic modulus; G is the shear modulus; ftL is the tensile strength parallel to the grain; fcL 

is the compressive strength parallel to the grain; fcR is the compressive strength 

perpendicular to the grain. 

 

5.2. Model verification 

 

The stress distributions of the finite element model failure modes under 

forward loading and reverse loading are shown in Fig. 19(a) and Fig. 19(b) 

respectively. The finite element model and the test results were compared. The 

hysteresis curves of JR1-JR4 are shown in Fig. 20(a), Fig. 20(b), Fig. 20(c), and 

Fig. 20(d). Except for JR2 which was too tight during the test installation 

process, the comparison results at ME and MT of the other specimens are in good 

agreement (Table 4), and the error ratio between the test results and the finite 

element prediction results is all less than 20%. It indicates that the finite element 

results are in good consistency with the experiments. The hysteretic curves of 

the test specimens are fuller than those of the finite element model. This is 

because during the test, the wood fibers at the common beam and the joint of 

the specimen successively cracked and broke, the movable gap of the tenon 

increased, and the sliding effect of the contact interface at the joint increased 

during the reciprocating loading process. 

 

 

(a) Forward loading 

 

(b) Reverse loading 

Fig. 19 Stress contour with the failure modes

 

 

(a) JR-1                              (b) JR-2                              (c) JR-3                               (d) JR-4 

Fig. 20 Comparison between the finite element model and test results 

 

Table 4 

Comparison between experimental and FE results 

Specimen ME (kN·m) MT (kN·m) Error rate (%) 

JR1 
-16.43 -17.13 4.22 

12.59 12.42 1.35 

JR2 
-15.93 -19.03 16.31 

11.82 16.51 28.41 

JR3 
-15.93 -16.38 2.73 

11.82 9.47 9.47 

JR4 
-16.14 -15.38 4.72 

12.65 14.99 15.63 

 

5.3. Parameters influence analysis 

 

5.3.1. Friction coefficient 

The friction coefficients of u=0.1, 0.3, 0.5 and 0.7 were selected for analysis 

respectively, as shown in Fig. 21. When subjected to reverse loading, the 

flexural bearing capacity of the joint increased from 14.91 kN·m to 18.94 kN·m, 

an increase of 27.04%. This indicates that the flexural bearing capacity of the 

joint increases with the increase of the friction coefficient. During forward 

loading, the high friction characteristic can provide stiffness at the initial stage 

of loading, but it may cause brittle failure of the structure in the later stage of 

loading, reducing the seismic toughness. Meanwhile, the high friction 

characteristic is contrary to the principle of using Pu-pai Fang clamp hoops for 

movable reinforcement. However, when the friction coefficient is within the 

range of 0.3 to 0.5, the structure strikes a balance between strength and ductility, 

improving rotational stiffness. Enhancing the moment bearing capacity can 

effectively achieve energy dissipation. Therefore, it is recommended that the 

friction coefficient be selected as 0.3 to 0.5, which is more appropriate. 

 

 

Fig. 21 Friction coefficients of joints 
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5.3.2. Bolt preload 

The preload forces of the welding bolts were selected as f1=0.25 Fp, f2=0.5 

Fp, f3=0.75 Fp and f4= Fp respectively, as shown in Fig. 22. It can be seen that 

the preload force of the welding bolts has little effect on the bearing capacity 

under reverse loading, while under forward loading, the flexural bearing 

capacity increases with the increase of the preload force. The increase was from 

12.27 kN·m to 12.65 kN·m, representing only a 3.07 % increase. This indicates 

that applying preload to bolts is an important step in the reinforcement of steel 

sleeve clamp hoops. However, the magnitude of the preload has a relatively 

small impact on the flexural bearing capacity of the structure. This also suggests 

that the key point of this reinforcement device lies in reducing intervention in 

the early stage of loading This purpose of providing protective effects on the 

structure in the later stage of loading is consistent. 

 

 

Fig. 22 Bolt preload of the joints 

 

5.3.3. Pu-pai Fang Clamp hoop thickness 

The thicknesses h of the Pu-pai Fang clamp hoops was selected as 3 mm, 5 

mm, 7 mm and 9 mm, as shown in Fig. 23. When reverse loading was applied, 

the flexural bearing capacities of the models with h=3 mm, h=5 mm, and h=7 

mm were similar. However, when the thickness increased to 9 mm, the flexural 

bearing capacity of the models decreased from 16.14 kN m to 13.32 kN m, a 

reduction of 17.4 %. When subjected to forward loading, the flexural bearing 

capacities of the models h=5 mm and h=7mm are 12.40 kN·m and 12.28 kN·m 

respectively. These flexural bearing capacities are significantly better than those 

of the models h=3mm and h=9mm, indicating that a thickness range of 5-7mm 

is more suitable for the clamp hoop parts of the Pu-pai Fang. 

 

 

Fig. 23 Pu-pai Fang clamp hoop thickness of joints 

 

6.  Conclusions 

 

This study investigated the seismic performance of Pu‑pai Fang–dovetail 

tenon joints with different degrees of looseness reinforced by steel sleeve clamp 

hoops through quasi‑static testing and finite element (FE) simulation. The main 

conclusions are summarized as follows: 

(1) Due to the continuous alternating pull-out and insertion of the intact 

specimens, the wood fibers at the mortise and the Pu-pai Fang were torn. In the 

later stage of loading, the Angle of the Pu-pai Fang clamp hoops was adjusted 

to restrict the free rotation of the joints, enhancing the tensile pull-out capacity 

of the joints and reducing the pull-out of the tenons. The damage phenomenon 

of the loose joints was similar to that of the intact specimens, and the pull-out 

amount of the tenons was also similar. However, the tenon pull-out rate keeps 

increasing as the degree of loosening increases. 

(2) The hysteresis curve of the joint shows an inverse Z-shaped feature. 

There is a significant shrinkage characteristic in the later stage of loading. 

However, the steel sleeve clamp hoop exerts a constraint on the reverse rotation 

of the joint, further increasing the flexural bearing capacity, and no decline stage 

occurs. The greater the degree of joint loosening, the greater the forward 

ultimate bending moment and the smaller the reverse ultimate bending moment. 

The forward and reverse ultimate flexural bearing capacities of the reinforced 

specimens exceed 50% compared with those of the unreinforced specimens. 

(3) The energy consumption capacity characteristic of the joint is 

characterized by a rapid increase to the peak in the initial stage, followed by a 

slow decline and a gradual stabilization. The stiffness degradation 

characteristics of the joint are manifested as a rapid initial stiffness degradation, 

followed by a slow increase and a tendency towards a stable state. The average 

maximum tenon extraction amount of the joints was only 20.24 mm, and the 

tenon extraction rates were 37.14 %, 50.74 %, 51.44 % and 54.25 % respectively. 

Compared with the unreinforced joints, the tenon extraction rates decreased by 

53.51 %, 13.41 %, 46.89 % and 46.25 % respectively. The main reason lies in 

the fact that the steel sleeve clamp reinforcement maintains the energy 

dissipation of the wooden structure in the early stage of loading and constrains 

the energy dissipation in the later stage of loading.(4) It is recommended that 

the coefficient of friction be set within the range of 0.3 to 0.5, and the thickness 

of the Pu-pai Fang clamp hoop be set within the range of 5 to 7mm. This can 

balance the structural strength and ductility, improve the rotational stiffness, 

enhance the moment bearing capacity, and effectively achieve energy 

dissipation. Applying preload to bolts has no obvious effect on the 

reinforcement of steel sleeve clamp hoops. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

To meet the demands of intelligent and green construction, the development of automatic construction devices is of practical 

significance. In this study, a novel connection joint was designed for its supporting column and investigated experimentally 

and numerically based on static load tests, which were carried out on five joint specimens with different axial pressure 

ratios, flange thicknesses, and insertion depths. It was found that the failure of all specimens was due to the bolted 

connection, especially the failure of the thread. However, no apparent damage was found on the tube wall of the joint, 

indicating that the damage mainly occurred at the bolt connection. Additionally, a finite element analysis (FEA) model was 

established to investigate the joint's failure process, revealing intricate stress and strain conditions under loading. Notably, 

the highest stress and strain were identified at the central bolt, indicating its critical role in joint failure. The parameters of 

tube wall thickness and flange outside diameter in the finite element model were analyzed, and the results showed that 10 

mm wall thickness and 252 mm outer diameter of flange were the best choices. This study may provide an experimental 

and numerical basis for the practical application of automatic construction devices. 
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1. Introduction 

 

Currently, the civil construction industry is facing various challenges, 

including substandard construction site conditions, high hazards, environmental 

pollution, and elevated construction costs [1-4]. Increasing automation in the 

construction process is a vital strategy to address these issues. The development 

of automation and intelligent technologies has significantly changed the 

construction industry [5-9]. Various construction robots, such as wheeled robots, 

wall-building robots, and welding robots, have been invented by researchers. 

Advanced automation devices have played a critical role in protecting workers 

from hazardous and physically demanding tasks [10] while markedly increasing 

productivity [11]. However, these robots are generally limited to specific tasks 

within the construction process. To further enhance automation across the entire 

construction process, improve working conditions, and reduce costs, highly 

integrated automated construction devices have been progressively applied by 

various countries since the late 20th century [12-17]. These devices aim to 

increase the overall automation level of the construction process. 

In the last century, an automated construction device known as Big Canopy 

was developed in Japan [13], which was used in the construction of concrete 

buildings. This device utilized precast concrete (PC) components installed using 

remote control, significantly reducing the required labor force. Bar codes 

marked on the components enabled precise monitoring of their positions during 

construction, significantly improving construction efficiency. In recent years, 

several automated construction devices have been independently developed in 

China [17, 18]. These devices predominantly use cast-in-situ reinforced concrete 

to ensure structural stability and safety. Material transport, formwork operations, 

and concrete pouring are all controlled by computer programs. This high level 

of automation has significantly enhanced construction efficiency and reduced 

costs. However, deficiencies remain in the design of the connection joints of the 

support columns in current automated construction devices. These joints do not 

adequately support the continuous lifting of support columns as building height 

increases. Additionally, the connection process of the support columns presents 

many inconveniences, resulting in low installation efficiency. Given the existing 

issues of the support column device in the current automatic construction device, 

a new type of joint has been designed in this paper, which aims to enhance the 

automation level of the automatic construction device. 

There have been numerous researches on beam-column connection joints, 

which share similarities with the support column connection joints in automatic 

construction devices in terms of structural form and mechanical characteristics. 

For steel beam-column joints, researchers have studied different configurations 

of reinforced panels and flange panels to identify joints with enhanced energy 

consumption [19-23]. Some researchers have introduced replaceable energy 

dissipation devices at beam-column joints to enable repairability in case of joint 

damage. Test results have shown that these devices exhibit good energy 

dissipation capacity and repairability [24]. Another connection method involves 

the use of sleeves and bolts for convenient installation. Zhang et al. [25] 

proposed a design method for core tube flange column joints, where the 

separation of connecting flange plates was further controlled by incorporating 

prestressed tendons into the column joints, yielding positive outcomes in joint 

performance. Fan et al. [26] presented a square steel tubular column-column 

joint with a blind bolt connection. The upper and lower columns were connected 

to the joint using four connecting plates and bolts, verifying good sliding 

resistance and ultimate bearing capacity. 

The demonstration project of an automatic construction device currently 

utilizes a joint connection form depicted in Fig. 1. However, the connection 

exhibits relatively low connection strength as it only relies on the three bolts 

within the connection. Additionally, the necessity for attaching the connecting 

bracket to the building entails drilling into the concrete. These requirements 

render field installation both inconvenient and time-consuming.  

This study proposed a novel connection joint designed explicitly for the 

automatic construction device, aiming to elevate its automation level, as 

illustrated in Fig. 2. The primary objective of this design is to enhance the 

installation convenience of the lifting column standard section while 

accommodating the lifting requirements of the support column. During 

installation, the bolt holes automatically align when the four corners of the upper 

and lower lifting column standard sections are properly aligned and inserted. 

The two lifting column standard sections are then connected by bolts. This joint 

design not only facilitates easier installation but also meets the demands of the 

support column lifting installation inherent to the automatic construction device. 

Furthermore, a pulley has been integrated at the end of the horizontal support 

frame of the automatic construction device, as illustrated in Fig. 3. This pulley 

interfaces with the track affixed to the building, enabling the entire support 

structure to be lifted upward as each lattice column standard section is installed 

from below. This feature facilitates the construction of higher floors, enhancing 

the overall efficiency and versatility of the device and also meeting the needs of 

a high automation level of the automated construction device. 

In this paper, the mechanical behaviors of the newly designed connection 

joint, focusing on five steel joint specimens with distinct geometric parameters, 

were systematically analyzed and compared. Both static load tests and finite 

element analysis were employed to examine the mechanical properties and 

failure modes of the specimens. The experimental data were subsequently 

corroborated and expanded upon using finite element analysis to provide a more 

comprehensive understanding of the performance of the joint under diverse 

conditions, such as varying tube wall thickness and flange outside diameter. The 

impact of these additional parameters on the mechanical properties of the joints 

was estimated using the finite element method. By understanding the 

performance of these joints under various conditions and parameters, it became 

feasible to optimize their design and enhance the safety and reliability of the 
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automatic construction device during construction operations.

 

 
Fig. 1 Connecting joint of automatic construction device project 

 

 
Fig. 2 A new type of connection joint for the automatic construction device 

 

 

 
Fig. 3 Schematic diagram of the lifting process of the automated construction device 

 

 

2.  Experimental study 

 

2.1. Test specimens 

 

A novel connection joint was designed to enhance the automation level of 

the automated construction device, as illustrated in Fig. 4. The connection joint 

was assembled from two parts. The upper part, a seamless steel tube, was welded 

to the flange-A at its bottom, while the lower part, also a seamless steel tube, 

was welded to the inserting portion with the flange-B at the welding site. Notably, 

during assembly, the inserting portion, a top-closed seamless steel tube, was 

inserted into the cavity of the upper seamless steel tube at the joint. The upper 

and lower parts of the joint were then connected by eight high-strength bolts.
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(a) Before assembly (b) After assembly 

Fig. 4 Configuration of connection joint 

 

Whether dealing with seamless steel tubes or flange plates, the curved outer 

surface posed a challenge when connecting to the horizontal actuator of the 

testing machine. To address this, a circular ring was welded on the outer surface 

of the seamless steel tube at the upper part of the joint. Subsequently, a horizontal 

connector was designed, as illustrated in Fig. 5. This connector, consisting of 

two bolt-connected parts, formed a circular cavity that snugly encased the 

welded ring on the upper part of the joint, thus facilitating the connection 

between the horizontal actuator and the joint. Additionally, an end plate with 

pre-designed bolt holes was welded to the top of the joint, enabling connection 

to the vertical actuator. During loading, the material experienced increasing 

bending moments further from the horizontal loading position, leading to 

substantial bending moments at the bottom of the joint. A single-end plate 

welded at the bottom of the joint proved insufficient, often resulting in weld 

failure before the joint was fully stressed [27]. To overcome this, two flanges 

(Flange-C and Flange-B) were welded at the bottom of the joint, and eight 

stiffeners were interposed between them. These plates allowed eight bolts to pass 

through, effectively securing the bottom of the joint.

 

  
(a) Diagram of the flange and stiffener (b) Diagram of the connector 

Fig. 5 Joint connected to the testing device 

 

In this study, five steel joint specimens were tested. These specimens were 

designed to have the same height and outside diameter as the seamless steel tube. 

The length of the upper seamless steel tube of all specimens is 420 mm, and the 

length of the lower seamless steel tube of all specimens is 470 mm. All 

specimens are constructed from 20# seamless steel tubes specified in GB/T 

8162-2018 [28], and all the flanges and stiffeners of all specimens are made of 

Q345B steel specified in GB/T 1591-2018 [29]. For specific material properties, 

see Tables 1 and 2. 

The five specimens differed in the parameters of the flange-A and flange-B 

thickness, the axial compression ratio, and the inserting portion depths. Notably, 

the change in axial compression ratio was achieved by varying the vertical axial 

force magnitude. These parameters significantly influenced the mechanical 

properties of the joints [30-34]. The specific size parameters of all specimens 

are shown in Fig. 6 and Table 3, where t is the wall thickness of the seamless 

steel tube, h is the thickness of flange-A and flange-B, and F is the magnitude 

of the vertical axial force acting on the top of the joint specimen. 

The axial pressure was estimated based on the specific application scenario. 

By considering the combined dead weight of the entire framework, along with 

the additional loads from the upper equipment, materials, and personnel, the 

vertical force exerted at the bearing column joint has been calculated to be 600 

kN. To analyze the structural performance under varying loads, two additional 

vertical axial force values of 400 kN and 800 kN were selected. Regarding the 

flange thickness, given that a range of 15-30 mm was typically utilized for steel 

structure end plates and similar components, thicknesses of 20 mm and 30 mm 

were chosen for further investigation [35-42]. 

Eight high-strength bolts between flange-A and flange-B are 10.9 s M10 

ones [26]. A torque wrench was used to apply torque to the bolt. The designed 

pretension was 55 kN, and the actual pretension ranged from 46.7 kN to 63.6 

kN, calculated by the actual torque applying the bolt preload, according to GB/T 

1231-2006 [43]. 
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Table 1  

Material properties of the steel plate 

 Chemical component (%) 
Yield strength 

(MPa) 

Ultimate 

strength (MPa) 
Elongation (%) 

Steel 

 

Q345 

C Si Mn P S Cu Nb 

407 555 26.5 
0.1600 0.2100 1.3900 0.0150 0.0020 0.0400 0.0030 

V Ti Cr Mo Ni Als CEV 

0.0010 0.0230 0.0400 0 0.0017 0.0005 0.4000 

 
Table 2  

Material properties of the seamless steel tube 

Specification 

(Outer diameter * thickness.) 

(mm) 

Chemical component (%) Yield strength 

(MPa) 

Ultimate strength 

(MPa) 
Elongation (%) 

C Si Mn P S Ni Cr Cu 

133*10 0.210 0.190 0.480 0.028 0.009 0.009 0.023 0.011 300 497 23 

159*10 0.200 0.200 0.560 0.011 0.008 0.020 0.060 0.020 374 632 18 

 
Table 3  

Detailed information of the specimens (Fig. 6) 

Specimen 

No. 
t (mm) h (mm) s (mm) F (kN) 

J-1 10 30 200 400 

J-2 10 30 200 600 

J-3 10 30 200 800 

J-4 10 20 200 400 

J-5 10 30 100 400 

 

 

 

(a) Section view of the specimen (mm) (b) Top view of the specimen (mm) 

Fig. 6 Structural diagram of a connection joint 

 
 
2.2. Test setup and loading scheme 

 

The experiment was performed in the Structural Laboratory of the College 

of Civil and Transportation Engineering at Shenzhen University, as shown in Fig. 

7.  

The vertical actuator with a load capacity of 2000 kN was connected to the 

top-end plate of specimens by eight high-strength bolts and exerted a constant 

vertical force on the top of the specimens. Similarly, a horizontal actuator, 

capable of exerting up to 1500 kN, was connected to the specimens by a 

horizontal connector and applied a horizontal force or displacement. 

Before the horizontal static loading test, an axial force was constantly 

applied to the specimen by a vertical actuator throughout the entire test loading 

process. The specimen was preloaded by the horizontal actuator, which first 

applied horizontal thrust from 0 to 20 kN through the force control mode and 

then unloaded to 0. The slippages between the steel plate at the lower fixed end 

and each bolt were eliminated by the preloading process. A horizontal 

displacement was then applied to the specimen by the horizontal actuator 

through the displacement control mode, and a loading rate of 1 mm/min. The 

loading process was terminated until the force applied was reduced to 85% of 

the ultimate bearing capacity of the specimen.
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(a) Front view (b) Lateral view 

Fig. 7 Test setup for a connection joint  

 

  
(a) Front view (b) Lateral view 

Fig. 8 Displacement sensor layout of the specimen 

 

 

  

(a) Front view (b) Lateral view 
Fig. 9 Strain gauge layout of the specimen 
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2.3. Measurement scheme 

 

The measurement scheme of the five specimens is identical, and the layout 

of displacement sensors is shown in Fig. 8. The vertical height of the two 

displacement sensors (DS-6 and DS-7) was the same, and they were placed at 

the front and back sides to measure the horizontal displacement at the loading 

position, with the average value used as the horizontal displacement. Four 

displacement sensors were placed around the lower fixed part of the specimen 

to measure the buckling that might occur in the bottom plane of the specimen. 

Each specimen in the study was outfitted with 16 strain gauges. These 

gauges were strategically distributed on the outer surface of the circular tube of 

the specimens. The precise locations of the strain gauges are depicted in Fig. 9.

 

 

 

 

(a) J-1 (b) J-2 (c) J-3 

  

(d) J-4 (e) J-5 

Fig. 10 Rotation angle of the joints after loading. (In the figures, the green line represents the specimen's initial axial position, determined based 

on the light emitted from a gradienter before the experiment. The orange line indicates the vertical line of the middle flange plate of the joint 

specimen after the experiment.) 
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Fig. 11 Load-displacement curves of the specimens 

 

3.  Experimental results 

 

3.1. Observed joint performance and discussion 

During the experiment, different specimens exhibited varying rotation 

angles upon the application of the horizontal actuator, as illustrated in Fig. 10. 

The angular difference between the green and yellow lines signifies the extent 

8.8
7.8° 

7.2° 

14.3° 5.4° 
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of the specimen’s rotation. 

Notably, as the axial pressure ratio increased, the rotation angle of the joint 

decreased sequentially from 8.8° to 7.8°, and ultimately to 7.2°, with 

corresponding reduction rates of 11.4% and 18.2%, respectively, indicating a 

diminishing rotational capacity of the joint. Conversely, reducing the flange 

thickness of the joint by 10 mm significantly increased the rotation angle to 

14.3°, a rise of 62.5%, thereby enhancing the rotational ability of the joint. 

Furthermore, halving the length of the inserting portion of the joint reduced the 

rotation angle to 5.4°, a decrease of 38.6%, thus weakening the rotational 

capability of the joint. Observation of the test indicated that none of the 

specimens exhibited apparent signs of damage after testing. However, during the 

disassembly process, it was discovered that the bolts between flange-A and 

flange-B in the middle of the joints had loosened. 

 

3.2. Load versus displacement curves 

 

The average value of the results of the two parallel displacement sensors 

(DS-6 and DS-7) on both sides of the upper part of the specimen was taken as 

the horizontal displacement of the specimen, and the load-displacement curve 

of the specimen was drawn, as shown in Fig. 11. As the ultimate bearing capacity 

of the specimen dropped to 85%, the test was stopped, so the load-displacement 

curve only had a small decreasing section. However, in the actual loading 

process of the specimen, the bearing capacity of the specimen showed a zigzag 

and repeated decreasing trend. The yield displacement, yield strength, ultimate 

displacement, and ultimate strength of each specimen were listed in Table 4. 

Among them, yield displacement and yield strength refer to the transverse and 

longitudinal coordinate values at the apparent turning point of the load-

displacement curve of the specimens. 

From the load-displacement curves of each specimen, a linear segment 

characterized the initial loading stage, indicating the elastic behavior of the 

specimens. As loading progressed, the curves evolved into nonlinear segments, 

reflecting the onset of local plastic deformation in the joints. In load-

displacement curves of the J-3 specimen exhibited a gradual decline compared 

to the other four specimens, which showed a sharp decrease after reaching their 

ultimate bearing capacity.  

 

Table 4  

Mechanical parameters of the specimens 

No. 
Yielding  

strength (kN) 

Yielding  

displacement 

(mm) 

Ultimate  

strength (kN) 

Ultimate 

displacement 

(mm) 

J-1 91.3 1.695 210.9 20.209 

J-2 139.1 1.873 234.6 18.711 

J-3 146.3 2.082 206.0 16.591 

J-4 93.6  2.724 177.8 26.580 

J-5 84.1 1.771 116.2 12.345 

 

With the progressive increment of axial pressure ratio, a significant 

escalation in the yield strength of the joint was observed, rising from 91.3 kN to 

139.1 kN, and ultimately reaching 146.3 kN, marking increases of 52.4% and 

60.2%, respectively. Correspondingly, the yield displacement of the joint 

demonstrated a parallel upward trend, registering increases of 10.5% and 22.8%. 

These findings indicated a positive correlation between the axial pressure ratio 

and yield strength and displacement within a defined range, with a notably more 

substantial influence on the yield strength. Conversely, the relationship between 

axial pressure ratio and ultimate strength and ultimate displacement exhibited a 

distinct pattern. As the axial pressure ratio increased, the change rate in ultimate 

strength was relatively small, recorded at 11.2% and -2.3%, respectively. This 

modest variation could be further influenced by potential eccentricity effects at 

the initial stage, suggesting that axial force exerted a limited impact on the 

ultimate strength of joints. Moreover, an increase in axial force was associated 

with a continual decrease in ultimate displacement, indicating an earlier joint 

failure. This was attributed to the influence of second-order effects caused by 

the vertical load. 

When the thickness of the joint flange was decreased by 10 mm, an increase 

of 2.5% in the yield strength and a significant increase of 60.7% in yield 

displacement were observed. The specimen exhibited a 15.7% decrease in 

ultimate strength and a 31.5% increase in ultimate displacement when it reached 

the limit state. These changes suggested that a reduction in flange thickness 

markedly enhanced the ductility of the joint. Conversely, when the insertion 

depth of the joint was halved, the yield strength of the specimen decreased by 

7.9%, yield displacement increased by 4.5%, ultimate strength decreased by 

44.9%, and ultimate displacement reduced by 38.9%. These results indicated a 

substantial reduction in both the strength and ductility of the joint due to the 

halving of insertion depth, an unfavorable outcome in practical applications. 

 
3.3. Deformation curve of the bottom plate 

 

Displacement measurements captured by sensors DS-1, DS-2, DS-3, and 

DS-4 on the bottom plate of various specimens are shown in Fig. 12. According 

to the positions of the four displacement sensors in Fig. 8, it can be found that 

under ideal conditions, the values of the sensor DS-1 and DS-2 on the tension 

side are the same and positive, while the values of the sensor DS-3 and DS-4 on 

the compression side are the same and negative. If the values of the four 

displacement sensors are not this law, it indicates that the bottom plate is bulging. 

As shown in Fig. 12a and b, sensors DS-1 and DS-2, positioned on the 

tension side of the material, registered positive values due to the base plate being 

stretched upward. A reduction in the displacement on the tension side of the base 

plate was observed as the axial pressure ratio increased. This reduction was 

attributed to the downward force exerted by the axial pressure, which limited the 

tensile displacement of the base plate. This observation aligned with the 

phenomenon noted in the test, where an increase in the axial pressure ratio 

resulted in a reduction of the rotation angle of the joint. For joint J-4, the 

measurement values from DS-1 and DS-2 were significantly higher. This 

indicated that a decrease in the thickness of the flange correlated with an 

enhancement in the bulging of the bottom plate, consistent with the observed 

increase in the rotation angle during the test. Fig. 12c and d demonstrated that 

DS-3 and DS-4 were positioned on the compression side of the material, where 

the bottom plate experienced downward compression, yielding negative 

displacement values. For joint J-5, torsion of the specimen was observed, 

causing a significant discrepancy between the measurements of displacement 

sensors DS-1 and DS-2, and a positive displacement value for DS-3. As depicted 

in Fig. 12c and d, the displacement measurements for each specimen did not 

exhibit a clear pattern of regularity. This lack of uniformity was attributed to the 

base plate not being perfectly planar, with bumps or depressions on its surface. 

These irregularities resulted in non-uniform displacement when the bottom plate 

was compressed. This issue was not observed on the tension side of the base 

plate. This should be attributed to losing contact with the ground when the base 

plate was stretched. Consequently, any surface defect on the base plate did not 

influence its displacement under this condition.
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(a) Displacement value of DS-1                                                              (b) Displacement value of DS-2 
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(c) Displacement value of DS-3                        (d) Displacement value of DS-4 

Fig. 12. Deformation displacement curve of the bottom plate. (In the figure, the horizontal coordinate is the average value of DS-6 and DS-7, 

and the vertical coordinate is the measured value of DS-1, DS-2, DS-3, and DS-4, respectively) 

 

3.4. Moment versus rotation curves 

 

In the analysis presented in the abovementioned section, it was observed 

that warping of the bottom plate resulted in an increased angle at the joint. To 

accurately determine the actual rotational capacity of the joint and construct the 

moment-angle curve, the rotation attributable to the buckling of the bottom plate 

was approximately eliminated using methods depicted in Eqs. (1) and Fig. 13. 

Notably, due to the progressive horizontal displacement at the top, the ground 

rotation center of the joint did not align with the central axis of the joint. Instead, 

it shifted towards the compression area. 

 

𝜃 =
𝐿𝑎

𝐿ℎ
−

𝐿𝑡+𝐿𝑝

𝐿𝑠
                                                                                                    (1) 

 

where 𝐿𝑡 is the mean value of DS-1 and DS-2 displacement sensor; 𝐿𝑝 is the 

mean value of DS-3 displacement sensor and DS-4 displacement sensor; 𝐿𝑎 is 

the mean value of DS-6 displacement sensor and DS-7 displacement sensor; 𝐿ℎ 

is the distance from the middle of the ring to the top of flange-C; 𝐿𝑠  is the 

distance between DS-1 and DS-4 (the distance between DS-2 and DS-3) that is 

250 mm. θ is the actual rotation of the joint. 

The moment-rotation curves of the joints are shown in Fig. 14, and the 

mechanical properties of each specimen are given in Table 5, where 𝐾0 

represents the initial rotational stiffness of the joint (the slope of the line segment 

in the moment-rotation curve), 𝐾1 represents the tangent stiffness of the joint 

(the tangent slope of the load-displacement curve at the initial stage of bending), 

𝑀𝑦 represents the yield moment, 𝜃𝑦 represents the yield rotation, 𝑀𝑢 represents 

the ultimate moment, 𝜃𝑢 represents the ultimate rotation. 

 
Fig. 13 Definition of 𝑳𝒕, 𝑳𝒑, 𝑳𝒂, 𝑳𝒉, 𝑳𝒔 

Table 5  

Mechanical parameters of the specimens 

Specimen 

No. 

𝐾0 

(kN·m/rad) 

𝐾1 

(kN·m/rad) 

𝐾1
𝐾0

 𝑀𝑦(kN·m) 𝜃𝑦(rad) 𝑀𝑢(kN·m) 𝜃𝑢(rad) 

J-1 11615 2783 0.240 47.93 0.0037 110.72 0.0457 

J-2 15944 4273 0.268 73.03 0.0038 123.17 0.0403 

J-3 15973 1196 0.075 76.81 0.0047 108.15 0.0350 

J-4 6037 1826 0.302 49.14 0.0073 93.35 0.0613 

J-5 10509 732 0.070 44.15 0.0037 61.01 0.0313 
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Fig. 14 Moment-rotation curves of the joints 
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As axial pressure increased, the initial stiffness, yield moment, and yield 

displacement of the joint rose, indicating enhanced elastic strength and 

deformation capacity. Compared with specimen J-1, the ultimate bending 

moment of the joint increased by 11.2% and subsequently decreased by 2.3%, 

suggesting that the effect of axial pressure on the ultimate bending moment 

initially escalated and then diminished under a specific axial force. A reduction 

of 11.8% and 23.4% in the limit angle was observed, implying that higher axial 

pressure precipitated the earlier failure of the joint. A notable decrease in the 

stiffness of the specimen was observed once it entered the plastic state. As 

evidenced in Table 5, an increase in axial force to 800 kN markedly reduced the 

stiffness of the joint, with its tangential stiffness being just 0.075 times its initial 

stiffness. Despite no significant variation in the load-bearing capacity of the joint, 

this abrupt decline in stiffness invariably accelerated joint failure. A decrease in 

the flange thickness of the joint resulted in higher yield bending moments and 

angles, while the initial stiffness dropped by 48.0%, nearly halving. The ultimate 

load-bearing capacity decreased by 15.7%, while its ultimate angle rose by 

34.1%. This indicated a trade-off in the joint, sacrificing ultimate strength for 

greater rotational capacity. The ratio of tangential to initial stiffness of the joint 

rose to 0.302, indicating a lesser decrease in the stiffness of the joint. Halving 

the insertion depth of the joint led to reduced load bearing and rotational 

capacities, making it inadvisable in practical applications. 

 
4.  Finite element analyses 

 

4.1. Finite element model 

 

The finite element models simulating the loading of joints were built as 

shown in Fig. 15. The hexahedral element of twenty nodes was used to mesh 

circular steel tubes, flanges, stiffeners, and bolts. The global mesh size was 10 

mm, and the refinement size was 5 mm and 2 mm for the bolts and bolt holes. 

In this study, the high-strength bolts were simplified into a dumbbell-shaped 

solid model, and the bolt modeling excluded the gaskets. The stress-strain model 

of steel and high-strength bolts is shown in Fig. 16. The elastic modulus of steel 

and high-strength bolts was 206 GPa, and Poisson’s ratio was 0.3. The 

pretension force within all the high-strength bolts in the finite element model 

adopted a design value of 55 kN. In the finite element model, the bolt pretension 

force was applied to the surface of the bolt rods. The boundary condition of the 

lower part of the finite element model was simplified to consolidation, 
constraining the displacement in all directions, in which the degrees of freedom 

in the vertical direction of the upper part of the specimen and the rotation 

direction of the bending plane were released.

 

 

 

  

(a) Overall joint model (b) Lower part (c) Upper part 

Fig. 15 Finite element models for the proposed joint 

 

  
(a) Stress-strain curve of steel (b) Stress-strain curves of high-strength bolts 

Fig. 16 Constitutive model of the materials 

 

4.2. Finite element model validation 

 

The mechanical behavior of all five specimens was simulated using the 

finite element method (FEM). Fig. 17 compared the load-displacement curves 

between the test and finite element results for the specimens. The mechanical 

parameters obtained by simulation and the comparison between test parameters 

and simulation parameters are shown in Table 6. As can be seen from Fig. 17 

and Table 6, the simulation results were in good agreement with the test results, 

though there were still some gaps, which might have resulted from the initial 

defects in the test specimens and the gaps between the combined structures. 
Additionally, in the process of numerical simulation modeling, the simplification 

of the bolt model in the simulation and the selection of the norm value of the 

friction coefficient also contributed to the difference between the experimental 

and simulation results.
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Fig. 17 Comparison of load-displacement curves between test and simulation 

 

Table 6  

Comparison between test result parameters and simulation result parameters 

Specimen No. J-1 J-2 J-3 J-4 J-5 

𝐾0 

(kN/mm) 

Test results 57.08 58.98 61.77 46.92 51.92 

Simulation results 56.85 58.99 62.95 46.34 48.69 

Deviation (%) -0.40 0.02 1.91 -1.24 -6.22 

Peak strength 

(kN) 

Test results 210.91 234.61 206.00 177.81 116.20 

Simulation results 215.00 229.00 204.33 180.01 123.57 

Deviation (%) 1.94 -2.39 -0.81 1.24 6.34 

Peak displacement 

(mm) 

Test results 20.21 18.71 16.59 26.58 12.34 

Simulation results 20.45 19.04 17.96 27.52 13.60 

Deviation (%) 1.19 1.76 8.25 3.54 10.17 

 

4.3. Finite element results analysis 

 

The stress-strain distribution characteristics of each test specimen were 

obtained via the aforementioned finite element simulation. For the joint 

specimen, the middle bolt and the compression side of the lower steel pipe were 

identified as potential locations for higher stress and strain occurrence. 

Therefore, the stress-strain distribution of these two places was analyzed and 

was detailed below. The schematic diagram of the middle bolt and the lower 

steel pipe compression zone is shown in Fig. 18.

 

 
 

(a) Diagram of bolt position (b) Numbering diagram of the middle bolts 

Fig. 18 Position diagram of bolts and steel pipe pressure zone 

 

As shown in Fig. 18, owing to the application of a horizontal force on one 

side of the specimen, the material of the specimen was stretched on the side 

facing the horizontal force and compression on the opposite side. Fig. 18(b) 

presents the top view of Fig. 18(a). B1 to B8 represent eight middle bolts. Bolts 

B2 to B4 experience tensile stress, whereas bolts B6 to B8 experience 

compressive stress. The stress-strain analysis of the middle bolt below refers to 

the bolt subjected to the most significant tensile force, the B3 bolt. 

4.3.1. Stress analysis 

The equivalent stress nephogram of the B3 bolt between flange-A and 

flange-B for each tested specimen is shown in Fig. 19. The peak stress in 

specimens J-1 and J-5 was observed to be centrally located within the bolt, 

diminishing progressively towards the ends of the bolt. In contrast, in specimens 

J-2 and J-4, the peak stress deviates slightly from the center. This variation is 

attributed to the differing contact degrees between the bolts and bolt-hole walls 
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during loading. 

 

 

 

 

 

 

 
(a) J-1 (b) J-2 (c) J-3 

 

 

 

 
(d) J-4 (e) J-5 

Fig. 19 Equivalent stress nephogram of the B3 bolt between flange-A and flange-B 

 

The maximum equivalent stress experienced by the B3 bolt between flange-

A and flange-B in each specimen is shown in Fig. 20. Notably, among specimens 

J-1, J-2, and J-3, specimen J-2 exhibits the highest stress value 946.49 MPa. This 

indicates that the correlation between axial pressure and the maximum 

equivalent stress of the B3 bolt is not a direct linear relationship but exhibits an 

extremum at 600 kN. A reduction in flange thickness resulted in an elevated 

maximum equivalent stress at the bolt, reaching 950.96 MPa, 3.1% higher than 

specimen J-1. When the insertion depth is halved, the maximum equivalent 

stress of the B3 bolt escalated to 970.04 MPa, the highest among all specimens 

examined and 5.2% higher than specimen J-1. It is evident that diminishing the 

thickness of the flange, along with halving the insertion depth, induces 

considerable stress in the B3 bolt. 

The equivalent stress nephogram for the compression side of the lower steel 

tube of each specimen is shown in Fig. 21. Examination of the figure reveals 

that the maximum equivalent stress for specimens J-1 and J-3 is located near 

flange-C at the bottom of the circular tube. In contrast, for specimens J-2, J-4, 

and J-5, the location of the maximum equivalent stress is less distinct, 

manifesting across a broader area.  

The maximum equivalent stress identified in the compression side of the 

lower steel tube of each specimen is shown in Fig. 22. The data analysis reveals 

that specimens J-1, J-2, and J-3 exhibit similarly elevated stress levels. 

Specifically, specimen J-2 registers the minimum stress value at 474.58 MPa, 

while specimen J-3 records the maximum at 609.32 MPa. It is observed that 

reducing the flange thickness of the specimen results in the lowest equivalent 

stress on the compression side of the lower steel tube, measured at 356.05 MPa, 

which is 29.6% lower than that of specimen J-1. Furthermore, halving the 

insertion depth leads to a decrease in equivalent stress within this region to 

367.31MPa, which is 27.4% lower than that of specimen J-1, although the extent 

of reduction is less pronounced than that observed in specimen J-4.

 

 
Fig. 20 Maximum equivalent stress at B3 bolt between flange-A and flange-B of each specimen 
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(a) J-1 (b) J-2 (c) J-3 

 
 

 
 

(d) J-4 (e) J-5 

Fig. 21 Equivalent stress nephogram of the compression side of the lower steel tube 
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Fig. 22 Maximum equivalent stress at the compression side of the lower steel tube of each specimen 

 

A critical observation concerns the contrasting pattern in the maximum 

equivalent stress observed at the B3 bolt compared to that at the compression 

side of the lower steel tube. Notably, at the B3 bolt, the stress value under an 

axial force of 600 kN surpasses those observed at 400 kN and 800 kN. 

Conversely, the stress values at the compression side of the lower steel tube 

exhibit an opposite trend. Furthermore, while reducing the flange thickness and 

halving the insertion depth elevate the stress at the bolt, these modifications lead 

to a reduction in stress at the compression side of the lower steel tube. This 

inverse correlation underscores the intricate interplay between structural 

alterations and their impact on the internal stress distribution within the 

specimens. 

 

4.3.2. Strain analysis 

The equivalent plastic strain of each specimen on the compression side and 

the B3 bolt at the turning point is shown in Fig. 23. It can be seen that plasticity 

only occurs in a small part of specimens J-1, J-2, and J-3, and most of the other 

parts do not enter the plasticity stage. Specimens J-1 and J-3 enter the plastic 

state from the middle of the B3 bolt, while specimen J-2 enters the plastic stage 

from the bottom of the steel tube near flange-C. The plastic development of 

specimens J-1, J-2, and J-3 at the turning point obtained by numerical simulation 

is in good agreement with the load-displacement curve obtained by the test, as 

it is evident from the curve that the specimens are transitioning from the elastic 

stage to the plastic stage at this time. The plastic development of specimens J-4 

and J-5 is more complete, indicating that the plastic deformation of joints in the 

numerical simulation occurs earlier than in the test.

 

 
 

 
 

 
 

(a) J-1 (b) J-2 
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(c) J-3 (d) J-4 

 
  

(e) J-5 

Fig. 23 Equivalent plastic strain nephogram of the joints on the compression side and the B3 bolt at the turning point 

 

The equivalent plastic strain nephogram of the B3 bolt between flange-A 

and flange-B for each specimen was shown in Fig. 24. As observed in the figure, 

the plastic strain in specimens J-1 and J-5 is confined solely to the midsection of 

the bolt. This localization of plasticity correlates with the observed stress 

distribution within the bolt. Specimen J-3 exhibits minimal plastic deformation, 

with only a small portion of the bolt undergoing plasticity. Notably, specimens 

J-2 and J-4 demonstrate plastic deformation throughout the entire bolt rod, 

indicating a more widespread strain distribution under the applied conditions. 

This variation in plastic strain among the specimens aligned with the differences 

in stress distribution, highlighting the impact of structural and loading variations 

on the deformation characteristics of the bolt.

 

 

 

 

 

 

 
(a) J-1 (b) J-2 (c) J-3 

                    

 

 

 
(d) J-4 (e) J-5 

Fig. 24 Equivalent plastic strain nephogram of the B3 bolt between flange-A and flange-B 

 

The maximum equivalent plastic strain value of the B3 bolt between flange-

A and flange-B of each specimen is shown in Fig. 25. As can be seen from the 

figure, the maximum equivalent plastic strain value of the B3 bolt for specimens 

J-1, J-2, and J-3 with different axial pressure parameters is at a low level, not 

exceeding 0.1. When the flange thickness of the specimen decreases, the 

maximum equivalent plastic strain at the bolt of the specimen reaches 0.1483, 

which is 5.2 times that of the specimen J-1. After the insertion depth of the 

specimen is halved, the maximum equivalent plastic strain at the bolt of the 

specimen is 0.1259, which is 4.4 times that of the specimen J-1. In both cases, 

the strain of the bolt reaches a considerable value, indicating relatively sufficient 

plastic deformation.
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Fig. 25 Maximum equivalent plastic strain at the B3 bolt between flange-A and flange-B of each specimen 

 

 
 

 
 

 
 

(a) J-1 (b) J-2 (c) J-3 

 
 

 
 

(d) J-4 (e) J-5 

Fig. 26 Equivalent plastic strain nephogram of the compression side of the lower steel tube 

 

 

Fig. 27 Maximum equivalent plastic strain at the compression side of the lower steel tube of each specimen 
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The equivalent plastic strain distribution on the compression side of the 

lower steel tube is shown in Fig. 26. It is evident from the figure that all 

specimens have entered a plastic state. Specimens J-1 and J-4 exhibit plastic 

deformation on both the upper and lower sides of flange-A and flange-B, and 

the maximum plastic strain is observed at the bottom of the steel tube near 

flange-C. The distribution of plastic strain in specimen J-3 is similar to specimen 

J-1, with the maximum value of plastic strain also appearing at the bottom of the 

steel tube near flange-C. The distribution of plastic strain in specimen J-3 is 

similar to specimen J-11, with the maximum value of plastic strain also 

appearing at the bottom of the steel tube near flange-C. However, no plastic 

strain is evident on the upper side of flange-A. For specimen J-4, when the 

plastic strain appears on the upper side of flange-A, there is no distinct extreme 

value, and the plastic strain distribution is relatively uniform. The strain 

distribution of specimens J-3 and J-5 is similar, with plastic strain only appearing 

on the lower side of flange-B. 

The maximum equivalent plastic strain on the compression side of the lower 

steel tube of each specimen is illustrated in Fig. 27. It is evident from the figure 

that as the axial pressure on the specimen increases, the plastic strain of the 

compression side of the lower steel tube increases. This is due to the rise of the 

axial pressure acting on the top of the joint. The magnitude of the axial pressure 

directly affects the stress condition at the bottom of the joint. The maximum 

equivalent plastic strain of specimen J-4 reaches 0.0532, which is 51.6% larger 

than specimen J-1. Reducing the thickness of the flange increases the plastic 

strain on the compression side of the lower steel tube of the joint. The maximum 

equivalent plastic strain of specimen J-5 is 0.0290, which is a reduction of 17.4% 

compared to specimen J-1. Reducing the inserting depth decreases the plastic 

deformation on the compression side of the lower steel tube of the joint. 

 

5.  Parametric analysis 

 

To further investigate the influence of various parameters on the mechanical 

strength and rotation capacity of the proposed joints, multiple sets of specimens 

were prepared in each group for numerical analysis, considering the two 

parameters of tube wall thickness and the outside diameter of flanges A and B. 

 

5.1. Effect of tube wall thickness 

 

Seven joint specimens with varying tube wall thicknesses were analyzed 

using the finite element method. The tube wall thicknesses are 6 mm, 8 mm, 10 

mm, 11 mm,12 mm,13 mm, and 14 mm, respectively. All other parameters of 

the specimens are identical to those of specimen J-1. The specific sizes of all 

specimens are shown in Table 7. 

The moment-rotation curve derived from the numerical simulation results 

of the specimens is shown in Fig. 28. The Farthest Point Method was adopted 

[44] to determine the mechanical properties of the joints, as shown in Fig. 29, 

and the initial stiffness, yield moment and corresponding yield rotation, and 

ultimate moment and corresponding ultimate rotation of each joint were given, 

as shown in Table 8. 

The data presented in Table 8 clearly show that the mechanical parameters 

of the joints exhibit a specific trend as the joint wall thickness increases. Initially, 

as the wall thickness increases from 6 mm to 10 mm, all the mechanical 

parameters, including the initial stiffness, yield moment, yield rotation, ultimate 

moment, and ultimate rotation, continuously increase, reaching a local 

maximum value at 10 mm. This indicates that a thicker wall enhances the overall 

mechanical performance of the joint. However, a different pattern emerged as 

the wall thickness increased from 10 mm to 12 mm. In this range, all the 

mechanical parameters of the joint start to decrease continuously, reaching a 

local minimum value at 12 mm. This indicates that there is an optimal range for 

the wall thickness, beyond which increasing the thickness is not advantageous 

for enhancing the mechanical properties of the joint. Interestingly, when the wall 

thickness increased from 12mm to 14 mm, the mechanical parameters of the 

joint started to increase again, continuing to rise and reaching the maximum 

value at 14 mm. This suggests that there may be additional benefits to increasing 

the wall thickness beyond the optimal range.

 
Table 7  

Detailed information of the specimens 

Specimen No. t (mm) h (mm) F (kN) s (mm) 

J-t-6 6 30 400 200 

J-t-8 8 30 400 200 

J-t-10 10 30 400 200 

J-t-11 11 30 400 200 

J-t-12 12 30 400 200 

J-t-13 13 30 400 200 

J-t-14 14 30 400 200 

Note: The naming rule of the seven specimens is J + t + tube wall thickness, where J stands for joint and t for wall thickness. 
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Fig. 28 Moment-rotation curve of the joints 
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Fig. 29 Farthest Point Method for determination of yield points of members 

 

Table 8  

Mechanical properties of the specimens 

Specimen 

No. 
𝐾0(kN·m/rad) 𝑀𝑦(kN·m) 𝜃𝑦(rad) 𝑀𝑢(kN·m) 𝜃𝑢(rad) 

J-t-6 4428 2.69 0.00061 26.50 0.03017 

J-t-8 8788 32.56 0.01103 50.58 0.03970 

J-t-10 12395 58.03 0.01119 90.54 0.04040 

J-t-11 11957 55.63 0.00965 82.15 0.03807 

J-t-12 11815 52.85 0.00957 75.75 0.03207 

J-t-13 12150 58.21 0.01119 84.05 0.04680 

J-t-14 14289 74.34 0.01155 104.66 0.05374 

 

Considering both the joint performance and economical cost, selecting a 

wall thickness of 10 mm as the most appropriate value is advisable. At this 

thickness, the mechanical properties of the joint reach their local maximum, 

indicating optimal performance and choosing a thickness of 10 mm balances the 

mechanical capabilities and the economic cost of manufacturing. It is important 

to note that the specific performance requirements, design constraints, and 

application context should be considered when determining the suitable wall 

thickness for a joint in a practical situation. 

 

5.2. Effect of flange outside diameter 

 
Five joint specimens with different outer diameters of flange-A and flange-

B were analyzed using the finite element method. The outer diameters of the 

flanges are 252 mm, 264 mm, 276 mm, 288 mm, and 300 mm, respectively. 

Other parameters of the specimens are identical to those of J-1. The specific 

dimensions of all specimens are shown in Table 9. 

 

Table 9  

Detailed information of the specimens 

Specimen No. d（mm） t (mm) h (mm) F (kN) s (mm) 

J-d-252 252 10 30 600 200 

J-d-264 264 10 30 600 200 

J-d-276 276 10 30 600 200 

J-d-288 288 10 30 600 200 

J-d-300 300 10 30 600 200 

Note: The naming rule of the five specimens is J + d + flange diameter, where J stands 

for joint and d for diameter. 

 

Based on the numerical analysis results, the moment-rotation curves of five 

joint specimens were plotted, as shown in Fig. 30. The farthest point method was 

applied to determine the yield moment and corresponding yield rotation, 

ultimate moment and corresponding ultimate rotation, and initial stiffness of the 

joint specimens, as shown in Table 10. From the information provided in Fig. 

30, it is evident that the joint labeled J-d-252 exhibits the highest initial stiffness 

and ultimate bending moment. As the outer diameters of Flange-A and Flange-

B increase, the bearing capacity of the joints decreases compared to the J-d-252 

joint. Specifically, when the outer diameter of the joint flange increases from 

264 mm to 300 mm, the yield strength and ultimate strength remain nearly 

unchanged at approximately 54 kN·m and 80 kN·m, respectively.  Additionally, 

the yield and ultimate rotation do not significantly differ, except for a slight 

reduction in the yield and ultimate rotation of J-d-300.
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Fig. 30 Moment-rotation curves of the joints 

 

Considering both the mechanical properties of the joint and economic 

factors, selecting the outer diameter of the flange as 252mm is recommended.  

The J-d-252 joint exhibits the most significant initial stiffness and ultimate 

bending moment among the tested joints. While increasing the outer diameter of 

the flange may not significantly impact the yield strength, ultimate strength, 

yield angle, or ultimate rotation, it results in a decrease in bearing capacity 

compared to the joint J-d-252. 

However, it is essential to note that the specific application, design 

requirements, and constraints should be carefully considered when determining 

the appropriate outer diameter of the flange for a joint. Other factors, such as 

cost-effectiveness and additional performance considerations, should also be 

considered when making the final decision.
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Table 10 

Mechanical properties of the specimens 

Specimen 

No. 
𝐾0(kN·m/rad) 𝑀𝑦(kN·m) 𝜃𝑦(rad) 𝑀𝑢(kN·m) 𝜃𝑢(rad) 

J-d-252 12395 58.03 0.01119 90.54 0.04040 

J-d-264 11349 54.31 0.01167 80.23 0.04755 

J-d-276 10397 53.61 0.01167 79.48 0.04843 

J-d-288 11483 53.33 0.01152 79.48 0.04843 

J-d-300 11455 53.59 0.01129 79.09 0.04478 

 

6.  Conclusions 

 

In this study, the experimental research and finite element analysis of the 

proposed joint used for advanced automation devices were conducted under 

combined vertical and lateral loads. Based on the experimental observation and 

finite element analysis, the following conclusions can be drawn: 

1. Axial force has a limited impact on the ultimate moment of the joint but 

significantly reduces the ultimate rotation. Thinner flanges A and B cause a 

15.7% drop in the ultimate moment and a 34.1% rise in the ultimate rotation. 

Halving the insertion depth leads to a 44.9% rise in the ultimate moment and 

a 31.5% rise in the ultimate rotation. Additionally, the failure of all specimens 

is due to the bolt connection, specifically the failure of the threads. However, 

no significant damage is found in the joint tube wall, indicating that the failure 

primarily occurs in the bolt connection. 

2. The moment-rotation curve and mechanical parameters derived from the 

experimental and numerical simulation studies exhibit a high degree of 

consistency. At the turning point, the progression of plastic deformation in 

simulated specimens with different axial forces aligns well with the 

experiment results. However, in the numerically simulated specimens with 

thinner flanges and shorter insertion depth, the onset of plastic deformation 

of the joint occurs earlier than in the experimental specimens. This 

discrepancy may be due to the simplification of the bolt model and the 

selection of the standard friction coefficient. 

3. The maximum equivalent stress at the B3 bolt initially increases by 2.6% and 

then decreases by 2.2% with increasing axial force. The thinner flange 

increases the stress at the B3 bolt by 3.1 % due to the diminished contact area 

between the bolt and flange resulting from decreased flange thickness, which 

enhances the stress concentration. A shorter inserting depth increases the 

stress at the B3 bolt by 5.2%, a consequence of the diminished support 

provided by the inserting portion to the upper steel tube, necessitating the 

bolts to withstand increased loads. Conversely, the maximum equivalent 

stress evolution trend on the compression side of the lower steel tube is 

opposed to that of the B3 bolt. 

4. The maximum equivalent strain at the B3 bolt initially increases and then 

decreases with the increasing axial force, while on the compression side of 

the lower steel tube, it consistently increases. The equivalent strain at the B3 

bolt in three of the five specimens exceeds that on the compression side of the 

lower steel tube, suggesting a higher failure risk at the bolts, which aligns 

with observed bolt loosening in the experiments. When the axial pressure is 

800 kN, the compression side of the lower steel tube may fail earlier due to 

the high axial pressure. When the axial pressure is 400kN, this discrepancy 

may be attributed to the simplification of bolt modeling and the selection of 

the standard friction coefficient values. 

5. The mechanical properties of the joint fluctuate with increasing tube wall 

thickness, peaking at 10 mm, which optimally balances the mechanical 

properties and economic cost. The bearing capacity of the joint decreases with 

increasing outer diameters of flange-A and flange-B. Considering both the 

mechanical performance and the financial cost of the joint, selecting a flange 

with an outer diameter of 252 mm is recommended. 

The findings in this study indicate the influence of various factors and 

parameters, such as bolt connection, axial force, flange thickness, wall thickness 

of the circular tube, and flange diameter, on the bearing and rotation capacities 

of the joint. Understanding these relationships should be beneficial to designing 

and optimizing the joint for the desired performance. Although this paper has 

made efforts to study the joint of the automated construction device, there are 

still some shortcomings that need to be addressed. Future research could focus 

on exploring the mechanical response of the joint under dynamic loads or 

investigating the mechanical properties of the joint when utilizing new materials. 

Such studies will provide a deeper understanding of joint performance and 

durability, potentially leading to further improvements in the design and 

functionality of automated construction systems.  
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