


 
ISSN 1816-112X 

 

Science Citation Index Expanded, 
Materials Science Citation Index 
and ISI Alerting 

 
EDITORS-IN-CHIEF G.W.M. Ho 

Ove Arup & Partners Hong Kong Ltd., Hong Kong, 

China 

 

Todd A. Helwig 

University of Texas at Austin, USA 

 

B.A. Izzuddin 

Imperial College of Science, Technology and 

Medicine, UK 

 

J.P. Jaspart 

Univ. of Liege, Belgium 

 

S. A. Jayachandran 

IIT Madras, Chennai, India 

 

S.E. Kim 

Sejong Univ., South Korea 

 

S. Kitipornchai 

The Univ., of Queensland, Australia 

 

D. Lam 

Univ. of Bradford, UK 

 

H.F. Lam 

City Univ. of Hong Kong, Hong Kong, China 

 

G.C Li 

Shenyang Jianzhu Univ., China 

 

G.Q. Li 

Tongji Univ., China 

 

J.Y.R. Liew 

National Univ. of Singapore, Singapore 

 

E.M. Lui 

Syracuse Univ., USA 

 

Y.L. Mo 

Univ. of Houston, USA 

 

J.P. Muzeau 

CUST, Clermont Ferrand, France 

 

D.A. Nethercot 

Imperial College of Science, Technology and 

Medicine, UK 

 

Y.Q. Ni 

The Hong Kong Polyt. Univ., Hong Kong, China 

 

D.J. Oehlers 

The Univ. of Adelaide, Australia 

 

J.L. Peng 

Yunlin Uni. of Science & Technology, Taiwan, China 

 

K. Rasmussen 

The Univ. of Sydney, Australia 

 

J.M. Rotter 

The Univ. of Edinburgh, UK 

 

C. Scawthorn 

Scawthorn Porter Associates, USA 

 

P. Schaumann 

Univ. of Hannover, Germany 

 

Y.J. Shi 

Tsinghua Univ., China 

 

 

G.P. Shu 

Southeast Univ. China 

 

L. Simões da Silva 

Department of Civil Engineering, University of 

Coimbra, Portugal 

 

G. Shi 

Tsinghua Univ., China 

 

J.G. Teng 

The Hong Kong Polyt. Univ., Hong Kong, China 

 

G.S. Tong 

Zhejiang Univ., China 

 

K.C. Tsai 

National Taiwan Univ., Taiwan, China 

 

C.M. Uang 

Univ. of California, USA 

 

B. Uy 

University of Western Sydney, Australia 

 

M. Veljkovic 

Univ. of Lulea, Sweden 

 

F. Wald 

Czech Technical Univ. in Prague, Czech 

 

Y.C. Wang 

The Univ. of Manchester, UK 

 

B. Wu 

South China University of Technology, China 

 

Y.B. Wang 

Tongji Univ., China 

 

D. White 

Georgia Institute of Technology, USA 

 

Y.L. Xu 

Southwest Jiaotong University, China 

 

E. Yamaguchi 

Kyushu Institute of Technology, Japan 

 

Y.B. Yang 

National Taiwan Univ., Taiwan, China 

 

Y.Y. Yang 

China Academy of Building Research, Beijing, China 

 

B. Young 

The Hong Kong Polyt. Univ., Hong Kong, China 

 

X.L. Zhao 

The Hong Kong Polyt. Univ., Hong Kong, China 

 

X.H. Zhou 

Chongqing University, China 

 

S.Y. Zhu 

The Hong Kong Polyt. Univ., Hong Kong, China 

 

R.D. Ziemian 

Bucknell Univ., USA 

 
J.X. Zhao 
South China University of Technology, China 
 

 
Asian Pacific, African 
and organizing Editor 
S.L. Chan 
South China University of Technology, China 
 
American Editor 
W.F. Chen 
Univ. of Hawaii at Manoa, USA 
 
European Editor 
R. Zandonini 
Trento Univ., Italy 
 
ASSOCIATE EDITORS 
 
Y.P. Liu 
South China University of Technology, China 
 
S.W. Liu 
The Hong Kong Polyt. Univ., Hong Kong, China 
 
INTERNATIONAL 
EDITORIAL BOARD 
 
F.G. Albermani 

Central Queensland Univ., Australia 

 

I. Burgess 

Univ. of Sheffield, UK 

 

F.S.K. Bijlaard 

Delft Univ. of Technology, The Netherlands 

 

M.A. Bradford 

The Univ. of New South Wales, Australia 

 

D. Camotim 

Technical Univ. of Lisbon, Portugal 

 

C.M. Chan 

Hong Kong Univ. of Science & Technology, Hong Kong, China 

 

T.H.T. Chan 

Queensland Univ. of Technology, Australia 

 

T.M. Chan 

The Univ. of Hong Kong, Hong Kong, China 

 

Z.H. Chen 

Tianjin Univ., China 

 

S.P. Chiew 

Nanyang Technological Univ., Singapore 

 

G.G. Deierlein 

Stanford Univ., California, USA 

 

L. Dezi 

Univ. of Ancona, Italy 

 

D. Dubina 

The Politehnica Univ. of Timosoara, Romania 

 

R. Greiner 

Technical Univ. of Graz, Austria 

 

L. Gardner 

Imperial College of Science, Technology and Medicine, UK 

 

Y. Goto 

Nagoya Institute of Technology, Japan 

 
L.H. Han 
Tsinghua Univ. China 
 
S. Herion 

University of Karlsruhe, Germany 
 
 
 

Cover: Guangzhou Baiyun International Airport T3, China. Photo@ Li Kai-Jian 
e-copy of IJASC is free to download at “www.ascjournal.com” in internet and mobile apps. 



 
General Information 

Advanced Steel Construction, an international journal 

 
Aims and scope 
 
The International Journal of Advanced Steel Construction provides a platform for the publication and rapid dissemination of original 
and up-to-date research and technological developments in steel construction, design and analysis.  Scope of research papers 
published in this journal includes but is not limited to theoretical and experimental research on elements, assemblages, systems, 
material, design philosophy and codification, standards, fabrication, projects of innovative nature and computer techniques.  The 
journal is specifically tailored to channel the exchange of technological know-how between researchers and practitioners.  
Contributions from all aspects related to the recent developments of advanced steel construction are welcome. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Disclaimer.  No responsibility is assumed for any injury and / or damage to persons or property as a matter of products liability, negligence or 

otherwise, or from any use or operation of any methods, products, instructions or ideas contained in the material herein. 

Subscription inquiries and change of address.  Address all subscription inquiries and correspondence to Member Records, IJASC.  Notify an 

address change as soon as possible.  All communications should include both old and new addresses with zip codes and be accompanied by a 

mailing label from a recent issue.  Allow six weeks for all changes to become effective. 

The Hong Kong Institute of Steel Construction 

HKISC 

c/o Prof. SL Chan, 

Unit 209B, Photonics Centre, No. 2 Science Park East Avenue, 

Hong Kong Science Park, Shatin, N.T., Hong Kong, China. 

Tel: 852- 3595 6150   Fax: 852- 3619 7238 

Email: ceslchan@connect.polyu.hk    Website: http://www.hkisc.org/ 

ISSN 1816-112X 

Science Citation Index Expanded, Materials Science Citation Index and ISI Alerting 

Copyright © 2026 by: 

The Hong Kong Institute of Steel Construction. 
 

mailto:ceslchan@connect.polyu.hk


 
ISSN 1816-112X 
 

Science Citation Index Expanded, 
Materials Science Citation Index and 
ISI Alerting  

 
EDITORS-IN-CHIEF 
 
Asian Pacific, African 
and organizing Editor 
S.L. Chan 
South China University of  
Technology, China 
Email: ceslchan@scut.edu.cn 

 
American Editor 
W.F. Chen 
Univ. of Hawaii at Manoa, USA 
Email: waifah@hawaii.edu 

 
European Editor 
R. Zandonini 
Trento Univ., Italy 
Email: riccardo.zandonini@ing.unitn.it 

 

VOLUME 22 NUMBER 2 April 2026 
 

Technical Papers  

  
Experimental and Numerical Analysis on the Structural Properties of 

Concrete-Filled Rectangular Thin-Walled High-Strength Stainless-Steel Tubular 

Columns 

130 

Jun Zhao, Yang Peng, Wei-Chao Zhang, Shen-Lan Li and Jun Dong*  

  

Study on the Fatigue Performance of Cross-Welded Steel Fabric for 

Simple-Supported Box Girder of High-Speed Railway 

143 

Chuang Du*, Qi-Hui Gao, Jin-Li Qiao, Xiao-Tong Liu and Didier Nshimiyimana  

  

Experimental Study on Flexural Performance of Large-Section Partially Encased 

Composite Beam with Web Openings 

153 

Hong-Xin Liu, Ping Yang, Yu-Kun Yang, Jie Li, Ya-Ming Li, Shui-Zhong Jia and 

Xiao-Meng Xie* 

 

  

Influence of Welding Residual Stress on Axial Mechanical Properties of Hollow 

Spherical Joints 

170 

Ren-Zhang Yan*, Hao-Ping Ji, Shuai Wang, Xiao-Qiang Jin and Lin Song  

  

Theoretical Full-Process Calculation and Analysis for Subcomponents in 

End-Plate-Bolted Beam-Column Joints 

181 

Kang Ma*, Yi-Ming Gao, Zhuo Wang, Ruo-Yang Wu, Hai-Feng Yu, Pan Xu and 

Yong Li 

 

  

Numerical Study on Stiffened Concrete-Filled Double Steel Tube Square Columns 

Behaviour 

198 

Mohamed Ghannam* and Md Kamrul Hassan  

  

Experimental Study on Seismic Behavior of Double-Skin Composite Wall with 

Rebar Trusses 

208 

Li-Ping Zhang, Yan-Sheng Huang, Chun Yang*, Chi-Yu Luo, Xing-Long Luo, 

Bing-Qiang Sui and Jian Cai 

 

  

Study on Band Gap Characteristics of Periodic Grid Structure and Shock Wave 

Attenuation in It 

222 

Hai-Xiang Zhao, Bai-Qian Sun, En Zhang, Zhi-Xing Wang, Li-Gang Zheng, Qian 

Yang, Peng-Cheng Chen* and Guo-Yun Lu 

 

  

Experimental Study on Mechanical Properties of Prefabricated Beam and Slab 

Units of New Assembled Raft Foundation 

237 

Ji-Zhi Su, Chen-Lei Wang, Wen-Tao Qiao*, Wu-Chen Zhang and Li-Huan Wang  

  

A Data-Centric Strategy to Mitigate Overfitting of ML Models for Predicting 

Torsional Capacity for CFST Columns 

244 

Ming-Xia Dang, Meng-Xue Guo*, Ying Li, Hua Li and Shi-Lin Yang  

  

  

 

 

 

 

 

 



  



 
Advanced Steel Construction – Vol. 22 No. 2 (2026) 130–142  
DOI:10.18057/IJASC.2026.22.2.1 

130 

 
 

EXPERIMENTAL AND NUMERICAL ANALYSIS ON THE STRUCTURAL 

PROPERTIES OF CONCRETE-FILLED RECTANGULAR THIN-WALLED HIGH-

STRENGTH STAINLESS-STEEL TUBULAR COLUMNS 
 

Jun Zhao 1, Yang Peng 2, Wei-Chao Zhang 3, Shen-Lan Li 4 and Jun Dong 2 , * 
 

1 School of Civil Engineering and Architecture, Changzhou Institute of Technology, Changzhou 213032, China 

2 College of Civil Engineering, Nanjing Tech University, Nanjing 211816, China 

3 Sinopec Sales Co., Ltd. Lianyungang Petroleum Branch, Lianyungang 222500, China 

4 Rural Economic Service Center of Banpu Town, Lianyungang 222241, China 

* (Corresponding author: E-mail: dongjun@njtech.edu.cn) 

 

A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Exploring high-performance structures suitable for high corrosion marine environment is one of the research priorities in 

engineering. In order to meet the requirements of the marine environment and reduce costs, thin-walled stainless-steel was 

used to design a high-performance component. Two stainless-steel lipped channels were welded to form a new stainless-

steel tubular column, with concrete filled inside, a high-performance concrete-filled stainless-steel tubular column was 

designed. Axial compression short column test, finite element analysis of axial compression short columns, axial 

compression and compression-bending intermediate-length columns were carried in the paper. Six groups of axial 

compression tests were conducted, results shown that both rectangular stiffening ribs and V-shaped stiffening ribs could 

enhance the restraint capacity of the external stainless-steel tube. The ultimate capacity of the axial compression short 

column with bidirectional ribs was 15.04% higher than that of the short column with unidirectional ribs. The axial 

compression mechanization of short columns, axial compression and compression-bending mechanization of median long 

column were analyzed by FEM. For axial compression short columns, the main parameters were the size of the V-shaped 

stiffeners and the compressive strength of the concrete. When the width-to-thickness ratio of the V-shaped stiffener was 

8.33 and the angle was 90°, the cross-sectional performance was the best. When the concrete was C80, the peak load was 

increased by 17.20% compared with C60. For axial compression and compression-bending intermediate-length columns, 

the main parameters were the slenderness ratio and eccentricity. When the slenderness ratio was in the range of 15.17-91.02, 

the larger the slenderness ratio, the faster the stiffness degradation. When the eccentricity was in the range of 0.56-3.75, the 

deformation capacity of intermediate-length columns was better, and the ductility was also better. The recommendation of 

compression-bending capacity calculation formula was proposed, with high accuracy. 
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1.  Introduction 

 

Seawater and ocean currents could easily cause corrosion and impact, 

restricting the development of marine engineering [1-3]. High-strength 

stainless-steel had good mechanical properties and corrosion resistance, which 

could meet the highly corrosive environmental conditions and reduce the 

maintenance cost [4-5]. Welding the lipped channels and assembled into a 

rectangular section, with concrete filled inside, a better performance component 

with bidirectional ribs could formed [6-8]. It had advantages of light self-weight, 

strong corrosion resistance and large capacity compared with concrete-filled 

steel tube [9-10]. 

Scholars have carried out related experiments and theoretical research on 

concrete-filled steel tube for decades [11-13]. Lai et al. [14] collected the test 

data of 41 groups of axial compression short columns, 17 groups of 

compression-bending members and 4 groups of pure bending members with 

thin-walled and non-compact sections of concrete-filled steel tubes. A finite 

element numerical model was established to determine the applicability of AISC 

360 for calculating rectangular thin-walled concrete-filled steel tube 

components. Aslani et al. [15] collected 316 groups of test data of axial 

compression short columns and axial compression long columns of rectangular 

and square concrete-filled steel tubes, and calculated the applicability of the 

Australian design code to the axial compression capacity of high-strength 

concrete-filled steel tube components. Liew et al. [16] conducted compression-

bending experiments on square high-strength steel tube columns. With ultra-

high-strength concrete filled inside, the calculated values of the test and 

different steel reduction factors were calculated. The results showed that high-

strength concrete-filled steel tubes could be designed and calculated using the 

fully plastic bending moment method. Zhou et al. [17] and Zhang et al. [18] 

found the existence of stiffeners could effectively enhance the bond between 

concrete and steel tubes and reduce the slip, and could give full play to the 

material properties and increase the overall working performance of the short 

columns. Ellobody et al. [19] added stiffeners in rectangular and square 

concrete-filled high-strength stainless-steel tubular columns to study their 

mechanical properties. The tests showed that the ductility and strength of 

stiffened stainless-steel tube concrete columns were greatly improved. Lam et 

al. [20] conducted axial compression tests of square stainless-steel columns 

filled with concrete (30-100 MPa). The calculation results of the axial 

compression capacity of concrete-filled steel tube columns were obtained. 

Gardner et al. [21] conducted a series of axial compression tests of concrete-

filled stainless-steel tubes. The tests found that under the same conditions, the 

axial compression capacity of concrete-filled stainless-steel tubes was higher 

than that of concrete-filled steel tubes. Uy et al. [22] conducted axial 

compression and compression-bending mechanical performance tests of 

concrete-filled stainless-steel tube short columns. The research showed that the 

mechanical performance was excellent. Subsequently, B. Uy et al. [23] studied 

the mechanical performance of thin-walled concrete-filled steel tube columns 

through experiments. The test results showed that the width-to-thickness ratio 

corresponding to severe buckling of the steel tube was greater than 100. To sum 

up, scholars had achieved certain results in cold-formed thin-walled steel tubes 

with different sections and concrete-filled steel tube components [24-29], but 

there were no research on tubular columns  assembled by lipped channels. Two 

stainless-steel lipped channels were welded to form a new stainless-steel tubular 

column, with concrete filled inside, a high-performance concrete-filled 

stainless-steel tubular column was formed. 

This paper designed a new type of concrete-filled rectangular thin-walled 

stainless-steel tubular columns. It had advantages of strong capacity, simple 

process, and had abundant raw material reserves. Axial compression short 

column test, finite element analysis of axial compression short columns, axial 

compression and compression-bending intermediate-length columns were 

carried in the paper. The key parameters were analyzed, and the recommended 

calculation method was also proposed. 
 

2.  Axial compression test of short columns 

 

2.1. Design and fabrication of specimens 
 

The external casing was composed of two duplex stainless-steel 2205 

lipped channels, and the splicing part was equivalent to unidirectional ribs. To 

prevent the situation of substandard material strength, the strength grade of the 

infilled concrete was C60 [20]. The fabrication and curing of core concrete was 

carried out in accordance with the Code GB/T 50081-2002 [30]. The design 

scheme was shown in Fig.1. The original cross-section was named RA section. 

The enhanced component cross-section was named RB section. The cold-

formed V-shaped ribs were arranged on the long side. The parameters were 
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shown in Table 1.  

 

Table 1  

Parameters of the specimen 

Type H/mm B/mm D/mm R1/mm R2/mm t/mm b0/mm b0/t As/mm2 Ac/mm2 bs/mm 

RA 480 160 140 4 4 3 - - 1942.5 20430.3  - 

RB 480 160 140 1 1 3 54 18 2036.9 19537.1  30 

Where，As-Area of the stainless-steel tube; Ac-Area of concrete inside. 

 

   
 (a) RA section (b) RB section (c) Elevation 

Fig. 1 Details of specimens 

 

  
(a) RA specimens (b) RB specimens 

Fig. 2 Processed specimens 

 

Table 2  

Actual size of specimens 

Specimen  
Height 

H/mm 

Section 

length 

B/mm 

 Section 

breadth 

D/mm 

Average thick-

ness of the 

tube t/mm 

Rectangular 

stiffening ribs 

length hs/mm 

V-shaped  

stiffening ribs 

right-angle edge 

length bs/mm 

Concrete 

area Ac/ 

mm2 

Stainless-

steel tube 

area As/ 

mm2 

Strength and capacity 

estimate value Nu
,
/kN 

RA-1 478.5 139.5 161.0 2.83 15.17 - 1832.4 20599.4 2163 

RA-2 479.0 140.0 161.5 2.84 16.66 - 1838.9 20743.9 2154 

RA-3 479.0 139.5 160.5 2.83 15.67 - 1830.4 20550.4 2160 

RB-1 479.0 139.5 160.0 2.79 16.21 30.1 1904.3 19738.7 2515  

RB-2 479.0 140.0 159.5 2.84 15.66 30.5 1912.2 19583.8 2517  

RB-3 478.5 139.5 160.5 2.83 15.67 30.0 1903.4 19659.6 2520  

 

Before pouring concrete, the actual cross-sectional dimensions of the 

components were measured first. Fig.2 shows the specimens of the finished 

preparation. The measured actual cross-sectional dimensions are shown in Table 

2. 

 

2.2. Test equipment and loading scheme 

 

2.2.1. Loading equipment  
The axial compression test was conducted using a 10,000 kN compression-

shear testing machine, as shown in Fig.3. The accuracy of the testing machine 

was 0.01 kN. The maximum movable distance of the loading end of the testing 

machine was 450 mm, and the maximum distance between the loading end and 

the base was 2600 mm. Before the test, it was necessary to set up supports with 

a height of 1975 mm. Test load and displacement was recorded. 

 

2.2.2. Test equipment and layout of measuring points 

The test adopted the DIC-3D 2014a acquisition system, the test equipment 

and layout of measuring points were shown in Fig.4. The DIC-3D equipment 

was arranged on the key non-loading surface, and the entire process of 

component deformation was recorded by the camera. In order to verify the 

accuracy of the measurement results of the DIC-3D system, four longitudinal 

strain gauges were arranged and compared with the DIC-3D results. When the 

strain was large, the strain gauge could only measure the deformation of the 

initial section. When the deformation is greater than 20,000𝜇𝜀, the strain gauge 

cannot measure and its results cannot be compared with the results of the DIC-

3D [31].  
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Fig. 3 Loading equipment 

 

  

 

(a) RA specimens 
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(b) RB specimens 

Fig. 4 DIC-3D test equipment and layout of measuring points 

 

Table 3  

Detailed loading parameters 

Type 

Preloading Stage Ⅰ Stage Ⅱ Stage III 

Expected total time 

consumption /min Preloading 

value/kN 

Load per 

level/kN 

Ending 

load /kN 

Expected time 

consumption 

/min 

Load per 

level/kN 

Ending 

load /kN 

Expected 

time con-

sumption 

/min 

Expected defor-

mation 

amount/mm 

Expected time 

consumption 

/min 

RA 110 140 1540 24 110 1980 11 
12 6 

31 

RB 125 160 1760 24 125 2260 9 29 

 

2.2.3. Loading system 

The loading scheme adopted the monotonic loading with the combined 

control of force and displacement, and the loading steps were as follows: (1) 

Preloading: Preloading to about 5% of the estimated ultimate load to check the 

stability of the test system and the reliability of the measuring points, and then 

completely unloaded. (2) First stage: When the load was less than or equal to 

70% of the estimated capacity. (3) Second stage: When the load was greater than 

70% of the estimated capacity to about 90% of the estimated capacity. (4) Third 

stage: When the load reached 90% of the estimated ultimate load. The loading 

parameters of the specific components were shown in Table 3. 

 

2.2.4. Test scheme 

The measurement results of the DIC (Digital Image Correlation) equipment 

were compared with those of the strain gauges and displacement meters to 

detect the local deformation of the outer wall of the stainless-steel tube during 

the loading process. The range of the strain gauge was 20,000 (2%). 

Displacement meters were arranged on the outside and in the middle of the 

specimen, which were used to measure the longitudinal and transverse total 

deformations of the specimen respectively. Four displacement meters with a 

range of 200 mm were arranged on the outside of the specimen, and the 

displacement meters were parallel to the longitudinal direction of the specimen. 

The transverse displacement meters were arranged at the H/2 height between 

the outer cover plate and the bottom plate of the tube wall on the corresponding 

surface (rectangular rib surface B) of the DIC acquisition system and the 

adjacent surface of the corresponding surface (non rib surface B or V-shaped rib 

surface B). 

 

2.3. Test results and analysis 

 

2.3.1. Test process and main phenomena 
Fig.5 and Fig.6 showed the situation of concrete spalling after the 

specimens were cut. The failure mode of the components could be seen in Fig.9-

Fig.10. The concrete at the slit did not spall, indicating that the cutting had 

almost no influence on the actual concrete spalling of the specimens. The failure 

mode of the internal concrete could clearly represent the state of the specimens 

after the axial compression test. 

For the axial compression short columns of RA and RB in Fig.6, both 

rectangular stiffeners and V-shaped stiffeners enhanced the restraint capacity of 

the external stainless-steel tube. The difference was that the failure mode of 

unidirectional stiffeners was shear failure, while that of bidirectional stiffeners 

was atypical drum-shaped failure.

 

   

Fig. 5 The failure characteristics of RA component  
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Fig. 6 The failure characteristics of RB component  

 

  

(a) RA-2 (b) RB-2 

  
(c) RA-3 (d) RB-3 

Fig. 7 Comparison of load-displacement curves of experiment and DIC-3D system 

 

Table 4  

Comparison of experimental and theoretical values 

Specimen 
Test value Nue/

kN 

Estimate of capacity Nu
, /

kN 
Nu
, /Nue 

RA-1 2175 2163 0.994 

RA-2 2218 2154 0.971 

RA-3 2149 2160 1.005 

RB-1 2487 2515 1.006 

RB-2 2499 2517 1.007 

RB-3 2540 2520 0.992 

 

2.3.2. Test data and analysis 

The displacement data obtained from displacement gauges were compared 

with that of DIC-3D system, as shown in Fig.7. It could be seen that the 

displacement data of displacement gauges was in good agreement with the DIC-

3D system. After calculation, the ultimate capacity of the axial compression 

short column with bidirectional ribs was 15.04% higher than that of the short 

column with unidirectional ribs. Stiffeners on the external stainless steel tube 

changed the buckling state of the component. The unidirectional stiffened 

component began to buckle when the external stainless-steel tube reached 70% 

of the ultimate capacity, while the bidirectional stiffened component did not 

buckle before reaching the ultimate bearing capacity. 

 

2.3.3. Test results 

The capacity obtained from the test was compared with the estimated value 

[26], as shown in Table 4. It was found that the test values agreed well with the 

theoretical values. 

 

3.  Finite element modeling and validation 

 

3.1. Establishment of the FEM 
 

In the verification of the finite element model of the axial compression short 

column, the stress-strain curves of experiments were adopted and transformed 

into the true stress-strain curve, as shown in Fig.8. The nominal yield strength 

fy was taken as 563 MPa, the elastic modulus Es was taken as 220087 MPa, and 

the Poisson's ratio was taken as 0.3 [32]. The concrete and steel pipe grid are 

6mm × 6mm, and the end plate grid is 18mm × 18mm. The upper and lower 

end plates and the high-strength stainless-steel tube were constrained by binding; 

the upper and lower end plates and the core concrete were in normal "hard" 

contact; the tube and the core concrete were in "hard" contact. The contact 

between the tube and the core concrete in the tangential direction, adopted the 

Coulomb friction model. Considering the surface of the stainless-steel was 
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relatively smooth and the bonding with the concrete was poor, the interface 

friction coefficient was taken as 0.2. In ABAQUS analysis, the material with a 

larger elastic modulus was taken as the master surface in the simulation, and the 

one with a smaller elastic modulus was taken as the slave surface. Therefore, 

the high-strength stainless-steel tube was used as the master surface, and the 

core concrete was used as the slave surface in the simulation. According to the 

experimental analysis, the straight ribs of the steel tube were in good contact 

with the core concrete during the failure analysis of the specimen. The straight 

ribs and the core concrete were constrained by binding (Tie). The weld seams 

were constrained by binding (Tie). The concrete adopted a plastic damage 

model with the following parameters: the dilation angle was set to 30°; the 

flow eccentricity was 0.1; the ratio of biaxial compressive strength to uniaxial 

compressive strength was 1.16; the ratio of the second stress invariant in tension 

to that in compression was 0.667; and the viscosity parameter was set to 0. For 

the initial geometric defects of median long column compression-bending 

members, the amplitude calculation was consistent with that of short column 

under axial compression. The eigenvalue buckling analysis was first carried out, 

and the lowest-order mode and first-order mode of the analysis results were 

taken as the initial geometric defects in the model analysis. Considering its 

overall buckling, the initial geometric defect should also took L/1000 as its 

overall geometric defect. 

 

 

Fig. 8 True stress-strain curve 

 

 
 

(a) Experiment (b) FEM 

Fig. 9 Failure diagram of RA component  

 

 

(a) Experiment (b) FEM 

Fig. 10 Failure diagram of RB component 

 

3.2. Verification of the FEM 

 

3.2.1. Comparison of failure modes and stress cloud diagrams 
At the beginning of the loading, the component was in the elastic stage, and 

there was no obvious change on the surface of the high-strength stainless-steel 

tube. As the load increased, when it reached about 0.7Nu, local buckling 

occurred in the middle of the RA component. While for the RB component, due 

to the V-shaped stiffeners, buckling only occurred in the middle of the 

component when it reached the ultimate capacity. Subsequently, the buckling 

phenomenon was obvious and the component was damaged, as shown in Fig.9 

and Fig.10. The final deformation obtained by FEM (Finite Element Method) 

was basically consistent with the experiment.  

 

3.2.2. Analysis of the load-displacement curves 

Tests and FEM load-displacement curves of RA and RB components were 

shown in Fig.11. Table 5 listed the ultimate capacities of the two types of 

components obtained from the experiment and the FEM. Where, Nexp 

represented the ultimate capacity in the experiment, and Nsim represented the 

ultimate capacity in FEM. According to the Table 6, the maximum difference 

was 8.7%, and the average difference was 4.3%, indicating that the simulation 

results were reliable. From the failure mode and the load-displacement curve, 

the finite element model was in good agreement with the experiment, and 

parameter analysis could be conducted using FEM. 
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(a) RA type specimens (b) RB type specimens 

Fig. 11 Comparison of load-displacement curve 

 

Table 5  

Comparison of ultimate capacity between test and FEM 

Specimen 
Ultimate capacity /kN 

Nexp/Nsim 
Nexp/kN Nsim/kN 

RA-1 2175 2355 0.92 

RA-2 2218 2355 0.94 

RA-3 2149 2355 0.92 

RB-1 2487 2492 1.00 

RB-2 2499 2492 1.00 

RB-3 2540 2492 1.02 

 

4.  Numerical analysis of structural performance and compression-bend-

ing capacity calculation 

 

4.1. Analysis of axial compression of short columns  

 

4.1.1. Analysis of the loading process 
The whole loading process curves of RA and RB components under axial 

compression load were showed in Fig.12. The peak strain of concrete was about 

0.004, which was much larger than the peak strain of 0.0024 of plain concrete 

under uniaxial compression. The axial compression peak strains corresponding 

to RA and RB components were 0.00347 and 0.00409 respectively, and the axial 

compression ultimate capacities were 2355.8 kN and 2497.7 kN. The ultimate 

capacity was increased by 6.0%. It showed that compared with RA components 

without stiffeners, the V-shaped stiffeners of RB components had a stronger 

ability to confine the core concrete and could better improve the ultimate 

capacity of axial compression. In the descending section, the curve of RB 

components was gentler compared with that of RA, indicating that V-shaped 

stiffeners could improve the ductility. 

 

 

Fig. 12 Axial load-strain relationship curves of RA and RB members 

 

4.1.2. Analysis of the concrete cross-section performance 

The greater the lateral restriction provided by the high-strength stainless-

steel tube was, the larger the range of the effective confined zone of the core 

concrete was. Fig.13 showed the Mises stress distribution nephogram of the 

middle section of the concrete of RA and RB components at the ultimate load. 

The lateral restriction of RA was mainly concentrated at the corners, right-angle 

ribs and the center of the section. The diagonal confined zone was synthesized 

along two directions relying on the stiffness of the right-angle ribs and corners. 

The lateral restriction of RB was mainly distributed at the corners, right-angle 

ribs, the corners of V-shaped stiffeners and the center of the section, and the area 

of the middle confined zone was larger than that of the cross-section of RA, 

which was about twice the area of the middle confined zone of RA component. 

 

   
 (a) RA specimens (b) RB specimens 

Fig. 13 Stress nephogram of middle section of the core concrete  
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4.1.3. Analysis of the interface performance between stainless-steel and 

concrete 

When the axial load was small, the high-strength stainless-steel tube and 

the concrete remained in a bonding state and had good contact. As the axial load 

increased, gaps began to appear. The gaps mainly occurred at the surface and V-

shaped stiffener, while the corners and right-angle ribs still maintained a good 

contact relationship. The cross-sections of RA and RB short columns reaching 

the ultimate capacity were shown in Fig.14, where P is the midpoint on the edge 

of the non-ribbed surface (RA) and the V-shaped stiffener surface (RB) of the 

mid-span section of the short column. The non-ribbed surface of the middle 

section of the RA short column had already undergone visible bulging, while 

the RB was not obvious, and at the later stage of loading, the tube and the 

concrete were separated at P. The deformation and failure of the short column 

were caused by the buckling of the stainless-steel tube in the middle and the 

transverse deformation. The relationship between the contact gap and the 

longitudinal displacement at point P of the RA and RB short columns was shown 

in Fig.15. At the initial stage of loading, the contact gap of the two types of 

components remained zero at P. When the ultimate capacity was reached, the 

contact gap between the tube and the concrete of RA reached 1.68 mm, while 

the contact gap of RB was only 0.48 mm, indicating that the V-shaped stiffener 

could greatly alleviate the buckling of the high-strength stainless-steel tube. 

 

 

(a) RA type specimens 

 

(b) RB type specimens 

Fig. 14 Deformation of mid-span section of short column 

 

 

Fig. 15 Contact gap-displacement curve of P point 

 

4.1.4. Analysis of the influence of main parameters 

This section conducted a parameter analysis taking the size of the V-shaped 

stiffeners (including the angle    and depth 
vh  ), the strength of the core 

concrete, and the width-thickness ratio of the plate 0 /b t
  

as variables, as 

shown in Fig.16. 

 

 

Fig. 16 Details of V-stiffener size 

 

Where,   were taken as 30°, 45°, 60°, 90°, and 120°, and vh  

were taken as 18mm, 19mm, 20mm, 22mm, 24mm, 27mm and 30mm. Fig.17 

showed the depth-ultimate load relationship curves of different depths vh  of 

V-shaped stiffeners. When the angles of V-shaped stiffeners 
 
were 30°, 45°, 

and 60° respectively, the ultimate load increased with the increase of the depth. 

When   was 90°, the ultimate load slightly decreased with the increase of the 

depth. While when   was 120°, the ultimate load decreased rapidly with the 

increase of the depth. The reason was that: with the continuous increase of the 

load, the entire component entered the elastic-plastic stage. The Poisson's ratio 

of the concrete was greater than that of the stainless-steel tube, the transverse 

deformation of the concrete was greater than that of the stainless-steel tube, and 

the concrete exerted lateral pressure on the steel tube. When   was 120°, even 

if the minimum stiffness of the V-shaped stiffener met the requirements, it was 

not conducive to improving the stiffness of the steel tube. Compared with the 

V-shaped stiffeners with small angles, it was more likely to bulge outward under 

the action of lateral load, indicating that the use of 120° V-shaped stiffener could 

not effectively improve the confinement effect on the concrete.  When the 

depth was less than 20mm, the section performance increased with the increase 

of the depth of the V-shaped stiffener. When the depth was greater than 20mm, 

the section performance decreased with the increase of the depth of the V-

shaped stiffener. In particular, when the angle was 90 ° , the section 

performance dropped rapidly. After the depth exceeded 25mm, the section 

performance was lower than that of the 60°section. When the angle of the V-

shaped stiffener was 120°, the section performance at any depth was far lower 

than that of other angles. Therefore, in actual engineering design, angles greater 

than 90°were avoided. 

 

 

Fig.17 Relationship between V-shaped stiffener depth and ultimate load 

 

Fig.18 showed the relationship between different angles of V-shaped 

stiffeners and ultimate loads. As    increased, the ultimate load of the 

component continuously decreased. The greater vh , the greater the degree of 

decrease in the ultimate load. When the depth vh
 
was small (18-20mm), the 
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smaller the angle, the smaller the stiffness of the V-shaped stiffener, resulting in 

a relatively low ultimate capacity. When 
vh  was small (22-30mm), the larger 

the angle, the greater the weakening degree of the V-shaped stiffener on the 

component section, also resulting in a relatively low ultimate capacity. After 

analysis, the optimal size of the V-shaped stiffener was a depth of 20mm, that 

is, the width-thickness ratio of the V-shaped stiffener plate was 8.33, and the 

angle was 90°.  

 

 

Fig. 18 Relationship between V-shaped stiffener angle and ultimate load 

 

On the basis of determining the size of the V-shaped stiffener, different 

strengths of high-strength concrete were selected as parameters to analyze their 

applicability with high-strength stainless-steel tubes, in order to give full play 

to the mechanical properties of both. The high-strength concrete was taken as 

C60 to C80 respectively, with a total of 5 sets of components. The specific 

parameter information was shown in Table 6. The components were assigned 

according to R-concrete strength. For example: R-C60 indicated that the 

component had a concrete strength of C60. After analysis, the peak load 

corresponding to C60 was 2242 kN, and the peak load corresponding to C80 

was 2628 kN, with an increase of 17.20%. Fig.19 showed the axial forces by 

the stainless-steel tube and the concrete under different strengths. 

 

Table 6  

Details of concrete strength 

Speci-

men 

H/

mm 

B/m

m 

D/

mm 

t/ 

mm 

Con-

crete 

grade 

fck/MPa fc’/MPa Nu/kN 

RB-60 

480 160 140 3 

C60 38.5 49.97 2242.93 

RB-65 C65 41.5 54.90 2336.75 

RB-70 C70 44.5 60.98 2435.78 

RB-75 C75 47.5 64.98 2532.10 

RB-80 C80 50.2 69.97 2628.77 

 

 

Fig. 19 Ratio of stainless-steel tube to concrete capacity 

 

Different stainless-steel tube thicknesses were chosen to study the influence 

of different width-thickness ratios of the plate on the axial compression 

performance of the short columns. The thicknesses were taken as 2.0mm, 

2.5mm, 3.0mm, 3.5mm, and 4.0mm. Fig.20 showed the ratio of the average 

stress of the tube section to the yield strength for different width-thickness ratios 

of the plate. When the width-thickness ratio was between 18 and 21.3, the 

average stress of the tube section could reach 0.95 fy, indicating that the tube 

could better exert its material properties at this time. Therefore, the width-

thickness ratio was recommended to be 18-21.3. 

 

 

Fig. 20 Ratio of average stress to yield strength of steel tube section  

with different width-to-thickness ratio of plates 
 

4.2. Analysis of axial compression and compression-bending of intermediate-

length columns 

 

4.2.1. Analysis of the concrete cross-section performance 
The influence of eccentric load on the cracking of core concrete in medium-

long columns was analyzed by the maximum principal plastic strain PEEQ in 

ABAQUS, as shown in Fig.21. When the eccentric load was 0.25Nu, the 

maximum principal plastic strain PEEQ was basically 0, indicating that the core 

concrete did not crack at this time. When the eccentric load reached 0.63Nu, tiny 

cracks occurred near the middle section of the eccentric load, and the component 

began to enter the elastic-plastic stage. With the continuous increase of the 

eccentric load, the plastic principal strain of the concrete at the middle section 

continuously expanded towards the neutral axis, and the component bent 

significantly in the eccentric direction. When the ultimate eccentric load was 

reached, the middle section of the concrete part basically cracked. 

 

4.2.2. Analysis of the interface performance between stainless-steel and 

concrete 

Fig.22 was the middle section view of the component, and a limited number 

of 1 to 9 nodes were selected to analyze the interface characteristics between 

the high-strength stainless-steel tube and the concrete. The initial gap at the 

interface between the stainless-steel and the concrete was 0, and the contact 

pressure was 0. With the increase of the eccentric load, the initial Poisson's ratio 

(0.3) of the tube was greater than the initial Poisson's ratio (0.2) of the concrete, 

a gap was generated between the tube and the concrete, and the restraint effect 

of the concrete by the tube also began to decrease. Fig.23 showed the change 

process of the gap between the stainless-steel and the concrete at each node of 

the middle section of the high-strength stainless-steel tube concrete component 

with the increase of the load. When the longitudinal displacement reached about 

0.7mm, the tube and the concrete at the middle section of the V-shaped stiffener 

surface began to separate. With the increase of the longitudinal displacement, 

the separation distance between the tube and the concrete at points 4 and 6 of 

the V-shaped stiffener surface was the most obvious, and there was also a certain 

separation at point 5. When the longitudinal displacement reached about 3mm, 

that is, when the ultimate load was reached, the tube and the concrete at the 

middle section of the right-angle rib surface were basically not separated, while 

the separation gap at the V-shaped stiffener surface was large, about 2.5mm. 

When the longitudinal displacement reached about 0.7 mm, the stainless steel 

tube and concrete at the corners (Points 3 and 7) of the middle section of the 

stainless steel tube concrete component began to squeeze each other, generating 

contact pressure. As the longitudinal displacement increased, the contact 

pressure at the corners increased rapidly. When the longitudinal displacement 

reached 3 mm, that is, when the bending pressure load reached the ultimate load, 

the contact pressure at Corners 3 and 7 was the greatest. The contact pressure at 

the corner (Point 3) of the middle section in the compression zone reached 37 

MPa, the contact pressure at the corner (Point 7) of the middle section in the 
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tension zone reached 25 MPa, and the contact pressure at Point 1 of the middle 

section in the compression zone of the right-angle rib surface reached 2.9 MPa. 

Compared with the corner contact pressure, the facial contact pressure was very 

small and could be ignored. 

 

    

(a) N=0.25Nu (b) N=0.63Nu 

    

(c) N=0.84Nu (d) N=Nu 

  

(e) N=0.91Nu (Descending branch) 

Fig. 21 Finite element prediction of cracks and crushing of concrete filled in members 

 

               

  Fig. 22 The middle section of the component                          Fig. 23 Relationship of displacement-contact stress of each node in the middle section 
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4.2.3. Analysis of the influence of main parameters 

The corresponding eccentricities were 0, 0.19, 0.38, 0.56, 0.75, 0.94, 1.25, 

1.875, 2.5 and 3.75. When the eccentricity was small (e = 0.19), the middle 

section of the component was entirely in a compressive state. As the eccentricity 

increased (e = 1.0), the compressive zone of the middle section of the 

component decreased, and there was a tendency for tension in the direction 

away from the eccentricity. When the eccentricity increased to 1.25, a tensile 

zone appeared in the direction of the component away from the eccentricity. 

When the eccentricity (e = 3.75) was large, the tensile zone of the middle section 

of the component expanded. At this time, the range of the tensile zone was 

basically consistent with that of the tensile zone, and the component undergone 

compressive failure in the compressive zone and tensile failure in the tensile 

zone. Fig.24 showed the influence of the eccentricity on the ultimate 

compression-bending capacity of intermediate-length columns. When the 

eccentricity was less than 0.5, the ultimate compression-bending capacity 

decreased rapidly. When the eccentricity was greater than 1, the ultimate 

compression-bending capacity decreased slowly. When the section properties of 

the components were the same, the larger the slenderness ratio was, the 

gradually smaller the influence of the eccentricity on the ultimate compression-

bending capacity was. 

 

 

Fig. 24 Effect of eccentricity on ultimate capacity of members 

 

The slenderness ratio was chosen as 15.17, 30.34, 45.51, 60.68, 75.85 and 

91.02. The influence of the slenderness ratios was shown in Fig.25. For the same 

concrete-filled high-strength stainless-steel tubular columns, the peak 

compression-bending load decreased with the increase of the slenderness ratio. 

The smaller the slenderness ratio, the faster the peak compression-bending load 

decreased. Under the same eccentricity, the peak compression-bending load of 

concrete-filled high-strength stainless-steel tube columns decreased 

approximately linearly with the increase of the slenderness ratio, and the smaller 

the eccentricity, the steeper the decrease of the peak compression-bending load. 

When the eccentricity was 300mm, the peak compression-bending load 

remained basically unchanged. 

 

 

Fig. 25 The change of bending peak load with slenderness ratio 

 

The thicknesses of the stainless-steel tubes were taken as 2mm, 3mm, and 

4mm, and the width-thickness ratios of the sub-plates were 33.0, 21.3, and 15.5 

respectively. Analyze the influence of the width-thickness ratio, as shown in 

Fig.26. For the same concrete-filled high-strength stainless-steel tubular column, 

the peak compression-bending load decreased with the increase of the width-

thickness ratio. The smaller the width-thickness ratio of the plate, the faster the 

peak compression-bending load decreased. Under the same eccentricity, the 

peak compression-bending load decreased approximately linearly with the 

increase of the width-thickness ratio of the plate, and the smaller the eccentricity, 

the steeper the decrease of the peak compression-bending load. When the 

eccentricity was 300mm, the peak compression-bending load remained 

basically unchanged. 

 

 

Fig. 26 The change of bending peak load with width-thickness ratio of plate 

 

4.3. Recommendation of compression-bending capacity calculation formula 

 

For the concrete-filled high-strength stainless-steel tubular column, the 

compression-bending capacity by the Chinese code T/CECS 952 and FEM was 

calculated. Results showed the dispersion rate between Chinese code T/CECS 

952 and finite element calculation results was only 0.06. Therefore, the design 

formula of the Chinese code T/CECS 952 was modified to make it applicable 

to the calculation of the compression-bending capacity of median long column 

with sorbite high-strength stainless-steel S600E (fy = 600MPa). Fig.27 showed 

a typical N/Nu-M/Mu relationship curve of concrete-filled stainless-steel tube. 

There was an equilibrium point C ( 0 0 , ). With the increase of the slenderness 

ratio, the equilibrium point C ( 0 0 , ) became more and more concave and 

less and less obvious. The main reason was that the influence of the second-

order effect became more and more obvious with the increase of the slenderness 

ratio. 

 

 

Fig. 27 Typical N /Nu-M /Mu relationship curve 

 

Referred to the Chinese code T/CECS 952, 0 0 ,   in the equilibrium 

point C( 0 0 , ) could be approximately expressed as a function of the restraint 

effect  . A linear regression analysis was conducted and the corresponding 

functional relationship was obtained. For high-strength concrete-filled stainless-

steel S600E tubular column, it could be calculated according to Eqs.(1) and (2). 

 
-1.15

0 =1+0.11   

 

(1) 
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-0.76

0 =0.1+0.09   (2) 

 

The equation suggested in this paper still adopted a two-segment function 

for representation. Considering the influence of the slenderness ratio, the N/Nu-

M/Mu equation of the median long column of concrete-filled high-strength stain-

less-steel tube could be expressed as Eq.(3). 
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  (3) 

 

The comparison between the ultimate capacity of the compression-bending 

median long column calculated by the proposed calculation method and the fi-

nite element calculation results was shown in Fig.28. It could be seen the pro-

posed calculation method was reliable.

 

 

(a) Influence of slenderness ratio on N/Nu-M/Mu curve 

  

(b) Influence of the width-thickness ratio on the N/Nu-M/Mu curve 

Fig. 28 Comparison of N /Nu-M /Mu relationship between the proposed method and FEM 

 

Fig.29 showed the comparison between the proposed calculation method 

for S600E concrete-filled high-strength stainless-steel tubular columns and the 

finite element calculation results. Among them, Nue represented the result of the 

ultimate compression-bending capacity calculated by the finite element method, 

and Nu1 represented the result of the ultimate compression-bending capacity 

calculated by the proposed calculation method. x  was the average value of 

Nue /Nu1, and    was the standard deviation of Nue /Nu1. Through the 

comparison, the finite element results of the other components were all slightly 

smaller than the results of the proposed calculation method. Through calculation, 

the average value of Nue /Nu1 for concrete-filled high-strength stainless-steel 

tubular columns was 1.06, and the standard deviation of Nue /Nu1 was 0.035. It 

indicated that the proposed calculation method for calculating the compression-

bending capacity was conservative. 

 

 
Fig. 29 Comparison between the proposed calculation method and FEM 

5.  Conclusions 

 

This paper aimed at the environmental requirements of marine engineering. 

With the purpose of delaying the local buckling of the pipe wall and improving 

the restraint effect of the core concrete, two new types of concrete-filled thin-

walled high-strength stainless-steel tubular columns were designed, the 

structural performances were studied by experiments and FEM. The main 

conclusions were as follows: 

(1) Stiffeners on the external stainless-steel tube effectively improved the 

capacity of the axial compression short column. The ultimate capacity of the 

axial compression short column with bidirectional stiffeners was 15.04% higher 

than that of the axial compression short column with unidirectional stiffeners. 

(2) The most important parameters affecting the axial compression short 

columns were the size of the V-shaped stiffeners and the strength of the concrete. 

When the width-thickness ratio of the V-shaped stiffeners was 8.33 and the 

angle was 90°, the size of cross-section was optimal. When the concrete was 

C80, the peak load was increased by 17.20% compared with C60. 

(3) The most important parameters affecting the axial compression and 

compression-bending intermediate-length columns were the slenderness ratio 

and the eccentricity. When the slenderness ratio was between 15.17 and 91.02, 

the larger the slenderness ratio, the faster the stiffness degradation. When the 

eccentricity was between 0.56 and 3.75, the column had better deformation 

capacity and better ductility. 

(4) The recommended calculation formula for the compression-bending 

capacity of medium long columns of concrete-filled thin-walled high-strength 

stainless-steel tubular columns was proposed, with high accuracy.  
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

By utilizing intelligent construction technology, the production process of the steel fabric for simply - supported box 

girders in high - speed railways has been upgraded from manual binding to automatic welding. However, welding can 

affect the fatigue performance of steel bars. To evaluate this impact, fatigue tests were conducted on five groups of 

specimens as well as the base metal. The test results indicate that fatigue failure occurred at the welded spot, presenting as 

a brittle failure. As the stress amplitude decreases, the fatigue life of the specimens increases significantly. The fatigue life 

is more sensitive to stress changes at low - stress amplitudes. When the stress ratio increases, both the fatigue life and the 

stress amplitude decrease, and the sensitivity of the fatigue life and stress amplitude to the stress ratio gradually increases. 

On the overall fatigue S - N curve, the stress amplitude corresponding to a fatigue life of 2 million cycles for the welded 

steel bar was approximately 128.72 MPa. Compared with the base metal, the stress amplitude decreased by 45.75%. The 

stress amplitude under ultra - high cyclic loading was predicted. The coupling relationship of stress-amplitude stress-ratio 

fatigue-cycle was fitted and analyzed, relevant equations were derived, and a safety line for the values of stress amplitude 

and stress ratio was determined. 
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1.  Introduction 

 

With the rapid expansion of the high - speed railway network in China, the 

construction technology for high - speed railways has also advanced 

significantly [1-2]. In the simply - supported box girders of high - speed 

railways, a large number of steel bars are arranged to form a steel fabric. 

Traditionally, the steel fabric is fabricated manually by workers, which leads to 

low efficiency, slow construction progress, and high costs. With the 

advancement of intelligent construction technology in high - speed railway 

bridge construction[3], automatic spot welding construction has been adopted 

to substitute the manual binding of steel bars in the construction of steel fabric. 

This not only significantly enhances construction efficiency, cuts down labor 

costs, but also speeds up the progress of bridge construction. However, fatigue 

issues of welded steel bars emerge subsequently[4-5]. Traditional manual 

construction methods do not damage the steel bars, but automatic spot welding 

can cause localized damage to the steel bar. When high - speed trains 

frequently pass over the bridges, the dynamic loads generated may lead to 

fatigue damage of the steel bars, thereby affecting the operational safety of the 

entire bridge. Therefore, it is essential to investigate the fatigue performance of 

welded steel bars[6-8]. 

For the fatigue performance of welded steel, scholars both at home and 

abroad have conducted relevant research[9-12]. For welded steel bars, Wang et 

al. [13] carried out fatigue tests on HRB400 electric arc - welded steel bars. 

The test results indicated that the fatigue strength decreased slightly as the 

stress ratio and the diameter of the steel bars increased. The design p - S - N 

curve of the electric arc - welded steel bars was obtained through fitting. Sheng 

et al. [14] performed low - frequency and high - frequency fatigue tests on steel 

bars of different specifications and diameters to derive the S - N curves. Zheng 

et al. [15] conducted experimental research and analysis on the fatigue strength 

of flash - butt welding specimens made of HRB500 high strength steel. The 

fatigue strengths of the base metal and the weldment were determined using 

the S - N curve and the lifting method. In addition, China's codes also contain 

relevant provisions regarding the fatigue performance of welded steel bars. In 

the "Code for Design of Concrete Structures of Railway Bridges and Culverts 

(TB10092 - 2017)" [16], the fatigue strengths of the base metal, flash - butt 

welding, electric arc welding, and other welding forms are specified. The 

allowable fatigue stress amplitudes of the base metal, flash - butt welding, and 

electric arc welding are 145 MPa, 130 MPa, and 60 MPa respectively. In the 

"Code for Design of Concrete Structures (GB 50010 - 2010)" [17], the fatigue 

stress amplitudes of HRB400 steel bars with different stress ratios range from 

31 MPa to 175 MPa. 

The objects of the above research and codes are only for the base metal or 

the welded joint of two steel bars in the same straight line. However, in the 

steel fabric of the simply - supported box girder of the high - speed railway, the 

steel bar connections are cross - welded spot connections. For this type of cross 

- welded spot connection, after the steel bars are cross - welded, they remain 

continuous through - length bars. Only at the welded spot positions of the steel 

bars, the base metal suffers certain damage. The cross - welded spot connection 

differs from the aforementioned flash - butt welding steel bars where the two 

steel bars form a welded joint in the same straight line. For the cross - welded 

steel bars, Schwarzkopf [18] verified the fatigue limit state and established a 

fatigue limit state verification method based on the Palmgren - Miner rule. Gu 

et al. [19, 20] investigated the fatigue performance of welded steel fabrics 

made of cold - rolled ribbed steel bars (CRB550), hot - rolled ribbed steel bars 

(HRB400), and high ductility cold - rolled ribbed steel bars (CRB600H), and 

presented S - N curve equations. Li et al. [21] conducted high cycle fatigue 

tests on base metal specimens and specimens with welded joints at different 

stress levels. The fatigue performance of both was analyzed. The S - N curves 

and p - S - N curves were obtained, and fatigue reliability analysis was 

performed. As can be seen, although the fatigue performance of cross - welded 

steel bars has been studied both domestically and internationally, the relevant 

literature is still very limited. Currently, for the fatigue performance of cross - 

welded spot steel bars in high - speed railway box girders, there is no relevant 

code in China. Only in the "Technical Specification for Concrete Structures 

with Welded Steel Fabric (JGJ114 - 2014)" [22], Article 3.1.7 stipulates that 

when welded steel fabrics made of CRB550, CRB600H, and HRB400 steel 

bars are used for plate flexural members, fatigue performance needs to be 

checked. When the maximum stress of the steel bar does not exceed 300 MPa, 

the limit value of the fatigue stress amplitude for 2 million cycles can be taken 

as 100 MPa. It is evident that the codes are very rough and not suitable for the 

fatigue of cross - welded steel bars in high - speed railway box girders. The 

research on the fatigue performance of cross - welded steel bars in high - speed 

railway box girders is still in its initial stage. It is necessary to conduct further 

in - depth studies on the fatigue performance of cross - welded steel bars. 

In this paper, the fatigue performance of cross - welded steel bars was 

investigated. Based on the test results, the fatigue S - N curve of the cross - 

welded steel bars was derived through fitting. The research findings offer 

theoretical support for the operational safety of high - speed railways and serve 

as a reference for the future formulation of relevant codes. This paper is 

divided into six parts. Firstly, the “Introduction” summarizes the current 

research status of the fatigue performance of welded steel bars, with a primary 

focus on those used in China. Secondly, the “Test Overview” describes the 

specimens of welded steel bars, including specimen fabrication and testing 

methods. Thirdly, the “Test results and analysis” mainly focuses on analyzing 

the test results and the failure of the specimens. Fourthly, the “Fatigue S - N 

Curves” section theoretically analyzes the fatigue test results and fits the 

fatigue S - N curves under different working conditions. Fifthly, the “Further 

study on fatigue performance” mainly explores the fatigue performance of 

cross - welded steel bars under ultra - high cycle loads and the influence of 

coupling factors on fatigue life. Finally, the “Conclusion” summarizes the 

findings of the research in this paper.  
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2.  Test overview 

 

2.1. Specimen design  

 

Referring to relevant literature[19,20], the specimen was designed as a 

cross - connection of two steel bars. One was a 300 mm long steel bar, and the 

other was a 40 mm long steel bar, as shown in Fig. 1. According to the 

diameter of the steel bars, the specimens were divided into five groups, namely 

M1 - M5. Among them, in the M4 and M5 groups, a 19 mm × 0.9 mm steel 

strip was welded onto the steel bars, as shown in Table 1. In addition, to 

compare the effect of welding on the fatigue performance of steel bars, fatigue 

tests were also conducted on the base metal specimens. Each base metal 

specimen was 300 mm long and 12 mm in diameter, and there were 3 base 

metal specimens in total. All specimens were made of HRB400 steel bars. 
 

 

Fig. 1 Detailed specimen dimension 

 
Table 1 

Specimen groups 

Group Direction Diameter /mm 

M1 
Longitudinal 12 

Transverse 16 

M2 
Longitudinal 12 

Transverse 12 

M3 
Longitudinal 12 

Transverse 18 

M4 
Longitudinal 18 

Transverse 19×0.9 steel strip 

M5 
Longitudinal 12 

Transverse 19×0.9 steel strip 

Base metal Longitudinal 12 

 

2.2. Fatigue loading scheme 

 

Fatigue tests were conducted under different stress ratios and stress 

amplitudes.  For each of the specimen groups from M1 to M5, there were 

many working conditions, and two specimens were used for each working 

condition, resulting in a total of 126 specimens. The stress ratio had three 

levels: 0.1, 0.2, and 0.4. The stress amplitude was set at intervals of 100 MPa, 

with a maximum stress of 400 MPa to cover the stress range of the HRB400 

steel bars. The working conditions of the fatigue tests are presented in Table 2. 

Based on the loading mode of fatigue load, fatigue tests can be classified 

into constant amplitude loading and variable amplitude loading. In this test, 

constant amplitude loading was adopted, as shown in Fig. 2. The fatigue test 

was carried out at room temperature. The steel bars were subjected to tension - 

tension loading with a sinusoidal load at a frequency of 20 Hz. According to 

Chinese codes [22, 23], the test would be terminated if the specimen had not 

fractured after reaching 2 million cycles. Three specimens were prepared for 

the fatigue test of the base metal. The maximum stresses were set at 400 MPa, 

350 MPa, and 300 MPa respectively, and the stress ratio was set at 0.2, as 

shown in Table 2. The fatigue loading mode of the base metal was the same as 

that of the welded specimens. 

 
Table 2 

Fatigue test working conditions of M1~M5 and base metal 

Stress ratio 
Maximum 

stress /MPa 

Minimum 

stress /MPa 

Stress 

amplitude 

/MPa 

Number of 

specimens 

Note 

0.1 

400 40 360 2 

M1~M5 

300 30 270 2 

200 20 180 2 

100 10 90 2 

0.2 

400 80 320 2 

300 60 240 2 

200 40 160 2 

100 20 80 2 

0.4 

400 160 240 2 

300 120 180 2 

200 80 120 2 

100 40 60 2 

0.2 

400 80 320 1 

Base metal  350 70 280 1 

300 60 240 1 

 

     
(a) Fatigue testing                  (b) Data acquisition                                      (c) Load history diagram of fatigue test 

Fig. 2 Fatigue test 

 

3.  Test results and analysis 

 

3.1. Static test  

To assess the impact of welding on the static mechanical properties of 

steel bars, three cross-welded specimens were randomly chosen for the static 

tensile test prior to the fatigue test. The yield strength and ultimate tensile 
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strength values of the specimens are presented in Table 3. As shown in Table 3, 

the static strength of the specimens did not decrease. This indicates that the 

static properties of the steel bars were not significantly affected by welding. 

The possibility that the static strength of the steel bars could decrease due to 

welding factors, which could in turn affect the fatigue performance, was ruled 

out. 

 

Table 3 

Static test results 

 M1 M2 M3 

Yield strength /MPa 400 445 435 

Ultimate strength /MPa 635 675 635 

 

3.2. Specimen failure diagram 

 

The failure diagrams of the static and fatigue tests of the specimens are 

shown in Fig. 3. As shown in Fig. 3(a), when the specimen was subjected to 

static tension, the failure occurred at the non-welded position. The specimen 

exhibited an obvious necking fracture, and the steel bar yielded, which was a 

typical ductile failure. As shown in Fig. 3(b), when the specimen was subjected 

to a fatigue load, the failure occurred at the cross-welded position. Part of the 

cross-section was smooth, while the other part was relatively rough. A 

corrugated fatigue fracture could be observed. The reason for this lies in the 

fatigue damage process. Firstly, there were welding defects at the welded 

position of the specimen. Welding would cause local heating of the steel bar, 

and the uneven temperature field would lead to local plastic deformation of the 

steel bar. After welding, residual stress and stress concentration were generated 

in the steel bar. The area with residual stress and stress concentration near the 

welding point of the steel bar was a pre-existing defect. It was easy for this 

area to form the initial source of fatigue. Under the action of the fatigue load, 

fatigue micro-cracks originated from the fatigue source and propagated. As the 

number of repeated loads increased, the crack propagation zone was gradually 

formed. The interface within the crack propagation zone was continuously 

rubbed and squeezed under the cyclic load, thus forming a smooth section area. 

When the crack propagation zone had propagated to the critical size, the 

remaining area of the steel bar was insufficient to bear the external fatigue load, 

and the specimen suddenly fractured. Unlike the ductile failure of the specimen 

under static tension, fatigue failure was a sudden brittle failure, which posed a 

hazard. 

 

     

(a) Static failure of specimens 

     

(b) Fatigue failure of specimens 

Fig. 3 Comparison of static and fatigue failure 

Table 4  

Fatigue test results of the M1 group 

Stress ratio Specimen number Number of cycles /×104 Fracture position Specimen number Number of cycles 

/× 104 

Fracture position 

0.1 

M1-0.1-400-1 9.4188 Non-welded area M1-0.1-400-2 10.2685 Welding position 

M1-0.1-300-1 35.557 Welding position M1-0.1-300-2 44.9155 Welding position 

M1-0.1-200-1 200 No fracture M1-0.1-200-2 200 No fracture 

M1-0.1-100-1 200 No fracture M1-0.1-100-2 200 No fracture 

0.2 

M1-0.2-400-1 7.3595 Welding position M1-0.2-400-2 9.3068 Welding position 

M1-0.2-300-1 43.3597 Welding position M1-0.2-300-2 41.6827 Welding position 

M1-0.2-200-1 200 No fracture M1-0.2-200-2 200 No fracture 

M1-0.2-100-1 200 No fracture M1-0.2-100-2 200 No fracture 

0.4 

M1-0.4-400-1 19.6338 Welding position M1-0.4-400-2 18.9725 Welding position 

M1-0.4-300-1 176.6307 Welding position M1-0.4-300-2 62.464 Welding position 

M1-0.4-200-1 200 No fracture M1-0.4-200-2 200 No fracture 

M1-0.4-100-1 200 No fracture M1-0.4-100-2 200 No fracture 

Note: M1 represents the grouping number, 0.1 represents the test stress ratio, 400 represents the maximum stress, and 1 indicates that it is the No.1 specimen under 

the working condition. No fracture indicates that the specimen is not damaged by fatigue after 2 million cycles and the test is terminated.  
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3.3. Fatigue test results 

 

Based on the aforementioned fatigue test scheme, the fatigue test was 

carried out, and the test results of the M1 group are presented in Table 4. The 

results of the other groups are similar and will not be listed here. The test data 

points are plotted on the double - logarithmic coordinate system, as shown in 

Fig. 6 below. For the test working condition with a maximum stress of 400 

MPa, it is evident from the test results that fatigue damage occurred in all 

specimen groups. For the test working condition with a maximum stress of 300 

MPa, only one specimen in the M3 group with a stress ratio of 0.1 reached 2 

million cycles without fatigue failure, while the rest of the specimens 

experienced fatigue failure. For the test working condition with a maximum 

stress of 200 MPa, most of the specimens did not undergo fatigue failure after 

2 million cycles. For the test working conditions with a maximum stress below 

200 MPa, no fatigue failure occurred in any of the specimens. At a stress ratio 

of 0.1 and a maximum stress of 200 MPa, the stress amplitude was 180 MPa. 

Accordingly, it can be predicted that the stress amplitude for 2 million cycles 

at a stress ratio of 0.1 should be greater than 180 MPa. Similarly, it can be 

predicted that the stress amplitudes for 2 million cycles at stress ratios of 0.2 

and 0.4 should be higher than 160 MPa and 120 MPa, respectively. 

 

4.  Fatigue S-N curves 

 

4.1. Fatigue S-N curve fitting method 
 

 There are several fitting models for the fatigue S - N curve of steel bars. 

Currently, the mathematical expressions of the fatigue S - N curve are mainly 

the exponential function, power function, and three - parameter power function 

[24-25], which correspond to the single - logarithm linear model, double - 

logarithm linear model, and double - logarithm three - parameter power 

function model, respectively. Additionally, based on the double - logarithmic 

linear model, a double - logarithmic polyline model is derived by setting an 

inflection point at a certain location. Considering the advantages and 

disadvantages of each model and referring to the European standard "Design of 

Steel Structures - Part 1 - 9: Fatigue EN 1993 - 19:2005" [26], the fatigue S - N 

curve in this study is fitted using the double - logarithmic polyline model, with 

a fatigue life of 2 million cycles as the inflection point. The fatigue S - N curve 

of the double - logarithmic polyline model consists of two straight - line 

segments. The first segment is represented by a line segment with a steeper 

slope, corresponding to a fatigue life of less than 2 million cycles. It is fitted 

using the least - squares method based on the power - function curve equation. 

 

𝑁𝑆𝑚 = C                                                     (1) 

 

 In the above equation, m and C are two constants determined 

experimentally. In this paper, the relationship between the number of fatigue 

cycles and the stress amplitude is investigated. The stress amplitude is defined 

as S = ∆σ = 𝜎𝑚𝑎𝑥 − 𝜎𝑚𝑖𝑛. Taking the logarithm for both sides of Equation (1), 

Equation (2) is derived as follows. 

 

𝑙𝑔𝑁 = b +m𝑙𝑔∆𝜎                                             (2) 

  

From equation (2), it is evident that the exponential function expression is 

equivalent to the linear relationship between 𝑙𝑔∆𝜎  and 𝑙𝑔𝑁  in semi - 

logarithmic coordinates. Therefore, the model obtained by this method is 

generally referred to as a linear model, which represents the nonlinear 

relationship in a linear logarithmic equation. 

The second segment is represented by a line segment with a slope m=m+2, 

corresponding to a fatigue life of more than 2 million cycles. The reason for 

setting the slope m=m+2 is that the stress amplitude at a low-stress level is not 

simply linearly related to that at a high-stress level, A commonly used 

approach is to adopt m=m+2 as the slope  to reflect the characteristics of 

fatigue life at low-stress level[27]. 

 Considering the survival rate (i.e., reliability), the fatigue S-N curve is 

corrected. A common method is to add the deviation obtained from test point 

statistics to equation (2) [28], as shown in Equation (3). In the Equation (3), 

𝑐 = α𝑚𝑁√1 − 𝜃2, where 𝑚𝑁 is the logarithm mean squared deviation of the 

cycle number, and θ is the correlation coefficient. When α = 2, the survival 

rate is 97.7%. 

 

𝑙𝑔𝑁 = b +m𝑙𝑔∆𝜎 +c                                           (3) 

 

4.2. Fatigue S-N curve of base metal 

 

 The fatigue test results of the base metal are presented in Fig. 4. As can be 

seen, when the stress amplitude decreased from 320 MPa to 280 MPa, the 

fatigue life increased by 253,300 cycles, a 2.53 - fold increase. When the stress 

amplitude decreased from 280 MPa to 240 MPa, the fatigue life increased by 

1,458,500 cycles, a 4.48 - fold increase. It is evident that the stress amplitude 

has a significant impact on the fatigue life, and the number of fatigue cycles 

decreases nonlinearly as the stress amplitude increases. According to the test 

results, the rate of decrease in fatigue life in the stress amplitude range of 240 

MPa to 280 MPa is higher than that in the range of 280 MPa to 320 MPa, 

indicating a higher sensitivity of fatigue life to low - stress amplitudes. 
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Fig. 4 Fatigue test results of base metal  

 

The fatigue S - N curves of the base metal were derived through fitting 

based on the fatigue test results, as presented in Table 5. These curves were 

plotted out in a double - logarithmic coordinate system, as shown in Fig. 5. 

The stress amplitude corresponding to a fatigue life of 2 million cycles 

calculated by the fitting curve was approximately 236.49 MPa. After 

correcting the fitting results according to a survival rate of 97.7%, the fatigue 

stress amplitude for 2 million cycles was approximately 230.16 MPa. Notably, 

this value was higher than the stress amplitude of 156 MPa for HRB400 steel 

bars specified in the "Code for Design of Concrete Structures"[17] under the 

condition of a stress ratio of 0.2. 

 

Table 5  

Fatigue S-N curve equation for base metal 

Fatigue S-N curve 
R-squared 

of fitting 

Stress amplitude for 2 million 

cycles /MPa 

Test 

value  

Correction 

value 

Decrease 

rate 

lgN=26.40113-8.46742lgΔσ 

(N≤2000000) 

lgN=31.14876-10.46742lgΔσ 

(N≥2000000) 

0.99 236.49 230.16 2.75% 

 

 

Fig. 5 Fatigue S-N curve of base metal 
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4.3. Fatigue S-N curve analysis under each working condition 

 

 Based on the test results, the fatigue S - N curves of Groups M1 - M5 

under different stress ratios were fitted, as presented in Table 6. The calculated 

stress amplitude for 2 million cycles ranges from a minimum of 91.87 MPa in 

the M4 group under the stress ratio of 0.4 to a maximum of 194.03 MPa in the 

M1 group under the stress ratio of 0.1, with an average stress amplitude of 

147.61 MPa. After correcting the fitting results according to a survival rate of 

97.7%, the modified stress amplitudes were obtained. The stress amplitudes of 

each group decreased to varying degrees, ranging from approximately 3.36% 

to 24.87%, with an average decrease of 12.09%. The modified minimum stress 

amplitude was 81.19 MPa, the maximum was 186.10 MPa, and the average 

was 130.36 MPa. 

Comparing with the conclusions drawn from the analysis of test results in 

Section 3.3 above, where the stress amplitudes for 2 million cycles at the three 

stress ratios should be higher than 180 MPa, 160 MPa, and 120 MPa, the stress 

amplitudes obtained from the fatigue S - N curves were lower. This indicates 

that the stress amplitudes obtained by the linear fitting method are relatively 

conservative. 

From the fitted curve, it can be clearly seen that when the stress amplitude 

was constant, the fatigue life decreased with the increase of the stress ratio. 

This law was particularly evident in M1 to M4. For M5, the fatigue S - N curve 

corresponding to a stress ratio R=0.4 was higher. Moreover, the fatigue S-N 

curves fitted for the stress ratios R=0.2 and R=0.1 showed relatively higher 

coincidence compared with the stress ratio R=0.4, indicating that as the stress 

ratio increased, the sensitivity of fatigue life to the stress ratio gradually 

increased. 

 
Table 6  

Fatigue S-N curves for each group with different stress ratios 

Groups 
Stress 

ratios 
Fatigue S-N curve 

R-squared of 

fitting 

Strss amplitude for 2 million cycles /MPa 

Test value  Correction value Decrease rate 

M1 

0.1 
lgN=17.45131-4.87366lgΔσ (N≤2×106) 

lgN=22.02704-6.87366lgΔσ (N≥2×106) 
0.984 194.03 186.10 4.09% 

0.2 
lgN=19.16802-5.68836lgΔσ (N≤2×106) 

lgN=23.69199-7.68836lgΔσ (N≥2×106) 
0.990 182.80 176.66 3.36% 

0.4 
lgN=19.30300-5.88915lgΔσ (N≤2×106) 

lgN=23.71856-7.88915lgΔσ (N≥2×106) 
0.841 161.36 139.69 13.43% 

M2 

0.1 
lgN=13.92056-3.48984lgΔσ (N≤2×106) 

lgN=18.28725-5.48984lgΔσ (N≥2×106) 
0.574 152.53 114.59 24.87% 

0.2 
lgN=17.26281-4.88849lgΔσ (N≤2×106) 

lgN=21.74754-6.88849lgΔσ (N≥2×106) 
0.799 174.73 147.88 15.37% 

0.4 
lgN=15.23831-4.17604lgΔσ (N≤2×106) 

lgN=19.51858-6.17604lgΔσ (N≥2×106) 
0.766 138.08 114.91 16.78% 

M3 

0.1 
lgN=15.50731-4.10088lgΔσ (N≤2×106) 

lgN=19.99721-6.10088lgΔσ (N≥2×106) 
0.967 175.77 165.28 5.97% 

0.2 
lgN=12.71205-3.02412lgΔσ (N≤2×106) 

lgN=16.95197-5.02412lgΔσ (N≥2×106) 
0.813 131.81 112.39 14.73% 

0.4 
lgN=16.70012-4.80759lgΔσ (N≤2×106) 

lgN=21.02623-6.80759lgΔσ (N≥2×106) 
0.998 145.56 143.21 1.62% 

M4 

0.1 
lgN=13.29931-3.29484lgΔσ (N≤2×106) 

lgN=17.54733-5.29484lgΔσ (N≥2×106) 
0.978 133.05 121.23 8.89% 

0.2 
lgN=13.6621-3.44057lgΔσ (N≤2×106) 

lgN=17.94108-5.44057lgΔσ (N≥2×106) 
0.950 137.88 119.51 13.32% 

0.4 
lgN=10.24624-2.00962lgΔσ (N≤2×106) 

lgN=14.17256-4.00962lgΔσ (N≥2×106) 
0.998 91.87 81.19 11.62% 

M5 

0.1 
lgN=13.32842-3.29892lgΔσ (N≤2×106) 

lgN=17.58884-5.29892lgΔσ (N≥2×106) 
0.885 134.96 119.74 11.28% 

0.2 
lgN=14.36774-3.77073lgΔσ (N≤2×106) 

lgN=18.64633-5.77073lgΔσ (N≥2×106) 
0.899 137.82 123.29 10.54% 

0.4 
lgN=16.66334-4.72691lgΔσ (N≤2×106) 

lgN=21.04773-6.72691lgΔσ (N≥2×106) 
0.962 155.67 145.67 6.42% 
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(a) Fatigue S-N curves for M1                                          (b) Fatigue S-N curves for M2 

 

(c) Fatigue S-N curves for M3                                         (d) Fatigue S-N curves for M4 

 

(e) Fatigue S-N curves for M5 

Fig. 6 Fatigue S-N curves for each group with different stress ratios  
 

The stress amplitudes of the five groups under different stress ratios were 

analyzed. Based on the stress amplitude and stress ratio for 2 million cycles in 

Table 6, the relationship curve was fitted and presented in Table 7. Sheng et al 

[14] combined his test results with the suggested values of stress amplitude and 

stress ratios in the "Code for the Design of Concrete Structures" [17] to fit the 

relationship curve between stress amplitude and stress ratio. To facilitate 

comparison, the curves provided by Sheng et al. were equivalently transformed. 

Similarly, corresponding equations were fitted according to the values 

specified in the code. The comparison among the test results of this paper, the 

stress amplitude stress ratio curves from the literature [14], and the code [17] is 

shown in Fig. 7. It can be observed that the smaller the stress ratio, the smaller 

the slope of the curve, and the sensitivity of the fatigue stress amplitude to the 

stress ratio gradually decreased as the stress ratio increased. 

 

4.4. Analysis of total fatigue S-N curve 
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In Section 4.3 above, the fatigue S - N curve analysis was conducted for 

each working condition of Groups M1 - M5. To gain an overall understanding 

of the fatigue performance of cross - welded steel bars, all test data under 

various working conditions were integrated to fit the fatigue S - N curve, as 

presented in Table 8. The fatigue S - N curves of the cross - welded steel bars 

as a whole and the base metal are shown in Fig. 8. It is evident that welding 

has a significant impact on the fatigue performance of steel bars, notably 

reducing their fatigue life. As the stress amplitude increases, the fatigue life of 

the welded steel bars decreases rapidly, much faster than that of the base metal. 

The stress amplitude of the cross - welded steel bars for 2 million cycles is 

128.72 MPa, while that of the base metal is 236.49 MPa. The stress amplitude 

of the cross - welded steel bars is 45.75% lower than that of the base metal. 

Based on a survival rate of 97.7%, the fitting results were corrected. After 

correction, the stress amplitude of the welded steel bars for 2 million cycles 

was 100.49 MPa, while that of the base metal was approximately 230.16 MPa. 

The stress amplitude of the welded steel bars was 56.34% lower than that of 

the base metal. In literature [20], the reported stress amplitude was 156.64 

MPa. In the European code [29], the specified stress amplitude was about 

100.04 MPa, and in the German code [30], it was around 99.17 MPa. These 

results are summarized in Table 9. Evidently, the modified test results were 

lower than those reported in literature [20] and close to the values specified in 

the codes [29-30]. 
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Fig. 7 Stress amplitude stress ratio relationship curve

 

Table 7  

Stress amplitude stress ratio relationship equation 

Item Equation Note 

Experimental Fitting 𝛥𝜎 = −188.82𝜌2 + 2.25ρ + 143.049 In the equation: ρ indicates the stress 

ratio, and Δσ indicates the stress 

amplitude. 

Literature [14] 𝛥𝜎 = −167.44𝜌2 + 5.6ρ + 162.32 

Code [17] 𝛥𝜎 = −138.63𝜌2 − 27.2ρ + 170.16 

 

Table 8  

Fatigue S-N curve for total cross-welded steel bars 

Fatigue S-N curve equation R-squared of fitting 

Stress amplitude for 2 million cycles and decreasing rate  

Test value /MPa 
Decreasing 

rate/MPa 

Correction 

value/MPa 
Decreasing rate/% 

lgN=12.80034-3.08075lgΔσ (N≤2×106) 

lgN=17.01964-5.08075lgΔσ (N≥2×106) 
0.796 128.72 45.75 100.49 56.34 

 

Table 9 

Summary and comparison of stress amplitude 

Item Test Test correction Base  metal Literature [20] Code[29] Code[30] 

Stress amplitude /MPa 128.72 100.49 230.16 156.64 100.04 99.17 

 

 

Fig. 8 Comparison of fatigue S-N curves between welded steel bar and base metal 

 

5.  Further study on fatigue performance 

 

5.1. Ultra-high cycle stress amplitude 

 

The existing codes use 2 million fatigue cycles as an important indicator to 

measure the fatigue life of steel bars in building structures. However, high - 

speed railways operate at high speeds and with high frequency. In an actual 

simply - supported box girder, the number of fatigue cycles of steel bars may 

far exceed 2 million. Currently, China's high - speed railway codes do not 

explicitly specify the fatigue life of steel bars. In this paper, it is assumed that a 

high - speed train runs on a high - speed railway line every 5 minutes. 

According to the design service life of 100 years, the number of fatigue cycles 

of steel bars will exceed 10 million. The literature [20, 31-32] has indicated 

that the number of high - speed train operations can reach hundreds of millions 

within the design service life. Evidently, using 2 million cycles as an indicator 

of fatigue life does not meet the actual needs of high - speed railway operation. 

Therefore, the stress amplitude under ultra - high cyclic loads should be 

studied. 

The stress amplitudes from this test and different literatures under different 

fatigue cycle numbers under ultra - high cyclic loads are listed in Table 10. The 

stress amplitude under ultra - high cyclic loads is predicted from the fatigue S - 

N curve obtained in Section 4. For comparison, based on relevant literatures, 

the inflection point of the fatigue curve was set at 10 million cycles. When the 

number of fatigue cycles exceeded 10 million, the stress amplitude of the steel 

bar dropped below 80 MPa. Considering the survival rate, the corrected stress 

amplitude was only 59.60 MPa, which was 42.46% lower than the results 

reported in literature [19], but close to the results specified in the codes [29-30]. 

It can also be observed from Fig. 9 that the test results in this paper lie between 

the results reported in literatures [19- 20] and those specified in the codes 

[29-30]. The modified curve shows a high degree of consistency with the 

fatigue S - N curves given in the codes [29-30]. 
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Table 10 

Stress amplitude at ultra-high cycle load 

No. Source Fatigue S-N curve  

Stress amplitude for different 

fatigue cycles /MPa 

1×106 2×106 4×106 6×106 8×106 107 108 

1 Test 
lgN =12.80034-3.08075lgΔσ (N<107) 

lgN =17.01964-5.08075lgΔσ (N≥107) 
161.20 128.72 102.79 90.11 82.08 76.34 48.52 

2 Test correction 
lgN =12.80034-3.08075lgΔσ (N<107) 

lgN =16.56588-5.08075lgΔσ (N≥107) 
125.85 100.49 80.25 70.35 64.08 59.60 37.88 

3 Literature [20] 
lgN =14.7811-3.8639lg∆σ (N<107) 

lgN =18.8081-5.8639lg∆σ (N≥107) 
187.33 156.56 130.85 117.82 109.36 103.23 69.70 

4 Literature [20] 
lgN =19.5581-5.9792lg∆σ (N<107) 

lgN =23.7563-7.9792lg∆σ (N≥107) 
185.16 164.89 146.84 137.21 130.77 125.98 94.40 

5 Literature [19] 
lgN =12.3214 -3.0lg∆σ (N<107) 

lgN = 15.8690 -5.0lg∆σ (N≥107) 
127.98 101.58 80.62 70.43 63.99 59.40 37.48 

6 Code[29] 
lgN = 12.3016-3.0lg∆σ (N<107) 

lgN = 15.8360-5.0lg∆σ (N≥107) 
126.05 100.04 79.40 69.37 63.02 58.51 36.91 

7 Code [30] 
lgN =12.2902-3.0lg∆σ (N<107) 

lgN =15.8170-5.0lg∆σ (N≥107) 
124.95 99.17 78.71 68.76 62.47 58.00 36.59 

 

 

Fig. 9 Comparison of the fatigue S-N curve for cross-welded steel bars 

 

5.2. Analysis of multi-factor coupling influence on fatigue life 

 

The effects of stress amplitude and stress ratio on fatigue life were derived 

from the test results and fitting fatigue S-N curves. In the three-dimensional 

coordinate system, taking the stress - amplitude, stress - ratio, and fatigue - 

cycle as coordinate parameters, the curved surfaces of three influencing factors 

were fitted. The curved surfaces equation is listed in Equation (4), the fitting R 

variance is 0.7127, and the curved surface of stress - amplitude stress - ratio 

fatigue - cycle is shown in Fig. 10 (a). From Fig. 10 (a), the characteristics of 

the three factors can be observed. When the stress - amplitude is smaller, the 

fatigue - cycle is higher and the stress - ratio is larger, the curvature of the 

surface is larger, indicating that in the low-stress amplitude region with high 

fatigue life, the fatigue - cycle is more sensitive to the stress - amplitude. The 

greater the stress ratio is, the stronger the sensitivity is. 

The intersection line between a plane representing 2 million fatigue cycles 

and the surface was determined. This intersection line was projected onto the 

stress - amplitude stress - ratio plane, and the relationship curve between stress 

- amplitude and stress - ratio was obtained, as shown in Fig. 10 (b). The curve 

divides the coordinate system into two regions. The values of stress - 

amplitude and stress - ratio in the region below the curve meet the requirement 

of 2 million cycles. Under the corresponding working conditions of stress - 

amplitude and stress - ratio in this region, the fatigue performance of cross - 

welded steel bars can be ensured. 

A comparison of the stress - amplitude stress - ratio curves between Fitting 

Method 1 in Section 4.3 (Fig. 7) and Fitting Method 2 (Fig. 10) is presented in 

Fig. 11. As can be observed from Fig.11, there was little difference between the 

two methods in the stress ratio range of 0 to 0.4, and the error was within 10%. 

However, the difference between the two methods gradually increased when 

the stress ratio exceeded 0.4. 

Based on the fatigue S - N curve obtained through the linear fitting 

method in Table 6, the fatigue lives under different working conditions were 

obtained and compared with the experimental results. The average error was 

31.12%. When the fatigue lives obtained by the three - dimensional fitting 

method were compared with the experimental results, the average error was 

18.54%. The three - dimensional fitting method outperforms the linear fitting 

method in the stress ratio range of 0 to 0.4. In actual engineering, fatigue cyclic 

loads with a stress ratio greater than 0.4 are rare, and the available data is 

insufficient. Accurately predicting the stress - amplitude stress - ratio 

relationship may require more test data for support. 

 

𝑓(𝑥, 𝑦) = 𝑝00 + 𝑝10𝑥 + 𝑝01𝑦 + 𝑝20𝑥
2 + 𝑝11𝑥𝑦 + 𝑝30𝑥

3 + 𝑝21𝑥
2𝑦       (4) 

 

Where x is the stress amplitude, y is the stress ratio, and the coefficients 

are taken as shown in Table 11. 

 
Table 11 

Curvilinear equation coefficients 

Parameter p00 p10 p01 p20 p11 p30 p21 

Coefficients Value 1.218×107 -1.231×105 4.951×106 422.3 4.472×104 - 0.4767 - 106.4 
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(a) Surface of stress-amplitude stress- ratio fatigue-cycle                (b) Line for stress-amplitude stress- ratio 

Fig. 10 The curved surface of stress-amplitude stress- ratio fatigue-cycle 
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Fig. 11 Comparison of stress-amplitude stress-ratio curve 

 

6.  Conclusions  

 

For the fatigue performance of steel bars in the simply - supported box 

girders of high - speed railways, this paper conducts experimental research and 

theoretical analysis on cross - welded steel bars and the base metal. The main 

conclusions of this study are as follows. 

(1) Welding does not have a significant impact on the static strength of the 

specimens. The failure modes of the specimens indicate that in static tensile 

tests, failure occurs at the non - welded positions, which is a typical necking 

ductile failure. In contrast, fatigue failure occurs at the welded spots and is a 

brittle failure. 

(2) Stress amplitude and stress ratio are two crucial factors influencing the 

fatigue life. The greater the stress amplitude, the lower the fatigue life. At low 

stress amplitudes, the fatigue life exhibits higher sensitivity. As the stress ratio 

increases, the fatigue life decreases, the stress amplitude reduces, and the 

sensitivity of both the fatigue life and the stress amplitude to the stress ratio 

gradually increases. 

(3) The fatigue S - N curve of the base metal indicates that the number of 

fatigue cycles decreases non - linearly as the stress amplitude increases. For a 

fatigue life of 2 million cycles, the stress amplitude of the base metal is 

approximately 230.16 MPa, while the stress amplitudes of specimens M1 - M5 

range from 91.87 MPa to 194.03 MPa. Based on a survival rate of 97.7%, the 

modified stress amplitudes range from 81.19 MPa to 186.10 MPa, with an 

average value of 130.36 MPa. The overall stress amplitude of all specimens is 

128.72 MPa. After correction, this value drops to 100.49 MPa, which is 

45.75% lower than that of the base metal. 

(4) The stress amplitude under ultra - high cycle loading is predicted. 

When the number of fatigue cycles exceeds 10 million, the stress amplitude 

drops below 80 MPa. After correction, it reaches 59.60 MPa. The coupling 

relationship among stress-amplitude, stress-ratio, and fatigue-cycle is fitted and 

analyzed, and the relevant formula is derived. A comparison between the two 

fitting methods is conducted. Finally, a safety line for stress-amplitude and 

stress-ratio is established. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

To investigate the effect of openings on the flexural performance of large-section partially encased composite beams 

(referred to as large-section PEC beams), static tests were conducted on five large-section PEC beams with different 

configurations. The study focused on the influence of web openings in the primary and secondary beams on the flexural 

performance, ductility, and failure modes of the specimens under four-point bending. The results indicate that under static 

loading, all specimens exhibited good ductility, with strength-to-yield ratios ranging from 1.18 to 1.30, and retained some 

strength reserves after reaching the yield load. Web openings slightly reduced the load-bearing capacity and sectional 

stiffness of the specimens. The strain in the main steel component and the concrete strain along the section height 

approximately exhibited a linear distribution, conforming to the plane section assumption. A finite element model was 

developed based on the test results. The load-deflection curves and stress contours matched well with the experimental 

results, and the error between the simulated and experimental ultimate load-bearing capacities was within 10%. The flexural 

load-bearing capacity calculated using the proposed method for large-section PEC beams with web openings showed minor 

deviations from the experimental values, with minimal influence from size effects, confirming the safety and reliability of 

the adopted formulas. 
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1.  Introduction 

 

Steel-concrete composite beams represent a hybrid structural form that 

integrates the high compressive capacity of concrete with the tensile strength 

and ductility of steel materials [1–4]. These composite systems have seen broad 

adoption in bridge engineering, industrial buildings, and various civil structures 

due to their excellent stiffness, strong load-bearing ability, and limited 

deformation under service loads [5–8]. A specific form of such systems, known 

as partially encased composite (PEC) members, is produced by embedding shear 

connectors into the flanges of steel profiles and casting concrete around them 

[9]. During the prefabrication process, PEC components require only lateral 

formwork, thereby simplifying the construction procedure. The concrete 

confined within the flange regions significantly mitigates the likelihood of both 

overall and local buckling, thus contributing to a higher structural capacity [10–

11]. When compared to traditional steel components, PEC beams display 

marked improvements in fire resistance [12–13], as well as notable 

enhancements in flexural and shear behavior [14–15], which has led to growing 

interest in their application both in domestic and international contexts. 

To date, extensive research has been carried out on the mechanical behavior 

and practical applications of PEC beams. Nakamura et al. [16] demonstrated that, 

compared with conventional I-section steel beams, the flexural and shear load-

bearing capacities of PEC beams are increased by factors of 2.08 and 2.98, 

respectively. Through both experimental studies and numerical modeling, He et 

al. [17–18] identified that PEC beams with corrugated steel webs possess 

enhanced shear resistance and greater fracture modulus, and further introduced 

a corresponding shear capacity calculation approach. Nardin et al. [19] focused 

on how construction methods influence the flexural behavior of PEC beams, 

concluding from experimental observations that bottom bolts contribute to an 

increase in fracture modulus. In a study by Kindmann et al. [20], 12 PEC beams 

featuring different cross-sectional configurations were subjected to bending tests, 

which confirmed that concrete encased within flanges contributes positively to 

both flexural stiffness and capacity. Furthermore, the adoption of advanced 

concrete materials with improved tensile performance has led to notable 

enhancements in the flexural behavior of steel-concrete composite beams [21–

23]. Hao et al. [24] performed shear tests on PEC-UHPC composite beams, 

revealing their exceptional performance in resisting shear forces. 

Compared to traditional steel beams, PEC beams exhibit improved load-

bearing capacity and ductility. However, the concrete poured into the web 

increases the component's weight and cost, and the segmented casting process 

required for PEC beams reduces construction efficiency. To address these issues, 

it is common practice to introduce web openings in the steel web. These 

openings serve multiple engineering purposes: they reduce structural self-weight, 

facilitate the passage of mechanical, electrical, and plumbing (MEP) systems 

through the beam, and eliminate the need for flipping the beam for casting—

thus enabling one-sided formwork and continuous concrete pouring, which 

significantly improves constructability and efficiency. Compared to traditional 

PEC beams, PEC beams with web openings enhance material utilization and 

simplify construction. Recent studies have begun to explore this configuration. 

Zhao et al. [25], for instance, proposed two new types of honeycomb PEC beams 

and investigated the effects of web openings, compressed steel flanges, and 

filled concrete on the mechanical performance of beams.  

However, their study was limited to small-span specimens with relatively 

modest cross-sectional dimensions. In practical applications, large-section PEC 

beams are often needed to satisfy increasing span and load requirements that 

exceed the capacity of conventional PEC configurations. These large-section 

beams also benefit from web perforations, which help reduce self-weight and 

support single-pass, one-sided casting without flipping, thereby improving 

production efficiency. In this study, experimental and finite element 

investigations were conducted on large-section PEC beams with various forms 

and sizes of process openings in the web. The failure modes, load-bearing 

capacity, main steel strain, component deformation, and ductility were analyzed 

to examine the influence of web openings on the flexural performance of large-

section PEC beams. A calculation method for the flexural load-bearing capacity 

of large-section PEC beams was also proposed. 

 

2.  Experimental program 

 

2.1. Specimen design 
 

The specimens were developed in accordance with the Technical 

Specification for Partially Encased Steel-Concrete Composite Structures 

(T/CECS 719—2020) [26], and were labeled as PECB1 (primary beam), PECB2 

(secondary beam), PECB3 (primary beam with web openings type 1), PECB4 

(secondary beam with web openings), and PECB5 (primary beam with web 

openings type 2). All tested beams feature cross-sectional heights greater than 

600 mm, thus qualifying as large-section PEC beams. The main steel members 

were fabricated using Q355-B steel, while HRB400 steel was utilized for both 

tie rods and anti-crack reinforcement. C30-grade concrete was applied in the 

web regions. The designed span length l0 was 10,800 mm for PECB1, PECB3, 

and PECB5, and 7,200 mm for PECB2 and PECB4. Fig. 1 provides the detailed 

structural layout of each specimen. 
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(a) Specimen PECB1 elevation 

 

(b) Specimen PECB2 elevation 

 
(c) Specimen PECB3 elevation 

 

(d) Specimen PECB4 elevation 

 

(e) Specimen PECB5 elevation 

 

 

(f) Middle section of main beam span (g) Mid-span section of secondary beam 

Fig. 1 Schematic diagram of PEC beams 
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Table 1  

Basic parameters of specimen design 

Number 
Calculated length l0 

/mm 

Height 

 ha / mm 

Width 

 bf / mm 

Flange thickness tf / 

mm 

Web thickness 

 tw / mm 

Steel ratio 

 / % 
Web opening ratio / % 

PECB1 10800 900 400 22 18 8.63 - 

PECB2 7200 600 300 18 12 9.04 - 

PECB3 10800 900 400 22 18 8.63 15.36 

PECB4 7200 600 300 18 12 9.04 17.98 

PECB5 10800 900 400 22 18 8.63 14.56 

 

The key geometric and material parameters are summarized in Table 1. In 

specimen PECB3, web openings included five unfilled holes at midspan with a 

diameter of 400 mm, quarter-span holes of 350 mm, and additional openings of 

175 mm. For PECB4, midspan openings measured 300 mm in diameter (with 

two left unfilled), quarter-span openings were 200 mm, and the remaining were 

140 mm. In contrast, PECB5 adopted a midspan opening diameter of 350 mm 

and 175 mm for the others, with all web perforations fully filled with concrete 

to accommodate the casting process. The spacing of tie rods was arranged at 200 

mm within the pure bending region and reduced to 150 mm in the bending-shear 

transition zone. The steel ratio for the section was computed exclusively based 

on the cross-sectional area of structural steel components. 

 

2.2. Material properties 

 

The material property tests for the concrete were conducted in the Building 

Materials Laboratory at Tongji University, following the national standard 

testing method "Standard for Test Methods of Physical and Mechanical 

Properties of Concrete" (GB/T50081-2019)[27]. Under the same curing 

conditions, the compressive strength of the concrete cube is 31.1 MPa. The 

material properties of the steel were determined according to the "Tensile test 

method for metal materials at room temperature " (GB/T 228.1-2010) [28]. 

Standard tensile tests were performed using the universal testing machine in the 

Structural Engineering Laboratory at Tongji University, with the loading 

apparatus shown in Fig. 3. All steel plates used for the specimens were taken 

from the same batch of steel and were cut into proportional samples for testing. 

The yield strength fy, ultimate strength fu, and elastic modulus E of the steel 

materials with different thicknesses are listed in Table 2. 

 

Table 2  

Material properties of steel 

Number t/mm fy/MPa fu/MPa E/MPa 

1 12 408.13 524.31 231378 

2 18 390.81 488.79 223478 

3 22 408.49 499.13 215244 

 

2.3. Loading protocol and measurement 

 

Specimens PECB1, PECB3, and PECB5, which have larger spans and 

higher cross-sectional load-bearing capacities, were subjected to monotonic 

loading using two 350-ton actuators. The loading points were located at the one-

third points of the span, with the specific loading setup shown in Fig. 2(a). 

Specimens PECB2 and PECB4, which have smaller spans and lower cross-

sectional load-bearing capacities, were tested using a single 350-ton actuator. 

The vertical concentrated load applied by the actuator was distributed to the test 

specimens through a rigid distribution beam. The loading points were located at 

one-third of the calculated span, with the specific loading setup shown in Fig. 

2(b). To achieve simply supported boundary conditions, one end of the 

specimens was configured as a sliding hinge support, while the other end was a 

fixed hinge support. 

 

  

(a) Loading device of PECB1, PECB3 and PECB5 specimens (b) Loading device of PECB2 and PECB4 specimens 

Fig. 2 Specimen loading diagram 

 

 

Fig. 3 Displacement gauge and strain gauge layout 

 

The formal loading process adopted a force-controlled loading phase 

followed by a displacement-controlled loading phase. For specimens PECB1, 

PECB3, and PECB5, each of the two jacks applied 60 kN per loading step 

(approximately 0.05 Pu, where Pu is the ultimate load of the beam) at a loading 

rate of 20 kN/min. For specimens PECB2 and PECB4, the load per step was 30 

kN (approximately 0.05 Pu) at a loading rate of 10 kN/min. After reaching half 
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of the estimated ultimate load (calculated as the yield load using the transformed 

section method), the control mode was switched to displacement-controlled 

loading, with each step increasing by 5 mm at a rate of 5 mm/min. Loading 

continued until the specimen failed, ensuring that the deflection at the loading 

point exceeded 300 mm within the effective stroke of the jack. The specific 

layout of the test measurement points is shown in Fig. 3. 

 

3.  Experimental results analysis 

 

3.1. Failure pattern of specimen 

 
Specimen PECB1 entered the cracked working stage after being loaded to 

348.2 kN (approximately 0.11 Pu). The midspan deflection at this point was 5.35 

mm (l0/2019). At 1397.3 kN (approximately 0.45 Pu ), the maximum midspan 

crack width reached the serviceability limit (0.3 mm), and the midspan 

deflection was 28.88 mm (l0/374). At 2640.8 kN (approximately 0.85 Pu ), the 

midspan deflection exceeded the serviceability limit (l0/200), and the yield strain 

(2700 με) was reached in the upper and lower steel flanges. The midspan 

deflection was 81.62 mm (l0/132). At 3090.2 kN (Pu ), partial spalling of the top 

surface concrete at the midspan occurred. The midspan deflection exceeded 1/50 

of the calculated span, meeting the failure criteria for the specimen, and the test 

was terminated. The pure bending zone at the final failure of specimen PECB1 

is shown in Fig. 4. 

Specimen PECB2 entered the cracked working stage after being loaded to 

193.5 kN (approximately 0.11 Pu), with a midspan deflection of 4.04 mm (l0

/1881). At 1276.6 kN (approximately 0.70 Pu), the midspan deflection exceeded 

the serviceability limit (l0/200), reaching 48.57 mm (l0/156). At 1560.9 kN 

(approximately 0.86 Pu ), the maximum crack width on both sides of the midspan 

reached the serviceability limit (0.3 mm). The upper and lower steel flanges 

achieved the yield strain (2400 με), and the midspan deflection was 79.33 mm 

(l0/96). At 1813.6 kN (Pu ), slight spalling occurred on the top surface concrete 

at the midspan. The midspan deflection exceeded 1/50 of the calculated span, 

reaching the failure criteria for the specimen, and the test was terminated. The 

pure bending zone at the final failure of specimen PECB2 is shown in Fig. 5. 

 

  
(a) Specimen failure diagram (b) North side area 

  
(c) Mid-span region (d) South side area 

Fig. 4 Final failure state of specimen PECB1 

 

  
(a) Specimen failure diagram (b) North side area 

  
(c) Mid-span region (d) South side area 

Fig. 5 Final failure state of specimen PECB2 

 

  
(a) Specimen failure diagram (b) North side area 

  
(c) Mid-span region (d) South side area 

Fig. 6 Final failure state of specimen PECB3 

  
Specimen PECB3 entered the cracked working stage after being loaded to 

339.9 kN (approximately 0.11 Pu), with a midspan deflection of 5.70 mm 

(l0/1896). At 2140.4 kN (approximately 0.69 Pu), the midspan deflection 

approached the serviceability limit (l0/200), and the maximum crack width on 

both sides reached the serviceability limit (0.3 mm). The midspan deflection was 

53.37 mm (l0/202). At 2463.8 kN (approximately 0.79 Pu ), the upper and lower 

steel flanges achieved the yield strain (2700 με), and the midspan deflection was 

86.63 mm (l0/125). At 3107.9 kN (Pu ), abnormal noises were heard, and partial 

spalling occurred on the top surface concrete at the midspan. The midspan 

deflection exceeded 1/50 of the calculated span, meeting the failure criteria, and 
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the test was terminated. The pure bending zone at the final failure of specimen 

PECB3 is shown in Fig. 6. 

Specimen PECB4 entered the cracked working stage after being loaded to 

413.9 kN (approximately 0.23 Pu ), with a midspan deflection of 10.17 mm (l0

/708). At 1244.5 kN (approximately 0.70 Pu ), the midspan deflection exceeded 

the serviceability limit (l0/200), reaching 36.82 mm (l0/195). At 1450.6 kN 

(approximately 0.82 Pu ), the maximum crack width on both sides of the midspan 

reached the serviceability limit (0.3 mm), and the midspan deflection reached 

79.33 mm (l0/96). At 1627.5 kN (0.92 Pu ), the upper and lower steel flanges 

achieved the yield strain (2700 με), and the midspan deflection reached 117.65 

mm (l0/61). At 1776.7 kN (Pu), partial spalling occurred on the top surface 

concrete at the midspan, and cracks at the web openings became more 

pronounced. The midspan deflection exceeded 1/50 of the calculated span, 

meeting the failure criteria, and the test was terminated. The pure bending zone 

at the final failure of specimen PECB4 is shown in Fig. 7.

 

  
(a) Specimen failure diagram (b) North side area 

  
(c) Mid-span region (d) South side area 

Fig. 7 Final failure state of specimen PECB4 

 

Specimen PECB5 entered the cracked working stage after being loaded to 

646.8 kN (approximately 0.21 Pu ), with a midspan deflection of 10.17 mm (l0

/708). At 2284.7 kN (approximately 0.74 Pu ), the upper and lower steel flanges 

achieved the yield strain (2700 με), the midspan deflection exceeded the 

serviceability limit (l0/200), and the maximum crack width on both sides of the 

midspan reached the serviceability limit (0.3 mm). The midspan deflection was 

71.17 mm (l0/152). At 3100.1 kN (Pu ), partial spalling occurred on the top 

surface concrete at the midspan. The midspan deflection exceeded 1/50 of the 

calculated span, meeting the failure criteria, and the test was terminated. The 

pure bending zone at the final failure of specimen PECB5 is shown in Fig. 8. 

Compared with the unfilled specimen PECB3, PECB5 exhibited 

significantly different cracking behavior in the region surrounding the web 

openings. Due to the presence of concrete infill, no radiating or diagonal cracks 

were observed extending from the hole edges. Instead, the cracks remained 

primarily vertical and concentrated in the pure bending zone, with more uniform 

distribution and smaller crack widths. This indicates that the concrete filling 

within the web openings helped to redistribute internal stresses and reduce stress 

concentrations at the hole periphery, thereby effectively suppressing the 

development of radial cracks. The improved crack pattern also contributed to 

more stable crack propagation and delayed local damage near the openings, as 

evidenced by the relatively intact concrete surface shown in Fig. 8.

 

  
(a) Specimen failure diagram (b) North side area 

  
(c) Mid-span region (d) South side area 

Fig. 8 Final failure state of specimen PECB5 

 

In summary, all five specimens initially exhibited concrete cracking, 

followed by steel flange yielding and eventual spalling of the top concrete 

surface at midspan, with midspan deflections exceeding the failure criteria. 

Notably, in specimens with unfilled web openings such as PECB3, the altered 

load transfer path around the openings led to the formation of radiating cracks 

extending downward from the hole edges. These cracks were accompanied by 

wider crack widths and more pronounced spalling and bulging of the concrete 

above the openings. In contrast, specimens with filled openings, such as PECB5, 

exhibited predominantly vertical cracks without significant radiating patterns, 

and the surrounding concrete remained largely intact. These observations 

indicate that concrete infill effectively mitigates local stress concentrations and 

inhibits the development of radial cracking. 

 

3.2. Load-mid-span deflection curve 

 

Fig. 9 presents the load–midspan deflection curves for the test specimens, 

which can be clearly divided into two behavioral phases. (1) Elastic Stage: Prior 

to the yielding of the tensile flange, the concrete is effectively restrained by the 

main steel structure and the reinforcement, resulting in slow crack initiation and 

negligible stiffness degradation. During this phase, the load–deflection 

relationship remains largely linear. (2) Elasto-plastic Stage: Once the tensile 

flange yields, the specimen enters a stage characterized by inelastic behavior. 

Cracks in the web concrete begin to propagate rapidly, diminishing their 

structural contribution and causing a gradual reduction in sectional stiffness. The 

corresponding deflection curve develops noticeable inflection points and 

deviates from linearity, showing increased midspan displacement and clear 

bending deformation. With continued loading, the bottom flange of the main 

steel component undergoes strain hardening, which helps maintain the flexural 

capacity of the section. Subsequently, as the upper flange yields, partial spalling 

of the concrete at the midspan top surface is observed. At this stage, the 

deflection approaches the allowable limit, marking the termination point of the 

test.  
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(a) PECB1 (b) PECB2 

  

(c) PECB3 (d) PECB4 

 

(e) PECB5 

Fig. 9 Load-mid-span deflection curve 

 

By comparing the load-midspan deflection curves of specimens with and 

without web openings, it was observed that the initial stiffness showed minimal 

differences. This limited variation arises because, although the presence of web 

openings reduces the cross-sectional rigidity of the primary steel structure, the 

effect is largely offset by the presence of concrete infill and added reinforcement. 

Once the specimens enter the yielding phase, PECB1 exhibits marginally higher 

load-carrying capacity than PECB3 and PECB5. Nevertheless, at the ultimate 

failure point, their capacities converge to nearly identical values. Meanwhile, 

PECB2 and PECB4 display similar curve patterns without notable divergence. 

These findings suggest that while web openings cause a slight decrease in load-

bearing capacity, their overall influence remains minor. This is attributed to the 

fact that the flexural resistance of PEC beams is predominantly governed by the 

steel flanges, web, and concrete, with the web itself contributing a comparatively 

smaller share. 

 

3.3. Bearing capacity analysis 

 

Based on the load-midspan deflection curves of the specimens, the load-

bearing capacities and displacements at characteristic points are summarized in 

Table 3. The theoretical cracking load Pcr' was calculated using the "Technical 

Specification for Partially Encased Composite Steel-Concrete Structures" 

(T/CECS 719—2020)[26], while the actual cracking load Pcr was obtained 

experimentally. The theoretical yield load Py' was calculated using the yield 

stress obtained from material tests based on the edge yield criterion, and the 

actual yield load Py was measured experimentally using the Park method. The 

theoretical ultimate load Pu' was derived using the full-section plasticity criterion, 

and the actual ultimate load Pu was determined experimentally. The ductility 

coefficient μ was used to evaluate the ductility performance of the specimens, 

defined as μ=Δu/Δy, where Δu is the ultimate displacement, and Δy is the yield 

displacement. 

As shown in Table 3: (1) The experimental load values at characteristic 

points of the specimens were higher than the calculated values, indicating that 

the load-bearing capacity can be determined using the edge yield criterion and 

the full-section plasticity criterion. (2) The cracking load of the specimens 

ranged from 0.1 Pu to 0.2 Pu, indicating early cracking. This was likely due to 

the presence of initial cracks in the concrete. However, the crack development 
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met the requirements of the specifications, and the load-bearing capacity 

exceeded 0.7 Pu at the normal serviceability limit state. (3) The overstrength 

ratio of the specimens ranged from 1.18 to 1.30, indicating that the specimens 

retained a certain strength reserve after reaching the yield load. (4) All specimens 

exhibited stable post-yield behavior and excellent ductility, with ductility 

coefficients exceeding 4.0, indicating strong deformation capacity and energy 

dissipation potential suitable for seismic design applications. (5) Compared to 

specimen PECB1, the yield strength of specimens PECB3 and PECB5 decreased 

by 6.0% and 8.4%, respectively, while their yield displacements increased by 

5.2% and 6.0%, respectively. The yield strength and yield displacement of 

specimens PECB2 and PECB4 showed minimal differences, indicating that 

large-section PEC beams are more significantly affected by web openings in the 

steel section. 

 

Table 3  

Bearing capacity and displacement of characteristic points 

Number 

Web 

opening 

ratio / % 

Stiffness 

/N·mm-1 

Cracking load / kN 
Yielding load  

/ kN Δy /mm 
Py  

/ Py' 

Ultimate load /kN Δu  

/ mm 

Pu / 

Pu' 

Pu / 

Py 
μ 

Pcr' Pcr Py' Py Pu' Pu 

PECB1 - 33516 155.4 348.2 2185.4 2605.9 77.75 1.19 2734.5 3090.2 336.88 1.07 1.19 4.33 

PECB2 - 23804 88.7 193.5 1241.6 1504.2 63.19 1.21 1474.4 1813.6 274.38 1.32 1.21 4.34 

PECB3 15.36 29947 155.4 339.9 2185.4 2450.3 81.82 1.12 2734.5 3107.9 328.44 1.31 1.27 4.01 

PECB4 17.98 24997 88.7 201.5 1241.6 1511.1 60.45 1.22 1474.4 1776.7 261.27 1.14 1.18 4.32 

PECB5 14.56 28953 155.4 323.4 2185.4 2386.6 82.43 1.09 2734.5 3100.1 334.16 1.13 1.30 4.05 

 

  

(a) PECB1 (b) PECB2 

  

(c) PECB3 (d) PECB4 

 
(e) PECB5 

Fig. 10 Specimen deformation 
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3.4. Deformation analysis 

 

Beams with good ductility can absorb a certain amount of energy after 

reaching their yield or maximum load-bearing state, exhibiting strong post-yield 

deformation capacity and providing clear warnings or deformations before 

failure. Fig. 10 illustrates the vertical deformations at various locations on the 

specimens, and the following observations can be made: (1) All specimens 

exhibited excellent ductility, with ductility coefficients exceeding 4.0, indicating 

strong ductile performance. (2) When the load reached approximately 0.7Pu, the 

deflection reached the serviceability limit state deflection value (l0/200). (3) At 

the initial loading stage, specimen deformations were minimal, with similar 

deflections observed at the 1/4-span and 3/4-span points. Before the yield load, 

the deformations of the specimens gradually increased at a slow rate. After 

reaching the yield load, the rate of deflection growth significantly increased, 

indicating that the specimens had entered the elasto-plastic stage. 

 

3.5. Cross-section strain distribution 

 

To evaluate the distribution pattern of deformation along the cross-sectional 

height of the main steel member and concrete in the pure bending zone of large-

section PEC beams under load, two control cross-sections were established in 

the pure bending zone of the specimens. Strain gauges (BX120-100AA) were 

evenly spaced and arranged on the concrete and web, while displacement meters 

with a range of 10 mm were evenly spaced and installed on the surface of the 

concrete on the opposite side. Both strain gauges and displacement meters were 

placed on the concrete surface to account for potential damage to the strain 

gauges due to tensile cracking when the deformation of the concrete became 

significant, as displacement meters can still roughly measure the progression of 

concrete strain. The strain development of the steel flanges under load is 

illustrated in Fig. 11. At the initial loading stage, the strain in the flanges 

generally exhibited a linear increase with the load. When the load reached 

approximately 0.7Pu to 0.8 Pu, the strain in both the upper and lower flanges 

reached the yield strain. Upon further loading, the flange strain increased rapidly, 

and the strain curve began to show an inflection point, consistent with the load-

deflection curve at mid-span.

 

  

(a) PECB1 (b) PECB2 

  

(c) PECB3 (d) PECB4 

 

(e) PECB5 

Fig. 11 Flange strain of the specimen 
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(a) PECB1 (a) PECB1 

  

(b) PECB2 (b) PECB2 

  

(c) PECB3 (c) PECB3 

  

(d) PECB4 (d) PECB4 
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(e) PECB5 (e) PECB5 

Fig. 12 Strain of section steel web Fig. 13 Concrete strain 

 

Fig. 12 and Fig. 13 illustrates the strain curves of mid-span concrete and 

steel along the cross-sectional height, where h represents the height from the 

lower flange. Before reaching a load of 0.7Pu, the neutral axis of the cross-

sections for specimens PECB1, PECB3, and PECB5 was approximately located 

at a height of 450 mm. For specimens PECB2 and PECB4, the neutral axis was 

approximately located at a height of 250 mm, and the strains in concrete and 

steel along the cross-sectional height conformed to the plane section assumption. 

After the load reached 0.7Pu, the tensile strain in the concrete increased, the 

neutral axis of the cross-section shifted significantly upward, and severe 

cracking occurred in the web concrete, leading to stress redistribution and a 

somewhat nonlinear strain distribution across the cross-section. 

 

4.  Finite element analysis of large-section PEC beams 

 

4.1. Finite element modelling 

 
This numerical model is developed to replicate the failure behavior of PEC 

beams subjected to quasi-static loading. It integrates multiple geometric 

elements and force interactions. The steel reinforcement and link components 

are represented using the two-node three-dimensional truss element (T3D2), 

while the concrete and steel beam components are modeled with eight-node 

solid hexahedral elements featuring reduced integration (C3D8R). A structured 

meshing strategy is employed, applying a consistent element size of 100 mm 

across all components, including steel, concrete, links, longitudinal 

reinforcement, and construction steel. Details of the mesh partitioning are 

illustrated in Fig. 14. 

As shown in Fig. 14, the finite element model adopted a uniform mesh size 

of 100 mm, which was selected based on both the geometric features of the 

specimens and practical considerations of simulation accuracy and 

computational efficiency. Given that the web opening diameters ranged from 

175 mm to 400 mm, and the steel web thickness was between 12 mm and 22 

mm, the chosen mesh size ensures that even the smallest openings are discretized 

by at least 6–8 elements along the diameter. This resolution is generally 

sufficient to capture the stress concentration and deformation gradients near 

discontinuities such as holes and thin webs. Additionally, finer mesh sizes were 

evaluated during preliminary simulations, but no significant improvement in 

global load–displacement response was observed, while computational cost and 

convergence difficulties increased. The selected 100 mm mesh size provided 

stable performance and successfully reproduced key structural responses 

observed in the experiments.

 

  

(a) Overall mesh division (b) Mesh division at the opening 

Fig. 14 Finite element model and mesh division 

 

  

(a) Single-axis compression (b) Single-axis tension 

Fig. 15 Stress-strain relationship of concrete in CDP model 
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The concrete plastic damage model (CDP) is adopted to simulate concrete 

behavior. According to the study conducted by Chang Xinquan from Southeast 

University [29], excluding the damage factor can notably shorten the 

computation time, though it may introduce deviations in the descending segment 

of the concrete stress–strain response when compared to experimental 

observations. The constitutive models for concrete in both compression and 

tension, along with the corresponding damage factors, are defined based on the 

provisions of the "Code for Design of Concrete Structures" (GB 50010—2010) 

[30], and are illustrated in Fig. 15. For the CDP model, key parameters include 

a dilation angle of 35°, a flow potential eccentricity of 0.15, a viscosity 

parameter of 0.0015, a biaxial-to-uniaxial compressive yield strength ratio of 

1.16, and a stress invariant ratio (Kc) of 0.6667 along the tension-compression 

meridian. In addition, the mechanical response of reinforcement bars and steel 

sections is represented using a bilinear stress–strain model in the simulation 

process. 

In the finite element model, a paired contact interaction is defined between 

the concrete and steel components. Tangential behavior follows Coulomb 

friction theory with a friction coefficient set to 0.5, while normal interaction is 

modeled using hard contact. The flanges are permitted to separate outwardly 

from the concrete but are restricted from penetrating inward. Additionally, the 

ends of the link elements are rigidly connected to the flanges of the steel beam, 

whereas the longitudinal reinforcement bars are anchored into the end plates, all 

of which are embedded within the concrete. These end plates are modeled as 

rigid bodies, ensuring no deformation, and are bound to both the steel beam ends 

and concrete ends through section binding. 

 

4.2. Comparison of numerical simulation and experimental results 

 

4.2.1. Contrastive analysis of load-deflection curves 

Fig. 16 presents the load-deflection comparison curves between the 

numerical simulation results and the experimental results for the bending test 

specimens of large-section PEC beams. It can be observed that the finite element 

simulation performs well, as the experimental curves align closely with the 

simulation curves, indicating that the selected computational model accurately 

captures the entire bending process of the large-section PEC beams. 

To strengthen the numerical validation, Table 4 has been added to provide a 

comprehensive quantitative comparison between FEM simulation results and 

experimental data for all five specimens. The comparisons include yielding load 

(Py), yielding displacement (Δy), ultimate load (Pu), and ultimate displacement 

(Δu), along with their respective percentage errors. 

The results demonstrate that the FEM model achieves high accuracy in 

predicting both load and displacement at key response stages. Specifically, the 

error in yielding load remains within ±5% for most specimens, with the 

exception of PECB5 (7.82%). The error in yielding displacement is also 

generally low, ranging from 0.49% to 8.84%. Ultimate load predictions are 

particularly accurate for PECB2, PECB3, and PECB5, with errors below 1.2%, 

while PECB1 and PECB4 show larger deviations (11.71% and –16.97%, 

respectively), likely due to variations in local failure modes and damage 

propagation not fully captured in the model. 

Moreover, the predicted ultimate displacements (Δu) show excellent 

agreement with the experimental values for all specimens, with maximum 

deviation below ±0.35%. This further confirms the model’s capability to 

simulate deformation behavior under large deflections. 

As noted in Fig. 16, the simulation and experiment exhibit good agreement 

in the overall shape of the load–displacement curve, particularly during the 

loading stage. However, discrepancies become apparent during the unloading 

phase. These deviations are mainly attributed to simplifications in the 

constitutive models of concrete and steel, which do not fully capture post-peak 

stiffness degradation, microcrack-induced softening, and interface debonding 

effects. Additional refinement, such as incorporating damage-plasticity models 

or cohesive zone elements, may improve the unloading phase simulation 

accuracy in future work. 

 

  

(a) PECB1 (b) PECB2 

  

(c) PECB3 (d) PECB4 
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(e) PECB5 

Fig. 16 Load-deflection curve comparison diagram 

 

Table 4  

Comparison between FEM simulation and experimental results 

Number 

Yielding load / kN Mirror 

/ % 

Yielding displacement 

/ mm 
Mirror 

/ % 

Ultimate load 

/kN 
Mirror 

/ % 

Ultimate displacement / 

mm 
Mirror 

/ % 

Py
FEM Py Δy

FEM Δy Pu
FEM Pu Δu

FEM Δu 

PECB1 2521.5 2605.9 3.24 69.87 77.75 10.14 2734.5 3097.1 11.71 336.43 336.88 0.13 

PECB2 1443.5 1504.2 4.04 57.88 63.19 8.40 1810.9 1813.6 0.15 275.01 274.38 -0.23 

PECB3 2546.2 2450.3 -3.91 77.85 81.82 4.85 3073.3 3107.9 1.11 328.90 328.44 -0.14 

PECB4 1446.2 1511.1 4.29 56.19 60.45 7.05 2078.2 1776.7 -16.97 262.19 261.27 -0.35 

PECB5 2199.9 2386.6 7.82 78.83 82.43 4.37 2826.5 3100.1 8.83 334.48 334.16 -0.10 

 

4.2.2. Stress distribution 

Fig. 17 and Fig. 18 present the stress contour diagrams of the large-section 

PEC beam bending specimens under their ultimate load-bearing condition. In 

these figures, the maximum concrete stress is observed within the compression 

zone at the mid-span, with stress levels gradually diminishing toward the support 

ends. Similarly, the stress distribution in the steel sections shows a decreasing 

trend from the center of the beam outwards toward both sides. 

 

 

(a) PECB1 

 

(b) PECB2 
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(c) PECB3 

 
(d) PECB4 

 

(e) PECB5 

Fig. 17 Stress heat map of concrete 

 

 

(a) PECB1 

 

(b) PECB2 
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(c) PECB3 

 
(d) PECB4 

 
(e) PECB5 

Fig. 18 Stress heat map of steel 

 

4.2.3. Strain distribution 

The plastic damage model for concrete does not simulate crack formation 

directly at the integration points. Instead, it visualizes crack propagation through 

contour representations. The direction of crack growth is determined based on 

the equivalent plastic strain, with the crack plane vector oriented parallel to the 

direction in which the maximum plastic strain occurs. The progression of cracks 

is presented using the distribution of maximum plastic strain values. 

As shown in Fig. 19, three representative crack patterns are provided to 

illustrate the damage evolution process in the web concrete of large-section PEC 

beams. Taking specimen PECB1 as a case in point, when the applied load 

reaches 345 kN, tensile damage initiates at the bottom mid-span region, 

indicating the onset of cracking in the specimen. With the load increasing to 

1400 kN, the area of tensile yielding expands, and the damage zone continues to 

grow. At 2100 kN, no additional tensile cracks are observed, suggesting crack 

saturation on the tensile side. The simulated crack development closely mirrors 

the observed experimental behavior, thereby confirming the accuracy and 

reliability of the established finite element model. 

 

 
(a) P = 345 kN 

 
(b) P = 1400 kN 
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(c) P = 2100 kN 

Fig. 19 Tensile strain diagram of concrete of PECB1 

 

5.  Flexural bearing capacity calculation of large-section PEC beams 
 

The stress distribution and some parameters of the large-section PEC beam 

cross-section are shown in Fig. 20. During the process of reaching the ultimate 

load capacity, the neutral axis of the specimen continuously shifts upward, and 

the height of the compression zone decreases. The cross-section above the 

neutral axis is under compression, while the section below the neutral axis is 

under tension, with both the flanges and the tensile reinforcement reaching their 

yield strength. 

 

 

Fig. 20 Section diagram and equivalent rectangular stress diagram of large-section 

PEC beams 

 

The formulas for calculating the flexural capacity of large-section PEC 

beams are provided in Equations (1)–(5), and the calculated results are shown in 

Table 5. 
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In these formulas: Mu represents the design value of the flexural capacity of 

the cross-section (N·mm); fcw is the axial compressive strength design value of 

the concrete in the web of the main steel member (N/mm2); x is the distance from 

the neutral axis of the composite section to the compression edge of the concrete 

(mm); ha、bf、tw、tf are the height, flange width, web thickness, and flange 

thickness of the main steel section of the beam (mm), respectively. α1 is the 

influence coefficient of compressive stress in the compression zone; fy、fy’ are 

the design values of tensile and compressive strengths of the reinforcement 

(N/mm2); fa、fa’ are the design values of tensile and compressive strengths of the 

main steel section of the beam (N/ mm2); As、As’ are the cross-sectional areas of 

the tensile and compressive reinforcement (mm2), respectively; Aa、Aac are the 

total cross-sectional area of the main steel section and the cross-sectional area 

of the compression zone of the main steel section (mm2), respectively. as、as’ are 

the distances from the resultant force point of the tensile reinforcement to the 

tensile edge of the concrete and from the resultant force point of the compressive 

reinforcement to the compressive edge of the concrete (mm), respectively. Sat、

Sac are the section plastic moment of the tensile and compressive areas of the 

main steel section relative to the plastic neutral axis of the composite section 

(mm3), respectively. h0 is the effective height of the concrete section (mm); Ea、

Es are the elastic moduli of the main steel section and the reinforcement (N/mm2), 

respectively. 

 

Table 5  

The calculation results of flexural capacity are compared with the experimental results 

Number M / (kN·m) Mu / (kN·m) M / Mu 

PECB1 5561.28 4922.12 1.13 

PECB2 2296.32 1769.29 1.30 

PECB3 5594.22 4922.12 1.14 

PECB4 2132.04 1769.29 1.21 

PECB5 5580.18 4922.13 1.13 

Note: M is the test value (mid-span bending moment corresponding to ultimate load Pu). 

 

As shown in Table 5, the experimental results for specimens PECB1, 

PECB3, and PECB5 were 1.13 to 1.14 times the calculated values, while those 

for PECB2 and PECB4 reached 1.30 and 1.21 times, respectively. These results 

suggest that the size effect has a measurable, though not dominant, influence on 

the flexural behavior of PEC beams. Specifically, the relatively higher capacity 

margins observed in smaller specimens (PECB2 and PECB4) may be attributed 

to localized constraint effects, increased relative reinforcement ratios, and 

reduced span-to-depth ratios, which tend to artificially enhance flexural strength. 

In contrast, large-section specimens (PECB1, PECB3, PECB5) exhibit more 

distributed cracking patterns and reduced confinement effects, leading to more 

realistic structural responses. This trend aligns with existing findings in the 

literature [31–33], which indicate that smaller-scale specimens often 

overestimate structural performance due to boundary and scale-induced 

anomalies. Overall, the good agreement between calculated and experimental 

values confirms the validity and safety of using the full-section plastic theory 

for estimating the flexural capacity of large-section PEC beams with web 

openings. 

The average stiffness method was used in this study to calculate the average 

stiffness B of the specimens, and the stiffness calculations for specimens PECB3, 

PECB4, and PECB5 excluded the web opening regions. When calculating the 

equivalent sectional moment of inertia Iucr for the uncracked section of large-

section PEC beams and Icr for the cracked section, the web concrete of the main 

steel member was equivalently transformed into the steel web. The calculation 

formulas are as follows: 

 

eq ucr cr( ) / 2I I I= +                                                (6) 

 

In the formulas, Ieq represents the stiffness obtained through calculation. 

Using structural mechanics, the stiffness can be applied to derive the mid-span 

deflection f1 of the specimen at 0.7Pu, which is then compared with the 

experimentally determined mid-span deflection f at 0.7Pu. The specific results 

are shown in Table 6. The deflection formula for the specimen is as follows: 

 

( )2 2
0

1

3 4

48

Pa l a
f

B

−
=                                             (7) 

 

In the formula, f1 is the deflection of the specimen at 0.7Pu, l0 is the 

calculated span of the specimen, a is the shear span length of the specimen, P is 

the load applied at the loading point, and B is the average stiffness of the 

specimen.  
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Table 6  

The calculation results of mid-span deflection are compared with the test results 

Number Ieff / mm4 Igross / mm4 Opening efficiency factor 𝐼eff/𝐼gross f / mm f1 / mm f / f1 

PECB1 9.42×108 9.42×108 1.00 51.18 32.75 0.64 

PECB2 1.80×108 1.80×108 1.00 46.65 23.94 0.51 

PECB3 9.42×108 8.41×108 0.89 56.39 41.16 0.73 

PECB4 1.80×108 1.88×108 1.05 36.80 29.32 0.80 

PECB5 9.42×108 8.13×108 0.86 58.89 41.08 0.70 

 

As shown in Table 6, the ratio of theoretical to experimental deflection 

values is consistently less than 1, indicating that in the elastoplastic stage, the 

calculated values tend to underestimate the actual deformation of the beams. 

This deviation is particularly evident in specimens with web openings (e.g., 

PECB3 and PECB5), where increased deflection is observed due to reduced 

sectional stiffness caused by perforation. To quantitatively explain this behavior, 

an opening efficiency factor Ieff / Igross was introduced, where Ieff is estimated 

based on the measured average stiffness, and Igross is the theoretical moment of 

inertia of the unperforated steel section. Given that flexural stiffness EI governs 

mid-span deflection, the calculated efficiency factors show a clear correlation 

with the increased deflection ratios. For example, PECB3 and PECB5, with 

efficiency factors of 0.894 and 0.864 respectively, correspond to increased 

deflection ratios f1 / f of 0.73 and 0.70. This demonstrates that the reduction in 

stiffness due to web openings directly leads to larger displacements under load. 

In addition, PECB2—although a solid-web specimen—exhibited the largest 

deflection prediction error, with f1 / f =0.51, corresponding to a 49% 

underestimation. This is primarily attributed to its relatively small cross-section, 

which makes the specimen more sensitive to early cracking, stiffness 

degradation, and boundary condition effects. Moreover, the current deflection 

formula is based on linear elastic assumptions and does not incorporate stiffness 

loss from concrete cracking or localized damage. Therefore, for small-section or 

low-stiffness members, the simplified stiffness estimation method is less 

accurate. To improve predictive accuracy, future work should consider using 

effective moment of inertia approaches, nonlinear moment–curvature analysis, 

or segmental stiffness models that better reflect the post-cracking behavior of 

the composite section. 

Therefore, the use of opening efficiency factors provides a practical design-

oriented metric to assess the impact of web openings on flexural stiffness and 

deflection, and allows engineers to control allowable deformation levels in 

accordance with structural performance requirements. This refinement helps 

address the underestimation issue of the theoretical model and aligns well with 

the experimental trends observed in Table 6. 

 
6.  Conclusions 

 

This study performed four-point bending tests on large-section PEC beams 

to evaluate how variables such as cross-sectional size, presence of web openings, 

and different opening configurations influence their failure modes, deflection 

response, flexural strength, ductility, and strain distribution along the section 

height. The principal findings are as follows: 

（1）The inclusion of web openings introduces some degree of reduction 

in the bearing capacity of large-section PEC beams; however, the overall 

weakening effect is relatively minor. Compared with specimen PECB1, 

specimens PECB3 and PECB5 exhibited reductions in yield strength by 6.0% 

and 8.4%, respectively, while PECB2 and PECB4 showed no appreciable 

change. 

（2）All tested specimens achieved ductility coefficients exceeding 4.0, 

indicating that large-section PEC beams possess excellent ductile behavior. The 

strain profiles of the primary steel elements and the surrounding concrete along 

the vertical section height display an approximately linear trend, consistent with 

the plane section assumption. 

（3）The load–deflection responses and stress contour distributions from 

finite element simulations aligned closely with the experimental observations. 

The discrepancy between the simulated and measured ultimate bearing 

capacities was within 10%, confirming both the credibility of the adopted model 

and its effectiveness in capturing the flexural response of large-section PEC 

beams. 

（4）Size effect exerts a notable influence on the flexural characteristics of 

PEC beams. Although large-section specimens show narrower flexural capacity 

margins compared to smaller counterparts, the calculated values still range from 

1.13 to 1.30 times the experimental results, validating the safety and 

conservativeness of the proposed prediction method. 

（ 5）The computed mid-span deflections using the reduced stiffness 

averaging method deviated from experimental data but did not affect the 

assessment of the serviceability limit state. In practice, the partial stiffness 

reduction caused by web openings should be considered during design to ensure 

structural performance. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Significant welding residual stresses (WRS) exist at the sphere-pipe welds of welded hollow spherical joints (WHSJ), 

adversely affecting their axial mechanical performance. However, due to the complex distribution pattern of residual stress, 

quantitatively assessing their impact on joint axial stiffness and load-bearing capacity has been challenging. This study 

employs a combined approach of theoretical derivation and model testing to examine and reveal the influence mechanisms 

and quantitative influence patterns of sphere-to-pipe welding residual stress on the axial mechanical properties of hollow 

spherical joints. It was found that welding residual stress reduces joint axial stiffness by 1.97%–54.7% and load-bearing 

capacity by 2.27%–24.4%. Furthermore, the detrimental effect of welding residual stress on axial performance decreases 

with increasing hollow sphere diameter (D), increases with increasing wall thickness (t), and exhibits a contrasting trend 

with increasing steel pipe diameter (d): its effect on axial stiffness initially increases then decreases, whereas its effect on 

load-bearing capacity initially decreases then increases. 
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1.  Introduction 

 

Welded hollow spherical joints (WHSJ), developed by Professor Liu 

X.L.(1991), have been widely used in various spatial grid structures. These 

joints consist of a core hollow sphere connected to multiple pipes through 

welded joints. Notably, the core hollow sphere itself is fabricated by welding 

two hemispherical shells [1]. However, significant WRS exist at the sphere-pipe 

butt welds, adversely affecting the axial mechanical properties of the joints. This 

has prompted extensive research by numerous scholars.In terms of overall 

structural performance, Wang X.(1996) considers the axial stiffness and 

bending stiffness of the joints when analyzing the grid of welded spherical joints. 

Through finite element analysis, it is found that after considering the stiffness 

of the welded spherical joints, the deflection of the grid structure is reduced, and 

the influence of the axial stiffness on the deflection is greater than that of the 

bending stiffness[2]; Zhang J.L.(2003) introduces the stiffness model of WHSJ 

in the design of geodesic and Cavite reticulated shell structures, and analyzes 

that the joint stiffness has a significant impact on the buckling load and ultimate 

load of the structure[3,4]. Kang J.’s(2008) research shows that the structural 

bearing capacity is reduced after considering joint stiffness in geodesic and 

saddle reticulated shells with initial defects[5,6]. Li F.(2014) establishes a 

numerical analysis model of semi-rigid joint cylindrical grid mega-structure and 

analyzes the static performance of the axial semi-rigid, bending semi-rigid and 

double semi-rigid structures of joints. It is found that the structural bearing 

capacity decreased by about 15% after considering the superposition effect of 

bending stiffness and axial stiffness[7]. Su Y.H.(2005) points out that variations 

in joint axial stiffness significantly influence the load-bearing capacity of 

latticed shell structures[8]. These studies show that the stiffness of WHSJ has a 

non-negligible impact on the overall performance of the structure. 

In order to accurately evaluate the stiffness of WHSJ, many scholars have 

conducted extensive studies on their mechanical properties. Yan X.Y.(2021) 

explores the axial stiffness, bending stiffness, bearing capacity and ultimate 

tensile and compressive properties of H-beam WHSJ by combining numerical 

analysis with experimental studies[9,10];Liu H.B.(2018) investigated the axial 

performance of H-beam WHSJ, conducting a comprehensive analysis of the 

effects of material strength, geometric dimensions, and stiffening ribs on joint 

mechanical properties. The study further proposed corresponding calculation 

methods[11]; Zhao Z.W.(2021), Han Q.H.(2016) and Yan X.Y.(2019) analyze 

the axial stiffness and bending stiffness of WHSJ under different stress states, 

and establish relevant calculation formulas[12-14]; In addition, scholars such as 

Zhao Z.W.(2018), Lu J.(2018), Huang B.S.(2021) and Liu H.B.(2020) also 

examine the mechanical properties of WHSJ under extreme conditions such as 

corrosion, fire and high temperature, and achieve rich research results[15-20]. 

Due to the structural characteristics of WHSJ, their performance is affected 

by many factors, and many scholars have also conducted studies on these factors. 

Luo Y.F.(1995) finds that the joint volume has an important influence on the 

structural stress and buckling morphology[21]; Dong S.L.(2005) conducts an 

in-depth study on the bearing capacity of WHSJ, proposes a practical 

calculation method, and points out that the welding quality at the sphere-pipe 

butt welds is an important factor for the joint stiffness[22,23]; Liao J.(2010) 

considers the size and quality of various WHSJ and finds that they have different 

degrees of influence on the joint stiffness and bearing capacity[24]; Wang 

X.(2000) not only examines the axial and bending stiffness of joints, but also 

analyzes the influence of the size of joint region on the stiffness and elastic 

buckling load of grid structure, and concludes that the joint stiffness is related 

to many factors such as the stress condition, geometric dimensions, and rod 

size[25]. In summary, the quality of welds at the sphere-pipe butts of the WHSJ 

is one of the important factors affecting its performance.  

Recent studies have further investigated the residual stress distribution at 

sphere-to-pipe welds and its structural effects. Zhao Z.W. (2016) employed 

numerical simulations to analyze how residual stresses influence joint 

performance and the mechanical properties of single-layer latticed shells. The 

research demonstrated that residual stresses reduce both joint stiffness and 

structural load-bearing capacity[26]. Yan R.Z. (2023) established a residual 

stress distribution model for hollow spherical joint welds, complemented by 

experimental analyses of its impact on bending performance. The results 

confirmed that residual stresses adversely affect joint bending stiffness and 

load-bearing capacity, with the degree of influence varying according to joint 

geometric size[27,28].This study demonstrates that WRS will reduce the 

bending stiffness and bearing capacity of joints, and the degree of influence 

varied with the changes in the structural size of joints. 
Through literature review, it is found that the current calculation methods 

for the axial stiffness and bearing capacity of WHSJ are mainly based on 

experimental analysis, and the results have certain variations. At the same time, 

there are few studies that consider the influence of WRS. Therefore, based on 

the previous studies, this paper further explores the influence of WRS on the 

axial mechanical properties of WHSJ through a combination of theoretical 

deduction and experimental studies, and clarifies the influence mechanism of 

WRS on the axial stiffness and ultimate bearing capacity of joints. 

 

2.  Specimen design of welded hollow spherical joint 

 

2.1. Joint design 

 

To ensure the representativeness of the research results, the study selected 

WHSJ commonly used in engineering, with particular focus on the influence of 

key parameters: hollow sphere diameter (D), wall thickness (t), and steel pipe 

diameter (d) on joint axial stiffness and ultimate bearing capacity. Axial 

performance tests were conducted on five groups of specimens (see Table 1 for 
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detailed parameters). All specimens employed seamless steel pipes with 

identical dimensions: 470 mm in length and 6 mm in wall thickness on each 

side. 

When welding the steel pipe and the hollow spheres, a single-pass three-

layer arc welding is used to simulate the actual engineering, and the 

hemispherical butt weld of the hollow spheres is avoided. To facilitate loading 

application in the welded hollow spherical joint model tests and avoid 

interference with the hemispherical butt welds of the hollow sphere, the 

specimens were fabricated by connecting the hollow sphere to two steel pipes 

at a 180° included angle. A 200mm×200mm loading end plate is set at the end 

of the steel pipe to connect the support. Fig. 1 is a schematic diagram of the 

specimen structure, in which the grooved plate is mainly used to arrange the 

displacement sensor. The hollow spheres and steel pipes of all specimens are 

made of Q235 steel. During the production of the hollow spheres, the WRS 

generated by welding the two hemispheres is eliminated through heat treatment 

and static standing. 

 

  

(a) Tectonic diagram 

1.fixed end-plate; 2.seamless steel pipe; 

3. grooved plates for measuring points;  

4.welded hollow sphere. 

(b) Photographs of specimens 

Fig. 1 Diagram of test pieces 

Table 1 

Specimen parameters 

Number Specimen number Ultrasonic impact Name D/mm t/mm d/mm Theoretical value of bearing capacity NR/kN 

1 
SJ1 No experiment group 

300 8 89 346 

SJ1-D Yes control group 

2 
SJ2 No experiment group 

350 8 89 329 

SJ2-D Yes control group 

3 
SJ3 No experiment group 

300 8 114 488 

SJ3-D Yes control group 

4 
SJ4 No experiment group 

300 10 114 610 

SJ4-D Yes control group 

5 
SJ5 No experiment group 

300 8 140 656 

SJ5-D Yes control group 

Note: Specimens labeled “SJ i” (where “ i ” = 1, 2, …, 5) denote the test specimens, with“ i ” indicating the test group index. Correspondingly, “SJ i-D” (“ i ”= 1, 

2, …, 5) represent the control specimens paired with “SJ i”. These underwent ultrasonic impact treatment to mitigate WRS immediately after sphere-pipe welding. 

 

2.2. Preparation of control group specimens 

 
To investigate the influence of WRS on the axial performance of the joints, 

ultrasonic impact method (UIM) was first applied to the sphere-to-pipe welds 

of the five control group specimens upon completion of fabrication. This treat-

ment aimed to reduce WRS within the welds and the adjacent heat-affected zone. 

The fundamental principle of UIM involves utilizing high-frequency, high-effi-

ciency, and focused ultrasonic energy to induce sufficient compressive plastic 

deformation and grain refinement in the metal surface layer. This process alters 

the WRS field, thereby reducing, homogenizing, or eliminating the residual 

stresses. In this study, a TY20-80 ultrasonic impact instrument was employed 

to mitigate WRS in the weld regions. As illustrated in Fig. 2, the UIM treatment 

involved continuously impacting the weld and heat-affected zone using an im-

pact gun operating at 20,000 Hz, traversing at a uniform speed of 2 cm/min. 

During the process, the impact gun was maintained perpendicular to the weld, 

ensuring continuous contact between the impact pin and the weld seam. De-

tailed test principles and operational procedures are documented in reference 

[28].Subsequently, to quantify the WRS in all specimens, measurements were 

taken using an SC21B 3D stress magnetic scanner prior to conducting the axial 

compression tests. The SC21B scanner operates based on the magnetostrictive 

effect of ferromagnetic materials, enabling non-destructive measurement of the 

initial stress within steel components, with a measurement resolution of 1 MPa. 

The research group had previously conducted relevant UIM and magnetic test-

ing [29].This paper only lists some important results as the basis for the analysis 

of this paper. 

 

 

 

 

 

(a)vertical view (b)section 

Fig. 2 ultrasonic impact weld process Fig. 3 Layout of measuring points of residual stress 
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Table 2  

θ = 180 ° WRS test results 

Number Specimens Measuring point 
Experiment group(SJx)/MPa Control group(SJx-D)/MPa 

β 

σi,θ σi,φ σi,equ ∑σi,equ σ’i,θ σ’i,φ σ’i,equ ∑σ’i,equ 

1 

SJ1 

/SJ1-D 

Ⅰ -26 -96 86 

504 

-13 -74 68 

296 41% 

Ⅱ 79 -191 241 40 -100 125 

Ⅲ 44 -77 106 24 -43 59 

Ⅳ 34 -34 60 19 -22 35 

Ⅴ 12 6 11 10 6 9 

2 

SJ2 

/SJ2-D 

Ⅰ -29 -82 72 

513 

-35 -45 41 

300 41% 

Ⅱ 104 -181 249 44 -90 118 

Ⅲ 57 -102 139 41 -68 95 

Ⅳ 27 -19 40 21 -17 33 

Ⅴ 2 -12 13 2 -12 13 

3 

SJ3 

/SJ3-D 

Ⅰ 39 -65 91 

506 

31 -47 68 

313 38% 

Ⅱ 67 -185 225 29 -105 122 

Ⅲ 39 -120 143 27 -80 97 

Ⅳ 7 -6 11 7 -7 12 

Ⅴ -7 -39 36 -2 -15 14 

4 

SJ4 

/SJ4-D 

Ⅰ -40 -56 50 

375 

-47 -49 48 

248 33% 

Ⅱ 62 -165 203 44 -83 111 

Ⅲ 42 -73 100 29 -58 76 

Ⅳ 3 -12 13 1 -8 9 

Ⅴ 10 7 9 5 3 4 

5 

SJ5 

/SJ5-D 

Ⅰ -49 -117 102 

415 

-34 -43 39 

296 29% 

Ⅱ 59 -159 195 42 -92 119 

Ⅲ 41 -52 81 38 -45 71 

Ⅳ 28 26 27 36 -26 54 

Ⅴ 10 0 10 15 8 13 

Note: 

① The number x in the table represents the specimen group number, which is 1~5 respectively; 

② σi,θ and σi,φ are the circumferential and longitudinal WRS of the test group specimens at the measuring point i respectively; 

③ σ’i,θ and σ’i,φ are the circumferential and longitudinal WRS of the control group specimens at the measuring point i respectively; 

④σi,equ and σ’i,equ are the equivalent WRS of the test group and control group specimens at the measuring point i respectively, 2 2( ) ( )i,equ i,θ i, i,θ i,φ    = + −   

⑤β is the reduction rate of WRS, ( )'
/

i,equ i,equ i,equ
   = −    

 

When measuring WRS via the magnetic method, a measurement point grid 

was established on the hollow sphere surface as shown in Fig. 3 to 

comprehensively characterize the stress distribution pattern. Starting from the 

weld initiation point, grid units were positioned at 90° intervals along the 

circumferential direction. Each unit contained five measurement points 

uniformly spaced longitudinally and three points arranged circumferentially. 

During measurement, the circumferential stress value at each longitudinal 

position was determined by averaging the three circumferential measurement 

points. Due to repeated heating from the welding heat source at the arc-

extinguishing point, significant fluctuations occurred in residual stress 

measurements. Therefore, the measurement grid at θ = 180° (away from these 

critical zones) was selected for analysis. Residual stress results for all five 

specimen groups at this location are presented in Table 2. 

It can be seen from Table 2 that ultrasonic impact has a certain effect on 

eliminating the WRS of the welded hollow spherical joint, which can reduce the 

WRS of the hollow spherical joint by 29%~41%. 

 

3.  Analytical calculation of the influence of WRS on the axial 

mechanical properties of WHSJ 

 

In order to clarify the influence of WRS on the axial mechanical properties 

of WHSJ, it is necessary to derive the axial stiffness and bearing capacity of 

WHSJ analytically before conducting experiments. The research team has 

established the distribution pattern of WRS of WHSJ in various sizes by using 

the aforementioned magnetic test and finite element simulation. The relevant 

results have been reported in detail in[27] This paper will directly use the results 

to analyze the influence of WRS on the axial mechanical properties of WHSJ. 

3.1. Calculation of axial stiffness considering the influence of WRS 

 

The axial stiffness K of the joint is the ratio of the axial load N to the axial 

deformation u of the joint domain, which can be calculated using Eq. (1). The 

WHSJ are composite connections formed by welding steel pipes to hollow 

spherical bodies. The axial deformation within the joint region, denoted as u, 

arises from the combined axial deformation of the steel pipe us and the hollow 

sphere δ0. Assuming these deformations are independent, the total axial 

deformation u under axial load N results from the additive combination of  us 

and δ0 acting in series, as expressed in Eq. (1). 

 

0s +
==

u

N

u

N
K

        
                         (1) 

 

3.1.1. Joint domain range considering the influence of WRS 

The influence of WRS on the joint is mainly concentrated in the sphere-

pipe connection weld and the nearby heat-affected zone. Taking SJ1 as an 

example, Fig. 4 is the WRS distribution pattern diagram of SJ1 established by 

the research team in the early stage. It can be seen that the maximum WRS 

appears near the weld, and the WRS in the remaining areas will decrease rapidly 

as its position moves away from the weld. If 5% of the material yield strength 

is used as the basis for whether the WRS can be ignored to judge the influence 

zone of the WRS, the weld affected zone of SJ1 can be obtained as the blue area 

shown in Fig. 4. At this time, the influence zone height of the steel pipe is h0 = 

106mm, and the influence zone of the hollow spherical shell is φ = 49.83°.The 
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WRS distribution pattern of the other specimens is similar to that of SJ1, except 

that the specific influence range h0 and φ of each group of specimens will change 

with the geometric structure size of the joint. Since this paper mainly examines 

the influence of WRS on the axial bearing performance of the joint, the axial 

deformation of the joint is mainly calculated in the blue area shown in Fig. 4. 

Due to space limitations, the following deduction is based on SJ1. The 

distribution of WRS and the deduction process of the axial mechanical 

properties of the joints of the other groups of specimens are completely similar 

to those of SJ1. 

 

 

Fig. 4 Pattern of residual stress distribution in SJ1 von Mises welding 

 

3.1.2. Calculation of us 

To accurately calculate the axial deformation of the welded affected zone 

of the steel pipe, the distribution law of the axial WRS in the welded affected 

zone of the steel pipe, i.e., the range of height h0, should be clarified first. As 

shown in Fig. 5(a), the axial WRS distribution diagram on the typical section of 

the steel pipe in SJ1 is shown. Obviously, the axial WRS in the steel pipe is anti-

symmetrically distributed along the center of the steel pipe wall thickness 

(position with r = 41.5mm ), and the residual stress is the largest at about 3.5mm 

from the weld (z = 3.5mm), and the residual stress value has been reduced to 

less than 10MPa at 100mm from the weld (z = 100mm).  

To simplify calculations, the nonlinear axial WRS within the steel pipe is 

equivalently homogenized as a uniform stress along its thickness direction. As 

illustrated in Fig. 5(b), the simplification involves dividing the WRS into tensile 

and compressive zones along the thickness direction based on stress 

characteristics, with monotonically varying stresses in each zone. The nonlinear 

stresses in these zones are then homogenized into uniform stresses σw using Eq. 

(2), following the principle of equivalent resultant force. This equivalent 

treatment preserves the mechanical nature of each zone. Since the resultant 

force of the equivalent stress matches that of the actual distributed stress, the 

overall impact remains consistent, ensuring that the influence trend of residual 

stress on joint mechanical behavior does not deviate significantly. However, 

applying Eq. (2) for simplification requires identical processing of nonuniform 

stresses at all height positions along the pipe’s longitudinal direction. Fig. 4 

reveals that WRS also varies nonlinearly along the pipe height. Accurate 

computation necessitates discretizing the pipe into numerous segments along its 

height, resulting in a computationally intensive process. To enhance efficiency, 

two extreme cases of uniformly distributed residual stress along the height are 

considered: ① Assume that the axial WRS in the range of height h0 of the steel 

pipe is distributed according to the law at z = 3.5mm; ② Assume that the axial 

WRS in the range of height h0 of the steel pipe is distributed according to the 

law at z = 100mm. Although the simplified stress distribution differs from 

reality, the mechanical nature at each location aligns with actual conditions. The 

selected stress values represent the maximum and minimum extremes of the 

actual distribution, bounding the upper and lower limits of the true stress. 

Consequently, the actual WRS lies between cases ① and ②, and the actual 

axial deformation us within height h0 must lie between the results computed for 

these two cases. 
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In the formula, σw is the equivalent uniformly-distributed WRS, σ is the 

actual WRS, d is the inner diameter of the steel pipe, and t is the wall thickness 

of the steel pipe. For SJ1, when simplified according to case ①, σw = 85.2MPa 

is calculated, and when simplified according to case ②, σw=3.3MPa is 

calculated. 

  
(a) Distribution of axial weld residual 

stresses in a typical cross-section of  steel 

pipe 

(b) Distribution of weld residual 

stresses before and after simpli-

fication of pipe section 

Fig. 5 Residual stress distribution in welded SJ1 steel pipe 

 

After simplification in the above manner, the cross section A within the 

height range of the steel pipe h0 will be divided into two parts: The compression 

circumferential region Ap near the outside and the tension circumferential region 

At near the inside, as shown in Fig. 5(b). Obviously, A=Ap+At. When the WRS 

is not considered, the axial deformation within the height range of the steel pipe 

h0 under the action of the axial force N can be calculated according to Eq. (3): 

 

EA

Nh
u 0

0 =

       
                               (3) 

 

When considering the influence of WRS, if the proportional limit load of 

the steel pipe is assumed to be Ne, the axial force of the steel pipe under the 

action of N will go through two stages: 

i 0~Ne stage: The entire cross section of the steel pipe is under pressure, that 

is, the compressive stress in the Ap region is less than the yield strength of the 

steel at this stage, and can share N with the At region. When N reaches Ne, the 

compressive stress in the Ap region just reaches the yield strength fy, that is, 

Ne/A+σw=fy. At this time, the axial deformation u1 generated within the height 

range of the steel pipe h0 can be calculated according to Eq. (4): 
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                         (4) 

 

ii Ne~N stage: In this stage, the stress value in the Ap region is the steel yield 

strength fy, which will no longer increase, and plastic deformation will continue 

to occur. N is only borne by the At region. When the load reaches N, the axial 

displacement u2 within the height range of the steel pipe h0 is calculated 

according to Eq. (5): 
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                               (5) 

 

The axial displacement of the steel pipe during the entire loading process 

is: 

 

21 uuus +=

           
                               (6) 

 

For SJ1, A=1564mm2, then Ap=At=782mm2, and h0=106mm, fy=235N/mm2, 

E=2.06×105N/mm2, when simplified according to the above cases ① and ②, 

σw is 85.2MPa and 3.3MPa respectively. According to Eq. (3), u0=3.29×10-4×N 

is obtained for the steel pipe when the influence of WRS is not considered for 

SJ1. 

According to Eqs. (4)-(6), the simplified Ne and us of SJ1 according to case 

① are: 

 

Ne = (fy-σw)A = 234.3 (kN)                                             (7) 

 

us = 6.58×10-4×(N-Ne)+0.08 (mm)                                     (8) 

 

According to case ②, the simplified Ne and us are: 

 

Ne = (fy-σw)A = 362.4 (kN)                                            (9) 
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us = 6.58×10-4×(N－Ne)+0.12 (mm)                                  (10) 

 

3.1.3. Calculation of δ0 

Similarly, to evaluate the influence of WRS on the axial deformation of the 

hollow sphere, the distribution pattern of residual stress within the spherical 

shell must first be defined. Following the same procedure applied to simplify us, 

the WRS in the hollow spherical joint is partitioned into distinct zones based on 

tensile and compressive characteristics, with stresses in each zone homogenized 

into uniform values. 

Since the longitudinal and circumferential stresses in the hollow spherical 

shell will cause the vertical deformation, the distribution patterns of WRS in the 

hollow spherical shell along two directions are first extracted. As shown in Figs. 

6(a)-(b), they are the distribution characteristics of longitudinal and 

circumferential WRS in the SJ1 hollow spherical shell established by the 

research team in the early stage. It can be seen that the WRS in the SJ1 hollow 

spherical shell has the following distribution law: the longitudinal WRS is 

roughly anti-symmetrically distributed along the wall thickness direction of the 

sphere with the center line of the wall thickness, that is, within the range of 

φ=0°~36°, the longitudinal WRS is transformed from tension to compression 

from the inner surface to the outer surface of the hollow sphere, and the 

maximum value is obtained at φ=27°, while in the range of φ=36°~90°, the 

opposite is true; the distribution of circumferential WRS along the wall 

thickness direction is mainly compressive stress inside and outside the 

circumferential seam, and the maximum value is obtained at φ=31°. Section 

3.1.1 has made it clear that the influence zone of the SJ1 hollow spherical shell 

is within the range of φ=49.83°. As with the deformation analysis of steel pipes, 

the maximum residual stress and the minimum residual stress within the 

influence zone are taken for analysis. Specifically, when considering the most 

adverse effect of WRS, it is assumed that the WRS within the influence zone of 

the hollow sphere is uniformly distributed, and the longitudinal and 

circumferential WRS are distributed according to the conditions at φ=27° and 

φ=31° respectively; when considering the minimum effect of WRS, the 

longitudinal and circumferential WRS within the influence zone are distributed 

according to the conditions at φ=36° and φ=49° respectively, as shown in Fig. 

6(c). To simplify the analysis, the longitudinal and circumferential residual 

stresses are simplified to the uniform distribution mode shown in Fig. 6(d) 

according to the principle that the tensile and compressive forces are equivalent. 

 

    

(a) WRS along the wall thickness of the SJ1 

shell in the longitudinal direction 

(b) Residual weld stress in the circumfer-

ential direction along the wall thickness 

of SJ1 spherical shells 

(c) WRS distribution in a typical cross-

section of a SJ1 spherical shell 

(d) simplified weld residual stress distribu-

tion in the meridional and circumferential 

sections of the spherical shells 

Fig. 6 Residual stress distribution of welded SJ1 spherical shells 

 

The hollow sphere is mainly subjected to the axial force N transmitted by 

the steel pipe. Since the rigidity of the steel pipe and the surrounding spherical 

shell is relatively large, in order to simplify the analysis, the spherical shell 

within the steel pipe is regarded as a rigid body[23]. The internal force of the 

axial force N in the spherical shell can be decomposed into the longitudinal and 

circumferential membrane forces Nφ and Nθ, the bending moments Mφ and Mθ 

rotating around Nφ and Nθ, and the transverse shear force Qφ pointing to the 

center of the sphere, and the longitudinal and circumferential shear forces Sφ 

and Sθ. Since the hollow sphere is highly symmetrical, Sφ and Sθ are both equal 

to 0. If the change of internal force along the thickness direction of the spherical 

shell is ignored and the mid-surface of the spherical shell is taken as the surface 

of internal force action, the distribution of internal force of the spherical shell is 

shown in Fig. 7, and the relationship between N and each internal force can be 

expressed by Eqs. (11)-(15)[13]. 

  
(a) Internal force distribution profile of a 

spherical shell 

(b) Top view of internal force distri-

bution in a spherical shell 

Fig. 7 Distribution of internal forces in the spherical shell 
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In the formula, 
( )2 23 1

4
s 24t

D


−

= ; 0  is the opening angle at the top of 

the spherical shell, that is, the surrounding range of the steel pipe; μ is the 

Poisson’s ratio, D is the outer diameter of the spherical shell; t is the wall 

thickness of the hollow sphere. 

According to the theory of elastic thin shell , the work done by the internal 

forces Nφ, Nθ, Mφ, Mθ, and Qφ of the hollow spherical shell in their respective 

directions can be expressed as: 
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In the above formula, A1 and A2 are Lame coefficients. In the spherical shell, 

A1=D/2, A2=(D/2)·sinφ, and E is the elastic modulus. 

According to Fig. 7(a), when the upper boundary of the hollow spherical 

shell produces a vertical displacement of δ0, according to the principle of virtual 

work: 
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Combining the above formulas, the vertical displacement δ0 of the hollow 

spherical shell under the axial load N can be solved as:
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Assume that the internal forces in the spherical shell caused by WRS are 

Nwφ, Nwθ, Mwφ, Mwθ, Qwφ, Swφ, and Swθ respectively. Now SJ1 is taken as an 

example to illustrate the calculation method considering the influence of WRS. 

After the WRS is simplified in the above way, the calculation of Nφ work 

considering the influence of Nwφ can refer to the calculation idea of steel pipe in 

Section 3.1.2, that is, the cross section Asφ within the t thickness range of the 

spherical shell is divided into two areas: The compression circumferential area 

Apφ close to the outside and the tension circumferential area Atφ close to the 

inside, as shown in Fig. 6(d), Asφ=Apφ+Atφ. When considering the influence of 

WRS, assuming that the proportional limit load of the spherical shell 

longitudinal membrane force is Neφ, the spherical shell force under the action of 

the longitudinal force Nφ will go through two stages: 

i 0~Neφ stage: The entire cross section of the spherical shell is compressed 

in the longitudinal direction, that is, the compressive stress in the Apφ region at 

this stage is less than the yield strength of the steel, and can share Nφ with the 

Atφ region. When Nφ reaches Neφ, the compressive stress in the Apφ region just 

reaches the yield strength fy, that is, Neφ/Asφ+σwφ=fy. At this stage, the work done 

by Nφ is calculated according to Eq. (22): 
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ii Neφ~Nφ stage: In this stage, the stress value of the Apφ region is the steel 

yield strength fy, and the resultant force Np=fyApφ no longer increases. Plastic 

deformation will continue to occur, and Nφ is only borne by the Atφ region. In 

this stage, the work done by Nφ consists of two parts: the elastic region and the 

plastic region, which can be calculated according to Eq. (23): 
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Among them , as shown in Fig. 6(d), the simplified circumferential WRS 

is uniformly distributed in the same direction, so Nwθ=σwθAsθ.Then the work Nφ 

considering the WRS can be calculated according to Eq. (24): 

 

21N WWW +=


                                                     (24) 

 

As shown in Fig. 6(d), the simplified resultant force of the longitudinal 

WRS is almost 0, and the effect on the work done by the circumferential WRS 

can be ignored. Therefore, the work done by Nθ considering the WRS can be 

calculated according to Eq. (25): 
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In the theoretical analysis, the influence of the wall thickness of shell on 

the internal force is ignored, and it is assumed that all internal forces act on the 

mid-surface of the shell. As shown in Fig. 6(d), the longitudinal WRS σwφ is 

distributed anti-symmetrically on the mid-surface of the shell. According to the 

moment balance principle, there must be a bending moment Mwφ caused by σwφ 

at the φ section, and its magnitude can be calculated according to Eq. (26): 
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 sw

4

1
M AtW =                                                 (26) 

 

As shown in Fig. 6(d), the circumferential WRS does not cause bending 

moment on the mid-surface of the spherical shell and there is no distribution of 

tangential WRS , so Mwθ = Qwφ = Swφ = Swθ = 0. When the WRS of spherical 

shell is considered, the vertical displacement δ’0 of the spherical shell can be 

calculated according to Eq. (27): 
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For SJ1, D=300mm, t=8mm, φ0=16.7°, βs=5.57, fy=235N/mm2, 

Asθ=1833.76mm2, Asφ=3315.84mm2, and Apφ=Atφ =1657.92mm2, considering 

that the residual stress value of the φ=27° section is relatively large, in order to 

facilitate the solution, the internal force of this section is taken for quantitative 

analysis. Then according to Eqs. (11)-(15), the internal force of the spherical 

shell at the φ=27° section of SJ1 without considering the influence of WRS is 

calculated: φ = -1.38×N, Nθ = 1.38×N, Mφ = -3.84×N×10-25, Mθ = -1.15×N×10-25, 

and Qφ = -0.52×N×10-25. Since the values of Mφ、Mθ, and Qφ are all small, their 

influence on the axial stiffness of the spherical shell can be ignored, and Mφ = 

Mθ = Qφ = 0 can be directly assumed. Then, according to Eq. (27), when the 

WRS is not considered, the spherical shell δ0=2.36×10-3×N is obtained. 

According to the simplified method mentioned above, when considering 

the influence of the maximum WRS: σwφ = 63.9MPa, σwθ = -83.62MPa, Neφ=(fy

－σwφ)Asφ = 567.34(kN), and Nθ’=Nθ +σwθAsθ = 1.38×N-153.34, then according 

to Eq. (27), δ’0 = 3.2×10-3×N+0.21 is calculated; When considering the influence 

of the minimum WRS: σwφ = 6.43MPa, σwθ = -9.87MPa, Neφ = (fy－σwφ)Asφ 

=758(kN), and Nθ’ = Nθ+σwθAsθ = 1.38×N-18.1, then according to Eq. (27), δ’0 = 

2.41×10-3×N+0.12 is calculated. 

 

3.1.4. Calculation of K 

When considering the distribution of maximum WRS of SJ1, the spherical 
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shell Neφ is 567.34kN. During the loading process, the longitudinal force of the 

spherical shell is always in the elastic stage, while the steel pipe Ne is only 

234.3kN. Therefore, it is advisable to take the theoretical bearing capacity of 

joint N=346kN to make a quantitative analysis of the axial stiffness of joint. 

When the WRS is not considered, the vertical displacement of the steel pipe 

u0=3.29×N×10-4 = 0.11(mm), the vertical displacement of the spherical shell 

δ0=2.36×N×10-3 = 0.82(mm), and the axial stiffness of the joint is: 
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When considering the influence of the maximum WRS, the vertical 

displacement of the steel pipe is us = 6.58×10-4×(N-Ne)+0.08 = 0.15(mm), and 

the vertical displacement of the spherical shell is δ’0=3.2×N×10-3+0.21 = 

1.32(mm), then the axial stiffness of the hollow joint is: 
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When considering the influence of the minimum WRS, the vertical 

displacement of the steel pipe is us = u0 = 3.29×N×10-4=0.11 (mm), and the 

vertical displacement of the spherical shell is δ’0 = 2.41×10-3×N+0.08 = 

0.91(mm), then the axial stiffness of the joint is: 
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The maximum weakening degree βk of the axial stiffness of the SJ1 joint 

caused by WRS is 36.8%, and the minimum weakening degree βk is 8.9%. That 

is, the theoretical weakening degree of the axial stiffness of the SJ1 joint caused 

by WRS is between 8.9% and 36.8%.It should be noted that the aforementioned 

computational procedure simplifies the distribution pattern of WRS, assuming 

uniform distributions of key stress values at the extreme minimum and 

maximum levels within the joint region. While the resulting range of joint 

stiffness reduction bounds the actual scenario, this range is conservatively broad. 

The computational process for all other specimen groups (e.g., SJ2–SJ5) follows 

an identical approach to SJ1 and is thus omitted here. 

 

3.2. Influence of WRS on ultimate bearing capacity of joints 

 

Assuming that the welded hollow spherical joint mainly suffers from 

punching shear failure under axial load, and the vertical shear stress τ plays a 

controlling role on the punched surface, the joint will suffer from punching 

shear failure when the shear stress on the punching surface reaches the yield 

strength[23], as shown in Fig. 8. According to the von-Mises equivalent stress 

theory,  when the equivalent stress of the shear stress on the punched surface 

exceeds the yield strength of the material, the joint is considered to be damaged. 

In order to analyze the influence mechanism of WRS on the ultimate 

compressive bearing capacity of the hollow spherical joint, a micro-segment is 

taken on the circumferential punched surface of the hollow spherical joint for 

analysis, as shown in Fig. 9. 

 

  

Fig. 8 Schematic diagram of punch-

ing damage of welded hollow sphere 

joint 

Fig. 9 Schematic diagram of punched sur-

face differential segments 

 

Assume Nu is the ultimate bearing capacity. From the geometric 

relationship, the length of the micro-segment is t/cosφ and the width is 

(D/2)sinφdθ. The stress resultant on the micro-segment can be calculated 

according to Eq. (31). Then, it is integrated along the circumferential direction 

of the hollow spherical joint. The theoretical ultimate bearing capacity of the 

joint based on the shear stress destruction model of the punched surface can be 

calculated according to Eq. (32). 
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Assume that Nw represents the resultant force of WRS on the punched 

surface, and similarly it can be calculated according to Eq. (33): 
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In the formula: τw is the equivalent tangential residual stress on the punched 

surface. 

When WRS exists on the punched surface, the maximum bearing capacity 

of WHSJ can be calculated by Eq. (34): 
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The degree of weakening of the ultimate bearing capacity of Welded hollow 

spherical joints by WRS βN can be calculated by Eq. (35): 
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Based on the previous studies of the research group, the data of tangential 

WRS on the SJ1 punched surface are extracted and the distribution curve is 

drawn as shown in Fig. 10. It can be seen that the tangential residual stress on 

the punched surface changes with the thickness in a gradient manner. The closer 

to the weld, the larger the value is, and the maximum value appears at the 

starting point of welding. Except for the starting point of welding, the tangential 

WRS is basically equal. The WRS of each layer is regarded as the same value, 

and the equivalent tangential WRS of the punched surface of this layer is taken 

as the principle of equal resultant force of the layer. To simplify the calculation, 

two extreme cases are analyzed: ① Assume that the tangential WRS on the 

punched surface is distributed according to the law of the welding layer; ② 

Assume that the tangential WRS on the punched surface is distributed according 

to the law at a distance t from the welding layer. Of course, the actual 

distribution law of WRS on the punched surface is also between ① and ②, and 

the impact on the ultimate bearing capacity of the joint is also between ① and 

②. It is worth noting that the calculation formula for the bearing capacity of 

joint given by Eq. (34) is completely based on theoretical derivation and lacks 

experimental correction. The calculation result may not be completely 

consistent with the actual situation, but it can reflect the impact trend to a certain 

extent and provide guidance for the experimental research in this paper. 

 

 

Fig. 10 Residual weld stress distribution in the tangential direction on the punched sur-

face of SJ1 

 

For SJ1, when simplified according to the above cases ① and ②, τw is 

118.4MPa and 14.3MPa respectively. According to Eq. (33), the resultant force 

Nw of WRS on the SJ1 punched surface is 267.7kN and 32.3kN respectively. 

According to Eq. (32), the ultimate bearing capacity of joint Nu is 306.7kN when 

the WRS is not considered. According to Eq. (34), the maximum bearing 

capacity Nu' of SJ1 is 39kN and 274.4kN respectively. According to Eq. (35), 

βN is 87.2% and 10.5% respectively. According to the calculation results, the 
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theoretical weakening degree of WRS on the ultimate bearing capacity of SJ1 

joint will be between 10.5% and 87.2%. 

 

4.  An experimental study on axial bearing performance of 

WHSJ 

 

Given the nonlinear distribution of WRS within the joint and the 

coexistence of tensile and compressive stresses, the preceding theoretical 

calculations employed necessary approximations. While these simplifications 

capture the influence trend of WRS on the axial load-bearing behavior of WHSJ, 

they cannot quantify its magnitude. To rigorously assess the quantitative impact 

of WRS on joint axial performance, an experimental investigation on the axial 

behavior of WHSJ was conducted. 

 

4.1. Test design of axial loading 

 

4.1.1. Loading plan 

In order to simulate the axial force of the joint, two sets of hinged supports 

are designed to be connected to the loading end plates of the upper and lower 

ends of the specimen by bolts, then the upper hinged support is connected to the 

reaction frame crossbeam by screws, and a pressure sensor is placed between 

the hinged support and the crossbeam; the lower hinged support is directly 

placed on a 200-ton pneumatically controlled hydraulic jack, as shown in Fig. 

11, which is a diagram of the test loading device. 

 

  

(a) Schematic diagrams 

test reaction frames;2.high-strength bolts; 

3.pressure sensor; 4.welded hollow spheri-

cal joint; 5.fixed-pin pedestal;6. 200 tons 

hydraulic jack 

(b) Photographs of  loading device 

diagram 

Fig. 11 Loading device diagram 

 

The test loading adopts monotonic static loading. Reference [31]calculates 

the theoretical axial compressive bearing capacity NR of each group of 

specimens according to Eq. (36), which is listed in Table 1 of Section 2.1. Since 

NR has taken into account a certain degree of safety, the actual loading load 

P=1.6NR is taken, and the loading is divided into 14 levels. Before loading to 

0.6P, it increases step by step by 0.1P; after 0.6P, it increases step by step by 

0.05P to capture the destruction mode of the joint. Before formal loading, it is 

preloaded to 0.4P and then unloaded to eliminate the gap between the specimen 

and the loading system. 
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In the formula: η0 is the adjustment coefficient of bearing capacity of large-

diameter hollow spherical joint, when D≤500mm, η0=1.0; f is the design value 

of steel strength, f=215N/mm2. 

 

4.1.2. layout of measuring points 

In order to obtain the axial bearing performance of the joint, the axial 

deformation of the joint during the loading process should be measured. 

Therefore, four groups of displacement meters are arranged on the joint 

according to Fig. 12. At this time, the axial displacement w of the joint can be 

calculated according to Eq. (37). 

 

( ) ( ) 221243 wwwww +−+=                                        (37) 

 

In the formula: w1~w4 are the axial deformation values measured by 4 

groups of displacement meters. 

Since there are certain errors in the specimen production and loading device, 

eccentricity is inevitable during the loading process. In order to examine the 

eccentricity of each group of specimens, 4 groups of strain gauges are 

symmetrically arranged on the upper and lower steel pipes; at the same time, in 

order to track the stress changes of the joint during the loading process, strain 

rosettes are arranged on the WHSJ, as shown in Fig. 12. 

 

 

Fig. 12 Layout of measurement points 

 

4.2. test results 

 

4.2.1. Load-displacement curve 

The axial deformation of each group of specimens during the loading 

process is extracted and calculated, and its variation curve along the loading 

process is plotted, as shown in Fig. 13. 

As can be seen from Fig. 13, the axial deformation of each group of 

specimens changes similarly during the loading process, and their load-

displacement curves can be divided into the elastic stage, the elastoplastic stage, 

and the descending stage. Taking SJ1 as an example, in the initial stage of 

loading, that is, when the axial displacement increases from 0 to about 1 mm, 

the axial deformation of the joint increases linearly with the load, and the joint 

is in the elastic stage as a whole; When the load increases to 208 kN, that is, 

0.6P, the joint deformation changes nonlinearly with the load, the displacement 

increase rate is greater than the load increase rate, and the joint enters the 

elastoplastic stage; When the load increases to 255 kN, that is, about 0.7P, the 

joint will enter the plastic stage, and the plastic zone will continue to expand. 

Even if the load is reduced, the deformation will continue to increase, and then 

the joint will be damaged. 

In addition, as shown in Fig. 13, the load-displacement curves of the control 

specimens exhibit steeper slopes in the elastic stage than those of the test 

specimens, indicating higher axial stiffness. Concurrently, the control group 

demonstrates greater peak loads, confirming superior ultimate load-bearing 

capacity. These results verify that WRS undermines both the axial stiffness and 

ultimate bearing capacity of the joints. 

       

SJ1 & SJ1-D SJ2 & SJ2-D SJ3 & SJ3-D SJ4 & SJ4-D SJ5 & SJ5-D 

 Fig. 13 Load-displacement curve  
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4.2.2. Axial stiffness and ultimate bearing capacity of joint 

To quantify the influence of WRS on the axial mechanical properties of 

WHSJ, the elastic axial stiffness and ultimate compressive capacity were 

extracted from test and control specimens using a graphical method. Taking SJ1 

and SJ1-D as examples (Fig. 14): First, fit the load-displacement curve and draw 

a horizontal line through the peak load point to determine the ultimate 

capacity Nu. Then, draw a tangent to the elastic segment from the origin, 

intersecting the peak horizontal line at points A and B. The slopes OA and OB 

represent the elastic axial stiffness K and KUrr, respectively. The parameters for 

all specimen groups, calculated via this method, are listed in Table 3. For 

comparative analysis, Table 3 also includes theoretical values of the axial 

stiffness and ultimate capacity reduction rates for the five specimen groups. 
 

Fig. 14 Calculation of axial stiffness and ultimate compressive load ca-

pacity of hollow sphere joint by graphical method  
Table 3 

Experiment results of axial mechanical properties 

num-

ber 

test speci-

men 

test values 

K(103N/m

m) 

test val-

ues 

Nu(kN) 

control speci-

men 

test values 

KUrr 

(103N/mm) 

test values 

NUrr (kN) 

βK βN 

test re-

sults 

theoretical re-

sults 

test re-

sults 
theoretical results 

1 SJ1 206.11 255.24 SJ1-D 249.8 317.63 21.24% 8.9%~36.8% 24.44% 10.5%~87.2% 

2 SJ2 400.18 517.57 SJ2-D 457.8 538.84 14.40% 10.5%~41.7% 4.11% 3.46%~85.2% 

3 SJ3 271.24 389.62 SJ3-D 333.03 398.46 22.78% 11.5%~39.6% 2.27% 4.1%~86.3% 

4 SJ4 377.9 601.2 SJ4-D 584.6 666.46 54.7% 11.5%~57.3% 10.85% 10.17%~88.8% 

5 SJ5 447.88 479.28 SJ5-D 456.69 555.86 1.97% 6.7%~61.1% 15.98% 11.2%~88.2% 

Note: ① K in the table is the elastic axial stiffness of the joints in the test group, and KUrr is the elastic axial stiffness of the joints in the control group; ② Nu in the 

table is the ultimate bearing capacity of the joints in the test group, and NUrr is the ultimate bearing capacity of the joints in the control group; ③ βK is the weakening 

rate of axial stiffness,
( )

100%Urr
K 

−
=

K

KK
β ; ④ βN is the weakening rate of ultimate bearing capacity,

( )
100%

u

uUrr
N 

−
=

N

NN
β . 

 

1) Effect of WRS on axial mechanical properties of joints 

As indicated in Tables 2 and 3, a 30%–40% reduction in WRS in the test 

specimens enhances the axial stiffness of WHSJ by approximately 1.97%–54.7% 

and increases their ultimate bearing capacity by approximately 2.27%–24.44%. 

Compared to theoretical derivation, the experimental results exhibit generally 

lower values. This discrepancy stems from simplifications in the theoretical 

model: WRS throughout the joint were partitioned into distinct tensile and 

compressive zones, with nonlinear stresses in each zone homogenized into 

uniform values. Additionally, ultrasonic impact treatment failed to achieve 

complete elimination of WRS in control specimens, resulting in partially 

retained stresses that further contributed to the reduced experimental values. 

Specifically, the axial stiffness of the SJ1 joint increased by 21.24%, and 

the ultimate bearing capacity increased by 24.44%. The degree of influence is 

consistent with the influence range of theoretical derivation , indicating that the 

WRS does affect the axial mechanical properties of the hollow spherical joint, 

but the specific degree of influence is relatively discrete. In particular, when the 

WRS of the two groups of specimens 1 and 2 in Table 3 is reduced by 41%, the 

increase degree of the axial stiffness and ultimate bearing capacity of the joint 

is quite different. The reason is mainly because the sphere diameters D of the 

two groups of specimens 1 and 2 are different. Obviously, the structural 

dimensions of the joint will affect the distribution of WRS, and then the degree 

of influence on the axial mechanical properties of the joint will also be affected. 

The other groups of specimens also showed similar situations, which shows that 

the degree of influence of WRS on the axial mechanical properties of the joint 

is related to the structural dimensions of the joint. 

 

2) Effect of WRS on axial mechanical properties of joints with the change of 

structural dimension 

① Effect of WRS on axial properties of joints with variation of D 

In order to investigate the influence of WRS on the axial mechanical 

properties of the joint when the diameter D of the hollow sphere changes, the 

specimens of group 1 and group 2 are selected for analysis. The t and d of the 

specimens of group 1 and group 2 are exactly the same, and D is 300 and 350 

mm respectively. The variation trend of βK and βN of the two groups of 

specimens with D is plotted, as shown in Fig. 15(a). 

 

   
(a) D (b) t (c) d 

Fig. 15  Trend of the effect of WRS on the axial mechanical properties of the joints with the variation of geometrical configuration dimensions 

 

As shown in Fig. 15(a), when the hollow sphere diameter D is different, the 

weakening rate of the WRS on the axial stiffness of joint exceeds 10%, with the 

maximum weakening of 21.24%; but as D increases, the weakening degree of 

the WRS on the axial stiffness of joint is decreasing, and the weakening rate 

when D=300mm is about 1.5 times that when D=350mm. In terms of ultimate 

bearing capacity, when D=300mm, the weakening of the ultimate bearing 

capacity by WRS is most obvious, and the weakening rate reaches 24.44%, but 

as D increases, the weakening degree is also decreasing, and the weakening rate 

when D=300mm is about 6 times that when D=350mm. It can be seen that the 

ultimate bearing capacity of small-diameter WHSJ is more affected by WRS, 

while the influence of WRS on the axial stiffness of joint is insensitive to the 

change of D. 

② Effect of WRS on axial properties of joints with t 

Two sets of test results, 3 and 4, are selected to analyze the influence of 

WRS on the axial mechanical properties of joints as the wall thickness t of 

hollow sphere changes. The D and d of the two sets of specimens 3 and 4 are 

exactly the same, and t is 8 and 10 mm respectively. Draw the changing trends 

of βK and βN in groups 3 and 4 with t, as shown in Fig. 15(b). It can be seen from 

Fig. 15(b) that when the wall thickness t of hollow sphere changes, the WRS 

weakens the axial stiffness and ultimate bearing capacity of the joint more 

A

B

O

Nu

SJ1

SJ1-D

displacement (mm)

ax
ia

l 
fo

rc
e 

 (
k
N

)

21.24

14.4

24.44

4.11

300 350

0

5

10

15

20

25

30

w
ea

k
en

in
g
 r

at
e(

%
)

hollow sphere diameter D (mm)

 βk

 βN

22.78

54.7

2.27

10.85

8 10

0

10

20

30

40

50

60

70

w
ea

k
en

in
g

 r
at

e(
%

)

hollow sphere diameter t (mm)

 βk

 βN



Ren-Zhang Yan et al.  179 

 

significantly, especially the maximum impact on the axial stiffness is as high as 

54.7 %; Specifically, the weakening rate at t = 10 mm is approximately 2.4 times 

that at t = 8 mm. In terms of ultimate bearing capacity, the weakening rate at t 

= 10 mm is about 5 times that at t = 8 mm. It can be seen that as the wall 

thickness t increases, the influence of WRS on the axial mechanical properties 

of WHSJ increases significantly, and as t increases, the influence of WRS on 

the ultimate bearing capacity of the joint accounts for dominant position, its 

influence is about twice the influence on the axial stiffness of the joint. 

③ Effect of WRS on axial properties of joints with d 

In order to examine the influence of WRS on the axial mechanical 

properties of joints as the steel pipe diameter d changes, the test results of groups 

1, 3 and 5 are selected. The D and t of these three groups of specimens are 

exactly the same, and d is 89, 114 and 140mm respectively. The changing trends 

of βK and βN of each group of specimens with d are shown in Fig. 15(c). It can 

be seen that when d changes, the maximum weakening rate of the WRS on the 

axial stiffness of the joint is 22.8%, and the maximum weakening rate on the 

ultimate bearing capacity of the joint is 24.44%; as d changes, the maximum 

weakening rate of the WRS on the ultimate bearing capacity of the joint is 

22.8%. The degree of influence on axial mechanical properties shows obvious 

differences. Specifically, when the steel pipe diameter d increases from 89mm 

to 114mm, the influence of WRS on the axial stiffness of the joint is basically 

the same, but the weakening rate on the ultimate bearing capacity drops 

significantly, that is, the weakening rate when d = 89mm is about d = 11 times 

of 114mm; When the steel pipe diameter d increases from 114mm to 140mm, 

the degree of weakening of the axial stiffness of the joint by the WRS is 

significantly reduced, but the degree of weakening of the ultimate bearing 

capacity is significantly increased, that is, when d = 114mm, the effect of the 

WRS on the axial stiffness The weakening rate of WRS on the ultimate bearing 

capacity is about 12 times that of d = 140mm. When d = 140mm, the weakening 

rate of WRS on the ultimate bearing capacity is about 7 times that of d = 114mm. 

Overall, as the steel pipe diameter d increases, the degree of weakening of the 

joint axial stiffness by WRS first increases and then decreases, and the degree 

of weakening of the ultimate bearing capacity first decreases and then increases. 

 

4.2.3. Destruction mode 

As shown in Fig. 16, the destruction modes of each group of specimens are 

not exactly the same. They can be roughly divided into three categories: The 

first category is that when the hinge support cannot rotate around the support x-

axis and the axial force is mainly eccentric along the y-axis, the sphere-pipe 

connection area of the hollow sphere will generate a large shear force during 

loading. SJ1 and SJ2 in Fig. 16 are such cases; The second category is when the 

axial force is mainly eccentric along the x-axis direction, because the hinge 

support can rotate in this direction (around the y-axis), the steel pipe tilts during 

loading, and one side of the weld is concave and the other side is convex during 

destruction. SJ1-D, SJ4 and SJ5 belong to this category; The third category is 

that the eccentricity is always small during loading, the specimen is loaded to 

destruction, the steel pipe is evenly sunken into the hollow sphere, and punching 

shear failure mainly occurs. SJ2-D, SJ3, SJ3-D, SJ4-D and SJ5-D all belong to 

this category. In order to accurately examine the eccentricity of each group of 

specimens during the test, 4 groups of strain gauges are symmetrically arranged 

on the upper and lower steel pipes. Taking SJ1 as an example, according to the 

strain collected from the steel pipe during loading, the initial eccentricity of the 

joint is calculated to be only 1.5 mm. The other groups of specimens also had 

different degrees of initial eccentricity, but their influence is not significant 

compared with the structure dimension of joint. 

 

        

x-x y-y x-x y-y x-x y-y x-x y-y 

(a) SJ1 (b) SJ1-D (c) SJ2 (d) SJ2-D 

        
x-x y-y x-x y-y x-x y-y x-x y-y 

(e) SJ3 (f) SJ3-D (g) SJ4 (h) SJ4-D 

  

    

  

  x-x y-y x-x y-y   

 (i) SJ5 (j) SJ5-D   

Fig. 16 Actual view of specimen destruction 

Note: x-x in the Fig.16 indicates observation along a direction perpendicular to the y-y axis shown in Fig. 12; y-y indicates observation along a direction perpen-

dicular to the x-x axis shown in Fig. 12.  
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In addition, it can be seen from Fig. 16 that for the test specimens in the test 

group, namely, SJ1~SJ5 specimens, all three destruction modes may occur; But 

for the control group specimens, except SJ1-D, all belong to the third category 

of destruction mode. The second category of destruction occurred in specimen 

SJ1-D, mainly because the loading process produced a large eccentricity along 

the x-axis. It can be seen that when each specimen has a certain initial 

eccentricity, the test group specimens and the control group specimens show 

significantly different destruction modes, indicating that the initial eccentricity 

is not the only factor of the destruction mode of specimen. The WRS at the 

sphere-pipe connection weld also has a certain influence on the destruction 

mode of the joint. The specific influencing mechanism is as follows: 

When the WRS is not considered or the residual stress value is small, the 

destruction of the hollow spherical joint under axial load begins at the outer 

surface of the sphere-pipe connection. After the outer surface reaches yield, a 

plastic zone is formed and develops to the inner surface. As the load increases, 

the inner surface also enters the plastic stage and expands to the outer surface. 

When the plastic zones of the inner and outer surfaces converge, the hollow 

spherical joint undergoes uniform shear failure [23], as shown in Fig. 17(a). 

When there is non-negligible WRS on the hollow spherical joint, the existence 

of WRS will interfere with the shear stress distribution on the punched surface, 

resulting in unequal distribution of shear stress on the circumferential shear 

surface of joint. The unevenly distributed WRS and the stress generated by the 

external load will cause the outer surface of the weld starting point to yield first, 

and then gradually expand to the inner surface, while other circumferential areas 

still have a certain resistance and no large plastic deformation occurs. Under the 

combined effect of this circumferential uneven deformation, the hollow 

spherical joint will eventually be damaged by bias pressure, and the distribution 

of WRS on the punched surface is larger, as shown in Fig. 17(b). The research 

team found in the previous studies that the distribution of WRS on the punched 

surface of the other groups of specimens is generally similar to that of SJ1, and 

there is only a difference in value with the structure dimension of joint. 

Therefore, the specimens of the test group in Fig. 16 all suffered different 

degrees of bias pressure damage under the influence of WRS. 

 

  
(a)Uniform deformation (b) Uneven deformation 

Fig. 17 Schematic diagram of the effect of WRS on the damage mode of the specimen 

 

5.  Conclusion 

 

The large number of sphere-pipe connection welds on WHSJ will cause 

complex WRS in the joints. This paper conducts theoretical derivation and 

experimental research on the influence of WRS on the axial mechanical 

properties of WHSJ. The main research conclusions are as follows: 

1) The influence mechanism of WRS on the axial stiffness and axial 

compressive bearing capacity of WHSJs is clarified through theoretical 

derivation. Theoretically, WRS can reduce the axial stiffness of WHSJ by about 

8.9%~36.8%, and the axial compressive ultimate bearing capacity by about 

10.5%~87.2%. 

2) The axial bearing performance test of WHSJ is carried out. The results 

show that WRS can reduce the axial stiffness of WHSJ by about 1.97%~54.7%, 

and the axial compressive ultimate bearing capacity by about 2.27%~24.4%, 

and will affect the destruction mode of the joint. 

3) The influence of WRS on the axial mechanical properties of the joint as 

the change of structural dimensions of joint is revealed. The influence of WRS 

on the axial stiffness and axial compressive ultimate bearing capacity of the 

joint decreases with the increase of the diameter D of hollow sphere, and 

increases with the increase of the wall thickness t. As the diameter d of the steel 

pipe increases, the influence on the axial stiffness first increases and then 

decreases, while the influence on the axial compressive ultimate bearing 

capacity first decreases and then increases.The influence of steel pipe 

diameter d on the axial mechanical performance of WHSJ follows a non-

monotonic trend. With increasing d, its effect on axial stiffness initially 

intensifies then diminishes, while its impact on axial compressive ultimate 

bearing capacity first decreases and subsequently increases. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Existing theoretical rotational curve calculation methods for end plate-bolted joints often overlook component-level load 

transfer mechanisms and full deformation processes. This paper introduces a full-process subcomponent analysis method, 

which systematically evaluates the force-deformation behavior of joint domains, bolts, end plates, and stiffeners at critical 

failure stages. Simplified models and formulas are developed to calculate the load-bearing capacity and rotation angles of 

each component. The proposed method was validated through experiments, numerical simulations, and a practical 

engineering case. The results show that the proposed method accurately predicts joint rotational behavior, with the end 

plate thickness and bolt configuration significantly influencing load distribution. By revealing the load transfer 

mechanisms and clarifying the physical meaning of each component's role in joint rotation, the findings of this study 

provide a robust theoretical foundation for holistic structural analysis and large-scale computation of steel structures. 
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1.  Introduction 

 

Steel structures have increasingly become the preferred choice for 

prefabricated construction due to their modularity and structural efficiency, 

with beam-column joints serving as crucial components for load transfer and 

overall stability. Among joint types, end-plate-bolt connections are widely 

adopted in steel construction because of their ability to resist both static and 

seismic loads through elastic-plastic deformation mechanisms [1]. These 

connections typically involve welding end plates to beam ends and securing 

them to column flanges with bolts, as illustrated in Fig. 1, which shows 

commonly used configurations such as double-extended, single-extended, and 

flush end plates [2,3].

 

 
Fig. 1 Different types of end-plate-bolted joints. (a) Double-extended end plate with column web and end plate stiffeners;(b) Double-extended end plate with column web stiffeners; (c) 

Double-extended end plate with end plate stiffeners;(d) Double-extended end plate without column web or end plate stiffeners; (e) Single-extended end plate with column web and 

single-sided end plate stiffeners; (f) Single-extended end plate with column web stiffeners; (g) Flat end plate with column web stiffeners 

 

Although previous studies on end-plate-bolted joints have significantly 

advanced our understanding of their overall mechanical behavior, two key 

limitations remain: 

(i) Component-level mechanism gaps: Most studies have focused on 

global joint performance, overlooking the independent deformation 

characteristics and load-transfer mechanisms of subcomponents (e.g., joint 

domain, bolts, end plates, and stiffeners) across different loading stages (i.e., 

elastic, elastoplastic, and plastic). 

(ii) Elastoplastic stage understudy: Although the elastic-stage capacity of 

individual components is well-documented, the subsequent elastoplastic 

deformation processes and their synergistic effects remain poorly understood 

[4-6]. 

To address these gaps, this paper introduces a full-process subcomponent 

analysis method that systematically evaluates the force-deformation behavior 

of four key components, namely, the joint domain, bolts, end plates, and 

stiffeners, from initial loading to ultimate failure. By integrating finite element 

analysis (FEA) with theoretical modeling, the proposed approach: develops 

simplified mechanical models for each component, delineating their 

deformation stages using stress-strain curve inflection points. Additionally, a 

component-wise superposition method is proposed to derive the joint’s 

complete moment-rotation curve, accounting for both elastic and elastoplastic 

responses. The proposed model was validated through experimental tests and 

parametric studies on end plate/column flange thickness effects. 

Unlike traditional component methods (e.g., EC3 [7,8]), which primarily 

focus on elastic-stage stiffness and ultimate capacity, this paper provides a 

unified framework for analyzing the full deformation process and component 

interactions. The findings of this study offer a robust theoretical foundation for 

optimizing joint designs in seismic-resistant steel structures, balancing 

computational efficiency with mechanical accuracy. 

 

(a) (c)(b) (d)

(e) (g)(f)
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2.  Calculation methods 

 

2.1. Tests 

 

2.1.1. Test specimen and loading configuration 
In the tests, Q345 steel was used as the component material, with a 

column web stiffener thickness of 12 mm. The dimensions are shown in Figs. 

2(a) and 2(b), which depict the beam-column joint configuration with a 10 mm 

thick 300 mm-wide end plate, M20 bolts, and an 83 mm bolt spacing. 

Low-cycle reverse loading was implemented using a self-balanced frame at 

the Structural Laboratory of Hebei University of Science and Technology, 

Hebei, China. As shown in Fig. 2(c), the test setup consists of a column 

horizontally fixed and a beam end loaded by a hydraulic actuator. The loading 

protocol followed the PRC industry standard Building Seismic Test Procedure 

JGJ/T101-2015 [8], as depicted in Fig. 2(c). In the figure, 𝑡𝑒𝑝 represents the 

end plate thickness, and 𝑡𝑠𝑟 represents the stiffening rib thickness. 

 

2.1.2. Displacement point layout 

The displacement measurement points were arranged as shown in Fig. 

2(c). D1 was located at the center line of the loading, while D2 was positioned 

250 mm away from the end plate. The difference in the measurement results 

between D2 and D1 was used to calculate the inclination angle of the steel 

beam. D3 and D4 were located at the lower flange of the column, while D5 

and D6 were located at the upper flange of the column to measure the relative 

rotation of the joint domain. The calculation method followed the procedure 

outlined by Shi et al. [9]. 

 

2.1.3. Test phenomena and results 

Observations of the loading process revealed that, at a displacement of 16 

mm, yielding deformation occurred in the end plate accompanied by a 

noticeable separation from the column flange, as depicted in Figs. 3(a) and 

3(b). As the displacement reached 64 mm, the end plate exhibited increased 

bending deformation, resulting in a more pronounced separation from the 

column flange, with a maximum bending deformation of approximately three 

times that observed at yielding. The displacement and load of the 

servo-hydraulic loading system were recorded, and the force-displacement 

hysteresis and skeleton curves were plotted, as shown in Fig. 3(c). 

 

 

Fig. 2 Test joint diagram: (a) schematic; (b) dimension diagram; (c) test setup 

 

 

Fig. 3 Test phenomena for Δ = (a) 16 and (b) 64 mm.(c) Hysteresis and skeleton curves 

 

2.2. Finite-element simulation 

 

2.2.1. Modeling method 

The material constitutive model adopts the von Mises yield criterion, 

which is defined as the equivalent stress that reaches the uniaxial tension yield 

stress when the material is subjected to a triaxial stress state, indicating the 

onset of yielding. Von Mises hardening was considered, with mixed hardening 

chosen as the hardening rule. The steel plate material properties are listed in 

Table. 1. Bonded constraints were selected for the welded connections, while 

surface contact constraints were chosen for components with only surface 

contact. Solid-model meshing was performed using C3D8R elements. 

 

Table 1  

Steel plate material properties 

Steel plate thickness 

(mm) 
Yield strength (N/mm2) Ultimate strength (N/mm2) 

12 373 504 

10 356 488 

8 329 456 

 

When defining the contact properties of each contact component, binding 

constraints can be selected for welding, and surface-to-surface contact 

constraints can be selected for components with only surface-to-surface 

contact. When setting the binding or surface-to-surface contact constraints, it 

is necessary to define the contact pair and select the master and slave surfaces. 

The stable convergence calculation of the model is related to the master and 

slave surface selection. 

The more symmetrical and regular the grid division, the better the model 

convergence and the faster the calculation progress. Additionally, this can 

effectively improve the numerical analysis accuracy. For parts with a simple 

stress distribution or less important parts, the mesh size can be increased, 

which reduces the calculation time. The bolt and hole division needs to be 

more regular, which facilitates convergence and improves the simulation 

accuracy.  

In the test, bolts were utilized to fix the beam and column flanges, with 

three orthogonal translational displacement constraints (Ux = Uy = Uz = 0) 

applied to the bolt nodes to simulate rigid anchoring, as illustrated in Fig. 4(a). 

This figure shows the bolt constraints and loading configuration, where the 

bolt positions are fully fixed in all horizontal directions to mimic the 

experimental setup. For the loading mechanism, the entire beam end surface 

was kinematically coupled to a reference point, allowing the application of 

prescribed displacement loads at this point in strict accordance with the 

low-cycle reverse loading protocol specified in JGJ/T101-2015. This coupling 

strategy ensures uniform force distribution across the beam end, aligning with 

the test's loading characteristics and enabling accurate simulation of the cyclic 

deformation process. 
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Fig. 4 Finite element simulation: (a) boundary conditions and loading positions; (b) test and simulation results 

 

2.2.2. Finite element validation 

A comparative analysis of the test (TEST) and finite-element model (FEM) 

simulation results of the hysteresis curves is presented in Fig. 4(b), which 

depicts the force displacement hysteresis loops and moment rotation curves of 

the specimens. As can be seen, the FEM results closely trace the TEST data, 

with both exhibiting nearly identical hysteretic shapes and key characteristic 

points (e.g., yield load, ultimate load, and post-peak deformation). Notably, the 

simulated end plate bending deformation and nut tilting phenomena shown in 

Fig. 4(b) align well with the experimental observations shown in Figs. 3(a) 

and 3(b), validating the FEM’s ability to capture the joint’s nonlinear behavior, 

including the stiffness degradation and energy dissipation characteristics under 

cyclic loading. This close agreement confirms the reliability of the numerical 

approach in predicting the mechanical response of end -plate-bolted joints. 

Both the TEST and FEM results exhibited phenomena such as end plate 

bending deformation, and nut tilt, as shown in Fig. 5, indicating that the 

established joint specimen model is reliable and accurate. 

Based on the test and FEA results, 16 parametric FEMs were established 

to analyze the stress distribution and deformation properties of the joint 

domain, bolts, end plate, and reinforcement rib components during the loading 

process. Simplified stress analysis diagrams were generated to obtain a 

comprehensive theoretical moment-rotation calculation method. The 

established FEMs are listed in Table. 2.

 

 

Fig. 5 Comparison between test and finite-element failure modes: (a) joint domain; (b) end plate; (c) stiffening rib 

 

Table 2  

Parametric finite-element models 

No. End plate thickness (tep/mm) 
Column flange thickness 

(tcf/mm) 
Model components requiring analysis 

1 12 12 Joint-domain, End-plate, Stiffener, and Bolt series 

2 14 14 Joint-domain, End-plate, Stiffener, and Bolt series 

3 16 16 Joint-domain, End-plate, Stiffener, and Bolt series 

4 18 18 Joint-domain, End-plate, Stiffener, and Bolt series 

5 20 20 Joint-domain, End-plate, Stiffener, and Bolt series 

6 22 22 Joint-domain, End-plate, Stiffener, and Bolt series 

7 24 24 Joint-domain, End-plate, and Bolt series 

8 

10 

12 Bolt series 
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2.2.3. Mesh sensitivity analysis 

To address mesh dependency, a comparative analysis of three mesh 

densities was conducted during finite-element modeling: (i) Coarse Mesh: 

Element size increased by 50% relative to the basis mesh; (ii) Basis Mesh: 

Reference mesh adopted in this study (C3D8R elements, regular division for 

bolts and holes); and (iii) Refined Mesh: Element size reduced by 50% relative 

to the basis mesh. 

As shown in Fig. 6, the Basis Mesh demonstrates excellent agreement 

with the experimental results (TEST) [10], exhibiting initial rotational stiffness 

and ultimate moment deviations of less than 6% and 4%, respectively, which 

are within engineering tolerances. Using the Refined Mesh marginally 

improves accuracy (<2% deviation) but incurs a threefold increase in 

computational time. Furthermore, the Coarse Mesh significantly 

underestimates the ultimate moment (12% deviation) and exhibits stiffness 

divergence, confirming its inadequacy for reliable predictions. In conclusion, 

the Basis Mesh balances accuracy and computational efficiency, validating its 

use in the subsequent numerical analyses. 

 
3.  Results and discussion 

 

3.1. Joint domain stress-deformation comprehensive analysis 

 

3.1.1. Calculation sketch 
The joint domain stiffness is a crucial parameter for assessing its 

deformation capacity. Pan et al. [11] suggested that when there is a significant 

disparity in the heights of the beam and column sections, the bending 

deformation of the joint domain should be considered in stiffness calculations. 

However, for standard beam and column dimensions, considering only shear 

deformation can yield sufficiently accurate results. For column joints with 

stiffeners, such as flange plates and web stiffeners, the stress deformation can 

be simplified to that of a short column under a moment couple, as illustrated in 

Fig. 7. The analysis was divided into the bending deformation of the column 

flange and shear deformation of the column web. The stress-deformation 

process of the joint domain was divided into three stages: elastic 

shear-bending deformation, yielding shear deformation, and post-yielding. 
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Fig. 6 Moment-rotation curves for the mesh sensitivity analysis 

 

 
Fig. 7 Calculation diagram (T = T1+T2): (a) joint domain; (b) flange; (c) web plate 

 

3.1.2. Elastic shear-bending deformation stage 
The Chinese steel structure design code [12] provides a calculation 

method for the yield-bearing capacity of bidirectional bending joint domains. 

The following steps were taken to calculate the initial rotational stiffness of 

the joint domain in accordance with the bearing capacity calculation method 

provided by the steel structure design code. 

First, the normalized width-to-thickness ratio of the prescribed joint 

domain λn,s was determined as follows: 
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where hb and hc represent the beam and web calculation heights, respectively. 

According to the normalized width-to-thickness ratio λn,s of the joint 

domain subjected to shear, the shear strength fps of the joint domain was 

determined as follows: 
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where fv is the steel shear yield strength, λn,s is the normalized 

width-to-thickness ratio of the joint domain subjected to shear, and fps is the 

joint domain shear strength. 

The conversion relationship for the design strength values of the steel 

materials adopts the conversion relationships listed in Table. 3. 

 

Table 3  

Conversion relationships for the steel design strength 

Material Stress type Conversion control 

Steel 

Tensile, 

compressive, and 

flexural resistance 

Q235 1.090yf f=  

Above Q235 1.125yf f=  

Shear resistance 3v yf f=  

 

The final bending capacity of the joint domain is as follows: 

 

1 2 1 1,b b ps p p b c wM M f V V h h t+  =
                                   

(6) 

 

where hb1 and hc1 represent the height of the beam and column flange heights, 

respectively. 

When the joint domain shear strain reaches the yield strain, γ = γy, the 

shear rotation angle of the joint domain reaches φsy. Therefore, the initial joint 

domain rotational stiffness for shear rotation is 
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To consider the shear deformation of the steel column webs and flanges 

under uniaxial bending conditions in the elastic stage, referring to Wang et al. 

[13-14], the joint domain rotational stiffness can be defined as follows: 
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The initial joint domain rotational stiffness for shear rotation is: 
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The corresponding bending capacity of the joint domain at this 

point is:  

 

1 2(2 )M T T l= +
                                               

(12) 

 

where G is the steel shear modulus, E is the steel elastic modulus, Eh is the 

steel strain-hardening modulus, and Hc is the selected column segment length. 

 

3.1.3. Yield shear deformation stage 

After yield shear deformation in the joint domain, the joint domain 

rotational stiffness changed. For this type of change, referring to Krawinkler et 

al. [15], modifications were made to the corresponding calculation formulas 

for β = 1-Hc/l, as follows: 
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In this study, we assumed that the stiffness remains constant until the 

shear strain reaches 3γy. Accordingly, the ultimate plastic moment at which 

this state is reached is: 

 

2p i y p yK K  = +
                                           

(14) 

 

where β is the adjustment coefficient for the shear’s contribution to the joint 

domain shear resistance, l is the lever arm of the shear force in the joint 

domain, tcf is the column flange thickness, and Icf is the moment of inertia of 

the column flange section. 

 

3.1.4. Post-yielding stage 

For a joint domain exceeding the yield moment, as the material enters the 

strain-hardening stage, the coefficient is adjusted according to the stiffness in 

the plastic stage, as follows: 
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where K is the joint domain rotational stiffness, E is Young's modulus, and Eh 

is the steel strain-hardening modulus. 

 

3.1.5. Moment-rotation curve 

The results obtained using the proposed theoretical calculation method 

were compared with the FEM and test results for validation. The comparison 

between the joint domain moment-rotation models is shown in Fig. 8. The 

FEM simulation and test results are in good agreement with the theoretical 

calculation results. However, as the column flange thickness increased, the 

relative error tended to increase, indicating that the simplified joint domain 

shear deformation model may underestimate the influence of geometric 

nonlinearity in thick-plate scenarios. This discrepancy is attributed to the 

theoretical model’s neglect of three-dimensional (3D) stress states in the 

column flange and the actual welding residual stresses not being considered in 

the analysis. 

The results obtained from the theoretical calculation method (TCM) 

described above were compared with the FEM and test results in a 

stage-by-stage basis to validate the proposed theoretical model. The 

comparison between the moment and rotation models is shown in Fig. 9. 
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Fig. 8 Joint domain moment-rotation model: (a) finite-element simulation and test results; (b) theoretical calculation results 
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Fig. 9 Results for characteristic points of the joint domain. (a) moment; (b) rotation  
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3.1.6. Influence of material grade on the joint domain mechanical 

performance  

Hysteretic Behavior 

Under cyclic loading, the hysteretic curves of panel zones constructed 

with Q235, Q345, Q355, and Q460 steel were compared (Fig. 10). The results 

show that increasing the material strength leads to a marginal improvement in 

the energy-dissipation capacity, with the hysteretic loop area increasing by 

approximately 5%-8% from Q235 to Q460. However, this enhancement is 

significantly less than the theoretical strength increase, indicating that material 

strength is not the dominant factor governing the panel zone performance.  

Mechanism Analysis  

The limited improvement in the energy-dissipation capacity with 

increasing material grade is predominantly governed by local buckling, where 

panel zones exhibit out-of-plane deformation and instability (as visible in the 

test observations shown in Figs. 3 and 5) before fully utilizing the material’s 

yield strength, particularly in thin-walled configurations (tcf ≤ 16 mm). This 

aligns with the theoretical model’s acknowledged limitation in terms of 

underestimating the geometric nonlinearity and 3D stress states in thick plates, 

as discussed in Section 3.1.5, as buckling initiates at lower loads due to 

inherent geometric imperfections. Concurrently, welding residual stresses 

introduce initial tensile stresses near welds, accelerating plastic deformation 

and buckling onset, even in high-strength steels like Q460. Additionally, shear 

deformation dominance constrains the impact of material strength, as shear 

capacity scales less significantly with grade compared to tensile strength, and 

the panel zone’s aspect ratio (hb/hc) limits shear-driven energy dissipation. 

Finally, stiffener configuration effects overshadow the material grade effects: 

increasing the stiffener thickness (tsr) enhances the stability more effectively 

than upgrading the steel strength, as evidenced in the model’s emphasis on 

geometric parameters for resisting buckling, whereas high-strength steel (e.g., 

Q460) alone cannot mitigate premature instability without corresponding 

thickness or stiffening adjustments. 

Engineering Implications  

For seismic design, prioritizing the stiffener configuration and thickness 

optimization is more effective than upgrading the material grade alone. While 

high-strength steel (e.g., Q460) may delay bolt failure, it does not mitigate 

panel zone buckling unless accompanied by increased plate thickness or 

stiffening. This aligns with the proposed full-process subcomponent method’s 

emphasis on integrating geometric and material factors. 
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Fig. 10 Node hysteresis curves for steel with different strength grades: (a)Q235; (b)Q345; (c)Q355; (d)Q460 
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Fig. 11 Comparison of the bending moment and angle curves under different 

specifications 
 

3.1.7. Validation extension to diverse steel grades 

To address material validation limitations, the theoretical calculation 

method (TCR) was extended to steels from three design codes: Q355 (GB), 

A36/A572Gr50 (AISC), and S355JR (Eurocode) using ABAQUS simulations. 

The moment-rotation curves (Fig. 11) demonstrate close alignment between 

the TCR predictions, experimental data, and FEA results. Notably, the TCR 

consistently overestimates the experimental moments by 7%-10% at the same 

rotation angle, providing a conservative safety margin. This stems from its 

subcomponent superposition approach, which decomposes the joint into end 

plates, bolts, and panel zones. As shown in Fig. 11, the curves for different 

steel grades exhibit similar trends, verifying that the TCR can directly 

integrate material properties from any standard without empirical calibration. 

This modular design approach ensures generality for global engineering 

practice. 

 

3.2. Comprehensive bolt stress and deformation analysis 

 

When high-strength bolts with friction-type connections are used, 

pre-tensioning is necessary during tightening. This pre-tensioning induces 

compressive strain in the end plate and column flanges. As external loads are 

applied to the end plate, these compressive strains change. The stress state of 

the bolts in the tension zone could be categorized into three stages: contact, 

rigid separation, and complete separation between the end plate and column 
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flange. 

 

3.2.1. End plate and column flange in the bolted zone in contact  

After the bolts are tightened, a pre-tensioning force is generated, as shown 

in Fig. 12(a), which depicts the bolts in a state of initial tension that pulls the 

end plate and column flange tightly together. This creates a compressive force 

between the two plates, where the force from the bolt’s pre-tension is balanced 

by the pressure between the plate surfaces. 

When the end plate is subjected to external loads, it begins to separate 

from the column flange, as illustrated in Fig. 12(b). As the plates start to pull 

apart, the compressive force between them decreases, while the tension force 

in the bolt increases. As can be seen, the bolt is under higher tension due to the 

applied load, with the end plate slightly lifted from the column flange but still 

in partial contact. A comparison between Figs. 12(a) and 12(b) visually 

demonstrates how the bolt’s tension increases as the joint transitions from a 

pre-tensioned state to one bearing external loads, highlighting the crucial role 

of bolt tension in resisting separation and maintaining joint integrity.

 

 

Fig. 12 Tensile force on the bolt’s internal force: (a) only pre-tensioning force; (b) pre-tensioning force with tensile force; (c) pre-tensioning force disappeared 

 

In the absence of external forces, the end plate and column flange are in 

contact. Under the action of a compressive force, the end plate and column 

flange undergo slight deformations. The pre-tensioning force of the bolt is in 

constant contact with the end plate and column flange. Therefore, the end plate, 

column flange, and bolt undergo slight deformations of the same magnitude. 

The slight deformation ∆l caused by the compressive force can be calculated 

as follows: 
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When the end plate is subjected to a certain tensile force, separation 

occurs between the end plate and column flange. At this point, the decrease in 

the compressive force decreases the compressive microdeformation. However, 

the tensile force increases the tension force acting on the bolt. The change in 

tensile force F, actual increase in tension force ∆P, and bolt elongation ∆li are 

calculated as follows: 
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3.2.2. End plate and column flange in the bolted zone in the critical separation 

state 

As shown in Fig. 12(c), at this point, the end plate is on the verge of 

separating from the column flange under the action of the tensile force, 

resulting in the absence of a compressive force between the end plate and 

column flange. The tension force T, elongation deformation ∆li, and tensile 

strain ε0 of the bolt are calculated as follows: 
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where ε0 is the bolt separation strain. 

 

3.2.3. End plate and column flange in the bolted zone in a separation state 
After reaching the state where the end plate and column flange are 

separated, the bolt stress and deformation calculation can be simplified and 

analyzed as the uniaxial tension of the bolt. Under the action of the tensile 

force, when the bolt reaches its tensile yield strength, the tension force Ti and 

resulting elongation deformation ∆li of the bolt can be calculated as follows: 
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3.2.4. Bolt internal force and bending capacity calculation 

After analyzing the stress and deformation of individual bolts under a 

tensile force, the effect of bending moment loads on individual bolts in the 

entire end-plate-bolt connection of the beam-column joint was further studied 

and analyzed. This involves establishing a relationship between the load on 

individual bolts and bending moment. This approach facilitates a better design 

of the load-bearing capacity of the bolts required in the end -plate-bolt 

connection joint. 

First, based on the FEM results, the influence of the end plate and column 

flange thicknesses on the bolt internal forces was analyzed. Four bolt regions 

on one side were selected for analysis: the outer tension extension (BL), inner 

tension extension (NL), outer compression extension (BY), and inner 

compression extension (NY) regions. As shown in Fig. 13, as the end plate and 

column flange thicknesses change, there is a significant change in the bolt 

internal forces and maximum bending capacity of the joint. A comparison of 

the FEM simulation results revealed that the influence of the plate thickness 

variation on the development of the bolt internal forces was in stages, with 

10-12, 12-16, 16-20, and 20-26 mm as the different stages. Therefore, stage 

points were selected for analysis.
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Fig. 13 Variations in bolt internal forces according to different end plate thicknesses (tep):(a)-(d) 10, 12, 16, and 20 mm, respectively 

 

For an end plate thickness of 10 mm, the end plate fell within the thin 

plate range. As shown in Fig. 13(a), as the column flange thickness increases 

from 12 to 20 mm, the maximum internal force of the bolt on the inner side of 

the tension flange decreases gradually, similar to the maximum internal force 

of the bolt on the outer side of the tension flange. Initially, the bolt internal 

force on the outer side of the tension flange exceeded that on the inner side. 

However, after the bending moment reached 160 kN·m, the bolt internal force 

on the outer side of the tension flange began to decrease, indicating that the 

end plate underwent significant deformation at this point. The bolt internal 

force on the inner side of the compression flange continued to decrease when 

the bending moment was in the 0-150 kN·m range. However, when the 

bending moment reached 150 kN·m, the internal force began to increase, 

indicating that the bolt on the inner side of the compression flange was 

subjected to tension. 

For an end plate thickness of 12 mm, the end plate still fell within the 

thin-plate range, and its stress and deformation were essentially the same as 

those for an end plate thickness of 10 mm. As shown in Fig. 13(b), as the 

column flange thickness increases from 12 to 20 mm, the variation in the bolt 

internal forces is similar to that at an end plate thickness of 10 mm. However, 

for an end plate thickness of 10 mm, the bolt internal force on the outer side of 

the tension flange was initially greater than that on the inner side. When the 

bending moment reached 160 kN·m, the internal force of the bolt on the outer 

side of the tensile flange decreased. For an end plate thickness of 12 mm, the 

bolt internal force on the outer side of the tension flange started to decrease 

only after the bending moment reached 200 kN·m. 

For an end plate thickness of 16 mm, the end plate fell within the 

medium-thickness range, and its stress and deformation changed accordingly. 

As shown in Fig. 13(c), as the column flange thickness increases from 12 to 20 

mm, the maximum internal forces of the bolts on both the inner and outer 

sides of the tension flange gradually decrease. Initially, the bolt internal force 

on the outer side of the tension flange exceeded that on the inner side. 

However, towards the end, the bolt internal force on the outer side of the 

tension flange became almost equal to that on the inner side. The bending 

moment required for the bolt on the inner side of the compression flange to 

experience tension increased as the column flange thickness increased. 

For an end plate thickness of 20 mm, the end plate fell within the 

thick-plate range, and its stress and deformation changed further. As shown in 

Fig. 13(d), as the column flange thickness increases from 12 to 20 mm, the 

maximum internal force of the bolt on the inner side of the tension flange 

gradually decreases. However, the maximum internal force of the bolt on the 

outer side of the tension flange increased as the column flange thickness 

increased. The bolt internal force on the outer side of the tension flange was 

greater than that on the inner side, and the difference between them increased 

with the column flange thickness.  

This analysis revealed that decreasing end plate and column flange 

thicknesses led to increased bolt internal forces under the same bending load, 

due to the lever effect in thin plates. Thicker end plates improved the bolts’ 

load capacity, as they required a higher bending moment for plastic 

deformation. During joint rotation, bolts on the compressed inner side 

transitioned from no tension to tension, shifting the rotation center toward the 

compressed flange. The tensile forces in bolts on either side of the tension 

flange exhibited similar trends but differed by approximately 1.2 times. These 

trends varied with end plate thickness, requiring separate equations for thin, 

medium, and thick plates. 

Previous studies and analyses have analyzed calculation models and 

formulas for force distribution on bolt groups[16]. Different design calculation 

methods are provided in the design codes of different countries for the 

bolt-group force distribution in the end-plate-bolted connections of 

beam-column joints. The parameters used in the equations are shown in Fig. 

14. 
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Fig. 14 Force distribution in bolt groups: (a) friction-type high-strength bolts [17]; (b) bearing-type high-strength bolts [17]; (c) JGJ 82-2011; (d) BS5950; (e) AISC358 

 

In the Chinese Steel Structural Connection Joint Design Manual [17], the 

bolt-group force distribution in the end plate-bolted connections of 

beam-column joints under bending moment loads is divided according to bolt 

type: friction-type and bearing-type high-strength bolts. The maximum tensile 

force N1 carried by a single row of bolts at different positions can be calculated 

as follows: 
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                                              (21) 

 

In the Chinese Technical Specification for High-Strength Bolt 

Connections in Steel Structures (JGJ 82-2011) [18], the bolt-group 

categorization is not based on bolt type. Instead, it is divided based on the 

tension and compression zones. The maximum tensile force Nt carried by a 

single row of bolts in the tension zone can be calculated as follows: 

 

b

t t

t t

M
N N

n h
= 

                                               

(22) 

 

In the British [20] and American [21] standards, the internal forces 

distribution in a row of bolts in a bolt group under bending moment loads can 

be calculated as follows: 

 

( )tM N h=
                                                

(23) 

 

where M is the bending-resistance capacity of the connection, nt is the total 

number of bolt rows in the tension zone, Nt
b is the maximum 

tensile-load-bearing capacity of a single row of bolts, and h is the distance 

from each row of bolts to the pressure line of action. 

By parametrically analyzing the relationship between the bolt internal 

forces and the joint bending-resistance capacity, as shown in Fig. 13, and 

considering existing specifications, the relationship between the bolt internal 

forces and the joint bending-resistance capacity can be redefined based on the 

end plate thickness. For thin plates, the method outlined in the Technical 

Specification for High-Strength Bolt Connections in Steel Structures was used, 

as shown in Fig. 15(a), with an additional factor of 1.2 to account for the 

influence of leverage forces. The calculation method for friction-type 

high-strength bolts outlined in the Connection Joint Design Manual was used 

for medium and thick plates.
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Fig. 15 Bolt moment-rotation curves. (a) bolt internal forces and joint bending resistance; (b) finite-element analysis results; (c) theoretical calculation results 
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Fig. 16 Bolt results for (a) moment and (b) rotation. 

 

3.2.5. Bolt moment-rotation curve 

A comparison between the bolt moment-rotation models is illustrated in 

Figs. 15(b) and 15(c). As can be seen, the FEA results closely match the 

theoretical calculation results as the plate thickness increases [22]. However, 

as the end plate and column flange thicknesses decreased, the disparity 

between the results gradually increased [23]. This is primarily due to the 

(c) (d) (e)(b)(a)
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unaccounted "lever effect" caused by significant end plate bending, which 

amplifies bolt tension in reality but is overly simplified in the theoretical 

model. Conversely, for thick end plates (tep≥20 mm), the theoretical and 

numerical results closely align, suggesting that the model performs better 

when end plate stiffness dominates the deformation mechanism. 

To validate the proposed theoretical model, the results obtained from the 

theoretical calculations (TCM) were compared with those from the FEM based 

on the aforementioned theoretical calculation methods. The results are shown 

in Fig. 16. 

 

3.2.6. Parametric analysis for different bolt configurations 

Three parametric bolt schemes (Plans A-C) and a control group were 

designed, with the configurations shown in Fig. 17 and parameters listed in 

Table 4. Fig. 18 shows their moment-rotation curves, demonstrating high 

similarity in ultimate capacity and stiffness degradation. As shown in Fig. 18, 

even with a 20% increase in outer-to-inner distance (Plan A) or a 25% 

reduction in inner spacing (Plan B), the curves remain nearly overlapping. 

This consistency arises from end plate geometric constraints (Fig. 17) and 

multi-component synergy, which dilute spacing effects. 

  

 

Fig. 17 End plate diagrams under different bolt arrangement plans: (a)-(c) Plans A-C, respectively; (d) TEST and Control group 
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Fig. 18 Bending moment and angle curves under different bolt spacings 

 

Table 4  

Parameterization schemes for bolt spacing in the end plate node domain 

Plan 
Distance between the 

outer and inner center 

(mm) 
Inner spacing (mm) Inner moment arm 

(mm) 

Control group 200 80 40 

Plan A 240(+20%) 80(unchanged) 40(unchanged) 

Plan B 200(unchanged) 60(-25%) 30(-25%) 

Plan C 220(+10%) 70(-12.5%) 35(-12.5%) 
 

TCR’s modular framework accurately predicts responses for all 

configurations, as shown in Fig. 18, with deviations of ≤8% from the 

experimental data (TEST). The method’s ability to accommodate local 

geometric adjustments is validated by the close match between the theoretical 

curves and FEA results, even for different bolt configurations (Fig. 18). 

 

 

3.2.7. Failure mode analysis: bolt shear and flange buckling 

Reasons for Neglecting the Bolt Shear Analysis 

Parametric studies revealed that under pure bending or low-cycle reversed 

bending, the joint’s load transfer is dominated by bending moments, inducing 

axial tension in bolts (via end-plate separation) rather than shear. Some key 

observations include the following: 
(i) Moment-Driven Force Paths: Bolts in the tension zone resist tensile 

forces from end-plate rotation, while shear forces from beam shear are 

negligible. 

(ii) Bolt Configuration: Symmetric bolt spacing (≤3d, where d is the bolt 

diameter) minimizes shear-induced slip, with stress distributions dominated by 

axial tension. 

Flange Buckling in the Joint Domain 

Stress distributions in the joint region confirm local buckling in column 

and beam flanges near the connection (Fig. 19), which arise from the 

following: 

(i) Bending-shear coupling: The joint transfers combined bending and 

shear, inducing out-of-plane flexure in thin flanges (tcf≤ 16 mm), consistent 

with stress concentration mechanisms discussed in Section 3.1. 

(ii) Geometric discontinuity: The end plate connection creates stiffness 

transitions, concentrating stresses at the flange-end plate interface and 

triggering buckling, aligning with T-stub local buckling behavior in thin end 

plates. 

 

 

Fig. 19 Stress distribution revealing flange buckling in the joint region 
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3.3. Analysis of the entire bending process for end plates 

 

To simplify the end plate-bolted connection failure analysis, previous 

researchers have proposed a method to simplify the end plate bending stress 

analysis by considering a T-shaped member composed of an end plate and a 

beam tension flange[24]. 

According to the Eurocode 3 standard [4], the failure of a T-shaped 

member can be divided into three types: plate yielding failure, bolt fracture 

failure, and plate-bolt combined failure. When the end plate thickness is small, 

plastic hinges may form at the end-plate-bolt and end-plate-beam tension 

flange connections, leading to end plate failure. This may result in plate 

yielding failure or plate-bolt combined failure, as shown in Figs. 20(a) and 

20(c). When the end plate thickness is large, it may lead to bolt tensile failure, 

resulting in either bolt fracture or plate-bolt combined failure, as shown in 

Figs. 20(b) and 20(c). In this section, the analysis method for a T-shaped 

member is used to conduct theoretical research on the stress and deformation 

of the end plate and column flange under a bending moment load at the joint. 

 

 

Fig. 20 Failure modes of the T-shaped component: (a) plate yielding; (b) bolt fracture; (c) plate-bolt simultaneous failure 

 

To further illustrate the bending deformation and failure process of the 

end plate, we analyzed the plate buckling deformation through stagewise 

changes in the section load capacity. The specific analysis is as follows. 

(1) Elastic stage 

The mechanical model of the T-section used in this study is consistent 

with the EC3 simplification. However, for T-sections connected by 

high-strength bolts, the displacement due to the tensile force of the bolts was 

not considered. It was assumed that the restraint provided by the high-strength 

bolts acted as a fixed-end constraint. The theoretical calculation model of the 

T-section is shown in Fig. 21(a). 

The theoretical initial flexural stiffness of the T-section is defined as the 

ratio of force Nt to the corresponding deformation in the elastic stage. 

According to structural mechanics principles, neglecting the shear deformation 

of the plates, the calculation of the corresponding deformation under the action 

of tensile force Nt can be determined using an equivalent simplified beam 

mechanical model, as follows: 

 

316
,

192

t
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N m

EI
D =   
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eff ep

T

l t
I =                                      (24) 

 

where IT is the moment of inertia of the bent plate section of the T-section; Ieff 

can be calculated according to the provisions in EC3; and m is the distance 

from the center of the bolt hole to the intersection of the flange and web at the 

root. 

The corresponding nodal rotation angle is calculated as follows: 

 

bh


D
=                                                      (25) 

 

where hb is the beam height. 

(2) Maximum elasticity in the elastic stage 

The maximum elasticity-stage point is defined as the point at which the 

internal forces at the junction of the flange and end plates, as well as at the 

contact point of the bolt and end plate, reach the yield bending moment, as 

shown in Fig. 21(b). The yield bending moment at this point was calculated 

using the formulas defined in the EC3 specifications. 
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where Mp is the plastic resistance moment of the equivalent T-section. 

 

 

Fig. 21 T-section components: (a) Equivalent beam mechanical model; (b) Force diagram for yield deformation 

 

The bearing capacity of the T-section flange segment under full flexural 

yield conditions was calculated as: 
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Subsequently, the elastic stage of the end plate ends and enters the local 

plastic stage. For this stage, the stiffness change is defined as 10/tep multiplied 

by the initial stiffness, considering the influence of the end-plate thickness on 

the stiffness change in the local plastic stage. 

(3) Point at which the entire cross-section of the end plate yields 

The calculation of the end plate’s bearing capacity according to the 

Chinese Technical Specification for Light Steel Structures of Portal Frame 

Buildings (GB 51022-2015)[25] was divided into the following four 

categories, with specific parameters as defined in the specification:  
 

Category I: Extended Arm: 
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Category IV: End-plate Section with Three-Sided Support: 

2 22

4

ep s ep y f ep y

ut

f w

b b t f e t f

e e


+
= +

                                    

(31) 

 

According to relevant literature, the stiffness changes to one-seventh of its 

original value until the plastic limit bending capacity is reached. In this study, 

for thin, medium, and thick plates, the plastic limit bending capacities were 

taken as 1.5, 1.5, and 1.1 times the plastic bending capacity, respectively. The 

change in stiffness after the yielding stage was calculated based on the 

stiffness variation in the joint domain. 

(4) End plate moment-rotation curve 

A comparison of the end plate moment-rotation models is depicted in Fig. 

22. As can be seen, for thinner plates, there is a close agreement between the 

FEM results and the theoretical calculations. However, as the plate thickness 

increased, the discrepancies gradually increased. This may be because the 

simplification of T-shaped components ignores the spatial interaction between 

the end plate and the column flange, as well as the strain-hardening behavior 

of the steel in the post-yield stage. These factors result in insufficient 

representation of the actual load-bearing capacity of the end plate under 

complex stress states, highlighting the need for precise 3D modeling in future 

research. 

Based on the aforementioned theoretical calculation methods, the results 

obtained from these methods (TCM) were compared with those from finite the 

FEA and tests (TEST) at different stages to validate the proposed theoretical 

model. The results of the moment and rotation models are presented in Fig. 23.
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Fig. 22 Comparison of the end plate moment-rotation models: (a) finite-element and test results; (b) theoretical calculations 
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Fig. 23 End plate results for (a) moment and (b) rotation 

 

3.4. Extended validation on end plate geometries 

 

(1) Applicability to extended end-plate configurations 

To validate the theoretical calculation method (TCR) across different 

end-plate geometries, ABAQUS simulations were conducted for four 

configurations: double-extended (DE), single-extended with tension on the 

extension side (SE-T), single-extended with compression on the extension side 

(SE-C), and flush (FLAT). Fig. 24 illustrates the geometric definitions of the 

DE, SE, and FLAT end-plate configurations, while Fig. 25 compares their 

moment-rotation curves. The simulation results reveal high consistency in the 

moment-rotation trends of the DE, SE-T, and SE-C configurations, indicating 

that TCR’s subcomponent modeling framework, which focuses on the overall 

mechanical transmission of end plates, bolts, and panel zones, applies to 

extended end plate joints. 

Notably, although SE-T and SE-C exhibit different force states on the 

extended side, the deformation coordination between the end plate and bolt 

system weakens the influence of single-side force differences, as evidenced by 

the overlapping curves in Fig. 25. This consistency confirms that TCR’s 

modular approach, which decomposes the joint into independent 

subcomponents (end plate, bolts, panel zone), accurately captures the global 

mechanical behavior of extended configurations regardless of local force 

asymmetries. The subcomponent superposition principle allows TCR to 

maintain predictive accuracy by summing contributions from each element, as 

validated by the close alignment between the simulated and theoretical curves.
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Fig. 24 Different end-plate geometries: (a) DE; (b) SE; (c) FLAT 
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Fig. 25 Comparison between the bending moment and angle curves under different 

end-plate geometries 

 

(2) Flush end plate load capacity decline mechanism 

The FLAT end-plate configuration in Fig. 24 exhibits a significant decline 

in load-bearing capacity compared to the extended types, as shown by the 

abrupt stiffness degradation in Fig. 25. Unlike the DE and SE configurations, 

which use the extended segment to form a lever arm for dispersing bolt 

tension, the FLAT end plate relies on local bending near the bolts to resist 

moments. This leads to concentrated stress on the bolts and early local 

end-plate instability. 

An analysis of the moment-rotation curves reveals that the FLAT end 

plate’s rapid capacity decline stems from the absence of the lever effect 

present in the extended configurations. For approximate calculations using 

TCR, the effective bending length of the FLAT end plate is shorter, and local 

deformation is more pronounced. Therefore, the flexural stiffness of the end 

plate subcomponent can be adjusted by referencing the DE model: reducing 

the effective width coefficient to reflect the mechanical characteristics of 

FLAT configurations. This adjustment aligns the theoretical curve with the 

simulated response, leveraging TCR’s modular framework to accommodate 

geometric variations by modifying subcomponent parameters without altering 

the overall modeling approach. 
 

3.5. Stiffening rib-compression process analysis 

 

After analyzing the stress variations in the rib-compression process based 

on multiple FEMs, the primary stress variations in the compressed region of 

the rib could be categorized into three stages: (i) initial yielding of one-third; 

(ii) two-thirds yielding in the second stage; and (iii) overall yielding in the 

third stage, as shown in Fig. 26. 

As the applied bending moment increased and the joint gradually began to 

rotate, the rotation center of the beam end shifted. As shown in Fig. 27, the 

compressed region of the beam web (depicted in black) gradually moves from 

the middle position of the beam web towards the compressed flange of the 

beam (shown as the upper flange in Fig. 27) as the displacement load increases. 

Eventually, the compressed load was entirely borne by the compressed flange 

and ribs, with the black portion concentrated at the compressed flange. 

Therefore, the rotation center was defined as the compressed beam flange. In 

this section the stress distribution changes of the compressed ribs are analyzed. 

The compressed load distribution was determined based on the welded area 

ratio between the compressed beam flange and rib end plate. 

 

 

Fig. 26 (a) 1/3 stiffening rib compression yield; (b) 2/3 compression yield; (c) overall compression yield 

 

 

Fig. 27 Joint compression-zone variation diagrams 
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By combining the yielding states and stress development, the stress 

distribution along the diagonal of the stiffener can be calculated for the first 

two stages as follows: 

 

sy1x psr,y psr

1

3
trangleP f h t=

                                          

(32) 

 

sy2x psr,y psr

7

6
trangleP f h t=

                                          

(33) 

 

where htrangle is the perpendicular distance from the intersection point on the 

right side to the diagonal. 

In the third stage, the ultimate bearing capacity was calculated based on 

the cross-section of the triangular stiffener. Under bending moment loading, 

the contribution of the stiffener stress deformation to the rotation angle of the 

end-plate bolted connection of the beam-column joint can be calculated as 

follows: 
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(34) 

 

where ε is the oblique edge strain and ld represents the length of the triangular 

stiffener diagonal. For the first, second, and third stages, ε was at maximum 

elastic strains of 1.5, 3, and calculated based on the calculated bearing capacity, 

respectively. 

The stiffener bending moment-rotation model results are shown in Fig. 28, 

where the theoretical calculations based on the proposed method are compared 

with the FEM analysis results. As can be seen, for thinner plates, the FEM 

analysis results closely match the theoretical calculations; however, as the 

plate thickness increases, the discrepancies gradually become more significant. 

Based on the theoretical calculation methods described above, the results 

(TCM) were compared with the FEM and test (TEST) results at different 

stages to validate the proposed theoretical model. The comparison results for 

the bending moment and rotation angle models are shown in Fig. 29. 
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Fig. 28 Comparison between the stiffening rib moment-rotation models: (a) finite-element and test results; (b) theoretical calculations 
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Fig. 29 Stiffening rib results for (a) moment and (b) rotation 

 

3.6. Dynamic cyclic loading analysis: seismic applicability validation 

 

To evaluate the proposed method’s suitability for seismic design, dynamic 

(acceleration-driven) and quasi-static (displacement-controlled) cyclic loading 

simulations were conducted in ABAQUS. The simulations aimed to assess the 

joint behavior under inertial effects while maintaining consistent displacement 

amplitudes between loading types. 

(1) Simulation setup 

The quasi-static loading followed the JGJ/T101-2015 low-cycle reversed 

displacement protocol and serves as the baseline for static-mechanism 

validation. Meanwhile, for the dynamic loading, periodic acceleration histories 

were applied to induce inertial forces, mimicking seismic loading 

characteristics without direct seismic wave input. The loading frequency and 

amplitude were tuned to replicate earthquake-induced dynamic responses. 

(2) Hysteresis curve comparison 

In the quasi-static response, the hysteresis loops exhibited symmetric 

energy dissipation with stable stiffness degradation (Fig. 30(b)), aligning with 

the method’s component-level superposition assumptions. In the dynamic 

response, the hysteresis loops exhibited pronounced pinching and scattering 

(Fig. 30(a)) due to inertial effects, but key mechanical features (e.g., yield 

displacement and post-peak deformation) remained consistent with the 

quasi-static trends. This confirms that core force-transfer mechanisms (e.g., 

bolt tension and end plate bending) are invariant under dynamic loading. 

(3) Stress distribution and mechanistic robustness 

Dynamic loading intensified the local stress gradients near bolt holes; 

however, primary stress concentrations at bolt interfaces and end plate-column 

junctions matched the static-mechanism predictions. The proposed method’s 

applicability to seismic design is rooted in the following: 

(i) Component-Level Invariance: Subcomponent superposition captures 

fundamental deformation mechanisms dominant in both static and dynamic 

scenarios. 

(ii) Inertial Effect Integration: Treating dynamic inertial forces as 

equivalent static loads via D’Alembert’s principle enables static-equivalent 

analyses, maintaining consistency with the FEA for key performance 

indicators (e.g., rotational stiffness trends). 
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Fig. 30 Hysteresis curves: (a) Dynamic hysteresis curve (acceleration-driven); (b) Quasi-static (displacement - controlled) 

 

3.7. Comparison with existing methods 

 

Özkılıç et al. [5,6] focused on T-stub and end plate connection capacities 

but overlooked component-level deformation stages. Their models 

underpredict bolt tension in thin plates (40%-60% error) and oversimplify 

thick-plate stress states. To overcome these drawbacks, a full-process 

subcomponent approach is introduced in this paper, decomposing joint rotation 

into panel-zone, bolt, and end plate contributions. Additionally, Wang et al. [1] 

analyzed CFST column joints, but their study lacked generality for pure steel 

frames. In this study, the approach is generalized to steel joints, separating 

rotation into component contributions (panel zone: 30%-40%; bolts: 

20%-30%), whereas Wang et al. [1] focused on concrete-confinement effects. 

In conclusion, one of the main contributions of the proposed method lies 

in capturing component interactions and full deformation processes, unlike 

previous studies [1,5,6] that focused on isolated behaviors. This enables a 

systematic design; nevertheless, refinements for thick plates and CFST 

applications are still required. 

 

4.  Full bending moment-rotation angle curve validation 

 

4.1. Validation of full-process bending moment-rotation curves of 

subcomponents via finite-element simulations 

 

The theoretical calculation results of each component were synthesized to 

obtain the full-process subcomponent calculation results (TCM). These were 

then compared with the FEM results to validate the proposed theoretical 

model. The comparison results of the bending moment-rotation angle model 

are shown in Fig. 31. 

 

.  

 
Fig. 31 Joint moment-rotation curve results 

 

As can be observed in Fig. 31, the proposed method is more suitable for 

end plate connections of thin to medium thickness. However, for end plates 

with thicknesses greater than 20 mm, significant errors were observed in the 

calculations. This is attributed to the independent modeling of components 

without fully considering their synergistic effects—for example, the 

interaction between bolt tension and joint domain shear deformation. 

Experimental comparisons (Fig. 32) further indicate that the model’s accuracy 

decreases with increasing loading complexity, highlighting the need for 

refined modeling of the contact nonlinearity and material ductility in future 

studies. 

4.2. Validation of existing tests on end-plate-bolted beam-column joints 

 

A comparison between the test results obtained by Sun et al. [25,26] and 

Zheng et al. [27,28] and those obtained with the proposed method is presented 

in Fig. 32. As can be seen, the theoretical values closely match the test data, 

indicating high accuracy and precision in terms of predicting the results of 

existing tests. This suggests that the proposed calculation method can 

accurately predict the full moment-rotation curve of the end-plate-bolted 

connection beam-column joints.
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Fig. 32 Comparison between the proposed method and the other tests results from the literature: (a) J-I-S [25] ; (b) T-V-S [26] ;and (c) SE1 [27] 

 

5.  Engineering application and design guidelines 

 

5.1. Design flowchart for subcomponent analysis 

 

A systematic design flowchart (Fig. 33) is proposed to translate theoretical 

insights into practical engineering steps, outlining a modular approach to joint 

design. The proposed design flowchart involves the following: 

(i) Decomposition: Joints are broken down into five subcomponents

—joint domain, end plate, bolt group, column flange, and stiffeners. 

(ii) Stage-wise analysis: Each component is evaluated through critical 

deformation stages (e.g., bolt tension from contact to full separation). 

(iii) Superposition: Component rotations are synthesized to derive the 

joint’s moment-rotation curve. 

(iv) Validation: The results are cross-checked against design codes (e.g., 

EC3 and AISC) for compliance. 

 
5.2. Key design guidelines for subcomponents 

 

Table. 5 summarizes the actionable design rules for each joint 

subcomponent, validated via theoretical analysis and parametric studies. 

 

5.3. Validation metrics for joint design 

 

In this study, the key joint performance evaluation indicators were as 

follows: 

(i) Inter-story drift angle: ≤1/500 under design seismic loads, ensuring 

structural integrity; 

(ii) Joint rotational stiffness: Discrepancy of less than 10% between the 

theoretical and FEA results; 

(iii) Plastic deformation capacity: End-plate rotation of ≥ 0.02 rad without 

rupture, enabling energy dissipation. 

These guidelines provide a structured framework for engineers to 

optimize joint design, balancing computational efficiency with mechanical 

accuracy in prefabricated steel structures. 

 

 

Fig. 33 Subcomponent-driven full-process design flow for beam-column joints 
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Table 5  

Design rules and rationale for joint subcomponents 

Subcomponent Design Rule Rationale 

End plate 
Use 12-16 mm for standard floors(plastic hinge development) ; 20-24 mm 

for seismic/critical floors (stiffness control). 
Matches "strong-column/weak-joint" via thickness-dependent ductility. 

Bolt group 
Adopt 10.9-grade M20 bolts (pretension = 155 kN); symmetric 

double-row layout (spacing ≤ 3×bolt diameter). 

Reduces lever effects (tested: >3d spacing increases bolt tension by over 

15%). 

Joint domain Column web thickness ≥ 80% of end plate thickness. 
Delays shear yielding to preserve initial stiffness (≥9×10³ kN·m/rad for 

seismic). 

Column flange Thickness matches end plate + 2 mm (e.g., 22 mm for 20 mm end plate). Prevents flange failure before end plate/plastic hinges. 

Stiffeners Thickness ≥ 50% of end plate; mandatory in seismic zones. Boosts compressive capacity (25% drop without stiffeners, per tests). 

 
6.  Conclusion 

 

In this study, a theoretical analysis of the stress characteristics of an 

extended end plate bolted connection in steel frame beam-column joints was 

conducted. The theoretical calculation results were compared with FEM 

simulation results and existing studies. Based on the results, the main 

conclusions of this study can be summarized as follows: 

1. The proposed full-process subcomponent analysis method effectively 

calculates the bearing capacity and deformation of individual components 

(joint domain, bolts, end plates, stiffeners) and synthesizes them to derive the 

joint’s moment-rotation curve. This approach reduces reliance on complex 

FEM simulations, relying solely on component dimensions and material 

properties, making it suitable for engineering design - e.g., the Baoding 

Technician College steel frame project, where it guided the selection of end 

plate thickness (20 mm for ground floor; 16 mm for standard floors) and bolt 

configurations (symmetric double-row arrangements). 

2. The thickness of end plates and column flanges significantly affects 

bolt internal forces: thinner plates (≤16 mm) amplify lever effects, leading to 

earlier end-plate plastic deformation, while thicker plates (≥20 mm) enhance 

the joint stiffness but require attention to the bolt tensile capacity. Three failure 

modes were identified: thin-plate yielding, medium-thick plate-bolt combined 

failure, and thick-plate bolt rupture. 

3. Despite the fact that this study focused on the elastic and plastic stages, 

the proposed framework can be extended to include material-strengthening 

stages by incorporating strain-hardening parameters. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Nowadays, more research has been done to investigate the behaviour of concrete filled double steel tube (CFDT) columns 

owing to the numerous advantages over concrete-filled steel tube (CFST) columns. Very few studies have focused on the 

behaviour of stiffened CFDT columns. This research gap is aimed to be covered in this paper, by studying the behaviour of 

CFDT columns under axial loads using different stiffener profiles that are welded to the inner and outer tubes. The 

performance of square-stiffened CFDT columns is investigated using the finite element (FE) method. Three types of 

stiffeners were studied: rectangular, inclined, and tie stiffeners. The verified FE model is used to study the effect of different 

parameters on the behaviour of stiffened CFDT columns. The results show that using tie stiffeners give the most increase 

in the ultimate axial load capacity by more than 15%. A simplified analytical model is presented to predict the axial load 

capacity of stiffened CFDT columns using tie stiffeners. 
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1.  Introduction 

 

Concrete-filled double steel tube (CFDT) and concrete-filled double-skin 

tube (CFDST) columns represent advanced composite structural elements that 

are increasingly preferred in construction over conventional concrete-filled steel 

tube (CFST) columns due to their superior performance characteristics. A 

CFDST column comprises two concentrically placed steel tubes, with the 

annular space between them filled with concrete, leaving the central core void. 

This configuration yields lighter structures with enhanced ductility, strength, 

cyclic performance, and fire resistance [1-7]. The cross-sectional shapes of the 

inner and outer tubes can be varied, including circular-in-square, square-in-

square, or circular-in-circular arrangements [8].  

Initially, under loading, an interaction is formed between the inner steel 

tube and the concrete ring because the lateral expansion of the steel is greater 

than that of the concrete (a result of different Poisson's ratios) and inversely a 

gap is formed between outer steel tube and concrete. However, interaction 

between inner tube and concrete diminishes as the concrete enters the elasto-

plastic stage. In the later loading stage and due to increasing strain in concrete 

interaction is formed between outer tube and concrete [2, 9]. 

The structural behavior of CFDST columns can be significantly improved 

by filling the central void core with concrete, resulting in a CFDT column. The 

solid concrete core not only substantially increases the cross-section's load 

capacity but also helps delay the outward and inward local buckling of the inner 

tube [10]. A key advantage of CFDT over CFDST columns is their superior fire 

resistance, primarily attributed to the heat sink effect provided by the concrete 

core, which can enhance fire resistance by up to 36% Romero et al. [1]  

Interaction between the steel tube and the concrete core is a critical 

parameter influencing the overall behavior of CFST, CFDST, and CFDT 

composite columns. A primary strategy for enhancing structural performance is 

the incorporation of stiffeners welded to the steel tube, which promote 

confinement and bonding. The use of stiffeners in composite structures, 

particularly those utilized in offshore applications like wind turbine masts and 

steel towers, has been identified as a vital solution for mitigating problems 

associated with excessive weight and high cost [11, 12]  

Stiffeners allow for the reduction of the steel tube thickness, leading 

directly to reductions in both structural weight and material cost. Numerous 

studies have demonstrated that employing binding bars or welding bars in CFST 

columns markedly enhances concrete confinement, increases axial load capacity, 

improves ductility, and delays elastic local buckling [13-16] 

The application of rectangular rib stiffeners is also highly effective [17-21], 

with Tao et al. [18] and Tao et al. [19] showing they increase load capacity and 

postpone local buckling. These findings underscore that existing design codes 

may not accurately predict the load capacity of stiffened columns, a point further 

supported by the introduction of novel designs like the catty-cornered propped 

concrete-filled steel tube, which demonstrated increased ultimate load capacity. 

Singh et al. [22].  In fact, previous research indicates that most design codes 

overlook the beneficial effects of stiffeners, resulting in highly conservative 

predictions for CFST and CFDT columns [23-25] 

Research specifically addressing the behavior of stiffened CFDST and 

CFDT columns remains limited, with most studies focusing on a single stiffener 

type without comprehensive comparisons [26]. Earlier work on stiffened hybrid 

CFDT columns (using FRP for the outer tube) concluded that stiffening the 

inner tube is preferable for preventing local buckling and that a greater number 

of thin ribs performs better than a few thick ribs, sometimes increasing axial 

load capacity by over 50%  [27-29]. Zeng et al. [30] examined the seismic 

performance of similar stiffened columns, concluding that increasing the 

number of ribs enhances energy dissipation and seismic performance. Other 

work confirmed the viability of specific design models for FRP-replaced 

external steel tubes in CFDST columns as proposed by Zeng et al. [31] and Yu 

et al. [32] , others introduced novel stiffener types, such as stirrups welded to 

both tubes, which offered optimal confinement at a specific ratio Ding et al. [33]  

Studies on stiffened cold-formed double steel tube columns have also 

proposed new design formulas to correct the underestimation of load capacity 

by current codes, showing enhancements in both ultimate load capacity and 

ductility [34-37]  

Wang et al. [38] and Ghannam and Metwally [39] demonstrated that T-

stiffeners could increase the axial load capacity of circular CFDT columns by 

more than 15%. Further research confirmed that stiffening the outer tube 

increases the ductility and energy dissipation of CFDST columns Wang et al. 

[40] and that welded reinforcement bars enhance capacity, stiffness, and 

ductility, with inner tube stiffening providing the greatest enhancement. Hasan 

and Ekmekyapar [41] 

Finally, T-stiffeners were found to improve the fire resistance of circular 

CFDST columns more effectively than rib stiffeners, yielding up to a 70% 

increase in fire resistance Shekastehband et al. [42]  

It is anticipated that the addition of stiffeners will yield a more significant 

enhancement in the performance and load capacity of square CFDT columns 

compared to their circular counterparts. This expectation is based on the fact 

that circular tubes provide inherent confinement to the concrete due to the hoop 

tensile stress generated by the concrete's lateral expansion, a phenomenon 

largely absent in square columns, which are more susceptible to local buckling 

and confine the concrete only at the rounded corners [43-47]. 

While numerous studies have been conducted on stiffened CFST columns 

[20]; research focusing on stiffened CFDST and CFDT columns is scarce. The 

novelty of this study lies in addressing this critical research gap and developing 

simplified design guidelines for square CFDT column. This paper continues the 

second part of the research previously published by Ghannam and Metwally [39] 

which investigated the behavior of stiffened circular CFDT columns. While this 

paper focuses on the square cross-section, , also this study directly compare the 

performance of three distinct stiffener profiles (rectangular, inclined and tie 
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stiffener) on the square CFDT columns under axila load. This comparison 

provides essential, previously unavailable design guidelines. 

The objectives of this paper are achieved numerically using a Finite 

Element (FE) model developed in the ABAQUS program [48]. The FE model 

is verified against test results from [38], and subsequently employed to conduct 

a parametric analysis investigating the effect of various parameters on the 

behavior of stiffened square CFDT columns, which show the significant effect 

of tie stiffener in improves the performance of CFDT column compared to other 

studied stiffener types in this paper (Rectangular and incline stiffeners). Tie 

stiffeners can increase CFDT column ultimate strength by 15 %. Finally, a 

simplified analytical model is proposed to accurately predict the axial load 

capacity for these specific column types. 

 

2.  Finite element model 

 

2.1. Description 

 

2.1.1. Material models 

Elastic-plastic stress-strain behaviour is used for square tubes, and multi-

linear hardening is used for circular inner steel tubes similar to Tao et al. [49]. 

Concrete material is modelled using concrete-damaged plasticity [48]. The 

plasticity parameters are calculated as adopted by Tao et al. [49]. Ultimate 

tensile strength and corresponding fracture energy are used to simulate the 

tensile behaviour of concrete using ultimate tensile behaviour equal to 10% of 

compressive strength as proposed by Tao et al. [49],. 

 

2.1.2. Interactions and constrains 

Interaction between concrete and steel tubes is simulated by using surface-

to-surface contact. The value of Coulomb friction is taken as 0.6. Tie constraints 

were used to model the contact between steel tubes and stiffeners which insure 

full attachment between both parts. Tie also are used between concrete and 

stiffeners, Ghannam and Metwally [39] compare between  modeling the 

interaction between concrete and stiffeners as tie and as contact interaction and 

found that both gives similar results as stiffeners is completely embedded in the 

concrete. 

 

2.1.3. Boundary conditions and element divisions 

Solid element (C3D8R) was used to model concrete, while shell element 

(S4R) was used to model steel tubes and stiffeners. The top of the column was 

coupled with a reference point (using coupling constraint), where this point 

controls the column’s top displacement and rotation. To save computational 

time and gain the benefits of model symmetry, a quarter model is used using 

half-length and half-section. The number of elements was determined after 

performing a sensitivity analysis.  

The corner of the outer steel tube of the CFDT square column was modelled 

once as a sharp edge and another time as a curved edge. From Fig. 1, it can be 

seen that there was no significant effect. So, a sharp edge was chosen in order 

to simplify the model geometry. The column width is divided in to 12 elements, 

while the element size in the longitudinal direction is twice that within the cross-

section [39]. Mesh size and division were obtained based on mesh sensitivity 

analysis. Several number of element divisions were used to show the optimum 

number of element that provide closer agreement with test result and also saving 

computational time. It was found that using smaller number of division provides 

less accuracy, using 12 elements division provide closer agreement to the test 

result without increasing the computational time, increasing number of elements 

more than this has minor effect on model accuracy.  

 

 

Fig. 1 Effect of square section corner shape 

 

2.1.4. Initial imperfection and residual stress 

Initial imperfection was included to the FE model through a separate 

buckling analysis where the first buckling mode with an amplitude equal to 

column length/1000, was implemented in the stress analysis as an initial state 

of the columns. 

Previous researchs [50-53] shows that effect of residual stress can be 

ignored as they have minor effect on initial stiffness, ultimate load an overall 

performance.  [52] shows that this is due to the presence of concrete which take 

part in carrying large portion of the columns load capacity. 

 

2.2. Verification of the FE model 

 

Due to limited research on stiffened square CFDT columns, the FE model 

was verified against test results that were performed by [38] for stiffened square 

double tube columns using four welded lipped angle (23 mm lip) for the outer 

steel tube and circular tube for inner steel, Also, [19, 54] were used for stiffened 

square CFST columns. Details of the specimens are presented in Table 1. The 

first column is the specimen ID and the references between square brackets; 

other column headings contain Do and to are the column’s outer tube width and 

thickness, respectively, Di and ti are the column’s inner tube width and 

thickness, respectively. fyo, fco’, fyi, and fci are the outer steel tube yield 

strength, outer concrete ring cylinder compressive strength, inner steel tube 

yield strength and inner concrete core cylinder compressive strength, 

respectively. Specimens that do not have Di and ti and fyi, and fci’ are CFST 

columns. Nu,test and Nu,FE are the ultimate loads obtained from the test and 

finite element (FE) model. L is the column's total length. The last column in the 

table contain cross-section shapes snd stiffeners. 

 

Table 1  

Test specimens details used in verification 

Speci-

mens 

[ref] 

Do 

(mm) 

to 

(mm

) 

Di 

(mm) 

Ti 

(mm

) 

L 

(mm

) 

fyo 

MPa 

fco’ 

MPa 

fyi 

MPa 

fci’ 

MPa 

Nu 

(KN) 

Test 

Nu 

(KN) 

FE 

Cross-

section 

SDS1-

40a 

[38] 

200 2.01 136.5 1.94 600 230 42.1 492.1 42.1 2450 2414.1 

 

SDS1-

70a 

[38] 

200 2.01 136.5 1.94 600 230 42.1 492.1 69.8 2806 2740.4 

 

SDS2-

40a  

[38] 

200 2.01 114.6 3.93 600 230 42.1 377.1 42.1 2463 2615 

 

SDS2-

70a 

[38] 

200 2.01 114.6 3.93 600 230 42.1 377.1 69.8 2765 2788.8 

 

SDS3-

40a 

[38] 

200 2.01 140.1 3.78 600 230 42.1 322.4 42.1 2505 2588.4 

 

SDS3-

70a 

[38] 

200 2.01 140.1 3.78 600 230 42.1 322.4 69.8 3100 2899.8 

 

SS-

040-

050~3 

[54] 

200 5 - - 600 265.8 27.15 - - 2728 2093.2 

 

SS-

040-

050~4 

[54] 

200 5 - - 600 265.8 27.15 - - 2903 2090.2 

 

SS-

040-

100~4 

[54] 

200 5 - - 600 265.8 27.15 - - 2463 2089.2 

 

SS-

070-

093~2 

[54] 

280 4 - - 840 272.6 30.49 - - 3744 3507.8 

 

SS-

070-

093-3 

[54] 

280 4 - - 840 272.6 30.49 - - 3855 3652.6 
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Speci-

mens 

[ref] 

Do 

(mm) 

to 

(mm

) 

Di 

(mm) 

Ti 

(mm

) 

L 

(mm

) 

fyo 

MPa 

fco’ 

MPa 

fyi 

MPa 

fci’ 

MPa 

Nu 

(KN) 

Test 

Nu 

(KN) 

FE 

Cross-

section 

SS-

070-

187-3 

[54] 

280 4 - - 840 272.6 29.18 - - 3457 3381.2 

 

SCFT

1-1 

[19] 

200 2.5 - - 1190 270 49.3 - - 2640 2398.8 

 

SCFT

2-1 

[19] 

200 2.5 - - 2340 270 49.3 - - 2455 2381.9 

 

 

Fig. 2 shows the comparison the test results and FE model in accordance to 

axial load and axial strain curve. It can be seen that there is a reasonable 

correlation between the test results and FE model results. The average value for 

axial load capacity obtained from the test result to that obtained from the FE 

model is 1.08 with COV = 0.12.  

Fig. 3 shows the comparison between the failure mode obtained from the 

test and the FE model. All specimens fail due to local buckling of the steel tube. 

As can be seen from Fig. 3, the FE model tracks a similar failure mode as the 

test specimens. 

 

  

(a) SDS1-40 [38]          (b) SDS1-70 [38]    

  

 (c) SDS2-40 [38]        (d) SDS2-70 [38] 

  

 (e) SDS3-40 [38]            (f) SDS3-70 [38]    

  

 (g) SS-070-187 (3) [50]        (h) SS-070-93 (3) [50] 

 

(i) SS-070-93 (2) [50]      (j) SS-040-50 (3) [50] 

Fig. 2 Comparison between test results and FE model 

   

 

  (k) SS-040-50 (4) [50]     (l) SS-040-100 (3) [50]   

 

(m) SCFT1-1 [19]      (n) SCFT2-1 [19]   

Fig. 2 Comparison between test results and FE model (continue) 

 

        

Fig. 3 Failure mode comparison between test specimens SDS2-40 and FE model 

 

3.  Analysis of different types of stiffeners 

 

Three types of stiffeners, such as longitudinal rectangular plate (R), 

inclined plate (Inclined) and ties as shown in Fig. 4, are investigated in this 

paper. Their effects are compared with the control model with an outer diameter 

of 500 mm and a length of 8000 mm for slender columns, 1500 mm for stub 

columns, and 250 mm outer dimension of the inner tube. The D/t ratio is kept 

constant at 100.  

The dimension of the rectangular stiffener was determined according to the 

research performed by Tao et al. [52], with stiffener length equal to 81 and 40.5 

mm for outer and inner tube respectively, thickness for stiffener was kept the 
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same as the steel tube (5 and 2.5 mm for outer and inner tube respectively) .  

For Inclined stiffeners the inclined length is equal to 464 and 232 mm 

attached to outer and inner tube respectively with 5 and 2.5 mm thickness 

attached to outer and inner tube respectively. No of inclined stiffener per meter 

is 3 for the outer tube and 6 for the inner tube. 

The dimeter of Ties was 18 and 12 mm for outer and inner tube respectively 

and length of 230 and 115 for outer and inner tube respectively with keeping 

the number equal to 7 for both tubes. 

Tie and inclined stiffeners were determined to maintain the same weight as 

the rectangular stiffener. This is to ensure that the weight and cost of different 

stiffening techniques are nearly the same. 

 

  

(a) Rectangular   (b) Inclined    (c) Tie 

Fig. 4 Different types of stiffeners used in this study (half column section in abaqus) 

 

It can be seen from Fig. 5 that the three types of stiffeners increase the 

ultimate load capacity for the columns for slender and stub columns. From the 

failure mode shown in Fig. 6a, it can be shown the half wavelength of the 

buckling of the unstiffened column is equal to the column width. For inclined 

stiffeners (Fig. 6b), the wavelength takes an inclined shape parallel to the 

inclined stiffeners. From Fig. 6c, half wavelength is equal to half column width 

as single rectangular stiffeners are placed in the middle of the column cross 

section, which helped in reducing the wavelength. In case ot Ties half 

wavelength for buckling is equal to one-third of the column width at the fixation 

point of ties. This explains the increased ultimate force in stiffened columns 

compared to unstiffened ones. Tie stiffeners provide less half wave length 

compared to other stiffners type which will delay local buckling of outer esteel 

tube providing more ultimate strength using Tie stiffeners. 

Fig. 7 shows the contact pressure distribution over the outer and inner 

concrete core. It can be seen that the pressure in the unstiffened column is 

concentrated at corners with nearly zero at the middle, which explains the failure 

mode presented in Fig. 6a. Although contact pressure in stiffened columns has 

a lower maximum value than that of unstiffened columns, the pressure is 

distributed over a more concrete surface area than the unstiffened columns. In 

the case of inclined stiffened, pressure takes an inclined shape similar to the 

inclined stiffeners. 

It can also be seen from Fig. 7 that contact pressure in rectangular stiffeners 

is concentrated at corners and at the location of rectangular stiffeners. A similar 

situation is presented in tie stiffeners where maximum pressure is located at 

corners and at the connection of ties with steel tubes. As a result of more contact 

pressure in Tie stiffened columns, more confinement pressure is provided to the 

concrete core (co mpared to other stiffeners) , which helps in increasing the load 

capacity of the columns,  thanks to the tensile force formed in the ties due to 

the latteral expansion of concrete formed from axial froce. The formed tensile 

force will prevent outward buckling of steel tube and providing more contact 

between steel tube and concrete increasing interaction between both material. 

From the previous discussion, it can be concluded that the improvement in 

ultimate strength for stiffened columns over unstiffened columns is due to the 

reduction in steel tube buckling and concrete confinement. 

 

  

(a) Stub         (b) Slender 

Fig. 5 Effect of stiffeners on axial displacement curve 

 

    

Stub columns      Slender columns 

a) un-stiffened columns 

      

Stub columns      Slender columns 

b) Inclined stiffeners 

     

Stub columns       Slender columns 

c) Rectangular stiffeners 

     

Stub columns     slender columns 

d) tie stiffeners 

Fig. 6 Failure mode for different types of stiffeners 
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Inner core      outer core 

a) Un-stiffened 

 

 

Inner core       outer core 

b) Inclined stiffeners 

 

 

Inner core     outer core 

c) Rectangular stiffeners 

 

 

Inner core      outer core 

d) Tie stiffeners 

Fig. 7 Contact pressure in different stiffening profile 

 

4.  Parametric studies 

 

This section presents a parametric study based on the finite element results. 

The analysis is performed on unstiffened and different stiffened column profiles 

(inclined, Rectangular and Tie stiffeners) 

 

4.1. Effect of outer tube width to thickness ratio (Do/to) 

 

Fig. 8 shows the effect of the outer tube width-to-thickness ratio on the 

ultimate load capacity and column behaviour. It can be seen that column 

strength and initial stiffness during the elastic zone increase significantly by 

increasing outer tube thickness as concrete is replaced with steel material since 

the outer tube dimension is kept constant, besides it decrease the local buckling 

of the outer tube. 

 

4.2. Effect of inner tube width to thickness ratio (Di/ti) 

 

The effect of the inner tube width-to-thickness ratio on column behaviour 

is shown in Fig. 9. It is found that the inner tube thickness is less significant 

than the outer tube thickness due to the larger steel area increase in the outer 

tube compared to the inner tube. Besides, the inner tube is more restrained 

against buckling compared to the outer tube as concrete in surrounds the inner 

tube from the inner and outer sides of the tube, unlike the outer tube where 

concrete is placed only from the inner side of the tube, providing less restraint 

to buckling. Increasing the outer tube thickness will have more effect in 

reducing tube buckling compared to the inner tube. 

 

 

(a) Inclined stiffeners       (b) without stiffeners 

 
(c) R-stiffener         (d) Tie stiffener 

Fig. 8 Effect of outer tube width to thickness ratio (Do/to) 

 

 

(a) Inclined stiffeners       (b) without stiffeners 

 
(c) R-stiffener         (d) Tie stiffener 

Fig. 9 Effect of inner tube width to thickness ratio (Di/ti) 

 

 
(a) Inclined stiffeners       (b) without stiffeners 

 
(c) R-stiffener         (d) Tie stiffener 

Fig. 10 Effect outer to inner tube width (Do/Di) 
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4.3. Effect outer to inner tube width (Do/Di) 

 

In this case, the inner tube width is changed, and the outer tube width is 

kept constant. The effect of outer-to-inner tube diameter on ultimate column 

strength was not significant compared to the effect of Do/to ratio. The slender 

columns studied in this paper fail mainly due to a combination of outer tube 

local buckling and overall global buckling, as indicated previously in Fig. 6. 

Increasing the inner tube width will have minor effect in increasing column 

flexural stiffness (EI/L). This case is different from concrete-filled double skin 

tube columns where inner core is void so in this case increasing and decreasing 

column width will have a significant effect on column flexural stiffness. 

 

4.4. Effect of concrete compressive strength (fc’) and steel tube yield strength 

(fy) 

 

Concrete strength has a significant effect on the ultimate strength of the 

CFDT column as the concrete area takes up a large portion of the column cross-

section. So, increasing concrete strength will result directly in a significant 

increase in the column’s ultimate strength. This is indicated in Fig. 11. Fig. 12 

shows that steel tube yield strength significantly affects column ultimate 

strength, similar to the case of concrete compressive strength. Increasing yield 

strength leads to increasing column ultimate strength as a direct result of 

increasing axial load capacity of steel inner and outer tube. Besides, increasing 

steel yield strength will help increase the confinement of concrete provided by 

steel tubes. It can be seen that the effect of concrete strength is more effective 

compared to increasing column ultimate strength as the cross-sectional area of 

concrete is larger than that of steel tube. 

 

 
(a) Inclined stiffeners       (b) without stiffeners 

 
(c) R-stiffener         (d) Tie stiffener 

Fig. 11 Effect of concrete compressive strength (fc’) 

 

 

(a) Inclined stiffeners       (b) without stiffeners 

 
(c) R-stiffener         (d) Tie stiffener 

Fig. 12 Effect of steel tube yield strength (fy) 

4.5. Effect of Slenderness ratio (λ) 

 

Fig. 13 shows the effect of the column slenderness ratio on the column 

behaviour. It can be concluded that column slenderness has a negative 

significant effect on column ultimate strength. This is due to the reduction in 

the flexural stiffness of the column due to the increase in column length and 

slenderness. Besides, increasing column length will lead to an increase in the 

second-order effect provided by imperfection, which is taken equal to L/1000. 

 

 

(a) Inclined stiffeners       (b) without stiffeners 

 
(c) R-stiffener         (d) Tie stiffener 

Fig. 13 Effect of Slenderness ratio (λ) 

 

4.6. Effect of different stiffener profiles 

 

From Figs. 8 to 13, it can be concluded that inclined, rectangular and tie 

stiffeners provided an increase in column ultimate strength with an average 

value (ultimate strength with stiffeners/ ultimate strength with no stiffeners) of 

1.08, 1.14 and 1.15, respectively. This shows that rectangular and tie stiffeners 

increase ultimate strength the most. 

This can be attributed to the profile of each stiffener. In the case of 

rectangular stiffeners, the local buckling occurred over half the column width 

due to the presence of stiffeners at the middle of the column width. While in tie 

stiffeners, buckling occurred at one-third of the tube width at the location of the 

tie fixation point with the tube, which will provide more contact area with 

concrete leading to more confinement, as presented in Fig. 7. Meanwhile, in 

inclined stiffeners, the local buckling occurs at the whole width of the inclined 

line parallel to the inclined stiffeners, providing the least confinement to 

concrete. 

The ductility of each type of profile was determined according to the 

ductility index as presented by Tao et al. [52], which stated that the ductility 

index (DI) is equal to ε(85%)/εy  where ε(85%) is the strain when the load fail to 

85% of the ultimate load and εy = ε(75%)/0.75 where ε(75%) is the ultimate strain 

when the load become 75 % of the ultimate load and before it reaches it. The 

average value of DI in the case of inclined, rectangular and Tie stiffeners is 1.34, 

1.32 and 1.46, respectively. This shows that tie stiffeners provide more ductility 

compared to other stiffener types, owing to the delay in outer tube buckling due 

to the restraints provided by tie stiffeners to the steel tubes, as shown in Figs. 6 

and 7. Further investigation is performed on tie stiffener as it provides the most 

increase in ultimate load value.  

In Fig. 14, two parameters were investigated for tie stiffeners. Fig. 14a 

studied the effect of tie’s diameter on colum behaviour. It was found that the 

diameter has an insignificant effect on ultimate load value while it provides a 

significant effect on post-ultimate load behaviour. Increasing ties diameter 

decreases the post failure deformation of the columns as increasing the tie 

diameter helps in increasing its axial stiffness, which will provide more restraint 

to the steel tube against buckling. However, it cannot eliminate buckling. 

Spacing between ties was investigated in Fig. 14b. It is found that decreasing 

tie’s spacing will help in increasing column ultimate load and improve the post 

failure behaviour as a result of decreasing the steel tube buckling length in 

longitudinal direction. 
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(a) Diameter of tie stiffeners      (b) spacing between Tie stiffeners 

Fig. 14 Parameters for Tie stiffeners 

 

5.  Proposed analytical model 

 

In this section a simplified analytical model based on Eurocode 4 [55] is 

proposed to predict the ultimate strength of stiffened CFDT column using tie 

stiffeners. The design of composite columns in Eurocode 4 is applied for CFST 

column. However, it can be modified to fit CFDT columns as follows: 

 

𝑁pl,Rd = 𝐴so × 𝑓yo + 𝐴si × 𝑓yi +  𝐴co × 𝑓co
′ + 𝐴ci × 𝑓ci

′               (1) 

 

Where 𝑁pl,Rd is the load-carrying capacity for the column based on cross-

section capacity; 𝐴so and 𝐴si is the cross-sectional area for the outer and inner 

steel tube, respectively; 𝑓so,y and 𝑓si,y is the yield strength for the inner and 

outer steel tube, respectively; 𝐴co and 𝐴ci is the cross-sectional area of the 

outer concrete ring and inner concrete core, respectively ; 𝑓co
′  and 𝑓ci′ is the 

compressive strength of the outer concrete ring and inner concrete core, 

respectively.  

 

Nb,Rd = χNpl,Rd ,              (2) 

 

Where Nb,Rd is the buckling load capacity for columns.         

 

Χ =  
1

𝜙+√𝜙2−𝜆 2
                   (3) 

 

ϕ = 0.5 (1 + α (λ – 0.2)+λ2.4), α is the type of buckling curve used in 

calculation based on section type and equal to 0.21 if reinforcement in the cross-

section is less than 3%. 0.34 is used if the reinforcement ratio is more than 3% 

can be used. In the CFDT columns, the area of the inner steel tube is used as an 

equivalent to the reinforcement ratio. 

 

𝜆 = √𝑁pl,Rd 𝑁cr  ⁄  

N cr = π2 (E I)eff /lb
2                     (4) 

 

𝐸𝐼eff = 𝐸so × 𝐼so + 𝐸si × 𝐼si + 0.6( 𝐸co × 𝐼co + 𝐸ci × 𝐼ci )       (5) 

 

Eso and Esi are the modulus of elasticity for outer and inner steel tubes, Eco 

and Eci is the modulus of elasticity for outer and inner concrete, respectively 

concrete, Iso and Isi are the inertia for outer and inner steel tube, respectively. 

While Ico and Ici are the inertia of outer and inner concrete respectively. 

The ultimate load obtained from Eurocode 4 , AISC [56] and AIJ [57] are 

evaluated against the FE model ultimate load. The result is presented in Fig. 15 

and Table 2. It can be seen that Eurocode 4, AISC [56] and AIJ [57]  gives 

conservative results compared to the FE model results, with Eurocode closer to 

FE results, which mostly lead to an uneconomic design. This conclusion is 

similar to that obtained from previous researchers [23-25]. 

A new model is proposed, which predicts the ultimate load capacity of 

stiffened square CFDT columns using tie stiffeners. The proposed model is 

based on the Eurocode 4 model for unstiffened CFDT columns, as stated below: 

 

𝑁pl,Rd = β𝑠𝑜 × 𝐴so × 𝑓so,y + β𝑠𝑖 × 𝐴si × 𝑓si,y +  β𝑐𝑜 × 𝐴co × 𝑓co
′ + β𝑐𝑖 ×

𝐴ci × 𝑓ci
′   (6) 

 

Where: β𝑠𝑜, β𝑠𝑖, β𝑐𝑜, β𝑐𝑖 are the correction factors for outer steel tube, 

inner steel tube, outer concrete ring and inner concrete core, respectively. These 

factors consider the delay in local buckling of steel tube and concrete 

confinement formed due to the presence of tie stiffeners. The correction factors 

are obtained through nonlinear regression analysis as follows: 

 

β𝑠𝑜 = −3.674𝐸−4(𝑏/𝑡)2 + 0.035(𝑏/𝑡) − 0.0107(𝑆/𝑡) − 3.370𝑋2 +

3.452𝑋 + 7.272𝐸−4𝜉−2.202 − 0.0667  (7) 

 

β𝑐𝑜 = 0.00218(𝑏 𝑡𝑜⁄ ) + 4.803𝐸−4(𝑆 𝑡⁄ ) + 0.0218𝑋2 − 0.265𝑋 

+18.188𝜉0.00366 − 16.924 (8) 

 

β𝑠𝑖 = 0.00179(𝑏 𝑡𝑜⁄ ) − 2.299𝐸−4(𝑆 𝑡⁄ ) − 0.538𝑋2 + 0.449𝑋 

+0.209(𝑓𝑦𝑖/240) + 0.737 (9) 

 

β𝑐𝑖 = 0.0117(𝑏 𝑡𝑜⁄ ) + 1.3515𝐸−4(𝑆 𝑡⁄ )2 − 0.0112(𝑆 𝑡⁄ ) − 0.317𝑋2 

−0.167𝑋 − 0.287𝜉2 + 0.627𝜉 + 0.986 (10) 

    

Where b is the longest unsupported length of outer steel tube width in 

horizontal direction and it is equal to tube outer width /3 if the ties support the 

tube at two intermediate points equally spaced, t is the thickness of outer steel 

tube and “S” is the spacing between tie in longitudinal direction of the columns 

X is the ratio between outer and concrete core width and equal Di/(Do-2to), fyi 

is the inner steel tube yield strength (Mpa) and ξ is confinement coefficient and 

equal to: 

 

 
𝐴𝑠𝑜.𝑓yo

𝐴𝑐𝑜.𝑓co
′  . 

 

 

Fig. 15 Evaluation for Eurocode and proposed model 

 

Table 2  

Comparison between EC4 and proposed model 

 N_ED 

(EC4)/N_FE 

N_ED 

(AIJ)/N_FE 

N_ED 

(AISC)/N_FE 

N_ED(Pro-

posed 

model)/N_FE 

Avg 0.846 0.79 0.75 0.999 

COV 0.095 0.104 0.118 0.086 

 

The relation between β𝑠𝑜 , β𝑐𝑜 , β𝑠𝑖  and β𝑐𝑖  and other significant 

parameters, such as unsupported steel tube horizontal width to thickness ratio, 

stiffener longitudinal spacing to tube thickness ratio, outer tube width to inner 

concrete width ratio, steel tube yield strength, and confinement ratio, are 

presented in Figs. 16 to 19. In Figs. 16 to 19, the terms Nso_no stiffener, Nco_no stiffener, 

Nsi_no stiffener and Nci_no stiffener are the axial load capacity for outer steel tube, outer 

concrete ring, inner steel tube and inner concrete core without the effect of any 

stiffeners respectively. At the same time, Nso_tie, Nco_tie, Nsi_tie and Nci_tie are the 

axial load capacity for the outer steel tube, outer concrete ring, inner steel tube 

and inner concrete core using tie stiffener, respectively. The horizontal axis in 

these curves represents different parameters effect including unsupported steel 

tube horizontal width to thickness ratio (b/t), stiffener longitudinal spacing to 

tube thickness ratio (S/t), outer tube width to inner concrete width ratio (X), steel 

tube yield strength (fyi/240) and confinement ratio (ξ). 
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(a) b/to         (b) S/t 

 

(c) X          (d) ξ 

Fig. 16 Effect of different parameters on βso 

 

 

(a) b/to         (b) S/t 

 

(c) X          (d) ξ 

Fig. 17 Effect of different parameters on βco 

 

 

(a) b/to         (b) S/t 

 

(c) X          (d) ξ 

Fig. 18 Effect of different parameters on βsi 

 

 

(a) b/to         (b) S/t 

 

(c) X          (d) ξ 

Fig. 19 Effect of different parameters on βci 

 

The rest of the steps to calculate Nb,Rd is similar to Eurocode 4. However, α 

is equal to 0.13. A comparison between the Eurocode buckling curve and the 

proposed buckling curve is shown in Fig. 20. The y-axis represents column 

slenderness (λ), and the x-axis represents the slenderness reduction factor (χ). 

N_FE represent the axial load of slender columns obtained from finite element 

(FE), while, Npl_Rd is the plastic resistance for cross-section as indicated in 

Equation (6), taking into account the effect of tie stiffener. Fig. 15 and Table 2 

show the comparison between the proposed model and Eurocode 4, AISC and 

AIJ  model. It can be found that the proposed mode gives better results 

compared to other standerds in terms of average value (avg) and coefficient of 

variance (COV) as indicated in Table 2. 

 

 

Fig. 20 Comparison between euro code buckling curve and proposed curve 

 

6.  Conclusions 

 

This paper presented a numerical study on the behaviour of stiffened square 

CFDT columns. Three types of stiffeners were studied: inclined, rectangular and 

Tie stiffeners. A verified FE model was developed in order to give a better 

understanding for this type of column. The verified FE model was used in 

providing a parametric study and proposing a simplified analytical model. The 

following conclusion can be drawn based on the parametric study performed 

based on the FE model: 

• The outer tube width-to-thickness ratio has a significant effect on ultimate 

strength and initial stiffness. Specifically, a reduction in the outer tube 

width-to-thickness ratio yields a substantial increase in the column's 

ultimate strength, dominating the effects of both the inner tube width-to-

thickness ratio and the outer-to-inner tube width ratio. Decreasing outer 

tube width-to-thickness ratio will lead to a decrease in outer tube local 

buckling and as the outer dimension is kept constant decreasing outer tube 

width-to-thickness ratio leads to a decrease in concrete area and an increase 

in steel area, which will increase the capacity of the columns.  

• Both the inner tube width-to-thickness ratio and the outer tube width-to-

inner width ratio exhibit an inverse relationship with the ultimate 

compressive strength of the column. 

• The use of Tie stiffeners provides a superior performance profile under 

axial loading, significantly enhancing both the ultimate load capacity and 

the ductility of the CFDT column. The ultimate load was observed to 
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increase by over 15% when incorporating Tie stiffeners compared to other 

configurations. This is due to the lower value of half wave length of the 

steel tube buckling compared to other stiffeners configurations and the 

higher confinement provided by the ties stiffeners to concrete thanks to the 

tensile fore formed in the ties preventing outward buckling of steel tube and 

providing more contact between steel tube and concrete   

• The ultimate load of the CFDT column is inversely proportional to the 

longitudinal spacing of the Tie stiffeners; closer spacing leads to a higher 

ultimate capacity 

• Increasing the diameter of the Tie stiffeners does not influence the column's 

ultimate strength; however, it demonstrably improves the structural 

performance during the post-ultimate load stage (enhancing residual 

capacity and stability). 

• A simplified analytical model was successfully proposed to estimate the 

ultimate load capacity of CFDT columns utilizing Tie stiffeners. This 

model, which is fundamentally based on the principles of Eurocode 4, 

demonstrates strong agreement with the results generated by the detailed 

FE model. 

 

Data availability 

 

No data was used for the research described in the article 

 

List of abbrevitaions  

 

Symbol Definition 

Aci   the cross-sectional area of  inner concrete core 

Aco the cross-sectional area of the outer concrete ring 

Asi   the cross-sectional area for the inner steel tube 

Aso the cross-sectional area for the outer steel tube 

b longest unsupported length of outer steel tube width in horizontal direction 

Di column's inner  tube width 

Do column's outer  tube width 

Eci modulus of elasticity for  inner concrete 

Eco modulus of elasticity for outer  concrete 

Esi  modulus of elasticity for inner steel tubes 

Eso modulus of elasticity for outer steel tubes 

fci inner concrete core cylinder compressive strength 

fco’ outer concrete ring cylinder compressive strength 

fyi inner steel tube yield strength 

fyo outer steel tube yield strength 

Ici  inertia of inner concrete  

Ico  inertia of outer concrete  

Isi  inertia for inner steel tube 

Iso inertia for outer steel tube 

L column's total length 

Nb,Rd the buckling load capacity for column 

Nci_no stiffener  axial load capacity inner concrete core without using any stiffeners 

Nci_tie axial load capacity inner concrete core  using tie stiffener 

Nco_no stiffener axial load capacity for outer concrete ring without using any stiffeners 

Nco_tie axial load capacity for outer concrete ring using tie stiffener 

Nsi_no stiffener  axial load capacity for inner steel tube without using any stiffeners 

Nsi_tie axial load capacity for inner steel tube using tie stiffener 

Nso_no stiffener axial load capacity for outer steel tube without using any stiffeners 

Nso_tie axial load capacity for outer steel tube using tie stiffener 

Nu,FE  ultimate loads obtained from the Finite elemnt (FE) model 

Nu,test ultimate loads obtained from the test 

S the spacing between tie in longitudinal direction of the columns 

ti column's inner tube thickness 

to  column's outer tube thickness 

X ratio between outer and concrete core width and equal Di/(Do-2to) 

β_ci  correction factors for inner concrete core 

β_co correction factors for outer concrete ring 

β_si correction factors for inner steel tube 

β_so correction factors for outer steel tube 

ξ confinement coefficient  

χ slenderness reduction factor  
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper introduces a novel double-skin composite wall (DSCW) system reinforced with horizontal rebar trusses. The 

seismic performance of five double-skin composite wall specimens with rebar trusses and one specimen without rebar 

trusses was investigated under low cyclic lateral loading. The test results demonstrate that all specimens reached a flexure-

dominated ultimate state, accompanied by local buckling of the faceplates in the shear wall and the boundary columns of 

the concrete-filled steel tube (CFST). The five specimens reinforced with rebar trusses exhibited excellent ductile behavior, 

with ductility coefficients ranging from 1.86 to 2.78. Comparative analysis among the specimens revealed that the inclusion 

of rebar trusses effectively stabilized the faceplates and improved the overall performance of the composite walls. Closer 

spacing of the rebar trusses, such as 100 mm, proved to be more effective. Specimens with vertical and horizontal rebar 

trusses demonstrated similar peak load capacities; however, the specimen with vertical rebar trusses achieved a 6.0% higher 

ductility coefficient, indicating improved deformation capacity. Furthermore, the use of a discontinuous inner steel plate in 

the CFST boundary column was found to reduce both lateral load-carrying capacity and ductility, rendering it an unsuitable 

design choice for this system. 

 

 
 

Received: 

Revised: 

Accepted: 

 

 

22 February 2025 

16 July 2025 

18 July 2025 

 K E Y W O R D S 

 
 

Double-skin steel-concrete 

composite wall; 

Rebar trusses; 

Quasi-static test; 

Seismic performance 

 

Copyright © 2026 by The Hong Kong Institute of Steel Construction. All rights reserved.   

 

1.  Introduction 

 
The shear wall is a critical load-bearing and lateral force-resisting 

component in high-rise buildings. Existing prefabricated shear walls primarily 

include precast reinforced concrete walls, precast double-superimposed walls, 

pure steel plate walls, and double-skin steel-concrete composite walls. Precast 

reinforced concrete shear walls are heavy and challenging to install [1]. Precast 

double-superimposed walls have certain drawbacks, such as complex splicing 

construction, high installation precision requirements, and low reliability [2–5]. 

Pure steel plate walls, while effective for lateral resistance, have limited vertical 

load-carrying capacity [6]. As a novel type of composite component, the double-

skin steel-concrete composite wall (DSCW) consists of concrete filled between 

two steel faceplates, which are connected by shear connectors. The steel plates 

and concrete work together compatibly throughout the entire loading process, 

significantly enhancing the wall's compressive, tensile, and shear capacities, as 

well as its energy dissipation performance. 

In the 1980s, PF Adams, Hassinen, and Stephen [7–9] initiated research on 

DSCWs. Their studies primarily focused on the performance and failure 

mechanisms of DSCWs under the impact of ice and sea waves, demonstrating 

that DSCWs provide high strength and ductility when subjected to out-of-plane 

loads. Wright et al. [10–12] investigated the axial compression and shear 

performance of DSCWs with profiled steel sheeting and developed design 

formulas for shear strength and stiffness. Link [13] employed a nonlinear finite 

element method to study the ultimate bearing capacity and post-peak behavior 

of DSCWs under transverse and longitudinal loads. Emori [14] conducted 

experimental research on concrete-filled steel box walls under compressive and 

shear loading. The results revealed that the wall elements exhibited both high 

strength and excellent ductility. Nie et al. [15–17] designed a series of DSCW 

test specimens equipped with studs and load-bearing steel bars, with axial 

compression ratios ranging from 0.15 to 0.4. The test results showed that the 

average ultimate displacement angle of the walls was 1.7%, and the average 

ductility coefficient was 3.2. In further research, Nie [18] designed another set 

of DSCW test specimens with short stiffeners and studs, with a higher axial 

compression ratio of 0.5. The results indicated that the average ultimate lateral 

displacement angle of these walls was 1.6%. 

To further improve buckling capacity of the DSCWs, experimental 

researches on DSCW strengthened with batten plate [19-20], tie rod [21-24], 

steel tube bundles [25-26], corrugated plates[27] and hybrid connectors [28] 

were conducted, test results concluded that the specimens had good ductility and 

energy dissipation capacity, and the hysteretic curves were full and stable. 

While Shi et al. [29] adopted vertical rebar trusses to stabilize the steel 

faceplate of DSCW, experimental results found that reducing the welding spot 

spacing-to-thickness ratio and opening slits on the steel plate could increase the 

buckling capacity of the DSCW. Han et al. [30] also investigated the seismic 

behavior of DSCW stiffened with vertical steel truss, and found that aspect ratio 

had the greatest impact on the failure mode and seismic performance of the 

specimen, while the axial compression ratio had little impact on the strength. 

The ductility and energy consumption of specimens with small axial 

compression ratios are good, however. The larger the spacing of the steel truss, 

the weaker the out of plane constraint on the steel plate, and the earlier the 

appearance of the specimen’s buckling and failure. 

Further parametic studies were carried out to investigate key parameters that 

affected the seismic performances of DSCW. Wei et al. [31] established the finite 

element model of DSCW and presented the effects of key parameters including 

the space of stud connectors, the thickness of both the steel plate and concrete 

core, the concrete strength, and the span-depth ratio of walls on the shear 

resistance of the walls. Results indicated that the thickness of both the steel plate 

and the concrete core, and the strength of concrete are the most critical factors 

affecting the shear resistance of the walls, and the spacing of stud connectors 

affects the failure mode of the walls. The influence of various parameters on the 

hysteretic behavior of the DSCW was studied by Luo et al. [32] through 

numerical analysis. Numerical evaluation reveals a substantive impact exerted 

by all three parameters upon the mechanical attributes of the wall. Of particular 

note, the axial compression ratio emerges as the predominant determinant 

influencing the wall's loading capacity, framed within this context. Furthermore, 

it becomes evident that the aspect ratio, characterized by its considerable 

elongation relative to width, coupled with the ratio of width-to-thickness, 

manifests as pivotal determinants dictating the initial stiffness attributable to the 

wall structure. 

The studies mentioned above have significantly contributed to the 

advancement of the mechanical behavior and design theory of the DSCW 

structure. However, the structural forms of the wall studied are complex, and the 

construction process needs to be improved. The welding workload of steel plate 

wall in the form of batten plate is large, the welding deformation of thin steel 

plate is easy to form and difficult to rectify, the batten plate is limited by the 

width-thickness ratio of steel plate and the welding operation, the vertical joint 

should be added for long steel plate wall, which further increase the welding 

workload and the difficulty of correction. The requirement for reserve holes on 

the steel plate of the wall in the form of a restraining rod weakens the steel plate 

section. Additionally, additional stiffness strengthening measures are required to 

meet the deformation and site alignment requirements during the transportation 

and hoisting of high flexible steel plate walls, which is challenging to do during 

the actual construction of high-rise buildings. While the DSCW reinforced with 

vertical rebar trusses avoids some defects above, it provides weak transverse 

stiffness during construction. 
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Inspired by various designs of DSCW, this study proposes a novel DSCW 

system reinforced with horizontal rebar trusses. The proposed DSCW consists 

of concrete-filled square steel tubes (CFSTs) and a concrete-filled steel plate 

shear wall body, reinforced with horizontal rebar trusses, as illustrated in Fig. 1. 

Previous research [33] has shown that CFSTs significantly enhance the in-plane 

flexural capacity and out-of-plane flexural rigidity of walls, enabling them to 

meet maximum compressive demands more effectively. 

The shear wall web is composed of concrete, rebar trusses, and two steel 

faceplates welded to the CFST. Each rebar truss comprises one longitudinal bar 

(acting as the chord member) and diagonal bars. The diagonal bars are spot-

welded to the steel faceplates. Under compression, the synergy between the 

diagonal bars, chord bar, and steel faceplates effectively constrains the infilled 

concrete, while also stabilizing the steel faceplates during transportation and 

hoisting. Before the infilled concrete sets, the horizontal rebar trusses enhance 

the wall's out-of-plane flexural capacity and rigidity. In addition to improving 

rigidity, the horizontal rebar trusses, in conjunction with the steel faceplates, 

serve as the primary shear reinforcement to resist in-plane shear forces. They 

also act as formwork, enabling convenient and rapid construction without the 

need for additional construction aids. Furthermore, the rebar trusses are arranged 

separately, meaning they are independently welded to the steel faceplates. This 

eliminates the need for welding in enclosed spaces during the production of the 

steel plate wall, facilitating factory-based manufacturing of the composite wall. 

Experimental research on the mechanical properties of six DSCW 

specimens with fixed axial compression ratio and span ratio under low cycle 

reciprocating loads was conducted in this paper. The key parameters considered 

include the spacing and direction of the steel truss, as well as the continuity of 

the steel plates in the shear wall adjacent to the CFST. The influence of each 

parameter on the seismic performance of the new composite wall, such as 

bearing capacity, ductility, stiffness and strength degradation, and energy 

dissipation capacity, was studied.

 

 

Fig. 1 Proposed DSCW with horizontal rebar trusses 

 

2.  Experimental program 

 

2.1. Test specimens 

 
Six specimens were designed and constructed for this study, including five 

DSCWs with rebar trusses and one DSCW without rebar trusses for comparison. 

The DSCWs with rebar trusses consisted of concrete-filled square steel tubes 

(CFSTs) and a concrete-filled steel plate wall body reinforced with separately 

arranged rebar trusses. To ensure direct comparison, all specimens had identical 

dimensions, with a net height of 1300 mm, a width of 650 mm, and a thickness 

of 100 mm. The specimens were embedded into rigid foundation beams and caps 

at both ends. The square steel tubes had a wall thickness of 4 mm, while the steel 

faceplates of the shear wall were 3 mm thick. The diameters of the web and 

chord bars in the rebar trusses were 6 mm and 8 mm, respectively. Notably, no 

additional shear connectors were incorporated into the DSCW specimens. 

Two key parameters were investigated in this study. First, the spacing of the 

rebar trusses was identified as a critical factor influencing the bearing capacity 

and failure mode, particularly the local buckling behavior. Second, the 

orientation of the rebar trusses, whether embedded horizontally or longitudinally 

in the shear wall, was examined for its impact on the flexural and shear capacity 

as well as the rigidity of the wall. 

Additionally, a trial parameter was introduced to explore construction 

feasibility. Since the CFST serves as the edge component, welding the inner steel 

plate of the square steel tube becomes challenging when connecting walls 

between floors. To address this issue, one specimen was designed with a 

discontinuous inner steel plate in the CFST, achieved by cutting the inner steel 

plate below the top of the beam. This modification was a preliminary attempt to 

determine whether this structural form could be viable for practical applications. 

To isolate the effects of the aforementioned parameters on the mechanical 

behavior of the specimens, other key factors, such as the axial compression ratio 

and the height-to-width ratio, were held constant. In this study, the height-to-

width ratio of all specimens was set to 2.0 to ensure the preferred flexural limit 

state [34], while the axial compression ratio was maintained at 0.40, consistent 

with values commonly used in engineering applications. Future experimental 

studies will further explore the effects of axial compression ratio and height-to-

width ratio on the mechanical behavior of the newly designed DSCWs. 

The structural details of all specimens are shown in Table 1 and Fig. 2. The 

axial compression ratio of the specimen was calculated using Eq. (1) as below: 

 

nt= N/(fckAc + fyAa) (1) 

 

where nt is the test axial compression ratio applied to the specimen, N is the 

test value of axial compression, fck is the material compressive strength of 

concrete infill, fy is the yield strength of steel faceplate and steel tubes, Ac is the 

area of concrete wall, Aa is the sum of cross-sectional areas of steel tube and 

steel plate. 

 
Table 1  

Demensions and configurations of six test specimens 

Specimen H × hw × bw/mm
 

nt λ
 

Rebar trusses Continuity of the CFST 

inner steel plate Spacing/mm Direction 

SCW-1 1300x650x100 0.40 2.0 (without rebar trusses) Continuous 

SCW-2 1300x650x100 0.40 2.0 100 Horizontal Continuous 

SCW-3 1300x650x100 0.40 2.0 140 Horizontal Continuous 

SCW-4 1300x650x100 0.40 2.0 200 Horizontal Continuous 

SCW-5 1300x650x100 0.40 2.0 100 Vertically Continuous 

SCW-6 1300x650x100 0.40 2.0 100 Horizontal Discontinuity 

Note: H is the height from the loading point to the bottom of the wall, hW and bW are the height and thickness of the cross section respectively, nt is the test axial 

compression ratio, and λ is the aspect ratio. 



Li-Ping Zhang et al.  210 

 

 

 
       (a) Front elevation               (b) SCW1        (c) SCW2-4           (d) SCW5          (e) SCW6 

Fig. 2 Layout of the test specimens (mm) 

 

The material properties of the steel plates and rebars were determined 

through monotonic tensile tests conducted on standard coupons. The measured 

values are summarized in Table 2. All specimens were cast using the same batch 

of concrete, and the average compressive strength of the concrete, measured 

using standard cube specimens (150 mm × 150 mm × 150 mm), was 55.35 MPa. 

 

Table 2  

Material properties of steel plate and steel bar 

Material type fy/MPa fu/MPa Es/GPa 

Steel plate 366.50 468.00 196.91 

Steel bar 404.11 470.74 242.09 

 

2.2. Test setup and loading protocol 

 
The test was carried out in the structural laboratory of State Key Laboratory 

of Subtropical Building Science, South China University of Technology. All 

specimens were tested as walls with the fixed-end condition using the test setup 

shown in Fig.3. As illustrated, a concrete loading beam with a section of 250 x 

250 mm was set on the top of the specimen. The bottom of each specimen was 

fixed to a foundation beam. The rigid foundation beam was poured at the bottom 

of the specimen to ensure that the bottom of the wall met the boundary 

conditions of fixed constraints. Both ends of the foundation beam were fixed on 

a rigid base plate with ground anchor bolts, and horizontal jacks were set at both 

ends of the foundation beam to prevent horizontal sliding of the foundation beam 

during loading. The horizontal reciprocating load was applied by a 1000 kN 

MTS hydraulic servo actuator connected to a rigid loading beam, and they were 

loaded at the center of the loading beam. The actuator and the loading beam 

were fixed by the loading head, and the rear end of the actuator was fixed to the 

reaction wall. 

The vertical load was applied by a vertical inverted hydraulic jack, a sliding 

support was installed between the jack and the reaction frame to ensure that the 

loading point of the vertical load was always along the centerline of the wall, 

and to synchronize with the deformation of the specimen during loading process. 

A steel beam was set between the vertical jack and specimen to evenly apply 

vertical load on the wall. During the test, lateral support was set outside the 

plane of the specimen to avoid instability outside the plane. The device was a 

rigid beam with horizontal sliding bearing, which was fixed on the reaction base 

plate by rigid support to achieve in-plane working conditions of the specimens. 

During the experiment, the vertical load was constant, and the MTS 

hydraulic servo actuator was used to apply the horizontal cycling load. The drift 

angle of the wall was considered as the control value during the entire loading 

process. At the beginning of loading, the displacement scheme was cycled only 

once until the steel plate at the bottom of CFST yielded, then the lateral 

displacement was imposed on the specimens with three cycles of loading at each 

step. The loading history is shown in Fig. 4. The test terminated when the 

specimen could not maintain the applied axial load or the horizontal peak load 

degraded 15% or more. 

 

 
1. Foundation beam; 2. Beam; 3. Jack; 4. Distribution beam; 5. Actuator; 6. Reaction wall; 7. Sliding support; 8. Reaction frame 

(a) Sketch of test setup 
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(b) Test setup in SCUT’s lab 

Fig. 3 Test setup 

 

 

Fig. 4 Loading protocol 

 

The experimental test setup used in this study is illustrated in Fig. 3, 

consisting of eight key components: the foundation beam, steel beam, test 

specimen, jack, distribution beam, actuator, reaction wall, sliding support, and 

reaction frame. The foundation beam and reaction frame were designed to 

provide a rigid base and structural support for the test specimens, while the jack 

and actuator applied lateral loading to simulate in-plane forces. The distribution 

beam ensured uniform load transfer to the specimen, and a sliding support was 

incorporated to allow for controlled movement during testing. The entire setup 

was constructed in SCUT's laboratory, as shown in Fig. 3(b), to facilitate 

accurate measurement of the mechanical behavior of the shear wall specimens 

under cyclic loading conditions. The corresponding loading protocol is depicted 

in Fig. 4. 

 

2.3. Measurement method 

 

Five displacement meters and fifty-three strain gauges were employed to 

record the displacement and strain responses of each specimen. The horizontal 

load was automatically measured using the MTS servo-hydraulic actuator's 

built-in measuring system. Displacement meters No. 1 to 3 were positioned to 

measure the in-plane lateral displacement at three key locations along the wall 

height: the center of the cap, the midpoint, and 150 mm above the footing. 

Additionally, two wire-type displacement meters were arranged diagonally on 

the wall to capture its shear deformation. 

A total of fifty-three strain gauges were strategically placed along the CFST 

and the steel faceplates to monitor strain responses at critical locations. The 

detailed arrangement of the instrumentation is illustrated in Figs. 5 and 6. 

 
3.  Test results and discussion 

 

3.1. Damage progression and failure modes 
 

Upon the application of an axial compression load of 1700 kN, no visible 

overall or local displacement was observed in the specimens. As lateral loading 

was progressively applied to a peak drift angle of 1/550, only the outer steel 

plate of SCW-1's CFST reached its yield point. When the peak drift angle 

increased to the first cycle of 1/300, a slight "rustling" sound was detected, 

indicating local bonding failure at the interface between the steel faceplate and 

the infill concrete of SCW-1. At this stage, the outer steel plates of the CFST in 

all newly developed DSCW specimens (SCW-2 to SCW-6) began to yield. After 

three cycles of loading, all specimens produced a similar "rustling" sound. 

The first instance of local buckling was observed in specimen SCW-1 

during the first cycle at a peak drift angle of 1/200, where a bulge of 

approximately 5–10 mm appeared on the front and back steel faceplates, located 

100 mm above the foundation beam. In specimen SCW-3, which featured 

horizontal rebar trusses with a spacing of 140 mm, local buckling occurred at 

the end of the 1/200 drift angle loading, resulting in a 3–5 mm bulge at a height 

of 250 mm. Similarly, in specimen SCW-4, local buckling appeared as a 2–3 

mm bulge on the left side of the front steel faceplate at a height of 200 mm 

during loading to a drift angle of 1/150. After three loading cycles, the local 

buckling in SCW-3 expanded slightly, and the right side of the front plate in 

SCW-4's wall body developed minor local buckling at the same height of 200 

mm. 

No local buckling or visible damage was observed in the other specimens. 

These results suggest that the newly developed composite shear walls are prone 

to local buckling when the spacing of the rebar trusses is relatively wide, as seen 

in specimens SCW-3 and SCW-4, with spacings of 140 mm and 200 mm, 

respectively. 

The local buckling of specimen SCW-1 continued to develop with the 

progression of loading, and at the first cycle of a peak drift angle of 1/100, the 

steel faceplates continued to bulge 10-15 mm. However, the steel faceplates of 

specimens SCW-3 and SCW-4 developed high-mode local buckling, slight 2-5 

mm local buckling was observed on the left side of the front steel faceplates 

approximately 50 mm away from the wall ends, and 5-7 mm local buckling was 

also observed at the height of 200 mm from the faceplates of specimen SCW-4, 

which easily provides high plate compression strength. 

Steel faceplates of specimens SCW-2, SCW-5 and SCW-6 did not develop 

local buckling until the end of loading cycles with the peak value of 1/100. About 

2-3 mm bulge can be observed on the right side of front faceplate, located 100 
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mm above the wall ends, as shown in Fig.7(a).  

At the same loading step, some new local buckling occurred in the specimen 

SCW-3. A 15 mm bulge was observed on the front steel faceplate at the height 

of 250 mm, and a 3-5 mm bulge appeared on the right side of the steel faceplate 

at the height of 50 mm. Additionally, the outer side steel plate of CFST began to 

develop slight local buckling with about 3-5 mm bulge. For specimen SCW-4, 

"bang bang" sound was heard around the welding point between the rebar trusses 

and the steel faceplates, indicating that the welding point began to break and the 

constraint of the rebar trusses to the steel faceplates began to fail, the bulging 

increased to 10-15 mm at the height of 200 mm on the front wall. 

When the peak value reached 1/66, all specimens reached the peak load at 

the first cycle of loading. Cracking sounds of concrete were heard through the 

loading step for specimen SCW-1, where local buckling continued to deteriorate 

at the steel faceplate and outer steel plate of CFST, the bulging was about 25-30 

mm at the end of this loading step. During this loading step, specimens SCW-2, 

SCW-5 and SCW-6 also degraded with the further development of local 

buckling of steel faceplates, along with local buckling of CFST, as depicted in 

Fig. 7 (b), and "bang bang" sound indicated that the rebar trusses and the steel 

plate started to break during the process. As for specimens SCW-3 and SCW-4, 

high-mode buckling developed along the steel faceplate and outer steel plate of 

CFST, the local buckling range enlarged to about 50-300 mm, and the height of 

the bulges reached 30-40 mm at the end of loading step, accompanied by the 

crack sound of concrete and intermittent ‘Bang Bang’ breaking sound of the 

welding point. 

 

                

               Fig. 5 Configuration of displacement meters                                      Fig. 6 Arrangement of strain gauges on steel plates 

 

 
(a) Drift angle of 1/100                          (b) Drift angle of 1/66 

 

 
(c) Drift angle of 1/50 

Fig. 7 Damage progression of the specimen SCW-2 
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Table 3  

Drift angle of each specimen corresponding to key damage characteristics 

Specimen θ1 θ2 θ3 θ4 θ5 θ6 

SCW-1 1/550(1) 1/300(1) 1/200(1) —— 1/55(1) 1/55(1) 

SCW-2 1/300(1) 1/300(3) 1/100(3) 1/66(3) 1/30(1) 1/20(2) 

SCW-3 1/300(1) 1/300(3) 1/200(3) 1/66(1) 1/50(3) 1/30(3) 

SCW-4 1/300(1) 1/300(3) 1/150(1) 1/100(3) 1/30(1) 1/30(1) 

SCW-5 1/300(1) 1/300(3) 1/100(3) 1/66(3) 1/50(3) 1/20(2) 

SCW-6 1/300(1) 1/300(3) 1/100(3) 1/50(3) 1/50(3) 1/30(3) 

Note: The number in brackets indicates loading cycle in each loading step. θ1 is the yield displacement angle of CFST’s outer steel plate, θ2 is the displacement angle 

of local bond slip between steel faceplate and infill concrete, θ3 is the displacement angle during local buckling of steel faceplate, θ4 is the displacement angle when 

the welding point between rebar trusses and the steel faceplate breaks, θ5 is the displacement angle when steel plate cracking or concrete crushing occurs in CFST, θ6 

is the displacement angle at the end of the experiment. 

 

In cyclic loading with the peak drift angle of 1/55, specimen SCW-1 could 

not maintain the applied axial load due to serious buckling of the steel faceplate 

and outer steel plate of CFST. Additionally, with the crushing of the infill 

concrete, the lateral load decreased to 54% of the peak load, leading to the 

conclusion of the test. 

At the peak drift angle of 1/50, with the further development of local 

buckling of the steel faceplate and outer steel plate of CFST (shown in Fig. 7(c)), 

the lateral loads of specimens SCW-2 to SCW-6 declined to 70%, 64%, 61%, 

82% and 71% of the peak load, respectively. However, the specimens still 

exhibited considerable bearing capacity. 
When the load was applied to the drift angle of 1/30, fracture occurred at 

the welding seam near the bottom of CFST after three loading cycles, the infill 

concrete was crushed out, and the lateral loads of specimens SCW-2 to SCW-6 

degraded to 63%, 57%, 62%, 74% and 64%, respectively. Among all the 

specimens, specimen SCW-6 suffered the most serious damage, the welding 

seam between CFST and the steel faceplate of shear wall body was torn open, 

and the infill concrete was crushed into pieces. At the end of this loading step, 

the specimen could not maintain the applied axial load, and it suffered serious 

out-of-plane instability, therefore the test was concluded. It can be concluded 

that the discontinuity of the steel plate on the inner side of CFST exacerbates the 

degree of damage to the specimen. This is because the steel plate inside the 

concealed column is continuous, and the concealed column is a complete 

rectangular steel pipe. If the steel plate inside the concealed column is 

disconnected, the concealed column is a C-shaped channel steel. The bending 

stiffness and bearing capacity of the rectangular steel pipe are much stronger 

than those of the channel steel of the same section. Therefore, the stability of the 

wall outside the plane after the steel plate inside the concealed column is 

disconnected is weaker than that of the wall with continuous steel plate inside 

the concealed column. 

Specimens SCW-2 and SCW-5 experienced similar damage when loaded to 

drift angel of 1/20. The lateral load decreased to 25% and 23% of the peak load, 

respectively. As a result, the specimens were unable to maintain the applied axial 

load, leading to the termination of the tests. 

Fig. 7 illustrates the main damage progression of specimen SCW-2, Fig. 8 

depicts the final failure state of each specimen, Fig. 9 shows the failure condition 

of the infill concrete after the steel faceplate was removed, and Table 3 

summarizes the drift angles of each specimen corresponding to key damage 

characteristics. 

The damage progression of the specimens demonstrates that the newly 

developed composite shear wall achieved the desired flexural failure mode. The 

failure process followed a consistent sequence: (1)Yielding of the outer steel 

plate of the CFST; (2) Bonding failure at the interface between the steel faceplate 

and the infill concrete; (3) Local buckling in the bottom part of the wall, 

approximately 250 mm above the foundation beam; (4) Disconnection of 

welding points between the rebar trusses and the steel faceplate; (5) Crushing of 

the concrete and fracture of the CFST's steel plate. 

The following conclusions can be drawn by comparing the damage 

progression and failure modes of each specimen with those of SCW-2: 

(1) From specimens SCW-1 and SCW-2, it is evident that rebar trusses 

effectively restrain local buckling of the steel faceplate, reducing the extent of 

buckling under the same loading drift angle. 

(2) Specimens SCW-2, SCW-3, and SCW-4 had rebar truss spacings of 100 

mm, 140 mm, and 200 mm, respectively. It was observed that denser truss 

spacing delayed the onset of buckling and reduced the severity of buckling in 

the steel faceplate under the same drift angle. Therefore, closer spacing of rebar 

trusses is strongly recommended to enhance the performance of the shear wall. 

(3) The rebar trusses in specimens SCW-2 and SCW-5 were arranged 

horizontally and vertically, respectively. Both specimens exhibited similar 

damage progression and failure modes; however, SCW-5 experienced less 

severe damage. This improvement can be attributed to the vertical rebar trusses, 

which enhanced the global stability of the shear wall. 

(4) Specimen SCW-2 featured a continuous CFST inner steel plate, whereas 

SCW-6 had a discontinuous configuration. Both specimens performed similarly 

up to a drift angle of 1/50. However, SCW-6 experienced earlier failure due to 

inadequate out-of-plane restraint on the steel faceplate caused by the 

discontinuity of the CFST’s inner steel plate. Therefore, for ease of construction, 

this structural form is not recommended due to its adverse impact on wall 

performance. 

 

 
(a) Failure mode of steel plate in SCW-1 

 
(b) Failure mode of steel plate in SCW-2 
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(c) Failure mode of steel plate in SCW-3 

 

 
(d) Failure mode of steel plate in SCW-4 

 
(e) Failure mode of steel plate in SCW-5 

 
(f) Failure mode of steel plate in SCW-6 

Fig. 8 Failure mode of steel plate in specimens 

 

 

(a) Failure mode of internal concrete in SCW-1 

 

 

(b) Failure mode of internal concrete in SCW-2 

 

 
(c) Failure mode of internal concrete in SCW-3 

 
(d) Failure mode of internal concrete in SCW-4 
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(e) Failure mode of internal concrete in SCW-5 

 
(f) Failure mode of internal concrete in SCW-6 

Fig. 9 Failure mode of internal concrete in specimens 

 

3.2. Hysteresis and skeleton curves 

 

Figs. 10 and 11 illustrate the hysteretic and backbone curves of each 

specimen, derived from the lateral load and lateral displacement data. It is 

evident that, with the exception of specimen SCW-1, all the newly developed 

DSCWs exhibited significantly more stable hysteretic behavior up to a drift 

angle of 1/50. The initial lateral stiffness of the specimens with rebar trusses was 

found to be nearly identical, indicating that the spacing and orientation of the 

rebar trusses have minimal influence on the initial lateral stiffness. 

The proposed shear walls reached their peak load at a drift angle of 1/66. 

Although the lateral bearing capacity dropped below 85% of the peak load at a 

drift angle of 1/50, the shear walls still demonstrated favorable hysteretic 

behavior. However, during subsequent loading phases, the strength and stiffness 

of the specimens deteriorated significantly due to progressive local damage. A 

comparative analysis of the specimens provides valuable insights into their 

performance: 

(1) The new shear wall with closer spacing of rebar trusses exhibited a much 

more stable hysteretic response, deformation capacity, and energy dissipation 

capacity, as shown in Fig. 10(b) and Fig. 11(b). When comparing specimens 

SCW-2, SCW-3, and SCW-4, the peak loads were 622.2 kN, 582.5 kN, and 576.2 

kN, respectively, as listed in Table 4. The bearing capacity of SCW-2 was 7% 

higher than SCW-3 and SCW-4, but the peak loads for SCW-3 and SCW-4, with 

rebar truss spacings of 140 mm and 200 mm, respectively, were essentially the 

same. These results suggest that rebar truss spacing has a notable effect on the 

specimen's strength when the spacing is less than 140 mm. Moreover, closer 

rebar truss spacing is a critical parameter influencing the post-peak strength, 

stiffness, and ductility, which deteriorated more slowly with tighter spacing.  

(2) A comparison of SCW-2 and SCW-5, which featured horizontal and 

vertical rebar trusses respectively, revealed similar behavior throughout the 

entire loading process. The peak loads of these specimens were 622.2 kN and 

614.8 kN, respectively. However, the vertical rebar trusses in SCW-5 contributed 

to maintaining more stable strength and stiffness after the peak load, as clearly 

illustrated in Fig. 11(c).  

(3) Despite the discontinuity of the CFST’s inner steel plate, specimen 

SCW-6 exhibited nearly the same initial stiffness, peak load, and strength and 

stiffness degradation up to a drift angle of 1/30. However, the discontinuity of 

the CFST’s inner steel plate compromised the ductility of the shear wall, 

reducing its ability to sustain deformation under large loading cycles. 

(4) Specimen SCW-1, which lacked rebar trusses, exhibited significantly 

worse hysteretic responses, with notably reduced hysteretic loops. In contrast, 

the peak loads of the new shear walls were 132%, 124%, 123%, 131%, and 129% 

of SCW-1, respectively. Furthermore, the new shear walls demonstrated much 

more stable deformation capacity and energy dissipation capacity after reaching 

their peak load, highlighting the improvements achieved with the new design.

 

 
(a) With or without rebar trusses                                          (b) Rebar truss spacing 
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  (c) Horizontal and vertical rebar trusses                           (d) Discontinuity of CFST’ inner steel plate 

Fig. 10 Comparison of hysteretic behavior of specimens 

 

 
 

(a) With or without rebar trusses                                      (b) Rebar truss spacing 

 

 
(c) Horizontal and vertical rebar trusses                           (d) Discontinuity of CFST’ inner steel plate 

Fig. 11 Skeleton curves of horizontal load-displacement at the top of specimen 

 

3.3. Characteristic values of the specimens 

 

To further analyze the effects of various parameters on the seismic 

performance of the new composite shear wall, the yield load and yield 

displacement are defined as the load and drift angle corresponding to the 

intersection of the secant stiffness at 75% of the specimen's peak bearing 

capacity and the elastic-plastic line, as illustrated in Fig. 12. Similarly, the failure 

load and failure displacement are determined as the load and drift angle 

corresponding to the point on the descending section of the skeleton curve where 

the load drops to 85% of the peak load [35], as summarized in Table 4. 

Key characteristic values, including critical loads, corresponding drift 

angles, and ductility coefficients for each specimen, are provided in Table 4. The 

displacement ductility coefficient is calculated as the ratio of the failure 

displacement to the yield displacement. This coefficient ranges from 1.86 to 2.78, 
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with an average value of 2.30, indicating that DSCWs with rebar trusses exhibit 

good deformation capacity under an axial compression ratio of 0.40. This 

suggests their suitability for widespread application in real engineering projects. 

The limit drift angle ranges from 1/77 to 1/41, with an average value of 1/59, 

exceeding the specified limit of 1/120 for shear wall structures as stipulated in 

the Chinese seismic code [36]. 

A comparison of the yield point, peak load, and failure load demonstrates 

that rebar trusses significantly enhance the lateral bearing capacity of the shear 

walls. However, variations in the spacing and orientation of the rebar trusses 

have minimal influence on the key load values, with the maximum observed 

difference being less than 7.4%. 

 

Fig. 12 Definition of yield displacement

 

Table 4  

Key loads, drift angles and ductility coefficients of specimens 

Specimen number 
Loading 

direction 

Yield point Peak load point Failure point 
Displacement ductility 

coefficient Fy,EXP/kN θy,EXP Fp,EXP/kN θp,EXP Fu,EXP/kN θu,EXP 

SCW-1 

positive 390.3 1/182 470.4 1/81 399.8 1/69 2.64 

negative 447.2 1/170 522.3 1/96 444.0 1/72 2.36 

SCW-2 

positive 530.4 1/129 622.2 1/73 528.9 1/56 2.30 

negative 524.4 1/140 605.1 1/79 514.3 1/59 2.37 

SCW-3 

positive 496.7 1/153 582.5 1/82 495.1 1/65 2.35 

negative 517.0 1/136 581.8 1/89 494.5 1/73 1.86 

SCW-4 

positive 498.9 1/146 576.2 1/101 489.8 1/62 2.35 

negative 478.6 1/148 548.5 1/89 466.2 1/77 1.92 

SCW-5 

positive 525.7 1/114 614.8 1/67 522.6 1/41 2.78 

negative 507.7 1/117 584.2 1/74 496.6 1/54 2.17 

SCW-6 

positive 519.7 1/139 607.4 1/74 516.3 1/51 2.73 

negative 503.4 1/124 589.2 1/74 500.8 1/57 2.18 

Note: Fy,EXP indicates yield load, θy,EXP is the yield drift angle, Fp,EXP is the peak load, θp,EXP is the peak drift angle, Fu,EXP is the failure load, θu,EXP is the failure drift 

angle. 

 

Another important parameter for assessing the seismic performance of shear 

walls is loop stiffness [37], which reflects the stiffness degradation of the 

specimen. Fig. 13 illustrates the loop stiffness-lateral displacement curves of the 

specimens under various configurations. As shown, the loop stiffness of 

specimens with rebar trusses is 8.7%–34.7% higher than that of specimens 

without rebar trusses. Reducing the spacing of rebar trusses marginally enhances 

the loop stiffness and delays stiffness degradation. The loop stiffness curves of 

specimens SCW-2 and SCW-5 are almost identical, indicating that the 

orientation of the rebar trusses has minimal impact on stiffness degradation. For 

specimen SCW-6, which has a discontinuous steel plate inside the CFST, the 

loop stiffness is slightly lower than that of SCW-2 with a continuous steel plate. 

Additionally, the stiffness degradation of SCW-6 becomes more significant in 

the later stages of loading. 

 

 
(a) With and without rebar trusses 

 

 
(b) Different rebar trusses spacing 
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(c) Different arrangement direction of rebar trusses 

 
 (d) Continuous and disconnected steel plate inside CFST 

Fig. 13 Comparison of stiffness degradation curves of specimens under different parameters 

 

 
(a) With and without rebar trusses 

 

 
(b) Different rebar trusses spacing 

 

 
(c) Different arrangement direction of rebar trusses 

 
(d) Continuous and disconnected steel plate inside CFST 

Fig. 14 Second cycle strength degradation curves of each specimen under different parameters 

 

Strength degradation is another critical parameter for evaluating shear wall 

performance. The strength degradation coefficient (λi) is used to quantify the 

ratio of the peak load of the i-th cycle to that of the first cycle at a given loading 

amplitude [37]. Fig. 14 shows the second-cycle strength degradation curves of 

the specimens under various configurations. As illustrated, the strength 

degradation coefficient decreases as the loading drift angle increases. The 

arrangement and denser spacing of rebar trusses significantly help the shear wall 

maintain stable strength, especially during the later loading stages when major 

damage occurs. Although specimens SCW-2 and SCW-5 exhibit a similar 

strength degradation process, the shear wall with vertical rebar trusses (SCW-5) 

demonstrates more stable strength retention. Additionally, the discontinuity of 

the CFST’s inner steel plate in specimen SCW-6 does not compromise its overall 

strength capacity. Fig. 14(d) shows that SCW-6 maintains stable strength 

capacity even during the very late stages of loading when major damage occurs. 

To further evaluate the energy dissipation capacity, energy consumption-

half cycle curves, cumulative energy consumption-half cycle curves and 

equivalent viscous damping coefficient versus number of cycles were analyzed, 

as show in Fig. 15 to Fig. 17. In general, the energy consumption of the 
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specimens increases continuously with the number of loading cycles. Compared 

with SCW-1, the energy dissipation capacity of DSCWs is significantly 

enhanced by the inclusion of rebar trusses. The cumulative energy consumption 

of specimens with rebar trusses is 4.38–8.68 times that of specimen SCW-1. 

When comparing specimens SCW-2, SCW-3, and SCW-4, reducing the 

spacing of rebar trusses significantly improves energy dissipation capacity. The 

cumulative energy consumption of SCW-2 is 1.37 times and 1.84 times that of 

SCW-3 and SCW-4, respectively. Comparing SCW-2 and SCW-6, the energy 

consumption of specimens with continuous and discontinuous steel plates inside 

the concealed column is similar under the same half-cycle number. However, 

due to its stronger stiffness at later stages, the cumulative energy consumption 

of SCW-2 is higher than that of SCW-6. 

When comparing SCW-2 and SCW-5, both specimens exhibit nearly 

identical energy dissipation capacity. However, during the later loading stages, 

the shear wall with vertical rebar trusses (SCW-5) demonstrates better 

deformation capability, enabling it to consume more energy. 

Fig. 17 shows the equivalent viscous damping coefficient energy dissipation 

cycle curve, where the equivalent viscous damping coefficients are all greater 

than the 0.05 value specified in the Chinese seismic code. The equivalent viscous 

damping coefficient shows a curve of first decreasing and then increasing with 

the number of energy dissipation cycles, and the turning point occurs at the 5th 

cycle, which is 1/300 displacement angle. This is a direct reflection of the 

evolution of internal material damage and the periodic activation of energy 

dissipation mechanism. When the displacement angle is less than 1/300, 

concrete cracking and interface slip cause stiffness collapse degradation, and 

energy dissipation growth lags behind. When the displacement angle is greater 

than 1/300, an efficient synergistic energy dissipation mechanism is formed by 

steel plate yielding, concrete crack friction, steel reinforcement plasticity, and 

interface slip. 

 

 

Fig. 15 Energy consumption-half cycle curves                        Fig. 16 Cumulative energy consumption-half cycle curves 

 

 

Fig. 17 Equivalent viscous damping coefficient versus number of cycles 

 

4.  Compressive and bending bearing capacity of DSCW 

 

To evaluate the compressive and bending bearing capacities of the newly 

developed DSCW, the European Code Eurocode 4 [38] and the Chinese Code 

CECS: 546-2018 [39] were used for calculation and comparison.  

 

4.1. European code - Eurocode 4 (2004)  

 

Eurocode 4 adopts the full-section plastic method for calculating the 

compressive and bending bearing capacities of composite components. This 

method considers the influence of shear force while ignoring the tensile strength 

of concrete. The calculation formulas are as follows: 

 

, ,Ed M Pl N RdM M=  (2) 

 

, , (1 ) (1 )pl N Rd cd c c y sc sc y swc swc y st st y swt swtM f A d f A d f A d f A d f A d = + + − + + −  (3) 

 

(1 ) (1 )Ed cd c y sc y swc y st y swtN f A f A f A f A f A = + + − − − −  (4) 

 

( )
2

2 / 1Ed RdV V = −  (5) 

 

In the formula, MEd is the flexural bearing capacity of the composite shear 

wall, MPl,N,Rd is the flexural bearing capacities of the composite shear wall 

without considering reduction, αM is the steel grade adjustment factor, fcd is the 

compressive strength of the concrete cylinder, Ac is the area of the concrete in 

the compression zone, dc is the distance from the compressive concrete to the 

center of the composite wall, fy is the yield strength of steel plate, Asc and Ast are 

the areas of the compressive and tensile flange steel plates from the center of the 

composite wall, dsc and dst are the distances of the compressive and tensile flange 
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steel plates from the center of the composite wall, Aswc and Aswt are the areas of 

the compressive and tensile steel web plates, dswc and dswt are the distances of the 

compressive and tensile steel web plates from the center of the composite wall, 

and ρ is the reduction factor of steel plate strength considering the affection 

of shear force, where VEd is the design shear force and VRd is the shear bearing 

capacity. 

 

4.2. Chinese code - CECS: 546 (2018) 

 

The “Technical Standard for Steel Tube Concrete Bundle Composite 

Structures” (CECS: 546-2018) is based on the ultimate state theory and provides 

simplified N-M relationship formulas for composite shear walls under combined 

compression and bending. For practical design purposes, the following formulas 

are used: 

 

( )c

u

1- 1x

ux

MN

N M
+   (6) 

 

0 /c c c uf A N =  (7) 

 

0 0u y s c cN f A f A= +  (8) 

 

( ) ( )00.5 2ux s s nx s s nx yM A h t d bt t d f= − − + +    (9) 

 
( ) ( )0 2 / 2 / 4nx s s s c y sd A bt b t f f t = − − +   (10) 

 

In the formula, N is the axial compressive force of the composite wall, Nu is 

the axial compressive bearing capacity of the composite wall, αc is the concrete 

working bearing coefficient, Mx is the bending bearing capacity of the composite 

wall, Mux is the bending bearing capacity of the composite wall when only 

bending moment is applied, fc is the compressive strength of the concrete, Ac0 is 

the cross-sectional area of the concrete, fy is the yield strength of the steel plate, 

As0 is the cross-sectional area of the steel plate, ts is the thickness of the steel 

plate, b and h are the thickness and width of the composite wall, and dnx is the 

height of the concrete compression zone. 

 

4.3. Comparison between Eurocde 4 and CECS:546  

 

Using the two theoretical models provided by Eurocode 4 and CECS: 546, 

the compressive and bending bearing capacities of specimens SCW-2 to SCW-

6 were calculated, and the results are presented in Table 5. 

From Table 5, it can be observed that the calculated values for all five 

specimens with rebar trusses are lower than the experimental results. 

Specifically, the European standard (Eurocode 4) underestimates the 

experimental values by approximately 20%; while the Chinese standard (CECS: 

546-2018) provides more accurate results, with deviations averaging only 8%. 

These findings indicate that, for the DSCWs with rebar trusses proposed in 

this study, under a given axial pressure, the theoretical model from the Chinese 

standard CECS: 546-2018 is more accurate for calculating the bending bearing 

capacity. 

 
Table 5  

Comparison of theoretical values from two standards with experimental results 
Number Test Value  

/ kN 

Eurocode 4  

/ kN 

Ratio CECS: 546-

2018  

/ kN 

Ratio 

SWC-2 527.4 

422.1 

1.25 

471.6 

1.12 

SWC-3 506.9 1.20 1.07 

SWC-4 488.8 1.16 1.04 

SWC-5 516.7 1.22 1.10 

SWC-6 511.6 1.21 1.08 

 

5.  Conclusions 

 

This study investigated the seismic performance of a novel double-skin 

composite wall (DSCW) system reinforced with rebar trusses. A series of 

experimental tests and analytical comparisons were conducted based on an axial 

compression ratio of 0.4 and a shear span ratio of 2.0 to evaluate the mechanical 

behavior of the proposed DSCW under low-cycle lateral loading.  The 

following conclusions can be drawn based on the findings: 

(1) The inclusion of rebar trusses significantly improves the seismic 

performance of DSCWs compared to conventional designs. The rebar trusses 

effectively constrain the steel faceplates, delaying local buckling and enhancing 

overall stability. As a result, the bearing capacity of the DSCWs was increased 

by approximately 7%–36%, and the energy dissipation capacity was improved 

by 3 to 7 times compared to specimens without rebar trusses.  

(2) All tested specimens exhibited a flexure-dominated failure mode. The 

progression of damage followed a consistent sequence: (1) bonding failure 

between the steel faceplates and the concrete core, (2) local buckling of the steel 

faceplates, (3) disconnection of the welding points between the rebar trusses and 

steel faceplates, (4) local buckling of the outer steel plate of the CFST boundary 

columns, and (5) crushing of the infill concrete and fracture of the CFST steel 

plate. 

(3) The mechanical properties of DSCWs are only marginally influenced by 

the orientation of the rebar trusses (horizontal or vertical). However, walls with 

vertical rebar trusses demonstrated approximately 9.1% higher flexural bearing 

capacity at later loading stages due to enhanced global stability provided by the 

vertical truss configuration. 

(4) Reducing the spacing of rebar trusses effectively delays stiffness and 

strength degradation, improving the ductility and energy dissipation capacity of 

the wall. Specimens with closer truss spacing (e.g., 100 mm) exhibited more 

stable hysteretic behavior and slower post-peak deterioration compared to 

specimens with larger spacings. 

(5) While introducing a discontinuous inner steel plate in the CFST 

boundary column can facilitate construction, it compromises the deformation 

capacity and out-of-plane stability of the wall after reaching peak load. This 

structural form is therefore not recommended for practical applications where 

high deformation capacity is required. 

(6) The displacement ductility coefficients of the specimens ranged from 

1.86 to 2.78, with an average value of 2.30, indicating excellent deformation 

capacity. The ultimate drift angles varied from 1/77 to 1/41, with an average of 

1/59, exceeding the seismic design limit of 1/120 specified in the Code for 

Seismic Design of Buildings. This demonstrates that the proposed DSCWs can 

sustain substantial deformations before failure, making them suitable for seismic 

applications. 

(7) The theoretical model provided by the Chinese Code CECS: 546-2018 

more accurately predicts the bending bearing capacities of the DSCWs, with 

deviations averaging only 8% compared to experimental results. In contrast, the 

European Code Eurocode 4 underestimates the bearing capacities by about 20%, 

highlighting the suitability of the Chinese code for designing DSCWs with rebar 

trusses. 

(8) Considering the small number of specimens in this article, further in-

depth research will be conducted on the seismic performance of this component 

under the variation parameters of axial compression ratio and shear span ratio, 

combining experiments and finite element analysis. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The unique band gap characteristics of periodic structures result in varying degrees of attenuation of elastic wave 

propagation across different frequency ranges. With the increasing demand for periodic grid structures, particularly 

long-span grids, in various sectors of industry and daily life, the issues of vibration reduction and isolation in such 

structures have become increasingly prominent. Inspired by the periodic properties of phononic crystals, this study 

conducts a mechanical analysis of grid rod elements, derives the corresponding periodic equations, and investigates their 

underlying periodic mechanisms. Numerical simulations confirm the existence of band gaps in steel and aluminum hybrid 

grid rods and examine the effects of the rod’s Elastic modulus, density, and inner radius on these band gap characteristics. 

Finally, the impact attenuation performance of the steel–aluminum hybrid grid rod is compared with that of pure steel and 

pure aluminum grid rods. The results show that: (1) with increasing Elastic modulus, the starting frequency, end 

frequency, and width of the widest band gap all increase, while the starting frequency, end frequency, and width of the 

13th-order band gap first increase and then disappear; (2) with increasing density, the width of the widest band gap 

decreases, and the starting frequency, end frequency, and width of the 16th-order band gap all decrease until it disappears; 

(3) with increasing inner radius, the width of the widest band gap increases, and the starting frequency, end frequency, and 

width of the 19th-order band gap all increase, with low-frequency band gaps gradually emerging; and (4) compared to 

steel and aluminum grid rods, the steel and aluminum hybrid grid rod exhibits superior impact wave attenuation 

performance, with the band gap characteristics of single-rod elements playing a critical role in suppressing vibrations 

throughout the entire grid structure. 
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1.  Introduction 

 
Grid structures exhibit excellent performance under extreme loads, such as 

large earthquakes. Therefore, large-scale buildings employing this structural 

form are often designated by the state as disaster shelters, highlighting the 

importance of evaluating their resilience under extreme conditions[1-4]. The 

safety of these structures is crucial for protecting public lives and ensuring 

social stability. As a result, progressive collapse in large-span structures has 

become a significant research focus, aiming to understand their sequential 

failure processes and anti-collapse mechanisms under sudden extreme loads. 

Given the waveguide properties inherent to periodic grid structures, stress 

waves generated by dynamic loads or group failures propagate within the 

structure. Due to the dispersive properties of periodic structures[5-8], 

phenomena such as wave blockage or localized resonance may occur[9], 

potentially leading to the localized storage of energy, causing member 

vibration buckling, pulse buckling, or even node fractures. 

According to stress wave theory, stress and strain caused by vibrations 

primarily propagate through structures in the form of waves[10]. Periodic 

structures have attracted significant attention from researchers due to their 

desirable vibration-damping properties, which can block the propagation of 

stress waves. Effectively enhancing and leveraging the periodic properties of 

structures to achieve vibration damping is a current research hotspot. In 1992, 

M.M. Sigalas theoretically demonstrated the existence of elastic wave band 

gaps in three-dimensional periodic lattice structures made of composite 

materials, wherein elastic waves with frequencies within these gaps cannot 

propagate[11]. This concept evolved from the Bragg scattering mechanism to 

the localized resonance band gap mechanism, significantly broadening the 

range of wavelengths corresponding to band gap frequencies. Today, periodic 

structures find extensive applications in defense, aerospace[12], marine[13], and 

other fields. Michele Brun introduced the concept of phononic band gaps in 

structural mechanics, using waveguide properties to address vibration 

problems in slender bridges and extending this application to vibration 

reduction in high-rise structures[14]. 

The inherent wave conversion and frequency band gap characteristics of 

periodic structures lead to the suppression of elastic wave transmission within 

certain frequency ranges[15-16]. This underscores how innovative design and 

optimization based on structural periodicity can achieve effective vibration 

isolation. Muhammad et al. proposed sinusoidal connecting elements in 

two-dimensional periodic structures and found that certain geometric 

parameters influence the transmission and blocking characteristics of these 

structures[17]. Several scholars have conducted studies on concrete 

metamaterials, impact mitigation, vibration resistance, and blast resistance[18-22]. 

Feng[23] studied a two dimensional tunable acoustic crystal based on square 

rods. In this structure, 1.6 mm wide steel rods are arranged in air. By 

introducing variations in the scattering interface through symmetry breaking, 

achieved by simply rotating the square rods, the scattering cross section 

corresponding to different geometric factors changes from positive to negative 

refraction. This enables control over wave propagation and achieves tunable 

refraction of acoustic waves. Shen et al.[24] applied phononic crystal theory to 

guide the design of periodic structures in seawater pipeline systems. The 

designed structure can regulate the propagation characteristics of vibroacoustic 

waves within specific frequency bands, thereby achieving vibration reduction 

in the pipeline system. However, limited research has been carried out on the 

periodic properties of large-scale grid structures, which are most similar to 

crystal lattice structures, from the perspective of wave propagation and 

dispersion. This research gap is partly due to the conventional belief among 

engineers that the instantaneous nature of wave propagation does not 

significantly affect structural collapse[25], and partly due to the requirement that 

periodic dimensions must be approximately half the wavelength of elastic 

waves to realize Bragg band gaps[26-27]. Consequently, flat grid structures are 

often not considered to exhibit band gap properties. In reality, the concept of 

localized resonance has greatly extended these wavelength conditions. 

Previous discussions also indicate that the condition of matching 

half-wavelengths to member lengths is achievable. Numerical simulations of 

real structures have shown that grid structures exhibit characteristics of 

periodic structural responses. However, due to their three-dimensional forms 

and the coupling of bending and axial longitudinal waves, the analysis 

becomes more complex, resulting in narrower band gaps that are harder to 

detect. An, et al.[28] fabricated a three-dimensional acoustic metamaterial 

featuring a truss lattice structure using additive manufacturing techniques. 

Employing finite element analysis and numerical simulations, they 

systematically investigated the band structure of the proposed lattice and 

identified band gaps arising from local resonance and wave mode conversion. 

Zuo, et al. optimized the design of periodic rigid grid structures by altering unit 

shapes and geometric parameters, identifying factors that influence band gap 

characteristics[29]. Meruane, et al. proposed a new design of sandwich panels 

with cellular truss cores, aimed to harness these band gaps to achieve 

pronounced wave suppression within specific frequency ranges[30]. Modern 
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materials with complex architectures show higher structural efficiency when 

compared to traditional materials, Quinteros, et al. designed two-dimensional 

truss-like cellular structures to find best frequency range of each truss 

element[31]. By designing the structural parameters of periodic structures 

effectively, vibration isolation performance can be optimized. 

Applications of periodic characteristic analysis in large bridge 

structures[32-33] and foundations[34] have demonstrated that macro-scale periodic 

structures also possess inherent band gap and dispersion properties. Some 

literature suggests that structural collapse may be caused by failure waves 

propagating within large structures[35]. Therefore, studying wave propagation 

characteristics in grid structures is essential for predicting structural health and 

providing theoretical explanations for certain failure causes. Using grid 

structures as research targets for wave dynamics within periodic structures 

offers advantages not found in lattice materials. This will promote the 

development of periodic structure research and help explain grid structure 

collapse incidents, guiding anti-collapse design through waveguide properties. 

 

2.  Mechanical Modeling Analysis of grid structure rod unit 

 

2.1. grid structure rod unit 

 
A large-scale grid structure consists of fundamental units connected in a 

periodic configuration, forming a highly redundant spatial system through the 

systematic arrangement of multiple members joined at nodes in a defined 

repeating pattern. The intersecting members and nodes provide mutual support 

in three dimensions, while the inherent vibration isolation characteristics of 

periodic structures further enhance their performance. As a result, grid 

structures possess wider applicability compared to planar trusses, which 

predominantly carry unidirectional loads. An illustrative example is the 

double-layer grid structure with a quadrangular pyramid configuration, as 

shown in Fig. 1.

 

 
(a) Planar periodic grid structure                (b)Three-dimensional diagram of periodic grid structure 

Fig. 1 Periodic quadrangular pyramid grid 

 

Grid structures are a type of periodic structure formed by the periodic 

arrangement of joints and members. This structure is created by repeating a 

minimal unit in a topological pattern, which allows for the analysis of the 

dynamic characteristics of grid structures to begin with a simplified dynamic 

analysis of the minimal unit and then extend to the entire structure. A 

quadrangular pyramid grid structure can be viewed as being composed of 

several quadrangular pyramids, as shown in Fig. 2. 

 

 

Fig. 2 Four-sided pyramid unit 

 

Each quadrangular pyramid grid unit consists of several spherical nodes 

and members. When studying periodic structures, it is common practice to 

select the smallest periodic unit. Therefore, research into the band gap 

characteristics of periodic grid structures should begin with the member units, 

as illustrated in Fig. 3. 

 

 

Fig. 3 grid structure rod unit 

 

2.2. Periodical analysis of grid structures 

 

When analyzing the band gap characteristics of periodic structures, it is 

essential to select a computational method appropriate to the specific features 

of the structure. The choice of method influences both the computational 

efficiency and the accuracy of the results. Over the years, through the research 

of many scholars, various methods for solving the bandgap have emerged, 

including the Plane Wave Expansion method (PWE)[36-38] and the Transfer 

Matrix method (TM)[39-41], et al. For the simplified mechanical analysis of grid 

structures, this section presents the transfer equation for the vibration response 

of member units within the grid structure. Since the grid structure exhibits 

periodicity, its analysis can be effectively carried out by examining the 

smallest repeating unit, applying appropriate boundary conditions, and solving 

accordingly. This section focuses on the dynamic analysis of the grid 

structure’s member units. While members are typically idealized as axially 

loaded elements in conventional analyses, dynamic loading can excite a variety 

of vibration modes. As a result, members may display complex wave behavior 

beyond simple longitudinal compression and tension, including bending, 

torsional, and shear waves. Therefore, the member units are modeled as 

bending beam elements, as depicted in Fig. 4, with each unit characterized by 

two translational degrees of freedom and one rotational degree of freedom. 

 

 

Fig. 4 Analysis model of single rod vibration 

 

The input and output parameters of the rod cell vector in the smallest unit 

body of the grid structure in the local coordinate system are represented as 

follows: 
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𝑆1 = {𝑓1𝑥,𝑓1𝑦, 𝑀1𝑧 , 𝑢1𝑥 , 𝑢1𝑦, 𝜃1𝑧}                                   (1) 

 

𝑆2 = {𝑓2𝑥,𝑓2𝑦, 𝑀2𝑧 , 𝑢2𝑥 , 𝑢2𝑦, 𝜃2𝑧}                                   (2) 

 

Where 𝑓  is the external load of the rod, 𝑀  is the torque, 𝑢  is the 

displacement value of the vibration response, 𝜃 is the angular displacement 

value of the torsional response, the subscripts 𝑥 , 𝑦 , 𝑧  of each equation 

represent the axial, transverse and longitudinal directions of the coordinate 

system, respectively, and 1, 2 are the two end point marks.  𝑆1  and 𝑆2 
represent the state vectors at the two end points. 

The bending moment vibration equation is： 

 
𝜕𝑓𝑦

𝜕𝑥
+

𝜕𝑓𝑥

𝜕𝑅𝑚
= 𝜌ℎ𝑢̈𝑦                                              (3) 

 
𝜕𝑓𝑥

𝜕𝑥
+

𝜕𝑓𝑦

𝜕𝑅𝑚
= 𝜌ℎ𝑢̈𝑥                                              (4) 

 

Where 𝜌 for the material density, ℎ for the equivalent height of beam 

section, 𝑅𝑚 for the bending beam radius of curvature. 

For the bending vibration equation, 𝑓𝑥, 𝑓𝑦, 𝑀𝑧 can be solved using the 

equations from strength of materials. 

According to the bending theory in mechanics of materials, for a curved 

beam with a radius of curvature 𝑅𝑚: 

 

ℇ𝑥 = ℇ0 + 𝑦𝜅𝑧 = (
𝜕𝑢𝑥

𝜕𝑥
−

𝑢𝑦

𝑅𝑚
) + 𝑦𝜅𝑧                                (5) 

 

Taking into account the effect of curvature on the elongation of any fiber 

within the curved beam, the resulting force is given by: 

 

𝑓𝑥 = ∫
𝐴
𝜎𝑥𝑑𝐴 = 𝐸 ∫

ℇ𝑥 + 𝑦𝜅𝑧

1 +
𝑦

𝑅𝑚

ℎ𝑑𝑦

ℎ
2

−
ℎ
2

 

= 𝐸ℎ ∫
ℇ𝑥+𝑦𝜅𝑧

1+
𝑦

𝑅𝑚

𝑑𝑦
ℎ

2

−
ℎ

2

                                  (6) 

 

Since the rod is simplified as a curved beam, the axial strain distribution 

differs from the linear pattern observed in straight beams. Due to geometric 

nonlinear effects, the fiber length varies with the position 𝑌, and therefore a 

correction term 1 +
𝑦

𝑅𝑚
 is introduced. 

According to shear deformation theory, the shear strain is given by: 

 

𝛾𝑥𝑦 =
𝜕𝑢𝑦

𝜕𝑥
+

𝑢𝑥

𝑅𝑚
− 𝜃𝑧                                            (7) 

 

Shear deformation is not merely a simple geometric slope variation; it also 

involves a combined effect of curvature and rotation. Therefore, the shear force 

can be expressed as: 

 

𝑓𝑦 = 𝜅𝐺ℎ𝛾𝑥𝑦 = 𝜅𝐺ℎ (
𝜕𝑢𝑦

𝜕𝑥
+

𝑢𝑥

𝑅𝑚
− 𝜃𝑧)                               (8) 

 

The bending moment of the structure about the neutral axis 𝑧 is expressed 

as: 

 

𝑀𝑧 = ∫
𝐴
𝑦𝜎𝑥𝑑𝐴                                                (9) 

 

Assuming a linear strain distribution and still using Eq.(5) as the axial 

strain, we obtain: 

 

𝑀𝑧 = 𝐸 ∫ 𝑦 ((
𝜕𝑢𝑥

𝜕𝑥
−

𝑢𝑦

𝑅𝑚
) + 𝑦𝜅𝑧)𝑑𝑦

ℎ/2

−ℎ/2
                            (10) 

 

The symmetric integral of the first term is zero, yielding: 

 

𝑀𝑧 = 𝐸𝑍2 (
𝜕𝑢𝑥

𝜕𝑥
−

𝑢𝑦

𝑅𝑚
− 𝑅𝑚

𝜕𝜃𝑧

𝜕𝑥
)                                  (11) 

 

According to planar bending theory, 
𝜕𝑢𝑥

𝜕𝑥
−

𝑢𝑦

𝑅𝑚
− 𝑅𝑚

𝜕𝜃𝑧

𝜕𝑥
 represents the 

actual state of neutral bending and distortion under the applied loads. 

In Eq.(6), ℇ𝑥 =
𝜕𝑢𝑥

𝜕𝑥
−

𝑢𝑦

𝑅𝑚
, which is the longitudinal strain induced by 

longitudinal expansion combined with transverse bending, 𝜅𝑧 =
𝜕𝜃𝑧

𝜕𝑥
, which is 

the axial strain induced by torsion, and 𝑍2 = −𝑅𝑚ℎ𝑍∗, 𝑍∗ =
𝑅𝑚

ℎ
𝑙𝑛 (

ℎ

𝑅𝑚
+ 1) −

1, where 𝐺 is the shear stiffness and 𝜅 is the shear constant. The expressions 

for ℇx and 𝜅𝑧  are substituted into Eq.(6) for simplification to obtain the 

following equation: 

 

𝑓𝑥 = 𝐸ℎ (
𝜕𝑢𝑥

𝜕𝑥
−

𝑢𝑦

𝑅𝑚
) ∫

1

1+
𝑦

𝑅𝑚
ℎ

𝑑𝑦 + 𝐸ℎ
𝜕𝜃𝑧

𝜕𝑥
∫

𝑦

1+
𝑦

𝑅𝑚
ℎ

𝑑𝑦                   (12) 

 

The integral term in Eq.(12) can be simplified, and the equation is as 

follows: 

 

∫
1

1 +
𝑦

𝑅𝑚ℎ

𝑑𝑦 = 𝑅𝑚𝑙𝑛 (
ℎ

𝑅𝑚

+ 1) 

= 𝑅𝑚ℎ − 𝑅𝑚
2 𝑙𝑛 (

ℎ

𝑅𝑚
+ 1)                       (13) 

 

By substituting the simplified integral term into the original equation, the 

following expression is obtained: 

 

𝑓𝑥 = 𝐸ℎ𝑍1 (
𝜕𝑢𝑥

𝜕𝑥
−

𝑢𝑦

𝑅𝑚
) + 𝐸ℎ𝑍2

𝜕𝜃𝑧

𝜕𝑥
                                 (14) 

 

where 𝑍1 = ℎ(1 + 𝑍∗), and then by simultaneously solving Eqs.(3), (4), 

(6), (8), (11) and (14), we obtain the solution for the vector 𝑆 =

{𝑓𝑥,𝑓𝑦, 𝑀𝑧 , 𝑢𝑥 , 𝑢𝑦, 𝜃𝑧}, where differential matrix equation of each parameter is 

as follows: 

 

𝐵
𝜕𝑆

𝜕𝑥
= 𝐴𝑆                                                    (15) 

 

𝐴 =

[
 
 
 
 
 
 
 
 
 0

1

𝑅𝑚
0 −𝜌ℎ𝜔2 0 0

−
1

𝑅𝑚
0 0 0 −𝜌ℎ𝜔2 0

0 −1 0 0 0
−𝜌ℎ3𝜔2

12
1

𝐸ℎ𝑍1
0 0 0

1

𝑅𝑚
0

0
1

𝜅𝐺ℎ
0 −

1

𝑅𝑚
0 1

0 0 −
1

𝐸𝑍2𝑅𝑚
0 −

1

𝑅𝑚
2 0 ]

 
 
 
 
 
 
 
 
 

              (16) 

 

𝐵 =

[
 
 
 
 
 
 
1 0 0 0 0 0
0 1 0 0 0 0
0 0 1 0 0 0

0 0 0 1 0 −
𝑍2

𝑍1

0 0 0 0 1 0

0 0 0 0
1

𝑅𝑚
1 ]

 
 
 
 
 
 

                                   (17) 

 

where 𝜔 is the angular frequency. 

The structure model is solved under harmonic excitation, and the solution 

to the equation is:  

 

𝑆(𝑥) = 𝐵0𝑒
𝜆𝑥                                                (18) 

 

Substituting Eq.(18) into the matrix equation and solving, we 

obtain the following expression: 

 

[𝐵−1𝐴 − 𝜆𝐼]𝐵0 = 0                                            (19) 

 

Since the necessary and sufficient condition for a nonzero solution in 

matrix equations is that the determinant of the coefficient matrix must be zero, 

the following system of equations is obtained: 

 

𝑑𝑒𝑡[𝐵−1𝐴 − 𝜆𝐼] = 0                                           (20) 

 

Solving this matrix equation gives the characteristic root 𝜆𝑖: 
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𝑆(𝑥) = 𝐵0 (
𝑒𝜆1𝑥 ⋯ 0

⋮ ⋱ ⋮
0 ⋯ 𝑒𝜆𝑖𝑥

)𝐶                                  (21) 

 

where 𝐶 is the coefficient matrix associated with the loading conditions. 

Let the length of the smallest rod unit in the grid structure model be 𝑙. The 

vibration response from the left endpoint 1 to the right endpoint 2 is described 

by the transmission matrix equation: 

 

𝑆(𝑥2) = 𝑡(𝑙)𝑆(𝑥1)                                            (22) 

 

where 𝑡(𝑙) is expressed as follows: 

 

𝑡(𝑙) = 𝐵0 (
𝑒𝜆1𝐼 ⋯ 0
⋮ ⋱ ⋮
0 ⋯ 𝑒𝜆𝑖𝐼

)𝐵0
−1                                 (23) 

 

Eq.(22) describes the vibration transmission matrix relationship for a 

one-dimensional single-beam element. The next step is to extend this 

formulation to the grid structure. As shown in Fig. 5, the grid structure consists 

of multiple nodes and interconnected members, with each member unit 

featuring four input-output points at its ends. This configuration introduces 

greater complexity compared to a one-dimensional grid structure. For 

simplification, three degrees of freedom are considered at each point. 

 

 

Fig. 5 Vibration analysis model of the smallest unit of grid structure 

 

The relationship between the force and the vibration response is expressed 

as follows: 

 

{𝑓, 𝑔}𝑖 = {𝑓𝑥,𝑓𝑦, 𝑀𝑧 , 𝑢𝑥, 𝑢𝑦, 𝜃𝑧}𝑖

𝑇
                                   (24) 

 

where {𝑓}𝑖 represents the input force at the 𝑖-th interaction point of the 

selected subunit, and 𝑔 denotes the vibration velocity response. The vibration 

response transfer relationship between points 𝑖 and 𝑗 at the ends of a rod is 

expressed in matrix form as follows: 

 

{𝑓, 𝑔}𝑖 = 𝑇𝑖𝑗{𝑓, 𝑔}𝑗                                             (25) 

 

where 𝑖 and 𝑗 are from the set (1, 2, 3, 4). The transfer matrix is given 

as: 

 

𝑇𝑖𝑗 = [
𝑡11 𝑡12

𝑡21 𝑡22
]                                               (26) 

 

Using the finite element method, the admittance matrix relationship 

between points i and j for the grid beam element is obtained as: 

 

{{𝑔}𝑖 , {𝑔}𝑗}
𝑇

= 𝐻𝑖𝑗{{𝑓}𝑖 , {𝑓}𝑗}
𝑇
                                  (27) 

 

In Eq.(27), 𝐻 is the admittance matrix as follows: 

 

𝐻𝑖𝑗 = [
𝐻11 𝐻12

𝐻21 𝐻22
]                                             (28) 

 

In the above equation, 𝐻11 is the admittance matrix of point 𝑖, 𝐻22 is 

the admittance matrix of point 𝑗, 𝐻12 and 𝐻21 are the transfer admittance 

responses between points 𝑖 and 𝑗. From the admittance matrix equation, the 

transfer matrix from the input vibration response at point 𝑖 to the output 

vibration response at point 𝑗 is given by: 

 

𝑇𝑖𝑗 = [
−𝐻21

−1𝐻22 −𝐻21
−1

−𝐻12𝐻11𝐻21
−1𝐻22 𝐻11𝐻21

−1]                               (29) 

 

When applied to grid structures, each nodal point within the grid possesses 

three degrees of freedom, and interactions occur between the degrees of 

freedom of different connected members. Accordingly, Eq. (26) is modified to 

become: 

 

[𝑇] = [
𝑇3𝑚×3m 𝑇3𝑚×3n

𝑇3𝑛×3m 𝑇3𝑛×3n
]                                       (30) 

 

Since the grid structure is formed by periodic arrangement of the smallest 

unit cells, the transfer matrix for the grid structure can be derived as: 

 

[𝑇] = [𝑇]1[𝑇]2[𝑇]3 ⋯[𝑇]𝑘                                      (31) 

 

According to the theory of elastic dynamics, the elastic wave of simple 

harmonic vibration can be described by the following equation: 

 

∇ ∙ (𝐶(𝑟): ∇𝑢(𝑟)) + 𝜌(𝑟)𝜔2𝑢(𝑟) = 0                             (32) 

 

Where ∇= (𝜕 𝜕𝑥⁄ , 𝜕 𝜕𝑦⁄ , 𝜕 𝜕𝑧⁄ ) is the differential operator, ":" is the 

double dot product, 𝑢(𝑟)  is the displacement vector, 𝑟 = (𝑥, 𝑦, 𝑧)  is the 

position vector, 𝜌(𝑟) is the density of the material, and 𝐶(𝑟) is the elastic 

tensor of the material. 

In the low-frequency range or near the dominant band gap, the dynamic 

behavior of the structural unit cell is primarily governed by a finite number of 

degrees of freedom, represented by its effective mass and equivalent stiffness. 

Based on the previous derivations, the dynamic transfer matrix of the unit cell 

is obtained and applied to periodic boundary conditions to derive the 

dispersion relation. This low-order approximation, rigorously derived from the 

transfer matrix method, enables accurate prediction of the dynamic 

characteristics within the primary band gap. 

According to Bloch's theorem, the displacement field of a periodic 

structure can be expressed as: 

 

𝑢(𝑟) = 𝑒𝑖(𝑘∙𝑟)𝑢𝑘(𝑟)                                            (33) 

 

where 𝑖 = √(−1), 𝑢(𝑟) is the displacement field within a unit cell , 

which shares the same periodicity as the phononic crystal structure. The wave 

vector 𝐾 = (𝑘𝑥, 𝑘𝑦) is constrained to the first Brillouin zone. 

When the periodic boundary conditions are applied to the finite element 

eigenvalue equation for free vibration, it becomes: 

 

(𝐾 − 𝜔2𝑀)𝑈 = 0                                             (34) 

 

This generalized eigenvalue problem with respect to 𝜔2 is solved by 

traversing the wave vector 𝑘 within the irreducible Brillouin zone to obtain 

the dispersion relationship between the eigenfrequency 𝜔 and the wave vector 

𝑘, thus determining the band gap characteristics of the periodic grid structure. 

For the rod- sphere assembly, compared to the sphere, the rod has both 

relatively smaller mass and stiffness, it can be considered as a unit cell of a 

phononic crystal, which can be roughly simplified into a spring-mass-spring 

structure, as illustrated in the Fig. 6. 

 

Fig. 6 Spring-mass-spring model 

 

Then, the expression for the starting frequency of the band gap in the 

simplified model can be given as: 
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𝑓1 =
1

2𝜋
√

𝑘

𝑀
                                                   (35) 

 

where 𝑘 is the equivalent stiffness of the spring, and 𝑀 is the equivalent 

mass. 

The derivation of 𝑘  and 𝑀  is more complex than that for a 

two-dimensional phononic crystal unit cell or a metamaterial concrete unit cell. 

Eq.(35) is intended to reveal the general mechanism and trends of band gap 

formation rather than to provide precise quantitative predictions. 

3.  Vibration characteristic of periodic grid rod structures 

 

3.1. Verification of the presence of band gaps in periodic grid rod structures 

 

In order to verify the accuracy of the model in this paper, the calculation 

results in this paper are compared with the results in the literature[29]. The 

material parameters and geometric dimensions of the model used in the 

checking calculation are all from the literature[29]. The model in the text was 

constructed using COMSOL, as shown in Fig. 7.

 

 

Fig. 7 Truss model in the reference 

 

 

Fig. 8 Frequency-domain calculation results 

 

Fixed constraints are applied at the upper and lower ends on the left side 

of the structure. A force 𝐹 of 10 N is applied at point C, and point A is set as 

the receiving point. The displacement-frequency curve is obtained through 

frequency-domain analysis, as shown in Fig. 8. 

By comparing the stop-band region from the reference literature with the 

results in Fig. 8, it can be seen that the stop-band obtained from the COMSOL 

calculation is 585 Hz to 641 Hz, while the reference literature reports a range 

of 590 Hz to 646 Hz. The value obtained by the finite element calculation is 

very closed to that found in the literature, so it is thought that the finite 

calculation is suitable for the calculation of band gap in this paper. 

By intentionally altering the material properties of the rods within the grid 

structure, it is possible to induce distinct band gap characteristics in the system. 

In this study, a numerical model of the rod elements in a four-sided pyramid 

grid structure, as illustrated in Fig. 9, was developed using the commercial 

finite element software COMSOL Multiphysics. In the model, all rods have a 

uniform length of 4 meters, an outer radius of 0.066 meters, and a wall 

thickness of 0.006 meters. The spherical nodes possess an outer radius of 0.15 

meters and a wall thickness of 0.01 meters.

 

 

Fig. 9 Schematic diagram of material grouping of gird rod 

 

As shown in Fig. 9, the single-rod elements of the grid structure are 

divided into two groups, with the rod on the left named as rod A and the blue 

rod on the right named as rod B. The material for rod A is selected as steel, 

while the material for rod B is aluminum. The spherical nodes are all made of 

steel. The specific material parameters are provided in Table 1. 

 

Table 1  

Material parameters of grid rod unit 

Material Density（kg/m3） Elastic modulus(GPa) 

 

    

 (GPa) 

Poisson's ratio 

Steel 7800 200 0.3 

Aluminium 2700 70 0.3 

 

From the data in the table 1, it can be observed that the density and Elastic 

modulus of steel and aluminum differ significantly, resulting in considerable 

mass and stiffness differences between adjacent rods. This variation facilitates 

the development of band gap characteristics in the rod elements. 

Periodic boundary conditions are applied to both sides of the grid rod 

elements, restricting displacement along the x-axis. To verify the mesh 

sensitivity of the rod structure calculations, different mesh sizes were set and 

analyzed. In this study, a relatively fine mesh was used for the rod calculations, 

with a maximum element size of 0.44 m and a minimum element size of 0.032 

m. For the validation model, an ultra-fine mesh was applied, with a maximum 

element size of 0.337 m and a minimum element size of 0.0144 m. Both 

models were then computed separately for comparison. The model is 

automatically meshed using tetrahedral elements and subjected to a parametric 

scan for characteristic frequencies, with the first 20 characteristic frequencies 

obtained. The resulting characteristic frequency graph is shown in Fig. 10. 
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(a) The mesh size is relatively fine                        (b) The mesh size is ultra-fine 

Fig. 10 Grid structure rod unit band gap diagram 

 

As shown in Fig. 10, the calculation results of the model under the two 

mesh conditions are completely consistent. Therefore, under the mesh 

conditions used in this study, mesh sensitivity does not affect the model 

calculations, and the results obtained with this mesh configuration are accurate. 

From Fig. 10, it can be observed that the rod structure exhibits two band 

gaps. The first band gap starts at 230.45 Hz and ends at 252.29 Hz, with a 

width of 21.84 Hz; the second band gap starts at 300.65 Hz and ends at 321.50 

Hz, with a width of 20.85 Hz. This demonstrates that by artificially altering the 

materials of adjacent rods in the grid structure element, the four-sided pyramid 

grid structure can achieve its band gap characteristics. 

 

3.2. Analysis of the parameters affecting the band gap of gird structure rod 

units 

 

According to Eq.(35), the equivalent stiffness influences the value of the 

band gap. Based on the existing equivalent stiffness calculation equation [42], it 

is evident that the Elastic modulus of the rods, the cross-sectional dimensions, 

and the density of the spherical nodes play a crucial role in affecting the 

starting frequency of the band gap. 

To investigate the factors affecting the start frequency, end frequency, and 

the width of the band gap in grid rod units, an analysis is conducted by varying 

the material parameters and geometric dimensions to understand their impact 

on the band gap characteristics of the grid rod units. 

 

3.2.1. Difference in Elastic modulus of adjacent rod materials 

Without changing other material parameters and geometric dimensions, 

only the Elastic modulus of the B rod material is varied. The specific values for 

the Elastic modulus are provided in Table 2. 

 
Table 2  

Elastic modulus of group B 

 Elastic modulus（GPa） 

Condition 1 0.07 

Condition 2 0.7 

Condition 3 7 

Condition 4 70 

 

The band gap characteristics of the grid rod units under four operating 

conditions are obtained through calculations, as shown in Fig. 11. The first 

band gap under different operating conditions is selected for analysis, with its 

start frequency, end frequency, and width of band gap listed separately for 

analysis, as shown in Fig. 12. 

 

 

(a) The Elastic modulus of group B is 0.07GPa             (b) The Elastic modulus of group B is 0.7GPa 
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(c) The Elastic modulus of group B is 7GPa                (d) The Elastic modulus of group B is 70GPa 

Fig. 11 Effect of Elastic modulus of group B on the band gap diagram of grid rod unit 

 

 
(a) The maximum width band gap                                        (b) The 13th-order band gap 

Fig. 12 The variation of band gap diagram under different Elastic modulus conditions for Group B 

 

As shown in Fig. 11 and Fig. 12, when the Elastic modulus of the Group B 

material is 0.07GPa, four distinct band gaps are observed. The first band gap 

has a start frequency of 6.16 Hz, an end frequency of 9.40 Hz, and a width of 

3.24 Hz. The second band gap starts at 9.73 Hz and ends at 13.36 Hz, with a 

width of 3.63 Hz. The third band gap, which has the largest width at this 

modulus, ranges from 15.25 Hz to 21.27 Hz with a width of 6.02 Hz. The 

fourth band gap spans from 23.34 Hz to 26.71 Hz, with a width of 3.37 Hz. 

When the Elastic modulus is increased to 0.7GPa, four clear band gaps also 

appear. The first band gap starts at 19.42 Hz and ends at 26.10 Hz, with a width 

of 6.68 Hz. The second ranges from 35.56 Hz to 42.11 Hz (width 6.55 Hz), the 

third from 44.32 Hz to 47.43 Hz (width 3.11 Hz), and the fourth, which has the 

largest width at this modulus, extends from 49.51 Hz to 66.30 Hz with a width 

of 17.79 Hz. When the Elastic modulus is 7GPa, four band gaps are again 

evident. The first band gap, with the largest width at this modulus, ranges from 

61.35 Hz to 80.25 Hz, with a width of 18.90 Hz. The second band gap spans 

112.79–124.40 Hz (width 11.61 Hz), the third 139.44–144.20 Hz (width 

4.76 Hz), and the fourth 155.41–168.02 Hz (width 12.61 Hz). When the Elastic 

modulus is increased to 70GPa, only two prominent band gaps are observed. 

The first, which has the largest width across all cases, starts at 230.45 Hz and 

ends at 252.29 Hz, with a width of 21.84 Hz. The second ranges from 

300.96 Hz to 320.98 Hz with a width of 20.02 Hz. If all other material 

properties and geometric dimensions are held constant, increasing the elastic 

modulus of Group B raises the natural frequencies of the quadrangular pyramid 

grid structure. Analysis of the widest band gaps indicates that band gap width 

generally increases with the elastic modulus of Group B. Given the large 

number of band gaps present, only one representative band gap is selected for 

detailed analysis. 

 By comparing the band gap between the 13th and 14th characteristic 

frequencies under different conditions of Elastic modulus, it can be observed 

that when the Elastic modulus of the Group B rods increases, the equivalent 

stiffness also increases. Consequently, the start frequency, end frequency and 

the width of band gap for the grid rod unit both increase, however, when the 

Elastic modulus reaches 70GPa, the 13th-order band gap disappears. This is 

because as the Elastic modulus of the group B rods increases to 70GPa, the 

difference in equivalent stiffness between the rods and the spherical nodes 

decreases, making it difficult for band gaps to form in the low-frequency range. 

As the natural frequencies of the structure increase, the band gap regions 

gradually shift toward higher frequencies. For the low-frequency range, when 

the Elastic modulus of the Group B rods is 7GPa, the value falls within the 

peak band gap width region; however, for the high-frequency range, 70GPa 

has not yet reached the peak band gap width region. 

 

3.2.2. Difference in density of adjacent rod materials 

Assuming that other material parameters and geometric dimensions 

remain unchanged, if only the density of the group B material is varied, the 

specific density values can be found in Table 3. 

 
Table 3  

Density values for group B 

 Density（kg/m3） 

Condition 1 1000 

Condition 2 2700 

Condition 3 6000 

Condition 4 10000 

 

The band gap characteristics of the quadrangular cone grid structure under 

four different operating conditions were calculated and are displayed in Fig. 13. 

The band gap with the largest width under each condition was selected for 

analysis, with its start frequency, end frequency, and width of band gap 

presented separately for further examination, as shown in Fig. 14. 
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(a) The density of the group B is 1000 kg/m3                                 (b) The density of the group B is 2700 kg/m3 

 
(c) The density of the group B is 6000 kg/m3                                    (d) The density of the group B is 10000 kg/m3 

Fig. 13 Effect of material density of group B on the band gap diagram of grid rod unit 

 
(a) The maximum width band gap                                         (b) The 16th-order band gap 

Fig. 14 The variation of band gap diagram under different density conditions for Group B 

 

As illustrated in Fig. 13 and Fig. 14, when the density of the Group B 

material is 1000 kg/m³, three distinct band gaps are observed. The first band 

gap begins at 213.67 Hz and ends at 225.38 Hz, with a width of 11.71 Hz. The 

second band gap spans from 273.70 Hz to 314.64 Hz, with a width of 40.94 Hz. 

The third band gap, which has the largest width at this density, extends from 

360.10 Hz to 402.89 Hz, with a width of 42.79 Hz. When the density of the 

Group B material increases to 2700 kg/m³, two clear band gaps emerge. The 

first band gap, with the largest width, ranges from 230.45 Hz to 252.29 Hz 

(width 21.84 Hz), and the second spans from 300.96 Hz to 320.98 Hz (width 

20.02 Hz). At a density of 6000 kg/m³, two band gaps are also identified. The 

first starts at 196.10 Hz and ends at 203.81 Hz, with a width of 7.71 Hz. The 

second, having the larger width, extends from 248.75 Hz to 267.40 Hz, 

yielding a band gap width of 18.65 Hz. When the density is further increased to 

10,000 kg/m³, only a single band gap is present, ranging from 222.75 Hz to 

228.86 Hz, with a width of 6.11 Hz. If other material parameters and geometric 

dimensions remain constant, increasing the density of the Group B material 

results in a decrease in the self-oscillation frequency of the quadrangular cone 

grid structure. Moreover, The maximum band gap width initially decreases, 

then increases, and decreases again with the increase of the density of the 

Group B rods. This behavior occurs because, as the density of the Group B 

rods increases, the rate at which the low-frequency band gap width decreases 

first slows down and then accelerates, while the high-frequency band gap 

width decrease rate initially accelerates and then slows down. Therefore, at a 

density of 2700 kg/m³, the low-frequency band gap width surpasses that of the 

high-frequency band gap region. However, as the density continues to increase, 

the rate of decrease of the low-frequency band gap width rapidly grows, and 

the high-frequency band gap width decrease rate diminishes. At a density of 

10000 kg/m³, the low-frequency band gap disappears entirely, leaving only the 

high-frequency band gap present. 

By comparing the band gap between the 16th and 17th characteristic 
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frequencies under different density conditions, it can be observed that as the 

density of the Group B rods increases, the mass of the rods also increases. 

Consequently, the start frequency and end frequency of the band gap for the 

grid rod unit decrease, resulting in a reduction in the width of band gap, until 

the density reaches 10,000 kg/m³, the 16th-order band gap in the 

low-frequency range no longer exists. As the density of the rods increases, the 

density of the Group B rods gradually approaches that of the adjacent rods, 

reducing the acoustic impedance contrast between neighboring materials. This 

leads to a decrease in the interface reflection coefficient and an increase in the 

transmissibility between rods, thereby disrupting the periodic impedance 

contrast necessary for band gap formation and resulting in the inability to form 

band gaps. 

 

3.2.3. Difference in inner radius of group B rods 

Without changing other material parameters and geometric dimensions, 

only the density of the Group B material is changed and the specific density 

values are taken from Table 4. 

Table 4  

Inner radius of group B  

 Inner radius（m） 

Condition 1 0.051 

Condition 2 0.054 

Condition 3 0.057 

Condition 4 0.060 

 

The band gap characteristics of the grid rods under four conditions have 

been calculated and are illustrated in Fig. 15. A band gap with the maximum 

width under various operating conditions has been selected for analysis, with 

its start frequency, end frequency, and width of band gap separately listed for 

examination, as shown in Fig. 16. 

 

 
(a) The inner radius of the rod is 0.051 m                 (b) The inner radius of the rod is 0.054 m 

 
(c) The inner radius of the rod is 0.057 m                 (d) The inner radius of the rod is 0.06 m 

Fig. 15 Effect of material density of group B on the band gap diagram of grid rod unit 

 
(a) The maximum width band gap                          (b) The 19th-order band gap 

Fig. 16 The variation of band gap diagram under different inner radius conditions for Group B 
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As shown in Fig. 15 and Fig. 16, when the inner radius of the Group B rod 

is 0.051 m, a pronounced band gap is observed, with a start frequency of 

290.10 Hz, an end frequency of 309.56 Hz, and a band gap width of 19.46 Hz. 

When the inner radius is increased to 0.054 m, a similarly clear band gap 

appears, starting at 294.00 Hz and ending at 313.64 Hz, with a width of 

19.64 Hz. When the inner radius reaches 0.057 m, two distinct band gaps are 

present. The first band gap occurs in the lower frequency range, starting at 

231.15 Hz and ending at 246.86 Hz, with a width of 15.71 Hz. The second 

band gap spans from 297.34 Hz to 317.26 Hz, with a width of 19.92 Hz. When 

the inner radius is further increased to 0.06 m, two clear band gaps are again 

observed. The first band gap has the largest width, starting at 230.45 Hz and 

ending at 252.29 Hz, with a width of 21.84 Hz. The second band gap begins at 

300.96 Hz and ends at 320.98 Hz, with a width of 20.02 Hz. If other material 

parameters and geometric dimensions remain unchanged, by analyzing the 

largest width of band gap, it can be concluded that the largest width of band 

gap increases as the inner radius of the Group B rods increases. By comparing 

the band gap between the 19th and 20th frequencies under different inner 

radius conditions, it can be seen that as the inner radius increases, both the start 

frequency, end frequency and width of the band gap increase. As the inner 

radius gradually increases, high-frequency band gaps gradually decreases. 

However, the band gap in the low-frequency range appears and gradually 

widens. This is because as the inner radius of the hollow rods increases, the 

wall thickness decreases and stiffness reduces. Consequently, the ratio of the 

bending or longitudinal wave wavelength to the unit cell scale increases, 

weakening localization effects in the high-frequency range. As a result, 

high-frequency short waves tend to propagate as nearly continuous waves at 

the unit cell scale, making it difficult to form high-frequency band gaps. 

 

3.3. Multifactor Analysis 

 

In order to compare the changes in the band gap characteristics of the grid 

structure rod elements under multiple parameter conditions, the three 

parameter conditions are calculated for analysis, and the largest width of band 

gap is selected for further analysis. Table 5 provides a detailed listing of the 

values for each parameter and their corresponding band gap values.

 

Table 5  

Parameter combinations and their corresponding band gap values 

Elastic modulus(GPa) Inner radius(m) Density(kg/m3) Start frequency(Hz) End frequency(Hz) Width of band gap(Hz) 

0.07 

0.051 1000 23.40 32.00 8.60 

0.051 2700 14.50 20.20 5.70 

0.051 6000 10.20 13.75 3.55 

0.051 10000 8.35 10.78 2.43 

0.054 1000 23.90 32.20 8.30 

0.054 2700 14.75 20.57 5.82 

0.054 6000 10.22 13.95 3.73 

0.054 10000 8.26 10.94 2.68 

0.057 1000 24.20 32.30 8.10 

0.057 2700 15.00 20.90 5.90 

0.057 6000 10.30 14.20 3.90 

0.057 10000 8.20 11.10 2.90 

0.06 1000 24.60 32.40 7.80 

0.06 2700 15.25 21.27 6.02 

0.06 6000 10.43 14.48 4.05 

0.06 10000 8.25 11.25 3.00 

0.7 

0.051 1000 74.80 94.80 20.00 

0.051 2700 48.83 64.00 15.17 

0.051 6000 37.90 44.28 6.38 

0.051 10000 32.80 35.08 2.28 

0.054 1000 76.00 95.50 19.50 

0.054 2700 49.20 65.12 15.92 

0.054 6000 38.90 44.85 5.95 

0.054 10000 19.04 21.70 2.66 

0.057 1000 77.00 95.70 18.70 

0.057 2700 49.38 66.30 16.92 

0.057 6000 37.62 45.60 7.98 

0.057 10000 18.58 21.92 3.34 

0.06 1000 78.20 96.10 17.90 

0.06 2700 49.51 66.30 17.79 

0.06 6000 36.83 45.60 8.77 

0.06 10000 17.71 21.92 4.21 

7 

0.051 1000 151.90 185.15 33.25 

0.051 2700 151.50 174.90 23.40 

0.051 6000 117.00 133.27 16.27 

0.051 10000 60.75 66.90 6.15 

0.054 1000 153.80 187.80 34.00 
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Elastic modulus(GPa) Inner radius(m) Density(kg/m3) Start frequency(Hz) End frequency(Hz) Width of band gap(Hz) 

0.054 2700 153.15 178.10 24.95 

0.054 6000 117.80 135.80 18.00 

0.054 10000 59.90 66.87 6.97 

0.057 1000 108.90 143.46 34.56 

0.057 2700 154.45 181.10 26.65 

0.057 6000 118.00 137.70 19.70 

0.057 10000 58.50 66.83 8.33 

0.06 1000 106.50 146.72 40.22 

0.06 2700 61.35 80.25 18.90 

0.06 6000 68.75 83.50 14.75 

0.06 10000 56.82 66.78 9.96 

70 

0.051 1000 266.50 304.20 37.70 

0.051 2700 290.10 309.56 19.46 

0.051 6000 241.63 252.80 11.17 

0.051 10000 0.00 0.00 0.00 

0.054 1000 269.00 309.00 40.00 

0.054 2700 294.00 313.64 19.64 

0.054 6000 245.12 257.63 12.51 

0.054 10000 217.50 221.90 4.40 

0.057 1000 271.35 313.17 41.82 

0.057 2700 297.34 317.26 19.92 

0.057 6000 247.50 262.80 15.30 

0.057 10000 220.78 225.50 4.72 

0.06 1000 360.10 402.89 42.79 

0.06 2700 230.45 252.29 21.84 

0.06 6000 248.75 267.40 18.65 

0.06 10000 222.75 228.86 6.11  
 

 

Fig. 17 3D scatter plot of the maximum band gap width under the combined effects of 

three factors 

 

Based on Table 5 and Fig. 17, for the same density and inner radius 

conditions, the maximum band gap width increases with the Elastic modulus of 

the Group B rods. Under high-density and large inner radius conditions, the 

band gap width is relatively low because the impedance difference between 

rods decreases, weakening interface scattering effects. A smaller inner radius 

leads to reduced rod stiffness, which suppresses the formation of 

high-frequency band gaps. When the Elastic modulus is 0.07GPa or 0.7GPa, 

for the same Elastic modulus and density, the maximum band gap width 

decreases as the inner radius of the Group B rods increases. However, when 

the elastic modulus is 7GPa or 70GPa, under the same Elastic modulus and 

density, the maximum band gap width increases with increasing inner radius. 

When both Elastic modulus and density increase simultaneously, the 

equivalent stiffness difference between rods decreases, and the acoustic 

impedance contrast reduces, making it difficult to form wide band gaps. For 

the same Elastic modulus and inner radius, the maximum band gap width 

decreases as the density of the Group B rods increases. As the rod inner radius 

increases, wall thickness decreases and stiffness reduces, while the ratio of 

bending or longitudinal wave wavelength to unit cell scale increases. 

Additionally, the stiffness difference between adjacent rods diminishes, 

weakening localization effects in the high-frequency range. Consequently, 

high-frequency short waves tend to propagate as nearly continuous waves at 

the unit cell scale, hindering the formation of high-frequency band gaps. 

Among the four selected values for each factor, the Elastic modulus 

undoubtedly has the greatest and most direct influence because it directly 

affects the equivalent stiffness of the structure. Considering that the Elastic 

modulus values span orders of magnitude, its impact on band gap values is 

greater than that of density, which also increases by an order of magnitude. 

Therefore, the effect of Elastic modulus is more significant than that of density. 

Compared to the rod inner radius, since the rod volume is proportional to the 

square of the rod radius, an equivalent numerical change in inner radius has the 

largest impact on band gap values. However, the range of inner radius variation 

studied here is very small (on the order of 10−3m), and in practical engineering 

applications, changing the Elastic modulus through material selection is much 

easier than drastically altering structural dimensions. Thus, under the 

conditions studied in this paper, the Elastic modulus has the greatest influence 

on the structural band gap values, followed by density, with inner radius 

having the least impact. 

 
4.  Attenuation effects of periodic grid structures on shock waves 

 

In order to study the damping effect of the periodic grid structure on 

vibration loads, the band gap range of the grid structure is determined through 

simulation calculations. The self-oscillation characteristics and damping effects 

on shock waves are investigated by applying shocks with different initial 

frequencies. Specifically, the self-oscillation characteristics of the grid 

structure and its attenuation effect on the shock wave are examined. 
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To illustrate the damping effect of the periodic grid structure on the shock 

wave, the periodic grid structure model shown in Fig. 18 is created by 

COMSOL Multiphysics software. The model consists of three rod units 

arranged in a linear direction. To eliminate the influence of boundary effects, a 

fixed constraint is applied at the rightmost side of the grid structure. An initial 

excitation is applied to the left side of the model, while a receiver is placed on 

the right side of the model, as shown in Fig. 18. A total of three conditions are 

set up for the simulation. In all conditions, the material of the ball nodes is 

steel. In Condition 1, all rod materials are selected as steel; in Condition 2, all 

rod materials are selected as aluminium; and in Condition 3, the rod materials 

are selected according to the material grouping shown in Fig. 9. All material 

parameters are chosen based on the data provided in Table 1. 

A frequency excitation of 240 Hz and 150 Hz was applied separately to the 

rod structure, with both excitation durations set to 1 second. The chosen 

excitation frequency of 240 Hz lies within this band gap range (230.45–

252.29 Hz), where the structure is expected to suppress the propagation of 

vibrational waves. In theory, as long as the selected excitation frequency falls 

within this band gap range, the hybrid rod is expected to provide better 

attenuation of vibrational wave propagation compared to pure steel and pure 

aluminum rods. However, in practical engineering and experimental settings, 

manufacturing tolerances, assembly inaccuracies, and measurement errors can 

cause discrepancies between the actual band gap range and the simulation 

results. To facilitate future experimental validation and comparison, it is 

advisable in simulations to choose an excitation frequency near the midpoint of 

the band gap range. Therefore, 240 Hz was selected. The expressions are as 

follows: 

 

𝐷1 = 0.001 𝑠𝑖𝑛(2𝜋 × 240𝑡)                                     (36) 

 

𝐷2 = 0.001 𝑠𝑖𝑛(2𝜋 × 150𝑡)                                     (37)

 

 

 
(a) Three-dimensional model 

 
(b) Two-dimensional diagram 

Fig. 18 Schematic diagram of grid structure calculation 

 

 

(a)Steel grid structure rods                                         (b)Aluminium grid structure rods 

 

(c)Steel and aluminium hybrid grid structure rods 

Fig. 19 Displacement-Time curve of grid rods under 𝐷1 

 

First, the lattice rod structure was subjected to the 𝐷1 excitation, and the 

displacement time-history curves under different material components were 

obtained, as shown in Fig. 19. The displacement time histories for the three 

conditions obtained by transient analysis are shown in Fig. 20. For the steel 
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grid structure, the peak displacement at the measurement point is 0.0148mm; 

for the aluminum grid structure, the peak displacement at the measurement 

point is 0.1526mm; for the steel-aluminum hybrid grid structure, the peak 

displacement is 0.0085mm. Using the peak displacement of the 

steel-aluminum hybrid lattice rod as the reference, the peak displacement of 

the pure steel lattice rod is 174.12% of the reference value, while that of the 

pure aluminum lattice rod is 1795.29% of the reference value, which proves 

that the steel-aluminium grid structure rods have better shock wave attenuation 

than the traditional steel structure grid structure rods. 

By applying the Fast Fourier Transform (FFT), the displacement 

time-history curve in Fig. 19(c) was converted into the displacement 

frequency-domain curve, yielding displacement responses at different 

frequencies. Using the Eq.(38), the transmission loss at each frequency was 

then calculated. 

 

𝜂 = 20𝑙𝑔(
𝜇𝑜𝑢𝑡

𝜇𝑖𝑛
⁄ )                                           (38) 

 

where 𝜇𝑜𝑢𝑡 refers to the response at the receiving, and 𝜇𝑖𝑛 refers to the 

response at the input end. 

The calculation results are shown in Fig. 20. As observed from the figure, 

the transmission curve exhibits significant attenuation within the band gap 

region of the rod unit, reaching a minimum value of -15.10 dB. This 

demonstrates that the structure has an effective attenuation capability when 

subjected to external impacts within the band gap frequency range. 

 

Fig. 20 Transmission loss of the lattice rod structure 

 

For comparison, an 𝐷2 excitation was applied to the lattice rod structure, 

and the displacement time-history curves for different material components 

were obtained, as shown in Fig. 21. 

 

 

(a) Steel grid structure rods                            (b) Aluminium grid structure rods 

 

(c) Steel and aluminium hybrid grid structure rods 

Fig. 21 Displacement-Time curve of grid rods under 𝐷2 

 

The displacement time histories for the three conditions obtained by 

transient analysis are shown in Fig. 21. For the steel grid structure, the peak 

displacement at the measurement point is 0.0112mm; for the aluminum grid 

structure, the peak displacement at the measurement point is 0.0135mm; for 

the steel-aluminum hybrid grid structure, the peak displacement is 0.1141mm. 

Using the peak displacement of the steel-aluminum hybrid lattice rod as the 

reference, the peak displacement of the pure steel lattice rod is 9.82% of the 

reference value, and that of the pure aluminum lattice rod is 11.83%. This 

indicates that when subjected to impacts at frequencies outside the band gap 

range, the steel-aluminum hybrid rod structure no longer exhibits attenuation. 

On the contrary, due to its unique material composition, the steel-aluminum 

hybrid lattice shows poorer attenuation performance against external impacts 
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compared to the traditional all-steel lattice. 

Compared to hybrid rods, steel–aluminum hybrid rods exhibit superior 

impact wave attenuation not only due to the band gap effect, which filters 

specific frequency components, but also because the acoustic impedance 

mismatch at material interfaces leads to multiple wave scatterings and partial 

reflections. In an ideal periodic structure, conceived as an infinite repetition of 

unit cells, the cumulative effect of interface scattering gives rise to the 

formation of band gaps. However, in practical scenarios, the size of a periodic 

structure is finite. The actual attenuation effect arises from the combined action 

of energy suppression within the band gap frequency range and multiple 

interface scatterings outside the band gap range. The band gap effect and wave 

scattering are interrelated and jointly operative mechanisms: interface 

scattering is the physical basis for band gap formation, while in finite 

structures it also independently contributes to broadband impact energy 

dissipation. 

Although steel–aluminum hybrid rods can effectively suppress impact 

waves and vibrations through band gap effects and impedance scattering, 

several challenges exist in practical engineering applications. First, due to the 

significant difference in thermal expansion coefficients between steel and 

aluminum, the interface is prone to residual stresses and potential cracking 

under thermal cycling, requiring specialized joining techniques to ensure 

interface integrity. Second, the formation of galvanic couples between the two 

metals can lead to electrochemical corrosion in humid or saline environments, 

necessitating effective isolation coatings or cathodic protection measures, 

which increase manufacturing and maintenance costs. Additionally, achieving 

standardized and modular structural designs is more complex. 

In order to further understand the attenuation mechanism, A frequency 

sweep analysis was conducted on the structure shown in Fig. 18 under the 

following conditions: an initial prescribed displacement of 10-6 m was applied 

to the leftmost end of the structure, a receiving surface was positioned at the 

rightmost end, and low-reflection boundary conditions were imposed on both 

the left and right ends. The frequency sweep spanned from 10Hz to 

300Hz with a 1Hz interval. In Condition 1, all rod materials are selected as 

steel; in Condition 2, all rod materials are selected as aluminium; and in 

Condition 3, the rod materials are selected according to the material grouping 

shown in Fig. 9. All material parameters are chosen based on the data provided 

in Table 1. 

 

 
(a) Steel grid structure rods                                      (b) Aluminium grid structure rods 

 
(c) Steel and aluminium hybrid grid structure rods 

Fig. 22 Frequency-Displacement curve of grid rods 

 

Fig. 22 shows that for the steel grid and aluminum grid structures, the 

displacement at the measurement point exhibits no significant attenuation 

across the 10Hz–300Hz frequency range. However, for the steel-aluminum 

hybrid grid structure, a prescribed displacement attenuation is observed within 

the frequency range of 225.53Hz to 253.74Hz, where the displacement 

decreases from 0.56mm to 0.003mm. As shown in Fig. 9, the band gap of the 

steel-aluminum hybrid single-bar structure spans 230.45Hz to 252.29Hz, 

which lies entirely within the displacement attenuation frequency range. This 

confirms that the steel-aluminum hybrid grid structure exhibits significant 

attenuation for waves within the band gap frequency range. Furthermore, this 

result demonstrates that the band gap characteristics of the single-bar structure 

play a critical role in suppressing vibrations across the entire grid structure. 

 

5.  Conclusion 

 

In order to study the vibration reduction and isolation effects of periodic 

grid structures, this paper analyzes the band gap characteristics of the grid rod 

units and their shock wave attenuation effects, and draws the following 

conclusions: 

(1) The grid structure is a typical periodic structure, and the analysis 

methods for periodic structures can be applied to the grid structure. The grid 

rod unit can be roughly simplified into a spring-mass spring mechanical model, 

and its band gap calculation equation can reflect the variation of parameters. 

By intentionally modifying the grid structure, its band gap characteristics can 

be achieved. 

(2) Rods with low Elastic modulus can form low-frequency band gaps, but 

the width of band gap is narrow, with the increase of the Elastic modulus of the 

group B, the start frequency, end frequency, and width of the 13th-order band 

gap and the largest width band gap all increase, however, when the Elastic 

modulus reaches 70GPa, the 13th-order band gap disappears, meaning the 

low-frequency band gap vanishes, while the high-frequency band gap width 

continues to increase. Rods with lower density can form wider band gaps, with 
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the increase of the density of the group B, the largest width of band gap 

gradually decreases, The starting frequency, end frequency, and bandwidth of 

the 16th-order band gap all decrease, and the 16th-order band gap disappears 

when the density reaches 10,000 kg/m³. As the inner radius of the group B 

increases, the starting frequency, end frequency, and bandwidth of the 

19th-order band gap all increase. When the inner radius of the group B reaches 

0.057 m, a low-frequency band gap appears, and its bandwidth continues to 

increase with the inner radius. 

(3) Compared to steel grid structure rods and aluminium grid structure 

rods, the steel-aluminium hybrid grid structure rods exhibit stronger 

attenuation effects on shock waves, the band gap characteristics of the 

single-bar structure play a critical role in suppressing vibrations across the 

entire grid structure. 

(4) Compared to traditional dampers, the hybrid rod solution offers 

inherent broadband vibration suppression potential within the structure itself, 

without relying on external power or maintenance, providing better life cycle 

cost advantages in enclosed and temperature controlled environments. 

However, under conditions of high corrosion or significant temperature 

variations, conventional viscous or friction dampers, due to their mature 

manufacturing processes, simple maintenance, and flexible design, may be 

more competitive in terms of cost and reliability. Therefore, the design and 

application of steel and aluminum hybrid rods require a comprehensive life 

cycle cost benefit analysis tailored to specific operating conditions. 
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Appendix 

 

𝑆1：State vector at endpoint 1; 

𝑆2：State vector at endpoint 2; 

𝑓: the external load of the rod; 

𝑀: the torque; 

𝑢: the displacement value of the vibration response; 

𝜃: the angular displacement value of the torsional response; 

𝜌: the material density; 

ℎ: the equivalent height of beam section; 

𝑅𝑚: the bending beam radius of curvature; 

𝐺: the shear stiffness; 

𝜅: the shear constant; 

𝜔: angular frequency; 

𝐶: the coefficient matrix associated with the loading conditions; 

{𝑓}𝑖: the input force at the 𝑖-th interaction point of the selected subunit; 

𝑔: the vibration velocity response; 

𝐻: the admittance matrix; 

∇: the differential operator; 

𝑢(𝑟): the displacement vector; 

𝑟 = (𝑥, 𝑦, 𝑧): the position vector;  

𝜌(𝑟): the density of the material; 

𝐶(𝑟): the elastic tensor of the material; 

𝑢1(𝑟): the displacement field within a unit cell; 

𝐾: the wave vector; 

𝑘: the equivalent stiffness of the spring; 

𝑀1: the equivalent mass; 

𝜇𝑖𝑛: input response; 

𝜇𝑜𝑢𝑡: output response. 

 

Reference 

 
[1] Li H W. Planning and Design of Urban Disaster Earthquake Shelters and Disaster Relief 

Strongholds[M]. China Architecture and Building Press, 2013. 

[2] Ding B D, Lv H L, Li X, et al. Tests for dynamical progressive collapse of a grid structure 

based on key member failure[J]. Journal of Vibration and Shock. 2015, 34(23):106-114. 

[3] Adam J M, Parisi F, Sagaseta J, et al. Research and practice on progressive collapse and 

robustness of building structures in the 21st century[J]. Engineering Structures, 2018, 

173(OCT.15):122-149. 

[4] Xue H, Wang H, Liu X G. Effects of supporting-substructure lateral stiffness on the internal 

forces of grid structures[J]. Journal of Constructional Steel Research, 2025, volume 224, 

part A, 109155. 

[5] Lord rayleigh, On the maintenance of vibrations by forces of double frequency and on the 

propagation of waves through a medium endowed with a periodic structure, Philosophical 

Magazine XXIV, 1887, 145-159. 

[6] Floquet G. Sur les équations différentielles linéaires à coefficients périodiques[J]. Annales 

Scientifiques de I'Éolecole Normale Supérieure, 1883, 12: 47-88. 

[7] Bloch F. Über die quantenmechanik der electronen in kristallgittern[J]. Zeitschrift Für 

Physik AHadrons & Nuclei, 1929, 52:555-600. 

[8] Mead D M. Wave propagation in continuous periodic structures: research contributions from 

Southampton[J]. Journal of Sound and Vibration, 1996, 190(3):495-524. 

[9] Zhu X, Li T Y, Zhao Y. Vibration energy flow characteristics and damage identification of 

crack damaged structures[M], Huazhong University of Science and Technology Press, 2017. 

[10] Zhao X Z, Yan S, Chen Y Y. Comparison of progressive collapse resistance of single-layer 

latticed domes under different loadings[J]. Journal of Constructional Steel Research, 2017, 

129(Complete):204-214. 

[11] Sigalas M M, Economou E N. Elastic and Acoustic wave band structure[J]. Journal of Sound 

and Vibration, 1992, 158(2):377-382. 

[12] Wang D Z, Zhi X D, Fan F, et al. The energy-based failure mechanism of reticulated domes 

subjected to impact[J]. Thin Walled Structures, 2017, 119:356-370. 

[13] Lin L. Refined study on impact response and failure of reticulated shells[D]. Harbin Institute 

of Technology, 2015. 

[14] Brun M, Movchan A B, Jones I S. Phononic band gap systems in structural mechanics: finite 

slender elastic structures and infinite periodic waveguides [J].Journal of Vibration and 

Acoustics, 2013, 135(4):041013.1-041013.9.6. 

[15] Gao M, Kong X L, Zhao L Z, et al. Study on band gap characteristics of periodic structural 

wave impeding block[J]. China Civil Engineering Journal, 2022:11. 

[16] Xiong Y H, Li F M. Optimization of Band-gap Characteristics of Hierarchical Periodic 

Beam[J]. Chinese Journal of Solid Mechanics, 2021, 42 (06)：634-641. 

[17] MUHAMMAD, LIM C W, YAW Z, et al. Periodic and a-periodic 3-D composite 

metastructures with ultrawideband gap for vibration and noise control[J]．Composite 

structures, 2022, 287: 115324． 

[18] Liu Y, An X Y, Chen H L, et al. Vibration attenuation of finite-size meta-concrete: 

Mechanism, prediction and verification[J]. Composites Part A: Applied Science and 

Manufacturing, 2021, Volume 143,106294. 

[19] Zhang E, Lu G Y, Yang H W et al. Band gap characteristics of metamaterial concrete and its 

attenuation effect on shock wave[J]. Explosion and Shock. 2020,40(6):66-74.  

[20] Han J, Lu G Y. A study of undamped free vibration characteristics on a metaconcrete unit 

cell[J]. Vibration and Shock, 2021, 40(08), 173-178+215. 

[21] Xu C, Chen W S, Hao H. The influence of design parameters of engineered aggregate in 

metaconcrete on band gap region[J]. Journal of the Mechanics and Physics of Solids, 2020, 

139:103929. 

[22] Akintoye O. Oyelade *, Yetunde. O. Abiodun , Mufutau O. Sadiq. Dynamic behaviour of 

concrete containing aggregate resonant frequency[J]. JCAMECH, 2018.269048.339. 

[23] Feng L, Liu X P, Lu M H, et al. Refraction control of acoustic waves in a square-rod 

constructed tunable sonic crystal[J]. Physical Review B, 2006, 73(19):193101. 

[24] Shen H J. Control of Sound and Vibration for Seawater Pipe System Based on Phononic 

Ctrystal Theory [D]. National University of Defense Technology, 2015. 

[25] Zhao X Z, Yan S. Mechanisms of Continuous Collapse of Space Structures and Design 

Countermeasures[M]. China Architecture and Building Press, 2018. 

[26] Wen X S, Wen J H, Yu D L, et al. Phononic Crystals[M]. National Defense Industry Press, 

2008. 

[27] Wen J H, Yu D L, Zhao H G, et al. Elastic wave propagation in artificial periodic structures: 

vibrational and acoustic properties [M]. China Science Publishing & media Ltd., 2016. 

[28] An X Y, Lai C L, He W P, et al. Three-dimensional meta-truss lattice composite structures 

with vibration isolation performance[J]. Extreme Mechanics Letters, 2019, 33. 

[29] ZUO S L, LI F M, ZHANG C Z. Numerical and experimental investigations on the vibration 

band-gap properties of periodic rigid frame structures[J]. Acta mechanica, 2016, 227(6): 

1653-1669． 

[30] Meruane V, Puiggros I, Fernandez R, et al. Efficient design of sandwich panels with cellular 

truss cores and large phononic band gaps using surrogate modeling and global 

optimization[J]. Frontiers in Mechanical Engineering, 2024, volume 10. 

[31] Quinteros L, Meruane V, Cardoso E L. Phononic band gap optimization in truss-like cellular 

structures using smooth P-norm approximations[J]. Structural and Multidisciplinary 

Optimization, 2021, volume 64, pages 113-124. 

[32] Brun M, Movchan A B, Jones I S. Phononic band gap systems in structural mechanics: finite 

slender elastic structures and infinite periodic waveguides[J]. Journal of Vibration and 

Acoustics, 2013, 135(4):041013.1-041013.9. 

[33] Michele B, Felice G G, Movchan A B, et al. Transition Wave in the Collapse of the San Saba 

Bridge[J]. Frontiers in Materials, 2014, 1. 

[34] Meng Q J, Shi Z F. Ambient vibration attenuation by periodic pile barriers using periodic 

theory and COMSOL PDE method [J]. Rock and Soil Mechanics, 2018, 39(11):343-352. 

[35] Cherepanov G P. Mechanics of the WTC collapse[J]. International Journal of Fracture, 2006, 

141(1-2):287-289. 

[36] Dal Poggetto V F, Serpa A L. Flexural wave band gaps in a ternary periodic metamaterial 

plate using the plane wave expansion method[J]. Journal of Sound and Vibration, 2021, 495.  

[37] V. F D P, Alberto L S. Elastic wave band gaps in a three-dimensional periodic metamaterial 

using the plane wave expansion method[J]. International Journal of Mechanical Sciences, 

2020, 184.  

[38] Hong X, Guo W J, Dai C X. Effect of Hysteresis Damping on Vertical Vibration Band Gap 

Characteristics of Periodic Track Structure[J]. Journal of East China Jiaotong University, 

2023, 40(01):82-91.  

[39] S. K A. Multichannel tunable polarizing filter properties of one-dimensional ternary 

photonic crystal containing single-negative materials[J]. Indian Journal of Physics, 2021: 

1-11.  

[40] Shahsavari H, Talebitooti R, Kornokar M. Analysis of wave propagation through 

functionally graded porous cylindrical structures considering the transfer matrix method[J]. 

Thin-Walled Structures, 2021, 159.  

[41] Threetanya P, Puttharaksa C, Plaipichit S, et al. Recursive transfer-matrix method for 

second-harmonic generation in a one-dimensional nonlinear photonic crystal at arbitrary 

incidence angle[J]. Journal of Physics: Conference Series, 2021, 1719(1). 

[42] Zhao H X, Zhang E, Lu G Y. Study on the equivalent stiffness of a local resonance 

metamaterial concrete unit cell[J]. Buildings, 2024, (14):1035. 

 



 

 

Advanced Steel Construction – Vol. 22 No. 2 (2026) 237–243  
DOI:10.18057/IJASC.2026.22.2.9 

237 

 
 

EXPERIMENTAL STUDY ON MECHANICAL PROPERTIES OF PREFABRICATED 

BEAM AND SLAB UNITS OF NEW ASSEMBLED RAFT FOUNDATION 
 

Ji-Zhi Su 1, Chen-Lei Wang 2, Wen-Tao Qiao 2, 3, *, Wu-Chen Zhang 1 and Li-Huan Wang 1 

 
1 Economic and Technological Research Institute, State Grid Hebei Electric Power Co., Ltd, Shijiazhuang, China 

2 School of Civil Engineering, Shijiazhuang Tiedao University, Shijiazhuang, China 

3 Key Laboratory of Roads and Railway Engineering Safety Control (Shijiazhuang Tiedao University), Ministry of Education, Shijiazhuang, China 

* (Corresponding author: E-mail: qwt@stdu.edu.cn) 

 

A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Prefabricated foundations offer numerous advantages such as convenient construction, high bearing capacity, energy 

efficiency, environmental friendliness, and less wet work on-site. Accordingly, this study introduces a novel structural 

system based on an assembled beam-slab foundation. To further explore the mechanical properties of the precast beam slab 

units in the modular beam-slab foundation, experimental research and numerical simulation were conducted. Test findings 

indicate that the structure primarily undergoes bending-type failure. From the yielding of the specimen to the attainment of 

the ultimate load, the specimen undergoes significant displacement changes, indicating that the structure possesses good 

bending resistance and ductility. Based on the experimental results, an accurate finite element model was established for 

parametric analysis. The findings indicate that the bearing capacity of the foundation slab is significantly influenced by 

parameters such as reinforcement ratio and slab thickness, with the reinforcement ratio having the most pronounced effect. 

The ultimate load-carrying capacity increases with the reinforcement ratio, composite slab thickness, and concrete strength. 

In contrast, the thickness of the C-section steel has the least effect on the bearing capacity, with the foundation slab’s bearing 

capacity remaining virtually unchanged.  
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1.  Introduction 

 

With rapid urbanization, the number of high-rise buildings in China has 

been steadily increasing, leading to greater loads transferred from 

superstructures to foundations. When the superstructure is subjected to heavy 

loads and the foundation exhibits limited bearing capacity, conventional 

independent or strip foundations often fail to satisfy deformation control 

requirements. Under such circumstances, raft foundations have been widely 

applied. Raft foundations not only meet the requirements of different foundation 

bearing capacities but also make more effective use of underground space, thus 

having broad application prospects and promotional value[1, 2]. 

At present, numerous scholars have conducted extensive experimental 

research and theoretical analysis on raft foundations. Among them, Wang[3] 

conducted experimental studies on single-span and multi-span beam-slab raft 

foundations with different slab thicknesses, revealing the distribution pattern of 

foundation reaction under various load conditions. Yu et al.[4]conducted full-

scale experimental studies on two groups of beam-slab raft foundation 

specimens. During the loading process, the foundation exhibited overall positive 

bending, while the internal slab grid areas showed characteristics of negative 

bending. Akash et al.[5] investigated the influence of factors such as pile length, 

number of piles, and diameter on the load distribution of pile-raft foundations. 

Xi et al.[6] carried out experimental research on the load-bearing behavior of 

pile-raft foundations, and the study demonstrated that pile-raft slab foundations 

outperform conventional pipe pile foundations. Hoang et al.[7] investigated the 

long-term performance of three pile-raft foundations with different numbers of 

piles, revealing that load magnitude significantly impacts the distribution of 

loads between the raft and piles over time. Anuj et al.[8] conducted an analysis 

on pile-raft foundations revealing that their bearing capacity is considerably 

higher than raft foundations, with pile length, spacing, and soil density showing 

strong positive correlations with load-bearing performance. Overall, these 

studies highlight the structural advantages and performance improvements of 

raft and pile-raft foundations under various loading and soil conditions, but 

there remains a need for further exploration of more efficient structural forms 

tailored for prefabrication and assembly. 

With the development of prefabricated buildings, the feasibility of adopting 

reasonable prefabricated foundation forms has attracted increasing attention. 

Several scholars have conducted in-depth research on this topic. Rasmussen[9] 

proposed a prefabricated strip foundation made of EPS, which is only suitable 

for small buildings with no more than two floors. Adams[10] introduced a 

prefabricated concrete block foundation component that connects to the 

superstructure by arranging rebar and casting concrete on-site. Dae Hong Kim 

et al.[11] designed a micropile foundation for transmission towers, where each 

foundation component is connected by bolts. Catalano[12] proposed a detachable 

prefabricated foundation component suitable for temporary buildings with 

relatively small upper loads, where the foundation components are bolted to the 

foundation beams. Li et al.[13] proposed a novel prefabricated foundation 

structure for transmission lines and conducted numerical simulation analysis. 

The results indicate that the structure satisfactorily fulfills the functional 

demands. In summary, current prefabricated foundations are mostly used in 

structures with small upper loads, and related research is relatively limited. 

Therefore, studying a prefabricated foundation structure with better bearing 

capacity and a wider range of applications is of great significance. 

In recent years, a large number of scholars have carried out comprehensive 

research on composite slabs. Ranzi et al.[14] conducted experiments to evaluate 

the flexural performance of composite slabs with steel strand, proposing a 

theoretical calculation model suitable for prestressed composite slabs. Crisinel 

et al.[15] introduced an analytical approach for calculating the load-bearing 

capacity of composite slabs. Qiao et al.[16] proposed a novel cold-formed thin-

walled steel-concrete composite slab and conducted experimental studies on its 

flexural performance, the test results revealed that this structure exhibits good 

mechanical performance. Vainiūnas et al.[17] investigated the shear performance 

of profiled steel sheet-concrete composite slabs and developed a calculation 

method for their horizontal cross-sectional strength. Mistakidis et al.[18] 

conducted experimental studies on the flexural performance of embossed steel-

concrete composite slabs, with results indicating that the embossing on the steel 

significantly improves the flexural performance of the slabs. Rios et al.[19] 

proposed a computational approach to analyze the shear bond behavior in steel-

concrete composite slabs. Zhang et al.[20] carried out experimental research on a 

novel thin-walled steel-wood composite panel, demonstrating its excellent 

bending performance. Xiang et al.[21] proposed a calculation method for the 

vertical shear resistance of ribbed steel-concrete composite slabs. 

It can be observed that current research on composite slabs primarily 

focuses on unidirectional composite slabs, with relatively few studies on 

bidirectional composite slabs. Additionally, the application of composite slabs 

in foundation structures is also relatively limited. In response to this situation, 

this paper proposes a prefabricated beam-slab foundation structural system, 

composed of multiple standardized prefabricated beam-slab units. This 

structure has advantages in easy construction, energy saving, material saving, 

and high bearing capacity. The mechanical performance between prefabricated 

beam-slab units in prefabricated foundations directly influences the overall 

behavior of the structure. Therefore, this paper focuses on certain prefabricated 

beam-slab units within the prefabricated beam-slab foundation. Through static 

load tests, the mechanical performance of the foundation bottom slab and the 

slab connectors was investigated, revealing the failure characteristics and load-

bearing mechanisms of the specimens under vertical loads. Additionally, 

numerical simulation analysis utilizing the experimental data was conducted to 

validate the correctness of the finite element model. Based on the experimental 

and finite element verification, a parametric analysis was performed to explore 
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the impact of factors such as concrete strength, reinforcement ratio, composite 

slab thickness, and C-shaped steel thickness on the static performance of the 

foundation base slab. 

 

2.  The structure system 

 

The new prefabricated beam-slab foundation system presented in this paper 

is depicted in Fig. 1. The structure mainly consists of foundation beams, 

foundation bottom plates, and various connection nodes. In the prefabricated 

raft foundation, the foundation slab primarily bears the bending moment. 

Considering the span requirements for the raft foundation, the foundation slab 

adopts grooved slab, which consists of prefabricated beam-slab units with 

ribbed edges, as shown in Fig. 1(b). This structure is grooved along the 

thickness direction of the slab, not only reducing material usage but also 

effectively lightening the weight of the structure. Meanwhile, the surrounding 

ribbed beams significantly enhance the global stiffness and load-bearing 

capacity of the structure. The prefabricated beam-slab units are composed of C-

shaped steel, reinforcement, and concrete. The C-shaped steel is placed in the 

ribbed beam section of the prefabricated beam-slab unit. The internal 

reinforcement is connected to the surrounding C-shaped steel by welding, while 

bolt holes are pre-formed in the web section to enable linkage with inter-panel 

connectors. The connectors between the prefabricated beam-slab units consist 

of inner and outer sleeves, with the inner and outer sleeves locking together to 

join the prefabricated beam-slab units. 

The structure of the foundation beams and their connection nodes is shown 

in Fig. 1(c). When designing the structure, it was considered that the large 

cross-section of the profile steel and its good continuity could effectively 

disperse and transfer loads, providing better local shear and punching shear 

resistance. Therefore, T-shaped steel is embedded in the foundation beams, with 

a single layer of reinforcement arranged at the top. In the process of making the 

precast foundation beam, the concrete is not poured at the joint, and the exposed 

profile steel and reinforcement are used for the node connections. When 

designing the connection nodes between the foundation beams, the node is 

divided into upper, middle, and lower parts, as shown in Fig. 1(c). This 

connection node consists of three steel tubes of different sizes: the upper square 

steel tube has slots for fixing the rebar inside the composite beam, the middle 

square steel tube has bolt holes in the extended end plate, which connect to the 

web of the extended T-shaped steel of the composite beam via bolts, and the 

lower square steel tube has an upward opening to support the flange of the 

extended T-shaped steel of the composite beam. 

 

(a) assembled raft foundation 

 

 (b) prefabricated beam and slab units 

 

 (c) foundation beam joint 

Fig. 1 structural diagram of assembled raft foundation 

3.  Experiment investigation 

 

3.1. Specimen details 

 

To study the mechanical performance of the prefabricated beam and slab 

units and its connectors in this structure, a full-scale foundation slab specimen 

was fabricated. The specimen consists of four prefabricated beam-slab units and 

four prefabricated foundation beams, as shown in Fig. 2 Each prefabricated 

beam-slab unit includes steel-reinforced concrete slab and ribbed beams. The 

reinforced concrete (RC) composite slab is 200 mm thick, and the ribbed beam 

section dimensions are 100×300 mm. Inside the RC composite slab, a single 

layer of rebar with a diameter of 12 mm is arranged, with a spacing of 100 mm. 

The concrete used for the specimen is C30, and the rebar is HRB400 grade steel. 

The C-shaped steel is Q235 grade, with dimensions of 250×80×9 mm. The 

connectors between the slabs are prefabricated square steel tubes, available in 

two models: 110×110×5 mm and 100×100×6 mm. The composite beam 

dimensions are 400×500 mm, with internal T-shaped steel made of Q235 grade 

steel, model dimensions of 250×200×10×16 mm. All bolts used in the specimen 

are grade 8.8 high-strength bolts, with a diameter of M20 and a hole diameter 

of d0=22 mm. The detailed dimensions of the prefabricated beam-slab units are 

shown in Fig. 3. 

 

 

Fig. 2 Installation completion diagram 

 

(a) Plan drawing 

 

 (b) 1-1 cross-section drawing 

Fig. 3 Detail of prefabricated beam and slab units (mm) 

 

3.2. Material properties 

 

In accordance with GB/T 228.1-2010[22] and GB/T 2975-2018[23], tensile 

tests were employed to characterize the mechanical properties of the 

experimental steel. Three specimens each were taken from the C-shape steel and 

T-shape steel used in the experiment, and tensile tests were performed on a 

universal testing machine. The mechanical characteristics of the tested steel are 

shown in Table 1. The prefabricated beam-slab units used reinforcement with a 

diameter of 12 mm. To measure the mechanical properties of this reinforcement, 

three 500 mm long samples were selected for tensile tests. The mechanical 

properties of the tested reinforcement are shown in Table 2. 

C30 grade concrete served as the material for all test specimens. To 

measure the compressive performance of concrete, three sets of 150 × 150 × 

Foundation beam

Connector

RC composite slab

Ribbed beam

1 1

Ribbed beam C-Shape steel
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150 mm concrete cubes were reserved when pouring the concrete for the 

specimens. Compressive strength tests were conducted on these reserved 

concrete cubes according to the Chinese standard GB/T 50081-2002[24]. The 

measured material properties of the concrete are listed in Table 3. 

 

Table 1 

Material property of section steel  

Specimen 

number 

 

Yield 

strength 

/MPa 

Ultimate 

strength 

/MPa 

Elastic modulus 

/105 MPa 

Elongation 

/% 

T-1 306.0 390.1 2.02 32.1 

T-2 302.3 394.2 2.07 33.5 

T-3 310.2 390.7 2.04 35.1 

Average 306.2 391.7 2.04 33.5 

C-1 305.5 390.3 2.03 30.1 

C-2 302.5 392.3 2.02 30.6 

C-3 309.5 396.2 2.04 30.2 

Average 301.6 394.3 2.07 30.3 

Note: T-1 is the steel specimen for the slab connector, and C-1 is the steel 

specimen for the web of the C-shaped steel. 

 

Table 2 

Material property of rebar 

Specimen 

number 

Rebar 

diameter 

/mm 

Yield load 

/kN 

Yield 

strength 

/MPa 

Maximum 

tension 

/kN 

Ultimate 

strength 

/MPa 

G-1 12 46.52 411.3 69.25 612.3 

G-2 12 46.78 413.6 69.94 618.3 

G-2 12 47.46 419.6 69.59 615.2 

Average 12 46.92 414.8 69.59 615.3 

 

Table 3 

Material property of concrete 

Concrete 

grade 

Axial 

compressive 

strength /MPa 

Average 

/MPa 

Elastic 

modulus 

/104 MPa 

Average 

/104 MPa 

C30 

32.7 

32.1 

3.16 

3.12 30.2 3.08 

33.5 3.12 

 

3.3. Testing program 

 

3.3.1. Loading protocol 

The experiment used a 1000-ton multifunctional testing machine to apply 

vertical loads. In order to simulate the loads experienced by the specimen during 

actual service conditions, the specimen was inverted during installation, with 

the bottom of the base plate facing upward for load application. During loading, 

a secondary distribution beam was used to achieve four-point loading, with the 

load points located at the center of the prefabricated beam-slab units. The 

specimen is a two-way slab, and the support system consists of four steel beams 

and four steel columns. When installing the specimen, it was placed on the steel 

frame, with the steel beams supporting the bottom of the composite beam. This 

support configuration restricted vertical displacement while allowing rotation 

along all four slab edges, and is therefore classified as a simply supported 

boundary condition. The loading setup is shown in Fig. 4. 

 

3.3.2. Loading steps 

Displacement-controlled loading was applied during the test. Prior to the 

formal loading process, a preload of 10 kN was applied to the specimen and 

maintained for 5 minutes to ensure the proper functioning of all systems and to 

eliminate any gaps between the specimen and the support system. The 

displacement-controlled loading in the formal testing stage was performed at 3 

mm/min, with a 3-minute hold at each increment. This loading rate was selected 

with reference to the Chinese standard GB/T 50152-2012[25], which 

recommends a loading speed within the range of 0.5–5 mm/min for quasi-static 

testing.  During the test, the specimen was monitored using force sensors, and 

its deformation under different loading stages was carefully observed. 

 

 

Fig. 4 Example of a figure 

 

3.3.3. Layout of measuring points 

During the loading process, the deflection change, crack development, 

inter-plate connector strain and steel bar strain of the specimen were mainly 

observed. Fig. 5 illustrates the layout of the displacement and strain gauges. A 

total of four displacement gauges were used in the experiment. Gauge W1 was 

placed at the center of the specimen, gauges W2 and W3 were placed at the 1/4 

points of the specimen's centerline, and gauge W4 was placed at the center of 

the composite beam to observe changes in specimen deflection. Strain gauges 

were distributed on the slab connectors, rebar, and C-shaped steel. 

 

 

 (a) Layout of Displacement meter 

 

 (b) Layout of Strain gauges  

Fig. 5 Layout of measurement points 

 

4.  Failure process 

 

During the early loading stage, the specimen remained in the elastic range 

without significant deformation. A progressive increase in deflection was 

observed as the applied load increased. At approximately 35% of the peak load, 

fine cracks appeared at the center of the bottom of the specimen along the 

diagonal direction, but there was no noticeable flexural deformation. With the 

gradual increase of applied load, crack propagation was observed at the 

specimen’s central region, accompanied by the initiation of 45° diagonal cracks 

at the mid-span of the bottom surface of the RC composite slab. When the load 

reached 51% of the peak load, minor cracking appeared in the concrete at the 

ribbed beam node connection area, and the number of cracks at the RC 

composite slab increased. As the load increased to 62% of the peak, slight 

sounds were heard from within the specimen, indicating it had reached the yield 

state, with a mid-span deflection of 6.72 mm, and more cracks appeared at the 

RC composite slab. At peak load, the crack width at the RC composite slab 

increased, more cracks appeared in the ribbed beam node connection area, and 

the rebar inside the RC composite slab had yielded. As shown in Fig. 6, at the 

end of the test, large cracks developed in the tensile zone of the concrete, and 
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the maximum deflection reached 18 mm, approximately 1/160 of the structure's 

span, which is considered as the failure criterion of the structure. 

 

 

(a) The cracks of ribbed beam 

 

 (b) The cracks of composite slab 

 

 (c) The cracks of the whole structure 

Fig. 6 The failure of structure 

 

5.  Analysis of test results 

 

5.1. Bearing capacity and ductility 

 

As shown in Fig. 7, the load-displacement curve can be segmented into 

three phases, with the specimen exhibiting elastic behavior during the initial 

loading at low loads. The curve exhibits a nearly linear relationship, indicating 

good synergy between the section steel, rebar, and concrete within the 

prefabricated beam-slab unit. As loading progresses, cracks begin to develop in 

the tensile zone of the concrete, and the curve enters the elastoplastic phase. Due 

to the cracking of the concrete, the section steel and rebar inside the RC 

composite slab bear the load and also provide some constraint on the 

development of concrete cracks. With the progressive growth in both the 

quantity and width of cracks, the synergy between the section steel, rebar, and 

concrete weakens. The rate of load increase diminishes while the rate of 

displacement increase becomes more pronounced. When the load reaches its 

peak, the curve enters the failure stage. At this point, the rebar within the 

specimen yields, the deformation of the specimen increases, and the load 

gradually decreases until the specimen is destroyed and the test ends. 

 

 

Fig. 7 Load-displacement curves  

 

 

An essential metric for evaluating structural deformation capacity is the 

ductility coefficient of the component. The test results are illustrated in Table 4, 

indicating that the ductility coefficient of this specimen is 3.53, which 

demonstrates that the structure has good ductility. 

 

Table 4  

Ductility coefficient of the specimens 

Specimen 

number 
y / mm

 
Ny /kN u / mm  Nu /kN DI 

Specimen 1 5.176 459.81 18.29 757.19 3.53 

Note： y is the yield displacement， u is the ultimate displacement，Ny 

is the yield strength，Nu is the ultimate strength，DI is the ductility coeffi-

cient 

 

5.2. The analysis of concrete deflection variation  

 

In order to better observe the deflection variation of the two-way slab 

specimen, displacement gauges were installed at the specimen’s mid-span, 

quarter-span, and support regions. The deflection variation at the centerline of 

the specimen during the test was monitored, as illustrated in Fig. 8. The curve 

exhibits an approximately sinusoidal pattern. When the load is less than 0.6Nu, 

the specimen remains in the elastic phase, with deflection increasing linearly 

and at a relatively slow rate. When the load exceeds 0.6Nu, the specimen 

transitions into the elastic-plastic phase, and the rate of deflection change 

accelerates. Additionally, the general pattern of the curve demonstrates that the 

mid-span undergoes a more pronounced change in deflection compared to the 

quarter-span regions. 

 

 

Fig. 8 Deflection curve of concrete  

 

5.3. Strain analysis of rebar 

 

Fig. 9 presents the strain distributions of the reinforcement along the X and 

Y directions within the composite slab. It can be observed that under vertical 

loading, the rebars are all in a tensile state. The strain patterns of the 

reinforcement in both X and Y directions exhibit similar behavior: strain 

increases more rapidly as the location approaches the mid-span. In the initial 

loading phase, the specimen is in the elastic phase, and the strain growth of the 

rebars is slow. As the load increases, the concrete begins to crack, and the rebars 

bear more load, leading to a rapid increase in strain until the specimen fails. 

 

 

 (a) Reinforcement strain of Y-direction 
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 (b) Reinforcement strain of X-direction 

Fig. 9 Load-strain curve of reinforcement 

 

5.4. Strain analysis of connector 

 

The load-strain curves of the inter-slab connectors reflect the stress and 

deformation characteristics of the connection nodes under vertical loads. The 

load-strain curves of the node connectors obtained from the experiment are 

illustrated in Fig. 10. It can be observed that the strain values of the curves are 

all positive, indicating that all the connectors are in a tensile state. The strain 

development trends of the connectors in different regions are essentially 

consistent. In the initial loading phase, the curves display linear growth. As 

loading progresses, concrete cracks develop continuously, and the strain of the 

connectors gradually increases. According to the material property test data, the 

yield strain of the connectors is 1.5 × 103. It can be seen that connectors have 

not reached yield stress. At the ultimate load stage, the T-4 connector at mid-

span exhibits the highest tensile strain, aligning well with the experimental 

findings. 

 

 

Fig. 10 Load-strain curve of connectors 

 

6.  Finite element modeling investigation 

 

6.1. Finite element model 

 

6.1.1. General 

To analyze the mechanical characteristics of the prefabricated beam-slab 

units in the novel foundation system, finite element modeling (FEM) was 

performed in ABAQUS. The model dimensions were consistent with the 

experimental specimens. Both concrete and internal section steel were modeled 

using C3D8R elements, while the reinforcement was simulated using 3D two-

node truss elements. The material constitutive relationships were based on 

material property tests: concrete elements utilized a plastic damage model with 

a concrete strength grade of C30 and an elastic modulus of E=31200 MPa; the 

section steel and reinforcing bars were simplified into bilinear models based on 

relevant test data. During the mesh generation process, a sensitivity analysis was 

performed by simulating models with different mesh sizes to determine the 

optimal mesh size for each material element. The final mesh sizes were 50 mm 

for concrete elements, 35 mm for section steel, and 15 mm for reinforcing bar 

truss elements. An illustration of the FEM is provided in Fig. 11. 

 

 

 (a) Concrete 

 

 (b) Steel frame 

Fig. 11 Finite element model 

 

6.1.2. Interactions 

Surface-to-surface contact constraints were employed to simulate the 

interaction between the connectors and the section steel. The normal contact 

was modeled as hard contact, while tangential behavior adhered to Coulomb 

friction with a coefficient of 0.15. The rebars and the C-shaped section steel 

were constrained using TIE constraints, with the Embedded method employed 

to embed the steel framework formed by the C-shaped steel and the rebars into 

the concrete. Additionally, steel pads were placed at the loading points of the 

model. The pads were tied to the model, ensuring that they remained tightly 

connected throughout the loading process without any relative sliding. 

 

6.1.3. Boundary conditions 

The FEM uses identical boundary conditions and loading procedures as 

those applied in the experiment. In applying boundary conditions, only the 

translational degrees of freedom along U1, U2, and U3 are restricted, whereas 

the rotational degrees of freedom around the X, Y, and Z axes remain free. Four-

point loading is employed during the loading process. Four rigid pads are placed 

at the loading points, which are bonded to the model. The loading surface is 

coupled at one point, and the loading is applied using displacement control. 

 

6.2. Numerical simulation results and analysis 

 

6.2.1. Comparison of failure modes 

The cracking condition of the specimen can be clearly seen through the 

tensile damage of the concrete. As illustrated in Fig. 12, the FEM failure modes 

align well with the experimental observations. Cracking primarily occurs in the 

composite slab region and the central part of the ribbed beams. The cracks 

within the composite slab are symmetrically arranged under vertical loads. The 

crack distribution in the FEM closely matches the experimental results. 

 

 

 (a) Tensile damage of FEM 
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 (b) Cracks and failure in test 

Fig. 12 Comparison of damage characteristics 

 

6.2.2. Comparison of load-displacement curves 

The load-displacement curves from both the FEM analysis and the 

experimental tests are compared in Fig. 13. The finite element simulation results 

closely match the experimental data, particularly in the elastic range where 

discrepancies are negligible. However, as the curve enters the elastoplastic stage, 

the simulation results exhibit some discrepancy compared to the experimental 

findings. Compared to experimental data, the FEM slightly overestimated the 

load capacity, which can be attributed to the simplified model’s exclusion of 

concrete–steel bond-slip interactions. Overall, the error between the two results 

is within 15%. The consistency between the experimental and FEM curves 

indicates that the simulation results are reliable. 

 

 

Fig. 13 Comparison of FEM and tested Load-Displacement curves 

 

7.  Parameter analysis 

 

The effects of different parameters on the load-bearing behavior and failure 

characteristics of foundation slab units are investigated through parametric 

analysis, based on the established and validated FEM. In conjunction with the 

load-bearing characteristics and capacity variation patterns of the test specimens, 

four key influencing factors, namely concrete strength, rebar diameter, 

composite slab thickness, and C-shaped steel thickness, were selected as the 

focus of the research. 

 

7.1. Concrete strength 

 

Based on the commonly used concrete strength grades in current 

engineering practice, the concrete strength in the FEM models was set 

sequentially as C20, C30, C40, and C50. Load-displacement responses obtained 

from FEM simulations for concrete grades C20 through C50 are illustrated in 

Fig. 14. The results indicate increases in flexural capacity of 11.58%, 8.04%, 

and 6.11% as the grade progresses from C20 to C30, C30 to C40, and C40 to 

C50, respectively. Under different concrete strength grades, the specimens 

exhibited distinct elastoplastic behavior. As the concrete strength grade 

increased, the specimens exhibited a notable improvement in bending load 

capacity, indicating that concrete strength is a key factor affecting the static 

behavior of prefabricated beam-slab units. Moreover, as the concrete strength 

increased, the failure mode tended to become more brittle, and the plastic 

deformation capacity was slightly reduced. Additionally, the contribution of 

concrete strength to further enhancement of bearing capacity became 

progressively less significant. Therefore, in practical applications, a suitable 

concrete grade can be selected based on engineering requirements and economic 

considerations. 

 

 

Fig. 14 Load displacement curve of different concrete strength 

 

7.2. Reinforcement ratio 

 

According to the requirements for reinforcement ratio in GB 50010-2010, 

the reinforcement diameters in the model were set sequentially as 10 mm, 12 

mm, 14 mm, and 16 mm. Specimens with various reinforcement ratios in the 

composite slab exhibit distinct load-displacement curves, as shown in Fig. 15. 

It can be observed that as the reinforcement ratio in the slab increases from 0.44% 

(corresponding to a rebar diameter of 10 mm) to 1.06% (corresponding to a 

rebar diameter of 16 mm), the bending load-bearing capacity increases by 

50.5%. The ultimate load-bearing capacity corresponding to adjacent rebar 

diameters differs by 12.7%, 16.1%, and 15.2%, respectively. This indicates that 

the bending load-bearing capacity of the foundation slab is strongly affected by 

the reinforcement ratio in the composite slab. With an increase in reinforcement 

ratio, the tensile capacity contributed by the reinforcement is improved, 

resulting in a significant enhancement of the foundation slab’s bending load-

bearing capacity. Additionally, the increment in load-bearing capacity between 

successive reinforcement ratios diminishes as the reinforcement ratio increases, 

indicating a trend of diminishing returns within a certain range. Therefore, 

considering structural design codes and experimental findings, a rebar diameter 

ranging from 10 mm to 14 mm is recommended for the composite slab. 

 

 

Fig. 15 Load displacement curve of different reinforcement ratio  

 

7.3. Thickness of composite slab  

 

This section focuses on the influence of composite slab thickness on the 

mechanical performance of prefabricated beam-slab units. To this end, when 

establishing the FEM, only the thickness of the composite slab was varied while 

the height of the rib beam remained constant. As shown in Fig. 16, the FEM 

results indicated a 16.3% increase in ultimate load-bearing capacity when the 

slab thickness was raised from 200 mm to 220 mm, followed by an additional 

16.1% increase as it reached 240 mm. The findings indicate that changes in slab 

thickness substantially impact the structural capacity of the foundation base slab. 

Additionally, from the figure, it can be seen that as the slab thickness increases, 

the mid-span displacement at the peak load also gradually increases, suggesting 

that within a certain range, increasing the slab thickness helps improve the 

overall structural ductility, allowing the foundation base slab to withstand larger 

deformations. 
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Fig. 16 Load displacement curve of different slab thickness 

 

7.4. Thickness of C-shaped steel 

 

C-shaped steel is an important component of the steel framework in 

prefabricated beam-slab units. This part investigates the influence of C-shaped 

steel thickness on bending capacity by varying its thickness while maintaining 

all other variables constant. The FEM assigns C-shaped steel thicknesses of 5 

mm, 7 mm, 9 mm, and 12 mm sequentially. and finite element numerical 

simulations are conducted. As illustrated in Fig. 17, the load-displacement 

behavior of the foundation base slab is depicted. It can be observed that as the 

thickness increases from 5 mm to 12 mm, the ultimate load-bearing capacity of 

the foundation base slab shows a slight increase. Specifically, the bending load-

bearing capacity increases by 4.6% when the C-shaped steel thickness is raised 

from 5 mm to 12 mm. It can be concluded that variations in the thickness of the 

C-shaped steel have limited effect on the load-bearing capacity of the 

foundation slab. During structural design, smaller dimensions of C-shaped steel 

may be considered, providing a reference for optimizing both the economy and 

performance of the section steel. 

 

 

Fig. 17 Load displacement curve of different C-Section Steel thickness 

 

8.  Conclusions 

 

This paper conducted an experimental study on the mechanical 

performance of foundation slabs and inter-slab connectors under vertical loads 

in prefabricated beam-slab foundations. The study analyzed the failure 

characteristics, bearing capacity, ductility, and strain patterns of reinforcement 

and connectors of the test specimens under static load tests. Additionally, a 

numerical simulation analysis of the test specimens was conducted using the 

finite element software ABAQUS. The conclusions drawn are as follows: 

(1) Under vertical loading, the specimen exhibited overall bending failure 

characteristics. During failure, multiple cracks appeared in the tensile zone of 

the composite slab concrete, while no significant damage was observed in the 

node core area. This satisfies the design principle of "strong node, weak 

component," indicating that the structure possesses good bending load-bearing 

capacity. 

(2) The load-displacement curve showed distinct elastic, elastoplastic, and 

failure stages. The curve experienced significant displacement changes from the 

specimen's yield point to the ultimate load, indicating good ductility 

performance of the structure. 

(3) The failure characteristics of the FEM are in good agreement with the 

experimental results. The load-displacement curve obtained from the numerical 

simulation matches closely with the experimental curve, indicating that the 

FEM effectively simulates the real behavior of the test specimen. Thus, the FEM 

is reliable. 

(4) A parametric analysis was conducted considering four influencing 

factors: concrete strength, reinforcement ratio, composite slab thickness, and C-

shaped steel thickness. The results indicate that the bending load-bearing 

capacity of the foundation base plate is positively correlated with concrete 

strength, reinforcement ratio, and composite slab thickness, with reinforcement 

ratio having the most significant impact on load-bearing capacity. Conversely, 

the thickness of the C-shaped steel has negligible influence on the bending 

capacity of the foundation base plate. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study investigates the effectiveness of both model-centric and data-centric strategies in addressing the overfitting issue 

in machine learning (ML) models for predicting the torsional capacity of concrete-filled steel tubular (CFST) columns under 

combined loading. While prior work has largely focused on optimizing model architectures, our findings reveal that model-

centric approaches offer limited improvement when training data is scarce. To address this, we propose a data-centric 

framework that enhances both the quantity and quality of training data. Specifically, we augment the dataset with synthetic 

data generated by Conditional Generative Adversarial Networks (CGANs) and finite element analysis (FEA) results. To 

ensure reliability, we introduce a filtering mechanism that selects high-quality simulated data for model training. Our results 

reveal that directly incorporating unfiltered synthetic or FEA data into model training can degrade test performance due to 

the presence of noisy or unreliable samples. In contrast, when high-quality FEA data is carefully filtered and selectively 

combined with experimental data, the model exhibits a substantial improvement in generalization, reflected by a 5% 

increase in R² with only a marginal 0.45% rise in MAPE. The proposed data selection strategy consistently reduces 

performance variance across multiple test splits, indicating strong robustness and resistance to overfitting. 
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1.  Introduction 

 
The recent proliferation of machine learning technologies has sparked a 

paradigm shift in structural engineering research, ushering in a new era of 

innovative approaches to tackle intricate challenges that were previously 

intractable using traditional mechanical models[1-4]. Traditionally, engineering 

practices have been grounded in limit state design criteria, reliant on rigorous 

experimental validation, intricate finite element modeling, or a synthesis of 

parameter regression analysis and strength theory derivations to formulate 

predictive frameworks[5-7]. However, these methodologies are constrained by 

inherent limitations, notably model dispersion and biases stemming from 

modeling inaccuracies or the imposition of overly simplistic assumptions. The 

exponential growth in computational power, coupled with the pressing need for 

efficient solutions in the engineering sector, has catalyzed significant 

advancements in machine learning algorithms.  

The core of machine learning is inherently data-driven, especially data-

centric, with model accuracy and generalization power intimately tied to the 

diversity and quality of datasets. Suboptimal sample quality can exacerbate 

model biases by incorporating low-fidelity instances, while limited sample 

diversity undermines the surrogate models' capacity for generalization[8]. 

Consequently, the utilization of machine learning in civil engineering has 

sparked significant concerns within the engineering community, particularly 

regarding the adequacy and quality of data, along with the risk of overfitting[9]. 

Models trained on inadequate data are unreliable and prone to overfitting, 

yielding spurious predictions that undermine their credibility. To address this 

challenge, the cornerstone lies in constructing comprehensive datasets 

comprising multi-source, high-quality samples. In civil engineering, where 

machine learning models operate as black boxes, their reliance on extensive and 

unbiased physical experimental data for training is paramount. This data must 

be comprehensively representative, devoid of biases, and encompass a broad 

range of conditions. However, experimental uncertainties and equipment 

malfunctions inevitably introduce noisy samples and outliers during testing, 

limiting the availability of training data in structural engineering and further 

hindering the acquisition of high-quality data. Consequently, relying solely on 

data from physical experiments to train machine learning models can be fraught 

with errors, as limited training data often precipitates overfitting, potentially 

misleading evolutionary search processes and compromising the models' 

predictive performance. 

The scarcity of experimental samples, insufficient for training robust 

machine learning models, poses a significant challenge. This limitation 

underscores the paramount importance of critically evaluating data sources' 

appropriateness and reliability when designing and deploying machine learning 

models for civil engineering applications. To address this issue, FEA data are 

frequently utilized as a complementary resource to experimental data[10]. 

However, a fundamental gap exists due to the inherent constraints of simulation 

methods. Despite significant advancements, these methods struggle to fully 

capture the intricate and dynamic interactions inherent in real-world systems. 

Factors such as variations in material constitutive laws, mesh discretization 

techniques, and solution strategies contribute to this discrepancy, rendering it 

challenging to achieve alignment between simulated and experimental outcomes. 

To bridge this gap, researchers engage in rigorous validation and calibration of 

finite element models, striving to develop more precise and generalized machine 

learning solutions[11]. It is imperative to acknowledge that the inherent 

discrepancy between non-physical experimental data and real-world data 

remains an inescapable reality. 

In the pursuit of mitigating model biases arising from the limited training 

data, researchers across disciplines have intensified their focus on tackling data-

centric challenges within machine learning[12, 13]. This heightened awareness 

is particularly pronounced in the realms of medicine and materials science, 

where the collection, cleansing, and evaluation of data have become paramount. 

Within structural engineering, scholars have likewise embarked on addressing 

the dual challenges of data quantity and quality. Notably, Li et al.[14] have 

employed Gaussian regression to devise a machine learning model that achieves 

remarkable precision in measuring deformations of reinforced concrete columns, 

effectively demonstrating its resilience across a broad spectrum of data quality. 

Additionally, Luo et al.[15] have introduced a pioneering dual-weighted support 

vector transfer regression methodology, which aims to bolster prediction 

performance by effectively countering the detrimental effects of limited sample 

sizes. Moreover, Marani et al.[16] have taken an approach by leveraging 

physical experimental data to train a Generative Adversarial Network (GAN), 

enabling the synthesis of novel data that supplements the existing experimental 

corpus. This technique has facilitated the successful training of machine learning 

models on a combined dataset, revealing that the utilization of synthetic data 

significantly reduces the reliance on scarce real-world data during the model 

training phase. These findings underscore the potential of synthetic data in 

streamlining and augmenting the machine learning process within structural 

engineering, thereby enhancing the efficiency and accuracy of predictive 

models[17]. 

The advent of existing methodologies has undoubtedly alleviated the burden 

of data scarcity to a certain degree. Nevertheless, a pivotal yet underexplored 

challenge looms large: the biases inherent in models fueled by the limited and 

low-quality data. The difference between physical experimental data, and non-

experimental counterparts, including finite element simulations and synthetic 

data, continues to pose a formidable obstacle. This not only complicates the 

predictive accuracy of models but also undermines their credibility in real-world 

applications. Synthetic data, a promising avenue for augmenting data availability, 

holds the key to bridging the data gap[18]. However, the divide between 

synthetic and experimental data, albeit narrowing, remains a significant hurdle 
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that must be overcome. Current endeavors, focused on refining finite element 

models for heightened realism in simulations and advancing generative models 

to mirror real-world complexity[19,20]. However, the quest for parity between 

these data sources and their experimental counterparts persists, emphasizing the 

need for a more nuanced approach. 

This study explores the effect of the model design and data on mitigating 

overfitting in machine learning models, respectively, i.e., the model-centric and 

the data-centric training strategy. And, two strategies were used and analyzed in 

the context of predicting the composite torsional capacity of concrete-filled steel 

tubular (CFST) columns. Drawing upon two prevalent data augmentation 

techniques: Conditional Generative Adversarial Network (CTGAN)-based 

synthetic data[21] and finite element analysis data (FEA). Our approach 

distinguishes itself from existing research by not focusing on the refinement or 

development of new models, but rather on devising an efficient strategy for 

leveraging multiple data sources. Applying this training strategy to the 

prediction of CFST columns' torsional behavior, we embark on a comprehensive 

investigation that spans from models to data, with the overarching goal of 

addressing the issue of overfitting in machine learning models, especially for the 

predictions of CFST torsional performance. Specifically, our research endeavors 

encompass: 

1) Explore the impact of diverse model-centric strategies on mitigating 

overfitting in machine learning contexts, shedding light on the effectiveness of 

various approaches, including model replacement and reduction of non-critical 

input parameters. 

2) Investigate the influence of data-centric strategies including GAN-

generated synthetic Data and FE simulation data in training processes, assess 

their respective contributions to reducing overfitting and enhancing model 

generalization. 

3) Develop and evaluate sample selection and training strategies based on 

the error minimization, to mitigate overfitting, thereby refine the overall 

predictive capabilities of the models. 

 

2.  Workflow to mitigate overfitting in ML prediction models 

 

Fig. 1 outlines the approach devised in this research to address the challenge 

of overfitting in data-driven predictive models for assessing the torsional 

capacity of concrete-filled steel tubular (CFST) columns. This framework 

encompasses four key stages: data compilation, model evaluation, model-centric 

optimizations, and data-centric enhancements. 

(1) Data Compilation: A comprehensive dataset, initially comprising 243 

experimental observations curated from the scientific literature[22-34], serves 

as the cornerstone for model development. To augment this dataset and enable a 

deeper exploration of overfitting mitigation strategies, we incorporate 561 FEA 

data[35-41], and 1670 synthetic samples generated based on CTGAN. This 

enriched dataset encompasses a wide range of features, including cross-sectional 

geometries, steel tube dimensions, and loading conditions.  

(2) Model-Centric Strategy: A rigorous evaluation framework was 

established, wherein the initial 243 experimental data points were meticulously 

partitioned into training (70%) and testing (30%) subsets. Ten state-of-the-art 

machine learning algorithms were systematically employed for model training 

and subsequent performance assessment, with the selection of the optimal model 

being guided by metrics such as the coefficient of determination (R²). Two 

model-centric approaches are employed to address overfitting. Firstly, a 

selection and subsequent substitution of distinct, well-established machine 

learning algorithms are undertaken, for evaluating their efficacy in extrapolating 

knowledge from the training samples to unseen data. Secondly, the impact of 

varying input feature subsets on overfitting was then quantitatively assessed. 

The elimination of non-critical variables was aligned with the physical insights 

derived from traditional engineering models. 

(3) Data-Centric Strategy: Leveraging the augmented dataset, two distinct 

strategies (CTGAN- and FEA) are devised to harness the potential of synthetic 

and FEA data. For these non-experimental data, there was two training strategies 

was applied, recorded as S1 and S2. For S1, the synthetic and FEA data are 

directly integrated for model training. In contrast, S2 introduces a sample 

selection phase. Based on prediction errors, a selective filtering process is 

applied, the data with the lowest errors at different proportions was utilized for 

training resulting in datasets. These datasets are then utilized for surrogate model 

training, aimed at achieving a more robust and generalized model with reduced 

overfitting tendencies. 

 

 

Fig. 1 Workflow to mitigate overfitting in ML prediction model 

 

3.  Evaluating model-centric strategies for effective overfitting mitigation 

 

3.1. Update surrogate models 

 

3.1.1. Data collection 
The comprehensive dataset employed in this research endeavor comprises 

243 rigorously curated experimental data points. The feature parameters 

intricately woven into this dataset encompass crucial structural design elements 

alongside the various loading scenarios. These structural design parameters 

meticulously detail aspects such as cross-sectional shape, steel tube diameter (D), 

wall thickness (t), steel yield strength (fy), concrete strength (fc), longitudinal-

bending-torsion ratio (M/T), and axial compression ratio. Table 1 offered a 

comprehensive statistical summary of the key parameters within the dataset.  

 

3.1.2. Preliminary assessment of traditional ML models 
Out of the 243 experimental samples, 167 data points were randomly 

selected to serve as the training set for the model, while the remaining 76 

samples constituted the test set. This strategic partitioning ensures that the test 

set encapsulates a diverse range of data pertaining to CFST columns under 

various load combinations, encompassing compression, bending, and torsion. 

Drawing upon the experimental dataset comprising 243 unique sets of data, we 

embarked on an initial predictive analysis of the torsional capacity of CFST 

columns. This endeavor leveraged five well-established machine learning 

paradigms: Support Vector Regression (SVR), Decision Tree Regression, 

Random Forest Regression, Linear Regression, and Extreme Gradient Boosting 

(XGBoost). By establishing predictive models to each of these methodologies, 

we conducted a comparative analysis to evaluate the corresponding performance. 

Table 2 provided a comprehensive overview of the prediction results achieved 

by these models under their hyperparameters configurations. 

Upon rigorous validation using 76 genuine experimental data points from 

the test set, which encompasses both bending-torsion and compression-bending-

torsion scenarios, it becomes strikingly apparent that the linear regression model 
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falls short, demonstrating the intricate nonlinearity inherent in the torsional 

behavior of reinforced concrete columns under combined loading conditions. 

This underscores the inadequacy of simplistic linear approaches in capturing 

complex dynamics. In contrast, the decision tree regression model displays a 

pronounced overfitting tendency, achieving an impeccable fit with an R² of 0.99 

on the training dataset, accompanied by remarkably high RMSE, MAE, and 

MAPE values. However, as Fig. 2 illustrates, this training performance is 

mirrored by a dramatic deterioration in accuracy and predictive power on the 

test set, with an MAPE of 43.77%, reflecting a staggering 42.71% drop from its 

training performance. This phenomenon underscores the model's susceptibility 

to overfitting noise and nuances within the training data. 

Among the myriad of evaluated models, XGBoost emerges as the best 

performance model, surpassing Adaboost, RF, Linear Regression, and SVM in 

terms of predictive accuracy. This is due to XGBoost capture the intricacies of 

the torsional capacity of reinforced concrete columns under pure torsion and 

compression-torsion loading, a testament to the adequacy of the training samples. 

Despite the commendable performance of all five models in predicting 

structural bearing capacity, as evidenced by their respective performance metrics 

evaluated on the test set. However, Fig.2 prominently reveals a proportion of 

samples exhibiting errors exceeding the 15% threshold. This observation 

underscores the models’ struggle to adequately capture specific subsets of data, 

indicating a limitation in their ability to generalize. The outliers with substantial 

errors were identified as originating from experimental data pertaining to CFST 

columns subjected the combined loading of bending and torsion. Even for the 

model XGBoost, encounters significant challenges when confronted with the 67 

test samples encompassing bending-torsion and compression-bending-torsion. 

This indicated that the models encounter difficulties in learning the intricate and 

complex interplay between compression, bending and torsion, with a limited 

availability of bending-torsion experimental data for CFST columns. In other 

words, the models exhibited pronounced signs of overfitting when confronted 

with bending-torsion samples, highlighting the need for further refinement and 

augmentation of the training dataset to better encompass these challenging 

loading conditions. 

 

 

Table 1  

Statistical information of parameters included 243 experimental data 

Variable Count Mean Std Min 25% 50% 75% Max 

Sectional Shape 243 0.71 0.46 0 0 1 1 1 

Loading method 243 0.74 0.43 0 1 1 1 1 

M/T ratio 243 0.31 0.80 0 0 0 0 4 

Axial force rate 243 0.23 0.30 0 0 0 0.3 0.85 

Aspect ratio 243 7.23 4.85 1.29 3.00 4 7 20 

Wall thickness of steel tube 243 3.40 1.42 1.6 2.1 3.5 4.5 6.5 

Yield strength of steel 243 355.3 68.21 242.3 312.8 342.41 397.35 466 

Concrete strength 243 32.84 0.10 17.15 24.15 33.10 38.62 54.20 

Diameter of steel tube 243 134.4 34.21 90 114 120 160 230 

CFRP transverse layers 243 0.57 0.86 0 0 0 0 6 

CFRP longitudinal layers 243 0.32 0.68 0 0 0 0 3 

Ultimate torsion strength 243 32.86 30.85 3.32 16.8 21.34 28.15 173.5 

 
Table 2  

Performance measures for the machine learning models 

Regression models Sets R2 RMSE(KN) MAE(KN) MAPE(%) 

Random forest 
Test 0.78 17.95 5.25 13.96 

Train 0.99 1.08 0.78 3.97 

AdaBoost 
Test 0.75 19.85 8.78 13.89 

Train 0.99 0.83 0.40 1.90 

XGboost 
Test 0.81 16.92 7.60 12.37 

Train 0.98 3.17 1.51 5.05 

SVM 
Test 0.76 18.95 10.08 26.87 

Train 0.97 4.94 3.93 26.16 

LinearRegression 
Test 0.81 16.65 10.08 36.07 

Train 0.74 12.80 8.54 42.88 

 

  
(a) Random forest (b) AdaBoost 
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(c) XGboost (d) SVM 

 
(e) Linear Regression 

Fig. 2 Predicted performance of the machine learning models 

 
3.2. Eliminating non-critical variables  

 

To further explore the potential of mitigating overfitting by reducing model 

inputs, we implemented a strategy of eliminating non-critical variables. This 

involved the removal of variables deemed less significant, such as cross-section 

form and loading method. Table 3 provides a direct comparison of the model's 

performance under varying numbers of excluded input variables[41]. Based on 

the 11 characteristic parameters in Table 1, delete the CFRP longitudinal layers, 

CFRP transverse layers, and loading method in sequence, corresponding to the 

10, 9, and 8 characteristic parameters input in Table 3, respectively[41]. 

Although the removal of non-essential variables exhibited an alleviation of 

overfitting issues compared to the contrast model with all inputs included, the 

effect was not pronounced. We concluded that solely optimizing the model, 

through strategies such as change machine learning models or eliminating non-

important variables, proves insufficient to effectively and significantly reduce 

the model's overfitting problem. 

Consequently, we shift our focus from the model itself to the data dimension, 

intending to adopt a data-centric approach. We aim to achieve fundamental 

improvements in addressing the model's overfitting phenomenon. 

 
Table 3  

Performance measures by reducing model input parameters 

Regression models Sets R2 RMSE(KN) MAE(KN) MAPE(%) 

11 
Test 0.81 16.92 7.60 12.37 

Train 0.98 3.17 1.51 5.05 

10 
Test 0.82 19.85 8.78 11.98 

Train 0.99 2.83 1.42 4.55 

9 
Test 0.82 16.36 7.60 12.64 

Train 0.99 3.26 1.60 5.10 

8 
Test 0.83 15.82 7.21 11.91 

Train 0.99 2.88 1.45 4.67 

 

4.  Evaluating data-centric strategies for effective overfitting mitigation  

 

4.1. CTGAN-based synthetic data strategy 

 

4.1.1. Establishment of CTGAN 
This paper aimed to explore the potential of the non-experimental data in 

enhancing the availability and quality of data for analysis and modeling, for 

enhancing prediction accuracy for torsional tests on reinforced concrete columns. 

The dataset comprises 167 experimental samples meticulously curated from 

published literature, ensuring the absence of any missing values. It should be 

noted that, in order to avoid data leakage in the model test set, the generated data 

based on CTGAN for training the model must only come from the training data. 

The records are comprehensive, encompassing well-documented information on 

cross-sectional dimensions, concrete strength, and reinforcement configurations. 

Utilizing parameters such as concrete strength, steel yield strength, and cross-

sectional dimensions as inputs, and the ultimate torsional capacity of reinforced 

concrete columns as the output, we aim to establish a machine learning model. 

This approach facilitates the development of predictive capabilities grounded in 

a robust and comprehensive dataset. To address the potential overfitting issue in 

machine learning models for predicting the torsional capacity of reinforced 

concrete columns, arising from data scarcity, we employed the CTGAN 

methodology to generate 1670 synthetic samples at a ratio of 1:10. 

In the pursuit of validating the hypothesis that incorporating additional data, 

be it synthetic or derived from finite element simulations, into the training 

process can elevate model performance, it is imperative to emphasize that for all 

experiments conducted in this study, the test set exclusively comprises authentic 

experimental data. The selection of model parameters has a significant impact 

on model performance. In this study, hyperparameter optimization was 

conducted using the grid search method to identify the optimal parameter 

combination. Grid search systematically examines all possible combinations of 

user-defined hyperparameters and selects the configuration that yields the best 

validation performance. To ensure the reliability of the model and address 

potential overfitting, external validation was performed using a K-fold cross-

validation strategy[42]. In this method, the dataset is divided into K equally 

sized subsets. In our study, K was set to 10, corresponding to 10-fold cross-

validation, as illustrated in Fig. 4. 

Table 4 presented the hyperparameter configurations employed for the 

CTGAN model in this study. CTGAN utilizes fully connected multilayer 

perceptrons (MLPs) for both the generator and discriminator, consistent with the 

original architecture proposed by Xu et al [43]. Fig. 3 showed the network 

structure of CTGAN. The CTGAN model was trained on an Intel i7-13700K 

CPU (16 cores, 24 threads). Training for 1,000 epochs with a batch size of 16 

took approximately 20 minutes, indicating a relatively efficient computation 

process even without GPU acceleration. 
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Fig. 3 CTGAN Network Structure 

 

 

Fig. 4 10-fold cross-validation 

 

Table 4  

CTGAN model hyper-parameters settings 

Hyper-parameters Set Value 

RNN cell’s units in generator 400 

Fully connected layer in generator 100 

Layers in discriminator 2 

Number of units per layer in discriminator 200 

Optimizer Adam 

Learning rate 0.001 

 

  
(a) Axial force rate (b) Concrete strength 
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(c) Yield strength of steel (d) Aspect ratio 

  
(e) M/T ratio (f) Diameter of steel tube 

  
(g) Wall thickness of steel tube (h) Ultimate torsion strength 

Fig. 5 Comparison of Synthetic and Real Data Distributions for Key Structural Parameters (KDE Analysis) 

 

To evaluate the quality of the synthetic dataset generated by CTGAN, a 

kernel density estimation (KDE)-based comparison was carried out between the 

synthetic and experimental datasets. Several key structural parameters, such as 

concrete compressive strength, steel yield strength, and aspect ratio, were 

selected for distributional analysis. As shown in Fig. 5, the marginal 

distributions of these parameters demonstrate close agreement between the two 

datasets. These results suggest that the synthetic data can effectively replicate 

the statistical characteristics of the original experimental samples, thereby 

validating their representativeness for subsequent structural performance 

modeling. 

 

4.1.2. Establishment of CTGAN-based synthetic data training strategy 
Table 5 illustrated the predictive performance of the ML model trained 

directly on the entire dataset. However, due to the inherent instability of the 

generative model, employing the entire sample set (100%) directly for training 

has resulted in significant bias within the model, ultimately leading to the failure 

of the training process.  

Addressing the issue of model performance collapse caused by directly 

utilizing vast amounts of synthetic data for training, this study introduces a 

simple sample screening strategy. The core of the strategy is quantifies the error 

between predictions generated by a machine learning model, specifically 

XGBoost (due to its demonstrated superiority in predicting the torsional 

behavior of CFST columns in this research), and the labels of synthetic data 

produced by a CTGAN. Subsequently, a subset of samples with the smallest 

errors is selected for model training. 

The error minimization-based sample screening strategy is as follows: 

 

1. Initialization and Model Construction Framework: This study initiates by 

setting a series of key parameters. Utilizing a comprehensive dataset of CFST 

columns sets (M), XGBoost is chosen to obtain an initial predictive ML model 

(F) through preliminary training.  

2. Data Preprocessing and GAN Sample Generation: Following data 

preprocessing to ensure quality, GAN model parameters are configured, and the 

number of generated samples is specified. The trained GAN model ( )G x then 

produces a synthetic dataset 1{( , )}n

i i iD x y == , where n is the total number of 

generated samples.  

3. Error Evaluation and Sample Ranking: Each synthetic sample is fed into 

the preliminary predictive model T to obtain a predicted value ( )if x  , 

considered a pseudo-truth in this context. The error between the value iy  and 

the value  ( )if x is calculated, serving as a critical metric for assessing sample 

quality. All synthetic samples are then ranked based on their error, ensuring that 

samples with the smallest errors are prioritized. 

4. Sample Screening Based on Error Minimization: Building upon the 

ranking, a proportional screening strategy is implemented, selecting the k% 

samples with the smallest errors to form a new training set 1{( , )}k

k i i iD x y == , 

where [0,100]k .  

 

4.1.3. Analysis of CTGAN-based synthetic data training strategy 

In pursuit of enhancing model performance, we embarked on an experiment 

involving a sample selection strategy applied to synthetic data. Specially, the 

prediction errors of synthetic samples against their true counterparts were 

calculated,  

The top of 10%, 25%, 50%, and 70% data with the lowest errors was 

categorized and retained resulting in datasets,and subsequent utilized for model 
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training respectively, shown in Fig. 6. As shown in Table 5, an intriguing trend 

emerged: as the proportion of retained samples increased, the model exhibited a 

gradual amplification of bias. Comparative analysis with models trained solely 

on experimental data revealed a decline in accuracy, marked by a 10.71% 

reduction in R2, highlighting the challenges posed by synthetic data. This 

behavior indicated that while the generative model effectively captures intricate 

bending-torsion relationships among samples, its inherent instability leads to the 

generation of samples with significant errors, which subsequently contribute to 

model bias. 

 

  

(a) 100% (b) 10% 

  

(c) 25% (d) 50% 

 

(e) 70% 

Fig. 6 Predicted performance for CTGAN-based synthetic data training strategy 

 

Table 5  

Performance measures for CTGAN-based synthetic data training strategy 

Regression models Sets R2 RMSE(KN) MAE(KN) MAPE(%) 

100% 
Test None 63.81 59.59 None 

Train 0.64 9.87 5.64 69.91 

10% 
Test 0.75 19.29 10.12 24.98 

Train 0.97 2.16 1.13 5.58 

25% 
Test 0.73 20.01 11.02 28.76 

Train 0.95 2.42 1.52 7.98 

50% 
Test 0.62 23.87 14.73 41.39 

Train 0.78 6.11 3.61 19.12 

70% 
Test 0.67 18.68 9.34 43.93 

Train 0.90 4.40 2.67 14.32 

 

4.2. Analysis of FEA-based data training strategy 

 

To mitigate these issues, the similar investigation was extended to FEA data. 

FEA data used in this paper was shown in Table 6. As shown in Fig. 7, when the 

entire set of FEA data was used for ML model training, an notable improvement 

in accuracy was achieved. The test set accuracy of 0.55 surpassed that of models 

trained solely on entire synthetic dataset. Similar FEA-data screening was 

conducted as mentioned in the error minimization-based sample screening 

strategy. Upon further scrutinizing the impact of sample selection based on error 

thresholds, we discovered that retaining simulation samples with errors below 

70% achieved the highest model accuracy. When subjected to validation with 

genuine experimental data, both models trained exclusively on generated data 

and those utilizing FEA data exhibit a certain level of precision. Nevertheless, a 

discernible yet consistent gap in performance is observed when compared to 

models that are trained directly on experimental data. This phenomenon can be 

attributed to two pivotal factors: (1) the inherent bias in the synthetic data 

generation model, creating a non-negligible gap between the synthetic and 

authentic experimental data; (2) the complexity of material constitutive 

properties and limitations in model solution strategies, collectively impacting 

the stability of FE simulations, potentially introducing non-physical errors. 

Additionally, the potential erroneous information embedded within low-quality 

or non-standard experimental data undoubtedly exacerbates the risk of model 

overfitting, thereby reducing predictive accuracy. 
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Table 6  

Statistical information of parameters included 561 FEM-based synthetic data 

Variable Count Mean Std Min 25% 50% 75% Max 

Sectional Shape 561 0.96 0.17 0.00 1.00 1.00 1.00 1.00 

Loading method 561 0.94 0.15 0.00 1.00 1.00 1.00 1.00 

M/T ratio 561 0.70 1.49 0.00 0.00 0.00 1.03 10.25 

Axial force rate 561 0.07 0.17 0.00 0.00 0.00 0.00 0.85 

Aspect ratio 561 4.01 3.04 0.19 3.00 4.00 4.00 27.00 

Wall thickness of steel tube 561 4.31 3.92 1.00 2.40 3.00 5.00 40.00 

Yield strength of steel 561 306.1 56.11 234.00 229.00 335.0 345.0 420.0 

Concrete strength 561 45.18 14.02 30.00 36.80 36.80 50.00 90.00 

Diameter of steel tube 561 190.2 80.11 100.00 120.00 200.0 200.0 400.0 

CFRP transverse layers 561 0.87 1.31 0.00 0.00 0.00 2.00 6.00 

CFRP longitudinal layers 561 0.18 0.60 0.00 0.00 0.00 0.00 6.00 

 

Table 7  

Performance measures for FEM-based data training strategy 

Regression models Sets R2 RMSE(KN) MAE(KN) MAPE(%) 

100% 
Test 0.55 25.93 13.20 29.80 

Train 0.99 21.71 6.03 5.65 

10% 
Test 0.54 26.19 14.49 42.60 

Train 0.99 1.39 0.72 2.53 

25% 
Test 0.63 23.53 11.41 26.73 

Train 0.99 1.23 0.60 1.80 

50% 
Test 0.54 26.31 12.54 26.67 

Train 0.99 2.18 1.21 3.80 

70% 
Test 0.90 11.89 6.42 23.86 

Train 0.99 2.59 1.46 4.43 

80% 
Test 0.59 24.86 12.65 28.84 

Train 0.99 3.05 1.62 4.80 

 

  

(a) 100% (b) 10% 

  

(c) 25% (d) 50% 
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(e) 70% (f) 80% 

Fig. 7 Predicted performance for FEM-based data training strategy 

 

4.3. A optimal data-centric strategy to mitigate overfitting in ML models 

 

This section aimed to propose an no-real sample screening strategy that 

aims to effectively mitigate model overfitting through data-centric 

preprocessing approaches. Specifically, the XGBoost model trained by the 

model-centric training strategy due to its exceptional performance was selected 

as the foundation for our research. Six comparative experimental setups were 

devised based on the above mentioned analysis results: Experiment 1, only the 

top 10% synthetic data with the lowest errors was utilized for training; 

Experiment 2, the top 70% FEM data with the lowest errors was utilized for 

training; Experiment 3, wherein only experimental data was utilized for training; 

Experiment 4, where a blend of experimental data and the top 10% synthetic 

data with the lowest errors was utilized for training; Experiment 5, where a blend 

of the top of 70% FEM data with the lowest errors and experimental data was 

utilized for training, and Experiment 6, a blend of  experimental data, the top 

10% synthetic data with the lowest errors , and the top 70% FEM data with 

lowest errors was utilized for training. 

 

  

(a) 70% FEM data and test data (b) 70% FEM data, 10% GAN-data, and test data 

Fig. 8 Comparison of predicted performance of different training strategies 

Table 8  

Performance measures for data-centric training strategies 

Experiment Training data Sets R2 RMSE(kN) MAE(kN) MAPE(%) 

Experiment 1 10% GAN-data 

Test 0.75 19.29 10.12 24.98 

Train 0.97 2.16 1.13 5.58 

Experiment 2 70% FEM-data 

Test 0.90 11.89 6.42 23.86 

Train 0.99 2.59 1.46 4.43 

Experiment 3 Test data 

Test 0.83 15.82 7.21 11.91 

Train 0.99 2.88 1.45 4.67 

Experiment 4 10% GAN-data+Test data 

Test 0.84 18.73 8.01 17.24 

Train 0.99 2.94 1.71 5.15 

Experiment 5 70% FEM-data+Test data 

Test 0.88 16.93 7.59 12.39 

Train 0.99 2.55 1.42 4.46 

Experiment 6 
70%FEM-data+10%GAN-data+Test 

data 

Test 0.85 14.93 7.07 12.92 

Train 0.99 2.19 1.25 4.63 

 

The performance metrics and validity assessments for Experiments 1-6 are 

presented in Table 8. It can be found that, compared with the accuracy to those 

based exclusively on experimental data of R2=0.83, the accuracy of the model 

solely relying on either the top 10% synthetic data with the lowest errors or the 

70% FEM data with the lowest errors were 0.75 and 0.90, respectively. However, 

an enlargement in the RMSE, MAE(kN), and MAPE is observed for the former 

two experiments when evaluated on the test set. 

Furthermore, when the experimental data was introduced to the synthetic or 

FEM data for model training (as demonstrated in Experiments 4 and 5), the 

accuracy of model with 10% GAN-based data and experimental data increased 

from 0.75 to 0.84, and there is a marginal decline in the aforementioned error 

metrics on the test set. The improvement in R2 signifies an enhancement in the 
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model’s stability and robustness, indicating that the integration of diverse data 

sources can lead to more resilient predictive models. This can be attributed to 

the fact that while synthetic data successfully captures the statistical features of 

real data, its generation relies solely on the currently available physical 

experiments, which inherently suffer from uneven distributions of certain 

parameters. Consequently, incorporating synthetic data into training, when 

directly compared to using solely physical experiments, naturally leads to a 

slight decrease in test set accuracy, as the synthetic data merely approximates 

the real data distribution rather than fully capturing its intricacies. CTGAN 

emerges as an effective approach for generating synthetic data for heterogeneous 

features and structured tabular datasets; however, it is not without limitations.  

Fig. 8 given the prediction performance of the Experiment 5 and Experiment 

6. Upon conducting Experiment 6, involved integrating all three data sources, 

i.e., synthetic data, experimental data, and FEA data, as training samples. 

Specifically, the inclusion of the synthetic data led to a decline in model 

accuracy compared to Experiment 5, and MAPE also exhibited a moderate 

increased. The minor decline in model performance upon incorporating 

synthetic data can be attributed to several factors: CTGAN faces challenges in 

processing high-dimensional features, as the model struggles to learn and 

generate a large number of unique categories. Additionally, skewed distributions 

or distributions with a significant proportion of constant values (e.g., a 

preponderance of zeros in bending-to-torsion and axial compression ratios 

observed in this study) are difficult for the GAN architecture to capture. For 

small datasets, synthesis data may be less precise, as CTGAN, like any other 

deep learning model, thrives on substantial volumes of data. It is important to 

emphasize that the judicious selection and integration of FEA data with 

experimental data presents a viable strategy to mitigate the issue of overfitting 

in predictive models. 

 

5.  Conclusion and further work 

 

This study delves into the effectiveness of model-centric and data-centric 

training strategies in mitigating overfitting issues within ML models, 

particularly in the context of predicting the torsional capacity of CFST columns. 

The specific conclusions are articulated as follows: 

Firstly, two model-centric strategies were devised: replacing various model 

and eliminating the input feature parameters. However, under limited sample 

conditions, these strategies exhibited limited success in mitigating overfitting, 

highlighting the challenges in achieving significant performance gains solely 

through model structural optimizations in small datasets. 

Subsequently, introduced a data-centric training approach that integrates 

CTGAN-based synthetic data with FEA-based data, aiming to augment the 

limited experimental dataset. Notably, training solely on CTGAN-generated 

data led to model instability and eventual collapse, whereas utilizing FEM data 

alone sustained model operation but yielded a modest prediction accuracy of 

0.55 on the test set. 

To further enhance data quality and mitigate model biases stemming from 

inaccurate training data, a sample selection strategy grounded in the minimum 

error criterion was devised. This strategy selects synthetic and FEA data that 

reflect true physical behaviors and exhibit minimal prediction errors, thereby 

optimizing the datasets. Specifically, a hybrid training approach utilizing the top 

70% of FEA samples with the lowest errors, in conjunction with experimental 

data, notably improved the model's prediction stability and generalization ability, 

underscoring the efficacy of this strategy in bolstering model robustness. 

It is noteworthy that while this study primarily focuses on the efficacy of 

data-centric training strategies, a detailed exploration of the specific sample 

selection algorithm was not undertaken. Nevertheless, the proposed method of 

sample screening based on a minimum error ratio provides a valuable insight 

and framework for future research endeavoring to efficiently and precisely filter 

high-quality training samples in big data scenarios, with potential for further 

development and refinement. 
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